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ABSTRACT

This is the first in a series of progress reports which summarize

the recent developments and findings of ongoing research on liThe

Seismic Resistant Design of R/C Coupled Structural Walls ll at the

University of California, Berkeley.

Integrated analytical and experimental research on the seismic

response of RIC structural wall-frame structures has been conducted

at U.C. Berkeley for the past decade. Recently considerable efforts

have been devoted to the study of the seismic behavior of coupled

structural walls and their behavior in wall-frame structural systems.

This report documents the progress of that study.

A survey of existing analytical and experimental work regarding

the seismic response of R/C wall and coupled wall-frame systems, as

well as relevant documented post.-earthquake studies on these systems,

are presented in the first part of this progress report. An assess

ment of the states of the art and practice regarding the design of

building structures incorporating these systems is included.

Studies and design and fabrication of the required testing facility

necessa~y for conducting the experimental investigation of seismic be

havior of a 1/3-scale model of a 4 1/2-story coupled wall subassemblage

belonging to a l5-story prototype structure, are described in the main

portion of this progress report. Analytical studies of the seismic

responses of the prototype buildings are summarized only briefly as

these studies are being published in a separate EERC report.

A second progress report will follow documenting the results

iii



obtained in the first series of experiments conducted on a l/3-scale

model subassemblage. The progress achieved in the analytical studies

of this integrated analytical and experimental research of seismic

response of RIC wall-frame systems will also be presented.
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1

SEISMIC RESISTANT DESIGN OF RIC
COUPLED STRUCTURAL WALLS

1. Introduction

1.1 General

Current earthquake-resistant design philosophy requires that the

structure be able to resist minor ground shaking without damage and to

resist moderate ground shaking with no structural damage but with some

allowable minor nonstructural damage. The design philosophy acknowledges

that structural damage will be caused by strong ground shaking, but

the damage should not be to the extent that lives are endangered D.30].

In accordance with this philosophy, the demands on the structure which

correspond to different ground shaking levels have to be assessed in

terms of force, distortion, and energy dissipation demands upon individual

elements of the structure. It is also necessary to assess if the

supplies provided by the structural members are sufficient to meet such

demands.

The present design philosophy focus is on damage control, as

opposed to the earthquake-resistant design concept of previous decades

characterized by an emphasis on ductility. Research advances in

earthquake engineering [1.10, 1.24J have enabled the profession to seek

more comprehensive solutions to earthquake-resistant design problems

than just ductility. Consequently, the structural systems of medium

high-to-tall buildings now frequently incorporate reinforced concrete

structural walls. It has been observed in past earthquakes that

structural walls, when properly detailed and constructed, provide

buildings with excellent damage control.
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One particular structural wall system which shows great potential

{or efficient seismic-resistant design as demanded by current design

philosophy, is the coupled structural wall. Two or more structural

walls, coupled by connecting beam and slab systems, possess significantly

higher stiffness than if they were not coupled. This stiffness

furnishes an improved damage control property.

The redundancy and potential energy dissipation capacity which can

be provided by properly designing the coupling girders may be used to

advantage to "tune ll the system to provide a natural strong column-weak

beam type of response. This type of response is especially desired

because each coupling girder can provide two sources (plastic hinges)

of energy dissipation~ thus a large amount of energy dissipation can

be achieved without the accompanying large drift problems. In many

DMRSF systems, a strong column-weak beam design inadvertantly responds

as a soft-story system when nonstructural elements constrain energy

dissipation to a few floors.

Coupled-structural walls are not as affected by nonstructural

elements, an inherent advantage over the DMRSF system. It has been

demonstrated that it is possible to design and construct coupling

girders with significant deformation and energy dissipation capacity.

Similarly, isolated walls have been shown to possess favorable

inelastic response characteristics, provided that the phenomenon

of ilweb-crushing," (a form of sudden shear-compression failure of the

wall panel) sliding shear, and instability can be postponed until suf

ficient inelastic distortion can take place. Even after web crushing,

barbell shaped walls with effectively confined edge members were
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observed to be capable of offering considerable lateral resistance

and energy dissipation capacity working as a II soft storyll system.

The state of the art in RIC structural wall-frame building design

governing seismic effects has advanced considerably as a result of

intensive research carried out by major institutions in the U.S. and

throughout the world. Although a significant amount of data is

available on the response of individual components of coupled wall

systems, information on the overall system response of coupled wall

frame structures is inadequate to formulate proper guidelines on seismic

resistant design of these structures. Therefore, research should

continue to be conducted on structural systems incorporating structural

walls, particularly coupled walls.

The state of the practice as represented by current code has yet to re

cognize the data generated on the response of wall-frame and coupled

wall-frame systems during the last decade, and to incorporate such

findings in its provisions. Although there have been efforts toward

this, existing U.S. code provisions for the design of tall reinforced

concrete structural wall-frame systems (coupled or isolated),

incorporate some provisions of questionable soundness, as well asincon

sistencies and shortcomings. These questionable provisions may resultin

frame-coupled wall system design with undesirable ultimate-limit-state

response characteristics.

Research on the seismic response of isolated and coupled wall-frame

structures has been underway in Berkeley for the past decade. Information

on major findings on the response of isolated wall-frame structures

and individual components of these systems has been reported in the

course of ongoing research [1.17,1.43,1.44].



4

This report's basic objective is to summarize developments and

major findings of work in progress at this institution on integrated

analytical and experimental research of coupled wall-frame structures.

As a consequence of the emphasis given recently to this research, par

ticularly the experimental phase. this report will be augmented as

new information on the behavior of these structures is generated.

The research will be presented in two main chapters. Chapter 1

provides adetailed survey of previous experimental work on isolated

and coupled wall-frame systems and the individual components of these

systems~ including post-earthquake observations. Also included is a

brief survey of recent relevant analytical work that was carried out

on these structures. Chapter 1 is concluded by an investigation of the

state of the art and code in the design of tall R/C wall/coupled

wall-frame systems, and specific information on the objectives and

scope of ongoing research in Berkeley on the response of these structures.

Chapter 2 lists preliminary analytical and experimental work conducted

at Berkeley during past years in order to lay the foundation for a long

range research program aimed at better understanding of the seismic

behavior of medium-high-to-tall R/C structural coupled wall-frame

structural systems.

1.2 Review of Past Research on Reinforced Concrete Shea~ Walls

1.2.1 Post-Earthquake Investigations

1.2.1.1 General

Post-earthquake investigations have been a major source of informa

tion on earthquake engineering for structural engineers. Research on

earthquake-resistant structures has been carried out parallel to post

earthquake studies since the 19405. KnOWledge acquired from the study
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of moderate to destructive earthquakes, especially during the past

three decades, has contributed significantly to advances in the under

standing of structural response under ground excitation, and conse

quently to the improvement of seismic code provisions.

The reTatively well-documented earthquakes of Chile (1960), Agadir,

Morocco (1960), Skopje, Yugoslavia (1963), Niigata, Japan (1964),

Anchorage, Alaska (1964), Caracas, Venezuela (1967), Tokachi Oki,

Japan (1968), San Fernando, California (1971), Managua, Nicaragua (1972),

Oita, Japan (1971), Guatemala City, Guatemala (1976), and Sendai, Japan

(1978) have been instrumental in improving existing code provisions

as well as formulating new ones regarding structural systems, effect

of soil conditions, lateral force coefficients and distribution, member

design and detailing, and control of damage by limiting interstory

drift.

A review of post-earthquake investigations on the behavior of

moderately ta11- to tall-reinforced concrete structures incorporating

shear walls is presented in the following section.

1.2.1.2 The 1963 Skopje, Yugoslavia, Earthquake [1.3, 1.3~

A number of medium-height reinforced concrete structures were

extensively damaged or collapsed in the Skopje earthquake. Of these,

the ten-story Quay Towers, the fourteen-story Trade Union Building, and

the fourteen-story Karpos Tower were relevant structures incorporating

unreinforced concrete bearing walls. Some of the walls in the lower

stories of the Trade Union Building were reinforced. This was the only

structure reported to have insignificant structural damage after the

earthquake. Strong motion records were not obtained and, to the best

of the writers' 'knowledge, there were no subsequent analytical evaluations
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of the damage reported in the literature.

1.2.1.3 The 1964 Anchorage, Alaska, Earthquake [1.3, 1.46J

A significant number of relevant structures built during 1950-1960

were extensively damaged during the earthquake. The eight-story Hill

Building, with two reinforced concrete central core units connected by

beams and a steel frame, survived with relatively less extensive

damage. The stiffer core unit had damage at the foundation level and

a local shear failure between the first and second floors along a weak

plane caused by irregular openings. Beams connecting the core units

were damaged on the second and third floors. Upper story beams and

core had less damage. The failure was attributed to a layer of sub

standard concrete at the foundati on level of the sti ffer core unit.

The Mt. McKinley and l200L Apartment Buildings were almost identi

cal as to construction, orientation, and damage. They were both 14

story structures with central core units and pierced facade shear

walls along their peripheries. The only difference between these

structures was in the first story of one of the facade walls. The

damage patterns of these structures were remarkably consistent.

Significant damage was observed on the facade walls pierced

by a large number of regular openings. The connecting beams, most of

which had a depth-to-length ratio larger than one, had diagonal shear

failure up to the twelfth floor. On the narrower sides, both structures

had two stiff walls on each side of a flexible wall, all connected by deep

beams. One of the stiffer walls had a complete fracture at the third

story level, while no visible damage was observed on the other wall.
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The connecting beams were observed to be most severely damaged on the

fifth-floor level~ with damage becoming progressively less in both

directions.

The Mt. McKinley Building was subjected to forced vibration tests

and subsequent analytical evaluations after the earthquake. The distri

bution of coupling beam damage along the height of the structure was

in accordance with the relative magnitudes of the computed forces. The

wall fractures in both structures were attributed to the existence of

improper construction joints in the fractured locations and to the

small amount of horizontal and vertical reinforcement.

The Penney Building was a five-story structure~ nearly square on

plan~ with predominant lateral stiffness along one side only. Built

in 1962~ it collapsed partially and was demolished after the earthquake.

Torsional effects were computed to cause highest unit stress on the

second story as the shear walls varied in amount and distribution along

the height of the structure. Correspondingly~ wall failure occurred

at the second-floor level.

The six-story Four Seasons Apartment House collapse was perhaps

the most spectacular failure involving shear walls. The structure had

two interior cores and peripheral steel columns. Post-tensioned pre

stressed lift slabs were used. The basic cause of the collapse of this

building was the failure of the two cores which were attributed to the

poor splicing of the main bars at the first-story level.

1.2.1.4 The 1967 Caracas~ Venezuela~ EarthquakeIl.3~ 1.34~ 1.14]

There were four cases of complete collapse of medium-height

structures in the Caracas earthquake~ these were the twelve-story
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Mijagua1 Apartment Building, the twelve-story Neveri Apartment

Building, the ten-story Palace Corvin Building, and the ten-story

San Jose Building. The Palace Corvin had a reinforced concrete core

which accounted for less than 15 percent of the lateral stiffness. The

frames, however, were not connected to this core. The other three

structures that collapsed did not incorporate reinforced concrete

shear walls.

Of a significant number of structures which were extensively

damaged, several with central reinforced concrete core units were

observed. The ten-story H-shaped apartment building, Amalfi, had a

central core unit on the side of which a vertical crack through the

height of the structure appeared after the earthquake. The columns

at the corners of the structure were observed to be damaged. The

building was repaired after the nonstructural partitions of the first

four stories, which were badly damaged, were removed.

The Atlantic Oil Building, an eight-story structure with a rein

forced concrete central core unit, which was terminated at the fifth

floor to be continued by tile walls, had extensive damage at this

floor. The twelve-story Plaza I, consisting of two separate towers

with reinforced concrete shear walls in both directions, had no

structural or nonstructural damage. The Bahia del Mar, a twelve-story

building with a tall first story, incorporated a rigid central

reinforced concrete core unit which was terminated at the fifth floor.
Damage was significant at the vicinity of this floor.
1.2.1.5 The 1971 San Fernando, California, Earthquake [1.19, 1.23J

A significant number of strong-motion records were obtained for

this earthquake, enabling a realistic appraisal of the induced forces.

A number of the damaged structures incorporated reinforced concrete
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shear walls. Several tall structures with shear walls had no damage

despite significant recorded acceleration magnitudes. Of the few

collapses that occurred, the Olive View Hospital had shear walls, but

these were terminated before the ground floor where failure took place.

The Indian Hills Medical Center was a seven-story structure with a

reinforced concrete frame. It was rectangular in plan, with a projection

at one of the longer faces, and four shear walls were used in each

direction of the building for lateral strength. Floor slabs were made

of lightweight aggregate, while the other members were made using

normal weight aggregate. The walls had edge members. Beams ran along

the narrow direction only. There were no accelerometers in the

immediate vicinity of the building. Base accelerations on the order

of 0.4 g were estimated. Some of the shear walls were damaged by

cracks along the horizontal construction joints at floorlines. This

was attributed to the intrusion of lesser strength floor concrete into

the joint during construction. In addition to the diagonal wall

cracking at the first floor, the edge member was separated from the wall

at the base of this floor. More damage involving the slabs and the

frame members was also observed. Repairs amounted to 9 percent of the

original cost of the building.

The Holy Cross Hospital, another seven-story structure located next

to the Indian Hills Medical Center, had a complex lateral load

resisting system. The shape of the plan of the structure was a cross.

Shear walls, some terminated below the second floor, in conjunction

with four core units distributed within the building, were relied on

for seismic resistance. Different qualities of concrete were used for

the walls, the slabs, and joists. Because of poor construction
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technique, the vertical elements had a layer of concrete of lesser

strength along the heights of the floor systems.

The Holy Cross Hospital had more extensive damage than the

Indian Hills Medical Center; rehabilitation costs were estimated to

be 48 percent of the value prior to the earthquake. The damage

consisted of severe diaphragm cracking at the discontinuities of the

shear walls along the height of the building as well as several modes

of wall failure. The wall-floor joints exhibited damage where the

lesser strength floor concrete had intruded into the wall concrete.

Most of the walls had serious damage over the doors which perforated

the walls. The walls were not provided with sufficient shear

reinforcement above these door openings. These regions were also

penetrated by ducts. Walls below the fourth-floor level had extensive

X-cracking, with reinforcing steel exposed at numerous locations. The

structure columns exhibited a number of failures related to significant

lateral drifts, this despite the walls and core units.

The Museum for Antique Cars, a five-story reinforced concrete

building, was under construction when the earthquake occurred. The

building had solid facade walls all around a rectangular perimeter.

The floor system consists of 8 in. two-way reinforced concrete slabs

supported on beams, which in turn, are supported on columns. In the

exterior walls the beams and columns are cast integrally with the walls.

While the walls and columns are cast of normal-weight concrete, the

slabs and beams, even those cast integrally with the walls, are cast

of lightweight concrete. This resulted in weak construction joints on

the wall at the floor levels, particularly at the first-story level,

where significant damage was observed after the earthquake. The wall
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fractured around the building along the first-floor level, i.e., at the

beam-wall joints. These joints were later repaired by developing keys

across the joints.

The Antique Car Museum, Olive View Hospital, Indian Hills Medical

Center, and Holy Cross Hospital were four of the relevant structures

incorporating shear walls which were structurally damaged. These

structures were all subjected to severe ground motion, and damages

to the walls resulted from inadequate conceptual design and possibly

poor construction. A large number of high-rise buildings, most of

which were instrumented, were subjected to ground accelerations of

smaller magnitude; a number of these were subsequently analytically

studied.

Of the structures studied, the Certified Life Building, built

according to the 1964 Los Angeles City Code provisions, was a fourteen

story reinforced concrete shear wall building with shear walls running

in one direction of the building and a central core unit continuous

throughout the hei ght of the structure. Thi s was the only structure with

continuous shear walls investigated in the major Los Angeles area

subsequent to the earthquake. The three strong-motion accelerographs

at the ground-floor level~ sixth-floor level and roof, recorded

maximum accelerations of .26 g, 0.39g and.395galong the transverse

direction of the building. There was no observed structural damage,

and the nonstructural damage was minor enough to be repaired as part

of the normal building maintenance. Studies of other buildings with

different structural systems subjected to similar excitation in the

Los Angeles area, revealed many cases of extensive nonstructural damage.
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An important aspect of this last structure was that the core consisted

of two basic U-units coupled by girders with a depth/length ratio of

approximately 0.5. No girder failure or serviceability problem was

noticed, despite dynamic story shears and overturning moments of roughly

twice the code values estimated to have occurred (from analysis of the

recorded acceleration histories).

1.2.1.6 The 1972 Managua, Nicaragua, Earthquake [ 1.16,1.47]

A single strong-motion record was obtained in this earthquake.

Studies indicated the stronger horizontal component to contain at least

as much damage potential as the N-S component of the 1940 E1 Centro

record, with a maximum acceleration of 0.38 g. The ground acceleration

magnitudes in the downtown area where the investigated modern medium

tall to tall buildings were situated, were estimated, through analyses

of seismoscope records, to be higher than those recorded by the strong

motion accelerograph.

Detailed damage appraisals and analytical studies were carried out

on a number of relevant buildings, some with reinforced concrete shear

walls. It was observed that none of the shear wall structures had more

than moderate damage, while many moment-resisting frame structures

exhibited severe damage, and some collapsed.

The Edificio Administrativo ENALUF Building, with basement, ground

floor, and six additional floors of smaller plan dimensions, had two

central reinforced concrete core units and a frame for lateral resistance.

The building is rectangular in plan, with typical floor construction

consisting of precast, pretensioned joists, and a lightweight reinforced

concrete slab. The vertical elements were cast in place, the cores

being internally framed by cast-in-place slab and beam construction.
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The building was designed with the ACI 318-63 and SEAOC 1966 codes.

The main damage, in the form of crushing, occurred locally at one corner

of one of the cores at the foundation level, where the concrete section

was weakened by large indentations on both sides of the core made for

telephone ducts, metal boxes and piping. The girders connecting the

two core units hinged at the ends with concrete spalling at the

connections. Some diaphragm cracking was observed throughout the

building as well as some diagonal cracking on the cores. The overall

performance of the structure was concluded to be satisfactory with only

minor cosmetic damage. Subsequent period measurements were carried

out. Comparing theoretical virgin, and measured post-damage periods,

drifts exceeding twice the elastic limit were estimated. The structure

and the whole building were easily and economically rehabilitated.

The Teatro Nacional Ruben Dario was completed in 1969 with steel

facade columns and a reinforced concrete shear wall frame system at

the interior. The shear walls at the stage area were the equivalent

of a twelve-story tall building (40 m). Although subsequent analysis

and vibration studies indicated drifts exceeding the elastic limit,

only minor cosmetic damage was observed. The mass associated with this

structure was insignificant, as there were no intermediate slabs and

the roof consisted of a steel truss system.

The Banco de America Building had one of the most favorable

responses to the earthquake. A reinforced concrete coupled shear wall

building of seventeen stories (225 ft in elevation), it was built in

accordance with the 1964 U.B.C. provisions and was square in plan with

two symmetry axes. Four central core units were tied to each other by

two connecting girders at the floor levels .. There were T-shaped
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facade columns along the periphery, connected to the cores by a flat

slab. The core walls suffered only hairline diagonal cracks between floor

levels. The tie beams exhibited a uniform damage between the third and

the seventeenth floors. These beams were constructed with duct openings

under the slab. Concrete under the openings dropped out, exposing the

beam bars. This also led to slab damage (shear fracture) around the

top of the duct openings. The tie beams, which did not have the duct

openings, appeared to have flexural yield at the wall connections.

There was slight or minor nonstructural damage.

The Banco Central Building, a fifteen-story reinforced concrete

frame structure with walls at one end, adjacent to the Banco de America

Building, suffered extensive nonstructural and some structural damage.

A comparison of the responses of the two structures has helped to

reinforce the current earthquake-resistant design philosophy -- an

insistence on damage (drift) control in conjunction with energy

dissipation.

1.2.1.7 The 1976 Guatemala City, Guatemala, Earthquake [1.18,1.29,1.36]

No strong-motion records were obtained during the Guatemala City

earthquake. Seismoscope readings were deconvoluted to indicate maximum

accelerations in the order of 0.4 g at the ground floor of a building.

Aftershocks, recorded by strong-motion instruments, indicated ground

acceleration magnitudes in the order of 0.2 g. Documentation of

structural damage is extremely limited. A number of medium-height

reinforced concrete structures were involved in strong ground motion.

A brief survey of the observed post-earthquake condition of these

buildings follows.
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The fifteen-story (plus two basements) Camara de Industria Building

had four core units at each corner, with a rear portion relying on a

shear wall in one direction. The floor system consisted of joists and

haunched beams connecting the core units. There is no record of damage

to the cores. The beams had shear cracks throughout the height of the

structure at the ends of the haunches. The joists were also reported

to exhibit widespread damage.

The Edificio Medico incorporated two rigid central core units and

columns, all tied together by a two-way joist slab system. This

eleven-story structure was observed to suffer widespread cracking of

the joist floor system in the first three floors, in conjunction with

slight nonstructural damage.

The Condominio Reforma (Fiasa) Building was thirteen-stories tall

with one basement, and was designed according to the provisions of the

1966 SEAOC Code. Square and symmetric in plan. the building had four

external reinforced concrete shear walls and an internal core as its

structural system, in addition to columns at the corners. The square

center core constituted a couple shear wall system in one direction

of the building. The external walls were connected to the core by

one-way slab systems. The coupled wall system comprising the central

core was the only structural element with observed damage. The

coupling beams had slight cracking at and above the middle stories.

Hairline diagonal cracks were observed on the walls. Nonstructural

damage was noted on masonry walls around the core wall in the form of

cracking.

The Condominium Convista Building, fifteen-stories tall, had a

mixed structural system consisting of massive coupled shear walls and a
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substantial moment-resisting frame. There were no axes of symmetry.

The performance, however, was excellent, with no observed structural

damage and only minor separation, which was easily repaired, between

nonstructural masonry walls and the structural members.

The response of modern frame structures of moderate height in

Guatemala City was observed to be successful in terms of surviving the

earthquake with no collapse. A comparison with the stiffer structures,

however, indicated large permanent deformations and significant damage

to nonstructural elements. Frames which incorporated waffle slabs in

conjunction with columns fared especially badly. Two other structures

of the shear wall type, the Banco de Guatemala with a shear wall core

system designed for the full lateral load, and the Edificio El Cortijo,

relying on shear walls for lateral resistance, were not reported to have

suffered any form of damage.

1.2.1.8 The 1978 Sendai, Japan, Earthquake [1.13,1.15]

This earthquake is formally designated as the Miyagi-Ken-Oki, June

12, 1978, earthquake. Sendai is a large, modern city with a number of

ten- to twenty-story structures in the downtown area, within the Miyagi

Prefecture. A number of strong-motion records were obtained in Sendai,

indicating ground acceleration intensity of 0.25 g to 0.4 g.

A majority of the medium-height structures in Sendai utilized a

steel frame system. Another typical construction incorporated structural

steel sections in conjunction with standard reinforcing steel in concrete

members, termed a steel-reinforced concrete system. These structural

systems were braced with reinforced concrete shear walls in certain

cases. A previous earthquake of lesser intensity had occurred in Sendai

on February 20, 1978. Most of the minor damage, observed after the
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earthquake in June, was first reported to have appeared after the

earthquake in February but became more apparent in June.

The Sumimoto Life Insurance Building, an eighteen-story steel

frame with a central reinforced concrete core unit and transverse

reinforced concrete shear walls on the exterior four corners -- all

continuous -- was instrumented. No damage was reported apart from

minor cracking in the interior core, as well as along some construction

joints in the stairwells. The maximum recorded acceleration at the

ground floor in the June earthquake was 0.26 g, with the corresponding

eighteenth-floor acceleration of 0.56 g.

The engineering faculty building of Tohoku University, a nine-story

reinforced concrete framed bUilding with shear walls, was another

instrumented structure. Peak base accelerations of 0.17 g and 0.24 9

in the February and June earthquakes were recorded. The corresponding

peak response accelerations on the ninth floor were 0.37 g and 1.0 g

in these earthquakes, respectively. The duration of intense response

with top floor accelerations in excess of 0.25 g, was approximately 20

seconds during the June earthquake. The reported damage consisted of

minor shear wall cracking and broken windows, which is a spectacular

success considering the intensity of ground excitation and the two

successive earthquakes.

A number of structures with excessive system damage as well as

partial collapses, were reported for this earthquake. None of the major

buildings with this degree of damage incorporated shear walls.

1.2.1.9 Concluding Remarks

The major documented earthquakes of the past twenty years were

surveyed for post-earthquake damage to medium-tall to tall buildings
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incorporating concrete shear walls. Damages, varying from complete

collapse to insignificant minor cosmetic damage, were recorded. In

the case of each building with major structural damage, gross design

and/or detailing errors, poor quality control of materials, and/or

poor construction were revealed.

The most frequent design errors were related to discontinuous shear

walls. Discontinuity of walls in any level of the observed structures,

especially in the first story, had catastrophic effects on the

response of the structure. Although not included in the survey, the

partial collapse of the Imperial County Services Building in the 1979

El Centro earthquake was caused by the same type of conceptual design

error. Subsequent investigations of this structure are in progress.

Detailing errors include inadequate anchorage of the walls to the

foundation, inadequate lap splicing in wall and edge member reinforce

ment at the floor levels, improper construction joints at the floor

levels, and inadequate shear reinforcement of beams connecting the

shear walls and duct openings in such beams. Detailing errors such as

inadequate anchorage have led to complete collapse, while other errors

have contributed to significant structural damage.

The impression emerging from the post-earthquake surveys in the

later cases of Managua, Guatemala City, and Sendai has been especially

favorable in terms of structures relying on reinforced concrete shear

walls for lateral resistance. A large number of medium-height

structures up to 225 ft. (Banco De America, Managua), have with-

stood, with only insignificant cosmetic damage, severe earthquake

excitation, which ha~ resulted in many times the code prescribed lat

eral forces. Some of these structures incorporated coupled shear walls.
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The common type of damage to well-designed shear walls appears to be

cracking, with widths ranging from hairline to several millimeters. The

coupling beams, if adequate shear reinforcement was provided, exhibited

cracking and spalling at the ends, indicating yield, for a majority of

the observed cases.

A qualitative comparison of the damage control capacities of the

well-designed bare frame and frame-shear wall systems indicates the

unquestionable superiority of the shear wall structure. In many cases

involving post-elastic response, the repair time and cost for the shear

wall structures were reported to be significantly less that that re

quired for comparable frame structures. Perhaps the best evidence that

professional engineers are beginning to recognize the superiority of

shear walls for seismic-resistant construction is that most of the

rehabilitation of damaged buildings, or retrofitting of existing

buildings, is done by adding shear walls. Remaining problems are:

the proper structural layout of shear walls, i.e., the adequate

distribution in plan and height; the proper way of coupling; and the

adequate combination of shear walls with ductile moment-resisting frame.

1.2.2 Previous Experimental Research on Isolated Structural Walls

1.2.2.1 General Remarks

Experimental research on the response of structural walls prior to

1970 was limited in quantity and covered only squat walls. A survey of

this research with significant findings is provided by Park and Paulay

[1.26J. With the notable improvement in the state of the art in the earth

quake-resistant design of reinforced concrete buildings during the last

decade, and the accompanying current design philosophy which demands

damage control, research on the earthquake response of medium to tall
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structural walls was initiated in a number of major institutions.

Integrated analytical and experimental research on shear wall structures

has been underway at the University of California, Berkeley; the Portland

Cement Association (P.C.A.) Laboratories in Skokie, Illinois; the

University of Illinois, Champaign-Urbana; the University of Christchurch,

New Zealand; and at a number of other institutions. The experimental

programs and major findings of this research are presented in the following

sections.

1.2.2.2 Summary of Previous Experimental Research on Isolated
Structural Walls

Experimental work on medium-tall to tall isolated structural walls

in the last decade, particularly at the P.C.A. [1.25J and the University

of California, Berkeley [1.17,1.43, 1.44J, has resulted in a more

comprehensive understanding of the seismic behavior of these structural

components. Dynamic response studies on small-scale models of frames

coupled with walls at the University of Illinois, Champaign-Urbana [l.lJ,

have led to a number of conclusions on frame-wall interaction during

seismic excitation.

The experimental studies in the laboratories of the p.e.A. and

Berkeley were conducted on one-third scale model subassemblages of iso-

lated walls. The P.C.A. specimens were 6 ft. 3 in. wide, 15 ft. tall

and 4 in. thick cantilevers with no intermediate beams or slabs,

representing a one-third scale model of an element of a structural

wall system. A series of 16 tests were reported [1.25J. The specimens

were loaded horizontally by a concentrated force at the top. Mono

tonic and two different reversing load histories were applied during

the tests. Constant vertical column loads were applied to seven of the
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specimens, while to the rest of the specimens no axial force was

applied. The variables studied in these experiments included: (1)

shape of the cross-section -- rectangular, barbell or flanged; (2)

amount of main flexural reinforcement in the edge members, which in

turn affected the shear to moment ratio; (3) amount of hoop reinforce

ment in the edge members; (4) amount of horizontal shear reinforcement

of the walls; (5) axial forces; (6) concrete strength; (7) load

history; and (8) construction joints.

A series of eight specimens were constructed, tested, repaired

and retested in Berkeley, resulting in a total of 18 tests which were

presented in three reports [1.17, 1.43, 1.44]. All the specimens

were one-third scale subassemb1ages of the first three stories of a

prototype structural wall. Specimens had a first-story height of 4 ft.

and subsequent story heights of 3 ft. each. Six of the specimens had

barbell sections; the rest were rectangular. All had 3 in. thick slabs

protruding at each floor level. Overall depths were 7 ft. 10 in.

Those with barbell shapes had 10 in. square edge columns and 4 in. wall

thickness, while the rectangular specimens had 4.5 in. wall thickness.

The prototype structures for the barbell and rectangular walls were

ten- and seven-stories high, respectively.

The specimens were initially loaded with equal axial forces on each

of the edge columns representing the gravity forces. Although the

total axial force was kept constant throughout the experiment, the

relative values were varied to simulate the overturning moment effects.

The overturning moment was itself varied in accordance with the variation

of lateral load in such a manner that the moment-shear ratio was

maintained constant. The main parameters of these studies included:
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(1) loading history; (2) cross-section -- barbell and rectangular;

(3) amount and arrangement of wall reinforcement; (4) magnitude of

nominal shear stress; (5) methods of confining the edge columns; (6)

construction joints and splices; and (7) effectiveness of repair and

retrofitting' techniques.

A preliminary assessment of the effects of the basic parameters

governing isolated structural wall response was presented previously

[1.12]. A more detailed assessment is provided below.

(1) Loading History: One monotonic and two cyclic load histories

were applied at the p.e.A. tests. The first cyclic load history

comprised three full cycles of load reversals at a certain load level,

repeated for increasing load levels up to the first yield level of the

wall. A large number of cycles at the full yield level of the wall were

then carried out, increasing the displacements, until the failure of

the specimen. The full yield level was defined as the force causing

yield of all flexural reinforcement as observed from the force~

deformation relations of the specimen. The second cyclic load history,

which was synthesized from analytical earthquake response studies of walls,

comprised a repetition of one full cycle with bounds under the yield

level, followed by another full cycle at full yield. The attained

deformations in both directions were increased until failure occurred.

There were basically two different load/deformation programs in

the Berkeley tests. The so-called monotonic load program actually

incorporated a number of unloadings and reloadings during the loading

to the largest displacement that could be attained in one direction

before failure was detected. This was followed by reversing the load

in the other direction for a major one-half load cycle. The cyclic

load program was applied by cycl ing the specimen with full deformation
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reversals a number of times at progressively increasing displacement

bounds.

A comparison of responses obtained for similar specimens under

different load histories indicates that reversing loads affected the

stiffness, strength, deformation capacity, and failure modes of the inter

story specimens. Top level displacement ductilities on the order of 10

and 4 and interstory drift magnitudes of 5.5% and 3% were recorded for the

monotonic and cyclic historie~ respectively. Monotonic displacement duc

tilities of this magnitude (10), however, were observed to be accompanied by

stability problems. As the displacement in the initial loading direction

induced significantly large cracks, which remained open after unloading,

an attempt to load the specimen in the other loading direction resulted

in buckling of the main compression bars.

Cycling induced a degradation of the hysteretic behavior. The

dissipated energy under cyclic load, however, surpassed the energy

dissipation observed under monotonic loading. The deterioration caused

by cyclic loading was mainly due to the loss in shear stiffness. An

assessment of the effects of different cyclic loading histories indicates

that the decay in shear stiffness is strongly dependent on the previous

maximum deformation levels rather than on the cumulative deformations

attained in previous cycles.

The overall behavior of the walls under both monotonic and cyclic

load histories was very favorable, as significantly higher levels (in

comparison to similar responses of ductile moment-resisting frames) of

energy dissipation were realized before the appearance of stability

problems. This was attributed to the post-yield deformation profile

of the wall, where most of the drift was concentrated to the lower

floor(s). The P-O effect for the same maximum-interstory drift,
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therefore, is less in a tall wall as compared to a tall frame.

Despite the deterioration in the hysteretic behavior produced by cyclic

loading, walls retained a significant portion of the envelope strength

attained under monotonic loading (approximately 80 percent, in general).

(2) The effects of cross section: The barbell cross section was

observed to be superior to the rectangular cross section as the latter

was generally limited in deformation capacity through local, or overall,

out-of-p1ane stability problems. The barbell shape was observed to be

suitable for incorporating effectively confined edge members which acted

as large dowels and restrained sliding shear of the wall panel. Loss

of cover was not accompanied by a significant loss in the out-of-p1ane

stiffness for barbell walls, which proved to be a significant factor in

the premature failure of the rectangular walls.

On the other hand, the increased deformation and shear capacity

of the barbell made this type of wall more susceptible to web crushing

type of failure under large deformation reversals. However, even after

web crushing, the effectively confined members provided sufficient

redundancy to resist vertical loading without stability problems. The

behavior of the wall after web crushing was noted to resemble that of a

soft first-story frame with effectively confined short first-story

columns.

The flanged shape was not observed to be superior to the barbell

except for its inherently larger out-af-p1ane stiffness. From the

detailing point of view, the flanged section poses problems in con

finement and is susceptible to damage at the interface of web and flange.

Observed ductilities and other hysteretic behavior patterns for flanged

and barbell specimens were similar, which accounted for the fact that

the flanged wall had a significantly lower yield displacement.
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(3) Edge member confinement: Specimens with spiral and square

hoop confinement as well as ordinary ties at the edge members were

tested. Volumetric confinement percentages of 0.0135 - 0.018 were

used for a majority of the specimens, while others were tested with

ties resulting in 0.22 percent lateral reinforcement. Confining the

boundary members was observed to improve inelastic performance

significantly by restraining buckling of main flexural reinforcement,

increasing the strain capacity and restraining the disintegration of

core concrete, and increasing the shear capacity and stiffness of the

edge members. The most effective form of confinement was observed to

be with spiral reinforcement which provided the best restraint against

bar buckling. Wall with edge member lateral reinforcement of 0.22

percent as compared to 1.35 percent had 22 percent less shear capacity.

Measured maximum shear distortions for the specimen with unconfined edge

members were 15 percent more than the comparable specimen with confined

edge members. The unconfined specimens exhibited significantly less

stiffness and energy dissipation.

(4) Amount and arrangement of wall reinforcement: The effects of

the amount of wall reinforcement were a common parameter in both the

P.C.A. and Berkeley tests. In the P.C.A. study, two specimens, identical

in all respects except for the amount of wall steel, were tested under

the same load history. The specimen containing 2.2 times the horizontal

wall reinforcement had approximately the same strength, stiffness and

endurance as the specimen with less shear reinforcement.

At Berkeley, two specimens, one with half the horizontal and

vertical wall steel of the other, were tested under different load

histories. More wall steel resulted in slightly more deformation

capacity. It was noted that the decrease in wall reinforcement did not
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affect the response characteristics in proportion to the decrease.

The arrangement of wall steel was noted to be a significant

parameter by comparing the response of two specimens with the same

amOunt of wall reinforcement, except that the bars in one specimen

were arranged in a 450 inclined mesh, rather than in the standard

vertical and horizontal arrangement. This specimen was observed to

have larger energy dissipation capacity due to larger deformation

capacity and less stiffness degradation.

Spacing of the wall reinforcement was also noted to be a significant

parameter in affecting the crack pattern of the walls. As the shear

carrying mechanism and the failure mode were directly dependent on the

crack pattern, the spacing of the wall reinforcement was noted to be a

more significant variable than the amount of this reinforcement.

(5) Magnitude of nominal shear stress, concrete strength and axial

forces: Different amounts of main flexural reinforcement in the edge

members of the p.e.A. specimens (1.11 to 3.67 percent in general)

resulted in different nominal shear stress magnitudes attained during

the tests (3.7!f6 - 14.1~. The nominal shear stresses were calculated

using 0.8 2w as the effective depth of the cross section. Shear stress

magnitudes of 13.4~were attained in the Berkeley tests.

The magnitude of the shear stress was observed to be the major

parameter affecting hysteretic response and failure mechanisms of the

specimens. Walls subjected to low shear stress developed horizontal

flexural cracks in the boundary elements which eventually reached and

propagated into the web, and practically throughout the whole panel,

intersecting with other cracks and slicing the lower regions of the

walls into several horizontal layers. Interlocking and dowel action
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of the edge members were then the main shear carrying mechanisms due to

the horizontal layering of the wall. These mechanisms were sufficient to

develop the full flexural capacity, as all failures of this group of

specimens were due to buckling of compression bars, or instability of

the compression zone, or in the best case, fracture of tension bars.

In walls which developed high shear, the horizontal flexural

crack at the edge member had an inclined crack propaqation into the

wall panel, resulting in relatively symmetric compression strut systems

for each loading direction. When these walls were subjected to

sufficiently large lateral displacements producing significant flexural

yielding, all the compression struts focussed in a small corner zone

at the base of the panel and the boundary (edge) member, and failure

for all this group of specimens occurred through web crushing. Under

vigorous cyclic loading the web crushing was accelerated due to the

deterioration of crushing resistance of the concrete at the faces of

intersectinq cracks, developed because of loading and/or deformation

reversals. This premature crushing led to the formation of a horizontal

band near the wall foundation that extended across the width of the wall

panel and in which the concrete had been crushed and spalled, and a

mechanism of sliding shear had developed in the wall (being the main

shear resistance offered by the dowel action of the two edge members).

As web crushing appeared to be the dominant factor in limiting

inelastic deformation and endurance capacity of the walls under high

shear reversals, this phenomenon was investigated in detail. Web

crushing was observed to be interrelated to both the shear stress and

loading history, as it was observed to occur only under cyclic loading

and only after a number of loading reversals, whereas a significant

spread is observed in the shear stress values under which this
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phenomenon occurred. It was therefore concluded that the present

code limitation of lO~ for nominal shear stress did not eliminate

the possibility of web crushing when large inelastic response involving

reversals of deformation is expected.

The relation of concrete strength to web crushing was further

investigated by testing two specimens differing only in concrete strength

by a factor of 2.2. The specimen with the higher concrete strength

developed a shear stress of lO.9~, while this value was l3.8~ for

the other specimen, the ultimate force capacities differing by only

a factor of 1.17. The changes in hysteretic characteristics, however,

were far more substantial; the specimen with the higher concrete strength

endured twice as many cycles under large deformation and dissipated

approximately three times more energy before web crushing occurred. The

attained displacement ductilities were approximately two and four for

the lower and higher concrete strengths. The implication of these tests

in that the concrete strength had a considerably more significant

contribution to the deformation and energy dissipation capacities of the

specimen as compared to its force capacity. This is natural since the

force capacity of the specimen is controlled by flexure, where concrete

strength does not have an appreciable influence. The concrete strength

is observed to have appreciable influence, however, on delaying the

numerous adverse effects of shear stress on the deformation and energy

dissipation capacity. The specimen with higher concrete strength was

under only lO.9~ shear stress while the specimen with the smaller

concrete strength was subjected to a shear stress of 13.8~, which had

far more detrimental effects to its hysteretic behavior.

Furthermore, the phenomenon of web crushing under deformation

reversals cannot be related to a certain concrete strength or eliminated
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by limiting the shear stress. To be realistic and conceptual, any

limitations on stress and dimensions (web thickness vs. column dimensions,

for stabil ity considerations) should be related to the expected

deformation levels and endurance requirements.

Another factor that was observed to affect the phenomenon of web

crushing was the axial force. Axial force magnitudes on the order of

7 percent of the ultimate capacities of the edge members were observed

to be significantly beneficial in the response. The specimen with

constant axial load of this magnitude had approximately 30 percent more

shear capacity, less pinching under reversals, more rotation capacity

and approximately one-half shear distortion under similar rotations,

as compared to the corresponding specimen with no axial load. The

main beneficial effect of axial load of this magnitude was in increasing

the shear capacity and stiffness of the edge columns. This, in turn,

was instrumental in enacting better hysteretic characteristics and in

increasing the shear capacity of the wall, as this was affected mainly

by the shear capacities of the edge columns.

There is a lack of data on the effects of axial loads of higher

magnitudes and, especially, large tensile forces. The Berkeley tests

were conducted under column axial loads programmed to simulate the dead

load and overturning moment effects as synthesized from analytical

studies on the prototype and resolved into a couple. The axial loads,

therefore, varied between realistic limits and they were representative

of actual load levels. The failure mechanisms and hysteretic

characteristics were not significantly different from those obtained

in the P.C.A. tests.

(6) Construction joints: Construction joints fabricated according

to existing construction practices performed satisfactorily. The same
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was concluded for lap splices in vertical wall stee"1 located in

critical regions. Proper anchorage of the horizontal reinforcement

into the confined core of the edge member and propel" lapping of the

longitudinal- reinforcement of the edge member are ~}re important than

laps in vertical wall steel or construction joints. Since the edge

members provided the main shear capacity and stiffness of the walls by

acting as extremely effective dowels, once these Wel"e cracked, the con

struction joints were not observed to undergo significant horizontal

shear slippage. This points to another significant advantage of the

effectively confined edge members, since construction joints in walls

without such edge members have been observed to be a main source of

damage and of failure after earthquakes (Section 1.2.]).

(7) Repaired specimens: The effectiveness of various repair

techniques was investigated by repairing and retestiing the walls at

different damage states. The techniques of epoxy injection, replacing

crushed or cracked panels by new concrete, and detaiiling of the renewed

panel, were studied.

A significant observation was made on repair tE!chniques involving

welding on grade 60 reinforcing bars. Even when all! known precautions

were taken during the welding operation (control of temperature,usage

of the correct electrode, experienced welder) a welded connection

resulted in a severely impaired elongation capacity of the bars at the

connection. It was concluded that welding on a grade 60 reinforcing

bar generally reduces the rupture strain so significantly that breakage

usually occurs as soon as the bar yields.
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In general, if the boundary members retained the integrity of

core concrete, repairs that did not involve welding of main reinforcement

were successful in restoring the capacity of the repaired specimens

close to that of the virgin ones. Although none of such repaired

specimens exhibited early loss of strength or endurance, the permanent

strains that accumulate during initial testing should affect the

endurance of the repaired specimens to a certain extent.

1.2.2.3 Conclusions

(1) The experimental and accompanying analytical studies of slender

isolated structural wall response indicate basic differences between

beam and wall behavior. Walls, although commonly modeled and

conceptually appraised as similar to beam/columns, possess inherently

different load carrying and failure mechanisms. The interactions

between flexure, axial force, and shear, affect wall response differently

than beam or column response.

The major reason for different behavior patterns of beam/columns

and slender walls is the redundancy provided to the walls through

effectively confined boundary members. The boundary members provide

and maintain stiffness to the wall even after loss of their concrete

cover; they restrain shear distortions in general and limit sliding

shear failure by acting as extremely effective dowels. Boundary members

provide a strong, ductile and stable compression zone and are instru

mental in instituting a uniform crack distribution across the panels,

which improves stress redistribution as well as damping characteristics.

Boundary members improve endurance and energy dissipation capacity of

the walls to the extent that the factor limiting deformation capacity

becomes web crushing. Even after this phenomenon, the boundary members
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provide sufficient redundancy to maintain vertical load carrying

capacity and an appreciable amount of energy dissipation capacity.

Furthermore, any damaged wall can be effectively repaired as long as

the cores of the boundary members retain their integrity.

(2) The effects of different deformation mechanisms, mainly

flexure, shear and bond (fixed-end rotation or rotation concentration

at the foundation level) on the total inelastic deformation of the walls,

were not of the same order of importance as observed in beams. In the

walls, shear deformations and fixed-end rotations constituted

approximately 40 and 10 percent of the total top displacement under

monotonic loading. During cyclic loading, the contribution of shear

deformation increased to as much as 87 percent of the total top

displacement. The corresponding roles of shear and fixed-end rotation

deformation components are reversed in beams.

(3) All test specimens exhibited more flexural strength than the

design strength. The maximum increase was on the order of 30 percent,

attributed mainly to the strain hardening of flexural reinforcement.

Similarly, significant increases in the actual shear

capacities as compared to design shear values, on the order of 30 to

50 percent, were observed. This is due to a prevailing misconception in

the evaluation of shear strength of walls with bound;:lry members.

Current code expressions for shear strength computation are based on

beam behavior under monotonic loading. The relative contributions of

confined edge members as dowels in compression and tl:!nsion, panel

steel, concrete strength, and the effects of force and deformation

reversals, are not incorporated in estimation of the shear strength

and deformation capacity of walls. Furthermore, 1im'iting the nominal

shear stress to a et> 10~ although desirable,is not lr'ationa1. First
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because this limitation cannot eliminate the web crushing type of

failure under deformation reversals,and, second, because considerably

higher shear stress, on the order of l4~ , were attained in the tests.

(4) The observed behavior of slender walls with well-confined

boundary members was extremely favorable as far as strength, stiffness,

endurance, deformation capacity, and energy dissipation were concerned.

Present seismic code provisions which prescribe a higher horizontal

force factor (k factor) for buildings incorporating such walls, are

questionable.

Another observed misconception in the current code provisions is

related to the prescribed distribution of horizontal forces. As the

shear design of members of ductile moment-resisting space frames is

based on the ultimate flexural strength that can be developed in the

member, the distribution of horizontal forces is not significant in

preventing shear failure. However, the shear design of walls is not

based on the flexural capacity, but on the design base shear, as

obtained from the prescribed external forces. The present practices of

increasing the load factor in shear design and limiting shear stress to

¢ lO~ do not eliminate the possibility of shear failure because

actual horizontal force distribution can be quite different than that

assumed by code. The significance of the distribution of lateral

forces in design is investigated in subsequent sections of this report.

1.2.3 Previous Experimental Studies of Connecting Girders of Coupled
Shear Walls

1.2.3.1 General

There is ample literature on the cyclic load behavior of rein

forced concrete beams which are slender (moment arm to effective depth

ratio of 3.5 or more) and/or under low shear (nominal shear stress less
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than 6~). Many of the existing beam tests were cay-ried out to study

the behavior of beam elements of ductile moment-resis.ting space frames

(DMRSF). Accordingly, the dimensions, longitudi nal a.nd shear

reinforcements and loading programs were modelled after the observed

characteristics of such beams.

Recent studies on the coupling beams of reinforced concrete shear

walls have demonstrated that the general dimensional characteristics,

shear stress and deformation, energy dissipation and endurance demands

of these elements are quite different from the conventional DMRSF

elements [1.12,1,27]. The coupling beams are generally (1) deep

(moment arm to effective depth ratios of one or less were observed to be

common); (2) under shear stresses considerably largE~r than those of

DMRSF beams (nominal shear stress magnitudes of 61f' and more arec
frequently encountered); (3) subjected to significantly large

inelastic end rotation demands (40 x 10-3 rads. and UiP to 90 x 10-3

rads. were observed[1.27] ; and (4) subjected to a significantly large

number of yield excursions or inelastic rotation reversals (effects

of higher modes of vibration \'Jere observed to cause a. larger number of

force reversals in the connecting beams than the walls [1.22]).

The basic parameters affecting the behavior of coupling beams and

main conclusions of research on these elements CarriE!d out in Berkeley

[1.11,1.21], by the P.C.A.[1.7], Canterbury [1.28] a.nd a number of

other institutions [1.22, 1.33. 1.45], are summarized in the following

sections.

1.2.3.2 Parameters Affecting the Behavior of Reinforced Concrete Coupling
Elements of Coupled Structural Walls

(1) Moment arm to effective depth ratio (aid ratio): Although, in

general, a wide range of aid ratios may be encountere!d for coupl ing beams,
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the stiffness demand from these beams for lIefficient coupling" usually

results in aid ratios of less than 2. Tests in Canterbury, New Zealand,

incorporated specimens with aid ratios less than unity [1.28], while the

Berkeley specimens had aid ratios of approximately 3 [1.11], and the

P.C.A. specimens had 1.4 and 2.8 for the aid ratio [1.7]. More recent

tests, carried out in Canterbury, New Zealand, investigating II s1ab

coupling ll on specimens with aid ratios greater than 3, were reported

[1.39].

In general, the aid ratio defines the relative contributions of

the beam and arch actions to the shear resistance of reinforced

concrete beams. The arch action contributes significantly to the shear

capacity of beams with aid ratios of less than 3. It was observed by

Paulay [1.28] that the behavior of beams which had aid ratios

approaching unity was considerably different from more slender beams

under deformation reversals. Both the compression and tension rein

forcement in the deep beams were observed to be in tension as a result

of diagonal cracking. Continued deformation reversals induced

significant residual tensile strains throughout the depth of the beam

leading to the "sliding shear" type of failure. Furthermore, diagonal

cracking resulted in the loss of shear stiffness which contributes more

to the total stiffness of such beams than the flexural stiffness.

Consequently, inelastic deformation reversals of deep beams with

conventional reinforcement was accompanied by a severe drop in stiffness

and prompt loss of strength and, consequently, of energy dissipation

through sliding shear.

Tests on II s1ab coupling" in the same institution [1.39] have

resulted in a number of conclusions on the effectiveness of such coupling

and behavior patterns of coupling elements which are short but also
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slender so that the aid ratios approach 4.

One important conclusion reached after reversed loading tests with

an extremely severe loading program (over 30 full cycles, with displace

ment ductilities approaching 10 at the later cycles) was that the

elements exnibited severe stiffness degradation starting with the early

cycles. Stiffnesses of 10 percent of the initial elastic stiffness

were characteristic after a number of load reversals. This was

associated with torsional effects encountered due to the slenderness

of the coupling elements.

The effective width of the slab that can be relied on to couple

structural walls was observed to be significantly smaller than that

given by a number of previous analytical studies. For modeling

purposes, a slab width equal to the clear distance between the two

coupling walls was suggested. For estimating the stiffness of this

coupling element, using 20 percent of the gross uncracked moment of

inertia was suggested.

The concentration of shearing stress at the edge of the wall and

slab led to punching shear problems. This would be characteristic

in cases where the width of the coupling element is Imuch larger than

the width of the wall and special detailing would be necessary at the

interface. One test of the series was carried out ~y incorporating a

shallow beam in conjunction with the slab and perpendicular to the wall

at the wall edge. The aid ratio for this specimen w,as on the order

of 1.5. This specimen exhibited an uncommon horizontal shear failure

in the beam which limited the imposed deformations during the test.

It was concluded that continued research on beam and slab coupling

was necessary.
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In conclusion, the aid ratio of connecting elements appears to be

a major parameter affecting the failure mechanism of the element in

general. Closely associated with this parameter is the shear stress

and the arrangement of the longitudinal and transverse reinforceme~t

and detailing at the interface of the wall.

(2) The nominal shear stress: The maximum nominal shear stress

realized in the cou~Jing element under deformation reversals is

another significant parameter affecting the hysteretic characteristics

and failure mechanisms of these elements.

The maximum shear stress is a function of the aid ratio, the

flexural reinforcement ratio and detailing, and the yield strength

and strain hardening characteristics of the flexural reinforcement.

The smaller the aid ratio, the larger the shear stress, since the

arch action contributes to the shear capacity in addition to the

standard beam mechanism in resisting shear [1.26]. The larger the

flexural reinforcement ratio and the yield strength, the larger the

shear stress, since the shear force that can be developed in a

flexural member is directly related to the flexural capacity of

the member through statics.

Previous studies have demonstrated that beams under load

reversals, designed according to the present seismic code for the high

seismic risk regions, fai~ed in a flexural mode for shear stress

magnitudes of 3/f' or less. Buckling of compression reinforcementc

was the typical failure mechanism. The Bauschinger effect in steel

and "closing of the crack" are the main sources of degradation in

hysteresis.
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Shear stress magnitudes between 3~ - 3.5~- induce flexural-shear

failures. Shear emerges as the reason behind the pinching and decay of

hysteresis. Shear stresses of magnitudes 3.5~ - 6~ start to induce

the "s1iding shearll type of failure and limit ener'gy dissipation through

severe decay of stiffness. Effective confinement to restrain the

disintegration of the core can prolong shear capacity and energy

dissipation capability under deformation reversals. However, providing

a sufficient amount of transverse reinforcement is not adequate to

preserve stable hysteretic characteristics under cyclic load at large

deformation levels.

Shear stress magnitudes of larger than 6~ are detrimental in

hysteretic response. Conventional reinforcement arrangements are not

successful in restraining sliding shear failure which can occur after

a few deformation reversals. One possible remedy for the detrimental

effects of high shear is to limit the flexural capacity of the cross

section and thus to keep the possible maximum shear stress that can

develop to a tolerable level [1.9J. If two consecutive hinges develop

along a beam, the shear is limited by the flexural strength at the

plastic hinges. The designer, however, may not be able to take

advantage of this possibility due to other restraints.

The second possible remedy for the effects of shear is to resort

to using reinforcing patterns that are different from the conventional

ones.

(3) Arrangement of flexural and shear reinforcement: A number of

different reinforcing schemes for beams with small aid ratio (less

than 3) and/or high shear (over 3~ ) were suggested and tested under

load/deformation reversals [1.11,1.33,1.28]. These are summarized

below.
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(a) Intermediate longitudinal bars [1.33] -- Using intermediate

longitudinal bars as shear reinforcement was observed to improve the

hysteretic response of beams subjected to shear stress magnitudes

between 3~ and 6~. Hysteresis was stabilized and endurance was

improved with two intermediate layers of longitudinal bars in addition

to the ACI 31S-71 specified lateral reinforcement. These bars formed

an improved cage to maintain the integrity of the core. Beams with

shear stress lower than 3~ performed satisfactorily with only the

code specified ties, while beams with shear stress magnitudes of

over 6~ did not perform well, regardless of intermediate longitudinal

bars and ties.

(b) 450 diagonal bars -- Tests of beams with 450 inclined diagonal

bracing bars were carried out at Berkeley [1.11] and by the P.C.A. [1.7].

The aid ratios of the specimens were 3 and 1.4, respectively. In the

Berkeley specimen, the diagonal bars were placed in addition to the

existing longitudinal reinforcement and double ties, and were capable

of resisting the entire shear. The diagonal bars were especially

restrained by close double ties at the regions where they were bent.

This beam performed exceptionally well even under shear stress levels

of 6.2~. Pinching in the force-displacement hysteresis was literally

eliminated under a vigorous cyclic program with progressively increasing

displacement bounds.

The comparable beam with only longitudinal reinforcement and double

ties did not perform as well under the same load program. Shear stress

magnitudes of 5.S/fl were attained for this beam, which resulted inc

pinching and severe loss of strength under cycling at deformation levels

approximately 5 times that of yield.
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In the p.e.A. specimens, one and two of the longitudinal bars

at top and bottom were bent 450 at the hinging region of the beam. No

special effort was made to restrain these bars at their bending points;

the same tie spacing was provided along the beam. These specimens

behaved even worse than the comparable longitudinally reinforced beams,

due to the loss of support for the diagonal bars at the bent locations.

The stirrups provided could not restrain the diagonal bars where they

were bent at the top and bottom of the beam. Shear stress magnitudes

of 7~ - 9~ were real ized for these specimens If/hich exhibited

severe pinching and loss of strength.

The assessment of the results of the Berkeley and p.e.A. tests on

this reinforcing scheme indicates that this type of reinforcing requires

uncommon attention to detailing and workmanship to be effective. As the

conventionally reinforced counterparts of these sp,ecimens were not

totally satisfactory, and, as another, simpler reinforcing scheme of

installing full-length diagonal reinforcement was proved exceptionally

successful, particularly for beams having aId ratilos smaller than two,

the use of 450 diagonal reinforcement may not be justified for these

types of coupling beams.

(c) Full-length diagonal reinforcement -- Full-length diagonal

reinforcement as the main moment and shear carryin'g mechanism was first

tested by Paulay [1.28] and was demonstrated to be successful in

eliminating sliding shear in beams of aId ratio less than one. Later

this reinforcement, which is equivalent to embedding a steel truss in

concrete, was shown to be effective for more slendler beams, even for

aId ratios of 3.33 [1.2]. Beams with such reinforcement and aId ratios

of 1.4 and 2.8 were tested by the p.e.A. [1.7J and were observed to main

tain stable hysteresis at shear stress magnitudes of 10.9~.



41

In the tests carried out by Pau1ay, prototype coupling beams

with 12 in. and 30 in. cross sectional dimensions and 3 ft overall

length were reinforced with conventional longitudinal bars or full

length diagonal struts. Each of these struts was formed by a bundle

of reinforcing bars. The aId ratio for the beams was 0.7. The

conventionally reinforced beam failed after one post-yield cycle due

to sliding shear. The specimen with full-length diagonal bars was

designed assuming that a truss mechanism, formed by the diagonal bars,

would carry the total shear. The theoretical ultimate load was

realized and the beam sustained a large number of load cycles at

significant deformation levels with ideally stable hysteresis. End

rotations close to 0.1 radians were attained for this beam.

It was concluded that the success of full-length diagonal reinforce

ment was dependent on restraining the buckling of compression bars of

the truss. Adequate spiral or hoop reinforcement around the bundle

of bars forming the legs of this truss was suggested for this purpose.

Adequate concrete cover on the sides to restrain out-of-plane

stability of the reinforcement was also observed to be a critical

factor in developing the full capacity of the reinforcement.

Tests carried out by the P.G.A. [1.7] on full-length diagonal

reinforcement utilized specimens with 4 in. by 6.67 in. cross

sections and full span lengths of 16.67 in. or 33.33 in. The aId

ratios of the 1/3-scale model specimens were 1.4 and 2.8, respectively.

The beams were reinforced by hoop reinforcement capable of resisting

the total expected shear. The diagonal bars were designed by the truss

analogy as suggested by Pau1ay [1.28J. The test program was

exceptionally severe, comprised of a succession of three full cycles

of deformation followed by another three cycles, with increasing
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deformation bounds for each set of cycles. Both beams behaved

exceptionally well with no pinching of hysteresis o'r loss of strength

until the bars buckled and subsequently fractured within the beam-wall

interface where no hoops were provided. Shear stress intensities of

lO.9~ and 5.3~ were realized for the short and 'longer beams,

respectively.

Comparable beams with conventional longitudina') reinforcement

developed shear stress of 10.3~and 3.5~ for short and longer

beams, respectively. These beams exhibited severe pinching and loss

of strength, which was more critical in the response of the shorter

beam. Both of these beams failed through sliding shear in spite of

the hoops that did not yield under the maximum shealr.

Studies carried out at the Middle East Technical University [1.2]

had the objective of testing the effectiveness of fu11-1 ength

diagonal reinforcement in more slender beams where this type of rein

forcement may be used in conjunction with conventional longitudinal

reinforcement. Test specimens had 9.8 in. by 19.6 'in. cross sectional

dimensions and aid ratios of 3.33. Two test speciml~ns had the same

number of either diagonal or longitudinal bars, whi"le two others had

different ratios of diagonal and longitudinal bars, the total

reinforcement remaining the same. All the beams welre designed for the

same strength, which was found by superposing the contribution of

diagonal bars, computed as a truss, and the contribution of the long

itudinal bars as a reinforced concrete beam. The total compression or

tension steel ratios were one-half of the balanced, individually.

Lateral ties in accordance with the ACI 318-77 were provided to all

specimens. The loading program was comprised of four full loading

cycles at a displacement of approximately three timl~s the average yield
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displacement followed by four cycles at five times the average yield

displacement.

The specimen with only longitudinal steel attained a shear stress

of 4~ and failed through a flexural shear mechanism (resulting in

sliding shear)s exhibiting severe pinching and a 30 percent drop in

strength. The diagonally reinforced specimen did not exhibit as much

strain hardening and attained a shear stress magnitude of 3.slfl. Thec
hysteretic characteristics were excellent, similar to those of a steel

coupon under cycling stress. All specimens developed their computed

ultimate strength, indicating that the contributions of longitudinal

and diagonal bars may be superposed for an estimate of the total

strength when both types of reinforcement are used together.

Although s for beams that are as slender and under shear stress

magnitudes of less than 6~ s adequate hysteresis can be obtained by

increasing the confinement reinforcement, these tests indicate that

full-length diagonal reinforcement can also be used with less dependence

on ties and still yield extremely favorable hysteretic characteristics.

In certain applications, diagonal reinforcement may be easier to

assemble than extremely close multiple-tie reinforcement, also enabling

a better quality control in the placement of concrete. Use of this

reinforcement in slender beams resulted in less deformation hardening

than the one with longitudinal steels due mainly to local buckling

effects within the cracks at the interface of the beam and wall. However,

the shell concrete did not spall, and the overall damage to the beam

was considerably less in the case of the diagonal reinforcement.

A significant requirement in utilizing the full advantages of

diagonal reinforcement was observed to be adequate anchorage of the

bars in the walls. Since these bars are strained more uniformly along
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the length of the beam as compared to longitudinal bars, the overall

elongation of the beam may be significant. Even in the case of proper

end anchorage of the diagonal bars, growth of the bleam due to local

slippage was observed.

1.2.3.3 Conclusions

The seismic demands from coupling elements of coupled structural

walls are especially severe, in terms of inelastic end rotation

magnitudes and number of post-yield deformation revlersals. These

elements, therefore, require special attention to dletailing, especially

when the aid ratio is smaller than 3 and the expectled ultimate shear

stresses are on the order of 6~. The most successful scheme for such

beams ;s to arrange the main flexural reinforcement in a diagonal

manner, forming a steel truss mechanism within the beam. Such an

arrangement was observed to enhance hysteretic characteristics of slender

horizontal beams, with aid ratios as large as 3.33 (when used in

conjunction with regular reinforcement), and may be the only successful

solution in the case of deep beams with smaller aid ratios. The

critical region in the use of this detailing scheme is the beam and

wall interface, where buckling of compression bars \~ithin a large crack

should be restrained by effective confinement. For significantly deep

beams, out-of-plane buckling of these bars due to insufficient side

cover was also observed as a problem. These problems, however, can

be handled through careful design and detailing.

Use of extremely slender coupling elements, such as slabs, was

also observed to pose critical problems. The punch"jng shear effects

at the interface of wall and slab, as well as the loss of stiffness

due to torsional effects, were observed to be significant problems.
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Moreover, the stiffness provided by slab coupling was not observed

as sufficient to consider the walls as coupled structural walls.

1.2.4 Review of Experimental Research on Coupled Structural Walls

1.2.4.1 General Remarks

Experimental data on the seismic response of coupled walls is

extremely limited. Two tests on 1/4-scale 7-story coupled walls were

carried out at the University of Canterbury, New Zealand. The basic

parameter in these tests was the arrangement of reinforcement in the

coupling beams [1.32]. Preliminary results of two tests on a 1/3

scale 6-story coupled wall model were reported by the P.C.A. [1.4].

The basic parameters in these tests were the strength and stiffness

of the connecting beams. A series of "earthquake simulator" tests on

the response of coupled structural walls has been underway at the

University of Illinois at Urbana-Champaign. Four approximately 1/12

scale 10-story models and six 6-story models with the same scale were

tested in this institution [1.5, 1.20].

Apart from these investigations, to the writers· knowledge there

has been no comprehensive experimental study on the seismic response

of reinforced concrete coupled structural walls.

1.2.4.2 The University of Canterbury Tests [1.32J

The test specimens represented a 1/4-scale model of a chosen 7

story prototype, with a symmetrical, 2-wall, coupled system. The

overall aspect ratio (h/D) of the system was 3.43. The connecting

beams were extremely stiff for this aspect ratio, with aid ratios of

0.65. This topology was claimed to be typical of New Zealand practice.

The specimens had wall sections of 4 in. by 24 in. and a total height

of 18 ft, with beam dimensions of 3 in. by 12 in. and clear length of
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1 ft 3 in.

The walls did not have confined edge members; they contained ten

#5 bars on the outer, and two #5 bars on the interiK)r faces as main

flexural reinforcement at the base. The beams had two #3 bars, top

and bottom, in one of the specimens. These bars welre arranged in a

diagonal fashion in the other specimen. The two wa'lls were prestressed

along the center line by cables, representing the dl~ad load, to a stress

of 260 psi, which was kept constant during the tests.

The specimens were loaded at three points, resulting in a triangular

load distribution in accordance with local code provisions. The old

Japanese system of incorporating a dummy specimen to maintain base

fixity through sYmmetry was utilized. Four load cycles below yield were

followed by a number of fully reversing load cycles at the ultimate load

capacity of the system. The ultimate load capacities of the specimens

were observed to be approximately 20 percent larger than the computed

values, which was attributed to the strain hardening of the main wall

reinforcement.

In the specimen with conventionally reinforced coupling beams, first

beam yield started at approximately 45 percent of the observed ultimate

load. About half of the beams ~t the lower storie~yielded by 50 percent

of the observed ultimate load. The other beams yielded at later load

stages. The initial (cracked) loading stiffness of the system was

maintained exceptionally well until the first yield in the walls (tension

wall). The increase in load capacity after first welll yield was 35

percent; however, the stiffness of the system was almost completely lost

during this last increment of· the lateral load. The average

stiffness of the system was approximately twice the computed uncouple~

stiffness of the walls, based on cracked sections. It was also
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approximately one-third of the computed coupled stiffness, based

on uncracked gross cross sectional properties.

The force-displacement hysteresis of the specimen with convention

ally reinforced beams exhibited a slight pinching and approximately

20 percent loss in load capacity during the fourth large displacement

reversal. Displacements approximately three times the yield displace

ment were attained for both loading directions during the large

deformation reversals. Although the hysteresis obtained for this wall

was observed to be "inferior" compared to the hysteresis demonstrated

by the second specimen, it appears to be adequate in terms of stiffness,

strength, energy dissipation, and endurance.

The axial force components of the walls were estimated to provide

70 percent of the total overturning moment capacity. As a consequence

of this major contribution, the hysteretic characteristics of the system

are affected by the hysteretic characteristics of the beams considerably.

This is apparent from the low stiffness around the zero load region

(for load ranges ~ 20 percent of ultimate) followed by a stiffness

similar to the initial loading stiffness, up to approximately 80 percent

of the ultimate load. The beams were observed to exhibit a "sliding

shear" behavior which reflected on the hysteretic characteristics of

the system.

The second-floor beam was observed to be the critical beam.

Rotations on the order of 0.085 radians, corresponding to a rotational

ductility of 12, were recorded for this beam. During the final load

cycle in which complete plastification of the system occurred, beams

between the second and sixth floors had similar rotations. Durinq this

cycle, the elonqation in the second floor beam reached 0.16 inches

(strain of 1%).
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An extremely significant aspect of coupled wall behavior, the

portion of the total shear resisted by the tension alnd compression

walls, was unfortunately not investigated through experimental

observations and measurements. Failure of the wall IrJas initiated by

crushi ng of' concrete in the compress ion corner of thle tens ion wa 11 ,

followed by severe shear slip at the base of this wa'll, with reinforce

ment at the damaged corner buckling in the direction of the slip. The

compression wall, however, maintained approximately 75 percent of the

ultimate load capacity at a very lar~e deformation at the top of the

wall of 14 in., even after failure of the tension waH. It was

concluded that the dowel capacity of the failed tens'ion wall contributed

to the remaining shear capacity, to some extent, at the final stages

of loading. Whether the failure of the tension wall can be considered

as web crushing or as a standard compression failure, is not very clear.

The report mentions that the cover concrete "spalled off ll
•

The specimen with diagonally reinforced beams was able to sustain

one more large displacement cycle than the first specimen. The appearance

of the force-displacement hysteresis of this structul~e implies significantly

better overall hysteretic characteristics. No pinch"ing is apparent, and

the energy dissipated through cycl ing within ultimatE~ force bounds

increases with cycling, with no loss of load capacity. This specimen

developed approximately 1.2 times the computed ultimate strength, similar

to the first speci~n. The first beam yield commencE~d at 33 percent of

the observed ultimate load. First yielding in the wall occurred at

approximately 63 percent of the ultimate load. The ~.tiffness did not

deteriorate as rapidly after the first yield in the ~l!al1 as in the first

specimen, and the overall deformation hardening charclcteri stics appear

to be better. The average (yield) stiffness of the coupled wall system
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was approximately one-half of the stiffness based on uncracked gross

cross sectional properties. Displacements approximately 10 times the

first yield displacement (or 5 times the i1 effective yield il obtained by

intersecting an average secant and the strain hardening branch) were

attained in" both loading directions with no decrease in the load

capacity.

The failure of the second specimen occurred through instability

of the compression wall. This wall kinked and buckled in the out-of

plane direction at its base due to an initial form error.

The diagonally reinforced coupling beams were concluded to be

extremely effective in maintaining strength, stiffness, and energy

dissipation of the structure during large deformation reversals. As

in the first test specimen, the second-story beam, was the most stressed

beam during low deformation cycles. Unlike the first test specimen,

however, the first-floor beam was observed to be subjected to the

largest rotations during high deformation cycles, with rotational

ductilities approaching 16 (maximum rotation 0.05 radians). Another

difference in beam response in the two tests is observed in the

distribution of beam deformations along the height of the structure.

In the first test specimen, the beams above the second floor had similar

end rotations during the large deformation reversals. The beams of the

second specimen exhibited end rotation magnitudes varying almost

linearly from 0.05 to 0.025 radians along the height of the structure,

the largest value attained for the first-floor beam, during the final

deformation cycle. This may indicate that the first-floor beam

maintained its strength until the termination of the test due to instability

of the compression wall. A photograph of the specimen taken after the

test does not indicate much distress in this beam.
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The growth of the diagonally reinforced beams surpassed the

elongations recorded for the conventionally reinforcE!d beams. Second

and third-floor beams had elongations of 0.55 inches s, corresponding

to a strain of 3.7 percent.

The main conclusions derived from these tests can be summarized as

follows:

(1) The deta i1i ng of the connecting beams i nfl uE!nced the overa11

force-deformation relations and hysteretic characteristics of the coupled

wall systems to the extent that the observed hysteretic characteristics

of the system were reflections of those of the beam. Such an influence,

however, should not be generalized to all coupled wall topologies. The

test specimens resembled slender perforated cantileve~r beams, with an

overall aspect ratio of 3.43 and coupling beam span to depth ratios of

1.25. Furthermore, the coupling beam strengths were such that 70

pecent of the total overturning resistance was provided by the coupling

action. Both the stiffness and strength characteristics of the coupling

beams relative to the walls are major parameters, resulting in the beam

response governing the overall structural response.

(2) The conventionally designed beams of the first specimen developed

nominal shear stresses of 6.51f~ and failed in sliding shear. The

behavior of this system, which may still be considered as adequate for

certain earthquake demands, was significantly inferior to the second

system with diagonally reinforced beams. The second specimen dissipated

approximately twice the energy dissipated by the first specimen under

a similar deformation history. Furthermore, the resulting damage to the

beams of the second specimen was considerably less.

(3) Both specimens behaved in a flexural mode. This was evident

from the contribution of bending deformations to the top displacement.
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Near the ultimate load, this contribution was approximately 80 percent.

For different structure vs. beam aspect ratios, different modes of

behavior should be expected. The nominal ultimate shear stress in the

walls, assuming equal shear contribution and using 0.8 dw as effective

depth, was 5.71~ for each wall. In U.S. practice, values up to lIeplO~1I

(7.5~) are permitted by the code.

(4) The walls were rectangular in cross section with no confined

edge members. Horizontal wall steel was arranged as simple stirrups

bounding the complete wall cross section. Furthermore, the flexural

steel at the interior wall faces was one-fifth of the steel at the

exterior faces, complying with the results of elastic analysis. As the

beams of the first specimen lost strength through cycling, the demand

for reinforcement at the inner wall faces increased. Furthermore, the

absence of confined edge members resulted in a severe degradation of

concrete at the wall hinging regions. All these factors contributed

to the early failure of the tension wall of specimen 1. The capability

of the compression wall of maintaining 75 percent of the ultimate

shear after the failure of the tension wall is remarkable. This is

another indication that the shear strength of concrete walls is not

correctly estimated by existing approaches.

The inherently small out-of-plane stiffness of the rectangular

cross section is further demonstrated by the stability failure of the

second specimen.

(5) Throughout the tests of both specimens, a significant amount of

shear transfer from the tension wall to the compression wall was observed.

Although this transfer was not quantitatively assessed, the compression

wall was estimated to resist 75 percent of the shear at large deformations.

This transfer has extremely significant implications because, for coupled
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shear walls designed for a higher shear to moment ratio, the compression

wall may not tolerate the increased shear demand; faiiling in brittle

shear-compression. A correct assessment of the actucUL shear capacities

of walls under different magnitudes of axial forces ~s therefore

absolutely necessary to determine the permissible shear in isolated and

especially in coupled shear walls. As the shear capacity of a wall

depends not only on the strength of the materials but more significantly

on deformation levels and history, such an assessment should incorporate

expected deformation levels and number of inelastic deformation excursions.

1.2.4.3 Tests of a Six-Story Coupled Wall

Preliminary findings on two tests of a six-stor)' coupled wall

specimen were reported by the P.C.A. [1.4J. The specimen had two

symmetric rectangular walls 4 in. thick, 6 ft 3 in. ~iide and 18 ft tall.

The clear span of the connecting beams was 16.67 in. The specimen was

not modeled after a prototype, but was assumed to represent a 1/3-scale

model of a coupled wall system, with story heights of 3 ft in the model.

The connecting beam dimensions in the first test were 6.67 in. deep

and 4 in. wide. After the first test, these were repaired into larger

sized beams of 8 in. depth and 10 in. width. The overall aspect

(height/width) ratio of the system was 1.33, with coupling beam span

to depth ratios of 2.5 and 2 for the original and repaired beams,

respectively. The strength and stiffness of these bE~ams were considered

to represent two extremes in the coupling strength and stiffness for the

two walls. The design shears for the weaker and stronger beams were

5.8~ and 9.8~ ,respectively. The measured contY'ibutions of coupling

action to the total ultimate base moment were 10 percent and 30 percent

in the two tests. The beams for both of the specimens were provided
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with web reinforcement corresponding to the design shear stress,

based on the computed maximum strength of the beams, without considering

the code capacity reduction factor or the actual strain hardening

of the reinforcing steel.

The walls had confined boundary members, each one having 4 percent

longitudinal reinforcement. Horizontal steel in the walls was sufficient

to resist a calculated ultimate shear force corresponding to a

mechanism consisting of yield at the ends of the coupling beams (but no

strain hardening) and 1.25 times the flexural ultimate strength of the

walls at the base. The specimens were provided at each floor level

with a floor slab stub 2 1/2 in. thick and 7 ft 4 in. wide. Each of

the specimens tested was loaded laterally at the top slab level with

concentrated forces applied equally to both walls. No axial forces

were applied to the specimen.

The loading program for the first specimen consisted of three

load reversals below the yield level of the coupling beams, followed

by three reversals with sufficient intensity to yield all the coupling

beams and both walls at the bases. This loading program was repeated

on the repaired specimen and followed by eight more load reversals,

four of which were of sufficient intensity to induce yielding of the

strengthened beams between the third and sixth floors. The last four

cycles yielded the rema~ning beams and developed the ultimate capacity

of the walls.

Following are some of the main observations and conclusions from

these tests:

(1) The flexible coupling beams in the first test resulted in a

coupling action which provided only 10 percent of the base moment
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capacity. This system behaved in a similar manner to two isolated

walls, loaded side by side, after 25 percent of the ultimate load of

the system was reached. Comparing the stiffness and strength

characteristics of one of the piers of the coupled system to a comparable

isolated wall tested previously [1.6J, the initial stiffness of the

coupled wall is approximately three times the stiffness of the isolated

wall. After cracking and yield in a majority of the coupling beams,

which occurred at 25 percent of the "system" yield load, the stiffness

of the coupled wall is very close to the stiffness of the isolated wall.

The maximum load applied at the top of each of the walls of the coupled

system is approximately 5 percent larger than the ultimate load of the

isolated wall.

The sequence of yield in the coupling beams was top beam, third-,

fourth-, fifth- and second-floor beams, consecutively. These beams

yielded within 30 percent of the system yield load. The first-floor

beam yielded within 10 percent of the system yield load. Three load

cycles at the full yield load of the system resulted in extensive

damage to all the beams. A significant separation between the walls

at the openings is reported, which was an indication of the "growth"

of the coupling beams, accentuating their deterioration. At the end of

this test, the walls exhibited widespread cracking, especially in the

first three stories, with horizontal finely spaced flexural cracks on

the boundary members and inclined cracks on the pane'ls. The maximum

nominal shear stress attained was 4.4~ for the fiY'st test.

(2) The stiffer and stronger beams in the second test resulted in

a coupling of 30 percent at the ultimate load. The overall stiffness

and strength of each of the individual walls of this system were

approximately 30 percent more than the stiffness and strength of a
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comparable isolated wall, according to tests carried out previously on

similar isolated walls. The sequence of yield in the beams was the

fourth-, fifth-, third-, sixth-, second- and first-floor beams. Beam

yield started at approximately 70 percent of the ultimate load and was

concluded just prior to the failure load.

The specimen endured eight full load cycles at the ultimate load,

corresponding to the yield of all the beams but the first-story beam.

During the eighth cycle, web crushing of the compression wall occurred

after yielding of the remaining first-story beam. The compression wall

was subjected to 42 percent of its balanced axial load at the yield of

all the beams. The tension wall exhausted 63 percent of its pure

tensile yield capacity due to the beam shear forces at the yield of all

the beams. The top deflection of the compression wall was 3.8 in. at

web crushing. The comparable isolated wall had a maximum top deflection

of 6 in., while fail ing through sliding shear. The maximum load

applied to the coupled wall system at web crushing correspond to a nominal

shear stress of 6.8~ on each wall, based on 0.8 times the depth of the

wall. The shear transfer from the tension wall should have increased

the shear of the compression wall to a level substantially higher than

6.8~ .

The walls exhibited significant lateral expansion during the test

because of lateral growth caused by the diagonal crack pattern.

(3) The most significant assessment on the results of the two tests

is the adverse results of 1I0ver-couplingll walls under significant shear

stress. Although even the extreme coupling of the test specimen contri

buted to only 30 percent of the base ultimate moment capacity as

compared to 70 percent in the New Zealand tests, this was sufficient to

limit the deformation capacity of the system significantly. Compared
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with the test results on the isolated wall, the deformation capacity

of the coupled system was only 63 percent of the isolated wall. The

strength increase of each wall due to coupling, on the other hand,

was only approximately 30 percent.

It appears that a "reserve" shear capacity is required in the

shear design of the walls of a coupled wall system. This "reserve"

shear capacity should be related to the strength of the coupling beams.

Because of the shear transfer from the tension to the compression

wall, a significant reduction in the deformation capacity may be caused

by premature web crushing in the compression wall. Unless the walls

have sufficient reserve shear capacity for expected t,'ansfers, or

unless the gravity force magnitude is sufficient to overcome the uplift

in the tension wall, strong coupling or even just light coupling may be

detrimental to the seismic behavior of the system. The effects of the

gravity forces (dead and live) were neglected in thesE~ tests. These

effects appear to be extremely significant in influencing shear

strength.

These conclusions increase the significance of the problem of

assessing the actual shear capacity of an isolated wa'11 when subjected

to variable axial forces and to large deformation reversals. Without

conceptual and reliable means of predicting the "true" shear capacity,

a real~stic coupled wall design is difficult unless large overstrength

in shear is supplied.

1.2.4.4 The Earthquake Simulator Tests on Small Coupled Shear Wall Models

Four 1/12-scale, 10-story coupled wall systems [1.5] and six 1/12

scale, 6-story coupled wall systems [1.20] were tested on the earthquake

simulator at the University of Illinois at Urbana-Champaign. One of
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the six-story specimens was tested under static loading [1.20J. In

addition to the analytical objectives of generating data for subsequent

analytical investigations and verifying whether the observed structural

responses justify the applicability of simple analysis and design

schemes, a number of design parameters were studied.

The major design parameter in the first series of tests was the

strength of the coupling beams. The overall aspect ratio of the walls

was 5, while the span to depth ratio of the beams was 2.67. The

specimens were designed with the II substitute structure ll approach where

the elements of the real structural members are modeled as linear

elements with comprehensively computed flexural stiffnesses reduced by

a IIdamage ratio ll equivalent in concept to a IIductility ratio". In

the design, damage ratios of 1 and 2 for the walls and the beams,

respectively, were incorporated. An estimate of the viscous damping

characteristics of the substitute structure was synthesized from the

estimated hysteretic damping characteristics of the individual members.

The resulting structural model, with distorted member stiffnesses and

damping, was analyzed by the modal analysis technique utilizing a design

spectrum for a maximum ground acceleration of 0.5 g. The members of

the test specimen were then designed for the member forces obtained for

the substitute structure.

To study the effects of increased beam strength, the beams of a

test specimen were detailed with twice the reinforcement of the first

three specimens. The four test structures were excited on the earthquake

simulator by a series of compressed ground acceleration records of

increasing damage potential. All the test structures survived the "design"

base motion exceptionally well. Successive earthquakes of spectrum

intensitites of approximately two and three times the design earthquake



58

resulted in extensive damage to the structures. Soml~ of the main

conclusions of the study are as follows:

(1) Significant reduction in the natural frequencies of all test

structures, on the order of 50 percent or more, were observed as soon

as the initial large deformation excursion occurred.

(2) For all test structures the displacement wave forms were

similar to the structure base moment wave form. The displacement wave

forms of different stories had maxima occuring at the same time.

(3) The apparent centroids of the lateral forces on the test

structures corresponding to maximum base moment were located at 0.7 H

or higher, where H is the height of the structure from the base.

(4) The damage in the first three specimens was concentrated at

the ends of the connecting beams, particularly betweE~n levels three and

six, after the tests. Spalling of the concrete on the exterior edges

of the piers were observed. The fourth specimen with twice the flexural

reinforcement in the beams had critical damage at thE~ bases of the walls.

For all test structures the nominal shear stress (total base shear

divided by gross area of both piers) did not exceed 4~ .

In the second series of tests five 6-story coup"led wall specimens

of 1/12-scale were tested on the earthquake simulatol~. An additional

specimen was tested under static loading. The major design parameters

in these tests were the effects of beam strength and stiffness on the

structural response. These specimens had an overall aspect ratio of

3.22 with span to depth ratios of the beams being either 1.67 or 2.5.

The dynamic tests of the specimens were carried out "in a manner similar

to that of the first series of tests on 10-story coupled walls. The

specimen with stiffer and stronger beams (span/depth ratio of 1.67, beam

flexural steel ratio of 2.2 percent) failed by developing the full axial



59

tension capacity of the tension wall and the full flexural capacity

of the compression wall.

The second group of specimens (span/depth ratio of 2.5 and beam

flexural steel ratios of 1 percent) failed by developing hinges at the

ends of all the beams and flexural yielding of the walls.

The third group of specimens was similar to the second group except

that these specimens contained one-half the flexural reinforcement in

the beams. Failure mechani sms were simi 1ar to the second group of

specimens. Some of the conclusions of this study are as follows:

(1) The measured initial stiffnesses of the test structures were

slightly less than the stiffnesses computed comprehensively by

assuming cracked beams and cracked lower walls. The frequencies measured

at the beginning of a test decreased to roughly one-half of these values

at the end of a test.

(2) The maximum top level deflection observed during the test runs

with a maximum base acceleration of 1 g was from 2.7 to 4.6 times the

deflection calculated using a response spectrum and modal analysis

and a completely uncracked structure.

(3) The relative contributions of higher modes to the base shear

and moment increased with decrease in strength and stiffness of the

connecting beams.

(4) The hysteretic relations for the connecting beams had a major

effect on the overall hysteretic relation for the structure.
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1.2.5 Analytical Research on RIC Coupled Structural Walls

A large number of investigations were carried out for linear

analysis of coupled wall systems. The relevant studies in this context

are noted by Park and Paulay [1.26]. A systematic effort to model and

analyze these systems in the inelastic range was observed during recent

years, which will be briefly reviewed in this section.

Santhakumar [1.32] has listed previous efforts on the analysis

of reinforced concrete coupled wall systems and proposed a finite

difference formulation for the elasto-plastic analysis of these

systems, as part of his dissertation in Canterbury, New Zealand.

Mahin and Bertero Il.22J developed a computer code and analyzed

a number of structures subjected to earthquake excitation. Using

an equivalent plane frame idealization, they carriE~d out nonlinear

time history analyses of the Banco De America building in Managua

and formulated a number of conclusions regarding the nonlinear re

sponse of its coupled wall system. One of the main conclusions

regarded the influence of the coupling girders on the seismic

response of the system; the time-histories of internal forces of

most of these girders were observed to reflect a strong second mode

response, which increased the number of shear reversals and yield

excursions.

Takayanagi [1.37] at Urbana, studied the dynamic responses of two

small scale ten-story coupled walls, which were tested on the shaking

table [1.5J previously. The analytically generated data could,

therefore, be checked by the experimental results. This enabled an

assessment of the analytical modelling. Walls and the coupling beams

were represented by one-dimensional line elements. Flexural beam

elements were assumed to develop concentrated inelastic hinges at their
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ends while the column (wall) elements were divided into a number of

"subelements" in order to simulate the propagation of inelasticity for

these members. Flexural, shear and axial nonlinearities, axial-flexural

and flexural-shear interactions were also incorporated for the wall mem

bers. This permitted the study of the effects of these nonlinearities

and interactions on the stiffness redistribution of moments and forces

in the coupled walls. Different hysteresis characteristics were assumed

for each action. A number of conclusions regarding the effects of these

nonlinearities and interactions on the static and dynamic responses of

coupled walls were reached as a result of monotonic quasi-static and

dynamic analyses which were carried out.

The static analysis led to the following conclusions:
(1) The incorporation of inelastic axial defonnati'ons (stiffness)

resulted in an approximately 15 percent reduction in the computed lateral

stiffness. The same stiffness reduction was also simulated when a 60 per-

cent reduction in the linear axial stiffness was considered in the analysis.
(2) The base shear redistribution was observed to start with cracking

of the tension wall. The tension wall contributed to only 28 percent of

the total base shear until yielding of the walls commenced. After yield

ing of both walls, the proportion of the shear in the tension wall was

observed to increase again.
(3) The contribution of coupling action to the base moment resis.,.

tance was observed to reduce from 71 percent to 55 percent as walls

and beams cracked, beams yielded, and wall yielding was initiated.
The effects of hysteretic pinching and strength decay of the con-

necting beams on the dynamic response of the system were among the

investigated variables. It was observed that these effects caused

approximately 25 percent larger displacements and 10 percent lower

wa 11 shears.

No effect of these variables was observed on maximum moments.
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A general nonlinear time-history analysis code, DRAIN-2D developed

by Kanaan and Powell* at Berkeley, was adapted by a number of researchers

to analyze frame-wall systems. Takayanagi, whO! continued his efforts at

the p.e.A. [1.38J, implemented a beam element in DRAIN-2D which had in

elastic shear and flexural springs at each end, side by side. The effects

of the change in axial force on the stiffness Cif these springs, however,

were not incorporated. Analysis of a 20-story wall-frame system did not

indicate a significant contribution of the shea.r-yield mechanism in the

form that it was implemented in the analytical model.

Saatcioglu et al.. [l.31J, at the P. C.A., de!veloped a degrading stiffness

column element and implemented this in DRAIN-2[) to represent the wall

elements in modelling the coupled walls. Effec:ts of a varying axial

force on flexural yield level and post-yield stiffness were incorporated.

Additional springs at the member ends represented shear yielding and

decay, in addition to flexural inelasticity.

The incorporation of the effects of change!s in axial force on

flexural stiffness were observed to have significant effects in the

seismic forces of the walls. In the case of strong coupling elements,

the shear force in the compression wall was observed to increase as much

as 50 percent when this effect was considered.

In a continuing study at M.I.T. on the seismic response of large

panel precast concrete buildings [1.8J, the prclgram DRAIN-2D was used

to carry out parametric studies of precast walls coupled by connectors.

Some of this study's findings may be considered as applicable to the

response of monolithicaly constructed reinforced concrete coupled

shear walls. The walls were assumed to remain linear in this study

while the connectors were modelled as nonl inear' elements. Two

* See Ref. [2.6J in List of References, Chapter 2.
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dimensionless parameters were devised to represent the topology of

coupled wall systems. These parameters represented the overall geometry

of the system and the ratio of coupling to wall stiffness.

After a parametric study including these geometric parameters, the

strength of the coupling elements, earthquake motions and assumptions

on hysteresis, a number of conclusions were reached regarding optimum

connector stiffness and strength vs wall stiffness and strength.

The following conclusions are considered pertinent to the

reported study.

The selection of the coupling stiffness at the threshold of the

insensitive range - (i.e., - when any further increase in the coupling

stiffness would not result in a proportional increase in the overall

system stiffness), was suggested as the best choice for both service

abil ity and ultimate state responses.

The most important parameter governing the effectiveness of

hysteretic damping for the coupled systems that were studied was

observed to be the relative coupling strength. The optimum coupling

strength leading to the best energy dissipation characteristics was

evaluated to be a function of the stiffness characteristics of the

wall configuration. Inelasticity of the coupling medium was observed

~to reduce 1inear base force demands in the order of 50% during response to

an artificial ground motion, which was compatible with the design

spectra of ATC-3 [1.40].

Work on precast walls with ductile connection schemes for earthquake

resistance is continuing at M.I.T.
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1.3 Research Needs in the Design of ~Jall-Fra.m.e~Structures

A study of previous analytical and experimental research on medium...

height to tall wall-frame and coupled wall-frame systems indicate a

number of areas which require further investigation foY' a thorough under

standing of the behavior and development of better guidelines for cor

ceptual design of these systems. Some of these problem areas are

relevant for both wall and coupled wall-frame structures while others

are specifically related to coupled wall-frame structur'es. A brief dis

cussion of these problem areas on wall-frame systems, considering both

the state of the art and the state of the practi ce as l"epresented by

present seismic code regulations [1.40, 1.42],follows.

1.3.1 Topological Distinctions

At present, there is no existing guideline to distinguish between

isolated walls in parallel, coupled walls, and isolated walls that are

perforated. It has been observed that the response of different types of

wall systems was significantly affected by the topological characteristics

of the system.

An illustration is given in Fig. 1.1 where the prototypes are

compared of coupled wall structures studied experimentally by several

institutions. The significant differences in researchers' conceptions

of a IImedium-height to tall-coupled structural wall ll are observed. The

extreme differences in the topologies of these systems naturally result

in different conclusions and design guidelines. Ther'e is a need to

establish topological guidelines to define and to distinguish between

isolated walls, coupled walls, and perforated walls. Depending on the

designers' choice of these systems, different design guidelines should

be followed. As an example, a well-confined interior' edge member may
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not be required in the case of a perforated wall, however, such a wall

would require a different reinforcement detailing around the openings

as compared to coupled walls. Another example would be design

guidelines on the strength of the coupling members. To require the

same contribution from the coupling action in the design of both

coupled wall and perforated wall systems may lead to undesirable

response characteristics for the coupled wall systems.

The state of the practice as reflected by current regulations

[1.40, 1.42], contains no reference to coupled or perforated wall systems.

Research is required, and the findings should be incorporated in codes,

on assessing topological indexes which can distinguish between the

different behavior patterns of isolated, coupled and perforated wa11

frame systems. At present, codes impose height limitations for

structural systems incorporating walls. Regardless of the type of

wall considered -- isolated or coupled -- any building higher than

160 ft in Seismic Zone 4 is required by UBC [1.41, 1.42] to incorporate

a frame capable of resisting at least 25 percent of the total lateral

force for the building. Although more favorable to wall systems,

ATC-3 [1.40] imposes similar height limitations for structural systems

incorporating walls. Such height limitations should distinguish

between the different types of structural walls-isolated or coupled,

because of the significant differences in observed response character

istics.

1.3.2 Intensity of Earthquake Force

The intensity of the earthquake force is based on the structural

system and building period (in addition to other factors), according to

both the UBC [1.42] and ATC-3 [1.40] provisions. Both codes permit the

computation of building period by an empirical expression based on
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the height and base dimension of the structure only, i.e., the

mechanical characteristics of the structural system is not incorporated

expl icitly in the computation of the period. Tlhe other major variable

affecting the intensity of the seismic force is the structural system.

While UBC [1.41, 1.42] prescribes a higher forcle coefficient for systems

incorporating walls, ATC-3 [l.40] prescribes a !higher force coefficient

for the comparable frame system. In assessing learthquake force, neither

distinguishes between the different types of wall systems. An evaluation

of existing experimental data does not justify: (l)higher seismic force than

frame wall systems; and (2)same seismic force for all types of wall systems.

1.3.3 Distribution of Earthquake Force along the Height of the Building

Code regulations [1.40, 1.41, 1.42] do not incorporate the

different deformation characteristics of tbe wall-frame, coupled wall

frame, wall or frame systems in the distribution of force along the

height of the building. Provisions regarding the distribution are

different for UBC [1.41, 1.42] and ATC-3 [1.40] and both base the

force distribution on the mass distribution onl,y, disregarding the

stiffness distrtbution over the height of the structure. This is

equivalent to neglecting any wal1--frame or wall-to-wall interactions

in establishing the distribution of the lateral force. The actual

distribution of lateral force may not be very important in the design

of ductile moment resisting space frames since the shear capacity of

the members of these frames are based on the actual ultimate plastic

moment capacities at both ends of the members. This distribution, on

the other hand, is relevant when the design of any type of wall system

is considered, as the design moment to shear ratio at the base of the

walls is based on this distribution. Any error in the distribution
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may result in an underdesign in shear with respect to the flexural

strength, leading to the possibility of early shear failure (diagonal

shear failure or web crushing and sliding shear) before sufficient in

elastic dissipation of energy by flexural yielding may take place.

1.3.4 Design Internal Forces of the Wall Systems

The design internal forces of the wall systems are established

through linear (nominal) analysis with respect to the following pro

visions according to USC [1.41, 1.42]: (l) Frames and walls shall

resist the total force in accordance with their relative rigidities

considering interaction, (2) Shear walls, acting independently of the

frame, shall resist the total required lateral force, (3) The frame

shall resist at least 25 percent of the total required lateral force.

The ATC-3 [1.40] provisions include conditions (1) and (3) only.

Consequently, the design shear, flexure and axial force for the wall

system is obtained by analysis using a force distribution which, as

discussed in 1.3.3, is not representative of the actual stiffness charac

teristics of the structure. Furthermore, the design forces computed with

respect to condition (2) of USC [1.41, 1.42] which usually control the

design of the walls, do not incorporate interaction at all.

To reduce the possibility of early shear failure of walls, USC provi

sions incorporate higher force and strength reduction factors for design

against shear as compared to the design for axial-flexural behavior. ATC-3,

however, incorporates the same force factor, while using a higher capacity

reduction factor, in shear design as compared to the axial-flexural

design. There is no guarantee, however that wall systems designed

with either of these provisions (USC, ATC-3) will not suffer shear

failure before sufficient energy dissipation is realized through
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inelastic distortion. The maximum shear and maximum axial force

flexure might occur at different times at the base of a wall system

during earthquake excitation. For "impulsive" types of excitation,

however, the times of occurrence of the maximum internal forces may be

very close. Exhaustive research is urgently required to assess the

possible values of maximum shear force associated with a certain

design axial-flexural strength at the base of a wall system. Still

another complication, in the conceptual design of wall systems, is

the actual shear strength of a wall, as discussed subsequently.

1.3.5 Shear Design of the Wall Systems

The code [1.40, 1.41, 1.42] provisions regarding the shear

design of walls do not incorporate the recent advancles in the state

of the art concerning information on the behavior and failure

mechanisms of slender walls with effectively confined edge members.

Code provisions are based on behavior of monotonically loaded beams.

Conceptually shear design should incorporate the different shear

resistance mechanisms, particularly the contribution of the edge

members t in function of the expected maximum deformation levels and

the level of axial force in accordance with the observed significance

of these variables in the actual shear capacity of the walls. The present

code approach of limiting the maximum shear strength in order to

eliminate shear failure does not safeguard against slhear failure, as

the type of shear failure observed in tests of walls with confined

edge members was found to be the "web crushing" type of failure. Web

crushing was observed to depend upon the intensity; lleve1 of moment

and shear and axial force, and their interaction; concrete strength;

arrangement and spacing of web steel; number of load reversals; and

the maximum level of deformation. Consequently, simpJy
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limiting shear stress without incorporating the other variables

cannot effectively safeguard against shear failure. Further research

on the phenomenon of web crushing and subsequent incorporation in the

code provisions on shear design of the research findings, is urgently

required.

1.3.6 Problem Areas of Coupled Wall-Frame Systems

1.3.6.1 Analysis

The analysis of RIC coupled wall-frame systems is the topic of

many published papers. Most of these papers have dealt with the

linear analysis of these systems. The basic problem in such analysis

is the mathematical modelling of the wall and connecting beam components.

Laminar analysis, frame analysis, and finite element analysis, as well

as e1asto-plastic limit analysis techniques, have been proposed [1.32].

The main difference between a frame or an isolated wall-frame

structure and a coupled wall-frame structure is the particularly high

level of axial force in the coupled walls at the ultimate limit state.

Especially because of present recommendations and code regulations Il.40,

1.41, 1.42], when high coupling girder stiffnesses are selected, the result

ing flexural demands are also high as a consequence of linear analysis re

quired by the code. The design, therefore, results in large flexural

capacities for the girders. These girders develop large shear forces

which contribute to significant tension and compression at the base.

At the ultimate limit state, the axial forces in the walls may be

so large that the stiffness of the tension wall may be a small fraction

·of the stiffness of the compression wall. Consequently, the shear and

flexure in the compression wall would be many times higher. This

pattern of behavior may not be detected if linear analysis only is
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carried out. A check of the ultimate limit state behavior by carrying

out limit analysis should be implemented in the code for coupled wall

structures. Overloading the compression wall should be avoided for

desirable ultimate limit state behavior. As modern l~arthquake

resistant design philosophy demands that: (1) stiffnl~ss; (2) strength;

(3) stability; and (4) energy dissipation be distinct considerations

in design, choosing high stiffnesses for coupling gil!'ders should not

automatically result in large flexural strength for these girders.

The state of the art enjoins that research be conducted for a

realistic simulation of the nonlinear earthquake response of coupled

wall~frame structures. Areas requiring substantial research are: rep

resentation of the predominantly shear type of distortion of the inelastic

wall components; the changes in flexural, shear, and axial stiffnesses due

to fluctuating axial force; migration of the neutral axes of the wall com

ponents and the consequential effects of this on coupling girder demands;

the spread of inelasticity, decay of hysteresis due to the effects of

degradi ng bond and shear in the coup1i ng gi rder and walls, and the effe.:ts

of flexibility of the foundation. The problem of the three-dimensional

coupled wall-frame interaction is especially accentuated because of the need

for unusually significant force redistribution during inelastic response. A

conceptual and tested mathematical model that would be capable ofsimulat

ing such force redistributions between members is ur'gently required.

1.3.6.2 Proportioning

Research is urgently required to establish guidelines for initial

proportioning and final design of the coupled wall systems. Both the

states of the art and of practice (code) are quite advanced in the

proportioning of frames and slab systems with established guidelines.
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In the case of the coupled wall-frame systems, however, assessment of

the optimum stiffness and strength of the coupling members with respect

to the wall members remain as an unresolved problem. It was mentioned,

previously, that the choice of coupling girder and wall dimensions may

lead to isolated walls (along the same plane) a perforated wall or coupled

walls. The behavior of each of these systems is different, hence, the

final design considerations must also be different.

The present trend in establishing coupling girder stiffness is to

base this stiffness on the overall stiffness of the coupled wall. It

has been observed that there exists a threshold for coupling stiffness

after which the overall stiffness of the coupled wall system does not

increase considerably [1.8]. It appears suitable to choose such a

coupling girder stiffness for high overall stiffness as an initial design

iteration. However, when the strength of the coupling girders and the

variation in this strength over the height of the structure are

considered, it can be seen that research is needed to establish guidelines

regarding these problems. These guidelines will have to be based on the

topology of the structure, as discussed earlier. In general, the

coupling girder strengths for a coupled wall system should be determined

based on the maximum desirable compression and on the

maximum tolerable resulting tension that can be developed in the walls

at the ultimate limit state. It appears advisable to avoid any net

tension force so that the compression wall may not be burdened by

excessive shear and flexural transfer from the tension wall. It is

also desirable that the walls not be under excessive compression so that

part of the unconfined concrete of the wall panel is not crushed, par

ticularly under the axial-flexural action on the wall. The state of

the practice (code) is especially critical concerning the design of
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coupled wall systems. The significant differences be!tween the demands

in the coupling beams and those in the regular frame beams should be

recognized and incorporated in the code.

1.4 Objectives and Scope of Research

The objectives and scope of research on tall reinforced concrf',C

coupled structural wall-frame structures at U.C. Berkeley proceeds

from the assessment of the states of the art and practice (code) on

the design of these structures as reported in Section 1.3. Since 1975

integrated analytical and experimental research on this subject has

been in progress -- objectives of this analytical research are

summarized as follows:

1.4.1 Design of Experiment

The foremost objective of these analytical studiies has been to

generate data to plan and conduct experimental reseat'ch on the mechanical

behavior, with particular emphasis on the hysteretic behavior, of coupled

wall systems. Selection and design of prototype structures, design of

the test facility, selection of the basicexperimentCll parameters,

design of the instrumentation and data acquisition systems were all

carried out based on analytically generated data. Establishment of the

major experimental parameters to be investigated and of loading histories

is based on analytical research carried out under this context.

1.4.2 Magnitude and Dlstribution of Seismic Forces

The analytical phase of research also aims to gl~nerate information

on realistic seismic force magnitudes and distributions during the

earthquake response of frame-coupled wall structures. The basic variables

affecting distribution, structural topology; main response or limit
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states (serviceability, damageability and collapse); and the ground

acceleration record will be considered.

1.4.3 Development of Models

An objective of the analytical studies is to seek improvements

to the present modelling techniques in conjunction with available

computer codes.

1.4.4 Conceptual Design

In view of the states of the art and code on the design of

coupled wall systems, a major and ultimate objective of the analytical

studies, in conjunction with the findings of the experimental studies,

is to develop a conceptual design process for the medium-height to tall

frame-wall structures. This process is expected to involve provisions on

system and structural layout selection; initial proportioning of components;

magnitude and distribution of lateral force, analysis, flexural-axial, and

shear design; and detailing of the components and their joints and supports.

Some of these stated objectives have been already achieved and are

incorporated in this interim report. Detailed results of continuing

experimental work will be in successive reports and subsequent progress

will be included in the final report. A listing of the experimental

objectives of the research follows.

1.4.5 Shear Resi stance Mechani sms

One experimental objective is related to obtaining better identi

fication and quantitative information on the shear resisting mechanisms

of barbell shaped walls with effectively confined edge columns.

A test frame which is suitable to test replicas of the edge members

of the coupled wall specimens has been designed and built. Edge column
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segments wi 11 be loaded wi th representati ve axi a1 for'ce and 1atera1

shear histories to obtain information on the actual shear, and shear

fl exura1 capaci ty of these members in functi on of the'j r axi a1 forces.

Another study area in this context is the web cl~ushing phenomenon.

This phenomenon will be studied during the tests of the coupled wall

subassemblages by extensive internal and external instrumentation

of the critical regions of the wall panels. The expl~rimental findings

from both the edge member and panel shear capacity studies will be

assessed and complemented by analytical studies.

1.4.6 Proportioning

The effects of different coupling stiffness and strength as

related to the wall stiffness and strength will be studied. The

consequence of different detailing patterns for coupling members is

planned as a variable in the experimental investigation.

1.4.7 Redistribution

Shear and moment redistribution will be assessed quantitatively

during model testing by means of special force transducers in the

coupling elements. The effects of coupling on the amount of

redistribution will be studied.

1.4.8 Foundation Flexibility

The effects of foundation flexibil ity on the overall response

of the coupled wall systems is another experimental objective to be

complemented by analytical studies.
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2. PRELIMINARY WORK FOR EXPERIMENTAL RESEARCH

2.1 General

To achieve the experimental phase of the research on seismic behavior

of RIC coupled structural walls, the preliminary work presented in this

chapter was undertaken. This work was initiated in 1975 and will be

briefly summarized here. An intermediate in-house report on this work

was produced by Li [2.7].

The main objectives of the preliminary studies were to investigate

possible quasi-static testing schemes for RIC coupled structural wall

specimens, to select the scheme most feasible in view of a large number of

considerations and constraints, and to design the appropriate test facility.

These investigations were carried out by incorporating a number of possible

prototype structures.

Since generally it is the medium-tall to tall structures (6-7 floors

and up) that are commonly designed with structural walls, and since the

story height for such structures varies between 9- and 12 ft, testing of

a large scale (min. 1/3) complete structural system was not possible with

existing facilities. Because a prime constraint was to maintain a

SUfficiently large scale to reproduce important detailing and use of

deformed bars, it was decided to test a subassemblage of the lower stories

of a number of selected prototype structures.

The careful assessment of possible force and geometric conditions

which the missing sections of the structure would impose during response,

and the representation of these eliminated parts, prove to be the main

difficulties in testing such a subassemblage. However, carefully planned

subassemblage testing, successful in earlier studies [2.5, 2.18, 2.19]

makes large scale model study economically feasible.
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Previous analytical and experimental studies on coupled structural

wall systems (Chapter 1), indicate that inelastic defolrmations (critical

regions), are generally confined to the ends of the c01IJpl ing beams and

the bases of the walls. One criterion in the selection of a sUbassemblage

for test purposes, is to include the critica"1 regions of the structural

system (or sub-system), as in the case of the coupled 'rlall system

isolated from the total structure in the test subassemblage. Another

significant criterion is the scale, in conjunction with the dimensions of

the prototype system, which determines the d'imensions of any subassemblage

and its compatibil ity with available test space. A sc;ale of one-third

was determined to be the appropriate scale where reguliar deformed rein

forcing bars were used as the main reinforcement in the model. This

scale also permitted the use of a realistic gradation 'of concrete.

A 4-story, 3-bay coupled wall subassemblage was determined to be

the typical model, in accordance with: a sca'le of one-third, available

test space, and dimensions of prototype coupled wall s.ystems which had

been studied. Such a subassemblage does not include all the regions of

inelasticity which occur at the ends of all the coupling beams of the

structure. However, the first four beams provide a sufficient number of

beam specimens for a study of beam behavior and its effects on the overall

behavior of the structure. Previous analytical and experimental studies

[2.2, 2.14J have indicated that, in general, beams at the second and upper

floors develop plastic hinges almost simultaneously and are subjected to

similar demands. The second-, third- and fourth-floor beams of the

subassemblage, therefore, provide a sufficient number of beam specimens

with behaviors representative of the expected behavior of upper floor

beams not included in the subassemblage.
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Testing a subassemb1age is equivalent in concept to studying a free

body of a structure. Similar to the IIfree body" problems in statics~ the

force and geometric boundary conditions~ as well as the loading conditions

of the subassemblage, should be reproduced in order to be faithful to the

complete structure, i.e., the prototype. It is, therefore, implied that

the model subassemblage will be after a prototype structure.

Although examples in model testing without any established prototype

structure are common [2.2, 2.10], relating the model to a specific

prototype may be required if, (1) A sUbassemblage is being tested, (2)

Consequences of certain design provisions (detailing problems incorporating

bond, anchorage, splicing, etc.), are sought. Such provisions may not be

directly applied to the design of a model without interpretation on the

design of a prototype. In addition to the above, if analytical time

history analyses of the model are to be carried out, it is usually more

credible to study the prototype and interpret the results on the model.

If the model is subjected to earthquake effects, analytically, the length

scale of the model should be incorporated in a time scale adjustment of the

recorded ground motion. The consequences of this adjustment on the

nonl inear response of a RIC model are not exp1 icit. On the other hand,

analytical response time-history studies of the model without the time

scale adjustment of recorded ground motion may have credibility problems.

A number of possible prototype structures were investigated for the

initial test specimen and for the test facility design. A 15-story

office building was selected for a complete prototype study -- details

are presented in the next section.
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2.2 The Prototype Structure

2.2. 1 General

The 15-story prototype selected for the first test series will have

a IIdua1" structural system, with two symmetric coupled walls and eight

frames along the N-S direction, and four frames (two Clf them incorporating

walls), along the E-W direction. The typical floor plan and elevation

are shown in Fig. 2.1.

According to the Uniform Building Codes [2.16, 2.17J, buildings

more than 160 feet in height are required to have ductile moment

resisting space frames capable of resisting not less than 25 percent of

the required seismic forces for the structure as a wholle. To use a

horizontal force factor IIKI
I of 110.811 in establ ishing the earthquake loading

of this structure (along the N-S direction), the ductile moment resisting

space frame and shear walls· should be designed with the following criteria

(Table No. 23-I, UBC [2.16, 2.17J):

(l) The frames and shear walls shall resist the total lateral

force in accordance with their relative rigidities considering the inter

action of the shear walls and frames.

(2) The shear walls, acting independently of the' ductile moment

resisting space frame, shall resist the total required lateral forces.

(3) The ductile moment resisting space frame shall have the capacity

to resist not less than 25 percent of the required lateral force.

Different structural systems in zones of lesser seismic risk are

accepted by the UBC if higher horizontal force coefficients are used.

However, in Zone 3 (UBC-73) or Zone 4 (UBC-79), a structural system

incorporating walls over 160 ft in height ca~ only be designed in

accordance with the criteria prescribed in conjunction with the horizontal

force factor of 0.80.
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A preliminary design of the floor system with respect to

serviceability requirements of the UBC-73 resulted in a 6 in. slab thick

ness and 24 by 15 in. beams in both directions. The frame columns and

wall edge members were proportioned initially against the gravity and

code lateral loading. The two identical coupled wall systems along the

N-S direction are the subjects of this study. There are no established

guidelines to proportion and the walls and the coupling beams.

The wall thickness is an important parameter contributing to the

shear strength as well as the deformation capacity of a wall. Tests on

isolated walls have indicated that web crushing was the basic mechanism

through which walls with confined edge members reached their deformation

capacities [2.10]. Thickness of the wall, therefore, is a design variable

requiring careful assessment. The thickness of 12 in. was based on the mini

mum thickness requirements of USC [2.16, 2.17] for stability purposes.

This thickness resulted in a shear stress of 5.6 ~ under factored

earthquake base shear prescribed by UBC-73 [2.16].

Proportioning the coupling beams is a task of significant considera

tion. Elastic analysis in conjunction with code prescribed lateral

loading is generally used to design the coupling beams. Consequently,

the stiffer these beams, the larger the computed flexural demands,

which results in a flexura11y strong beam design. Thus, proportioning

the coupling beams for increased stiffness also produces increased

flexural strength, which could lead to undesirable behavior of the walls.

There are different approaches to the initial proportioning of the

coupling beams. One approach concentrates on the "stiffness" aspect of

the design and relates the coupling beam dimensions to the overall

stiffness of the coupled wall system [2.3]. This overall stiffness may
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be expressed as a percentage of the stiffness of a hypothetical "solid"

wall where the openings are assumed not to exist. In this manner, the

dimensions of the coupling girders may be related to the stiffness of

the coupled wall system expressed as a percentage of the stiffness of

a hypothetical solid wall. The pertinent computations are shown in

Appendix 2.1 and the results are illustrated in Fig. 2.2~ indicating

that it is possible to attain 79 percent of a solid wa:ll stiffness with

coupling beam dimensions of 24 x 48 in.. Any increasE! in the coupling

beam dimensions does not result in a substantial increase in the

coupled wall stiffness.

A second consideration in choosing coupling girdE:r sizes should be

its aId ratio. The smaller the aId ratio the more difficult it becomes

to maintain desirable hysteretic characteristics by co,nventional rein

forcement detailing. The aId ratio corresponding to the 24 x 48 in.

section dimensions is 1.87. If the section were chosen as 30 by 52 in.,

to yield 84 percent of the corresponding solid wall stiffness, the aId

ratto would be 1. 70.

For the coupling girders of the prototype, section dimensions of

24 x 48 in. were thus selected. The resulting percentage of the stiff-

ness of a corresponding solid wall, 79 percent, is in fact an unrealistic

figure because it is based on linear (uncracked) behavior. Experimental

studies [2.14] have shown that the actual effective stiffness of a coupled

wall is considerably less than the stiffness computed by assuming uncracked

gross section dimensions. The 79 percent figure is only a relative quantity

for comparin~ the effects of various girder dimensions.

Although it is not required by any existing code provision, the

preliminary proportioning of the wall and coupling girders should also
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be checked for the expected ultimate limit state behavior before con

cluding the design. Since the coupling beams are proportioned for

stiffness and then designed for flexural demands based on nominal (linear)

analysis. the large flexural capacities incorporated in these beams lead

to large shear forces. These shear forces accumulate and constitute the

coupling axial forces at the base of the walls. The coupling forces are

maximum when all beams yield and reach ultimate capacities at both ends.

The maximum tension and compression that can be developed at the base of

the walls should be checked on the failure envelope of the wall cross

sections (axial load-bending moment interaction diagram for limit state).

If the tension is sufficient to cause a substantial reduction in the

(shear and flexural) stiffness of the tension wall. this is an indication

that significant shear and moment redistributions from this wall to the

compression wall may be required. Furthermore, the development of tensile

cracks in the wall may lead to significant reduction in shear resistance

of the wall.

If the compression axial force ~ue to coupling and gravity force~ in

the compression wall is close to the balanced load level for this wall. the

compression wall ~ay not have the required deformational capacity, i~ .• the

overall required ductility. If such assessments lead to an unfavorable

appraisal of the wall behavior at the ultimate limit state, the detailing

of reinforcement of the coupling girders (amount of reinforcement and grade

of reinforcemen~. and in some cases, the selected girder dimensions. should

be revised.

Another problem in proportioning the coupling girders with stiffness

considerations only, is the restricted available curvature capacity of a

stiff section (with respect to a smaller section with similar reinforcement

oercentage). As the coupling girders are subjected to rotation demands far

exceeding a frame girder with similar dimensions. the available rotation

(or curvature) capacity ,of the girder, which is proportioned for stiff

ness and designed for demands based on linear analysis, may not be
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sufficient for the expected deformation levels of the structure at

the ultimate limit state. This may lead to rupture of the reinforcing

bars of the girders before the walls attain their cap,acity at the base.

The optimum balance between stiffness, strength ,and deformational

capacities of the coupling beams is an important parameter affectinq

the behavior of couoled walls and will be studied.

2.2.2 Design of the Prototype

After an initial proportioning of the coupled wa'll system including

beam dimensions, the prototype was designed according to both the 1973 and

1979-UBC provisions. There are significant differences in these provisions

in the computation of base shear, the distribution of lateral forces and

the shear design force factor. Details of the computations are given in

Appendix 2.2. The resulting design base shears are 7;74 kips for the 1973

UBC provisions and 999 kips for the 1979-UBC provisions. Distribution

according to the lateral forces of both these code provisions is

given in Table 2.1.

The coupled wall system was analyzed under the code prescribed

lateral loadings using the linear analysis program, TJ\BS [2.20]. Results

of these analyses are given in Table 2.2 and 2.3. The coupling girders

were designed in three groups or as indicated in this table. Design

computations for the walls and the girders are given in Appendix 2.2, and

the resulting member details are shown in Figs. 2.3 - 2.7. The nominal

strength of the materials was 4000 psi for concrete and 60 ksi for steel.

An important aspect in design is the detailing of the edge members

of the walls. Linear analysis in conjunction with codle prescribed

loadings result in considerably smaller demands for the interior edge

columns than for the exterior edge columns. As the coupling beams are
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subjected to inelastic rotation reversals and start losing their flexural

capacity (decay), the interior edge columns are computed to pick up increasing

forces. In tne limit state, when the beams lose all flexural capacity at both

ends, the interior edge columns have been observed to have demands identical

to the exterior edge columns. Furthermore, once the wall panel starts to fail,

the existing interior edge members become even more important in avoiding

brittle failure. In view of the importance of well-confined strong edge

columns on the ult~mate limit state behavior of the walls, it was decided to

detail interior edge columns similar to the exterior edge columns. The pre

mature interior edge column failure observed in New Zealand tests [2.14] is

another factor in favor of similar detailing of interior and exterior edge

columns of the coupled walls. Whether the interior columns do need similar

detailing as the exterior columns is one of the parameters which will be

investigated further.

An important consideration in design is the detailing of the

coupling beams. Three types of connecting beams were designed for both

1973 and 1979-UBC provisions, as shown in Table 2.3. More than one

alternative is presented for the detailing of each type of beam. In some

of these alternatives, #12 bars are used for main reinforcement. Although

a #12 bar is not manufactured, this will correspond to a #4 bar in a 1/3

scale model which is available. This was the reason for using #12 bars.

Note that in the detailing of the web reinforcement it was intended

to provide, if possible, a lateral restraint to each longitudinal bar.

This resulted in the need to provide considerably more lateral reinforce

ment than required by the shear demand. Restraining each one of the

individual flexural bars at each tie application is not a code requirement.

If the same number of flexural bars at top and bottom is used, the

detai 1ing of the web rei nforcement is faci 1i tated.

Anchorage of beam bars is a prime concern in the design. Although
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detai 1s for this anchorage were not prepared for the prototype, they

were drafted for the 1/3-sca1e model, as presented and explained in

Section 2.3. The best anchorage for these bars can be! maintained by

continuing the bar into the wall, rather than bending them in the edae

members of the wall. As the wall thickness is generally less than the

beam thickness, it is not possible to continue all the! beam bars unless

the wall is thickened at the beam level.

Such detailing has been common in Japanese practice and is claimed

to have significant advantages, not only for the anchorage of the beam

bars, but also to redistribute stress in the wall pane!l and possibly

to help delay web crushing. For this reason, a test with such detailing

is also contemplated as a part of the planned experimemta1 program.

During the design of the prototype, the main differences in the 1973

and 1979-UBC provisions regarding the design of structures incorporating

shear walls were observed to be in: (l) magnitude of the IIEII load, (2)

the distribution of the liE" load, and {3} the force factor in computing

the design shear force of the walls.

The total base shear, moment to shear ratio of pr-escribed IIE II

loading at the base and the design shear force of one coupled wall ,were

respectively: 774 kips, 68% of height, 1275 kips accor>ding to the 1973-UBC

provisions; and, 999 kips, 71% of height, 1179 kips according to the

1979-UBC provisions. Consequently, the flexural reinforcement of the

average coupling girder is 28 percent larger and the main flexural

reinforcement of the walls is 50 percent larger in the 1979-UBC designed

system than in the 1973-UBC designed system. Furthermore, the wall shear

reinforcement in the 1979-UBC designed system is 17 percent less than in

the 1973-UBC designed system.
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The differences between the relevant provisions of the 1973'and 1979

UBCs are extremely significant, as indicated by the corresponding

differences in outcomes. The increase in the flexural steel of the walls

and the beams are especially consequential in the ultimate limit state

response of the walls.

Assuming that the desirable ultimate limit state mechanism (where

plastic hinges form at the ends of all the beams and the bases of the

walls) is realized for both 1973-UBC and 1979-UBC designed systems, the

shear accompanying this mechanism is computed to be 30 percent larger

in the 1979-UBC designed system. Since the deformation capacity of the

walls is limited by the crushing of the panel, which in turn is

affected by the amount of shear stress, the 1979-UBC designed wall should

be expected to have less deformation capacity than the 1973-UBC designed

wall. Furthermore, the wall axial forces in the 1979-UBC designed wall

will be 1arger due to the increased fl exura1 rei nforcement of the beams.

This ;-s another factor that will constrain the deformation capacity of the

1979-UBC designed wall as compared to the 1973-UBC designed wall.

The desirable ultimate limit state mechanism may not be realized at

all. In certain cases, the tension wall may fail through tension, with

insignificant plastic moment capacity, depending on the level of axial

force that may be developed due to the coupling action. The deformation

capacity of such a wall would be much less. Another factor which could

impair the ultimate limit state deformation of a coupled wall system, is

premature failure or severe degradation in the connecting beams before

the walls reach ultimate capacity. A critical assessment of the 1973-UBC

and the 1979-UBC provisions regarding the analysis and design of reinforced

concrete systems incorporating coupled walls indicates that: (1) there are
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significant shortcomings in both of these codes, (2) 1973-UBC provisions

result in a coupled wall with a larger deformation capacity than the

1979-UBC provisions. The latter, however, results in a wall which has

approximately 30 percent more flexural capacity.

A number of questionable specifications related to the USC

provi si ons on the analys i s and des i gn of ta11, rei nfoY'ced concrete

structures incorporating walls were listed in the previous chapter. This

list will be briefly repeated as several shortcomings were consequential

in the resulting prototype design. Some of the observed deficiencies in

the code were compensated for during the design by improving the code

prescribed detailing. These are indicated in Appendix 2.2. Certain ques

tionable specifications in design provisions, however, were deliberately

incorporated into the final design, since a chief objl~ctive of the

research was to investigate the soundness of the code provisions.

(l) The code provisions, defining the horizonta'\ force coefficient

for different structural systems, are not justified iln prescribing higher

force coefficients for all buildings with any type of wall system (Tabl,

23-1) over those of the DMRSF's.

(2) The provisions requiring walls be designed to resist all the

seismic lateral forces, and a DMRSF system, capable of withstanding at

least 25 percent of the lateral load in all buildings (in Zone 3 or 4)

over 160 ft in height, are questionable because they are not based on the

real response of the structural system.

(3) The prescribed distribution of lateral force along the height is

not realistic as it does not distinguish b~tween the different deformation

characteristics of frame, wall-frame, coupled wall-fr'ame, and other

systems.
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(4) The shear force for which the walls shall be designed is not

based on the actual flexural strength provided to the wall and on a real

istic moment to shear ratio. To provide for a higher safety against shear

failures, the load factor for shear design is prescribed higher than the

load factor for flexural design. This higher load factor does not guarantee

prevention of shear failure in the real structure, particularly in the case

of 1979-UBC code in which this factor was decreased by 40 percent as com

pared to 1973-UBC.

(5) The shear design provisions are not based on recent experimental

data on the shear strength and post-yield behavior of walls with effectively

confined edge members. Present shear design provisions are similar to those

obtained from observed behavior of beams under monotonic loading. The shear

carrying mechanism of walls with confined edge members was observed to be

different from that of beams under monotonic loading.

(6) There are no guidelines that will aid the designer in the pro

portioning of coupling girders. As linear analysis with the prescribed

lateral loading is required to establish demands of these girders, stiffer

girders attract more flexural strength. Consequently, the designer cannot

design for stiffness and strengt~ individually, but has to provide whatever

strength is demanded by the selected stiffness, This does not necessarily

result in better design.

(7) The designer is not required to check the ultimate limit state

response of the wall. It is possible to design a structure that may

not attain a desirable ultimate limit state mechanism. The wall axial

loads at the ultimate limit state should be checked and assessed to

determine whether the required shear and flexural strength can actually

be developed under the possible existing axial forces. Code provi

sions that assure a ductile ultinate limit state mechanism for
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coupled wall systems are lacking.

(8) The confinement requirements for coupling girders can be insuf~

ficient, particularly for short girders (aid::: 2). B€!cause these girders

can be subjected to significantly more critical demands than frame girders,

(higher shear and larger number of defomation reversals) there should be

special provisions for their design and detailing.

The 1973-UBC des igned coupled wall sys tern was se1ec1!ed as the aneto De used

in the first series of analytical and experimental studies, as it was

assessed to possess more favorable ultimate 'limit state behavior. The

1979-UBC designed system, as well as an ATC 3-06 [2.15] designed system,

are contemplated as possible subjects of subsequent analytical and

experimental studies.

2.2.3 Ultimate (Maximum) Strength of the Prototype Coupled ~.jall System
In Accordance with the 1973-UBC Provisions

The coupled wall system designed with 1973-UBC provisions was

selected as the subject for the first series of analytical and experimental

studies. Relative to the system designed with 1979-UBC provisions, this

selected coupled wall system was assessed, in Section 2.2.2, as having

more favorable ultimate limit state response character'istics.

The maximum strength of the 1973-UBC designed coupled wall

system may be estimated by assuming that the ultimate limit state

will be attained by developing a sufficient number of plastic hinges

for a collapse mechanism, as shown in Fig. 2.8. This strength is

required for two purposes: (1) to estimate the ultimate strength

of the model, needed in order to design the experiments; and

(2) to assess the consequences of the design carried Clut with respect

to the 1973-UBC provisions. In general, it should also be assessed

whether such a collapse mechanism can be attained, i.e., depending on the

proporti oni ng and rei nforcement detail i ng of the membE!rS, the assumed

collapse mechanism may not be real ized, as it may be preceded with
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premature failures in the coupling beams or the walls. To calculate the

lateral load corresponding to the ultimate limit state mechanism shown

in Fig. 2.8, (1) The moment to shear ratio, a, should be established,

(2) The ultimate flexural capacities of the girders should be computed,

and (3) The flexural capacities of the walls under the coupling axial

forces and gravity loads have to be determined. Following these steps,

statics may be applied to compute the collapse load.

The ultimate flexural capacities of the girders were obtained by

using the program RCCOLA [2.8J. These beams were designed in three

types, as explained in Appendix 2.2. The selected reinforcement detailing

of each type of beam is shown in Figs. 2.4 - 2.6. The assumed material

stress-strain characteristics for confined core concrete, shell concrete,

and steel to obtain the moment-curvature responses of these beams are

shown in Fig. 2.9. The assumed stress-strain characteristics for confined

concrete may not be" considered realistic as it is assumed that infinite

strain can be developed with small stress. This explains why the moment

curvature responses of all the types of beams indicate in the tables

shown in Figs. 2.10-2.12, a termination of curvature capacity which was

computed assuming the rupture of tension steel at a strain of 0.15.

The use of the confined concrete stress-strain characteristics in Fig.
2.9 is justified when one considers that the objective in generating

the moment-curvature responses for these beams was to obtain an overbound

on the moment capacity (and hence shear, and hence wall axial forces) of

the beams. The maximum shear forces that could develop at the ends of

these girders was computed as 287 kips, 398 kips, and 532 kips for Type

1, 2 and 3 girders, respectively, based on the clear span of 168 in. for

the girders, and neglecting gravity loading.

The uncertainty in these figures is significant due to possible
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variations in the assumed strength of the materials. If the assumed

ultimate strength of reinforcing steel was assumed as 90 ksi rather than

110 ksi, the resulting beam shear forces should be expected to decrease

proportionally. Furthermore, zero axial force was assumed for the beams

while the moment-curvature responses were generated; this is equivalent

to assuming that the shear forces of both walls at thl~ ultimate limit

state are identical, which is not a real ist'ic assumpt'ion. Actually, the

tension wall should contribute less than thl~ compress'ion wall to the

base shear, i.e., Vl < V2 in Fig. 2.8. Consequently, there should be

axial forces in these beams, which would affect the computed flexural

and shear capacities significantly.

The accumulated axial forces of the wall s, N,dUl~ to the beam

shears that result from the lateral force on the structure only (Fig. 2.8),

are computed to be 6464 kips in the tension and comprE~ssion walls.

Incorporating the gravity load of 2270 kips, the tens-ion and compression

,in the tension and compression walls are obtained as 4194 kips and

8734 kips, respectively.

These base axial forces are indicated on the axial force-flexure

interaction diagrams (Fig. 2.13) of the cross section of one wall

component, designed with respect to the 197~I-UBC prov-isions. The section

was shown in Fig. 2.3. The material stress·-strain characteristics used

in developing the interaction diagrams are shown in Fig. 2.9. The extreme

envelope in Fig. 2.13 was obtained by picking the maxiimum moments indicated

for an axi a1 force on the correspondi ng mome!nt-curvature response. As the

confined concrete within the spiral was assumed to be capable of

sustaining infinite strain (Fig. 2.9), the points below the balanced force

on this envelope represent breaking of the main reinforcement. This
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envelope, therefore, may be regarded as an overbound while the interaction

diagram obtained for a maximum concrete strain of 0.004 may be regarded

as a lower bound for section strength, for the specified material strengths

in Fig. 2.9.

The compression in the compression wall, Fig. 2.13, is observed to

exceed the balanced load, at the ultimate limit state. The tension in

the tension wall is also observed to be significantly high. ]le average

yield flexural rigidity (E1) (secant stiffness obtained for the yield

moment and curvature) for the tension wall was obtained as 0.25 x 1010

kip-in. while this value was computed as 12.50 x 1010 kip-in. for the compres

sion wall. Note: it is assumed that the tensile capacity of concrete

is neglected; this is not true. The shear forces of these two walls

should be expected to be significantly different, due to the fifty-fold

difference in stiffness. The moment-curvature responses of the wall

section for 8750 kips compression and 4200 kips tension are shown in

Fig. 2.14.

The ultimate moment capacities of the tension and compression walls

of the coupled wall were obtained as 0.6 x 106 kip-in. and 1.3 x 106

kip-in., respectively, from the extreme envelope in Fig. 2.13. The total

base overturning moment of the coupled wall at the ultimate limit state

can now be obtained as 0.6 x 106 + 1.3 x 106 + 6464 x 450 = 4.8 x 106

kip-in., where the term 6464 kip x 450 in. = 2.9 x 106 kip-in. represents

the contribution of coupling, which is 60 percent. The total base

overturning moment corresponding to IIl.4E II loading, was obtained as

1.6 x 106 kip-in., indicating that there is a flexural overstrength (or

hidden strength) of three times the design flexural strength of the

system. This is due to a large number of factors, the most significant

of which is the strain hardening of reinforcing steel in the beams and
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Another important factor is the conservative code assumption that the edge

members alone are considered to resist all the overturning moment acting

in the walls, i.e., the contribution of the vertical wall steel to flexural

capacity is neglected.
The consequences of the 1973-UBC design provisions will be discussed

in greater detail in subsequent chapters. A brief assessment of the design

may follow from the axial force levels in the two walls at ultimate load,

as indicated in Fig. 2.13. The axial force levels in both the tension

and the compression walls are too high for favorable ultimate limit state

behavior. The compression wall is subjected to more than its balanced

force, significantly impairing the deformation capacity of this wall.

In the tension wall the tension is so high that the wall has only one

fiftieth of the flexural stiffness of the compression wall. This implies

that there will be a significant shear transfer from the tension wall

to the compression wall which was not taken into consideration during

the shear design of these walls.

The basic cause of the high level of axial force in these walls

is the flexural strength of the coupling beams. As discussed in the

previous section, design of these beams is based on linear analysis with

code prescribed load. Hence, the stiffer the beams, the larger will be

the flexural demand. An interesting observation here is the contribution

of the coupling forces to the base overturning moment resistance. For

the 1973-UBC designed walls, this contribution was computed as 60 percent.

Tllis percentage is less than the 67 percent suggested by the New Zealand
researchers [2.11] for their particular coupled wall topology,
as the criterion for the design of coupling girder stY'engths.

Prescribing a 67 percent couplinq force contribution to the
base overturning moment as a design criterion does not ensure a desirable

ultimate 1imit state behavior for all types of coupled wall topologies and

wall cross sections. The coupling axial force in the tension wall should
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not be permitted to overcome the gravity forces for a more balanced

shear resistance contribution from a coupled wall system.

A design process which does not contain the shortcomings of the

code design procedure is being developed and will be presented in

subsequent volumes. Meanwhile, usage of a lower grade (Grade40as opposed

to Grade 60) reinforcing steel in the coupling girders may be a remedy,

as the ultimate strength to yield strength ratio for Grade 40 would be less

than Grade 00. Another possible remedy to code provisions could be carrying

out plastic analysis rather than elastic analysis for design purposes,

with a restriction on the maximum tension that could occur in the tension

wall at the ultimate limit state. limiting the tension to zero, or,

as an upper bound, to 10 percent of the ultimate tension capacity of the

wall, may be a possible design alternative that could be consequential in

assudng large deformation capacity without premature shear failure.

The ultimate base shear for the coupled wall system may be evaluated

if an estimate on the bounds of a in Fig. 2.8 is made. Linear and

nonlinear dynamic analyses of the prototype structure indicate possible

values of a between 0.5 - 0.75 (Sections 2.2.4 and 2.2.5). As the

ultimate base overturning moment was obtained as 4.8 x 106 kip-in., the

bounds for the ultimate base shear may be estimated between 3000 to 4500

kips, approximately. The value of a corresponding to the "E" load

distribution by the 1973-UBC provisions is 0.68. The value of base shear

corresponding to an a value of 0.68 is 3268 kips.

In comparing this ultimate base shear by the factored design base

shear of 2550 kips (Appendix 2.2), it is observed that the flexural

overstrength in the design may lead to a shear force far exceeding the

factored design shear force. Fortunately, there is an overstrength in

shear as well, compared to the shear strength computed by code expressions.
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This overstrength mayor may not be sufficient to permit inelastic

flexural deformations of the wall to the postulated ultimate limit

state mechanism without prior shear failure.

2.2.4 Linear Dynamic Analyses of the Protot~

The prototype structure was analyzed using the modal spectral

analysis option of TABS [2.20]. Acceleration spectra with 5 percent

damping for the SOOE component (0.33 g) of the 1940 El Centro ground

acceleration record (Fig. 2.20) and the S16E component (0.4 g) of the

ground motion at the base rock derived from the 1971 Pacoima Dam

record were used in the analyses [2.9] (Fig. 2.20).

Basic objectives of the analyses were to generate data on the

magnitude and distribution of earthquake forces on thl~ prototype coupled

wall system and to study the effects of frame-wall interaction in 1inear

response. Data on EQ forces in linear response are Irequired for an

understanding of the upper bounds of the earthquake dl~mands on the

coupled walls. Furthermore, the frame-wall interaction problem is a

significant, characteristic problem in the design of Ibuilding systems

incorporating structural walls. Although a significant number of

previous analytical studies have been carried out on coupled walls, isolated

from the rest of the structure (Section 1.2.5), a thorough investigation

should include the effects of the frames on the response of the walls.

USC provisions [2.16, 2.17] require frames to be incorporated in all

building systems with walls, when the bUilding is above 160 ft in height.

It is required that these frames be capable of resistinq at least 25

percent of the total base shear. Consequently, the frame-wall interaction

is a common and significant problem which needs to be incorporated in

research on structural walls. Conclusions reached fr'om analytical or
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experimental investigations on walls which are isolated from building

systems may have to be subsequently modified to incorporate interaction.

In both linear and nonlinear analyses, the total building sys-

tem is idealized into a plane frame-wall system, as shown in Fig. 2.15.

The basic assumption implicit in this idealization is that the diaphragm

system is axially infinitely stiff (all points at a certain elevation have

identical lateral displacements), and flexurally infinitely flexible

(different sag and uplift characteristics of the walls and the frames

may be assumed not to affect each other). Also implicit is the assumption

that the motion is occurring in one horizontal direction only.

The results of linear analyses are shown in Figs. 2.16 - 2.18 and

Table 2.4. In these analyses, stiffness of the frame elements were based

on uncracked gross section properties, while the stiffness of the coupled

wall and coupling girder elements were based on cracked stiffnesses

obtained from moment curvature responses. The main objective in using

cracked stiffness for the walls, and, uncracked, thus relatively inflated

stiffnesses for the frame elements, was to compensate for the mispropor

tional reduction in the stiffness of the wall and frame elements with the

onset of cracking. Former test results indicated large reductions in

wall stiffness while the reduction in frame stiffnesses was generally

considerably less with the onset of cracking [2.1].

Static analysis with the 1973-UBC "E" loading indicated that the

frames contributed to the overall lateral stiffness by 40 percent, i.e.,

the lateral eight-floor displacement of the two coupled wall systems

resisting the 1973-UBC IIE" loading is 1.40 times the corresponding

displacement of the total building (two coupled wall systems and eight frames)

under the same load. The distribution of story shears for the static
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analysis is shown in Fig. 2.16. The total base shear of the coupled

wall is reduced by 18 percent from 774 kips to 655 kips when the

interaction is considered. The moment to shear ratio at the base of

the wall, resulting from the story shears in Fig. 2.16, is 68 percent

of building height when the interaction is not considered, and is 57

percent of the height when the interaction is considerled. The

impl ication is that although the magnitude of the wall base shear is

larger when the wall is assumed to resist the total earthquake forces

individually, the distribution of seismic forces on the wall becomes

more critical when the wall-frame interaction is considered. In other

words, the shear associated with a unit bending moment at the base of

the wall is 19 percent more when the interaction is considered. The

design provisions of UBC [2.16, 2.17] should, therefore, be interpreted

with caution when the shear design of the walls is being carried out,

particularly if the walls are overdesigned against bending.

The story shear envelopes of the coupled wall system obtained through

the SRSS approach are illustrated in Fig. 2.17 for El Centro and in Fig.

2.18 for the Derived Pacoima Dam analyses, considering the coupled walls

indivi dua lly and the total frame-wall system.

The fundamental period of the structure, when the coupled walls were

assumed to resist the total earthquake effects(i .e., when the total

mass of the structure was considered with just the two coupled wall systems

in Fig. 2.1) was obtained as 1.20 seconds. The fundamental period was

reduced to 0.99 seconds when the complete building was considered. The

second and third periods of the isolated coupled wall model were 0.32

and 0.15 seconds, respectively. These periods were 0.28 seconds and 0.13

seconds when the complete building was considered.
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The SRSS (Square Root of Sum of Squares) shear envelope distributions

considering only the first three modes of the structure and the El Centro

spectrum are shown in Fig. 2.17. It is observed that the story shears of

the total building are significantly larger than when only the walls are

considered to resist the EQ effects. Consequently, the story shears

shared by the walls are larger when the interaction is considered. The

increase in the base shear of the coupled walls is approximately 30

*percent, as observed from Fig. 2.17. The moment to shear ratio at the

base of the coupled wall is decreased 17 percent from 0.7 H to 0.6 H

when the interaction is considered. The 0.6 H figure is very close to

the 0.57 H figure, obtained when interaction was considered in the

static analysis withUBC-73 prescribed loading.

The results of dynamic analysis with the Derived Pacoima Dam record

are shown in Fig. 2.18. Unlike the response to the El Centro record,

the story shears of the coupled wall are less when the interaction is

considered. The overall building base shear increased 5 percent when

the interaction was considered, as compared to the case where only the

walls resisted the EO effects.

* The moment to shear ratios were computed from dynamic story shears in

Fig. 2.17 and Fig. 2.18. These were computed by first obtaining an equiva

lent lateral force distribution which would produce the same dynamic story

shear envelope. Then the overturning moment to base shear ratio corres-

ponding to this equivalent lateral force distribution was obtained.

Although the dynamic story shear envelope is based on a SRSS analysis, and

hence may not represent the actual distribution of seismic force at a par~

ticular time instant, the moment to shear ratios for these distributions

were computed and are assumed to be probable.
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The walls' share of base shear, when the complete building system

was considered, was 84 percent of the base shear of the total building.

This figure was 83 percent for the E1 Centro analysis and 83 percent

for static analysis, indicating that the frames' contribution to the total

building base shear remained almost constant for static or different

dynamic analyses. Similarly, the moment to shear ratio at the base of

the coupled wall was between 68 - 71 percent of total building height

when the interaction was not considered, for static and the two dynamic

analyses. This figure was between 0.57 - 0.60 percent of height when

the interaction was considered in these analyses. Consequently, the

moment to shear ratio at the base of the walls and the relative contribution

of walls and frames in resisting the total E/Q effects are affected by

the static nature (i.e., - stiffness aspects) of the interaction only.

On the other hand, the magnitude of -the overall base shear demands, and

the relative changes in these demands when the interaction is or is not

~onsidered, depends on the earthquake spectrum that was considered. The

total base shear demands for one-half of the building are 6700 kips and

13700 kips for the El Centro (0.33 g) and Derived Pacoima Dam (0.4 g)

spectra, respectively. The corresponding base shear demands of one set

of coupled walls were 5700 kips and 11600 kips for these earthquakes,

respectively. The coupled wall demands were 4450 kips and 13000 kips,

respectively, when only the walls were assumed to resist the earthquake

effects. As discussed earlier, the wall base shear demands due to

E1 Centro went up 28 percent when the frame-wall interaction was

considered. For Pacoima, the demand was decreased by 12 percent when

the interaction was incorporated.

A summary of the computed linear demands at the base of the building
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for code and dynamic analyses is given in Table 2.4. It is observed

that the linear dynamic demands far exceed code demands. The UBC-73

"E" load analysis results should be adjusted by load factors of 2.8

for shear and 1.4 for BOM to obtain design demands. Even then, the

dynamic shear demands for El Centro and Pacoima spectra are approximately

two to six times larger than code demands.

The same conclusion is reached for the frames; there is a significant

difference in the code and linear dynamic demands. The following

criteria govern the design of frames in Dual systems [2.16, 2.17]:

"(i) The frames and shear walls shall resist the total lateral force

in accordance with their relative rigidities, considering the interaction

of the shear walls and frames

(ii) The ductile moment resisting space frame shall have the capacity

to resist not less than 25 percent of the required lateral force."

The distribution of story shear demands by code and linear dynamic

analysis for a typical frame are shown in Fig. 2.19. It is observed that

criterion (ii) governs frame design from the base to the fourth floor;

then criterion (i) governs the design.

The frame demands obtained by dynamic analysis are maximum at the

sixth floor. At this floor, the El Centro analysis demand is 6 times

and the Pacoima analysis demand is 13 times the code design demand,

adjusted by the load factor of 1.4. Consequently, the linear dynamic

demands versus design demands are larger for some of the floors of the

frame than at the base of the coupled wall. This implies that these

floors of the frames may have early inelasticity during serviceability

earthquakes while the walls remain in the linear range.

The code requires frames as an insurance against collapse if the walls

should fail through brittle failure. The presence of frames, however,
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significantly increased demands due to El Centro, indiicating that frames

may lead to more adverse demands for the complete structure. To be able

to design frames more efficiently, further investigatiion is needed of the

requirement to incorporate frames in conjunction with walls in building

systems over 160 ft in height.

2.2.5 Non-Linear Time-History Analyses of the PrototJ~

2.2.5.1 General

The time-history analyses of the prototype structure designed in

accordance with the UBC-73 provisions (Fig. 2.1) were carried out as an

initial step in the continuing analytical studies on tall RIC wall-frame

buildings. The immediate objectives of these analyses; were:

(1) To investigate the serviceability and damagE!ability earthquake

demands on the prototype buildings,

(2) To investigate the effects of the wall-frame! interaction on

these demands,

(3) To investigate the time-history of the inter'nal forces of the

wall as a basis in the determination of the loading pr~gram during

experimental studies.

2.2.5.2 Ground Acceleration Records

The first 10 seconds of the SOOE component of the! 1940 El Centro

accelerogram (Fig. 2.20) and the first 10 seconds of the S16E component

of the "derived" 1971 Pacoima Dam accelerogram (Fig. 2:.20) were used in

the analysis. The original 1971 Pacoima Dam motion was synthesized [2.9]

to arrive at a derived version of this record with the- intention of

representing' the true bedrock motion, as the accelerometer was subsequently

discovered not to be on firm rock. Moreover, it was again subsequently
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discovered that the component directions were not S16E and S74W but

different. For the purposes of ana1ysis~ the derived version was used

of what was believed to be the S16E component of the original 1971

Pacoima Dam motion.

2.2.5.3 Mathematical Models

One set of coupled walls was loaded with one-half of the total

mass of the building and was subjected to the two ground acceleration

records. These analyses represented the UBC [2.l6~ 2.17] concept of

walls resisting the earthquake effects individually. The basic intent

in these analyses was to generate data for an assessment of the wall

frame interaction during different response phases of the prototype.

Relatively more realistic and representative analyses were carried out

by subjecting one-half of the symmetric building to the two base excitation

records.

For reasons of economy~ the four frames in the considered half of

the building were lumped into a half frame~ as indicated in Fig. 2.21.

Each column of the idealized (mathematical) frame represented eight of the

actual columns of the prototype; similarly each beam represented eight

of the actual beams.

In both of these models (Fig. 2.21) mass corresponding to the weight

of one-half of the total building was lumped at each floor level. These

lumped masses were not assigned any rotational inertia.

The degrees of freedom considered were: (1) Lateral displacement at

each floor level; (2) Vertical displacement; and (3) Rotations of each

node. Consequently~ there were 75 degrees of freedom in the isolated

coupled wall and 150 degrees of freedom in the coupled wall-frame model.
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A detailed discussion of the shortcomings and misrepresentations of

these models is available in another report [2.12]. Only a brief listing

and description of the modeling problems observed in using the computer

code ORAIN-20 [2.6] in conjunction with the analysis of such coupled wa11

frame systems, will be given here.

The wall and coupling girders were represented ~y one-dimensional

topological models. The walls (and the columns) of the mathematical

models in Fig. 2.21 were assigned the beam-column element option, while

the connecting girders (and frame beams) were represented by RIC

degrading beam elements of ORAIN-20. Both types of elements simulate

inelastic response and hysteresis through a concentrated hinge at each

end.

(1) The 1-0 modelling of the walls is highly qUi2stionab1e. The

1-0 model and the associated deformation modes cannot represent the

significant shear mode of behavior in both linear and, particularly, the

nonlinear response ranges.

(2) Another shortcoming of 1-0 representation of the wall components

is in fixing the position of the wall neutral axis through the 1-0

model. In reality, wall neutral axis changes location (migrates) during

excitation. This migration, in turn, has considerabl12 effect on the

demands of the coupling girders as the length of thl2 relatively rigid

zone at the ends of the girders would change. Such occurrences cannot be

modeled by 1-0 representation of the wall elements.

(3) Modelling inelasticity through concentrated hinges at the ends

of the members is contradictory to observed behavior of RIC elements. The

spread of inelasticity is a significant characteristic of RIC, affecting

the overall force-deformation relations considerably. Consequently,
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lumping inelasticity at predetermined cross sections at member ends

is a significantly questionable idealization, especially for the wall

components.

(4) Axial inelasticity is not incorporated.

(5) Flexural inelasticity of the wall or column components is

recognized when a pre-determined axial force-bending moment yield envelope

is reached by the axial force and moment pairs at the ends of these

elements. When the envelope (yield surface) is reached at either end

of the member, the axial force-moment pair stay on the yield surface.

Unloading from the yield surface is through the assigned linear flexural

stiffness. Consequently, elasto-plastic hysteresis is realized for the

plastic hinges at the ends of the beam-column members.

This process contains a significant shortcoming, which is the need

to maintain a constant linear flexural stiffness for all axial force

levels if the yield level is not realized at the ends of the member. As

there are extreme differences in the flexural rigidities of the tension

and compression walls, the corresponding linear flexural stiffnesses

should reflect this difference. Unfortunately, the DRAIN-2D coding

does not incorporate this effect. This "mis-representation" in the linear

response phase affects the initial occurrence and sequence of plastic

hinges and, therefore, the non-linear response phase.

(6) Another significant shortcoming that was realized in the DRAIN-2D

coding is the inability to incorporate shear yield. As the shear

stiffness and shear yield phenomena are as important as the flexural

stiffness and flexural yield phenomena in the response of RIC wall

components [2.1.0J, their omission in the mathematical modelling is a

significant shortcoming.
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In DRAIN-2D, the effects of shear on flexural stiffness is

incorporated by the standard modification of the appropriate terms of

the member stiffness matrices. This, however, is suitable only for

slender members where the effects of shear are of a le!sser order than

the effects of flexure on the overall behavior. The significant draw ..

back in neglecting the phemonenon of shear-yield is in the high shear

forces that are computed for the wall elements even after these develop

plastic hinges. In reality, once a wall element yields, its shear

capacity is also 1imited due to the "shear yield ll phemonenon.

Consequently, it cannot be expected to develop higher shears than its

shear yield strength, as misleadingly computed by the program.

(7) Another drawback associated with the l-D modelling of the wall

components is the inability to incorporate the web crushing phenomenon,

Furthermore, the model cannot distinguish between the demands of the

exterior and the interior edge members.

(8) The RIC degrading beam element representation of the coupling

girders is observed to be more appropriate than the one-dimensional

beam-column element representation of the wall components. However,

there are a number of shortcomings associated with this representation

as well: concentrated hinges at the member ends, neglection of the effects

of axial force on stiffness (these elements are assumed to have zero

axial force), neglection of the effects of bond and shear in hysteresis

(i.e., decay in hysteresis), are the observed shortcomings.

(9) It;s possible to construct different models to represent the

RIC coupled wall by using the available element library of DRAIN-2D. for

example, the wall components may be represented by"a number of beam-column

and truss elements-rather than a single element. These measures were not

taken because of the significant costs in analysis. Modification of the
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existing element library for better representation of the coupled-wall

behavior is in progress.

(10) The representation of the four frames of the building in the

form of a single half frame (Fig. 2.21) is questionable, as such an

idealization results in an altered axial force history

in the columns. Consequently, inelasticity in the columns would not be

representative of the case if the complete frame topology (Fig. 2.1) were

maintained. However, the model does reflect the overall lateral stiffness

characteristics of the frames and is considered adequate in indicating

any significant contribution of the frames in the magnitude and time

history of forces and deformations of the walls.

2.2.5.4 Data for Analyses: Member Properties, Gravity Loadings, Damping
and Time Incrementation

The member properties used in the time-history analyses were obtained

through moment curvature and moment-axial load interaction relations that

were derived for the members by the computer code RCCOLA [2.8]. The wall,

column, and frame beams' properties were assumed to be constant throughout

the height of the building (Fig. 2.21). The coupling girders were

designed in three types (Fig. 2.1) and their properties changed along the

height according to the design. The inputs for the properties of the

beam-column and RIC degrading beam elements are shown in Figs. 2.22 and

2.23.

The gravity loading for the total dead load and 40 percent of the

live load was applied to the wall and frame nodes and retained during

the dynamic analysis. This loading was computed with respect to the

tributory loading areas of the vertical members. Forty percent of the

live load was included in the mass computations also, assuming this to

be a reactive load.
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A mass proportional damping equivalent to 5 percent of the critical

damping in conjunction with the fundamental period (0.99 sees. as computed

from linear analysis) was used in the analyses.

The earthquake accelerograms were incremented in 0.05 seconds in the

input. The integration time step was prescribed as 0.02 seconds. Short

trial analyses indicated very little change in analysis results carried

out with integration time steps of 0.01 and 0.02 seconds.

2.2.5.5 Results of Analyses

Data on nonlinear structural response, generated by the analyses,

are presented in detail in another report [2.12J. A limited review

will be presented here, with emphasis on the response characteristics

of the prototype building in order to derive loading histories and vertical

lateral load relations for the test specimens.

The time-histories of the displacement, shear force, bending moment,

and axial force responses of the coupled wall-frame system subjected to

the E1 Centro accelerogram are shown in Figs. 2.24 - 2.27. The shear

forces and bending moments of the two individual walls of the coupled

wall system are observed to remain identical. The axi,al forces are

skew-symmetric with respect to the gravity forces.

Walls have remained linear during the response to El Centro; any

inelasticity is confined to the coupling beams. The m,aximum drift was

observed to be less than 0.3 percent. First yielding occurred at 1.94

seconds; at this time step beams of the fourth through tenth floors

reached yield moment at their left ends. The maximum number of plastic

hinges were attained at 2.02 seconds of response, when all beams except

first, fifteenth and the fourteenth floor beams developed plastic hinges

at both ends and the fifteenth and fourteenth floor be,ams had hinges at
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one end only. The maximum inelastic rotation demand was from the fourth

floor beam, and was 0.0026 radians. The frame beams at floors 6-14

yielded but the inelastic rotations were close to zero (0.0002 rads. max.).

The response of the structure to the El Centro ground motion may be

appraised as an upper bound of the serviceability response, or as a lower

bound of the damageability response, as defined by the S.E.A.O.C.

recommendations [2.13J. The seismic force demands for this response are

shown in Fig. 2.28 where the shear distributions of the coupled wall

system at the times of maximum base shear and maximum base overturning

moment are compared. A significant difference in the moment to shear

ratio of the seismic forces is observed between these two cases. The

value of a (overturning moment to shear ratio at the base as a factor

of the total height) changed between 0.33 and 0.71. The ratio is 2.15,

indicating that the 1973-UBC provisions, prescribing a force factor of

2.8 for the seismic force in shear design, as compared to a force factor

of 1.4 in the case of the axial-flexural design, can barely make up for

the difference in the distribution of seismic force at the times of

maximum shear and axial-flexural demands. The code practice, as

explained earlier, is to use the same seismic force distribution for both

axial-flexural and shear designs.

The distributions of seismic story shears of the coupled wall system

when the isolated coupled walls were analyzed under the same base

motion, are presented in Fig. 2.29. Comparison with Fig. 2.28 indicates

that incorporation of the wall-frame interaction increased the seismic

*demands, as was the case in linear analysis. The moment to shear ratios

for these analyses were obtained as 0.60 Hand 0.40 H, for the cases of

maximum overturning and maximum shear force at the base, respectively.

* The period of the walls acting alone was obtained as 1.20 sec, as given

in 2.2.4. This period decreased to 0.99 sec when the frames were included
in the model.
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The difference is not as significant as when the intell'action is

considered (0.6 vs. 0.4 as compared to 0.71 vs. 0.33), indicating that

the wall-frame interaction intensifies the difference between seismic

force distributions at the times of maximum base overturning moment

and base shear.

The time-history of the responses of the coupled \\lall-frame system

subjected to the Derived Pacoima Dam ground motion is shown in Figs.

2.30 - 2.33. The time-histories of the shear and moml~nt at the base of

the individual walls of the coupled wall system indicate significant

differences between the internal force histories of the individual

walls.

The bi g acce1erat ion pulse of the ground motion bl~tween the two and

four seconds resulted in extensive damage to the systl~m. At 2.98

seconds, a collapse mechanism is reached for the wall, as shown in

Fig. 2.34. At 3.00 seconds, another column hinge as shown in Fig. 2.34,

is observed on the 2nd floor of the tension column. )\s a consequence of the

hinging pattern in Fig. 2.34, the tensiofl wall released most of its shear,

as required by the conditions of equilibrium. [2.12J This shear is picked up

by the frame columns. This condition is not realistic as, in reality,

the tension wall should be expected to retain a substantial amount of

shear capacity [Sec. 1.2.2]. The use of 1-0 elements (where yield is

represented by concentrated plastic hinges at the ends) for the

mathematical modelling of the wall have led to this unrealistic extreme

in the release of shear to the frames.

The ground motion results in an unloading of the base hinges at

3.06 seconds. The loading of all plastic hinges betwE~en 3 and 3.06

seconds, which triggered the release of the shear of the tension wall
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at the base, was a result of the main acceleration pulse of the ground

motion. The effects of this pulse are similar to that of a laterally

distributed force of monotonously increasing nature. The response

of the structure to the Derived Pacoima Dam motion may be appraised

as the upper bound of the damageability response, as a mechanism is

caused for the wall by the earthquake. The frame columns remained linear,

however, and the frame was observed to have satisfactorily performed

as a restraint to the structure. The maximum drift attained was 0.9

percent. This drift should be compared with the 1.2 percent obtained

when the isolated coupled wall system was analyzed, indicating the

restraining effect of the frame on the structure.

The seismic force demands at the times of maximum base shear and

base overturning moment are presented at Fig. 2.35. It is observed

that the characteristics of the seismic force distribution at the times

of maximum shear and moment are extremely different. At the time of

maximum base overturning moment, which corresponds to the time of the

maximum wall axial forces, there is a significant reduction in the first

story shear as a consequence of the release of shear in the tension

wall upon hinging at the base and the second floor as discussed in

the previous paragraphs.

The base overturning moment to shear ratio corresponding to the time

of maximum overturning moment is larger than lH due to the significant

reduction of the shear at the base of the wall. This ratio was computed

to be 0.34 H for the time of the maximum base shear. The difference in

these ratios is significant and demonstrates the conceptual error in

code design provisions which prescribe the same distribution for both

shear and axial-flexural design of the walls.
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Seismic force demands from the coupled wall when the coupled wall

system, isolated from the structure, is subjected to the same ground

motion, are shown in Fig. 2.36. Comparison with Fig. 2.35 indicates

that the base shear demand from the wall alone increased when the

frames were included in the analysis. The same pattern was observed

for the El Centro responses as well. The seismic force attracted by

the wall-frame system is significantly higher than the seismic force

attracted by the wall system alone, due to the increased stiffness of

the system.* Consequently, the shear shared by the wall, when the

wall-frame system is considered, is observed to be larger than the

shear in the wall when only the wall was subjected to excitation.

The increase in the maximum base shear when the frames were

incorporated in the analysis is observed to be 11 percent for the El

Centro response and 9 percent for the Pacoima response. These do not

appear to be significant increases, however, for a wall that is at the

verge of shear failure, a 10 percent increase in the base shear may be

a very significant excess in demand. If the wall system has sufficient

shear strength, the incorporation of the frames are observed to result

in favorable changes in the earthquake response of the structure. The

drifts, as well as the wall tensile forces, are reduced. The over

turning moments do not change. More significantly, the frames reduce

the shift in the center of oscillation of the structure, as is observed

when the results of Figs. 2.30 and 2.37, where the displacement histories

of the structure\whe,n, the frames are and are not incorporated, respectively,

are compared.

* The period of the walls acting alone was obtained 2lS 1.20 sec, as given

in 2.2.4. This period decreased to 0.99 sec when the frames were included

in the model.
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2.2.6 Assessment of the Design of the Prototype

The prototype structure, designed in accord6nce with the 1973-UBC

provisions, was subjected to linear and nonlinear dynamic analyses,

utilizing the 1940 El Centro (0.33 g) and 1971 Pacoima Dam (0.4 g)

ground motions. These earthquakes were observed to represent the lower

bound of the damageability and the ultimate limit state ground motions

of the structure. The data generated on the demands from the structure

in the cases of the damageability and the ultimate limit responses, will

be compared with the supplies as provided through the design, to assess

the success of the design that was carried out with respect to the

1973-UBC provisions.

2.2.6.1 Computation of Period

The Uniform Building Code prescribes the expression 0.5 h /ID ton

compute the period. For the prototype, this results in a period of 1.15

seconds. Another expression, suggested by the code is:

T = 2TI~Iw.o.2 ~ gIf.o ..
1 1 1 1

To use this expression, a lateral fo~ce system, f i , should be applied

to the structure and the corresponding story displacements, 0i' computed.

wi represents the lumped weights and IIgH is the gravitational accelera

tion. This procedure led to a period of 0.99 seconds for the complete

structure, which corresponds to the value obtained from an eigenvalue

analysis with the computer code, TABS [2.20]. An effective period

can be computed from the time-history of the displacements in the case

of nonlinear analysis. In this approach, the number of zero crossings

during the high amplitude response is used to compute a period of 1.52

seconds for the El Centro and 1.60 seconds for the Pacoima response.

The empirical code expression, 0.5 h //0, is not realistic asn

it does not incorporate the structural system but just the dimen-

sions hand D. Furthermore, care should be taken in the use of
n
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the refined code expression to include the total structure in the

analysis and not just the walls.

2.2.6.2 Comparison of Supply vs. Demands

In comparing supply vs. demand for a certain design quantity, the

code demand, (incorporating the prescribed forces, load factors, and

combinations, as well as the strength reduction factors) - and the

nominal supplied strength, should be assessed individually. Because

of many factors, roundi ng off of numbers, deta i1i ngr'equi rements,

strain hardening in reinforcement, etc., the provided strength is

generally hi gher than the code demand. However, the actually supp1i ed

strength and the supplied strength based 011 the computations as

prescribed by the code, are often significantly diffE!rent, either

because of simplifying assumptions, or in some cases" because of

misconceptions that affect the accuracy of the computations that

are based on code expressions.

A possible means of comparing the code demand, supplied strength,

the actual (estimated) strength, and the required (estimated from linear

and nonlinear analyses) strength in the case of predominant axia1

flexural behavior is through the interaction diagram as shown in Fig.

2.38. It is observed that the supplied strength is significantly more

than the strength required by the code. One reason 1~r this is that

the code required the wall edge columns to provide all the required

axial-flexural strength. Consequently, the actually supplied strength,

when the complete wall cross section is considered, is significantly

more.

The demand obtained through linear analysis by the E1 Centro

spectrum is observed to far exceed the supplied strength. The demands
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for the same earthquake, in the case of the nonlinear response, are,

however, well within the range of the provided strength. The hysteretic

energy dissipation of the coupling girders has resulted in a significant

reduction in the axial-flexural demands of the earthquake from the wall

cross section.

The demands obtained from nonlinear analysis by the Pacoima Dam

record are observed to equal the supplied code strength. A certain

reserve strength, on the other hand, can be estimated by considering

the fact that the actual material strengths are generally higher than

the nominal strengths.

Another means of assessing axial-flexural supply vs. demand is

by considering the distribution of tension and compression at the

extreme wall edge columns. The code requires all axial-flexural

demands to be satisfied through the strength of the edge columns. For

coupled walls, the computed demands from the extreme edge columns are

significantly larger than the demands from the interior edge members

at the base of the walls. The exterior vs. interior edge member

demands due to code and nonlinear analysis are shown in Fig. 2.39. It

is observed that the demands obtained through nonlinear time history

analysis for the ultimate limit earthquake are significantly higher

than the code demands, especially for the tension member. Another

significant discrepancy between the code and analysis demands is

observed for the distribution of these demands along the elevation

of the structure.

An assessment of supply vs demand for the extreme edge members is given

in Fig. 2.40. It is observed that the code and nonlinear El Centro analysis

demands for the tension,edg~member are almost identical at the base.
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The analysis demand at the upper half of the structure, however, is

significantly higher in tension. It is also observed that the extreme

edge members are severely overstressed during the Pacoima response. The

estimated actual strengths of the members are barely sufficient to

satisfy the demands as computed from Pacoima analysis.

The demand vs. supply relations for shear are much more significant

than for the axial-flexural effects, as the analysis demands for the

flexure is related to the supply while this is not the case for shear.

In other words, the analysis demand for the axial-flexural effects

cannot exceed the supplied strength during nonlinear response as the

supply regulates the demand. In the case of the shear, however, the

supply and demand are not related, and the comparison becomes significantly

more relevant.

The demand vs. supply relations in shear are summarized in Fig. 2.41.

The significant problem in the assessment is the computation of actual

supply. If both walls are assumed to contribute in the order of

"141fT d til, the actual supply appears to be sufficient to restrainc w w

shear failure before flexural yielding. However, in the case of the

tension wall, this is questionable. It is, therefore, possible that

the demand may exceed the supply even in the case of the El Centro

response, if the tension wall does not contribute to the shear strength.

It is one of the objectives of this study to investigate the

actual shear strength of a set of coupled walls under different axial

force magnitudes. The comparison of demand vs. supply in shear strength,

computed with presently available knowledge, indicates a significant

danger of shear failure of the walls before sufficient energy dissipation

may take place. This is especially the case for the Pacoima response.
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2.3 The Model Subassemblage

2.3.1 General Information, Dimensions, Detailing

As explained in Section 2.1, a 4-story, 1/3-scale subassemblage of

the prototype coupled wall system, designed in accordance with the

1973-UBC provisions, was selected as the first model. The dimensions

and detailing of the model subassemblage follow from the dimensions

and detailing of the prototype (Figs. 2.1 - 2.7) and are shown in

Figs. 2.42 - 2.47. Apart from the slab thicknesses of 3 in., all the

dimensions of the model are one-third of the corresponding dimensions

of the prototype. Slab stubs were designated as 3 in. rather than

2 in. in order to have sufficient stiffness to accommodate out-of-plane

restraints during the test. The transverse beams that were shown in

Fig. 2.1 for the prototype were deleted in the subassemblage to simplify

the formwork. Although the deletion of the transverse beams and

thickening of the slab stubs can affect the contribution of the floor

system to the lateral stiffness and strength, particularly that of the

coupling girders, this contribution was considered not to be very

significant in relating overall model response to the prototype response.

The wall edge members and the fourth-, third- and second-floor beams

were detailed with grade 60 #6 and #4 bars. Number three bars were

utilized in the first-floor beam. Specially manufactured 0.2017 in. and

0.166 in. diameter wire was used as the edge column spiral and beam

ties. The stress-strain relations for the #6 and #4 bars, as well as

the 0.207 in. diameter wire, are shown in Figs. 2.48. As illustrated

in Fig. 2.48, the stress strain for the steel bar #4 shows a very high

yielding strength (75 ksi) and very little plastic plateau. Grade

60 #2 deformed steel bars imported from Sweden were used as the wall
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reinforcement; test results for these are also showl1l in Fig. 2.48.

A significant difference in the tensile strain capacity of the bars

imported from Sweden and those obtained from the West Coast manufacturers

are observed. The slabs were reinforced with welded wire fabric with

0.225 in. diameter material in a square mash t 4 in. O.C ..

Ready-mixed concrete commercially available from a nearby plant was

used in casting the specimen. As a grout pump was used to pump the

concrete t a 7 in. slump and 3/8 in. maximum aggregatE! size t with a

minimum 28 day strength of 4000 psi, was specified. The observed 28 day

strength was 4900 psi for the fi rst two f1<Dors of thE! specimen. The

specimen was constructed in two hal veSt in an upright position. The

foundation and the first two floors of each half WerE! cast first. The

top two floors were cast subsequentlYt approximately 45 days later.

These halves were transported into the test bed on rollers, and after

prestressingtthe two halves were connected at the base and four floors t

where special force transducers (Section 2.5) were installed (See

photos: Figs. 2.49 t 2.50).

The main requirements for successful subassembla!Je testing were

discussed in Section 2.1. Those requirements pertaining to a sufficiently

accurate representation of the material, section t element, and joint

behavior -- essential for the credibility of any reinforced concrete

model study -- are satisfied by the large scale (1/3) of the model and

the consequent choice of the materials. The remaining requirements are

related to the realistic representations of the (force and geometry)

boundary conditions of the subassemblage and the loading program. These

are discussed in subsequent sections.
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2.3.2 Boundary and Loading Conditions of the Model Subassemblage

The actual distribution of the gravity and seismic forces throughout

a structure is known to be complicated. Interaction between forces

in orthogonal directions is an added complexity. Testing a coupled wall

system in one plane assumes that bi-axial interactions in the response

of the system are negligible.

After this initial assumption, the force and geometry boundary

conditions of the model subassemblage may be discussed. These conditions

are relevant at the top cross section of the subassemblage, at the base

of the foundation, and at the cut ends of the slab stubs as shown in

Fig. 2.51. Furthermore, the gravity and seismic force distributions

within the subassemblage are also extremely complicated functions which

affect the response of the subassemblage. For reasons of clarity, these

forces are not indicated in Fig. 2.51.

The assumptions and idealizations that were made to simplify the

complicated geometry and force boundary conditions and the force

distributions within the subassemblage are as follows:

(1) The effects of the continuity of the slabs (Fig. 2.51) were

assumed to be negligible in the planar response of the system. The main

contribution of the slabs in the planar response will be in confining the

wall panel cracks within each story and redistributing the slope of the

effective compression struts developed in these panels. Slabs also con

tribute to the axial strength and stiffness of the beams (restraining

growth) significantly, as well as to the flexural response of the beams

(coupling effect) to a minor extent. The selected slab stubs (representing

a half of the adjacent spans) are assumed to be sufficient for these purposes.

(2) The foundation flexibility is a significant variable of the

study. For the first series of tests, however, this parameter will not
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be introduced, and the foundation will be prestressed through 14 points

to the test floor, resulting in a very large (relatively infinite) foun

dation stiffness as shown in Fig. 2.52.

(3) The force boundary conditions at the top cross section are

represented by six concentrated force sources. These forces are applied

to relatively stiff stubs (headpieces) as shown in Filg. 2.52. A certain

variation of the lateral and vertical forces applied to these head

pieces will occur during transition to the subassemblage. This arrange

ment of force is assumed to be sufficiently representative in maintaining

the force (stress) continuity of the subassemblage at the fourth-floor

level. This assumption may not be as valid for the fourth story as it

would be for the first three stories. Consequently, the force and de

formation history of the fourth-floor beam may not be accurately

representative of the histories that would be realized for that beam if

the structural continuity was maintained. However, this is not

considered to be a significant drawback.

(4) The gravity and seismic forces of the first three floors are

lumped together with the lateral and horizontal forces at the fourth

floor level.

(5) The most significant assumption on the fOrCE! boundary conditions

of the subassemblage is related to the history of thE! four vertical loads

that are applied to the edge columns of the walls. These loads represent

(1) gravity forces at the base; (2) overturning moment at their level of 4-1/2

application; and (3) axial forces due to the shear forces developed in the

coupling girders between the fifth and fifteenth floors of the structure

(Fig. 2.52). The magnitude and history of the vertical forces in

relation to the magnitude and histories of the lateral forces at the top

of the subassemblage should be representative of the actual response of

the complete structure.
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The relation between the lateral and vertical force magnitudes

and histories are assessed through nonlinear dynamic response analysis

studies of the prototype and are presented in Section 2.3.4.

2.3.3 Estimation of the Ultimate Force and Displacement Caoacities of
the Model Subassemblage .

An assessment of the ultimate force and displacement capacities of

the model subassemblage is required for the design of the test facility

and loading systems.

To estimate the ultimate force capcity, calculations will be

carried out on the prototype and then converted to the model basis. In

Section 2.2.3, the ultimate force (based on an external M/V ratio of

0.68 H) of 3268 kips was obtained for the prototype. The moment of this

force at the fourth-floor level is computed as 2.92 x 106 kip-in.

Assuming all the connecting beams have attained their ultimate

capacity, the axial coupling forces at this floor level are computed

as + 47.5 kips. These forces induce a coupling moment of 2.12 x 106

kip-in at this story level, indicating that the walls should develop

0.8 x 106 kip-in. (2.92 x 106 - x 2,,12 x 106) for equilibrium.

The gravity loads that will be applied to the columns at this floor

level will be those loads computed at the base as 925 kips and 1345 kips

for the exterior and interior columns, respectively. The resulting wall

axial forces due to coupling and gravity forces become 6985 kips

compression for the compression wall and 2445 kips for the tension wall.

To estimate an overbound on the required ram capacities, it is necessary

to make an assumption on the relative moment contributions of the two walls.

To obtain bounds it may bE' assumed that the total moment 0.8 x 106 kip-in.
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wi 11 be provided by either only by the compression wan or equally by

both walls, respectively. The resulting equivalent vl~rtica1 and lateral

forces on the prototype and model subassemb1ages are shown in Fig. 2.53.

These maximum forces are based on the assumption that overturning moment

to base shear ratio is 0.68. The effects of the change in this ratio

on the maximum vertical and horizontal forces of the model are

investigated in Sec. 2.3.4.

To estimate the expected levels of displacement that may be attained

at the top of the model, the most logical approach would be to estimate

an upper bound on lateral interstory drift. A survey of previous

tests on isolated shear walls indicates that (under monotonic loading)

7 percent i nterstory drift may be accepted as an upper bound. [2. 10] The

resulting upper bound on the top displacement is 13.LJ.4 in ..

2.3.4 Establishing Relations Between the Vertical arid Lateral Forces
of the Subassemblage

To achieve a realistic simulation of the internal forces and/or

deformations at least at the bottom two stories of the subassemblage,

four vertical and two horizontal loads (Fig. 2.52) ar'e planned to be

applied to the boundary of the subassemblage model. The boundary forces

(displacements) to the model will be introduced by s"ix actuators

connected to an electo-hydraulic closed servo system" The relations

between the loads applied by these six actuators at any time during

the load history of the test were obtained from a synthesis of the time

history of the responses that were presented in Sec. 2.2.5. The relations

obtained for different levels of response (serviceab'ility and damageabi1ity)

were also compared with the relations obta'ined by assessing the ultimate

limit state. The actual loading history for each of the actuators during

the tests is explained in Sec. 2.4.4.
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The process that was followed in establishing the relations between

the six actuator forces is explained in the following.

The first step in relating actuator forces to each other is to

establish the relation between the lateral forces of each wall. These

forces represent the base shear forces of the walls. The implicit

assumption is that the base shear force and the shears at the fourth

floor are sufficiently close together that the total shear of the first

four floors can be lumped at the fourth floor (Fig. 2.52).

The following options were considered in relating the lateral

(shear) actuator forces (Fig. 2.52):

(1) Both actuators may apply the same lateral force.

(2) Both actuators may be controlled to apply the same lateral

stroke (displacement).

(3) The force in one of the actuators may be prescribed as a

percentage of the force in the other actuator.

(4) The relation between the forces of the two actuators may be

changed depending on the direction of load in these actuators (push and

pull or pull and push).

An assessment of these options in view of the results of time-

history analysis, indicates that the fourth floor shears of the two walls,

as well as the base shears of the two walls, were nearly identical in

the El Centro response. Therefore, Option (1) may be adapted in a

serviceability level (or low damageability level) test.*

Pacoima response, on the other hand, indicates significant differences

between the base shears of the two walls at a certain time instance.

The fourth floor level shears, however, are similar for both walls.

* El Centro response was assessed to represent an upper bound for the ser

viceability or a lower bound for the damageability level of response in

Sec. 2.2.5.
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As the fourth floor and base shears are significantly different (Fig. 2.3.1),

lumping the shear of the first four floors at the fourth floor level

appears to be a questionable idealization for the upper damageability

level response. Furthermore, Option (4) appears to be a more

representative mcmn;}' of loading since the left wall base shear is higher

than the right wall base shear when the left wall is in compression,

and vice versa when the right wall is in compression. In reality, if

the analytical model could incorporate the effect of the changes in the

axial force on flexural stiffness, a similar trend would have been

observed for the El Centro response as well. The diffi culty in the

application of Option (4) is the time required to update the relation

between the lateral forces at each case of force reversal. A significant

creep effect is usually observed when a RIC system is loaded in the post

yield range and when the force is sustained even for only short

durations of time, as required for data acquisition Clnd observations.

Although pseudo-dynamic testing using actuator in line with computer

procedure as suggested by the Japanese seems ideal, E~ven if this procedure

could be successfully applied, there is a serious drawback due to the fact

that actual structural damping is not included and d~e to the effect of in

elastic creep. It is, therefore, a more practical aoproach to update force

relations each time a zero load is reached.

The option that was chosen for the first series of tests, where

significant wall damage was not anticipated, was to rnaintain identical

forces in the two lateral (shear) actuators. Subsequent tests for

higher wall damage levels are planned where Options (2) or (4) will be

applied. The main problem with applying equal forces to both walls is

that in the event of premature loss of strength in aile wall, if the
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actuator loading that wall is the slave to the actuator loading the

other wall, it would not release its force accordingly.

Option (2), where the lateral displacements of the walls may be pre

scribed to be identical, would result in constraining the growth of the

walls and the connecting beams. If the axially rigid diaphragm assumption

shaul d be a correct one, thi s wi 11 not be a seri ous drawback. Thi s opti on

is being considered for subsequent tests. The main difficulty associated

with this option is in establishing transfers between vertical and

lateral forces, as the lateral forces would not be predetermined.

Based on the decision to load both walls with identical shear forces

for the first series of tests, where a high level of damage is not

expected to be induced on the walls, the relation between the vertical

and lateral forces was then established in the following manner:

(1) Relations between the vertical and lateral forces of the sub

assemblage for the serviceability level response.

The response state where walls remain linear and the connecting

beams do not have extensive inelastic deformation, is defined as the

serviceabil ity response. The response of the compl ete prototype

structure to the N-S component of the 1940 El Centro record (0.33 g)

could be appraised as an upper bound for the serviceability response,

or a lower bound for the damageability response. The walls and frames

remained linear during the excitation while the connecting beams developed

plastic hinges at each end. The plastic rotations, however, did not

exceed 0.0026 radians, indicating that the beam inelasticity was not

extensive. The moments and shear forces in the two walls were nearly

identical, the only difference caused by the differences in the positive

and negative moment capacity of the beams.
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Another observation is that there are instances when the shears of

the fourth floor and the base are different. At times of high base shear,

between 4 and 5 seconds, the base shear is almost twice the shear at

the fourth floor (Fig. 2.25). In general, however, an average positive

shear of 675 kips and an average negative shear of 966 kips at each

wall may be considered representative of the peaks for the base and the

fourth floor as well. As far as the moments are concl~rned, I 125000 kip

in. are observed to represent the peak responses for the fourth floor (Fig.

2.26). Similarly, the peaks of the coupling axial forces of the fourth

floor are observed to be 2069 kips compression and 3000 kips of tension

(Fig. 2.27). As the waveforms for displacement, shear, moment, and

axial force indicate that these are all in phase, these established

average peak values may be used to relate the shears to the moments

and axial forces, as shown in Fig. 2.5.4., and to establish the

transfer relations for the serviceability level of response. The transfers

obtained in this manner should be considered applicable for up to 90 kips

of shear per wall in the model, as this corresponds to the 820 kips of

average shear (675 + 966)/2 obtained for the peaks of the El Centro

response.

(2) Relations between the vertical and lateral forces of the sub

assemblage for the ultimate limit state.

Another approach to arriving at transfer relations is to consider

the vertical and horizontal forces at the state of collapse. The ratio

of vertical force to horizontal force (defined as force transfer) is

lowest at this state, whereas at any other response state the base shear

will be less while the coupling forces will not decrease at the same

rate. The basic problem in this approach is to estimate the correct

overturning moment to base shear ratio at the state of collapse. The
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total base overturning moment resistance of the prototype wall system

was computed as 4.8 x 106 kip-in. in Sec. 2.2.3. The base shear at

the ultimate limit state depends on the assumed moment to shear ratio

at this state. As this was observed to change between (approximately)

0.5 H - 0.75 H in linear and nonlinear analysis, transfers are

evaluated for these bounds (Figs. 2.55 - 2.57).

Assuming a base overturning moment - shear ratio of 0.5 H, (Fig. 2.55)

the shear at collapse is obtained as 4444 kips. The coupling forces

at the fourth floor are 14715 kips, computed from the ultimate shear

capacities of the beams, as given in Sec. 2.2.3. The overturning

moment at the fourth floor is 4444 kips x 504 in. = 2,239,776 kip-in ..

As the coupling forces provide 4715 kips x 450 in. = 2,121,750 kip-in.

the wall moments are obtained as 59,013 kip-in. at this floor. The

results of resolving and transfers are shown in Fig. 2.55. Repeating

the same operations for a base overturning moment-shear ratio of

0.75 H, the corresponding transfers are shown in Fig. 2.56.

An assessment of the computed transfer relations, 1.17 V and 2.9 V

for the exterior edge members, indicates the significance of the

moment to shear ratio in transfer of force. In general, during

nonlinear dynamic response of the coupled wall-frame structure, the

base overturning moment-shear ratio shifts continuously, as discussed

in Sec. 2.2.5. The transfer corresponding to an average moment to

shear rati 0 of 60 percent of His 1. 85V for the exteri or co1umns and O. 69V

for the interior columns. These figures are quite close to those derived

from the time-history of the responses, and were, therefore, selected to

represent the average lateral force - vertical force (excluding gravity)

transfer during the initial series of tests. The selected values of

transfer and expected maximum lateral and vertical forces are indicated
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in Fig. 2.57. For subsequent tests, different transfer histories will

be applied to study this variable.

2.4 The Test Facility

2.4.1 General

The test facility for the coupled wall subassemb1age testing is

located in the Structures Laboratory at the Richmond Field Station of

the University. An already existing braced frame system that was at

the east end of the 1aboratory·s main bay is the major component of

the test facility. The other components were designed to incorporate

this existing braced frame system. The df-sign was carried out by Li under

the supervision of Bertero [2.7], the \'Iorking drawings were made, and the

execution of the design was completed, by Development Engineer Barry Lotz.

2.4.2 The Test Floor

The test floor of the Structures Laboratory at the location stated

above, (Fig. 2.58) has dimensions of 60 ft and 20 ft and is pierced

by 2-1/2 in. diameter holes, 3 ft O.C., illustrated in Figs. 2.58.

This floor was designed to act as a hollow box girder, prestressed

in the longitudinal direction. The system is a vielrendee1 girder in the

shorter direction. The braced frame system that was existing in the

laboratory is shown in Fig. 2.59, and a plan view of the east end of the

main bay, showing the location of the test facility with respect to the

holes on the floor, is given in Fig. 2.60.

The perforated test slab was designed for service loads of 100 kips

acting either up or down every 3 ft along the slab. A longitudinal

horizontal force of 300 kips, acting 18 in. above and along the top

of the box section, was also considered as a possible service load. The

box girder, as a whole, was designed for a flexural capacity of 20 x 103
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kip-ft and a shear capacity of 1500 kips (distributed equally to

three webs).

The main functions of the test slab regarding the test facility

were considered to be:

(1) To carry the weight of the specimens and the test frame (estimated

to be less than 4 kips every 3 sq ft).

(2) To withstand the local bearing pressures exerted around the

perforations due to the prestressing of both the specimens and components

of the test frame to the floor (max. 1600 psi).

(3) To withstand the maximum possible vertical force exerted on the

locations indicated in Fig. 2.60 due to the vertical loading of the

specimen as will be discussed in the next section. The maximum vertical

force demand on any of these locations indicated in Fig. 2.60 was

calculated to be significantly less than the design service load of 100

kips every 3 sq ft for the slab.

(4) To withstand the lateral friction forces that are generated

between the reaction blocks of the braced frame and the test floor,

estimated to be insignificant for the floor system.

An assessment of the possible demands from the existing test floor

indicates that the supplies are sufficiently adequate.

2.4.3 Loading Frame

The braced frame system that was existing in the laboratory had a

lateral load capacity of 4 x 240 kips = 960 kips where the load application

points are indicated in Fig. 2.59. This frame was incorporated in the

design of the loading system, the mathematical model of which is shown

in Fig. 2.61. The major components are labelled as braced frame, cross

beams, top grid, and columns. The six load sources are also indicated in
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Fig. 2.6l.

Comparing the mathematical model with the front view of the specimen

and the test frame, shown in Figs. 2.62 - 2.64, the mathematical model

and the actual counterparts may be related to each other. The

crossbeams are transferring the north side lateral force to the braced

frame while the south side lateral force is directly transferred to the

middle columns of the braced frame. Both lateral forces are subsequently

transferred to the floor in the form of a friction force between the base

of the reaction blocks and the floor.

The four vertical forces are appl ied through th,e top grid which

transfers these forces to the middle columns of the braced frame and the

columns at the end, as indicated in Fig. 2.61 and then to the floor,

through the foundation grid prestressed to the floor and as shown in Figs.

2.62 and 2.65.

All components and connections, as well as the reaction blocks of

the loading frame, were designed and checked against the capacities of the

actuators (Fig. 2.67), which were larger than the expected maximum forces

on the model subassemblage, discussed in Section 2.3.3 and shown on Fig.

2.53. The possibility of changes in the positioning of the vertical

forces to accommodate models of different geometry, was also considered.

Detailed drawings of the test frame are given in Figs. 2.62 - 2.66.

A parts list for the frame is given in Table 2.5.

2.4.4 Actuators and Loading Control System

Information about the load and displacement requirement from the

six load sources was given in Sections 2.3.3 and 2.3.4. The six actuators

that were installed in the test frame for the purposes of applying the

horizontal and vertical forces of the subassemblage are shown in Fig. 2.67.
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Also, included in this figure is relevant data, and, the force and

stroke capacities for these actuators. The force and displacement

capacities were chosen to be adequate for the corresponding force and

displacement bounds estimated for the specimen in Sec. 2.3.3. A main

hydraulic power supply, which also provides power to the shaking table

at the Richmond Field Station, was tapped for the hydraulic pressure

demands of the actuators. The power supply provides an adequate flow of

oil at 3000 psi to the actuators when the shaking table is not in

operation.

Each actuator was equipped with a servo-valve and a load cell, rated

for the capacity of the actuator. Each actuator was linked to a controller,

which was capable of commanding the actuator through the servo-valve on either

force or stroke control. The force feedback was obtained from the

load cell of the actuator while the stroke feedback could be obtained

from any selected displacement transducer on the specimen.

The loading system thus consisted of six actuators with servo-valves

and load cells, and six independent controllers, one for each actuator.

Each controller could be operated manually, by monitoring the force or

stroke feedback through a digital Yoltimeter, and maintaining any

desired value for the feedback. Other alternatives were also available?

to preset the force or stroke of any actuator~ a slave to the force

or stroke in a master actuator was possible by wiring between controllers.

In this manner, one master actuator could be commanded through either

force or stroke feedback while another, or any other slave actuator(s),

could apply a force or displacement which is an established percentage of

the force or displacement of the master actuator. A further option in

the operation of the actuators was the possibility of operating each
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actuator either independently or as a slave through two individual

control channels in each controller. This option was used to maintain

gravity loads in the vertical actuators individually, followed by

operating all vertical actuators as slaves to a lateral actuator to

simulate overturning and coupling effects at the top of the subassemblage.

Using the control options explained above, the six actuators were

programmed to operate in the following manner during the initial period of

tests:

(1) The gravity loads were applied by the four vertical actuators

(in increments).

(2) The lateral actuators were loaded in force control at small

increments until a certain inelastic response state was reached by the

specimen.

(3) The force in the lateral actuator at the north end was made a

slave to the force in the lateral actuator at the south end at all times.

(4) Lateral loadings after a certain inelastic response state was

continued on a displacement feedback. The problem associated with this

operation was the possibility of the failure of the wall loaded by the

slave actuator, while the wall being loaded by the master actuator

retained its capacity. Trying to maintain the same force applied by the

master ram, the 5~~ve ram would not release its load and could relentlessly

destroy the girders and the wall to which it is attached. This possibility

was checked by manually and continuously monitol~ing displacement readouts

on rams. Another alternative was to maintain identical strokes by the

two lateral actuators. This, however, was not applied during the first

series of tests as it would have resulted in involuntarily restraining

the growth of the walls and the beams at the top of the specimen, as

explained in Section 2.3.4. More significantly, relating vertical forces
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to the lateral forces would have been a difficult problem when the

lateral force in each wall is not predetermined. One possible solution

appears to be relating the vertical forces of each wall to the lateral

force that is resisted by that particular wall.

(5) The vertical actuators, after applying the gravity loads,

applied forces as a function of the forces in the master lateral actuator.

The force transfer relations between the lateral and vertical rams were

discussed and derived in Section 2.3.4.

2.5 Instrumentation and Data Acquisition

2.5.1 General

The main external force, internal force, deformation, and strain

quantities to be measured were assessed critically with the objective of

arriving at an optimum external and internal instrumentation scheme for

the specimens. Although it is usually tempting to over-instrument a test

specimen, limitations to the speed and capacity of data acquisition systems,

as well as data reduction capabilities, limit the amount of data that may

be retrieved from a test.

The six external forces (applied by the actuators, Fig. 2.67) were

monitored by load cells built specially for each actuator. The internal

forces of the four connecting beams were the internal force quantities

monitored by force transducers designed and manufactured for this

purpose, (Figs. 2.69 - 2.73). Knowing the 6 external and 12 int~rnal force

quantities, the internal forces of any other cross section of the structure

could be obtained through statics.

The deformations that were decided to be measured (Fig. 2.68) were:
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(l) The lateral displacement of each wall at each floor level and

the mid-height of the first floor.

(2) The contribution of shear distortion to the lateral deformations

of each wall at each floor level.

(3) The axial deformations along each of thE~ four edge members,

and the pull-out deformation at their bases.

(4) The average strain in the 0°, 45° and 9.0° directions, at each

corner of both first floor wall panels.

(5) The elongation (growth) of each beam.

(6) The rotations along the critical regions of the beams.

(7) The contribution of the shear distortion to these beam

rotations.

The rigid body displacement compone~ts at thH bases of the walls and

any displacement of the reference frame from which specimens' deformations

were measured, were also included in the externall instrumentation (Fig.

2.68). The internal (strain) instrumentation was designed with the

objectives of recording the strain history of and detecting the first

yield of the reinforcing bars at the critical re!Jions of the beams (Fig.

2.74) and the walls (Fig. 2.75). Bond stress distribution over a number

of the reinforcing bars at the critical regions ~~ere also obtained.

2.5.2 Data Acguisition

Special force transducers, load cells, large displacement capacity

wire linear potentiometers (wire pots), regular rnetal core linear

potentiometers (stick pots), clip gages and weldable strain gages, as

well as dial gages, constituted the force, deforrootion (displacement),

and strain measuring devices used in the experimEmts. Data from all

instrumentation were collected by two identical data acquisition systems
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at manually controlled intervals. Each system~ incorporating a teletype~

scanner boxes, a computer, and a tape device, was capable of reading up

to 500 data channels at 2 channels per second, converting this data to

engineering units, and storing it on magnetic tape. Due to the large

number of data channels (approx. 250), if only one data acquisition

system were used, a reading of all the data channels, printing of resijlts

on the teletype (requiring a significant amount of time), and writing

on magnetic tape, would have required approximately 10 minutes. This

would have resulted in acquiring data at infrequent load and/or

displacement intervals and would have led to significant inelastic

creep problems during the tests. It was decided to consider the data

in two groups connected to two different acquisition systems:

(1) Primary (control) data, including basic external force and

displacement measurements, required to control the test and immediate

diagnosis of behavior, (approx. 50 channels).

(2) Secondary data, including all strain readings and local

deformation readings (approx. 200 channels).

The primary data, involving only 50 channels, were retrieved at

close intervals and printed for immediate diagnosis; and the secondary

data were recorded on tape, which required less time than printing the

primary data. At a number of intermediate load or displacement points

during the load history, data were scanned and stored by both systems

without printing the primary data channels. Using two data acquisition

systems in such a manner facilitated the control and execution of the test.

The major force and displacement channels were also monitored by two and

three channel x-y recorders.
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The data stored on magnetic tape are reduced subsequently on a

CDC 7600 computer system. Reorganization of, and printing, plotting,

and carrying out computations on this data are achieved by writing

computer codes for thi s purpose. A deta i1 ed i n·-house report on these

data reduction codes, which also contains detai'led technical specifications

and other data on instrumentation, is available [2.4]. Brief information

is provided on the type, location, and purpose behind installation of

the individual force, displacement, or strain Sl~nsors in subsequent

sections.

2.5.3 External Instrumentation

The external instrumentation consisted of (1) Load cells, (2) Force

transducers, (3) Displacement transducers (wire or stick linear

potentiometers), (4) Cl i p gages, (5) O'ial gages. These are indicated in

Fig. 2.68.

(1) Load Cells: (Fig. 2.68) Each actuator was equipped with a

screw-in load cell rated for the capacity of thla actuator (Fig. 2.67).

The six load cells were connected to the six controllers, and then to

both data acquisition systems and recorders.

(2) Force Transducers: (Fig. 2.68) Specia'] force transducers were

designed to monitor the axial force, shear forcla, and bending moment at

the midspan of the connecting beams. A detailed in-house report is

available on these transducers [2.4]. The basic approach in the design

was to idealize a beam segment by various axially-loaded fibers (force

bars) which could be instrumented by strain-gag1es and wired so that

individual internal force channels, which do not interact with each other,

could be obtained.
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The side view of the force transducer indicating the force bars

is shown in Fig. 2.69. A front view, and connection details between

the force bars and the end plates, are shown in Figs. 2.70 and 2.71.

The wiring diagram for each of the internal force channels is shown in

Fig. 2.72. The transducers were calibrated under axial compression,

pure bending, and bending with shear, as outlined in Fig. 2.73.

In the transducers, the total number of force channels, twelve

altogether, were monitored by the primary data acquisition system. It

was possible to compute the internal force at any cross section of any

member of the subassemb1age with the information obtained from the

force transducers and the load cells, as the components of the subassemb1age

were rendered statically determinate with this information. The force

transducers thus yielded vital information to assess the overall behavior

of the subassemb1age, namely, the shear and flexural redistributions

that occurred between the walls, and the axial load in each wall.

(3) Displacement Transducers: The different types of displacement

transducers used on the specimens were wire pots, stick pots, LVDT's,

clip gages, and dial gages. An instrumentation column was erected at

each side of the specimen (Fig. 2.68), on which a wire pot was installed

to measure the lateral displacement at each floor level of each wall.

The pots at the floors were 30 in. capacity (+15 in.), while mid-height

first floor, was instrumented with 12 in. capacity (+ 6 in.) stick pots.

The top of the instrumentation columns were instrumented with wire pots

to record displacements of these columns with respect to stationary points

in the laboratory. Displacements in the order of 0.025 inches were

'recorded at the. top of the instrumentation columns because of floor

rotations at the base. The measured specimen lateral deformations were
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corrected to incorporate the displacement column displacements during

the data reduction.

The shear distortion of each floor of each wall was measured by

diagonally placed stick pots (Fig. 2.68). Elongation of the

columns and the pull-out distortion at the foundation level were

measured with clip gages (Fig. 2.68). In addition to computing the

growth of each edge column, these clip gages were USE!d to compute the

distribution of average rotation over the height of the walls. The

two first-floor panels were instrumented with clip-ga.ge rosettes at each

corner, as shown in Fig. 2.68, to evaluate the direction and magnitude

of the principal strains at these locations. Beams were instrumented

with clip gages to measure the rotations at the column-beam interface

and along the critical sections of the beams, as shown in Fig. 2.74.

The diagonally placed clip gages were for measuring the contribution

of shear distortions to the overall rotations of the beam critical regions.

The displacements and rigid body rotations of the test specimen

foundation were checked with a sufficient number of dial gages. The total

number of displacement transducers used during a typical test, follows

(Fig. 2.68)

8 30 in. capacity wire pots

23 12 in. capacity stick pots

2 12 in. capacity wire pots

16 - 4 in. long clip gages

96 - 12 in. long clip gages.

Of these instruments, the wire pots and stick pots were connected to

the primary data acquisition system. The clip gages \~ere connected to the

secondary system. The two top level displacement potl~ntiometers were
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also connected to the secondary system in order to relate the readings

in both systems. These top level displacement potentiometers were

first connected to the controllers to operate the lateral actuators in

stroke control; they were then connected to the two data acquisition

systems and recorders.

2.5.4 Internal Instrumentation

The internal instrumentation consisted of weldable strain gages with

a strain capacity of 0.02. These gages were welded along their lengths

on reinforcing bars. The protruding lugs of the deformed bars were ground

off at the locations of these gages. The strain gage locations of a typical

beam are shown in Fig. 2.74. The gages of the walls and the edge columns are

indicated in Fig. 2.75.

A total of 112 strain gages were used in each specimen, with the

basic objectives being to: (1) Detect the yield of stirrups and

flexural bars; (2) Determine the distribution of strain along the bars

instrumented with more than one gage, i.e., bond stress distribution;

(3) Obtaining the distribution of strain along cross sections instrumented

by gages at different locations, i.e., curvature ,computations; (4) Record

the history of bar strains at the critical regions of the beams, edge

columns, and panels. All the strain gages were connected to the secondary

data acquisition system.
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TABLE 2.1 MAGNITUDE AND DISTRIBUTION OF THE EARTHQUAKE LOADING

FOR THE PROTOTYPE COUPLED WALL SYSTEM (INCLUDING TORSION)

1973 UBC (ZONE 3) 1979 UBC (ZONE 4)

FLOOR KIPS KIPS

15 86.76 183.90

14 91.63 108.68

13 85.09 100.92

12 78.54 93.15

11 72.00 85.40

10 65.45 77.63

9 58.91 69.87

8 52.36 62.10

7 45.82 54.34

6 39.27 46.58

5 32.73 38.82

4 26.18 31.05

3 19.64 23.28

2 13.09 15.53

1 6.55 7.76

Total Base

Shear, Kips 774 999

* The point of application of the resultant "E" loading,
measured from the base of the wall, is: 1478 in. for
1973-UBC loading (0.68 H), and, 1534 in. for 1979-UBC
loading (0.71 H).

Preceding page blank
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TABLE 2.2 RESULTS OF NOMINAL ANALYSIS BY NONFACTORED

"E," "D" AND "L" LOADING PRESCRIBED BY UBC",73 AND UBC ...79

Bd 8 Gd 8 0 0 D 0
T ~: T v. ~ ~COUPLllIIGt tN2 N/2 N/2

VMI V M2 ~ MId t MOMEN1f ~ MId t
toe OitOEAD LOj~DtOi oet

FORCES AT THE BASE t
Le LifLiVE LOj~Dt Le Lit

RESULTING FROM
"Ell LOADING ONLY EDGE MEMBER DESIGN
( NO GRAVITY EFFECTS ) FORCES INCLUIJING GRAVITY

"E" LOAD ANALYSIS EDGE MEMBER DESIGN FORCES
(kips)

VI =V2 ~ =M2 N1 =N2 N/2 Mid De Di Le Li

(kips) (kip-in.) (kips)

UBC73 -387.00 191838 1690 845 761 854 1232 71 113

UBC79 499.50 252313 2283 1142 1001 854 1232 71 113
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TABLE 2.3 RESULTS OF NOMINAL ANALYSIS;

BEAM DEMANDS FOR "E" LOADING

BEAM END MOMENTS (KIP-IN. )

FLOOR UBC 73 TYPE UBC 79 TYPE

15
4936} 7496}

14 5522 1 8257 1

13 * 6457 * 9407

12 7567} lO749}
11 8732 2 12144 2

10 * 9867 *13493

9 10905 14717

8 11788 15745

7 12456 16504

6 12839 3 *16907 3

5 *12847 16835

4 12350 16124

3 11164 14534

2 9013 2 11710 2

1 5493 1 7125 1

Beam End Moments for Gravity Loading Wl
2

12

1.4(DL + LL) t 1312 kip-in.

0.9 DL 737 kip-in.

t LL is reduced by 60%



ONE SET
COUPLED

TABLE 2.4 LINEAR DEMANDS FOR ONE SET OF COUPLED WALLS AND

ONE TYPICAL FRAME AT THE BASE OF THE PROTOTYPE

~ ~ Lo 1OF ~: 7~12"
WALLS ~

...--VI ..--Vr ~Ve ~Vi.....-Vi~Ve

VMI VMr "-..}Me "-..}MI"-..}Mi VMe

+ Nit Nr .. Ne + Ni t Ni t Ne

ONE TYPICAL
FRAME

Vw =VI +Vr
BOMW* = M1 + Mr + ~

Vf = 2Ve + 2Vi

BOMf * = 2Me + 2Mi + 1iNi + 1eNe

WALLS RESIST ALL E/Q WALLS AND FRAMES RESIST ALL
EFFECTS INDIVIDUALLY E/Q EFFECTS TOGETHER

ANALYSIS Vw BOMW VW B°Mw Vf B°Mr
KIPS 103 kip-in kips 103 kip-in kips 103 kip-in

UBC 73 774 n44.18 656 807.35 30 190.56
"E" LOADING

EL CENTRO **
500 E, 0.33 g 4418 6188.34 5692 6963.61 257 727.73
5% DAMPING

DERIVED PACOIMA**
s16E, 0.4 g 13012 19828.06 11554 14613.28 527 1533.08
5% DAMPING

* BOM: ~ase .Q.verturning !:!oment, which is a measure of flexural demand.
** Modal Spectral Analysis, only the first three Modes of the structure were considered.

....
()'1
o



TABLE 2.5 PARTS LIST OF THE TEST FRAME

Rolled Sections 2 P1ates 2

1 To~al Total Total
Part No. of Section Length Weight No. per Dimensions Weight

Parts (in~ ) (lbs.) Part (in. ) (lbs.)

A 2 W 30x132+ 23' 3-1/4" 6.144 1 30-1/4xlO-1/2x3/4 138

2 +
33412x24x1

4 28-1/4x5x5/8 205

B 4 W 27xl77+ 25-3/8 1.500 4 24-7/8x6-5/8x3/8 287

L 4x3x5/8(4) 82 372

C 1 W 21x142+ 67 793 2 21-1/2x13-1/8x3/4 123
, 4 19-1/4x6-1/4x3/8 53

D 2 Cl10x10x5/8 31' 6-1/2" 4.667 1 12-5/8x12-5/8xl-3/4 162-
2 7x7-1/2x2 61

E 2 Cl10x10x5/8 31 f 5" 4.648 1 12x14x2 195

2 10xll-1/2x3 400

F 4 C 10x20 94 627 1 7x15x1-1/2 183

1 20-1/2x15x5/8 223

2 17-1/2x5x1 203

G 2 1 12x36x2-1/2 626

H 2 EYE 1 12-3/4x12-3/4xl-3/4 165

1 8x7x4 130

--'
<.TI
--'

1Tota1 number of various sections given in ( ) if greater than one.

2Al1 parts A36 steel except those noted + ~ A588 steel.

(Cont. )



TABLE 2.5 Continued

Rolled Sections 2 Plates 2

Part

I

J

K

L

M

N

No. of
Parts

2

2

1

2

2

2

S . 1ect1.on

EYE

EYE

EYE

CLEVIS

CLEVIS

Total
Length
(in. )

I

I

Total
Weight
(lbs.)

No. per
Part

1

1

1

1

1

1

1

2

1

2

1

1

Dimensions
(in~ )

37x18x4

17-1/2x16x8

37x18x4

10xll-1/2x6 .

13-1/8x19x2-1/2

11-1/2x10x6

20-1/2x16-1/2x2-1/2

11-3/4x10x3

16x24x3

1l-1/2xlOx3

19x15...,1/4x2-1/2

11-1/2xlOx6

Total
Weight
(lbs.)

1,545

1,300

1,545

400

181

200

490

205

668

400

420

400

.....
U1
N

o

P

5

1

L 5x5x1/2 I 52-11/16
I

C 15x33.9

378

2,829 1

4

4

6

2

72x20-/34xl/2

3-3/8x15x1/2

7x15x1/2

.13x13x2

13x18x2

217

29

61

588

136

ITOtal number of various sections given in ( ) if greater than one.

2All parts A36 steel except those noted + = A588 steel.

(Cant. )



TABLE 2.5 Continued

2 2
Rolled Sections Plates

1 Total Total Total
Part No. of Section Length Weight No. per Dimensions Weight

Parts (in. ) (lbs.) Part (in.) (lbs.)

Q 1 C 9x15 88-1/2 111

R 2 CLEVIS 1 23x2lx3

2 l6xl7x2-l/2

S 2 CLEVIS 1 2lx17-l/4x2-l/2

2 ll-1/2xlOx3

T 4 W 36x230 N.A. N.A.

U 4 W12x65 N.A. N.A.

,~

MC 12x3S(2) 34' 10" i,438 6 3-3/4x12xl/2V 2 78

MC 7x19.l(lS) IS' S73 6 10-S/8x3-1/4xl/2 60

6 7x14x1-1/2 Sl1

W* 2 o 8x8xl/2 28'2-7/8" 2,674 1 lS-l/2xlS-l!2x1-l/2 209

X* 2 C 10x2S 9' 8" 483

y* 4 o 8x8x1/2 21' 3,977 1 lS-1/2xlS-l/2x1-1/2 418

Z* 3 C 5x9 9' 6" 257

a* 4 C Sx9 15' 8" 564

b* 2 MC 8x18.7 10 32

......
(J"l

w

lTotal number of various sections given in ( ) if greater than one.

2
All parts A36 steel except those noted + = A588 steel.

*Ancillary frame parts.

(Cont. )



TABLE 2.5 Continued

Rolled Sections2
Plates2

1 Total Total Total
Part No. of Section Length Weight No. per Dimensions Weight

Parts (in. ) (lbs .) Part (in.) (lbs. )

c 6 1 36-l/2x5xl/2 159

d 4 C 9x20 96

e 6 C 10x20 40

f 4 W 6x8.5 15-1/4

g 2 PIN 5"</>STOCK 12 137

h 2 PIN 3-l/2"</>STOCK 10 56

i 2 PIN 5"</>STOCK 14 160

lTota1 number of various sections given in ( ) if greater than one.

2All parts A36 steel except those noted + = A588 steel.

--'
<.T1
.j::o
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FIG. 2.37 DISPLACEMENT HISTORIES, 4th, lOth AND 15th
FLOORS, ISOLATED COUPLED WALL MODEL SUBJECTED TO THE
1971 PACOIMA DAM (DERIVED) s16E GROUND ACCELERATION
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A2. APPENDIX TO CHAPTER 2

A.2.l ~~l~ting Girder Stiffness to Coupled Wall Stiffness

Using the laminar approach, the top deflection of the coupled wall

system subjected to a triangular distributed load (similar to that

required by seismic codes [2.16, 2.17]) has been derived as [2.3]:

where;

K l _l+~ 1
4 = ~ 1. ~(aH)2

+ (~- ak) Sinh aH)

(aH)2 Cosh aH

The nomenclature is defined at the end of Section A.2.l. There

are a number of assumptions pertaining to the above formulation, namely:

(1) The cross sectional properties of the walls and the beams

are constant over the height of the building.

(2) The walls deflect equally, i.e., the connecting elements

have zero moment at their midspan.

(3) Material is linear.

(4) Plane sections remain plane.

The top deflection of the coupled wall system, assuming it to be

a solid cantilever beam, subjected to triangular load of intensity w at

top, can be obtained as:

Ytop(solid wall) =~
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Consequently, the ratio of stiffnesses of the coupled wall and

the (hypothetical) solid wall are obtained as:

For the prototype structure, the quantities 11, 12 and 1sw are

computed as follows:

I - 30 x 2823 (30-12) x 2223 _ 6 4
11 = 2 - 12 - 12 - 39.65 x 10 in.

3 3
1sw = 12 ~2732 + 4 (18 ~230 ) + 2 (18 x 30 x 351 2)

+ 2 (16 x 30 x 992) = 536 x 106 in. 4

To evaluate Ytop(solid wall)/Ytop(coupled wall), ~ is obtained

as follows:

11 -_ 1+ 2 x 4464 x 2 x 39.65 x 106
I-' :: 1. 175

44642 x 4502

The procedure followed in constructing Fig. 2.2,where the ratio

Ytop (sol id wa11)/Ytop(couPled wa 11) is shown for various beam sections,

is as fo 11 ows :

(1) For a given beam dimension, calculate the gross section

moment of inertia, Ip' for the beam.

(2) Calculate cx, K4 and Ytop(solid wall)/Ytop(couPled wall).
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As an example, for the T-beam dimensions of 48" x 24", with 6"

flange thickness and 42" flange width,

Ip = 265,054 in. 4

ex. = ( 12 x 265,054 x 4502

144 x 1683 x 2 x 39.65 x 106

K4 = 0.1879

)

1
2"

x 1. 175 = 3.74 x 10-3 l/in.

6
Ytop(solid wall)/Ytop(couPled wall) = 2 x 39.65 x 10 x 1 = 0 79

536 x 106 0.1879 •

i.e., the stiffness of the coupled wall, assuming a triangular distribution

of external force, is 79 percent of the stiffness of the solid wall.

Notation:

Ytop = horizontal deflection at the top

w =intensity of triangularly distributed load at top

H = total height of the system

E = Youngs modulus of elasticity

h = story height

b =clear length of girder

L =distance between wall centroidal axes

Al ,A2 = cross sectional areas of walls

11,12 =moments of inertia of walls

Ip = moment of inertia of connecting girder

Isw = moment of inertia of solid cantilever wall obtained by
assuming the openings do not exist.
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(A1+A2)
1.1 = 1+ A A

1 2

a. =

A.2.2. Design of the 15-Story protot~~e Coupled Wall System with the
1973-UBC [2.16] and 1979-UBC L .17] Provisions

A.2.2.1 Dead Loads

Based on the floor area and member dimensions in Fig. 2.1, the dead

load of the beam and slab system, columns shear walls, and connecting

girders, as well as the loads due to partitions, exterior walls, and

mechanical equipment, were computed to be a total of 2028 kips for the

roof and 2295 kips for the typical floor. The total building dead weight

was then computed as 34158 kips.

A.2.2.2 Earthquake Load, 1973-UBC

According to Sec. 2314 of 1973-UBC,

0.05 hn
T = = 1.152 sec.

ID

C = 0.05 = 0.48
Vf

v = ZKCW = 1 x 0.8 x 0.048 W= 3.84% W

V=0.0384 x 34158 =1312 kips.

The structure is assumed to be located in the maximum seismic load

zone, Zone 3. Consequently, Z is 1. The horizontal force factor K is

taken as 0.8 from Table no. 23-1 of the code. According to UBC Sec. 2314 (j)

Structural Systems. 1. Design requirements.' the structure, which is
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over 160 ft tall, is required to have a space frame capable of resisting

not less than 25 percent of the required seismic forces for the structure

as a whole. Hence, the horizontal force factor, 0.8. Also, in Table

23-1, three criteria for the design of such systems are prescribed as:

{l} The frames and shear walls will resist the total lateral force

in accordance with their relative rigidities considering the interaction

of the shear walls and frames;

{2} The shear walls, acting independently of the ductile moment

resisting portions of the space frame, will resist the total required

lateral forces;

{3} The ductile moment resisting space frame will have the

capacity to resist not less than 25 percent of the required lateral

force.

By virtue of the second criterion above, the shear walls will be

designed to resist all the total required lateral forces for the

building, as this appears to be the most critical of the above criteria

for the designof these walls. However, criterion {l}, which prescribes

design with proper incorporation of the frame-wall interaction, may

resul t in a design with a more favorable ul timate 1imit state behavior.

This is discussed more thoroughly in Section 2.2.4. According to USC Sec. 2314

{g}, a 5 percent eccentricity between the centers of mass and rigidity

should be incorporated. This eccentricity results in a torque of "11808

kip-ft {0.05 x 180 ft x 1312 kips} for the N-S direction of the building.

By virtue of criterion {2} in Table 23-1 of UBC the two coupled wall

systems are assumed to resist this torque completely, by developing

shears equal to 118 kips {11808 kip-ft/100 ft} in addition to the base

shear obtained from Sec. 2314 {d}, eq. {14-1}.
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The base shear that is resisted by each coupled wall, therefore,

becomes 774 kips (1312 kips/2 + 118 kips). The distribution of this

total base shear, including the effect of torsion, irs shown in Table 2.1.

The coupled wall system was analyzed under this distribution with the

program TABS [2.20]. The results of analysis are given in Tables 2.2

and 2.3.

A.2.2.3 Earthquake Load, 1979-UBC

According to Sec. 2312 of 1979-UBC,

0.05 hnT = =1.152 sec.
I1J

C =_1___ =0.062 (was 0.048 for 1973-UBC)
15/f

v = ZIKCSW =1 x 1 x 0.8 x 0.062 x 1 W=4.96% W

v= 0.0496 x 34158 =1694 kips

The assumptions implicit in the above computation are: (1) The

structure is located in Zone 4, Zone of the highest seismic risk; (2)

Occupancy importance factor I is 1; (3) Site-structure resonance

coefficient S is 1. The assumptions were made to obtain the earthquake

load that may be as near as possible to the load prescribed by the

1973-UBC. There is, regardless, a 29 percent increase in the base shear

as compared to the base shear computed by the 1973-U'BC, due to the

difference in the coefficient C. In general, the coefficient S will be

larger than 1, accentuating the increase in base shear.

The provisions in UBC-1979 regarding the horizontal force factor Kare

unchanged from UBC-1973. The discussion pertaining to this factor in
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Sec. A.2.2.2 will be valid here as well. The design earthquake base

shear of one coupled wall system, incorporating the provision 2312 (e) 5,

regarding the Horizontal Torsional Moment,in a similar manner as in

Sec. A.2.2.2, becomes 999 kips (1694 kips/2 + 0.05 x 180 ft x 1694 kips/100

ft) .

Provisions regarding the distribution of this base shear, specifically

the expression for the concentrated force at the top of the structure,

are different than in 1973-UBC. The computed distribution is shown in

Table 2.1. The moment to shear ratio at the base is 71 percent of

hei'ght, as compared to 68 percent of height, which was obtained for the

1973-UBC prescribed distribution. It is concluded that the lateral force

and the moment to shear ratio resulting from this distribution are signi

ficantly more in the 1979-UBC provisions.

The results of analysis of the coupled wall system by the 1979-UBC

prescribed loading using the program TABS [2.20] are given in Tables

2.2 and 2.3. Comparing nominal analysis results, wall base moment, and

base shear demands and beam flexural demands are approximately 30 percent

to 35 percent more with 1979-UBC prescribed loading as compared to 1973-UBC

prescribed loading.

A.2.2.4 Gravity Loads of the Coupled Wall System

The gravity loads of the edge members of the coupled wall system were

based on tributary areas of 235 sq ft for the exterior and 375 sq ft for

the interior edge member (Table 2.2). The live load was reduced by 60 per

cent as permitted by Sec .. 2306 of USC (73 and 79), to 20 psf. The dead and

live loads, thus computed, were 854 kips and 71 kips at the foundation

of the exterior edge columns, respectively. The interior columns were

computed to have 1232 kips and 113 kips as dead and live loading at the

foundation, respectively. These loads are indicated on Table 2.2.
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A.2.2.5 Design of the Wall Edge Columns with the 1973-UBC Provisions

The unfactored earthquake and gravity load demands from the edge

columns of the coupled shear wall are indicated in Table 2.2. The

exterior columns are observed to be critical members, as the forces due

to the overturning moment and coupling action cancel each other at

the interior columns. The edge columns are designed as members under

pure axial load (Sec. 2627). Tension column (Table 2.2) demand:

1.4E + 0.9 D =1644 kips, where ~ = 0.9. With 8#18 bars (p = 3.56%),
~

supply is 1920 kips. Compression column (Table 2.2) demand:

1.4 (E ; D+ L) = 4725 kips, where ~ = 0.75. With 8#18 bars, supply is:

0.85 x 4 (302 - 4 x 8) + 60 x 8 x 4 =4821 kips. In these computations

the biaxial moments are not considered as the lateral earthquake forces

are assumed to act nonconcurrently according to UBC [2.16, 2.17]. ATC

3[2.15] recommends the incorporation in design of 30 percent of the effects

caused by the lateral seismic forces acting in the orthogonal direction.

Slenderness effects are also neglected in the edge member design as the

wall panel fully restrains the edge columns in the p1a.ne of the wall, and

the floor slab offers sufficient restraint to avoid buckling of the column

in the plane perpendicular to the wa~l.

The inner column demands require only minimum reinforcement, nine

#9 bars, p = 1%. However, due to reasons explained in Section 2.2.2 of

this report, these columns were provided with the samE~ reinforcement as

the exterior columns (Fig. 2.3). The reinforcement demands of the inner

edge columns of the coupled walls were also checked by considering the

design of these columns as part of the frames along the long direction

of the building. The demands. computed in this mannet·, still required

only minimum reinforcement.

By virtue of Sec. 2627(c), the edge columns should be provided by
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special transverse reinforcement. It was decided to use spiral rein

forcement for this purpose. According to Sec. 2626(e) - 4, the minimum

percentage for spiral reinforcement is 0.45 (A /A -l)f'/f = 0.172.gee y

This is larger than 0.12 f~/fYh' Using Gr. 60 #5 bar for spiral with

a pitch of 2.5 in., Ps = 0.018. The column with this lateral reinforce

ment is capable of resisting a shear of:

Vu = (2Av/3)fydc/~s) = (2 x 2 x 0.3/3) 60 x 26/(0.85 x 2.5} = 294 kips

by virtue of expression (26-7), Sec. 2626 of UBC, where the concrete con

tribution is neglected. The contribution of the four edge columns to the

she~r resistance of the walls, based on this computation, is 4 x 294 =

1176 kips.

An important shortcoming of the code (1973-UBC, 1979-UBC) provisions

in the design of frame-wall (dual) structural systems is observed when

the design of the walls in the longer direction of the building is con

sidered. The period of the building in this direction is computed as:
0.05h

T = n = 0.05 x 130 = 0.67 sees.
Ii) If80

and the spectral coefficient Cis:

C = 0.05 = 0.05 = 0.057
'if 3/0 . 67

which is 19 percent larger than the value of C for the short direction.

The corresponding earthquake base shear for the building is V = 1558 kips,

as compared to the 1312 kips for the shorter direction. By virtue of the

provision requiring that "the shear walls, acting independently of the

ductile moment resisting protions of the space frame shall resist the

total required lateral forces, II the four shear walls in the longer di-

rectionof the building (Fig. 2.l) should be designed for higher demands

than the walls in the shorter direction.

The relative contribution of these walls to the overall strength



A10

and stiffness of the building in the longer direction is significantly

less than the corresponding contribution of the walls in the shorter

direction. Consequently, when the designer incorporates walls in a

certain direction of a building frame, when the frame stiffness and

strength along that direction is high, the wall demands are severely and

unjustifiably increased when all the earthquake force attracted in that

direction is assigned to the walls. ATC-3 [2.15J requires the total

seismic force to be distributed to the components of the seismic resist-

ing system with due consideration of the relative stiffnesses of the

components and the diaphragm. This is a more realist"ic approach.

A.2.2.6 Shear Design of the Walls in Accordance with 1973-UBC Provisions

Results of Analysis with 1973-UBC "E" "loading (Table 2.2) indicate

a base shear force of 387 kips for each wall and one coupled shear wall

system in the building. According to Section 2627.(a), the demand is

either 1.4(D+L) + 1.4E or 0.9D+1.4E, but 2.8E instead of 1.4E should be

used in calculating shear and diagonal tension stresSI~S. As 0.9D+l.4E

results in a tension Nu in the wall of (-)489 kips, this axial force is

selected acting together with V-387 kips in designing against shear.

The moment Mu corresponding to this combination is 2.7 x 105 kip-in. (The

value of unfactored internal forces corresponding to D, Land E are given

in Table 2.2). The design shear is computed from 2.8 x 387/0.85 = 1275 kips

where 0.85 is the cj> factor. The corresponding shear stress is computed as

1275/(0.8 x 282 x 12) = 0.470 ksi, from eq {1l-3l}, Sl~ction 26l1.(q}. This

is less than 101fT, which is 0.632 ksi for a nominal concrete stress ofc
4000 psi. Section 2611.(q) permits the use of expression (11.-8), Vc =

2(1+0.002 N/Ag):/ff, to compute a concrete contribution. This contribution
. c

is considered zero for columns when the axial compressive stress is less than
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0.12 f~ (Sec. 2626.). The concrete contribution corresponding to

expression (11-8) is 2(1-0.002 x 489000/4464)/4000 = 100 psi. UBC-1973,

therefore, acknowledges a concrete contribution in the shear design of a

wall which is subjected to a tensile stress.

The same code does not permit concrete contribution in the shear

design of the columns of DMRSF's when the "compressivell stress is less than

0.12f~.

The wall steel ,finally, is computed by the following expression,

incorporating concrete contribution:

Assuming a 12 in. spacing,

Av = (470-100) x 12 x 12/60000 = 0.88 in. 2

Using two #6 b~rs (12 in. O.C.), Av = 0.88 in. 2. The corresponding

Ph = 0.88/(12 x12) ;: 0.0061, which is larger than 0.0025. The vertical

wall reinforcement, according to Section 2611.(q), is computed from

P = 0.0025 + 0.5 (2.5 - h /h )(Ph-0.0025), which is less than 0.0025.n w w

It w~s decided to use Pn equal to Ph as suggested by the SEAOC, [2.l3Jthat

is, two #6 bars at 12 in. O.C. The wall, therefore, was designed with

two curtains of #6 Gr. 60 reinforcement at 12 in. O.C. both ways. If

the concrete contribution is neglected, the spacing becomes 9 in. Such

a closer spacing was not chosen because the actual shear carrying

mechanism of walls with confined edge members is quite different from

the shear carrying mechanism of beams, on which these design provisions

were based. The walls wtth confined edge columns are capable of developing

shear strengths significantly larger than those computed from beam (truss)

analogy. Furthermore, the contribution of web steel to the
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shear strength of such walls were observed to be not as significant as

this contribution in the case of beams. Note that the' edge

members acting as separate columns are capable of resisting a

shear inducing diagonal tension type of shear failure of 294 kips

each, as computed in A 2.2.5. This contribution is 588 kips

for each wall, which constitutes 46 percent of the required supply of

shear strength from the wall. This contribution, however significant,

is completely neglected when the wall shear reinforcemlent is computed

based on UBC expressions [2.16, 2.17].

A.2.2.7 Design of the Connecting Beams with the 1973-UBC Provisions

The connecting beams were considered in three groups for design

purposes, as shown in Table 2.3., as there was a significant change in

demands along the height of the structure. These demands were obtained

through linear analysis with the code prescribed loading.

Design for type 3 beam (3rd - 9th floors): The design of the type

3 beam was based on the demands of the fifth floor. (Table 2.3). The

negative moment demand, 1.4(0 + L + E)/$ was computed as 21442 kip-in.

({1312 + 1.4 x 12847}/0.9). The positive moment demand was computed by

(0.90 + 1.4E)/O.9, as 19166 kip-in ({-737 + 1.4 x 12847}/0.9). Using

nine #9 bars top and eight #9 bars bottom, the positive and negative

moment supplies were computed as 21033 kip-in. and 23356 kip-in., res

pectively, with established ultimate strength procedures.

The design shear force was then obtained as 377 kips (1.25{21033 +

23356}/168 + 47), incorporating a simple span shear of 47 kips for the

load combination of 1.4 (0 + L). This results in a nominal shear stress

demand of 406 psi (377/{O.85 x 24 x 45.5}). This is a significantly high

nominal shear stress equivalent to 6.42~. The correspondin~ area of web

reinforcement, for a center to center spacing of 4-1/2~ inches, is computed

as 0.5 in. 2 (4.5 x 24{406 - 2/4000}/60000). Accordin£! to the code
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provisions! a tie spacing of 9 in. is permitted (Sec. 2626(e) 5-c) as

d/4! 8 bar diameters! 24 stirrup tie diameters or 12 inches! whichever

is less! is specified for the maximum spacing at member ends. Using #4

bars for ties! the critical constraint is 8 bar diameters! which is 9

inches. To have a tie spacing of 9 inches for a beam which is expected

to develop a shear stress of 6.42~! although permitted by the code!

is known to be an extremely deficient design (Sec. 1.2.3) considering the

post yield cyclic behavior of the beam. Consequently! a spacing of

4-1/2 inches corresponding to half of the spacing permitted by the code!

was selected.

The amount of web reinforcement is another factor requiring careful

consideration in design. Three #4 bars (0.6 in. 2) are sufficient for

the calculated demand of 0.5 in. 2! based on the 4-1/2 in. spacing.

HoWever! as explained in Sec. 2.2.2! when the need to provide effective

lateral restraints to all the main bars is considered! eight #4 bars

had to be provided! as shown in Fig. 2.4.

A simpler scheme is possible if #12 bars are used to replace #9

bars as the main flexural reinforcement! as shown in Fig. 2.4! alternative

2. Although a #12 bar does not exist! this would correspond to a #4 bar

in the 1/3-scale model! which ;s available. In this case six #4 bars 

two ties and a crosstie are adequate for lateral support of the flexural

bars.

In each of the two alternatives! Fig. 2.4! the amount of lateral rein

forcement is significantly more than the demand due to shear. Alternative

2 was selected as it was simpler! although larger bars! in general! lead

to anchorage problems. The supply of shear reinforcement in this

alternative is 1.14 in. 2! compared to 0.5 in. 2 of demand. On the other

hand! using #12 bars rather than #9 bars results in a slight increase
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in the demand as the area of six #12 bars is 19 percent larger than

the area of nine #9 bars.

Design for type 2 beam (2nd, 10 - 12th floors): The demands of this

type of beam were based on the demands of the tenth-flloor beam (Table 2.3).

Negative moment demand was computed as 16807 kip-in. ({l.4 x 9867 + 1312}/

0.9). The positive moment demand was 14530 kip-in.n ,,4x9867-737)/0.9}.

Using seven #9 bars top and six #9 bars bottom, the sllpplied flexural

strengths were computed as 15926 kip-in. and 18171 kip-in. for the positive

and negative moment directions, respectively.

The design shear force for this beam was obtained as 301 kips

(1.25{15926 + 18171}/li8 + 47). The resulting nominal shear stress

demand is 324 psi {5.12~, incorporating the ep factor of 0.85. Demand

for tie area, based on a tie spacing of 4-1/2 in., is computed as 0.36

in. 2 ({324 - 2/4000} 24 x 4.5/60000). Using three #3 ties and one #3

crosstie for the purpose of restraining the main flexural bars, as shown

in Fig. 2.5, as alternative 1, the supply becomes o.n in. 2. A simpler

scheme is possible if four #12 (7.06 in. 2) bars are used to replace the

seven #9 (7 in. 2) and six #9 (6 in. 2) bars top and bottom and using two

#4 ties. In this case the supply is 0.8 in,,2{Fig. 2.5).

Design for type 1 beam pst, 13-15th floors): DE~mands are based on

the analysis results for the 13th-floor beam. These were computed as

9226 kip-in. and 11502 kip-in. for the positive and nE~gative bending

directions, respectively. Using four #9 and five #9, the supplied strengths

were computed as 10718 kip-in. and 13402 kip-in. for the same bending

directions, respectively. The design shear force is computed as 226 kips,

and the corresponding nominal shear stress demand is 243 psi (3.84~).

The demand for tie area, based on a 7-1/2 in. spacing, was computed as

0.35 in. 2. Using two #4 ties, supply is 0.79 in. 2• As the demand from
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this type of beam is significantly lower than the others, a 7-1/2 in.

spacing was used (Fig. 2.6).

A.2.2.8 Design of the Wall Edge Columns with 1979-UBC Provisions

The procedure for design is similar to the 1973-UBC design. The

unfactored earthquake and gravity load demands are indicated in Table 2.2.

The nominal design demands for the tension and compression columns were

obtained as 2480 kips and 5727 kips, respectively. Using twelve #18 bars

in these columns (p = 5.3%), the supplies in tension and compression

become 2880 kips and 5777 kips, respectively. The spiral requirements

of the 1979-UBC code are similar to these requirements of the 1973-UBC,

and hence, #5 spiral with 2-1/2 in. pitch was selected. The resulting

edge column design is shown in Fig. 2.3. The flexural steel in the edge

columns of the wall designed with 1979-UBC provisions is 50 percent more

than the steel in the edge columns of the wall designed with 1973-UBC

provisions.

A.2.2.9 Shear Design of the Walls in Accordance with 1979-UBC Provisions

Unfactored "E" loading results in a base shear of 499.5 kips for each

wa11_(Tab1e 2.2). The demands are expressed as either 1.4 (D+L)+1.4E or

0.9D+1.4E where 2E instead of 1.4E will be used in computing shear stress.

As both combinations result in compression in the walls, a concrete

contribution of 2~ is permitted. The design shear force is calculated

as 1175 kips (2 x 499.5/0.85). The corresponding nominal stress is 434

psi (1175000/{0.8 x 282 x 12}), where 0.8 times total depth of the wall

section is used to compute the effective depth. The nominal stress is

equivalent to 6.86~, less than 10~. Horizontal wall reinforcement

is established as two #6 bars at 14 in. O.C., resulting in a Ph of

0.0052 (2 x 0.44/12 x 14). The demand, for the nominal shear stress of
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434 psi, is computed from (434 - 2/4000)/60000 as 0.0051. The

horizontal wall reinforcement is made equal to the vey'tica1 reinforcement

(fig. 2.3). It is observed that the 1979-UBC design results in 50

percent more edge column flexural steel and 17 percent less horizontal

and vertical wall steel, as compared to the 1973-UBC design. The actual

shear demand of the 1979-UBC designed wall is expected to be significantly

higher than that of 1973-UBC design, due to the increased yield strength

at the base. The shear design of this wal1 9 however, is carried out for

less shear than the 1973-UBC design.

A.2.2.10 Design of the Connecting Beams with 1979-UBC Provisions

The design procedure is similar to that followed in the 1973-UBC

design. The liE" load demands of the beams are shown in Table 2.3, and

the .beams are designed in three types, as indicated it'll this Table.

Design for type 3 beam (3rd - 9th floors): The sixth-floor beam

has the 1argest demands for positi ve and negati ve mome!nt (Table 2.3).

The nominal demands were computed as 25481 kip-in. and 27758 kip-in. for

the positive and negative bending directions. Using twelve #9 bars top

and eleven #9 bars bottom, the supplies for the positive and negative

bending directions are obtained as 21845 kip-in. and 3:0332 kip-in.,

respectively. An alternative is using eight #12 bars top and seven #12

bars bottom, as shown in Fig. 2.7, increasing the supplies by approximately

20 percent. The design shear force was obtained as 48:0 kips for this

beam (1.25130332 + 27845}/168 + 47). The corresponding nominal stress

is 529 psi (480000!10.85 x 24 x 44.5})= 8.4~. The tie stress is computed as

403 psi (529 - 2/4000) which satisfies the code as this is 6.4~ , less

than 81fT. The amount of total nominal shear stress, 8.4~C" althoughc .
permitted by the code, is an extremely high shear stre!ss to expect an
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adequate hysteretic response with the conventional detailing used.

Using a 4-1/2 in. tie spacing, the required area of ties is obtained

as 1.21 in. 2 (403 x 4.5 x 24/60000). Each of the three alternatives

in Fig. 2.7 provide adequate supplies according to code requirements.

Design for type 2 and type 1 beams: As indicated in Table 2.3,

the demands for the type 2 and type 1 beams, 1979-UBC design, are

quite close to the demands for the type 3 and type 2 beams, 1973-UBC

design. Consequently, beam types 3 and 2 of the 1973-UBC design are

adapted for beam types 2 and 1 of the 1979-UBC design, shown in Figs.

2.4 and 2.5.
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