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ABSTRACT

Many port and harbor facilities throughout the weorld are
located in highly seismic regions, and such facilities are
susceptible to extengive damage from earthquake ground shaking.
In view of this, and the serious consequences of the earthquake-
related loss of a major poxt, this research program has investi-
gated the seismic response characteristics of port and harbor
facilities. The particular issues addressed by the program were
(1) the lessons that can be learned frem the extent, type, and
causes of the damage induced to port and harbor facilities by
prior earthquakes; (2) the adequacy of the current seismic design
provisions for such facilities; and (3) the applicability of
dynamic analysis as a means for enhancing these design provisions.
The principle findings of the program were that (1) past earth-
quakes have shown that the potential for significant damage to
port and harbor facilities is most strongly related to porewater
pressure buildup in the surrounding soil materials; (2) the current
seismic design provisions for such facilities often fail to take
proper account of many of the possible effects of earthqguake
ground motions; (3) dynamic analysis can enhance the earthquake~
resistant design of port and harbor facilities, and should be
incorporated to a much greater extent into their seismic design
provisions; and (4) deterministic total stress methods of dynamic
analysis are applicable to port and harbor facilities at this
time, and the continuing development of deterministic effective
stress methods and probabilistic methods should add significantly
to these existing dynamic analysis capabilities.
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CHAPTER 1

OVERVIEW OF RESEARCH PROGRAM

1.1 PROGRAM OBJECTIVES

An important component of regional, naticnal, and world-wide
lifeline systems is port and harbor facilities. Such facilities
function to load, unload, ship, and store cargoes of materiel and
personnel, and to provide fdr repair and maintenance operations
for support of this function. The interruption of this wvital
function, for any reason, could result in serious hardships
and far-reaching economic¢ consequences.

Many port and harbor facilities are located in highly seismic
regions, and experience from past major earthquakes has shown that
such facilities are susceptible to extensive earthquake-induced
damage and property loss {(e.g., Kuribayashi and Tazaki, 1979).

In view of this, Agbabian Associates has carried out a multiyear
research program to investigate how port and harbor facilities
respond to strong earthquake motions, and how they can be designed
and analyzed to resist these seismic effects. In particular, this
program, carried out under National Science Foundation sponsorship,
has addressed the following issues:

e How have port and harbor facilities been damaged during
past earthquakes, and what lessons can be learned from
these damage observations?

° How are port and harbor facilities currently designed
to resist earthquakes, and what are the merits and
limitations of these design procedures?

e Bow can current dynamic analysis procedures be used
to enhance our ability to design port and harbor
facilities against earthquake ground shaking effects?
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What future analytical development efforts should be
undertaken to further improve our understanding of
the behavior of port and harbor facilities during
earthquakes, as well as oux current seismic design
capabilities?

This report presents the findings of this prdgram in a form

that can be disseminated to consulting engineers, port authority

personnel, and government personnel engaged in the design and/or
administration of port and harbor facilities. It is intended to

provide guidance for appropriate enhancement of the seismic design
and analysis procedures for these facilities, so that their vulner-
ability to earthquake-induced ground shaking can be reduced.

1.2 PROGRAM SCOFE

To fulfill the above objectives, this research program has
involved the following technical efforts:

A review and compilation of available documentation
from the United States, Chile, and Japan regarding the
susceptibility of port and harbor facilities to strong
earthquakes.

From this compilation, an identification of the primary
modes and causes of damage suffered by port and harbor
facilities during earthquakes.

An evaluation of current seismic design provisions for
port and harbor facilities.

An assessment of the applicability of current dynamic
analysis techniques to the seismic design of port and
harbor facilities, and an identification of directions
for additional development of such techniques that
might enhance our seismic design capabilities in the
future.

1-2
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e Implementation of an illustrative dynamic analysis that
shows the kinds of valuable design-related information
that can be obtained from such analyses for port and
harbor facilities.

It is noted that the above efforts pertain only to effects
of dynamic earthquake-induced gfound shaking on the behavior of
structures and the surrounding soil media at ports and harbors.
Consideration of the additional effects of earthquake~induced
tsunamis, which are also important for port and harbor facilities,
is beyond the scope of this research program.

1.3 REPORT ORGANIZATION

This report is divided into five main chapters. The remainder
of this first chapter contains a summary ¢of the results that are
described in more detail in subsequent chapters. Chapter 2
contains results of our compilation and assessment of prior
information pertaining to how port and harbor facilities have
fared during past earthquakes. Our review and evaluation of
current seismic design provisions for port and harbor facilities
is provided in Chapter 3, and Chapter 4 explores how these design
provisions can be enhanced by incorporating dynamic analysis tech-
niques. Our illustrative dynamic analysis, carried out for an
actual sheet-pile bulkhead structure in Japan, is contained in
Chapter 5.

1.4 SUMMARY OF RESULTS

The results of this program, organized into the results from
each chapter of the report, are summarized in the subsections
that follow.

1-3
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1.4.1 BEHAVIOR OF PORT AND HARBOR FACILITIES DURING
PRIOR EARTHQUAKES (CHAPT. 2)

To identify the lessons that can be learned from the behavior
of port and harbor facilities during past earthquakes, the first
phase of this research program compiled and assessed available
documented information pertaining to (1) the extent to which port
and harbor facilities have been damaged during prior earthquakes;
and (2) principal causes and modes of this damage. All available
information that could be obtained within the resources of this
program was used in carrying out this damage assessment. This
information was primarily from Japan (much of which required
Japanese-English translation) although significant information was
also available from the United States and Chile. Results from our
evaluation of this information is contained in Chapter 2 of this
report.

The particular earthquakes>from which documented damage
to port and harbor facilities has been obtained are listed
in Table 1-1, together with a summary of the damage that has
occurred and possible causes of this damage. This information
indicates the following important trends:

[ By far the most significant source of earthquake-
induced damage to port and harbor facilities has been
porewater pressure buildup in the loose-~to-medium dense,
saturated, cochesionless soils that prevail at port and
harbor sites. This has led to damage due to excessive
lateral pressures applied to gquay walls and bulkheads
by backfill materials (Item A in Table 1-1), and to
liquefaction (Item B), localized sliding (Item C), or
massive submarine sliding of the site soil materials
(Item D).



TABLE 1-1, SUMMARY QF EARTHQUAKE-INDUCED DAMAGE TO PORT
AND HARBOR FACILITIES
Earthquake Damage
Port Possible
Location Pate Magoitude Location Description Cauze(s)
Kanto, Japan Gep 1, 1923 8.2 Yokohams and | Concrete block quay walls: sliding, tilting, and/or collapse A
Yokosukas with some bearing capacity failure of rubble-stone
foundation
Steel bridge pier: buckling of pile supports C,E
Kitaizu, Japan Nov 26, 1930 1.0 Shimizu Caisson quay vall (183 m loggl tilting, outward sliding
(8.3 &), and settlemeat (1.6 A.B.C
L-Shaped bhlock guay wall (750 m long): outward sliding (4.5 w)] "*7°
and settlement (1.2 m)
Shizuoka, Japan Jul 11, 1935 6.3 Shimizu Caisson quay wall: outward sliding (5.5 m) and settlement - A,B,C
{0.9 m) accompanied by anchor system failure
Tonankai, Japan Dec 7, 1944 8.3 Yokkaichi Pile~-supported concrete girder and deck: outward sliding
(3.7 m) accompanied by extensive moil sliding AB,C
Nagoya Sheet-pile bulkhead with platform: outward bulging (4 w) e
Onaka Steel sheet-pile bulkhead: outward bulging (3 m)
Nankai, Japan Dec 21, 1946 8.1 Nagoya Sheet-pile bulkhead with platform: outward bulging (4 w)
Yokkaichi Pile-gupported concrete girder and deck: outward aliding
(3.7 w)
Osaka Steel sheet-pile bulkhead: outward bulging (3 @) and A,B,C
settiement (0.6 w)
Uno Gravity-type concrete block and caisson quay wall: seaward
sliding (0.4 m) accompsnied by soil sliding
Tokachi-Oki, Mar 4, 1952 8.1 Kushire Concrete caisson quay wall: tilting, outward sliding (6 m), A,B,C
Japan and settlement (1 m)
Chile May 22, 1860 8.4 Puerto Montt | Concrete caisson quay walls; overturning and extensive
tilting
Steel sheet-pile seawall: outward sliding (up to 1| m) and AB.C
anchor failure T
Gravity-type concrete seawall: complete averturning and
sliding (1.5 m)
Talcuhuano Concrete block quay wall: outward tilting A B
Alaska Har 27, 1964 8.4 Anchorage Dock structures: extensive seaward tilting with bowing, B,D,E
buckling, and yielding of pile supports
Valdez Entire harbor: destroyed by massive submarine landslide
Whittier Pile-supported piers and docks: buckling, bending, and
twisting of steel pile supports B.D
Steel sheet-pile bulkhead: extensive bulging '
Seward Hajor portion of harbor: destroyed by massive submarine

landslide

| crab ocidi
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TABLE 1-1., CONCLUDED)

Earthquake

Location

Date

Magnitude

Pert
Location

Damage

Description

Passible
Cause(s)

Niigata, Japan

Jun 16, 1964

1.5

Niigata

Extensive demage due to liquefaction and sliding of soil
strata. Summary of damage is as follows:
Piers and lsndings: sliding (up to 5 m), submergence, and
tilting
Sheet-pile bulkheads: sliding (over 2 m), submergence,
settlement (up to 1 m), and tilting. Extensive anchor
failure
Quay-valls: ses sliding {up to 3 m) settlement (up to
4 m} with extensive anchor failure and wall tilting

A,B,C

Tokachi-Oki ,
Japan

May 16, 1968

7.8

Hachinohe

Aomori

Hakodate

Steel sheet-pile bulkheads: outward sliding (0.9 m), tilting,
and settlement, with anchor failure

Gravity-type quay wall: sliding and settlement (0.4 m)

Gravity-type breakwater: sliding (0.9 m) and pavement
settlement (0.9 m)

Steel sheet-pile bulkhead: seaward tilting (0.6 m) and apron
settlemeat (0.3 m)

Quay~wall: settlement (0.6 m) and sliding (0.4 m)

Nemuro-Hanto-0ki,
Japan

Jun 17, 1973

1.4

Hanasaki

Kiritappu

Gravity-type quay wall: sliding (1.2 m) and settlement (0.3 m)
with corresponding apron settlemeat (1.2 m)

Steel sheet-pile bulkhead: sliding (2 m) and anchor failure

Steel sheet-pile bulkhead: relatively minor damage

Gravity-type quay walls: relstively minor damage

Miyagi-Kea-0ki,
Japan ’

Jun 12, 1978

1.4

Shiogama

Ishinomaki

Yuriage

Sendai

Concrete gravity-type quay wall: outward tilting (0.6 m) and
spron pavement settlement (0.4 m)

Steel sheet-pile bulkheads: outward sliding (up to 1.2 m) and
apron settlement (up to 1 m)

Concrete block retaining wall: sliding, tilting, and cracking
with corresponding pavement settlement (0.2 m) relative to
wall

Concrete block gravity quay wall and steel sheet-pile
bulkhead: large horizontal displacements (up te
1.2 m)

Bteel sheet-pile bulkheads: cracking and settlement of
apron and pavements

Legend

A: Excessive lateral pressure from backfill materials, in the
absence of complete liquefaction, and possibly accompanied

by reduction in water pressure on outside of wall

B: Liquefaction

C: Localized sliding
: Hassive submarine slidiag

E: Vibrations of structure

S6eS~-CC18~d
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To substantiate the importance of these porewater
pressure effects, Chapter 2 cites several cases
involving similar port and harbor structures located
on adjacent sites, in which one site experienced sig-
nificant porewater pressure buildup during a given
earthquake and the other did not. Invariably, the
structures at the sites with significant porewater
pressure buildup suffered severe damage, whereas the
damage to structures at the other sites was much less
substantial. In other such examples cited in Chapter 2,
widespread liquefaction and massive soil sliding caused
by porewater pressure buildup has resulted in complete
destruction of entire port and harbor areas (e.g., the
Niigata, 1964, and Alaska, 1964, earthquakes).

There was very little, if any, evidence of damage
directly related to the earthquake-induced vibrations

of the structures (Item E in Table 1-1). This may be
either because direct structural effects are overshadowed
by the effects of porewater pressure buildup in the
adjacent soils, or because the seismic design provisions
related to structure vibratory effects are adequate or
conservative. The more extensive use of dynamic analyses
of the type described in Chapter 4 and carried out in
Chapter 5 could provide important insights along these
lines.

Insights into the importance of the seismic coefficients
used in the design of port and harbor facilities are
provided by evidence from Japanese earthgquakes. For
example, in the earthquakes at Niigata (1964), Tokachi=-
Oki (1968), and Nemuro-Hanto-Oki (1973), affected port
and harbor facilities were all designed using seismic

1-7



/ll\ R-8122-5395

coefficients whose values were about half the values
of the peak accelerations actually experienced during
the earthquakes. Despite this similarity, these three
earthquakes caused widely varying degrees of harbor
damage. This damage appeared to be most closely
related to the extent of liquefaction of the affected
harbor sites, which was greatest during the Niigata
earthquake and was least during the Tokachi-OCki event.
This suggests that the seismic coefficients used in
design of port and harbor facilities are of secondary
importance, when compared to the potential for liquefac-
tion of the site soil materials.

® Although the effects of porewater pressure buildup and
liquefaction are predominant, there is evidence that
the structure configurations, including the anchor
system used for retaiﬁing wall structures, also plays
an important role in the behavior of the port and harbor
facilities during earthquakes. Chapter 2 c¢ites several
examples of the strong influence of the anchor system
on the failure or survival of waterfront structures.
Along these lines, the chapter also provides strong
evidence that undesirable configurations of several
structures at the Niigata Port contributed to the
widespread damage that occurred at that port during
the 1964 Niigata earthguake.

1.4.2 CURRENT SEISMIC DESIGN PROCEDURES (CHAPT. 3)

Having established the predominant factors that have contri-
buted to the significant damage to port and harbor facilities
during past earthquakes, the next phase of this program assessed
how such facilities are designed againsﬁ these factors, and whether
these design procedures are adequate. To carry this out, seismic
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design provisions used for port and harbor facilities in Japan

and in the United States were compiled, revigwed, and evaluated.
Results of these efforts are contained in Chapter 3 of this report,
where the design procedure assessments are categorized as corre-
sponding to geotechnical considerations and structure—specific
considerations.

1.4.2.1 Geotechnical Considerations

The geotechnical phenomena addressed in this seismic design
assessment pertain to (1) lateral earth pressures for retaining
wall structures; (2) earthquake-induced dynamic water pressures;
(3) earthquake effects on bearing capacity; (4) lateral and axial
resigtance of piles to seismic effects; (5) earthguake=-induced
slope instability; and (6) liquefaction. The port and harbor
facility design practice pertaining to these phenomena is summa-
rized in Table 1-2. This table indicates that most of these
phenomena are either ignored or are treated using simplified
pseudostatic technigques that have important limitations when used
to represent dynamic effects from earthquakes. Dynamic analysis
is now routinely carried out only for liquefaction investigations
under free-field conditions; however even this is a relatively
recent investigation and a potential major problem exists at
many ports and harbors because possible liquefaction had been
essentially ignored in past seismic design practice. In fact,
when viewed in the context of the overall design requirements
for port and harbor facilities, the geotechnical-related seismic
effects summarized in Table 1-2 do not play nearly as major a
role in the design process as would be desirable, in view of the
extensive damage to such facilities that has occurred during prior
earthquakes.

1-9
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TABLE 1-2., GEOTECHENICAL-RELATED SEISMIC DESIGN PRACTICE
FOR PORT AND HARBOR FACILITIES (As of mid-1982)
Itenm Predominant Design Practice

Earthquake-Induced Lateral
Earth Pressures for Retain-
ing wWall Structures

Mononobe-Okabe method most typically
used, occasionally incorporating
suggested simplifications by Seed
and Whitman (1970).

Earthquake-Induced Dynamic
Water Pressures

Usually ignored. Westergaard (1933)
procedure occasionally used.

Earthquake Effects on
Bearing Capacity

Usually ignored.

Lateral and Axial Resistance
of Piles to Seismic Effects

Usually either ignored or considered
using pseudostatic procedures.

Earthquake-Induced Slope
Instability

Pseudostatic methods most typically
used.

Liquefaction

Standard procedures described by
Seed (197%9a) most typically used,
incorporating empirical and/or 1-D
total stress dynamic analysis
techniques. Occasional use of

1-D effective stress methods.

1-10
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1.4.2.2 Structure-Specific Considerations

As part of this assessment effort, seismic design consid-
erations have been summarized for three major types of port and
harbor structures--gravity-type quay walls, sheet-pile bulkheads,
and piers. These design considerations are summarized in
Table 1-3.

1.4.3 DYNAMIC ANALYSIS PRCCEDURES (CHAPT. 4)

In view of the susceptibility of port and harbor facilities
to damage from earthquakes and the limitations in the current
seismic design provisions, it would seem that dynamic analysis
should play a greater role in the seismic design of such facili-
ties than it has in the past. A dynamic analysis for use in the
design process involves five main steps, which are (1) the measure-
ment of reliable soils data; (2) the selection of an appropriate
analysis procedure; (3) the development of a suitable model of the
soil/structure system; (4) implementation of the dynamic response
calculation; and (5) utilization of the analysis results in the
design process. Sound engineering judgment must be exercised
during each stage of such an analysis. It is particularly
important to check that the results obtained and conclusions
drawn are consistent with engineering experience and practice.

Keeping this overall analysis process in mind, Chapter 4
addressed one aspect of the process--the analytical procedures
appropriate for applicaticn to port and harbor facilities. In
particular, three general types of methods--deterministic total
stress methods, deterministic effective stress methods, and
probabilistic methods--were evaluated with regard to their ability
to satisfy the following requirements for port and harbor facility
applications.

1. Through an appropriate soil/structure interaction analysis
that accounts for the geometry and material properties

1-11
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TABLE 1-3.

STRUCTURE-SPECIFIC SEISMIC DESIGN CONSIDERATIONS

FOR PORT AND HARBOR FACILITIES

Facility

Seismic Forces Generally
Considered in Design

Seismic Design Considerations

Gravity-Type
Quay Walls

Pseudostatic lateral earth pressure

forces and the inertia force of wall
are most typically the only seismic

design forces considered.

Quay walls are designed to avoid cverturning and excessive
gliding and tilting when subjected to seismic forces, although
some horizontal wall movement is tolerated. Earthquake-induced
slope instability is an important design consideration. Effects
of lateral pregsure are most important for caisson-type gravity
quay walls because of their height. Remedial measures usged to
enhance the seismic resistance of quay walls include grouting of
the backfill, widening the base of the wall. using pile supports,
partially embedding the wall, and replacing underlying weak
soils with more competent soil materials.

Sheet-Pile
Bulkheads

A pseudostatic lateral earth pressurs
force is typically the only aseismic
design force considered,

Designs to reeist lateral seismic forces are directed toward
insuring (1) an adeguate factor of safety against toe failure;
(2) adeguate bending resistance of the sheet pile; (3) adequate
tensile resistance of the tie rod; and (4) adequate anchor resis-
tance. Anchor design considerations include (1) placement of
anchors at sufficient depths below ground surface to avoid weak
near~surface soil deposits; (2) enhhancement of anchor capacity by
using deeply embedded piles or sheet piles; and (3).insuring an
adequate distance between anchor and bulkhead wall, to avoid loss
of passive pressure resistance of anchor.

Piers

Paeudostatic lateral forcee, analogous
to those used for building design, are
most typically the only seismic design
forces considered.

The relatively lightweight, pile~supported pier structures are
less prone to seismic damage than are guay walls or bulkheads.
The use of batter piles has resulted in damage to pier pile caps
and decking, because of large lateral stiffness of such piles;
therefore vertical pile supports are generally preferred.

%
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of the site and the structure, the earthquake-induced
stresses and deformations in the structure must be
determined so as to guide the development of a suitable
structure design.

Through a liquefaction analysis that accounts for the
presence of the port and harbor structures as well as
the material properties and topography of the surround-
ing site profile, the potential for significant porewater
pressure buildup and its related effects (e.g., wide-
spread ligquefaction and slope instabilities) must be
determined.

The evaluation of the ability of the three methods to satisfy
these requirements considered the fundamental concepts on which
each method is based (see Table 1-4), together with the current
state of development of each method. Results from this evaluation
indicated that

Deterministic total stress methods are the only methods
now sufficiently developed to satisfy Requirements 1
and 2 above for the seismic analysis of port and harbor
facilities. For this reason, procedures and concepts
pertaining to deterministic total stress methods are
described in some detail in Chapter 4, so as to guide
their application to seismic analyses of port and
harbor facilities.

Although deterministic total stress methods are the most
applicable to port and harbor facilities at this time,
they do not incorporate porewater pressure effects on
the soil/structure system response (Requirement 1 above),
nor do they directly incorporate effects of uncertainties
in the seismic input or the soil properties. For this

1-13
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TABLE 1l-

4. PROCEDURES FOR DYNAMIC ANALYSIS OF PORT AND HARBOR FACILITIES

Method

Description

Current Status for
Applicability to
Port and Harbor

Facilitias*

Deterministic Total
Stregs Methods

These methods involve dynamic analyses that compute the total state of stress
in the soil. As applied to port and harbor facilities in accordance with
Requirements 1 and 2, such methods involve the following steps: (1) computa-
tion of the soil/structure system response neglecting porewater pressure
effects; (2) conversion of irregular soil shear stress histories from Step 1
to equivalent cyclic shear stresses; and (3) assessment of ligquefaction poten-
tial of site through comparison of equivalent cyclic stresses from Step 2 to
critical cyclic stresses that lead to liquefaction of the soil medium, as
obtained from laboratory cyclic tests and/or empirical methods.

Applicable at
this time

Deterministic
Effective Stress
Methods

These methods are based on the premise that the s0il behavior is fundamentally
controlled by effective stress rather than total stress. As applied to ports
and harbor facilities in accordance with Requirements 1 and 2, such methods
would involve the following steps: (1) use of laboratory tests to determine
the necessary material parameters for the effactive stress soil model; and

{(2) utilization of this soil model in a dynamic analysis of thea coupled soil/
structure system response, including effects of porewater pressure buildup and
dissipation.

Under development

Probabilistic
Methods

These methods {which conceivably can comprise elither total stresas or effective
stress approaches) account for effects of uncertainties in definining seiemic
input motions, soil properties, etc. Such methods, as applied to port and
harbor facilities in accordance with Requirements 1 and 2, would define the
soil/structure system response in terms of probabilities of occurrence of a
given event {e.g., liquefaction, a given state of stress in the structure, etc,)

Under development

*This current status
for port and harxbor

evaluation pertains to the ability of each method to satisfy Requirements 1 and 2
facility analyses (Sec. 1.4.3) at this time.

W
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reason, considerable research has been directed toward
the development of deterministic effective stress methods
and probabilistic methods. Neither of these methods are
vet sufficiently developed at this time to be applicable
to port and harbor facility analyses in accordance with
Requirements 1 and 2; however, the methods are included
in Chapter 4 in the context of promising dynamic

analysis procedures for the future.

Deterministic effective stress methods have the advan-
tage over total stress methods of including porewater
pressure effects in the dynamic response analysis.
However, such methods are now available primarily as
one-dimensional techniques for analyzing the site lique-
faction potential under free-field conditions involving
vertically propagating shear waves in horizontally
layered sites. The desirability of developing two-
dimensional or three-dimensional effective stress
methods that would satisfy Requirements 1 and 2 for
port and harbor facilities is recognized by numercus
geotechnical engineers, and work is proceeding in this
area.

Probabilistic methods have the advantage over deter~
ministic methods of directly representing the effects

of uncertainties in the seismic input motions and soil
properties. Several probabilistic methods are now
available for liquefaction analyses under free-field
conditions; a very few methods for soil/structure inter-
action analysis have also been developed. However with
only a few exceptions, these procedures feature a proba-
bilistic representation of the input motions and treat
the soil properties deterministically. Furthermore,

no probabilistic procedures yet treat the combined soil/
structure interaction and liquefaction problems, although

1-15
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some existing technigques might possibly be combined as
a promising first attempt along these lines.

® All of the above findings indicate that, when used with
sound judgment, dynamic analysis represents a valuable
means for enhancing the design of port and harbor facili-
ties to resist earthquake ground motioné. Deterministic
total stress methods can be used at this time for this
purpose, and continuing development of deterministic
effective stress methods and probabilistic methods
should add significantly to these existing dynamic
analysis capabilities.

1.4.4 ILLUSTRATIVE DYNAMIC ANALYSIS (CHAPT. 5)

As a final phase of this research program, a dynamic analysis
of an actual sheet~pile bulkhead struture in Japan was carried
out in order to illustrate the applicability of dynamic analysis
procedures to port and harbor facilities. During the 1978 Miyagi-
Ken-Oki earthquake, this structure suffered damage in the form of
settlement and cracking of its apron.

The bulkhead structure that was considered is comprised of
a steel sheet pile supported by equally spaced steel pipes and
anchored by a tie-rod/B-beam system. An unreinforced concrete
apron rests on the ground surface and extends from the sheet pile
to beyond the anchor (Fig. 1-1). The following two sets of soil
conditions were considered in the dynamic analysis of this struc-
ture: (1) the original soil conditions at the site, which consist
of a layer of loose fill underlain by saturated sands and silt;
and (2) modifications to these original soil conditions due to
the application of deep-compaction soil improvement techniques.
Ground motions measured at a nearby site during the Miyagi-Ken-Oki
earthquake were used as seismic input to the analysis.

1-16
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The analytical procedure used in this illustrative example
was & deterministic total stress method comprised of the following
three steps: (1) a two~dimensional soil/structure interaction
analysis carried out using the FLUSH code (Lysmer et al., 1975),
which features an equivalent linear approach to represent the
strain-dependence of the dynamic soil properties; (2) conversion
of the irregular shear stress histories in the soil, as obtained
from Step 1, to equivalent cyclic stresses using the empirical
approach of Seed et al. (1975b); and (3) assessment of the lique-
faction potential at the site, through comparison of these cyclic
shear stresses to cyclic stresses shown by the Seed-Idriss (1981)
‘empirical approach to lead to liquefaction.* The results obtained
from this procedure showed the following trends:

3 The calculations indicate that the site of this sheet-
pile bulkhead is susceptible to porewater pressure
effects. These effects, together with possible
earthquake-induced settlement of the unsaturated loose
fill above the water table, provide a plausible expla-
nation for the observed damage to this structure from
the earthquake-~settlement and cracking of the apron.

) Upper bound estimates of the earthquake~induced internal
stresses in the structure (in the absence of porewater
pressure effects) indicate these structure stresses to
be very low when compared to anticipated design values,
although the stresses in the apron are probably suffi-
cient to have caused some cracking.

%

For this particular site, no laboratory cyclic test data were
available which also would serve to assess the potential for
liquefaction.

i-18
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Deep compaction soil improvement techniques, as repre-
sented in this analysis, substantially enhance the
resistance of the upper portion of this site to pore-
water pressure buildup and liquefaction. This trend is
in line with prior observations in Japan of the effects
of soil improvement on the behavior of sand deposits
during earthquakes.

For these particular site conditions and seismic excita-
tions, the dynamic analysis results produce lateral
pressure distributicns along the sheet-pile/soil inter-
face that are markedly different from the pseudostatic
pressure distributions computed from the Mononcbe-Okabe
equation and commonly used for design.

Comparisons of the two-dimensional soil/structure system
response with the one-dimensional free-field response
showed that the peak shear stress in the near-surface
regions of the soil backfill were affected by the topo-
graphy of the site (and probably to a smaller degree by
soil/structure interaction for this particular system).
These effects on the soil/structure system response
spectra and on the shear stresses in the deeper soil
layers were much smaller.

1.5 CONCLUSIONS

The main findings of this research program are as follows:

Earthguake Damage. The potential for significant

earthquake damage to port and harbor facilities is most
strongly affected by porewater pressure buildup in the
site soil materials. Past earthquakes have shown that
this damage is often very severe or catastrophic when
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large-scale liquefaction and/or massive submarine slides
induced by porewater pressure buildup have occurred.
Porewater pressure buildup has also led tc extensive
damage due to excessive lateral pressures applied to
quay walls and bulkheads along the structure/backfill
interface.

Seismic Design Provisions. Seismic effects are often

not nearly as important a design consideraticn for port
and harbor facilities as would be desirable, in view of
the extensive damage to such facilities that has occurred
during prior earthquakes. The seismic design provisions
that do exist typically address some of the potential
earthquake-induced phenomena in a simplified pseudostatic
manner and ignore many of the others.

Dynamic Analysis Techniques. Dynamic analysis, which

is now routinely used only for liquefaction assessments
under free-field conditions, should be incorporated to

a much greater extent into seismic design provisions for
port and harbor facilities. Deterministic total stress
methods are applicable at this time to the dynamic
analysis of port and harbor facilities, including the
soil/structure system response and the potential for
significant porewater pressure buildup in the surrounding
soil medium. The continuing development of deterministic
effective stress methods and probabilistic methods for
such applications should add significantly to these
existing dynamic analysis capabilities.

1-20
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CHAPTER 2

BEHAVIOR OF PORT AND HARBOR FACILITIES
DURING PRIOR EARTHQUAKES

2.1 GENERAL DESCRIPTION

To provide insight regarding the vulnerability of port and
harbor facilities to earthquake effects and the important para-
meters to comsider in the seismic design of such facilities, it
is important to consider how ports and harbors have fared during
prior earthquakes. Accordingly, this chapter contains results of
our detailed compilation and assessment of the considerable but
widely scattered information of this type that has been generated
by various researchers and engineers throughout the world (e.g.,
Duke and Leeds, 1963; Okamoto, 1973; NAS, 1973; Noda and Uwabe,
1975; Tsuchida et al., 1980). The earthquake events from which
information was obtained are primarily from Japan (Kanto, 1923;
Kitaizu, 1930; Shizouka, 1935; Ogahanto, 1939; Tonankai, 1944;
Nankai, 1946; Tokachi-Oki, 1952 and 1968; Niigata, 1964; Nemuro~-
Hanto-~Oki, 1973; and Miyagi-Ken=-0ki, 1978) with additional
information from earthquakes in Chile (1960) and Alaska (1964).

*
2.2 1923 KANTO, JAPAN, EARTHQUAKE

An extremely strong earthquake occurred in the southern part
of the Kantoc region of Japan on September 1, 1923. The earthguake
was centered about 10 km south of Mt. Tanzawa at a depth of up to
10 km, and had an estimated magnitude of 8.2 (Fig. 2-1). Estimated
peak accelerations from this earthquake ranged from 0.33 to 0.39 g.

The most severe damage to port and harbor facilities during
this earthquake occurred at the Yokohama and Yokosuka Ports.
This damage is summarized in the paragraphs that follow.

*
Primary reference for damage assessment from the 1923 Kanto
earthquake was Noda and Uwabe (1975).

2=1
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2.2.1 YOKOHAMA PORT

The Yokohama Port is shown in Figure 2-2a. This port,
which is underlain by mudstone, suffered extensive damage par-
ticularly in the New Port area where nearly 80% of the 2000 m
of concrete block quay walls in that area were totally destroyed
(Fig. 2-2b}. These quay wall destruction modes featured pre-
dominantly outward sliding, overturning and collapse of the block
elements, and tilting (Fig. 2-3a). From the available documenta-
tion, these failure modes appear to have been caused by excessive
lateral pressure due to porewater pressure buildup in the backfill
materials, possibly accompanied by a reduction in water pressure
on the outside of the walls.

Another important aspect of the damage at the Yokohama Port
was the buckling of a bridge in the central part of the main pier.
This bridge was 490 m long and was comprised of a central steel
core flanked along either side of its length by concrete extensions.
This buckling caused complete failure of the steel core.

In addition to the quay wall and bridge pier damage, nearby
warehouses and cargo handling equipment were rendered useless by
extensive settlement of the underlying reclaimed land. However,
those installations constructed on more solid soil materials
survived the earthquake with much less damage.

2.2.2 YOKOSUKA PORT

In Yokosuka Port, the damage was less extensive than at
Yokohama and was related to the nature of the underlying soil or
rock medium. Those quay walls and other waterfront structures
constructed on solid bedrock did not suffer damage from the
earthquake shaking, whereas those revetments and quay walls
constructed in backfilled areas were damaged severely, with
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extensive gliding and overturning (Fig. 2-3b). The breakwaters
were slightly displaced and damaged from the ground shaking
(Fig. 2~-3b) but remained functional.

*
2.3 1930 KITAIZU, JAPAN, EARTHQUAKE

The Kitaizu earthguake occurred in the northern part of the
Izu region of Japan on November 26, 1930 (Fig. 2-4a). This earth-
gquake had a magnitude estimated at 7.0 and a focal depth of up to
5 km. The maximum acceleration was estimated to be about 0.15 g
in Shimizu Port, where waterfront structures suffered severe
damage.

The damage at Shimizu Port is depicted in Figure 2-4b. This
figure shows that significant damage occurred at Berth B, where a
183-m caisson quay wall tilted substantially, slid outward about
8 m, and settled about 1.5 m (Fig. 2-4c). Substantial damage also
occurred at Landing A, where an L-shaped concrete block guay wall,
with a length of 750 m tilted, slid outward 4.5 m, and settled
1.2 m.

Typical soil conditions at Shimizu Poxrt are shown in
Figure 2-4d. Layers of weak clays and silts with very low blow-
counts prevail within the entire 30 m depth at which soils data
are given. This suggests that the damage at this port may have
resulted from the combined effects of severe ground shaking,
increased lateral pressures in the backfill behind the walls,

a loss of strength of the underlyving soft soil materials, and
possibly a reduction in water pressure on the outside of the
walls.

*
Primary reference for damage assessment from the 1930 Kitaizu
earthquake was Noda and Uwabe (1975).
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*
2.4 1935 SHIZUOKA, JAPAN, EARTHQUAKE

On July 11, 1935, an earthquake of magnitude 6.3 occurred in
the shizuoka district of Japan, with an epicentral location just
northwest of the Udo mountains southeast of the city of Shizuoka
(Fig. 2-5a). The focal depth of this earthquake was about 10 km,
and the peak acceleration in the Shimizu Port area was about
0.25 g. The area affected by this earthgquake was small; however,

within this area, damage was severe.

The behavior of the port and harbor facilities at Shimizu
Port is noteworthy since many of these facilities had been
strengthened and, where necessary, repaired after the 1930
Kitaizu earthquake. Despite this, significant damage was sus-
tained during this 1935 event, primarily in the form of sliding
and settlement of the quay walls (Fig. 2-5b,c). For example,
the quay wall at Berth A, which had been strengthened to resist
0.15 g acceleration levels, suffered failure of the tie rods that
connected the quay wall and anchor system. The guay walls at
Berth C, at Landings A and B, and at the railroad were also damaged
substantially, despite previous strengthening efforts. Retaining
walls at Berth B, which had been designed and constructed after
the 1930 Kitaizu earthquake incorporating seismic considerations,
collapsed causing an outward sloughing and settlement of the back-
fill and filled land.

The importance of the damage induced at Shimizu Port during
the 1935 shizuocka earthquake is that it occurred despite the use
of modern (at that time) design prdcedures that incorporated
seismic considerations in the strengthening of the waterfront
facilities. This could be related to the fact that the damaged

*
Primary reference for damage assessment from the 1935 Shizuoka
earthquake was Noda and Uwabe (1975).
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quay walls at this port were constructed on soft alluvium whose

bearing capacity could not be maintained during the ground shaking.
Another possible contributing factor was that the adjacent backfill
was comprised of reclaimed land with poorly graded gravel (Fig. 2-5b).

*
2.5 1939 OGAHANTO, JAPAN, EARTHQUAKE

On May 1, 1939 a strong earthgquake occurred off the Oga
Peninsula of Japan (Fig. 2-6a). This earthquake had a magnitude
of 7.0 and a very shallow focal depth. As in the 1935 Shizuoka
earthquake, only a small area was affected by this event, within
which damage was severe.

Structures at the Funakawa Port and the Akita Port were
damaged to some extent during this earthquake. At Funakawa Port
(peak acceleration 20.39 g), minor damage occurred in the vicinity
of concrete block quay walls, and consisted of a small degree of
outward tilting of the quay walls and settlement of the backfill
(Fig. 2«6b,c). This relatively slight damage may be attributed
to the fact that the qday walls were supported on competent shale
rock.

At Akita Port, (Fig. 2-7a) the subsurface materials were
much less competent than at Funakawa Port, consisting primarily
of very soft sands with blowcounts as low as 10, to a depth of
20 m. As a result, an L~shaped quay wall with a length of 142 nm
suffered substantial outward movement and tilting throughout its
entire length (Fig. 2-7b)}, accompanied by large horizontal
displacements (up to 1.5 m) and severe cracking in tHe concrete
apron. This damage can probably be attributed to a porewater
pressure buildup in these soft sandy materials, possibly leading
to liquefaction and/or localized sliding ¢f the soils in the
vicinity of the quay wall.

*®
Primary reference for damage assessment from the 1939 Ogahanto

earthquake was Noda and Uwabe (1975).
2=-10
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*
2.6 1944 TONANKAI, JAPAN, EARTHQUAKE

On December 7, 1944, a very strong earthquake of magnitude 8.3
occurred offshore of the Kii Peninsula with a hypocenter located
very near the ground surface. This earthquake caused damage to
structures at the Yokkaichi, Nagova, and Osaka ports ((Fig. 2-8a).

At the Yokkaichi Port, a large trestle-type pier and quay
wall suffered damage in the form of lateral movements (Fig. 2-8b).
This damage has been attributed to earthquake-induced sliding of
the soft clay slopes at this structure site, which are underlain
by alternating layers of gravel and clay. At the Nagoyva Port,
almost all of the sheet pile bulkheads bulged seaward (Fig. 2-8c¢).
No sliding at the lower part of the sheet-pile wall was observed,
despite its rather short embedment length.

At the Osaka Port, retaining-wall structures along the central
pier, which were comprised of sheet-pile bulkheads and subsurface
pile-supported platforms, suffered substantial seaward bulging
(about 3 m) and slight vertical settlement (Fig. 2-8d). This
damage was attributed to the poor subsurface conditions at this
port, which are comprised of sludge to a depth of 33 m, underlain
by alternating layers of gravel and sludge. It occurred despite
the fact that the structures were supported by wood piles that
extended to the gravel layer.

2.7 1946 NANKAI, JAPAN, EARTHOUAKE'

On December 21, 1946, a major earthquake of magnitude 8.1
occurred 60 km offshore of the Kii Peninsula, with a focal depth
of 30 km (Fig. 2-9a). Damage from this earthquake was spread

* 3
Primary references for damage assessment from the 1944 Tonankail
earthquake were Amano et al. (1956) and Okamoto (1973).

TPrimary references for damage assessment from the 1946 Nankai

earthquake were Amano et al. (1956), JPHRI (1980), and Nocda and

Uwabe (1975).
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over a very wide area, with the greatest damage at alluvial sandy
soll deposits along rivers and at sites with poor soil along
shorelines, even when these sites were far from the epicenter.
Therefore, this damage was undoubtedly soils~related, and probably
due to porewater pressure buildup in these soil materials.

The most significant damage at port and harbor locations
involved the collapse and shifting of quay walls at the Sakaide,
Wakayama, Kochi, and Tamashima Ports, and the outward bulging of
a sheet-pile bulkhead and a retaining wall at the Nagoya Port and
the Osaka Port, respectively (Fig. 2-9b,c). The Central Pier at
Osaka Port, which was also damaged during the 1944 Tonankai earth-
quake, suffered the most extensive damage of any structure in that
port. The degree of bulging of this wall was about the same as
that of the 1944 event, although its settlement was somewhat
greater and was accompanied by prominent cracking. Also the
anchor system for this wall displaced seaward, and the fill
behind the earthquake settled substantially.

*
2.8 1952 TOKACHI-OKI, JAPAN, EARTHQUAKE

On March 4, 1952, a major earthquake of magnitude 8.1
occurred 70 km east of Cape Erimo (Fig. 2-10a). This earthguake
had a focal depth of about 45 km, and caused substantial damage
in the Hidaka, Tokachi, and Kushiro prefectures of Hokkaido,
particularly in the coastal alluvium and in peat bogs and
reclaimed marshland.

The port that suffered the most damage from this earthquake
was that at Kushiro (Figs. 2-10b). The subsurface sc¢il deposits
at that port are comprised of coarse sands and gravels with low

*
Primary reference for damage assessment from the 1952 Tokachi-Oki
earthquake was Noda and Uwabe (1975).
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blowcounts over the first 5 m of depth, and moderate-to-high
blowcounts thereafter (Fig. 2-10c¢). Quay walls at Kushiro Port,
particularly those of the caisson type along the North Wharf,
suffered substantial sliding (of up to 3 m), settlement (of up
to 0.7 m), and tilting (Fig. 2-11). This probably was related
to porewater pressure buildup in the subsurface soil materials,
which led to sliding along shallow slip surfaces and to bearing
capacity failures due to high toe pressures. |

*
2.9 1960 CHILE EARTHQUAKES

A series of several strong earthquakes, shook South Central
Chile within about a one-month time period starting on May 21, 1960.
within this time period, Chile experienced no less than 13 earth-
quakes of magnitude 6 or greater, with one being at least as large
as the 1906 San Francisco event (magnitude 8.3). Many cities
between Concepcidén to the north and Puerto Montt to the south
were subjected to severe shaking at least once during this series
of earthquakes (Fig. 2-12a). The epicenters of the major events
within this series were located near but not directly at any
major city.

The most substantial damage to port and harbor facilities
during these earthquakes occurred at Puerto Montt and was
primarily soils related. This port was underlain by an arti-
ficial fill material comprised of gravel, sand, silt, and some
masonry fragments and organic matter (see Fig. 2-12b). The
£fill was typically placed by dumping, except in the new harbor
area where it was placed hydraulically by dredging from the
harbor bottom. Throughout the harbor, it served either as an
underlying support medium or as backfill to the gquay walls and

*
Primary references for damage assessment from the 1960 Chile
earthquakes were Duke and Leeds (1963) and Noda and Uwabe (1975).
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other retaining wall structures. Widespread and substantial
liquefaction of this artificial fill during the earthquakes was
the primary cause of the extensive damage and failures of the
port and harbor structures at Puerto Montt.

As an example of the port and harbor facility destruction at
Puerto Montt, more than 500 m of a gravity-type sea wall failed or
were severely damaged. A 15.5-m wall overturned completely along
its full length of 300 m, and the concrete segments of an 18.5-m
wall overturned along nearly its entire length of 226 m (Fig. 2-13).
In addition, most of the supporting caissons slid up to 1 m and
tipped seaward. It is noted that the backfill material for these
quay walls, which was comprised of the hydraulically placed arti-
ficial fill material described above, was in practically a quick
condition when inspected following the earthquake.

Another example of the extensive failures along the Puerto
Montt harbor was along the naval base, which was faced with
anchored steel sheet-pile sea walls (Fig. 2-14a). The four wall
segments that failed are depicted in Figures 2-14b as Bl, B2, B3,
and B4. Segment Bl slid seaward up to 1 m, and Segment B2 failed
in flexure at the base of its cantilevered portion; this latter
failure was attributed to corrosion which reduced the 5/16-in.
webs of Segment B2 to about 1/8 in. At Segments B2, B3, and B4,
the tie rods of the anchored portion broke in tension at the
threaded portion. The railway track on the fill behind Seg-
ments B2, B3, and B4 was severely distorted due to the seaward
flow of the backfill accompanying these failures. Details of
these failures are given in Figure 2-14b.

Still other examples of failure at Puerto Montt can be cited.
The downtown pier at this harbor suffered severe distortion of its
decking and piling (Fig. 2-15a), and most of the remaining major
waterfront structures suffered damage or destruction due to the
earthquake-induced failure of the underlying fill.

2=21
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Photograph courtesy of D.J. Leeds

(c) Failure of 18.5 m gravity wall

Photograph courtesy of D.J. Leeds

(d) Failure of gravity-type sea wall

FIGURE 2-13. (CONCLUDED)
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Photograph courtesy of D.J. Leeds

(a) Downtown pier at Puerto Montt
(Duke and Leeds, 1963)
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Some examples of port and harbor facility damage at other
ports besides Puerto Montt are also noteworthy. In Talcahuano
Port near Concepcidén (at the northern end of the affected area,
Fig. 2-12a) concrete block quay walls suffered pronounced tilting
and settlement (Fig. 2-15b).

*
2.10 1961 HYUGANADA, JAPAN, EARTHQUAKE

A strong earthquake of magnitude 7.0 struck the southern part
of Japan off Miyazaki prefecture on February 27, 1961 (Fig. 2-16a).
The focal depth was about 40 km. The maximum horizontal accelera-
tion was estimated to be in the range of 0.25 to 0.30 g in the
vicinity of the city of Miyazaki.

The most severe effects of this earthquake were felt at
Aburatsu Port (Fig. 2-16b). However, because of the relatively
favorable soil conditions at this port (Fig. 2-16c), none of the
waterfront structures at this port suffered a loss of function as
a result of this earthquake. Typical damage incurred at this port
is shown in Figure 2-16d for two quay walls that were under con-
struction at the time of the earthquake. The -7.5 m quay wall
shown in this figure experienced a maximum horizontal displacement
of 20 cm, a maximum settlement of 18 cm, and a settlement of the
backfill materials behind the wall of 60 cm. The -5.0 m quay wall
shown in this figure displaced horizontally 24 cm and settled 39 cm.

2.11 1964 ALASKA, USA, EARTHQUAKE

A series of six strong earthquakes struck the Gulf of Alaska
on March 27, 1964 (Fig. 2-17). The magnitude of the largest of
these events was 8.4, and its focal depth was estimated at

*
Primary reference for damage assessment from the 1961 Hyuganada
earthquake was Noda and Uwabe (1975).
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between 10 to 30 miles. The damage and destruction caused by
these earthquakes at ports and harbors was extremely widespread
particularly at Anchorage, Seward, Valdez, and Whittier. This
damage is described in the subsections that follow.

2.11.1 ANCHORAGE HARBOR

2.11.1.1 Soil Conditions

The soil conditions throughout much of the Anchorage area
consists of a surface layer of relatively dense sandy gravel that
is underlain by silty clay and then by layers and lenses of silt,
sand, and sandy gravel to depths as great as 200 ft to 300 ft in
some locations. This surface gravel layer is typically 20 to
70 ft deep, but becomes thinner to the southwest of Anchorage and
disappears northeast of the airport and west of Turnagain Heights;
at Turnagain Heights the surface layer is comprised of fine-to-
medium sand. Groundwater in the Anchorage area flows from the
mountains to the east and through the permeable soil layers to
the ocean.

Porewater pressures in the sand and gravel layers affected
the stability of the bluffs and slopes in the Anchorage area,
most notably at Turnagain Heights where landslides and slope
failures led to large scale ground movements. Such movements at
Turnagain Heights as well as at other regions in Anchorage were
the primary source of damage to structures in the area. 1In
general, the earthquake-induced soil response throughout Anchorage
was dependent on the soil properties, topography, layer geometry,
depth of water table, and the intensity and duration of the ground
shaking.

*
Primary references for damage assessment at Anchorage Harbor
were Arno and McKinney (1973) and Scott (1973a).
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2.11.1.2 Harbor Damage

The Anchorage Harbor facilities (Fig. 2-18) are comprised of
several dock structures. Of these, the Ocean Dock and City Dock
suffered particularly substantial damage, summarized as follows:

° Ocean Dock. This 77 ft by 355 ft open-pile dock struc-
ture with its 30 ft by 300 ft approach and its 48 ft by
200 ft warehouse was almost completely destroyed. The

approach suffered considerable heaving and lateral
breakage, particularly near the rock fill. The dock
itself deformed substantially, and suffered fractures
up to 3 ft wide along the junctions with the dock
extensions.

® City Dock. This 600 ft by 300 ft pile-supported dock
structure consisted of a 212 ft wide dock, a 98 ft wide
earth fill berm, a 150 ft by 500 ft transit shed, and
two approach structures on the south end. The piles
showed bowing, buckling, and yielding under large hori-
zontal seismic forces. The west approach trestle
exhibited concrete rupture at its expansion joints,
tilting, and relative vertical displacement, while the
east approach trestle suffered little damage. Widespread
subsidence of the land mass in the Anchorage area caused
a lowering of dock relative to water level, and destruc-
tion of the facility protection devices against the
effects of floating and submerged ice.
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*
2.11.2 SEWARD HARBOR

2.11.2.1 General Description

Seward is located at the northern end of the western shore
of Resurrection Bay (Figs. 2-19a,b), a narrow arm of the Pacific
Ocean that extends about 12 miles north into the mountainous Kenai
Peninsula. The city of Seward developed on the alluvial fan
deposited by Lowell Creek. Seward is a major port and has highly
developed harbor facilities. Facilities include railroad marshal-
ing yards, several marginal wharfs, petroleum product unloading

docks, a cannery dock, and a small-boat basin (Fig. 2-20).

The soils in and around Seward are both glacial and non-
glacial in origin, and consist mainly of glacial till and
associated compact glaciofluvial deposits of sand and gravel,
alluvial fan and valley deposits of sand and gravel, marine
deposits of organic fine sand and silt, and recent alluvium
composed of stream-deposited sand and gravel. In the waterfront
area of Seward, loose sands and gravels in alluvial fan deposits
overlie dense glacial deposits; the thickness of these sands and
gravels increases appreciably toward the distal edge of the fan.

2.11.2.2 Description of Damage

The primary damage to the Seward Harbor was caused by
massive submarine landslides which induced large portions of
the waterfront to slide into Resurrection Bay (Fig. 2-21).
Damage was also induced by tsunamis and recessions that swept
the waterfront at irregular intervals throughout the night

*
Primary references for damage assessment at Seward Harbor
were Shannon and Hilts (1973), Arno and McKinney (1973),
Long (1973), Tanaka (1973), Seed (1973), and Lemke (1971).
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following the earthquake. Relatively minor damage was induced
directly by structural vibratory effects.

The massive submarine landslides began shortly after the
initiation of the earthquake shaking. This initial stage was
characterized by a drop in the water level from 20 to 30 ft.

A strip of waterfront 50 to 400 ft wide and 4000 ft long then
slid into Resurrection Bay, carrying with it oil tanks, docks,
warehouses, and other harbor facilities (Fig. 2-19b). At the
later stages of ground shaking, a large mud boil was observed
offshore. Large (15 ft) waves radiating from the boil struck
sides of Seward waterfront and Resurrection Bay and spread burn-
ing fuel from ruptured storage tanks. The ground failure was
believed to have been initially induced offshore, followed by a
spreading of the onshore area.

2.11.2.3 Analysis of Slide Mechanics

The occurrence of the massive submarine landslides in Seward
was attributable to the extended duration of the strong shaking
(3 to 4 min) and the corresponding response of the subsurface soil
deposits. The loose sands and gravels that comprise the alluvial
fan deposits at the waterfront area of Seward were initially
deposited at close to their natural angle of repose, and were of
marginal static stability to begin with, particularly near the
south end of the slide where slopes are the steepest. When sub-
jected to additional dynamic effects from the earthquakes, these
slopes failed. Stability decreased further by foreset bedding,
which in some areas was almost parallel to slopes. No submarine
landsliding was detected in the extreme northeast corner of the
bay where bedrock overlain by dense glacial deposits is within
100 to 200 ft of ground surface, and the thickness of the marine
deposits and recent alluvium is generally less than 100 ft.
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The spreading of the landslide from its offshore origin to
the onshore area in the tide flats to the north, may be related
to the thick marine deposits and flat slopes that exist in this
region. This situation is particularly susceptible to liquefac-
tion when subjected to stress reversals; Seed (1979a) has indicated
that flat slopes are more susceptible to liquefaction than are
steep slopes, because relatively small initial shear stresses on
flat slopes are more likely to undergo complete reversal under
dynamic excitation.

Artesian pressures observed at the head of Resurrection Bay
were probably a significant factor in decreasing the stability of
the slopes in this area. Groundwater conditions beneath the Seward
waterfront were probably different before the earthquake, and
failure to detect the presence of artesian pressures after the
earthquake does not preclude their possible existence before the
earthquake, particularly in areas interfingered with marine silt.
It is also possible that, in these areas, confining layers were
removed by prior landslides.

2.11.3 VALDEZ HARBOR

2.11.3.1 General Description

The port of Valdez is the ocean terminus of the Richardson
Highway, and is a major port serving the interior of Alaska
(Fig. 2-22a). The port, which is comprised of numerous docks,
piers, terminals, small-boat facilities, and fuel storage tanks,
is protected by two large breakwaters (Fig. 2-22b).

x
Primary references for damage assessment at Valdez Harbor were
seed (1973), Scott (1973a), Arno and McKinney (1973), Long (1973),
and Coulter and Migliaccio (1971).
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The city of Valdez is situated at tidewater on the seaward
edge of a glacial-outwash delta. The delta, which slopes west-
ward from elevation 300 ft at the toe of the glacier to sea level
at a 4 mile distance, is comprised of poorly consolidated silt,
fine sand, and gravel (Fig. 2-23). The water table was within
a few feet of ground surface throughout the delta.

Borings in the dock area were carried out by the Alaska
Department of Highways to depths of up to 132 ft, and indicate
the following two distinct layers:

@ Surface Layer. This layer consists of loose-to-medium-

dense sandy gravels with cobbles and silt. It is 20 to
30 ft thick and apparently corresponds to fill placed
during the development of the harbor facilities.

® Underlying Laver. This lower layer is comprised of
loose-to-medium dense gravelly sand with thin lenses
of silt. It persists to the maximum depths drilled

and corresponds to the above indicated outwash delta.

2.11.3.2 Description of Damage

The principal source of damage at Valdez was a massive sub-
marine landslide along the waterfront. This slide occurred over
an area 4000 ft long by 600 ft wide (Fig. 2~24) and completely
destroyed all docks, piers, terminals, and small-boat facilities.
Power, sewer, and water systems were totally disrupted. Fires
broke out in fuel storage tanks immediately east of the small-boat
basin and destroyed a tank farm. The water depth at the dock face
increased from 35 to 110 ft, and the area near the small-boat
basin, formerly exposed at low tide, was covered by about 70 ft
of water. Large waves generated by the subaqueous slide swept
onto the Valdez waterfront and also caused significant damage.

The waves were of sufficient size to lift a large 400 ft long
cargo ship 30 ft above the pier.
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2.11.3.3 Analysis of Slide

The severe landslides at Valdez have been attributed to
the intensity and duration of the ground shaking. This shaking
was sufficient to cause liquefaction in loose-to-medium dense
saturated sand. Furthermore, during the earthquake, water with-
drew from beaches almost simultaneously with the initial shocks.
This withdrawal may have been accompanied by a sudden decrease
in hydrostatic head which, in turn, would have resulted in an
immediate increase in the weight of upper soil layers and a
decrease in support at the toe of the slide due to the sudden
drop in sea level. Also, this situation was aggravated by the
slide occurring at low tide.

2.11.4 WHITTIER HARBOR

2.11.4.1 General Description

The town of Whittier is situated 40 miles southeast of
Anchorage and 33 miles southwest of the earthquake epicenter, at
the western end of Passage Canal, and is an ocean terminal of the
Alaska Railroad (Fig. 2-25). Permanent dock facilities at Whittier
Harbor include a 60 by 1000 ft steel and concrete wharf, a 130 by
900 ft storage warehouse, and the Marginal Wharf (Fig. 2-26).

The subsurface conditions in the Whittier area consist of
slate and graywacke of probable Cretaceous age, overlain by
unconsolidated Quaternary deposits consisting of glacial morraine,
reworked outwash and stream gravel, and artificial fill. Arti-
ficial fill covered the easternmost 500 ft of an airstrip area
near the Union 0il Company fuel tanks, and an extensive area

*
Primary references for damage assessment at Whittier Harbor
were Belanger (1973) and Kachadoorian (1971).
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DELONG DOCK TRANSIT WAREHOUSE (13) UNION OIL COMPANY COMPLEX (19) UNDERGROUND WATER RESERVOIR
SMALL-BOAT HARBOR MARG I NAL WHARF (14) COLUMBIA LUMBER CO. (20) FIRE STATION
POWER PLANT CAR-BARGE SLIP (15) KOPPERS €O. INC. (21) ALASKA COMMUNICATIONS
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(24) COMPOSITE SHOP

(a) Preearthquake photo of Whittier showing major facilities and
glacial delta of townsite

-

Postearthquake photo (July 1964) of Whittier townsite.
Comparison to (a) reveals the differences in shoreline
and waterfront facilities.

FIGURE 2-26. WHITTIER BEFORE AND AFTER EARTHQUAKE (Belanger, 1973)
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around the Marginal Wharf. Fill materials were obtained locally
and thus consisted of delta deposits or glacial outwash and
stream deposits.

2.11.4.2 Description of Damage

The principal sources of damage to the Whittier Harbor were
large scale subsidence, compaction, and landslides of the under-
lying soil medium. Compaction of unconsolidated sediments and
differential subsidence damaged the DelLong Dock, an intransit
storage shed, and the Marginal Wharf, with a maximum subsidence
of 1-1/2 ft recorded near the Marginal Wharf. Landslides occurred
in delta sediments at the head of the Passage Canal, at the
wWhittier waterfront, and along the northshore of the Passage Canal.
They also damaged a small pier near the FAA station, and may have
destroyed a slip tower at car-barge slip dock.

Landslide-generated waves reached altitudes of 30 to 50 ft
and caused significant damage. These waves completely destroyed
the small-boat harbor, stub pier, and car-barge slip dock at
Whittier Harbor; in addition, they contributed to the damage to
DeLong Dock (also damaged by subsidence) and to an intransit
storage shed (also damaged by subsidence and seismic shaking).
wave-induced damage to the Marginal Wharf included buckling,
bending, and twisting of steel pilings on the warehouse side
of the wharf, and outward bulging of steel sheet pilings beneath
the warehouse face.

2.12 1964 NIIGATA, JAPAN, EARIEQUAKE*

2.12.1 EARTHQUAKE EVENT

On June 16, 1964, a large earthquake of magnitude 7.5
occurred near Niigata City on the west coast of the Japan Sea

*
Primary references for damage assessment from the 1964 Niigata
earthquake were Kawakami and Asada (1966), Hayashi et al. (1966),
Seed and Idriss (1967), Hakuno (1968), and JPHRI (1964).
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(Fig. 2-27). The epicenter of the earthquake was about 55 km
north of Niigata, and its focal depth was approximately 40 km.
This earthquake, which was the largest ever recorded in the
coastal area of the Japan Sea, caused very severe damage to
structures over extensive inland and coastal areas. The primary
cause of damage to these structures was widespread and extensive
liquefaction of the sandy scils on which they were supported, and
tsunamis caused further destruction of facilities located near
the coastline. Peak ground accelerations recorded in Niigata
were on the order of 0.16 g. At the port area, these accelera-
tion levels were probably in the 0.15 g to 0.20 g range.

2.12.2 SOIL CONDITIONS

The city of Niigata straddles the Shinano River (Fig. 2-28a),
which has deposited alluvial sands that, at the coast, have been
overlain by deposits of dune sand. The older parts of Niigata
were constructed on dune sand and, in the early 1900's, the
city expanded toward the lowland areas near the river which
are comprised of recent sediments and reclaimed land.

The sand deposits underlying the city are relatively loose
near the ground surface but become more dense with increasing
depth (Fig. 2-28b). These sands extend to a depth of about
100 ft below the ground surface, and the alluvial deposits to
depths of 200 ft to 300 ft. The water table in the vicinity of
the river is about 3 ft below the ground surface and, in the sand
dune area, the water table is 10 ft or more below the ground
surface (Seed and Idriss, 1967).

2.12.3 DESCRIPTION OF NIIGATA PORT

The port of Niigata (West Harbor) functions as a major
harbor area for the west coast of Japan. It is situated at
the mouth of the Shinano River and has the layout shown in
Figure 2-29.
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It is noted that, prior to the 1964 earthquake, many Niigata
port facilities had subsided more than 2 m, as part of an overall
pattern of ground subsidence experienced throughout much of the
city. This extensive subsidence hampered the function of many of
the port facilities. Therefore, in the late 1950s, many of these
port facilities were modified as countermeasures to these subsi-
dence effects so as to restore their ability to function. Most
of these modifications, which were somewhat urgent because of the
widespread subsidence that had occurred, involved configurational
changes of the facilities so as to increase their height. These
involved substantial modifications of the cross sections of the
port and harbor facilities and, in some cases, the original struc-
ture was completely contained within the new structure.

Although these structure modifications were beneficial in
overcoming the effects of the ground subsidence that had occurred,
they often increased the susceptibility of the structure to earth-
gquake ground shaking. For example, the height increases imparted
to guay wall structures, which raised their center of mass, were
often not accompanied by corresponding strengthening of the
foundations of these structures. Therefore, this increased
the susceptibility of the structures to damage from increased
earthquake~induced lateral pressures that often resulted from
porewater pressure buildup in the backfill.

Another aspect of the Niigata port and harbor facilities that
warrants mention is the seismic coefficients used in thelr redesign.
These seismic coefficients (typically 0.10 to 0.12) were smaller
than the peak acceleration levels estimated for the port area
(0.15 to 0.20 g). However, although this could have contributed
to the earthquake-induced damage that occurred, the most predomi-
nant cause of the severe damage and destruction that occurred at
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Niigata Port due to the ground shaking was extensive porewater
*
pressure buildup and liquefaction.

2.12.4 DESCRIPTION OF DAMAGE

The damage to port and harbor facilities caused by the
Niigata earthquake was extremely severe, particularly at the
Niigata Port. As shown in Figures 2-30a, this port is located
in the most heavily damaged region of Niigata. The damage at
Niigata Port was primarily caused by liquefaction of the very
loose sandy sediments and reclaimed land that prevail there
(Fig. 2-30b,c). Descriptions of this damage to the various
port facilities are provided in the paragraphs that follow.

2.12.4.1 Rinko Wharves

The effects of the earthquake~induced ground shaking and
subsequent liquefaction of the goil medium caused gignificant
damage at the Rinko Wharves of Niigata Port, particularly in the
form of large scale sliding, tilting, and settlement of the quay
walls at Berths A, B, C, and D (located as shown in Fig. 2-31a).
Furthermore, because the ground surface at Rinko Wharves was near
sea level, these failures, together with the effects of a sub-
sequent tsunami, caused the areas behind the quay walls to be

*As discussed subsequently in connection with later earthquakes
in Japan (i.e., the 1968 Tokachi-Oki and 1973 Nemuro-Hanto-0Oki
events), other port facilities were designed with similarly
low seismic coefficients when compared to peak ground accelera-
tions, but suffered less damage during these earthquake events.
This is because these structures were sited on more competent
soils than existed at Niigata Port, and were less prone to wide-
spread liquefaction.
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submerged below the ocean water level. These effects were particu-

larly pronounced at Berths A, B, and €. A further description of

the damage at these ports is as follows:

a.

Berth A. At this berth, a section of a concrete
gravity~type quay wall sank and submerged into the
water. A section of a concrete block quay wall sank
more than 4 m, accompanied by tilting seaward. This
also resulted in a complete submergence into the sea
water. A section of quay wall with well-type con-
struction sank vertically with no apparent tilting.
The concrete cap of the adjacent concrete sheet pile
bulkhead also submerged completely.

Berth B. This berth is comprised of a concrete trestle
type pier and a concrete sheet-pile quay wall. The pier
tilted slightly away from the water and sank severely.
The entire pier structure submerged below the water
because of excessive loosening of sand stratum as a
result of liquefaction (Fig. 2-31b). The parapet of

the quay wall also tilted seaward and sank flush with
the embankment.

Berth C. This berth consists of concrete sheet-pile
type quay wall construction. The earthquake caused the
entire quay wall to submerge into the water. Apparently,
the inclined embankment in front of the quay wall and
the shallow concrete sheet piles failed together

(Fig. 2~-31c).

Berth D. The quay wall at this berth suffered severe
seaward tilting that, in turn, caused tilting of the
neighboring concrete piles and cracking of the concrete
slabs (Fig. 2-314).
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2.12.4.2 Yamanoshita Wharf and Revetment

The ground shaking that occurred during the Niigata earth-
guake resulted in varying degrees of damage to sheet~-pile bulk-
heads at the Yamanoshita Wharf and the Yamanoshita Revetment.
At the Yamanoshita Wharf, a sheet-pile bulkhead suffered no
appreciable damage, except for a local settlement of the fill
behind the anchor system (Fig. 2-32a). However, in the imme-
diately adjacent Yamanoshita Revetment, a similar sheet-pile
bulkhead settled (up to 1 m) over its entire length. In addition,
its concrete parapet tilted substantially, to the extent that
some segments of the parapet were completely submerged intec the
sea water (Fig. 2~32b).

The significant differences in the earthquake-induced beha-
vior of these two adjacent bulkheads can be attributed to three
causes. First, the bulkhead at the Yamanoshita Wharf (which
suffered no significant damage) was constructed only about a
yvear before the Niigata earthquake, without the subsidence
countermeasures that had been employed in a redesign of the
older bulkhead at the Yamanoshita Revetment (which suffered
appreciable damage). Second, the anchor for the bulkhead at
the Yamanoshita Revetment was designed with a much lower factor
of safety than that at the Yamonoshita Wharf. Finally, the
Yamanoshita Revetment was constructed on £ill materials judged
to be relatively vulnerable to strong ground shaking.

2.12.4.3 North Wharf

As shown in Fiqure 2~33a, the North Wharf consists of the
Backside Landing, North-Tip Landing, North Wharf Quay Wall, and
North Wharf Landings A and B. Because the types of construction
are different at each of these facilities, they experienced
different degrees of damage.
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2.12.4.3.1 Backside Landing

The Backside Landing is located on the left bank of Tsusen
River. The earthquake caused the 680~-m steel sheet-pile bulkhead
at that landing to tilt seaward throughout its entire length with
a maximum horizontal displacement of about 2 m occurring near the
midlength of the bulkhead (Fig. 2-33b). The settlement of the
backfill sands was about 50 to 70 cm, and has been attributed to
the large horizontal displacement of the bulkhead and to consoli-
dation of these sands that resulted from the ground shaking and
from porewater pressure effects. The horizontal displacement
of the anchor wall was small compared to that of the bulkhead,
probably because of a failure of the tie rods that connected
the bulkhead and the anchor wall.

The bulkhead on the right bank of the Tsusen River experi-
enced practically no damage, despite the fact that (1) its con-
figuration is almost identical to that of the bulkhead on the
left side of the river; and (2) the pre- and post-earthquake boring
logs obtained from each bank of the river showed no significant
difference in soil conditions. The differences in the earthquake
behavior of these two bulkheads have been attributed to the fact
that the anchor wall on the left bank was constructed much closer
to the sheet pile than that on the right bank. As discussed in
Chapter 3 (Sec. 3.3.2), this could have resulted in all or part
of the dynamic passive pressure zone in the anchor along the left
bank falling within the active pressure zone of the sheet pile,
causing a loss of passive pressure resistance of the anchor.

2.12.4.3.2 North-Tip Landing

As a result of the earthquake ground shaking, the bulkhead
and the pavement of North-Tip Landing was completely submerged
along the entire 150 m length of the landing. 1In addition, the
concrete cap of the bulkhead tilted landward along one section
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of the landing and seaward at another. This damage to the North-
Tip Landing structures was attributable to its weak subsurface
sandy soil properties, its reconstructed complex structural cross
section, and an unexpected increase in water depth in the vicinity
of the landing just prior to the earthquake. Boring logs at this
landing showed that the blowcounts are 5 or less to a depth of

8 m, and are below 10 for the soil layers down to 11 m deep;
therefore these sandy soil materials were particularly suscep-
tible to porewater pressure buildup.

2.12.4.3.3 North Wharf Quay Wall

The North Wharf Quay Wall (Fig. 2-33c) underwent a large
scale reconstruction in 1960 as a remedy to the earlier subsidence
of the structure. During the 1964 earthquake, the concrete cap
of the quay wall experienced large {1.5 m) horizontal displace-
ment; however the body of the quay wall managed to remain intact,
probably because of the steel pipe piles installed at the time of
the reconstruction. However, the earthquake-induced damage to
the paved apron and the warehouse buildings adjacent toc the quay
wall was severe, particularly above the reinforced concrete anchor
walls. As a result, it is believed that the anchor walls and the
quay wall displaced seaward as a unit, probably because of wide-
spread porewater-pressure-induced liquefaction and sliding of the
entire soil region at the site of these walls and the adjacent
buildings. The blowcounts of the sandy soils in this area ranged
from 7 to 20 at the depths of the pile foundations, and were lower
at depths closer to the ground surface.

2.12.4.3.4 North Wharf Landings A and B

The bulkhead at North Wharf Landing A is comprised of a
steel sheet pile constructed in front of an existing concrete
block gravity wall. It suffered damage of a similar type to
that observed at the adjacent North wWharf Quay Wall, but with



A

a greater degree of severity. The concrete slabs and warehouse
buildings behind the bulkhead also suffered substantial damage.
The saturated sandy soil conditions in this area were even less
competent than those at North Wharf Quay Wall, with blowcounts of
less than 10 to a depth of 15 m. Therefore the damage to this
sheet-pile bulkhead probably resulted from extensive porewater
pressure buildﬁp and liquefaction.

Figure 2-33d shows a cross section of the North wharf
Landing B bulkhead. The entire length of this bulkhead suffered
extensive horizontal displacement, and the degree of damage to the
slabs and warehouse buildings was similar to that at Landing A.
The so0il conditions in this area were also very poor. Layvers of
silty clayey mud occupied 15 m of the upper strata, and the blow-
counts for the soils at the pile foundation level were in the
neighborhood of 5. Therefore, the failure of the bulkhead has
been attributed to large scale sliding of the entire upper soil
strata.

2.12.4.4 East wharf

The sea wall at the East Wharf of Niigata Port was changed
from a sheet-pile type to a trestle type at the time its height
was increased in the 1950's as a countermeasure to subsidence
effects. Anchor walls were used to help resist the earth pressures
applied to the sea wall (Fig. 2-34).

The earthguake-induced damage to the sea wall was very severe,
featuring a large outward displacement (3 m) of its concrete cap,
and a substantial settlement (1 m) of the concrete pavement slabs
behind the quay wall. The adjacent warehouse buildings at the
East Wharf also suffered severe damage. This failure seemed to
have been caused by sliding of the anchor walls and settlement of
the foundation soils. This, in turn, was probably caused by the
poor soil conditions in the area, with blowcounts of less than 10
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A

within the 14 m depth of the soil stratum. The sheet piles that
supported the East wWharf sea wall were situated in this poor soil

medium.

2.12.4.5 Central Wharf

The guay walls at Central wharf are the same configuration
as that of North Wharf Quay Wall (Fig. 2-33¢). The damage was
also similar to that experienced at North wharf. As in that case,
the warehouse buildings suffered tremendous damage, while the
configurations of the quay walls remained fairly intact despite
their extremely large horizontal displacements (up to 2.3 m).

For the same reasons mentioned earlier (Sec. 2.12.4.3.3), the
movement of the anchor walls contributed to the failure of
warehouse buildings and concrete slabs.

The structural configurations of the guay walls on the south
and north sides of the wharf are practically identical with only
minor differences in their dimensions (Figs. 2-33¢c, 2-35). Despite
this, they suffered distinctly different degrees of damage, with
the quay wall on the south side displacing 2.1 m seaward, and the
guay wall on the north side sustaining only a slight, barely
noticeable displacement. This can be primarily attributed to
the different safety factors used in the design of the anchor for
these quay walls, although the differences in the soil conditions
and the distribution of the potentially liquefiable soils in the
vicinity of the quay wall foundations on the south side may also
have contributed to these different degrees of damage.

2.12.4.6 South wharf

The configuration of South Wharf, originally a concrete block
gravity-type quay wall with timber piers, was later reconstructed
to correspond to a steel sheet-pile guay wall (Fig. 2-36). During
the 1964 earthquake, the quay wall suffered uneven swelling and
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settlement, with a maximum horizontal displacement at the concrete
cap of about 2 m and a settlement of the concrete slabs behind the
gquay wall of about 1 m., The soils in this area have blowcounts in
the range of 5 to 20 at the sheet-pile foundation level; these
blowcounts drop to about 5 at the locations where the guay wall
suffered the most severe damage.

2.12.4.7. EKurinoki River Landings

The right bank of Kurinoki River is the site of a concrete
block quay wall structure that suffered large slippage and tilt-
ing, together with about a 1-m settlement. The concrete cap of
this structure submerged completely below the water surface at
some locations. The left bank of the river suffered similar
damage but to a lesser degree.

2.12.4.8. Bandai Island Wharf

Almost the entire quay wall and bulkhead that surround Bandai
Island submerged into the water, because of liguefaction of the
subsurface and backfill soil materials at the locations of these
structures. The quay wall tilted seaward and its apron settled
nearly 1 m. The bulkhead, comprised of a steel sheet pile filled
with dredged soils, settled severely without much horizontal move-
ment and sank into the water.

2.12.4.9. Shinano River Left Bank Bulkhead

This bulkhead extends over a length of 3 km from the Bandai
Bridge to the ocean (Fig. 2~37a), and virtually its entire length
was damaged by the earthgquake. This, in turn, resulted in very
heavy damage to the buildings along the river bank. 1In addition,
large scale sliding of the river bank, which resulted in cata-
strophic structural failures, was observed in a number of locations.
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The bulkhead in the section between Bandai Bridge and
Hayakawa-bori was entirely submerged as a result of the ground
shaking, except at the areas near Bandai Bridge and Sado Steam
Boat Pier. The area near the Fish Market was the hardest hit
due to its poor soil conditions (Fig. 2-37b). At that area,
the bulkhead was completely submerged and the major bulkhead
damage, in the form of tilting and settlement, was caused by
the failure of tie-rods, by foundation sliding, and by movement
of the anchor walls.

The section of the bulkhead between Hayakawa-bori and shinki=-
bori suffered relatively minor damage due to the fact that the
soll conditions in this area are much more competent (Fig. 2-37b).
Most of the bulkhead in the section between Shinki~-bori and
Niigata Steel Work settled, to the extent that the concrete cap
became flush with the water surface. Within this section, uneven
landward and seaward tilting of the concrete cap also occurred
throughout the entire length of the bulkhead. The section of the
bulkhead downstream from the Niigata Steel Work was completely
submerged and destroyed, due to the poor soil conditions within
this section and an insufficient bulkhead freeboard.

2.12.4.10 West Coast Bulkheads

The West Coast Bulkheads are of a gravity type with tetrapods
protecting the embankment and timber piles supporting the founda-
tion (Fig. 2-38). The damage to these bulkheads was most severe
along its eastern section (610 m long). Within this section,
damage was particularly severe in the vicinity of the West
Breakwater, where severe settlement (up to 3 m) occurred at the
bulkhead itself, at the soil behind the bulkhead, at the embank-
ment, and at the neighboring breakwater. However, the bulkhead
located to the east of this 610~-m eastern section sustained only

minor damage.
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The distinctly different behavior demonstrated by these two
sections of the West Coast Bulkheads is attributable primarily
to the difference in the subsurface soil conditions. The eastern
section, where major damage of the bulkheads took place, is
located near the mouth of Shinano River where the soils are
predominantly weak sands with a low penetration resistance.
However, at the western section where only minor damage occurred,
the subsurface soils are comprised of dense coastal sands with a
high shear strength.

2.12.4.11 East Niigata Port

East Niigata Port is located about 15 km east of Niigata
Port (West Harbor). In contrast to the severe damage observed at
Niigata Port, the 1964 earthquake caused practically no damage at
East Niigata Port. This was primarily due to (1) the much more
favorable soil conditions that exist at East Niigata Port, with
blowcounts exceeding 20 over the upper 10 m and exceeding 30
thereafter; and (2) the much more favorable structure configura-
tions at East Niigata Port, due to the fact that the facilities
at this port did not undergo the height increases and other
subsidence countermeasures that were implemented at Niigata Port
(Sec. 2.12.3).

*
2.13 1968 TOKACHI-OKI, JAPAN, EARTHQUAKE

2.13.1 GENERAL DESCRIPTION

On May 16, 1968, an earthgquake of magnitude 7.8 struck the
southern part of Hokkaido and the Pacific Coast of Tohoku in
Japan (Fig. 2«39). This earthquake, which had a focal depth of

*
Primary reference for damage assessment from the 1968 Tokachi-Oki
earthquake was JPHRI (1968).
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20 km, induced peak accelerations (measured at Hachinohe Port in
Tohoku) of 0.24 g horizontal and 0.08 g vertical.

The 1968 Tokachi-Oki earthquake affected port and harbor
facilities over a widespread area within the Tohoku coastal
region, with the most prominent effects at Hachinohe, Aomori,
Hakodate, and Muroran Ports (Fig. 2-39). The following port
and harbor facility response characteristics were induced by
this earthquake.

) Not many large waterfront structures suffered severe
damage, although some moderate damage was observed.

'Y The gravity type structures with concrete caissons were
not damaged. A number of quay walls built with concrete
blocks or cast~in-place concrete tilted, some critically.

® Many steel sheet-pile bulkheads suffered small deforma-
tions. Some tilting of the sheet pile was attributed
to insufficient anchor resistance.

. None of the cellular bulkheads, built either on a sandy
soil foundation or a clayey scil foundation, was affected
by the earthguake. The trestle-type piers suffered no
damage.

) No sheet-pile bulkhead damage was observed that could
be attributed to insufficient embedment or bending

moment resistance capacity.

) Uneven settlement and cracking of paved aprons behind
the waterfront structures were common to all types of
facilities, due to settlement or subsidence of the
underlying backfill. Sand boils were also observed at
several locations near these damaged aprons.
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The above response characteristics indicate that only moder-
ate damage was induced at harbor locations by the 1968 Tokachi-Oki
earthquake, despite the fact that the design of many of the struec-
tures was based on seismic coefficients that were small (0.05
to 0.15) in comparison with the peak ground accelerations {(0.24 g
measured at Hachinohe Port). This is in marked contrast to the
effects of the 1964 Niigata earthquake, which caused substantial
destruction to structures at Niigata Port that were also designed
using seismic coefficients (0.10 to 0.12) that were somewhat less
than the estimated peak accelerations from that earthquake (0.15 g
to 0.20 g). These differences between the behavior of waterfront
structures during the Niigata and Tokachi-Oki earthquakes can be
attributed to the following.

° The soil conditions at the ports affected by the 1968
Tokachi-Oki earthquake are much more favorable than
those at Niigata Port. The soils at Niigata Port are
primarily loose sands, with near-surface blowcounts
typically in the range of 5 to 10; these soils were
particularly susceptible to porewater pressure buildup
and liquefaction. 1In contrast, the soil conditions
at ports affected by the Tokachi-0Oki earthquake are
primarily dense sand layers with blowcounts exceeding 40.

® Prior to the 1964 Niigata earthquake, a majority of the
waterfront structures at Niigata Port had undergone
various degrees of modification in an attempt to
countermeasure earlier soil subsidence effects. The
rather complicated structural configurations that
resulted from these modifications contributed to the
increased vulnerability of the structures in Niigata
Port to seismic excitations. ©No such structure modi-
fications were carried out at the ports affected by
the 1968 Tokachi-Oki earthquake.
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With this as background, the remainder of this section
describes the effects of the Tokachi-Oki earthgquake at the
Hachinohe, Aomori, Hakodate, and Muroran Ports.

2.13.2 HACHINCHE PORT

The most substantial effects of the 1968 Tokachi-Oki earth-
quake on port and harbor facilities occurred at Hachinohe Port,
where about half of the total damage costs to such facilities was
incurred. Seismic coefficients used in the design of the newer
facilities at this port ranged from 0.05 to 0.10, which was well
below the peak acceleration level measured at Hachinohe (0.24 qg);
no information was available regarding the seismic coefficients
of the older ports. Subsurface soils at Hachinohe Port are
comprised of sands, with blowcounts ranging from 10 to 20 at
shallow depths and 40 to 50 at deeper locations (Fig. 2-40).

The most significant damage at Hachinohe Port was the
collapse of the Kawaragi Estuary Breakwater (which represented
about two-thirds of the damage costs at this port); however this
breakwater collapse was caused by a subsequent tsunami rather
than by the ground shaking. Damage more directly related to
earthquake ground motion effects occurred at the First Industrial
Harbor, where 5 sheet-pile bulkheads out of 25 suffered damage
that included apron settlement and tilting. Quay walls in the
Kanbi District suffered similar damage (Fig. 2-41).

2.13.3 AOMORI PORT

The Aomori Port is sited on alluvial deposits comprised of
sandy soils with blowcounts of about 10 at shallow depths and
dense sandy gravels with blowcounts ranging from 30 to 50 at
deeper depths. The waterfront structures at this port were
designed using seismic coefficients of from 0.05 to 0.075, which
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are substantially lower than the peak accelerations recorded at
Aomori (0.22 g). However, despite these low seismic coefficients,
large structures such as cellular and caisson bulkheads sustained
no damage, and damage to quay walls and wharves was limited to
pavement settlement and cracking and relatively minor sliding and
tilting. Few structures lost their function as a result of the
earthquake shaking.

2.13.4 HAKODATE PORT

Hakodate Port, whose layout is shown in Figure 2-42a, is
situated in a region having complex soil conditions with abruptly
changing properties over very short distances. For example, the
wakamatsu-cho Wharf area is dominated by thick clay layers, while
the soils at Kitahama Wharf are comprised of a mixture of sandy
clay layers and intermittent sand layvers. Seismic coefficients
used in the design of the Hakodate Port structures are not well
documented, except at Kitahama Wharf where a value of 0.1 was
used.

The Kitahama and Wakamatsu-cho wharves at Hakodate Port were
most severely damaged by the earthquake. At Kitahama Wharf, a
steel sheet-pile bulkhead designed with batter piles suffered
seaward tilting and settlement of its apron all along its 330 m
length. This was attributed to shear failures in the welded
connections of the batter pile and headwork, and to possible
liquefaction of the surrounding soil, as evidenced by sandboils
observed in the waterfront area near the bulkhead (Fig. 2-42b).
Quay Wall No. 2 at Wakamatsu-cho Wharf slid (0.4 m) and settled
(0.6 m) all along its 100 m length, due to relative horizontal
displacements between the lower caisson structure and the upper
concrete region {Fig. 2-42c). This resulted in severe settlement
in the densely populated areas behind the quay wall which,
together with subsequent flooding due to this foundation failure,
caused significant property damage.
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2.13.5 MURORAN PORT

The Muroran Port is the most important industrial port in
northern Japan (Fig. 2-43a). It is situated on soil deposits
whose top l-to-2 m are comprised of silty clays with very low
blowcounts (less than 2) and whose underlying soils are soft
volcanic ash and sand from 2 to 5 m (blowcounts less than 10)
and dense volcanic ash at depths of 5 to 10 m (blowcounts
exceed 50). Competent bedrock exists at depths below 10 m
(Fig. 2-43b). Limited available information on seismic coeffi-
cients used in the design of structures at Muroran Port indicates
coefficients of 0.10 to 0.15 were used, as compared with a peak
acceleration of 0.21 g recorded at this port during the earthquake.

Despite the recorded peak accelerations being somewhat
higher than the design seismic coefficients, the damage to water-
front structures at Muroran Port was limited to some tilting of
sea walls and settlement of paved aprons. Sandboils observed in
this port area after the earthquake suggest that this minor damage
could have been caused by some degree of porewater pressure buildup
in the underlying sand layers. An example of an undamaged struc-
ture is the sheet-pile bulkhead at the West Wharf No. 3 (Fig. 2-43c¢)
which is similar to a severely damaged bulkhead at Hakodate Port
(Fig. 2-42b).

*
2.14 1973 NEMURO-HANTO-OKI, JAPAN, EARTHQUAKE

2.14.1 GENERAL DISCUSSION

An earthquake of magnitude 7.4 struck the eastern area of
Hokkaido off the Numuro Peninsula (Fig. 2-44) on June 17, 1973.
This earthguake had a focal depth of 40 km, and induced JMA
seismic intensities in Nemuro and Kushiro cities of as high as V.

*
Primary reference for damage assessment from the 1973 Nemuro~Hanto-
Oki earthguake was JPHRI (1973).

2-85



R-8122-5395

<
Q-
&
WHARVES §
&
\\Q-Q
+)
o
Z
P
2
= CENTRAL
& BREAKWATER
=
g
]
m
m
(7))
%A o
%> Vi WEST WHARF
NRTSU WHARF
3 z 2.7 wo.2
? P N0.3
-
-
= NIKKQ WHARF
g CENTRAL
= WHARF
2 50 1.eoom RAILROAD WHARF
(a) Plan view
x
[&T2] sow N-VALUE
tmifim}| TYPE | 10 20 30 40 50 €0 70 €0 0 y 6.00 -
F&T +3.00 |
o [ —
O e s o +2.00 »
" Ts. T
“j i SILTY VOLCANIC ASH 1
; J‘ gLwL 0.00 |
5 6
X
1@
4 <L -
z o H-SHAPED STEEL BEAMS
15 AT 1.60m ¢/¢ (% = 12.0m)
10 -] 3
] 8.9 =
"~z -6.20 UsTeg (.
g 19 SHEETPILE
:5'—25344 (¢ = 8.0m)
-V-Z?ﬁrzﬁ'; =
(e 70%0 9,50
WE
] rg?g
207 &?s (c) Undamaged bulkhead
4 & =
-4 N West Wharf No. 3
£
. 2 . .
251 (b) Soil profile

_

FIGURE 2-~43. MURORAN PORT LAYOUT, SOIL PROFILE, AND TYPICAL UN-

DAMAGED STRUCTURE, 1968 TORACHI-OKI EARTHQUAKE
{(JPHRI, 1968)

(211 dimensions and elevations in meters)

2-86



R-8122-5395

&«

o
HOKKAIDO ¢ &
ISLAND NEMURO PORT
e o =e
. KUSHIRO "}
oy PORT EPICENTERS OF MAINSHOCK (1)
MURORAN AND AFTERSHOCKS {2 TO 6}
¢ PORT'
T HAKQDATE
PORT
50 -
m-. »
ﬁ/HONSHU .
ISLAND
< |- w
1y
. 1 0 50 Im 5o Mo

FIGURE 2-44. LOCATION OF EARTHQUAKE EPICENTER AND PORTS AFFECTED
BY 1973 NEMURO-HANTO-OKI EARTHQUAKE (JPHRI, 1973)



Ié%‘\ R-8122-5395

Many aftershocks followed, the largest of which took place on
June 24 and had a magnitude of 7.3. A strong-motion accelerogram
of the main shock was obtained at Kushiro Port, and had a peak
horizontal acceleration of 0.17 g. The maximum accelerations

at Hanasaki and Kiritappu Ports were estimated to be about 0.29 ¢
and 0.26 g, respectively.

In the remainder of this section, the earthquake-induced
effects on port and harbor facilities at four main ports-~Hanasaki,
Kiritappu, Kushiro, and Nemuro--are summarized. Of these, Hanasaki
Port suffered the most severe damage, and moderate damage was
induced at Kiritappu. Kurshirc Port and Nemuro Port (which are
only 6 km away from Hanasaki Port) sustained only very slight
damage during the Nemuro-Hanto-Oki earthguake.

2.14.2 HANASAKI PORT

The Hanasaki Port (Fig. 2-45a) is situated on soil deposits
comprised of sandy soils with blowcounts ranging from about 5 to
more than 50. At several borehole locations, however, the blow-
counts of these sands do not steadily increase with depth; instead,
at depths as great as 13 m, sand layers with blowcounts of less
than 20 are encountered between layers with much greater blowcounts
(Fig. 2-45b).

Severe damage was suffered by sheet-pile bulkheads and by
gravity-type quay walls. This damage is further described as
follows:

° Sheet-Pile Bulkheads along Fisherman's Wharf. Lique-
faction of the sandy alluvium along the southern tip of
the steel sheet-pile bulkhead at the southwest side of
Fisherman's Wharf caused much larger horizontal displace-
ments at that location than elsewhere along its length
(Fig. 2-46a). An insufficient anchoring capaCity of
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the anchor system at this bulkhead also contributed
to this damage. In contrast to this, a similar steel
sheet-pile bulkhead along the northeast side of
Fisherman's Wharf experienced virtually no sliding
displacement, primarily because it made use of an
existing gravity-type breakwater as an anchor that
retained its anchoring capacity throughout the ground
shaking. For both of these bulkheads, fhe settlements
were very small,

Sheet~Pile Bulkheads at East End of Port. These L-shaped
bulkheads (of lengths 150 m and 60 m) experienced hori-
zontal displacement and bulging (of up to 0.4 m) as well

as apron settlements (0.4 m). Sand boils found in the
area suggest that porewater pressure buildup contributed
to this damage (Fig. 2-46b).

Gravity Type Quay Wall at West End of Port. This 30 m
quay wall experienced a maximum horizontal displacement

of 1.2 m and a maximum settlement of 0.3 m. Prominent
vertical cracking was induced at two locations in the
wall, and the adjacent paved apron sank up to 1.2 m
because of backfill settlement resulting from ground
shaking and later from tsunami effects (Fig. 2-46c).

Gravity Type Quay Wall in Nakahama District.

(130-m section). The west 130-m section of this quay
wall suffered horizontal displacement and settlement
throughout its length. However, these effects were
much more prominent in Segment A of this quay wall
section, constructed in 1971, than in Segment B,
constructed 1 yr earlier (Fig. 2-46d). This has been
attributed to the backfill sand materials along Seg-
ment A being weaker and more liquefiable than along



jéé’\ R-8122-5395

Segment B, possibly because the structural and backfill
materials used for the construction of the quay wall at
Segment A were stored upon the Segment B backfills; this
apparently preloaded the Segment B backfill sands,
making them more resistant to the effects of earth=
quake ground shaking.

2.14.3 KIRITAPPU PORT

Kiritappu Port is situated on fine silty sands and sandy
silts together with coarse sand deposits. Although there was
some evidence of liquefaction of these deposits during the ground
shaking, the damage at Kiritappu Port was less severe than at
Hanasaki Port. This damage was restricted to uneven settlement
of the pavement apron, with a maximum apron settlement of 0.3 m.

2.14.4 KUSHIRO PORT

Kushiro Port is situated on generally favorable soil condi-
tions comprised of intermittent layers of gfavelly clay, coarse
sands, and mud overlying bedrock at a depth of 6 to 8 m. Because
of these favorable conditions, the earthquake-induced damage at
this port was very light and the operation of the port was not
affected by the ground shaking.

2.14.5 NEMURO PORT

Nemuro Port is situated on very shallow soil deposits of
gravelly silty sands and clays overlying bedrock at depths below
the ground surface ranging from 2 m to 8 m. Because of these
excellent soil conditions, no significant earthquake damage was
induced at Nemuro Port, despite the fact that it is located only
6 km north of Hanasaki Port where significant damage took place.
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2.15 1974 IZUHANTO-OKI, JAPAN, EARTHOUAKE

The Izuhanto~0Oki earthquake occurred on May 9, 1974, off
the Izu Peninsula in central Japan (Fig. 2-47). The magnitude of
this earthquake was 6.9 and its focal depth approximately 10 km.
The earthquake-induced damage to port and harbor facilities was
light even though the earthguake magnitude and the ground motion
intensities were significant. For example, the Mera Fishing Port
located 10 km from the epicenter suffered only slight damage
despite its strong ground accelerations, whose peak value was
estimated to be in the order of 0.4 g. This damage included some
settlement and sliding of the 80 m long -6.5 m breakwater, and
slight seaward displacement and apron settlement at a 60 m long
-3.0 m concrete block guay wall. The excellent behavior of water-
front structures at the Mera Fishing Port has been attributed to
the favorable site conditions at this port, which are comprised
of shallow outcroppings of competent rock (at depths of approxi-
mately =5.0 m).

Rather light earthquake-induced damage also occurred at the
Shimoda Port and the Inatori Fishing Port, located 20 and 30 km
from the epicenter respectively, even though the peak ground
acceleration at these ports were estimated to be 0.25 g and 0.1 g
to 0.15 g respectively in these two ports. As at the Mera Fishing
Port, this light damage was attributable to the favorable site
conditions at Shimoda and Inatori, which are comprised of sound
bedrock at depths of about 10 m.

E)
Primary reference for damage assessment from the 1974 Izuhanto-Oki

earthquake was Noda and Uwabe (1975).
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*
2.16 1978 MIYAGI-KEN-OKI, JAPAN, EARTHQUAKE

2.16.1 GENERAL DISCUSSION

On June 12, 1978 an earthgquake of magnitude 7.4 and focal
depth 30 km occurred with an epicenter in the Pacific Ocean off
the Miyvagi Prefecture (Fig. 2-48). Motions recorded at Shiogama,
Sendai, and Ishinomaki Ports during this earthquake were the
strongest ever measured at port and harbor sites in Japan. For
example, even though Shiogama Port was 104 km from the center
of the Miyagi«Ken-Oki earthquake, peak accelerations of 0.29 g
(horizontal) and 0.17 g (vertical) were recorded there.

The Miyagi=~Ken-Oki earthguake caused particularly severe
damage to gravity-type quay walls and piers and to sheet-pile
bulkheads. This damage was particularly severe at sites where
liquefaction occurred, and was usually only minor at sites with
no apparent liquefaction.

The most significant effects of the Miyagi-Ken-Oki earthgquake
on port and harbor structures occurred at Shiogama, Sendai, and
Isinomaki Ports and at the Ishinomaki and Yuriage Fishing Ports.
These effects are described in the remainder of this section.

2.16.2 SHIOGAMA PORT

The Shiogama Port (Fig. 2-49) is situated in a region
generally comprised of bedrock at a shallow depth (10 m or less
at the Central Pier) overlain by a thin surface layer of sand

*
Primary reference for damage assessment from the 1978 Miyagi-Ken-Oki

earthquake was Tsuchida, et al. (1979).
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and 20 to 25 m of clays. The earthquake caused the following
damage at this port:

L 4

Yoshida Hanabuchi Wharf. This wharf is comprised of
two different sections of concrete block quay wall.
About half of the 178 m west section suifered seaward
tilting of the headworks and settlement of the apron.

The relative displacements between the headwork and the
apron were 0.5 m {(horizontal) and 0.2 m (vertical).
About one~third of the 246 m east section of this quay
wall suffered damage of a similar type but of less
severity (Fig. 2-50a).

Ishihama Pier. This concrete block'gravity type pier
was constructed on a layer of rubblestone overlying

bedrock, and included small stone fill within its
interior. Outward tilting of the concrete blocks
during the earthquake resulted in bulging of the pier
cross section and settlement of the apron (Fig. 2~50b).

Shirogazaki Wharf. The concrete block quay wall was

undamaged by the Miyagi~Ken-Oki earthquake. A con-
tributing factor to the excellent performance of this
quay wall during the earthquake was that its lower
layer of concrete blocks was embedded into the bedrock
(Fig. 2-50c¢), rather than resting on a laver of rubble-
stone as was the case at Ishihama Pier (Fig. 2«50b).

Central Wharf. The 60-m concrete gravity type quay

wall at this wharf suffered significant seaward tilting
of the headwork along the entire length of the quay
wall (0.6~m displacement) and severe cracking and
settlement (up to 0.4 m) of the apron and concrete
pavement (Fig. 2-50d4).

2-100
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2.16.3 SENDAI PORT

The Sendai Port has soil conditions comprised of a surface
layer of sand (3 m to 20 m thick) underlain by layers of medium
coarse sand and silty loam. Dense sand and bedrock underlie the
silty loam layer. All waterfront facilities at Sendai Port were
designed using a seismic coefficient of 0.1, except for a quay
wall in the Central waterway that was designed using 0.15.

The most noteworthy earthquake effects at Sendali Port
involve comparisons between response characteristics of two
practically identical adjacent steel sheet-pile bulkheads at
Nakano wharf (Fig. 2-51). Bulkhead No. 4, which was anchored
using vertical H-beams experienced cracking and settlement of its
apron and pavements (Fig. 2-52a), while Bulkhead No. 5, which was
anchored using batter piles, remained intact with no apparent
damage (Fig. 2-52b). Comparable trends were exhibited by other
bulkheads at Sendai Port designed with these two different anchor
systems.

The differences in behavior between Bulkheads 4 and 5 can be
attributed to the nature of the soil properties at each bulkhead,
as well as to the differences in anchor systems. Figure 2-52
shows that, even though Bulkheads 4 and 5 are adjacent to one
another, there are differences in the soil properties of the two
sites. This is particularly true near the ground surface, where
the fill materials at Bulkhead No. 4 exhibit a much lower SPT
resistance than do the near-surface sand materials at Bulkhead
No. 5. However, the differences in anchor support systems for
these two bulkheads could also have contributed to their differing
response to the ground shaking in accordance with the following
possible mechanism: (1) the batter-pile-supported anchor system
at Bulkhead No. 5 would presumably have had a greater resistance

to increased lateral pressures that could result from porewater
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pressure buildup in the soil along its interface with the sheet
pile; (2) this would reduce the tendency of the sheet pile and
the soil to displace laterally due to these increased pressures;
and (3) as a result, any reduction in confinement of the soil
layers (particularly those near the ground surface) would be
minimized which, in turn, would minimize the tendency of these
layers to settle and to thereby damage the overlying apron. The
behavior of these two sheet-pile bulkhead systems is discussed
further in Chapter 5, in the context of a dynamic analysis of
Bulkhead No. 4 that was carried out as part of this research
program.

2.16.4 1ISHINOMAKI PORT

The Ishinomaki Port (Fig. 2-~53a) is situated on essentially
uniform soils comprised of a 12 m thick surface layer of soft
sands (blowcounts 10 to 15) underlain by a 13 m thick soft clay
layer (blowcounts 5 to 10), a 15 m thick segment of medium to
coarse sands, and gravel at depths below 40 m. The earthqguake-
induced damage at Ishinomaki Port was very severe, accounting for
about 90% of the total damage costs incurred by port and harbor
facilities as a result of the Miyvagi-Ken-0Oki earthquake.

General trends from observations of the damage at Ishinomaki
Port during this earthquake were:

. The damage to gquay walls and sheet-pile bulkheads corre-
lated strongly with the ocurrence of liquefaction at |
adjacent backfill areas; i.e., significant damage
occurred at sites with strong evidence of liquefaction,
whereas no such evidence was apparent at sites of
undamaged structures.

° Steel-pipe quay walls and breakwaters sustained very
little damage during this earthquake.
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Additional discussion of damage at specific locations within
Ishinomaki Port is as follows:

® Nakajima Wharf. A 400-m vertical sheet-pile bulkhead
at this wharf suffered substantial seaward sliding and
tilting, (with horizontal displacements as high as

0.6 m) as well as a significant settlement of the apron
(up to 1 m). There was widespread evidence of liquefac-
tion of the sandy soils at this bulkhead site, in the
form of sand spouting that continued well after the
earthquake.

e Hiyori wharf. A quay wall at this wharf experienced
damage in the form of displacements of the headwork
of 0.6 m (horizontal) and 0.2 m (vertical). There
was evidence of liquefaction at this wharf, in the
form of sand spouts from cracks within the apron.

° Shiomi wharf. A 300-m sheet-pile bulkhead (Fig. 2-53b)
and its auxiliary structures suffered significant sea~
ward horizontal displacement (1.2 m) at its midlength
but only small settlement (0.1 m). Subsequent inspec-
tions of the tie rod connecting the wall to its anchor
system indicated that this rod was not damaged; this
suggests that the entire sheet-pile bulkhead including

its anchor displaced as a unit, possibly due to lique-
faction of the sandy backfill and underlying scil
deposits.

2.16.5 ISHINOMAKI FISHING PORT

The Ishinomaki Fishing Port is located east of the Ishinomaki
Port at the mouth of the Kitakami River (Fig. 2-54). The subsur-
face conditions at this port correspond to 25 m of alluvium
{(alternating layers of sand and silt) underlain by bedrock. SPT
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blowcounts within the alluvium fluctuate considerably with depth,
but generally fall below 10 to 20 throughout most of the alluvium.
wWaterfront facilities at this fishing port were designed using

a seismic coefficient of 0.1.

The Miyagi-Ken-0Oki earthquake caused damage to the Ishinomaki
Fishing Port in the form of horizontal displacements of guay walls
and cracking and settlement of aprons. Ligquefaction was evident
in the alluvial sands that prevail at this site, in the form of
sandboils and spouting of sand deposits, particularly within the
Central District of the port. Further discussion of the water-
front facility damage is as follows:

° Junbi Bulkhead. Almost two-thirds of a 300-m steel
sheet-pile bulkhead in the Central District of this
port was damaged. This damage took the form of seaward
displacements of the steel sheet piles (up to about
0.3 m) and cracking and some settlement of the apron
(about 0.1 m). Water and sand spouted from cracks in
the apron, indicating porewater pressure buildup and
possible liquefaction.

° Minato District. About three-guarters of a 750-m quay
wall suffered damage in the form of wall tilting and
apron settlement (up to about 0.2 m).

2.16.6 YURIAGE FISHING PCRT

The Yuriage Fishing Port (Fig. 2-55a) is situated on about
20 m of alluvial sands underlain by dense gravels. Blowcounts of
the sand materials range from less than 10 near the ground surface
to up to 40 at deeper depths. The seismic coefficient used in the
design of waterfront facilities at the Yuriage Fishing Port was 0.1.
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The Miyagi-Ken-Oki earthquake induced widespread and severe
damage at this port. For example, a concrete block quay wall on
the west bank of the port suffered severe wall translations and
rotations (with a maximum horizontal displacement of 1.2 m) and
apron cracking and settlement (up to about 0.3 m). In addition,
almost 300 m of a sheet-pile bulkhead on the east bank of the port
underwent severe damage that featured maximum horizontal displace~
ments of the headwork of about 1.2 m (Fig. 2-55b). In this latter
case, the sheet pile and anchor system displaced horizontally as
a unit, suggesting overall movement of the sandy soil deposits,
possibly as a result of liquefaction.

In addition to quay walls and bulkheads, docks at this port
were also subjected to substantial damage. A landing for ships
on the south end of the port experienced a horizontal sliding of
almost 1 m and a settlement of 1.1 m. An adjacent landing slid
up to 0.7 m and settled up to 0.5 m over almost half of its 550 m
length.

2.17 SUMMARY OF RESULTS

This chapter contains results from our extensive compilation
and assessment of the dynamic response characteristics of ports
and harbors during prior earthquakes. These results not only
clearly demonstrate the extreme susceptibility of port and harbor
facilities to widespread damage from earthquake ground shaking,
but also provide important details regarding the nature of signi-
ficant port and harbor response characteristics and damage modes
that should be of value in future seismic design applications.
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Qur compilation and assessment of seismic response charac-
teristics and damage modes for port and harbor facilities
{summarized in Table 2-1) indicates the following trends:

. By far the most significant source of earthquake-
induced damage to port and harbor facilities has been
porewater pressure buildup in the loose~to-medium dense,
saturated, cohesionless soils that prevail at port and
harbor sites. This has led to damage due to excessive
lateral pressures applied to quay walls and bulkheads
by backfill materials (Item A in Table 2-1), and to
liquefaction (Item B), localized sliding (Item C), or
massive submarine sliding of the site soil materials
(Item D).

° To substantiate the importance of these porewater
pressure effects, this chapter cites several cases
involving similar port and harbor structures located
on adjacent sites, in which one site experienced sig-
nificant porewater pressure buildup during a given
earthquake and the other did not. Invariably, the
structures at the sites with significant porewater
pressure buildup suffered severe damage, whereas the
damage to structures at the other sites was much less
substantial. In other such examples cited in this
chapter, widespread liquefaction and massive soil
sliding caused by porewater pressure buildup has
resulted in complete destruction of entire port and
harbor areas (e.g., the Niigata, 1964, and Alaska,
1964, earthquakes).

® There was very little, if any, evidence of damage
directly related to the earthquake-induced vibrations
of the structures (Item E in Table 2-1). This may be
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TABLE 2-1, SUMMARY OF EARTHQUAKE~INDUCED DAMAGE TO PORT
AND HARBOR FACILITIES
Earthquake Damage
Port Possible
Location Date Magnitude Loecation Description Cause(s)
Kanto, Japan Sep 1, 1923 8.2 Yokohama and | Concrete block quay walls: sliding, tilting, and/or collapse A
Yokosuka with some bearing capacity failure of rubble-stone
foundation
Steel bridge pier: buckling of pile supports C,E
Kitaizu, Japan Nov 26, 1930 7.0 Shimizuy Caisson quay wall (183 m long): tilting, outward sliding
(8.3 m), and settlement (1.6 m) AB.C
L-Shaped block quay wall (750 m long): ontward sliding (4.5 m) ¥
and settlement (1.2 m)
Shizuoka, Japan Jul 11, 1935 6.3 Shimizu Caisson quay wall: outward sliding (5.5 m) and settlement A,B,C
(0.9 m) accompanied by anchor system failure
Tonankai, Japan Bec 7, 1944 W 8.3 Yokkaichi Pile-supported concrete girder and deck: outward sliding
(3.7 w) accompanied by extensive soil sliding AB.C
Nagoya Sheet-pile bulkhead with platform: ocutward bulging (4 m) r
Osaka Steel sheet-pile bulkhead: outward bulging (3 m)
Nankai, Japan Dec 21, 1946 8.1 Nagoya Sheet-pile bulkhead with platform: outward bulging (4 m)
Yokkaichi Pile-supported concrete girder and deck: outward stiding
(3.7 m)
Osaka Steel sheet-pile bulkhead: outward bulging (3 m) and A,B,C
settlement (0.6 m)
Uno Gravity-type concrete block and caisson quay wall: seaward
sliding (0.4 m) accompanied by scil sliding
Tokachi-Qki, Mar 4, 1952 8.1 Kushire Concrete caisson quay wall: tilting, outward sliding (6 m), A,B,C
Japan and settlement (1 m)
Chile May 22, 1960 8.4 Puerto Montt | Concrete caisson quay walls: overturning and extensive
tilting
Steel sheet-pile seawall: outward sliding (up to 1 m) and AB.C
anchor failure ¥
Gravity-type concrete seawall: complete overturning and
sliding (1.5 m)
Talcuhuano Concrete block guay wall: outward tilting A,B
Alaska Mar 27, 1964 8.4 Anchorage Dock structures: extensive seaward tilting with bowing, B,D,E
buckling, and yielding of pile supports
Valdez Entire harbor: destroyed by massive submarine landslide
Whittier Pile-supported piers and docks: buckling, bending, and
twisting of steel pile supports B.D
Steel sheet-pile bulkhead: extensive bulging ’
Seward Major -portion of harhor: destroyed by massive submariane
landslide
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TABLE

2-1. CONCLUDED)

Earthquake

Location

Date

Magnitude

Port
Location

Damage

Description

Possible
Cause(s)

Niigata, Japan

Jun 16, 1964

7.5

Niigata

Extensive damage due to liquefaction and sliding of soil
strata. Summary of damage is as follows:
Piers and landings: sliding (up to 5 m), submergence, and
tilting
Sheet-pile bulkheads: sliding (over 2 m), submergence,
settlement (up to 1 m), and tilting. Extensive anchor
failure
Quay-walls: sea sliding (up to 3 m) settlement (up te¢
4 m) with extensive anchor failure and wall tilting

4,B,C

Tokachi-OQki,
Japan

May 16, 1968

7.8

Hachinohe

Aomori

Hakodate

Steel shieet-pile bulkhesds: cutward sliding (0.9 =), tilting,
and settlement, with anchor failure

Gravity~type quay wall: sliding and settlement (0.4 m)

Gravity-type breakwater: sliding (0.9 m) and pavement
settlement (0.9 m)

Steel sheet-pile bulkhead: seaward tilting {0.6 m) and apron
settlement (0.3 m)

Quay-wall: settlement (0.6 m) and sliding (0.4 m)

Nemuro~Hanto-Oki,
Japan

Jun 17, 1973

7.4

Hanasaki

Kiritappu

Gravity-type quay wall: sliding (1.2 m) and settlement (0.3 m)
with corresponding apron settlement (1.2 m)

Steel sheet-pile bulkhead: sliding (2 m) and anchor failure

Steel sheet-pile bulkhead: relatively minor damage

Gravity-type quay walls: relatively minor damage

Mivagi-Ken-Oki,
Japan

Jun 12, 1978

7.4

Shicgama

Ishinomaki

Yuriage

Sendai

Concrete gravity-type guay wall: outward tilting (0.6 m) and
apron pavement settlement (0.6 m)

Steel sheet-pile bulkheads: outward sliding (up to 1.2 m) and
apron settlement (up to 1 m)

Concrete block retaining wall: sliding, tilting, and cracking
with corresponding pavement settlement (0.2 m) relative to
wall

Concrete block gravity guay wall and steel sheet-pile
bulkhead: large horizontal displacements (up to
1.2 m)

Steel sheet-pile bulkheads: c¢racking and settlement of
apron and pavements

Legend

A: [Excessive lateral pressure from backfill materialg, in the
absence of complete liquefaction, and possibly agcompanied
by reduction in water pressure on outside of wall

o oW

Liquefaction

Localized sliding
Massive submarine sliding
Vibrations of structure

S6LS-¢218-4d
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either because direct structural effects are overshadowed
by the effects of porewater pressure buildup in the
adjacent soils, or because the seismic design provisions
related to structure vibratory effects are adequate or
conservative. The more extensive use of dynamic analyses .
of the type described in Chapter 4 and carried out in
Chapter 5 could provide important insights along these
lines.

Insights into the importance of the seismic coefficients
used in the design of port and harbor facilities are
provided by evidence from Japanese earthquakes. For
example, in the earthquakes at Niigata (1964), Tokachi-
Oki (1968), and Nemuro-Hanto-Oki (1973), affected port
and harbor facilities were all designed using seismic
coefficients whose values were about half the values

of the peak accelerations actually experienced during
the earthquakés. Despite this similarity, these three
earthquakes caused widely varying degrees of harbor
damage. This damage appeared to be most closely
related to the extent of liquefaction of the affected
harbor sites, which was greatest during the Niigata
earthquake and was least during the Tokachi-Oki event.
This suggests that the seismic coefficients used in
design of port and harber facilities are of secondary
importance, when compared to the potential for liguefac-
tion of the site soil materials.

Although the effects of porewater pressure buildup and
liquefaction are predominant, there is evidence that

the structure configurations, including the anchor

system used for retaining wall structures, also plays

an important role in the behavior of the port and harbor
facilities during earthquakes. This chapter cites several
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examples of the strong influence of the anchor system
on the failure or survival of waterfront structures.
Along these lines, the chapter also provides strong
evidence that undesirable configurations of several
structures at the Niigata Port contributed to the
widespread damage that occurred at that port during
the 1964 Niigata earthquake.
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CHAPTER 3

CURRENT SEISMIC DESICGN PROCEDURES

3.1 OVERVIEW

In Chapter 2, not only has the significant vulnerability of
port and harbor facilities to earthquake motions been demonstrated
but, where possible, the causes of the significant damage that
has been imparted to such facilities has also been interpreted.

In view of this, it is important to now consider how these various
causes are considered in the design of port and harbor facilities
to resist earthquakes, and to evaluate the adequacy of these
seismic design procedures.

The results of our compilation and evaluation of seismic
design procedures for port and harbor facilities is presented
in this chapter. These results are based on il) our review and
assessment of available and pertinent documentation from Japan
and the United States;* and {(2) interviews and discussions with
port and harbor authority personnel, consulting engineers, and
government agency representatives experienced in port and harbor
design and maintenance (see Acknowledgements). Results of these

*The pertinent references from Japan reviewed in this design
procedure assessment included Okabe (1926), Mononobe (1929),
JPHRI (1965 and 1980), Okamoto {(1973), Hayashi et al. (1975),
Neda and Uwabe (1976), Kitajima and Uwabe (1979), and Noda
and Hayashi (1980). From the United States, design-related
references that were reviewed included Westergaard (1933), USN
(1968~1971), DANAF (1973), Seed and Whitman (1970), Chakrabarti
et al. {(1978), Pyke et al. (1978), Seed (1979a, 1979b), and Pita
et al. {1982) as well as other references cited in the text to
this chapter. In addition, geotechnical and structural design
reports for particular port facilities were furnished by several
of the consulting engineers and port authority representatives
with whom we visited, and provided valuable background for this
seismic design evaluation.
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efforts are presented, not as detailed descriptions of seismic
design procedures on an individual basis, but rather as a brief
description and assessment of overall trends that emerged as our
work in this area proceeded.

The remainder of this chapter ig divided into two main
sections that address geotechnical design considerations and
structure~specific seismic design considerations respectively.

In this regard, it is noted that seismic¢ design practice in Japan
for port and harbor facilities in general does not appear to differ
markedly from that in the United States; however the Japanese have
developed much more thorough and complete documentation of their
seismic design procedures.

3.2 GEOTECHNICAL CONSIDERATIONS

The geotechnical considerations addressed in this seismic
design assessment pertain to (1) lateral earth pressures for
retaining wall structures; (2) earthquake-induced dynamic water
pressures; (3) earthquake effects on bearing capacity; (4) lateral
and axial resistance of piles to seismic effects; (5) earthguake-
induced slope instability; and (6) liquefaction. The port and
harbor facility design practice pertaining to these considerations
is summarized briefly in Table 3-1 and more fully in the paragraphs
that follow.

3.2.1 LATERAL EARTH PRESSURES FOR RETAINING WALL STRUCTURES

The Mononobe-0Okabe equation is the predominant approach in
the United States and Japan for calculating earthguake-induced
lateral earth pressures which, when superimposed onto lateral
pressures from static conditions, form the basis for the design
of port and harbor retaining wall structures such as quay walls,
sheet-pile bulkheads, etc. (Mononobe, 1929; Okabe, 1926). As
discussed by Seed and Whitman (1970), this approach was developed
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TABLE 3-1. GEOTECHNICAL~RELATED SEISMIC DESIGN PRACTICE
FOR PORT AND HARBOR FACILITIES (As of mid-1982)
Item Predominant Design Practice

Earthquake-Induced Lateral
Earth Pressures for Retain-
ing wall Structures

Mononobe-0Okabe method most typically
used, occasionally incorporating
suggested simplifications by Seed
and Whitman (1970).

Earthquake-Induced Dynamic
Water Pressures

Usually ignored. Westergaard {(1933)
procedure occasionally used.

Earthquake Effects on
Bearing Capacity

Usually ignored.

Lateral and Axial Resistance
of Piles to Seismic Effects

Usually either ignored or considered
using pseudostatic procedures.

Earthquake-Induced Slope
Instability

Pseudostatic methods most typically
used.

Liquefaction

Standard procedures described by
Seed (1979a) most typically used,
incorporating empirical and/or 1-D
total stress dynamic analysis
techniques. Occasional use of

1-D effective stress methods.
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for dry cohesionless soils and was based on the assumptions that
(1) the wall moves sufficiently to mobilize the minimum active
pressure; (2) when the minimum active pressure acts against the
wall, a wedged-shaped soil mass is at the point of incipient
failure with the maximum shearing resistance mobilized all along
the plane sliding surface; and (3) the soil wedge acts as a rigid
body with earthquake accelerations acting uniformly throughout
the wedge. Based on these assumptions, Mononcbe and Okabe used
the Coulomb sliding wedge method to obtain an expression for the
total pseudostatic horizonal earthquake force as a function of
the horizontal and vertical ground accelerations and various
parameters related to the soil, wall, and backfill (Fig. 3-1).
Seed and Whitman (1970) evaluated the sensitivity of the Mononobe-~
Okabe equation to these parameters and, from this, developed a
simplified form of this equation.

Despite its almost universal use in the design of port and
harbor facilities, the Mononobe-QOkabe eguation has the following
important limitations when used for this purpose.

® Because the Mononobe-Okabe equation has been developed
for dry, cohesionless soils, it does not account for
the potentially important increases in lateral pressure
that may occur because of porewater pressure buildup in
loose, saturated cohesionless soils below the water
table, nor does it allow for the presence of cohesive
soil materials.

() The flexibility of the retaining wall, which may be
important for sheet-pile bulkheads and even for certain
quay wall configurations, is neglected in the Mononobe-
Okabe approach.

® The dynamic phenomena that occur during the ground
shaking cannot be represented by a pseudostatic
approach.
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R AALSO

Yariables:

PAE = Active pressure during earthquake
Y = Unit weight of soil

H = Helght of wall

$ = Angle of friction of soil

§ = Angle of wall friction

i = Slope of ground surface behind wall
B = Slope of back of wall

W = Weight of wall

kH = Horizontal acceleration of wail, g's

k. = Vertical acceleration of wall, g's

FIGURE 3-1. PORCES AND VARIABLES CONSIDERED IN MONONOBE-
OXABE EQUATION FOR EARTHQUAKE~-INDUCED
LATERAL EARTH PRESSURES (Mononobke, 1929;
Okabe, 1926)
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o The pressure distribution from the Mononobe-Okabe
equation (assumed to be linearly increasing with depth)
has been shown from comparisons with small-scale test
results to be incorrect, even for soils above the water
table (Seed and Whitman, 1970).

In some instances, the above limitations have been recognized
and alternative procedures for computing earthquake-induced latersl
pressures have been developed. For example, effects of dynamic
porewater pressures have, in some design procedures, been repre-
sented as equivalent pseudostatic water pressures applied by
fully saturated or partially saturated backfill (Matsuo and
O'Hara, 1965; Seed and Whitman, 1970). In other procedures, an
alternative harmonic analysis procedure by Scott (1973b) has been
used, that represents the soil as a one-dimensional shear beam
attached to a rigid or flexible wall through horizontal springs
that represent soil/wall interaction. Techniques are also avail=-
able to estimate earthquake-induced lateral pressures for cchesive
soil conditions, assuming dynamic increases in lateral pressures
to be proportional to free-field deformation, with an upper limit
equal to the passive pressure (Taylor and Indrawan, 1981). However,
the Mononobe-Okabe equation, despite its limitations, is the pre-
dominant technique in use today for computation of earthquake-
induced lateral pressures for port and harbor retaining wall
structures.

3.2.2 DYNAMIC WATER PRESSURE

The pressure exerted by the water on the seaward side of
port and harbor retaining-wall structures could affect the
behavior of such structures during earthquakes. For example,
there is evidence that a reduction in these water pressures
during earthquakes has contributed to the resulting failure of
many quay wall structures (Seed and Whitman, 1970; Ckamoto, 1973).
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Despite the possible importance of these dynamic water
pressures, they are usually ignored in current design practice
for port and harbor facilities (Table 3~1). Where such pressures
are considered, they are most typically represented using an
expression developed for dam/reservoir systems by Westergaard
{1933). The pressures derived in this classic work are based on
the assumptions that (1) the dam is rigid, infinitely long, and
has a vertical upstream face; (2) the reservoir extends to infinity
in the upstream direction; and (3) effects of surface waves are
ignored. Solutions were developed by Westergaard for hydrodynamic
water pressures, including effects of the compressibility of the
water, for the case of harmonic ground motions in a horizontal
direction perpendicular to the dam axis (Fig. 3-2). Westergaard's
results show the hydrodynamic pressures to be of opposite phase to
the ground acceleration, and therefore are equivalent to inertia
forces from an additional mass moving with the dam. The magnitude
of this mass is dependent on the frequency of the harmonic ground
motions.

Various investigators have examined the applicability of
Westergaard's approach, and a comprehensive summary of these
examinations is provided by Chopra (1967). Basically, they show
that (1) the use of a single effective masg (shown by Westergaard
to be frequency-~-dependent) may not fully describe the hydrocdynamic
response to earthquake excitations, which are typically wide-band
processes; and (2) Westergaard's solution is valid only for
excitation frequencies less than the fundamental frequency of
the reservoir. *

In summary, hydrodynamic water pressures are seldom considered
in the design of retaining-wall structures at ports and harbors.
Furthermore, in those instances when such pressures are considered,
they are most typically represented using the effective mass
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Variables:

ply) = Hydrodynamic water pressure at depth vy

h = Depth of reservoir

k = Bulk modulus of water

Yy = Unit weight of water

‘a = Amplitude of harmonic acceleration of dam, g's
T = Natural period of dam

!;o(t) = Motion of dam

FIGURE 3-2. FORCES AND VARIABLES CONSIDERED IN WESTERGAARD
(1933) APPROACH FOR COMPUTING EARTHQUAKE~INDUCED
HYDRODYNAMIC PRESSURES
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concepts of Westergaard, which have certain limitations that

the designer should Keep in mind. It is noted that, in this
regard, significant progress has been made in the representation
of hydrodynamic pressures in dynamic analysis techniques; this
progress has been made primarily through linear finite element
substructuring approaches, although some nonlinear techniques
have also been develcped (see Chapt. 4).

3.2.3 EARTHQUAKE EFFECTIS ON EBEARING CAPACITY

During an earthquake, the bearing capacity of the soil under-
lying gravity-type structures at ports and harbors may be affected
in three ways. First, because of the horizontal component of the
applied seismic excitations, the structure may be subjected to
tipping that could increase the pressures underlying its toe,
causing them to exceed the ultimate bearing capacity of the soil
medium. Second, porewater pressure buildup in loose, saturated,
cohesgsionless soil materials could reduce their bearing capacity,
even if no tipping of the structure takes place. Finally, for |
unsaturated soils (or saturated clays) not subject to porewater
pressure buildup, strain-rate effects could result in a slight

increase in bearing capacity.

In general, such earthquake-related effects on the bearing
capacity of the soil medium are seldom considered directly
(Table 3-1), although effects of porewater pressure buildup are
considered indirectly through liquefaction assessments (see
Sec., 3.2.6). Where such effects are considered, they are
geﬁérally based on engineering judgment in which a slight
increase or decrease relative to static conditions is considered,

depending on the particular soil conditions at the site.
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3.2.4 LATERAL RESISTANCE OF PILES TO SEISMIC EFFECTS

Piles are widely used foundation support elements at port
and harbor facilities, not only for piers but for quay walls and
bulkheads as well. In a seismic design sense, they function to
mobilize the deeper soil deposits in resisting the effects of the
structural vibrations (in the case of piers) or of lateral dis-
placements (in the case of gquay walls or sheet-pile bulkheads),
which may be particularly significant in the event of porewater
pressure buildup. The ability of piles to carry out this func-
tion is dependent on (1) suitably designing the cross section,
end conditions, embedment depth, orientation, and spacing of the
piles so they can transmit the seismic loads and mobilize the
underlying soils; and (2) considering the possible effects of
porewater pressure buildup and liquefaction, which could reduce
the effective embedment depth of the piles and increase the
applied lateral lcads. In current design practice for port and
harbor facilities, the effects of earthquakes on the design of
pile supports are either neglected or, if considered, are repre-
sented as pseudostatic lcads in conjunction with conventional
static pile design procedures. Although techniques are available
to represent porewater pressure and dynamic effectg in the seismic
design of piles (e.g., Finn and Martin, 1980), these technigques
are seldom applied in current practice.

Both batter piles and vertical piles are used as foundation
support systems at port and harbor facilities. Batter piles have
been shown to be desirable as support at anchors for sheet-pile
bulkheads, as a means for resisting'lateral displacéments of the
sheet pile due to porewater pressure buildup in the s0il medium
(See Chapts. 2 and 5). Experience from past earthquakes has
shown them to be less desirable for use at piers where, because
of their significant lateral stiffness, they transmit large lateral
seismic forces which have resulted in severe damage to pile caps
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and decking (Arnc and McKinney, 1973; Margason, 1975). Vertical
piles, which are more flexible laterally, are therefore more suit-
able as pier foundation supports and are probably somewhat less
desirable as anchors for sheet-pile bulkheads, because of their
reduced resistance to lateral forces applied to the bulkhead.

3.2.5 EARTHQUAKE~INDUCED SLOPE INSTABILITY

The evaluation of slope stability can be important in the
design of port and harbor facilities, particularly in the case of
gravity-type quay walls or trestle-type piers with small retaining
walls (JPHRI, 1980). In current seismic design practice for port
and harbor facilities, pseudostatic methods are most widely used
to evaluate the safety of the facility during earthquakes
{(Table 3-1). These methods represent the seismic effects on a
potential slide mass in terms of an equivalent static horizontal
force acting at the centroid of the mass; this force is computed
as the product of a seismic coefficient (i.e., the horizontal
acceleration of the slide mass in ¢g's) and the weight of the slide
mass (Fig. 3-3). The factor of safety against sliding of the mass
is then computed by summing moments from its seismic force, its
weight, and its shear and/or frictional resistance along the
assumed slip surface (Terzaghi, 1950; Seed, 1979b). In most
design applications, a seismic coefficient ranging from 0.1
to 0.15 is used.

The pseudostatic techniques, as summarized above, have the
significant limitation of not accounting for the time-varying
effects of the intensity and direction of the response of this
soll mass. Therefore, as described by Seed (1979b), such tech-
niques should be used only under the following very limited
conditions which have been identified from evaluations of field
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Variables:
ng T Peak harizontal acceleration, g's
W = Weight of soil mass defined by slip circle

R = Radius of slip circle
5 = Shear resistance along slip circie

RyF = Moment arms

FIGURE 3-3. PSEUDOSTATIC METHOD FOR EVALUATING EARTHQUAKE-
INDUCED SLOPE INSTABILITIES (Seed, 1979b)
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performance of embankments and from comparisons with results from
separate analyses by Makdisi and Seed (1978).

° The criteria shown in Table 3-2 are followed

® The soils do not lose more than 15% of their initial
strength due to the earthquake shaking and the asso=-
ciated displacements, nor do they build up large
porewater pressures.

On the basis of these conditions, the engineer should assess the
applicability of pseudostatic methods at a particular site, in
accordance with the following considerations (Seed, 197%b):

° Based on prior field and laboratory experience, the
second condition given above limits the use of the
pseudostatic approach to certain types of soil (e.g.,
many clayey soils, dry sands, some dense saturated
sands) for which large strength losses due to seismic
effects are generally not a problem.

° In case of doubt, careful laboratory studies will
invariably provide a basis for an appropriate engi-
neering decision concerning the applicability of the
pseudostatic approach.

™ Some scils, which might be vulnerable to the development
of large porewater pressures and some strength loss under
conditions of strong shaking, may show little evidence
of these effects under less intense shaking; i.e., the
applicability of the pseudostatic approach must be
evaluated by considering the design levels of shaking
as well as the soil type.
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TABLE 3-2. SEED (1979b) CRITERIA FOR APPLICABILITY
OF PSEUDO~STATIC APPROACH FOR EVALUATING
EARTHQUAKE~-INDUCED SLOPE INSTABILITY*

Earthquake

Magnitude Design Criteria
6.5 FS = 1.15 for seismic coefficient of 0.1
8.5 Fs = 1.15 for seismic coefficient of 0.15

*Applicable only for slopes comprised of soils which do not
build up large porewater pressure due to earthquake shaking
nor show more than 15% strength loss (usually cohesive
soils such as clays, silty clays, sandy clays, or very
dense cohesionless soils) based on acceptable deformations

due to earthquake shaking and crest acceleration less than
0.75g.
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The above discussion indicates that, at port and harbor sites

dominated by loose saturated cohesionless soils where earthquake-

induced porewater pressure buildup and corresponding strength

losses could occur, the applicability of pseudostatic approaches

is questionable, particularly if the site may be subjected to

strong ground shaking or if large embankment heights are involved.

In view of this, the following alternative and more reliable

approaches could conceivably be used at port and harbor facility

sites, but, in fact, are seldom applied in current design practice
for such facilities:

Newmark {(1965) Approach. In this approach, slope

failure is presumed to be initiated and movements begin
to occur if the inertia forces on a potential slide mass
are sufficiently large to overcome the yield resistance
of the soil (Fig. 3-4a); also, movements would stop when
the inertia forces were reversed. Thus, by computing an
acceleration at which inertia forces are sufficiently
high to initiate yielding, and integrating the effective
acceleration in excess of this yield acceleration as a
function of time, velocities and displacements of the
slide mass can be determined (Fig. 3-4b). This approach
is most useful when yield accelerations can be reliably
determined, which includes situations where porewater
pressures do not change significantly during the ground
shaking (Seed, 1979b).

Dynamic Analysis. This approach (Table 3-3a) involves

the use of finite element analyses of the embankment
stresses induced by the seismic excitations and by
static conditions. The states of stress obtained from
these analyses are applied to embankment soil samples



R-8122-5395

(a} Forces on sliding block

ACCELERATIGN

DISPLACEMENT - VELOCITY

(b) Integration of effective acceleration
time history

FIGURE 3-4. NEWMARK (1965) APPROACH FOR EVALUATING
EARTHQUAKE-~INDUCED SLOPE INSTABILITIES

3-16



R-8122-5385

\

TABLE 3-3. DYNAMIC ANALYSIS PROCEDURE FOR EVALUATING EARTHQUAKE-

INDUCED SLOPE INSTABILITY

Step

Number Description

1 Determine the cross section of the dam to be used for
analysis.

2 Deter@ine, with the cooperation ¢f geologists and seis-
mologists, the maximum time history of base excitation
to which the dam and its foundation might be subjected.

3 Determine, as accurately as possible, the stresses exist-
ing in the embankment before the earthquake: this is
probably done most effectively at the present time using
finite element analysis procedures.

4 Determine the dynamic properties of the soils comprising
the dam, such as shear modulus, daaping characteristics,
bulk medulus, or Poisson's ratio, which determine its
response to dynamic excitation. Since the material charac-
teristics are nonlinear, it is alsc necessary to determine
how the properties wvary with strain.

5 Compute, using an appropriate dynamic finite element
analysis procedure, the stresses induced in the embankment
by the selected base excitation.

6 subject representative samples of the embankment materials
to the combined effects of the initial static stresses and
the superlmpcsed dynamic stresses and determine their
effects in terms of the generation of porewater pressures
and the development of strains. Perform a sufficient
number of these tests to permit similar evaluations to be
made, by 1nterpolatlon, for all elements comprising the
embankment.

7 From the knowledge of the pore pressures generated by the
earthquake, the soil deformation characteristics and the
strength characteristics, evaluate the factor of safety
against failure of the embankment either during or follow-
ing the earthquake.

8 1f the embankment is found to be safe againat failure,
use the strains induced by the combined effects of static
dynamic loads to assess the overall deformations of the
embankment.

9 Be sure to incorporate the requisite amount of judgment in
each of Steps 1 to B as well as in the final assessment of
probable performance, being quided by a thorough knowledge
of typical soil characteristics, the essential details of
finite element analysis procedures, and a detailed know-
ledge of the past performance of embankments in other
earthquakes.

(a) Step~by-step procedure (Seed et al., 1975a)

Dam

Maximum
Acceleration

Date of
Earthguake

Predicted
Performance

Actual
Performance

Reference

Sheffield
Lower
San Fernando

Upper
San Fermando

Dry Canyon

Lower Franklin
Siilver Lake
Fairmont

Chabot

1925 20.2 g

1971 20.5 g

1971 20.5 g

1952 0.1 g
1971 ~0.2
1972 =0.2

1971 =0.2

a @ W\

1906 =0.4

Failure by
sliding

Major upstream
slide

No failure=s
large
downstream
novement

small deforma-
tion--some
c¢racking

No damage

No damage
No damage

No damage

Failure by
sliding

Major upstream
slide

No failure--
large
downstream
movement

Small deforma-
tion-~-scme
cracking

No damage

No damage

No damage

No damage

Seed et al., 1969

Seed et al., 1973

serff et al., 1976

Lee and Walters, 1972

Seed et a2l., 1973

Seed et al., 1973

Seed et al., 1973

Makdisi et al., 1978

(b)

Comparisons with prior field observations

of earth dam behavior (Seed,

3-17
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in laboratory tests to measure the development of pore-
water pressures and strains in the embankment (Seed

et al., 1975a). The most recent techniques of this
type may involve studies of simultaneous porewater
pressure buildup and dissipation during the ground
shaking, as discussed in Chapter 4. This is the most
complete and reliable approach now available, and has
produced excellent correlation with observed field
behavior during past earthquakes (Table 3-3b).

In summary, pseudostatic techniques are the predominant
approach in the current design practice for assessing potential
earthquake-induced slope instabilities at port and harbor sites.
These techniques, however, have important limitations particularly
where porewater pressure effects may be important. Alternative
and more reliable techniques involving increased degrees of
sophistication in the representation of dynamic phenomena are
available, but are seldom used in port and harbor design

applications.

3.2.6 LIQUEFACTION ASSESSMENTS

It is only in the assessment of the potential for earthquake-
induced liquefaction at port and harbor facilities that dynamic
analysis is now routinely carried out {(Table 3-1). However, even
this is a relaﬁively recent development and a potential major
problem exists at many ports and harbors because possible lique-
faction has been essentially ignored in past seismic design
practice. Two different types of liguefaction assessment proce-
dures in common use--one involving site response analyses and the
other using simplified procedures«~are summarized in this section.
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3.2.6.1 Procedures Incorporating Site Response Analyses

The basic liquefaction assessment procedures that incorporate
site regponse analyses are described by Seed (197%a). The steps

in this procedure are summarized in Table 3-4 and warrant the

following comments:

As shown in Step 2 of Table 3-4, dynamic site-response
analyses are most typically one dimensional in current
practice, and therefore do not consider effects of soil/
structure interaction, irregular topography, etc. which
are often important for port and harbor facilities.

In Chapter 4, dynamic analysis technigues are described
that can represent these effects and can be readily
incorporated into the overall liquefaction assessment
procedure shown in Table 3-4.

The need for Step 5 results from the fact that cyclic
triaxial tests are believed to be a rather imperfect
representation of the actual lcading conditions to
which elements of soil in the field are subjected
during earthquakes. Cyclic simple shear tests provide
a better, although still imperfect, representation of
field loading conditions, but, at the time of the
original studies that led to the procedure given in
Table 3-4, cyclic simple shear tests were much more
difficult tec conduct. Therefore, routine testing has
primarily involved cyclic triaxial tests, with the
results of these tests corrected to field conditions
on the basis of research studies using cyclic simple
shear tests (see Seed and Peacock, 1971). The factor
C.r which is used to reduce the stresses causing
liquefaction in cyclic triaxial tests to those causing
liquefaction in cyclic simple shear tests (or, more
strictly, to those stresses estimated to cause lique-
faction in the field) was initially believed to be a

3-19
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TABLE 3-4. LIQUEFACTION EVALUATION PROCEDURE INCORPORATING
SITE RESPONSE ANALYSES (Pyke, 1982)
Step Original Procedure Possible Mcdifications (1982)

1 Select one or more appropriate
acceleration histories.

2 Conduct one-~dimensional Use nonlinear response
response analysis using analysis and/or account
"equivalent linear" for drainage. Incorporate
procedures. effects of soil/structure

interaction and irregular
topography and layering.

3 Compute the equivalent number
of uniform cycles in layers
of interest.

4 Conduct cyclic triaxial Always use intact samples:
tests to determine cyclic conduct constant-height,
stresses causing cyclic simple shear tests.
liquefaction.

5 ~ Correct results of laboratory Correct as a function of age,
tests to field conditions overconsolidation ratio, pre-
using C,. = 0.6. straining, soil type, and

degree of disturbance.

6 Compare stresses computed
in Step 3 to those causing
liguefaction.

7 - 1f factor of safety exceeds

1, read pore pressure ratio
from standard charts as a
function of N/NQ (see

Sec. 4.2.3.2.2).
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function of relative density but typically had a value
of about 0.6. This factor is commonly called the simple
shear correction factor. Further background regarding
the use of laboratory test procedures to assess lique-
faction potential at port and harbor sites is provided
in Chapter 4. In addition, Chapter 4 describes the use
of empirical methods, based on field observations of
earthquake-induced site behavior, as a supplement to
laboratory test procedures or as an alternative if
laboratory test data are not available.

° The approach shown in Table 3-4 constitutes a total
stress approach in which porewater pressure effects are
not included in the dynamic analysis of the earthquake-
induced soil stresses. Alternative approaches are
(1) effective stress methods in which porewater pressure
effects are incorporated into the analysis of the soil
stresses; and (2) probabilistic methods in which the
effects of uncertainties in defining the seismic input
and/or the system material properties are systematically
represented. Total stress methods are most widely used
in current practice and are the only fully developed
procedure now available for incorporating soil/structure
interaction and irreqular topography in the liquefaction
evaluation. Each of these procedures is described and
evaluated in Chapter 4.

3.2.6.2 Simplified Procedures

Two different types of simplified procedures for evaluating
liguefaction potential were developed by Seed and Idriss (1971)
and are widely used in current design practice for port and harbor
facility sites. The first type of simplified procedure (Table 3-5}
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SIMPLIFIED LIQUEFACTION EVALUATION
PROCEDURE (Seed and Idriss,

1971;

step Original Procedure Possible Modifications (1982)

1 Fix ground surface peak
acceleration.

2 Compute average cyclic Use site-specific data
stresses in layers of on ;.
interest using Equation 3-~1.

3 Determine equivalent number Use Seed et al. (1975b).
of uniform cycles as
function of magnitude.

4 Determine stress ratio Use more recent data,
causing liquefaction in including Japanese data.
cyclic triaxial tests from
standard data.

5 Correct results of laboratory| Correct as a function of age,
tests to field conditions overconsolidation ratio,
using Cr = 0.6. prestraining, soil type, and

degree of disturbance or
methed of sample preparation.

6 Compare stresses computed in
Step 2 to those causing
liquefaction.

7 - If factor of safety exceeds

1, read pore pressure ratio
from standard charts as a
function of N/N2 {see

Sec. 4.2.3.2.2). ‘
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follows essentially the same steps as the procedure described in
Section 3.2.6.1, but eliminates the need to conduct site response
analyses and cyclic triaxial tests. In this, Seed and Idriss
suggested that, as an alternative to site~response analyses,

the average shear stress at any depth of interest, 1 could

av’

be computed from the surface peak acceleration in g's, A ax’ by

means of the following expression:

T = 0.65 a o

av max °v Td (3-1)

where Oy is the total overburden stress at the depth of interest
and rg4 is a depth-reduction factor provided by Seed and Idriss.
They also provided typical equivalent numbers of cycles as a
function of earthquake magnitude that could be used in conjunc-
tion with the average cyclic shear stress to describe the loading
due to earthquake shaking. The resistance to liguefaction was
estimated from typical cyclic triaxial test data as a function of
the median particle size of the soil (DSO) and relative density
(Dr) and application of the simple shear correction factor.

Seed and Idriss showed that this simplified procedure pro-
vided a reasonable fit to observations of both the occurrence and
the nonoccurrence of liguefaction during previous earthquakes;
then, using the Gibbs and Holtz (1957) relationship between rela-
tive density and Standard Penetration Test (SPT) blowcounts, they
constructed a chart showing the potential for liguefaction as a
function of blowcount for given values of the surface peak
acceleration. Direct use of this chart therefore constituted a
simplified procedure of the second kind and, moreover, represented
the first state of development of an empirical procedure based
solely on field tests and field observations of the occurrence of
liquefaction in previous earthquakes (Pyke, 1982). Because the
form of the chart for evaluating liguefaction potential directly
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in terms of SPT blowcount has since changed, the steps involved
in using it are not described here, but instead are given in
Chapter 4 in terms of the most current procedures of this type,
as described by Seed and Idriss (1981).

3.3 STRUCTURE SPECIFIC CONSIDERATIONS

In this section, seismic design considerations are summarized
for various structures that exist at ports and harbors. The
particular structure types discussed in this context are gravity-
type quay walls, sheet-pile bulkheads, and piers.

3.3.1 GRAVITY-TYPE QUAY WALLS

3.3.1.1 Types

There are three classes of gravity-type quay walls, namely
(1) cast-in~place block-type; {(2) precast block-type; and
{(3) caisson-type. The cast-in-~place block-type gquay walls are
placed where soil conditions are firm and where construction under
reasonably dry conditions can be carried out. Precast block-type
quay walls can be placed on firm or soft soil conditions; they
involve relatively simple construction techniques that are not
hampered by the presence of shallow seawater or ground water.
Caisson-type quay walls are typically constructed where water
is deep.

In general, block=-type quay walls are more susceptible
to seismic effects than are caisson-type quay walls; they are
particularly susceptible to earthquake~-induced sliding between
layers of blocks, which is seldom addressed in current design
practice. O0f the two classes of block-type quay walls, the
cast-in-place block type walls have generally sustained less
damage during prior earthquakes, because of the construction-
related reguirement that they be placed on firm soil.
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3.3.1.2 Seismic¢ Design Considerations

Seismic forces generally considered in the design of
gravity~-type quay walls include lateral earth pressure and the
inertia force of the wall. Dynamic water pressures should also
be considered although, in fact, they are typically ignored in
current practice {Sec. 3.2.2).

When subjected to these seismic forces, the quay walls are
designed to avoid overturning and excessive tilting and sliding,
although some horizontal wall movement is tolerated. 1In this,
possible earthquake-induced sliding along the quay wall base,
as well as sliding due to slope instabilities (Sec. 3.2.5),
are design considerations. Earthguake effects on the bearing
capacity of the soils underlying the quay walls are seldom
considered in current practice (Sec. 3.2.3).

The effects of lateral earth pressure, while important for
each of the classes of gravity-type quay walls, are particularly
important for caisson-type quay walls because of their height.

In Japan, attempts are sometimes made to reduce these lateral
pressures by cement grouting of the backfill. Also, the stability
of caisscn-type quay walls under these lateral pressures can be
increased by such measures as widening the base of the wall,

using pile supports, partially embedding the wall in the under-
lying soil medium, and replacing underlying weak soil materials
with sandy soils that have an increased bearing capacity.

3.3.2 SHEET-PILE BULKHEADS

Important seismic loads for the design of sheet-pile bulk-
heads include lateral pressures applied through the backfill and
hydrodynamic pressures applied by the ocean water. As discussed
in Section 3.2, these lateral pressures are most typically repre-
sented using the Mononobe-Okabe equation, and hydrodynamic water
pressures are seldom represented.
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The design of the embedment depth and c¢ross section of the
sheet pile is generally carried out using standard static design
procedures directed toward insuring an adequate factor of safety
against toe failure and insuring an adequate bending resistance
of the sheet pile under the applied seismic locads. Static design
procedures are also used to design the tie rod based on its
tengile resistance to the seismic loads. Porewater pressure
effects are seldom considered in these design applications.

Perhaps the most critical element of the sheet-pile bulk-
head that relates to seismic effects is the anchor, which may
be comprised either of a wall or of a sheet pile. Experience
from past earthguakes shows that the principle earthqguake-induced
failure mode of sheet-pile bulkheads has been insufficient anchor
resistance, due primarily to installation of the anchor at shallow
depths where the backfill is most susceptible to a loss of strength
due to porewater pressure buildup and liquefaction. Therefore,
~ the design of anchor systems to resist these seismic effects is
particularly important, and may be enhanced through the use of
deeply embedded piles and/or sheet piles. Unfortunately, the
designs of the anchors to resist the seismic loads is typically
based on static earth pressure theories in which possible pore-~
water pressure effects are neglected.

Another anchor failure mode shown from past earthguakes to
be important is a loss of anchor resistance due to insufficient
distance between the anchor and the bulkhead wall. This type of
failure occurs when all or part of the dynamic passive pressure
zone of the anchor falls within the dynamic active pressure zone
for the wall, resulting in a loss or reduction in the passive
pressure resistance of the anchor. Therefore, when designing
sheet-pile bulkheads, care should be taken to provide sufficient
distance between the anchor and the wall, with due regard to

3-26
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possible effects of porewater pressure buildup and other
earthquake-related dynamic phenomenae on the extent of these
active and passive pressure zones.

3.3.3 PIERS

when compared to gravity-type quay walls and sheet-pile
bulkheads, piers have suffered much less extensive damage during
prior earthquakes. This is because piers, which are aboveground
and are constructed of piles with platform decks for docking
purposes, are relatively lightweight and are not subjected to
lateral soil pressures of the type applied to quay walls and
bulkheads. The seismic design of pier structures is typically
based on pseudostatic lateral forces, computed in a manner
analogous to that for conventional buildings (e.g., UBC, 1979).

The:simplest type of pier is the trestle-type, which is
‘pile suppor£ed and sometimes built with small retaining walls
at sloping sites having soils unfavorable for the construction
of gravity-type quay walls or bulkheads. Past design practice
for such piers has seen the wide use of batter piles, in addition
to vertical piles, presumably to provide a greater stiffness in
resisting the lateral loads that might be encountered during the
structure life. However, experience from prior earthquakes has
shown that the configuration and large lateral stiffness of batter
piles has caused severe damage to pile caps and decking of pier
structures (Arno and McKinney, 1973; Margason, 1975). For this
reason, vertical piles, which have a greater lateral flexibility,
are now preferred over batter piles in current seismic design
practice for pier structures. Some design considerations for
vertical piles as well as batter piles are summarized in
Section 3.2.4.
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3.4 SUMMARY OF RESULTS

This chapter shows that seismic effects are often not nearly
as important a design consideration for port and harbor facilities
as would be desirable, in view of the extensive damage to such
facilities that has occurred during prior earthquakes. The
seismic design provisions that do exist typically address some of
the potential earthquake-induced phenomena in a simplified pseudo-
static manner and ignore many of the others. Dynamic analysis is
now routinely used only for liquefaction assessment. The possible
role of dynamic analyses as a means for substantially improving
the reliability of port and harbor facility seismic design
provisions is examined in Chapter 4 and illustrated in Chapter 5.
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CHAPTER 4

DYNAMIC ANALYSIS PROCEDURES

4.1 BACKGROUND DISCUSSION

4.1.1 ROLE OF DYNAMIC ANALYSIS

The seismic design of many major structures (e.g., earth
dams, bridges, nuclear power plants, etc.) has included the use
of modern dynamic analysis techniques as an integral part of the
design process. For such structures, dynamic analysis has repre-
gented the principal wvehicle for assessing the integrity of the
structures under the prescribed seismic shaking, as well as for
evaluating the response and stability of the surrounding soil
medium. It would seem appropriate that dynamic analysis proce-
dures should fulfill a similar function for port and harbor
facilities, particularly in view of their extreme susceptibility
to earthquake-induced damage (Chapt. 2) and the limited seismic
provisions in current design practice for such facilities
(Chapt. 3).

The implementation of dynamic analysis involves five main
steps, all of which require the use of sound judgment during
their execution. 1In this, it is particularly important to check
that the results obtained and conclusions drawn from each step
are consistent with engineering experience and practice. The
steps for analysis of ports and harbors are:

1. The measurement of reliable dynamic properties of the
surrounding soil materials in the laboratory, including
their strain-dependent stiffness and damping character-
istics and the cyclic stress states that lead to signi-
ficant porewater pressure buildup under simulated

in-situ conditions.
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2. The selection of an analytical procedure that is con-
sistent with the ability to provide reliable input
data and to interpret analytical results.

3. The development of an appropriate model of the specific
soil/structure system that well represents its response
characteristics of principal importance for design.

4. The analysis of the dynamic response of the soil and
structure and the potential for porewater pressure
buildup in the soil medium.

5. The utilization of the dynamic analysis results in the
design process, with due regard for the approximations
inherent in the analytical procedure and the uncertain-
ties in the description of the seismic input and the
soil/structure system.

Keeping this overall process in mind, this chapter addresses one
aspect of the process--the analytical procedures appropriate for
application to port and harbor facilities.

4.1.2 ANALYSIS PROCEDURE REQUIREMENTS

As has been shown in Chapter 2, the behavior of port and
harbor facilities is significantly affected by the surrounding
soil medium, and a major portion of the damage induced in such
facilities can be tied to porewater pressure buildup and the
resulting large scale liquefaction and sliding that has occurred
in the loose-to-medium~dense saturated soil deposits that often
prevail at port and harbor sites. Therefore, a meaningful dynamic
analysis procedure must account for these soils effects and, in

view of this, should satisfy the following requirements:

1. Through a soil/structure interaction analysis that
accounts for the geometry and material properties of
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the site and structure, the earthquake-induced stresses
and deformations in the structure must be determined so
as to guide the development of a suitable structure
design.

2. Through a liquefaction analysis that accounts for the
presence of the port and harbor structures as well as
the material properties and topography of the surround-
ing site profile, the potential for significant pore-
water pressure buildup and its related effects (e.g.,
widespread liquefaction and slope instabilities)
must be determined.

The dynamic analysis procedures now typically applied to port
and harbor facilities do not satisfy the above requirements.
Rather, they consist almost entirely of one-dimensional techni-
ques to compute the free-field site response, in order to assess
the liquefaction potential of harbor sites under assumed condi-
tions of horizontal soil layering and vertically propagating
shear waves (see Sec. 3.2.6). For harbor regions away from
structures where such assumptions can be justified, these one~
dimensional analyses can indeed be valuable. However, to satisfy
Requirements 1 and 2 above--i.e., to evaluate the port and harbor
facility structural response and site liquefaction potential
including soil/structure interaction and topographic effects--
appropriate two-dimensional or three-~dimensional dynamic analysis
procedures must be used. It is noted that the relatively few
prior applications of such procedures to port and harbor facili-
ties have led to valuable insights pertaining to facility seismic
design and response characteristics (e.g., AA, 1974 and 1976).

4.1.3 OVERVIEW OF METHODS AND CHAPTER ORGANIZATION

The purpose of this chapter is to describe and evaluate the
applicability of state~of-the-art dynamic analysis techniques
for fulfilling Requirements 1 and 2 above for port and harbor

4«3
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facilities. To do this, the remainder of the chapter is divided
into three main sections that describe three main types of dynamic
analysis techniques. The first of these sections addresses deter-
ministic total stress methods. Such methods, as applied in
accordance with Requirements 1 and 2, first compute the soil/
structure system response neglecting porewater pressure effects;
then, the resulting soil shear stresses are used as input to a
separate liquefaction analysis of the site. Therefore, the
soil/structure system response analysis and liquefaction analysis
necessary to satisfy Requirements 1 and 2 are not fully coupled
when used in the context of a total stress method. Nevertheless,
deterministic total stress methods presently represent the most
readily adaptable approach for analyzing port and harbor facili-
ties at this time and are therefore emphasized in this chapter.

The last two sections of the chapter address deterministic
effective stress methods and probabilistic methods--which are
both still under development and are therefore representative of
possible future directions for dynamic analysis of port and harbor
facilities. Deterministic effective stress methods that satisfy
Requirements 1 and 2 would compute the soil/structure system
response including porewater pressure effects; i.e., unlike total
stress methods, the soil/structure system response analysis
(Requirement 1) and the liquefaction analysis (Requirement 2)
would be fully coupled in such effective stress methods. However,
effective stress methods incorporating the two-dimensiocnal or
three-dimensional procedures necessary to carry out such coupled
analyses are still in an initial stage of evolution; i.e., nearly
all of the current effective stress metheds are based on free-
field site response analyses using one-dimensional procedures.

Probabilistic methods, which are the last of the dynamic
analysis procedure addressed in this chapter, offer the signifi-
cant benefits of systematically representing the uncertainties
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that exist in defining seismic input motions and material proper-
ties. Although certain elements of such methods can be applied
at this time, further development of probabilistic approaches

is required before they can be used on a routine basis.

4.2 DETERMINISTIC TOTAL STRESS METHODS

In the context of Requirements 1 and 2 for the seismic
analysis of port and harbor facilities, total stress methods
can be considered as being comprised of the following three
steps: (1) use of a dynamic analysis technigue to compute the
soil/structure system response, without considering the effects
of porewater pressure buildup and dissipation as the earthguake
progresses; (2) conversion of the irregular soil stress time
histories computed in Step 1 to equivalent cyclic stresses; and
(3) comparison of these earthqguake-induced cyclic shear stresses
to critical shear stresses for the various soil lavers, in order
to assess the potential for liquefaction at the site. The above
definition of total stress methods is identical to that used in
conventional dynamic liquefaction analyses of soil deposits
(Sec. 3.2.6) except that, in Step 1, the coupled response of
the soil/structure system (including states of stress in the
structure as well as the surrounding soil) is now computed,
instead of the free-field response of the soil medium. State-
of-the-art techniques for carrying out each of the above steps
are summarized and evaluated in the subsections that follow.

4.2.1 STEP 1l: SOIL/STRUCTURE SYSTEM RESPONSE ANALYSIS

In this subsection, the soil/structure interaction analysis
techniques assessed for use in analyzing port and harbor facili-
ties are grouped according to the way that the stress/strain
characteristics of the soil deposits are represented. Accordingly,
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three groups of techniques are presented--corresponding to linear,
equivalent linear, and fully nonlinear soil material models. The
basic computational techniques involved in equivalent linear and
nonlinear analyses are applicable to effective stress as well as
total stress analyses, although effective stress analyses also
require provisions for the development and dissipation of excess
porewater pressures. These additional provisions are discussed
in Section 4.3. Linear analysis techniques are not considered
applicable to port and harbor facility sites because of their
inability to represent effects of the strain~dependence of the
soil material properties~~which are particularly important at
port and harbor sites. Therefore, these methods are summarized
herein only for purposes of completeness.

4.2.1.1 Linear Methods

Linear soil/structure interaction analysis techniques, as the
name suggests, incorporate a linear elastic model of the soil and
structure. There are two types of such techniques now available.
The first type-~-termed direct methods--is the most widely used in
current practice, and is characterized by its determination of the
dynamic response of the soil and structure simultaneously (e.g.,
Bathe et al., 1974; SDC, 1979; McAuto, 1980). In this, both
the soil and structure are most typically represented by a finite
element model (Fig. 4-la), although other modeling procedures
(e.g., finite difference) can be used. Seismic input motions are
applied to such models along a subsurface boundary of the soil
medium. Special energy-absorbing procedures should be emploved
at the artificial subsurface soil boundaries to minimize unwanted
reflections and simulate radiation damping, although no such proce-
dures are yet available that perform this function in a fully
satisfactory way in all cases. It is noted that direct methods,
as defined in this way, are not limited to linear technigues; in
fact, all equivalent linear and nonlinear techniques are also
classed as direct methods.

4-6
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The second type of linear soil/structure interaction
analysis technique is the substructure method. Unlike the direct
nethod, where the dynamic response of the soil/structure system
is computed in one step, the substructure method reduces the
soil/structure interaction problem to a sequence of substructures,
separately analyzes the response characteristics of each substruc-
ture, and then superimposes these results to obtain the combined
response of the sgoil/structure system. BRBecause substructure
technigues are hased on the principle of superposition, they
are limited to linear analyses.

The most common substructure techniques typically represent
the superstructure as a finite element model and the foundation/
soll system either as a continuum (e.g., Werner et al., 1979;
wong and Luco, 1980) or as a separate finite element model (e.g.,
Gutierrez and Chopra, 1978). The technigues using continuum
foundation/soil system models (¥Fig. 4-1b) have the advantage
cf being able to represent radiation damping exactly and three-
dimensional effects in a relatively economical manner; however
they cannot vet accommodate irregular embedded foundations,
irregular topography, or irregular soil layering. The substruc-~
ture methods involving finite element foundation/soil models do
not have the latter limitation, but are more costly to implement
and require the use of approximate energy-absorbing boundary
conditions to simulate radiation damping.

Another type of substructure approach that is of particular
interest for port and harbor structures are the techniques that
incorporate hydrodynamic effects in the analysis of retaining-
wall/soil/water systems (e.g., quay walls). Such techniques
treat this system as being comprised of two substructures--the
backfill/wall and the fluid domain--coupled through the hydro-
dynanic forces and continuity conditions at the face of the wall

4-8



léék R-8122-5395

(Fig. 4-1c). As developed by Prof. Chopra and his associates at
the University of California, these techniques have represented
the backfill and wall as a finite element model and the fluid
domain either as a continuum (if the domain has simple geometry)
or as a finite element model (if the wall face is sloped or the
fluid domain irregular). Effects of water compressibility and
interaction between the water and the underlying soil can be
approximated in these methods (e.g., Chakrabarti and Chopra,
1974; Chopra and Chakrabarti, 1981; Hall and Chopra, 1982).

4.2.1.2 Equivalent Linear Methods

Over the past several years, a family of soil/structure
interaction analysis techniques have been developed at the
University of California at Berkeley that utilize an equivalent
linear model for the soil medium together with a limited number
of elastic structure element types. Such methods are very
important in current practice because they represent a simplified
apprcach for incorporating the effects of the strain-dependent
properties of the soil medium.

To summarize equivalent linear methods, this subsection is
divided into four main parts. The first part describes the basic
equivalent linear model and its application. The final three
parts summarize the family of dynamic finite element programs that
use the equivalent linear model. These summaries are limited to
the deterministic analysis techniques QUAD-4, FLUSH, and SASSI.

A probabilistic approach using the equivalent linear model, PLUSH,
is summarized in Section 4.4.1.

4.2.1.2.1 Description of Basic Model

In the equivalent linear soil model, the soil is represented
as a linear viscoelastic material whose stiffness and energy dissi-

pation characteristics are introduced by using an equivalent shear
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modulus, G, and an equivalent damping ratio, A {(Fig. 4~-2a); these
correspond to the real and imaginary parts respectively of the
complex modulus representation (i.e., G* = G(1 + 2iA)) 1in a
hysteretic material model (SW/AA, 1680). Each of these parameters
can vary with the depth of the soil layer and the strain level
within the layer. Guidelines for defining the strain-dependence
of these parameters are provided in the form of curves built into
the FLUSH code that were developed by Seed and Idriss (1970) and
relate shear modulus and damping to shear strain for different
soil materials (Fig. 4-2b). It is noted that the amplitudes of
these curves can be adjusted by the engineer, using a multiplica-
tive constant that accounts for differences in relative densities,
static shear strengths, etc., represented by the curves relative
to those of the actual site so0il materials being analyzed. Also,
the engineer is free to incorporate completely different curves
if he desires, although this is seldom done in practice.

The implementation of the equivalent linear approach is an
iterative process. In this, shear moduli and damping values are
first estimated for each soil element in the model. Then the
analysis is carried out using these properties, and acceleration
and shear strain time histories are computed throughout the soil/
structure model. From these time histories, effective shear-strain
amplitudes are estimated in each soil element as the product of
the maximum strain and a numerical factor (usually about 0.6)
provided by the user. Curves similar to those in Figure 4-2b are
then consulted to see if the shear moduli and damping values used
in the response evaluation are compatible with the characteristic
strains developed. If the soil properties are not compatible,
these curves are used to provide improved values cof shear moduli
and damping for the next iteration and the process is repeated
until convergence has occurred, usually witin three to five
iterations. The response from the last iteration is considered

to correspeond to the strain-dependent response.
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In practice, the application of equivalent linear methods
in a total stress approach may include the following additional

considerations:

° If curves such as those shown in Figure 4-2b are
developed from undrained laboratory tests, then the
effects of excess porewater pressures in reducing the
soil stiffness may be approximated through the use of
shear modulus vs. strain curves for a number of cycles
consistent with the equivalent number of cycles antici~
pated from the ground shaking (Fig. 4-3).

e Field conditions involving irregular topography, sloping
soil layers, or proximity to large structures may result
in gravity-induced initial shear stresses on horizontal
planes (Fig. 4-4). Such shear stresses, which represent
initial conditions existing prior to the cyclic loading
from the earthquake, have been shown (1) to reduce the
tendency for excess porewater pressures to develop under
undrained cyclic loading; and (2) to increase the
tendency for permanent displacements upon subsequent
earthquake~induced ground shaking. In the equivalent
linear total stress approach, these initial shear
streses are estimated using separate nonlinear static
finite element analyses (e.g., Duncan and Chang, 1970;
Clough and Duncan, 1971). Results from these analyses
are then used to define initial conditions for the
cyclic laboratory tests carried out under Step 3 of
the total stress approach, to determine the ligquefaction
potential for the site (Sec. 4.2.3.2).
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4.2.1.2.2 QUAD~-4 Dynamic Analysis Procedure

The first of the family of dynamic finite element codes that

utilizes the equivalent linear model and features wvariable damping

(i.e., separate representation of damping in each soil element)
is QUAD-4 (Idriss et al., 1973). This code has the following

features:

Two-dimensional soil/structure system analyses are
carried out in which both the soil and structure are
represented as an assemblage of quadrilateral elements.

Seismic input motions are assumed to arise from verti-
cally propagating shear waves (for horizontal motions)
or vertically propagating P-waves (for vertical
motions). The effects of horizontal and vertical
seismic input motions are analyzed separately, rather
than simultaneously.

The control motion approach for analyzing the soil/
structure system response is used (Seed et al., 1975c).
This approach is comprised of (1) defining free-field
seismic input motions as "control motions" applied at a
specified location within the soil grid and consisting
of an acceleration time history of appropriate intensity,
frequency content, and duration; (2) deconvolving these
control motions to obtain corresponding motions at the
base of the finite element grid; and (3) using these
base motions as input to the soil/structure system
analysis (Fig. 4-5).

The system damping matrix is derived by assembling
element damping matrices which are defined in a
Rayleigh damping form. The Rayleigh damping coeffi-
cients for each element are defined in terms of its
strain-dependent damping ratio and the fundamental
frequency of the soil/structure system.

4-15
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At the start of each cycle of the equivalent linear
analysis, the system stiffness matrix and damping
matrix are assembled (based on shear moduli and damping
ratios consistent with the current strain level for
each element) together with the system mass matrix.

The resulting system of eguations of motion are then
numerically integrated using step-by-step procedures to
obtain the response time history for the entire system.

QUAD-4 is significant because it is the only member of this

family of equivalent linear finite element programs that operates
in the time domain. However, it has certain limitations, the most
important of which are:

The damping representation in QUAD-4 severely overdamps
the higher modes of response, and is not consistent with
the theoretically correct definition of the element
damping ratioc in terms of the complex modulus of a
hysteretic material (Fig. 4-2a).

No energy=-absorbing boundary conditions are included in
QUAD-4 .

The availability of only quadrilateral elements leads
to inefficiencies in modeling structures.

Because of these important limitations, QUAD-4 was essentially

superseded by the subsequent development of the FLUSH code as
described in the subsequent paragraphs, although QUAD-4 is still

occasionally used in practice today. It is noted that both
QUAD-4 and FLUSH have additional limitations related to (1) the
necessity of using a rigid base to the soil grid, which leads to

uncertainties when modeling deep soil sites; (2) the inability to

address horizontal and vertical input motions simultaneously; and
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{3) the restriction to considering only vertically propagating
body waves. These latter limitations have only recently been
eliminated through development of the SASSI code.

4.2.1.2.3 FLUSH Code Dynamic Analysis Procedure

The FLUSH code (Lysmer et al., 1975) was develcped shortly
after QUAD-4, and has certain important advantages over its
predecessor. First, it utilizes a complex modulus representation
of the equivalent linear soil parameters, thereby removing the
inconsistencies in the damping representation that exist in
QUAD-4. In addition, energv-absorbing boundary conditions along
the side boundaries of the grid and beam elements for modeling
structures have been added. Finally, the calculations are carried
out in the frequency domain using Fast Fourier Transform techniques,
which offer important computational efficiencies over the QUAD~4
time-domain numerical integration approach. Because of these
features, FLUSH code is perhaps the most widely used soil/
structure interaction approach in practice today.

The FLUSH code is based on the use of one of two types of
two-dimensional finite element models to represent the soil/
structure system; in each type, the models are comprised of beam
and quadrilateral elements, feature energy-absorbing boundaries
to simulate the infinite lateral extent of the so0il medium, and
consider excitations only from vertically propagating body waves.
The first type of model corresponds to a conventional plane
strain model (Fig. 4-6a) in which average properties for a unit
slice of the soil/structure system is represented. The second
type is a modified two-dimensional model in which three-dimensional
wave propagation effects are simulated through the use of in-plane
viscous dampers attached to each node point of the soil medium
(Fig. 4-6b). This model is based on a slice of the soil/structure
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system whose width is equal to the out-of-plane width of the struc-
ture. It is noted that the in-plane viscous dampers in FLUSH code,
as well as the energy~-absorbing boundaries, are based on the
assumption of horizontal soil layers over the entire length of

the grid.*

For either of the above two-dimensional models, the control
motion method (Fig. 4~5) is deployed. 1In thig, input motions are
defined along a rigid base of the soil grid that represents an
interface between the soil and the underlying rock. Either hori-
zontal or vertical motions, but not both simultanecusly, can be
considered and are either specified directly at the rigid bhase or
are computed by deconvolving control motions specified at the
ground surface or at some specified location in the upper soil
layers. Once the input motions are specified in this manner,
Fourier transform techniques are used to transform the equations
of motion from the time domain to the frequency domain, and the
response of the soil/structure system is computed as the product
of its frequency-response functions and the various harmonic
signals that comprise the input motions. The resulting system
response in the time domain is then obtained as the inverse
Fourier transform of the above product. This process is repeated
for each iteration cycle required for the equivalent linear
analysis.

For some cases (e.g., for dynamic analyses of quay walls, sheet-
pile bulkheads, etc.) the conditions of horizontal soil layering
over the entire length of the grid may not be satisfied. Because
this violates the conditions on which the energy-absorbing
boundaries and in~plane viscous dampers are based, care and
judgment must be exercised in using these features of FLUSH
code. For example, it may be appropriate to (1) extend the
lateral boundaries of the grid so as to minimize the effects

of the energy-absorbing boundaries in the region of interest;
and (2) either eliminate the in-plane viscous dampers and use
the plane strain modeling approach (Fig. 4-6a) or, where this
option is not physically meaningful, use properties of the
viscous dampers that are representative of the soil properties
in the region of interest.
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4.2.1.2.4 BSASSI Code Dynamic Analysis Procedure

The most recent development in this family of equivalent
linear dynamic analysis techniques is the SASSI code (Lysmer
et al., 1981). This code has the following significant advance-

ments over its predecessors.

° The site is horizontally layered and comprised of
viscoelastic layers over a viscoelastic half-space.
(Therefore, the prior limitations associated with the
presence of a rigid boundary at the base of the soil
grid have been eliminated.)

° The seismic environment consists of an arbitrary three-
dimensional superposition of arbitrarily incident body
waves (P- and S-waves) and surface waves (R- and L-waves).
(Therefore, the prior limitations associated with con-
sidering only vertically incident body waves have been
eliminated).

] The structure(s) can be represented by fully three-
dimensicnal finite element models connected to the soil
at several points within the embedded part of the struc-
ture. (Therefore the prior limitations associated with
the use of a two-dimensional soil/structure model have
been eliminated.)

Within the above context, SASSI code can analyze embedded
structures with flexible basements, structure/soil/structure
interaction, effects of torsional ground motions, pile foundations,
etc. in a much more complete manner than its predecessors. SASSI
also has the features of (1) being modular (so that individual
parts of the analysis can be performed separately and complete
reanalysis is.not necessary if the structure or seismic environ-
ment are changed); (2) operating in the frequency domain (which

4-21
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enhances the computational efficiency of the code); and (3) in
addition to seismic excitations, having a capability of consider-
ing external forces acting directly on the structure (e.g., impact
loads, wave forces, loads from rotating machinery, etc.). It
should be noted, however, that for a number of these problems,
other soil properties in addition to those defining its behavior
in shear, may be important, but are not directly considered by

the equivalent linear model.

The primary feature of the SASSI code is a substructuring
method termed the flexible volume method (Tabatabaie-Raissi, 1982).
According to this approach, interaction occurs at all nodes of the
embedded part of the structure, so that the mass, stiffness, and
damping matrices of the structure are reduced by the'corresponding
properties of the excavated mass of scil (Fig. 4-~7a). The result-
ing analysis procedure involves the following steps:

° Site Response Problem--~In this phase of the analysis

the free-field motions due to any combination of
arbitrarily incident body or surface waves, are computed
at the soil layer interfaces where the structure(s) are
connected.

e Impedance Problem==This second step of the analysis
corresponds to the computation of the impedance matrix

(i.e., dynamic stiffness matrix) for the interaction
node points in the soil. This step is carried out
by applying a unit harmonic horizontal and vertical
force once at each layer interface in an axisymmetric
soil model, and then computing the corresponding
harmonic displacements at the other interaction nodes
(Fig. 4-7b). This results in the complete dynamic
flexibility matrix (for all of the interaction node
point degrees of freedom) which is inverted to obtain
the impedance matrix (Tajirian, 1981).
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° Structural Problem--This final phase of the analysis

involves forming the complex frequency-dependent
stiffness matrix and load vector for the soil/structure
system. This stiffness matrix, formed by subtracting
the corresponding matrix for the excavated soil and
adding the impedance matrix obtained as described
above, is then inverted to obtain the structural
response.

The current {(mid-1982) status of the SASSI code is that it
has only recently been installed on a public CRAY computer system,
and no users manual is yet available. Therefore, at present, there
is very little experience among earthquake engineers with the use
of this code. For this reason, although SASSI is undoubtedly the
state of the art of this family of equivalent linear methods,
further application of the code will be required to further assess
its particular capabilities.

4.,2.1.3 DNonlinear Methods

4.2.1.3.1 General Description

A third technique for carrying out dynamic soil/structure
interaction analyses in a total stress approach is through the
use of nonlinear finite element methods.* Such methods differ
from the equivalent linear methods just described in that the
s0il properties are changed as necessary at each time step in
accordance with the nonlinear constitutive relations for each
s0il element, and can incorporate such phenomena as gravity

*Nonlinear two-dimensional and three-dimensional finite difference
methods are also available but are typically not widely used in
soil/structure interaction analyses because of (1) their diffi-
culty in representing structures; and (2) technological advances
in finite element methodologies which have substantially improved
their computational efficiency and storage requirements.
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effects, separation or sliding aleng soil/structure interfaces,
effects of irregular topography and soil layering, and permanent
distortions. Nonlinear methods of analysis can therefore repre-
sent general levels of stress, strain, and deformation induced by
the ground shaking, as well as the transient fluctuations in these
quantities with each cycle of the applied seismic excitation.

4.2.1.3.2 Constitutive Laws

A central aspect of the nonlinear methods of analysis is the
constitutive laws that are used. These laws represent the fact
that (1) soils are not a linear material, and instead involve
rather complex nonlinear relationships between stress and strain;
and (2) in addition to exhibiting nonlinear behavior, many soils
show varying degrees of viscosity as weil. Accordingly a brief
summary of some of the types of models used to represent various
aspects of this behavior is provided below.

a. Mathematical Functions and Mechanical Models

In this approach, particular stress/strain curves are fit
through the use of (1) mathematical expressions, which may be
based in part on nonlinear elasticity theory, or (2) models
comprised of systems of mechanical elements. This approach is
conceptually simple and is popular because of the relative ease
with which experimental data can be fit; however, it is typically
restricted in application to particular loading paths. Examples
of techniques that employ this basic approach are:

) Mathematical Functions (Fig. 4-8a). In such technigues,

mathematical expressions based on hyperbolic relations
(e.g., Duncan and Chang, 1970; Hardin and Drnevich,

1971) or the Ramberg-Osgood equation (Liou et al.,

1977) are used to define the initial locading curve, and
the Masing (1926) rules serve to represent the hysteresis
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loop. Various alternative procedures for extending these
basic models to better represent irregular cyclic loading
phenomena have been suggested (e.g., Pyke, 1979).

'Y Mechanical Models (Fig. 4~8b). The most common models

of this type for soil analysis are described by Iwan
(1967) and are comprised of linear-spring/Coulomb-slider
building blocks assembled either in parallel or in
series. As noted by Pyke (1979), mechanical models of
this type are particularly well suited to one-dimensional
analyses, but can be extended to two-dimensional or
three-dimensional applications within the framework of
plasticity theory.

) Variable Modulus Models (Fig. 4-8c). Models of this
type empirically fit test data by defining tangent
moduli for the range of stress encompassed by the data,

and the appropriate modulus to be used during any load
increment. In the context of the plasticity theory
discussed below, such models are equivalent to defining
a completely arbitrary plastic yield function that fits
the test data, and then using some simplified, nonrigor-
ous procedure to force the material to satisfy the yield
function.

b. Plasticity Models

This type of soil model describes limiting stress states in
the plastic region of the soil behavior--i.e., the region beyond
which there is no unique relationship between stress and strain.
Such models are characterized by a yield function and a flow rule
(Fig. 4-9). A yield function, often expressed in terms of stress
invariant, defines conditions of limiting eguilibrium within a
plastic region, bevond which additional strain is accompanied by
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much reduced (or zero) stress increments. When a load increment
results in a stress state that lies outside of this yield surface
(i.e., the surface defined by the yield function), a flow rule is
used to determine the elastic and plastic portions of the deforma-
tion. In general, the yield surface changes shape or translates
whenever vield occurs; this type of behavior is characterized as
work hardening or work softening. Examples of plasticity models
used in modeling of geologic media are the classical approaches
based on Von-Mises, Mohr=-Coulomb, and Drucker-Prager criteria;
critical state concept models including the cap models (Sandler
et al., 1976), Cambridge models (Lade, 1979), and models based on
variationg of this concept {e.g., Prevost, 1977); and endochronic
models (e.g., Bazant and Krizek, 1976).

c. Visccelastic Models

Models of this type describe the behavior of materials that
relax in a time~-dependent manner, following an initial response
that is purely elastic. Unlike elasto-viscoplastic models
(described subsequently) there is no minimum stress level for
such relaxation to occur. Linear viscoelastic models are a
special case for which the parameters defining the time-dependent
behavior are constant. Generally, these parameters will be
functions of time-dependent stress or strain.

d. Viscoplastic Models

This type of soil model may be considered as a generalization
of the viscoelastic model to incorporate the coﬁcepts of a yield
condition. Stress relaxation will occur only when the yield con-
dition is exceeded. Following any load increment that results in
a stress state that exceeds the yield condition, the stress
relaxes, according to a defined time-dependent relationship, until

the yield condition is exactly satisfied. The concepts of a yield
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function and a flow rule that defines the elastic and inelastic
portions of the time~-dependent deformation are the same as for
elastoplastic materials.

4.2.1.3.3 Computational Techniques

In nonlinear methods of analysis, a step-by-step integration
technique is required to obtain the desired response histories of
the soil/structure system. The integration technique used is an
important consideration in such analysis techniques since it
defines the number of arithmetic operations, the amount of data
to be handled, and the time step required for stability and
accuracy of the numerical results.

Many integration methods are currently in use but they can
be classified into two groups. One group is referred to as the
"implicit method" in which equilibrium is expressed at node
points by a system of coupled equations in which the unknown
quantities are the generalized displacements, velocities, and
accelerations. The solution of a coupled system of equations
requires formulation of global stiffness, damping, and mass
matrices and the inversion of a matrix whose order is the same
as the number of equations. The global stiffness matrix, and
possibly the damping matrix are updated at each time step to

represent nonlinear behavior.

A second group of integration techniques is known as the
"explicit method," in which equilibrium between external,
internal, and inertia forces is expressed at node points by a
system of uncoupled or near-coupled equations. It is possible
to write these equations without formulating stiffness, mass, or
damping properties at the global level., Nonlinear behavior is
represented by updating the internal forces, which incorporate
the material constitutive laws, at each time step.
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From a cost-effectiveness viewpoint, the implicit methods
are usually more stable and hence can tolerate larger step sizes.
However, they reguire more core space because of the need to
manipulate the global stiffness matrix, and they also require
more time per step because the solution of a set of simultaneous
equations is involved in each step. In contrast, the explicit
methods usually require much smaller step sizes for numerical
stability, but they require smaller core size and involve less
calculation and hence run time per step.

4.2.1.3.4 Assessment of Nonlinear Analysis Procedures

The features of several nonlinear dynamic analysis proce-
dures are summarized in Table 4-1 and comparisons between several
nonlinear and equivalent linear procedures are given in Table 4-2.
These tables illustrate the wide range of nonlinear procedures
that are available and that, in addition to highly refined soil
modeling capabilities, many of the procedures incorporate (1) a
wide range of structure element types; (2) the ability to accommo-
date arbitrarily phased seismic input motions applied along the
grid boundaries; and (3) a fully three-dimensional capability.
Therefore, these nonlinear procedures represent the most
sophisticated techniques now available for carrying out soil/
structure interaction analyses.

Despite these significant analytical advantages, nonlinear
dynamic analysis procedures have certain practical disadvantages
for application to port and harbor facilities in a total stress
context. One such disadvantage is the high computation costs of
such analysis procedures, which precludes their use in parametric
analysis to account for uncertainties in input parameters. Other
disadvantages pertain to the difficulty that can exist in measur-
ing many of the required nonlinear soil parameters from routine
soil testing, and in the time and level of training required to

apply these complex analysis procedures.

4~-31



TABLE

4_—1.

R-8122-5395

NONLINEAR FINITE ELEMENT ANALYSIS PROCEDURES

items for Comparison

ANSYS

{Desalvo and Swanson, 1979)

TRANAL
(Bayler, Bieniek, and
Wright, 1974}

MARC
(Marc, 1979)

NASTRAN
(McCormick, 1979)

ADENA
(Bathe, 1378]

Static Analyses Linear, thermal, plastic, Hone Linear, thermal Linear, buckling, Linear, thermal
buckling, creep Nenlinear material thermal Nonlinear material
Nonlinear material properties and geometry | Nonlinear material properties and geometry
properties and geometry properties and geometry
Eigenvalues and Yes No ‘Yes Yes (3 methods, Yes
Eigenvectars restartable, complex
roots)
Dynamic Analysis Medal (linear) Nonlinear Linear and nontinear Linear and nonlinear Linear and Nonlinear
Nenlinear Step-by-step Step-by-step Step-by-step Step=by=step
Transient Explicit Implicic Impligit tmplicit
tmplicit Expllelt Explicit
Harmonie response Modal
Element Types
Truss Yes No Yes Yes Yes
Beam Yes No Yes Yes Yes
Plate and Flat Shel!l Yes No Yes Yes Yes
Curved Shell Yes No Yes Yes Yes
Solid Yes Yes Yes Yes Yes
Two~Dimensional Yes No Yes Yas Yes
Speclal Pige and fluid elements No Concrete pipe and Substructures Fluid elements
fluid elements Pipe and fluid elements
Loadirg
Nodal Point Yes Yes Yes Yes Yes
Member Yas Yes Yes Yes Yes
Gravity Yes fes Yes Yes Yes
Initlal Stress/Straln Yes No ‘tes Yes Yes

Kinemacic Beundary
tonditions for
Dynamic Analysis

Displacement, velocity,
and acceleration

Bisplacement

Risplacement

Displacement, velocity,
and acceleration
Energy-absorbing boundary
conditions

Displacement

Maximum Number of Oynamically allocated 0.A. 0.A. D.A. 0.A.
Node Points {D.A.)
Maximum Number of 0.4, B.A. b.A. D.A. DA,
Elements
‘Maximum Half-Bandwidth | Wavefront technique D.A. D.A. 0.A, D.A,
{active column technique)
Maximum Number of DAL B.A, D.A. D.A. DAL
Load Cases
Maximum Number of D.A. 0LAL 0.4, 0.4 D.A.
Materials
Maximum Number of D.A. 0.A, D.A. D.A. D.A.
Lross Sections
Graphi¢ Output
Grid or Mesh Plot Yes Yes Yas Yes Na
Mode Shapes Yes No Yes Yes No
Time History Yas Yes Yes Yes No
Response Speerra Yes® No Yes Yes No
Contour Plot Yes Ho Yes Yes No
Automatic Mesh Yes Yes Yes Yes Yes
Generation
Bandwidth Wavefront technigue Not applicable Yes Yes No
Hinimization
Constrained DOF Yasg o Yes Yes Yes
{slaving)
Special Features Early conversion of Bonding and debondling| Extensive output Sparse matrix methods
cartesian to cylindrical capability graphlcs Extensive output
or polar coordinates Subeycle integration graphiecs
Large deflections capability Executive control
interactive mode of
computation
Extensive output graphics
AA10LEL



TABLE 4-2, MAJOR FEATURES OF NONLINEAR AND EQUIVALENT LINEAR COMPUTER CODES

te-¥

Large Energy- Strongly Structure-
soil Element Strain Absorbing Seismic Nonlinear 3-D Structure
Code Properties Type Types Capability | Boundary Input Interface | Effects | Interaction
TRANAL | Nonlinear Explicit Continuum Yes No General Yes Yes Yes
Time Domain,
Finite
Element
STEALTH| Nonlinear | Explicit Continuum Yes Yes General Yes Yes Yes
Time Domain,
Finite
Difference
SAP 7 Nonlinear Implicit Continuum, Yes No General No Yes ‘ Yes
Time Domain, Structural
Finite
Element
NONSAP Nonlinear Implicit, Continuum, Yes No General No Yes: Yes
Time Domain, Structural
Finite
Element
DYNA3D | Nonlinear | Explicit Continuum Yes No General Yes Yes Yes
Time Domain,
Finite
Element
FLUSH Equivalent| Implicit, Continuum, No Yes Rigid No No Yes
Linear Frequency Structural Bedrock
Domain, Shaking,
Finite Vertically
Element Propagating
Body Waves
SASST Ecquivaleht | Implicit Continuum No Yes General No Yes Yes ?
Linear Frequency Structural 0
Domain, ::
Finite s
Element 1
Ul
w
w
Ul
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In view of these considerations, it would appear difficult
to justify the expense and effort required for a nonlinear total
stress analysis of the soil/structure system response for port
and harbor facilities, particularly since the potentially signi~-
ficant effects of porewater pressures are not even considered.
However, in the framework of effective stress methods where
such porewater effects are incorporated, the use ¢f nonlinear
techniques for port and harbor facility analyses appears more
appropriate. The applicability of nonlinear methods in this way
is described in Section 4.3.

4.2.1.4 Applicability of Various Technigques to Analysis
of Port and Harbor Facilitiles

A summary of the advantages and limitations of the use of
existing linear, equivalent-linear, and nonlinear soil/structure
interaction techniques in total stress analyses of port and harbor
facilities is provided in Table 4-3. This table indicates that

. Linear methods are judged to be inapplicable to port
and harbor facilities because they cannot represent
the strain-dependence of the surrounding soil material
properties.

° Nonlinear methods represent the most complete and
rigorous approach for analyzing soil/structure inter-
action effects. However, practical limitations probably
preclude their use in total stress applications at this
time. Such methods appear most appropriate for use in
an effective stress framework for analyzing port and
harbor facilities (Sec. 4.3).
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TABLE 4-3. APPLICABILITY OF SOIL/STRUCTURE INTERACTION TECHNIQUES
TO TOTAL STRESS ANALYSES OF PORT AND HARBOR FACILITIES
Approach Advantages Limitations
Linear Simplicity and reduced costs of Linear representation of soil
analyses. Substructure techniques material properties probably pre-~
available that incorporate hydro- cludes application of these
dynamic effects. techniques to analyses of port
and harbor facilities, for which
strain-dependence of soil proper-
ties is important.
Equivalent Simplest and most cost-effective Techniques based on horizontally
Linear approach available for considering layered sites leads to some uncer-
strain-dependence of soil proper- tainty when applied to port and
ties. Recently developments in harbor sites with irregular
this family of codes (SASSI) are topography. Hydrodynamic effects
three-dimensional, and can consider and permanent displacements not
arbitrarily incident seismic waves. computed.
Energy absorbing boundary condi-
tions included.
Nonlinear Most complete and advanced approach Costly and difficult to apply.

for representing strain-dependence
of soil properties. Permanent dis-
placements, gravity effects and
separation at soil/structure inter-
face can be represented. Some tech-
niques available that include hydro-
dynamic effects.

So0il parameters required for

some nonlinear models not readily
obtained from routine laboratory
tests. Energy-absorbing boundary
conditions typically not included.

C6ES—-2C18-4
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® Although equivalent linear methods have some limita-
tions when applied to port and harbor facilities,
they appear to be the most practical approach now
available for use in dynamic total stress analyses
of such facilities.

) The use of any of the methods indicated in Table 4-3
require the use of sound engineering judgment when
applying the methods and interpreting their results.

4.2.2 STEP 2: DETERMINATION OF EQUIVALENT CYCLIC STRESS
HISTORIES

Once the structural and soil responses are determined in
Step 1 including soil/structure interaction effects, the next
step in the deterministic total stress approach is to convert
the resulting irregular soil shear stress histories to equivalent
cyclic stresses. These cyclic stresses are used in Step 3 to
assess the liquefaction potential of the site.

The principal approach now available for obtaining egquivalent
cyclic stresses is empirical and has been developed by Seed et al.
(1975b). This involves a weighting procedure in which each cycle
of an irregular shear stress history is assigned a weighting
factor based on a standard weighting curve developed from labora-
tory test data. In this way, the irregular shear stress history
computed from Step 1 at any location in the soil medium is
converted to an equivalent number of uniform stress cycles at
some preselected cyclic stress level, usually 0.65 Tax (where
T, is the maximum shear stress computed at the given soil

max
location).

The key aspect of this approach is the determination of the
weighting curve. To obtain this curve, Seed et al. used large
scale simple shear test data relating cyclic stress ratio to the
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number of cycles to cause initial liquefaction, as obtained by
DeAlba et al. (1976). By observing that the shapes of these
curves are similar to those from other simple shear test results
and are not strongly affected by relative density or confining
pressure, Seed et al assumed that the DeAlba et al. curve for a
relative density of 65% has a shape that is representative of the
shear stress vs. number of cycle curve for any sand at any confin-
ing pressure. This is plotted as the solid curve corresponding
to initial liquefaction in Figure 4-10a. Then, to obtain a corre-
sponding weighting curve for soils safe from liguefaction, Seed
et al. assumed a condition whereby (1) the shear stress to cause
liquefaction in one cycle is a factor of 1.5 times the maximum
shear stress developed during the ground shaking; and (2) this
factor gradually reduces to a value approaching 1.0 as the number
of cycles becomes large. From this, the dashed curve in Fig-

ure 4-10a was developed by Seed et al. as a general weighting
curve for a nonliquefied state that defines an equivalent number
of cycles at any stress level and for all site conditions and
ground motions. A corresponding curve specifically oriented
toward defining an equivalent number of cycles at a particular

cyclic stress level of 0.65 Tax’ is provided in Figure 4-10b.

Once the weighting curve is defined, the conversion of an
irreqular shear stress history to an equivalent number of cycles
at any cyclic stress level is straightforward. For example, if

a cyclic stress level of 0.65 1 is selected, it is necessary

max
simply to count the number of peaks in the irregular stress
history at each stress level (expressed as a fraction of tmax)

and multiply this number of peaks by a conversion factor obtained
from Figure 4-10b. This provides the equivalent number of cycles
at 0.65 t . for that stress level. Repeating this process for
all stress levels and summing the results provides the total
number of cycles for the entire stress history. This process

is illustrated in Figure 4-11.
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ORION BLVD. RECORD, N-5 COMP., SAN FRANCISCO EARTHQUAKE, 1971
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39




%ﬁ\ R-8122-5395

It is noted that the Seed et al. {(1975b) approach, as summa-
rized in the above paragraphs, represents the primary technique
now used for obtaining equivalent cycles in conjunction with a
deterministic analysis. Alternative procedures based on cumula-
tive damage laws in a probabilistic framework have also been
employed and are summarized in Section 4.2.1.

4.2.3 STEP 3: ASSESSMENT OF LIQUEFACTION POTENTIAL OF SITE

The final step in the total stress method of analysis of
port and harbor facilities is the evaluation of the liguefaction
potential at the facility site. This involves the development of
data that define critical cyclic stress conditions that lead to
liquefaction at the site, and the comparison of these data with
the earthguake=induced stresses obtained from Steps 1 and 2. Two
approaches are available for providing critical stress data:

(1) empirical methods, based on observations of the performance
of sand deposits during prior earthquakes; and (2) experimental
methods, which involve the laboratory testing of soil samples
from the site to determine critical stress conditions that lead
to liquefaction. Because both of these general approaches
warrants consideration in conjunction with total stress evalua-
tions of port and harbor site liguefaction potential, their
applicability to this problem is described in the summaries
that follow.

4,2.3.1 Empirical Method

Empirical methods are based on the compilation of extensive
field data from prior cases involving known field behavior and
site conditions and estimated or measured ground motions. From
these compilations, combinations of those conditions shown by the
field data to correspond to the occurrence or nonoccurrence of
liquefaction are identified, from which lower bound conditions
for the onset of liquefaction at a particular site can be defined.

4-40
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The principal work in the compilation of field data and
the development of empirical methods has been carried out by
Professor H.B. Seed and his associates. The first work along
these lines was described by Seed and Idriss (1971), and
subsequent expansions in the field data base and in experimental
programs that have provided important insights into the phenomena
of ligquefaction. This has led to improved empirical data of the
type used most recently by Seed and Idriss (1981).

The most important features of these recent empirical methods
are the data base, the soil representation, and the applicability
of the present empirical procedures. These are summarized in the
subsections that follow, together with a description of how the
procedure can be used with the Step 1 and Step 2 dynamic analysis
results.

4,2.3.1.1 Data Base

An important feature of the empirical methods is the signi-
ficant field data on which they are based. The Seed-Idriss
(1981) methods are based on data from Japan and also from the
United States (Alaska and California), Chile, and most recently
from China, Guatemala, and Argentina. These represent a substan-
tial data base reflecting a range of earthquake conditions under
which the occurrence or nonoccurrence of ligquefaction was observed.

4.2.3.1.2 Soil Representation

The characteristics of the s0il layer under investigation
are represented in the empirical methods using Standard Penetra-
tion Test (SPT) blowcounts. In this, it is recognized that the
SPT blowcounts: (1) may not be an appropriate index of the
liguefaction characteristics of soils; and (2) may be strongly
dependent on the particular boring and sampling procedures used
for its determination. Nevertheless, ample field data for
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indicating liquefaction potential are presently available only in
terms of SPT blowcounts, although this situation will undoubtedly
change with time as other index parameters are determined for
goils whose liquefaction resistance has been established by
actual earthquakes.*

The Seed-Idriss (1981) procedures use equivalent SPT blow-
counts that correspond to an overburden pressure of 1 ton/sq ft.
To obtain such blowcounts, procedures are provided to correct
the actual measured blowcounts to account for various factors
related to the material properties, confining pressure, overburden
pressure, and layer depth (Table 4-4). Furthermore, these equiva-
lent SPT blowcounts presume certain standard field test procedures;
any deviations from these procedures should be considered in making
additional corrections to the measured blowcounts, in accordance

with the judgment of the engineer.T

4.2.3.1.3 Present Empirical Procedure

The present form of the Seed-Idriss (1981) empirical approach
is intended for use when no information is available on the nature
of the shear stress histories in the soil, and all that is known
about the ground shaking is the peak free-~field acceleration at
the ground surface and the magnitude of the earthquake. There-
fore, the simplified procedures summarized below are used to

IS . .
Such other in situ index parameters that can be correlated with
soil liquefaction characteristics include cone penetration
resistance, electrical properties, shear wave velocity, etc.

3‘-The standard test procedures presumed by Seed and Idriss entail:
(1) the use of a rope and drum system, with two turns of the
rope around the drum, to lift the falling weight; (2) drilling
mud to support the sides of the hole; (3) a relatively small
diameter hole, approximately 4 in. in diameter; and (4) pene-
tration resistance measured over the range 6 in. to 18 in.
penetration into the ground.
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TABLE 4-4., CORRECTIONS TOQ SPT BLOWCOUNTS FOR USE IN EMPIRICAL LIQUEFACTION
ANALYSIS TECHNIQUE (Seed and Idriss, 1981)

Effect

Empirical Correction

Energy Loss in Drive Rods

For soils at depths less than 10 ft, multiply measured N
values {(blowcounts) by 0.75

Overburden Pressure

“u

Correct measured blowcounts to an 0.2 0.4 5.6 0.8 1.0 1.2 1.4 1.6
effective overburden pressure of AN S A
1 ton/sq ft through the expression U

Nl = CN * N {3
where N = original measured blow- “r
counts, ¢,, = function of effective

o W
T

overburden pressure at depth of
penetration test (see adjacent
figure, Marcuson and Bieganovsky,
1976), and N; = equivalent blow-
counts corresponding to effective sk
overburden pressure of 1 ton/sg ft

D‘_ = 40 TO 60%

-~
T

9, = 60 70 Bog |

om
T

EFFECTIVE OVERBURDEN PRESSURE,
kips per sg fr

10 .

Graln Size Distribution
of Sands

If D5 > 0.25 mm, use N; values as determined above. If
silty Qands and silts plotting below A-line and with
D50 < 0.15 mm, use

Nl = N1 {as determined above) + 7.5

Confining Pressure

If the confining pressure exceeds 1.5 tons/sq ft, reduce the
stress ratio causing liquefaction to allow for the reduction
due to increased confining pressure. Such reductions may be
determined by laboratory tests or on the basis of experience.

Clay Content and Water
Content for Clayey Soils

If the ciéy content {determined by 0.005 mm) > 20%, consider
the soil nonliquefiable.

If the water content of any clayey soil (clay, sandy clay,
silty clay, clayey sand, etc.) < 0.9 LL, consider the soil
nonliquefiable.

AAB21
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estimate cyclic stress ratios for use in the liquefaction assess-
ments. Extension of this present approach to accommodate soil
shear stresses obtained from dynamic analysis is described in
Section 4.2.3.1.4.

With this as background, the present Seed-Idriss approach
first computes a free-field cyclic stress ratio from the following

formula:
T a o
2 = 0.65 Bax ¥ ry (a-1)
v v
where
Ty = Cyclic shear stress
06 = Initial effective overburden stress acting at the
"~ location of interest prior to the earthquake
0y = Total overburden stress acting at the location of
interest
qax - Peak acceleration at ground surface
g = Acceleration of gravity
r3 = Stress reduction faction that accounts for the

effect of the depth of the location of interest
below the ground surface (Seed and Idriss, 1971)

The development of the present form of the empirical curves
involved the use of Equation 4-1 to compute a cyclic shear stress
ratio at the numerous sites throughout the world where peak
accelerations were either measured or estimated and where it was
known whether or not liquefaction occurred. These cyclic stress
ratios and the corresponding modified SPT blowcounts were then
plotted and, from a compilation of numercus data of this type,

a family of curves was developed that, for a range of earthquake
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magnitudes, defined critical combinations of cyclic stress ratio
and modified SPT blowcounts representative of lower bound condi-
tions for the onset of liquefaction. The most recent family of
curves of this type, as developed by Seed and Idriss (1981), is
shown in Figure 4-12a. An example correlation of the particular
Seed-Idriss curve for magnitude 7.5 earthquakes with recent field
data from China, Central and South America, and Japan is shown in
Figure 4-12b.

It is important to note in this approach that the earthquake
magnitude is considered by Seed and his associates to be repre-
sentative of the number of stress cycles which, of course, is also
an important variable for defining the onset of liquefaCtion.* In
fact, in their most recent work that led to the curves shown
in Figure 4-12a, Seed and Idriss considered the data from magni-
tude 7.5 earthquakes to be a baseline, because of the significant
amount of data at that general magnitude level that had recently
been obtained. Then, to obtain corresponding curves at other
magnitude levels, Seed and Idriss used the following procedure:

1. From prior statistical analyses of strong motion data
by seed et al. (1975b), in which magnitude was correlated
with equivalent number of stress cycles (obtained from
measured peak acceleration and Eg. 4-1), an equivalent
number of stress cycles at each given magnitude level
was established (Fig. 4-13a).

Prior statistical studies have shown that the duration of strong
shaking increases with earthquake magnitude (e.g., Trifunac and
Brady, 1975). Since the number of stress cycles will also
increase with increasing duration, Seed and his associates

have used the earthgquake magnitude as a means of representing
the number of stress cycles in their empirical approach.



97 -¥

CYCLIC STRESS RAT!Q T/G:’ CAUSING PORE PRESSURE RATIO OF 100%

(a)

WITH LIMITED STRAIN POTENTIAL FOR ¢! =~ 1 TON PER $Q FT

v
.0 [=3 [=]
-— N b
| i I
\§§§§§§§Q:::::::::::::::::::
u
.
Y
-
~ S
~
. -
"\

0.5 T T

N &y &
] gl '\\I 7
IR T

o

]
i
B

e

0 10 20 30
HODIFIED PENETRATION RESISTANCE, N, - blows/ft

ho

Chart for evaluation of liquefaction

potential for different magnitude
earthqguakes

FIGURE 4-12,

EMPIRICAL LIQUEFACTION

0.5 I I T
@® LIMITS SET BY CHINESE CODE (1974)
® LIQUEFACTION
£ © NO LIQUEFACTION
[=4
wr
5 0.4 —
Oa
z
-
i
- )
o
« 0.3 —
[
-‘>>
W o 9
- o
f=)
5
0.2 =1
v e
&
=
(73]
w
-
g
5 0. —
o 1 | t
0 10 20 30 4o
MODIFIED PENETRATION RESISTANCE, N1 - blows/ft

(b)

Correlation between field liguefaction

behavior of sands (Dgg >0.25 mm) under
level ground conditions and standard
penetration resistance (all data)

ANALYSIS TECHNIQUE (Seed and Idriss,

1981)

G6E5-CC1I8-Y



Ly=¥

4o

max

EQUI VALENT NUMBER OF CYCLES AT 0.65 1

30

— * A-1

MEAN + 1 STANDARD
DEVIATION

MEAN

l
|
{
{

MEAN - 1
STANDARD
DE}I TATION

|

EARTHQUAKE MAGNITUDE

Statistical correlations of

1.0 — I T T T T T T T T
- 0.8 .
M~6 6-3/4 7-1/2 B8-1/2
0.6} ~
7 X
9
0.4 -‘,_1 —
N\__h_
1.32 '
1.30
- 0,2} —
100 0,89
I+ | { 1 ] I 1 | { | I |
1 3 10 15 26 100
NUMBER OF CYCLES TO CAUSE POREWATER PRESSURE RATIO
OF 100% AND 5% STRAIN
(b) Basis for scale factors for various

magnitude vs. equivalent number

of shear stress cycles

earthquake magnitudes

()
: 9 /M = variable
Earthquake No. of Representative (EE!)
Magnitude Cycles at 0.65 Tpax a& M= 7.5
8-1/2 26 0.89
7-1/2 15 1.0
6~3/4 10 1.13
6 6 1.32
5-1/4 2-3 1.5
(¢) Computation of scale factors

FIGURE 4-13.

DEVELOPMENT OF SCALE FACTORS FOR SEED-IDRISS (1981)

FAMILY OF LIQUEFACTION CURVES

AALS?

e
l
@
=3
[
o
|
Ut
(18]
Xe)
o



ﬁggk R-8122-5395

2. From laboratory tests which established critical combina-
tions of cyclic stress ratio and number of cycles to
cause liquefaction, cyclic stress ratios were defined
for each number of stress cycles defined for the
various magnitude levels in Step 1 (Fig. 4-13Db).

3. Ratios were computed of the cyclic stress ratio
established in Step 2 for each magnitude level to the
cyclic stress ratio established for magnitude 7.5.
These ratios corresponded to the factors by which the
Seed-Idriss liquefaction curve for magnitude 7.5 was
scaled to obtain the curve for each of the other
magnitude levels (Fig. 4-13c).

4.2.3.1.4 Extension of Procedure to Accommodate Dynamic
Analysis Results

Under the total stress dynamic analysis procedure being
described herein for port and harbor facilities, the earthquake-
induced cyclic stress ratio and equivalent number of cycles has
been obtained from the first two steps of the procedure. These
results can be used with the following modified form of the Seed-
Idriss (1981) empirical procedure to assess the liquefaction
potential at the port and harbor facility site:

. From Steps 1 and 2 of the dynamic analysis procedure,
obtain the equivalent number of cycles, Neq’ of

earthquake-induced stress at 0.65 Tha for a given

X
location within the site.

® It is now desired to use the Seed-Idriss approach to
construct critical liquefaction curves for this

4-48



R-8122-53095

particular condition of Neq cycles. To do this, the
following procedure is carried out (Fig. 4-14):

a. As in the original Seed-Idriss procedure, use
their liquefaction curve for magnitude 7.5 as a
baseline, except now consider this curve to corre=-
spond to 15 cycles of stress (which is the average
number of stress cycles shown by Seed et al. (1975b)
to correspond to this magnitude level).

b. Use the curve in Figure 4-13b to define the
critical cyclic stress ratio for Neq cycles and
for 15 cycles.

c. Compute a scale factor as the ratio of these two
sets of critical cyclic stress ratios. Use this
ratio to scale the Seed-Idriss liquefaction curve
for 15 cycles (i.e., magnitude 7.5) to obtain the
liquefaction curve for Neq cycles.

Plot the earthquake-induced cyclic stress obtained from
the dynamic analysis, together with the modified pene-
tration resistance at the particular location of the
stress computation, within the set of axes containing
the above Seed-Idriss liquefaction curve for N,
cycles. Assess the liquefaction potential at that
location, based on where the earthquake results fall

relative to this liquefaction curve.

Alternately, read off the cyclic stress ratio required

to cause liquefaction in N cycles for the appro-

eq
priate modified penetration resistance, and divide this

by the cyclic stress ratio corresponding to a cyclic

shear stress of 0.65 1 in order to obtain a factor

max’
of safety against liquefaction.
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4.2.3.2 Methods Based on Laboratorv Tests

A second approach for evaluating the liquefaction potential
of the soil materials at port and harbor facility sites is through
the use of laboratory cyclic load tests of the site soil materials.
A brief summary of the historical development of current laboratory
testing techniques, and a description of current test procedures
is provided in the paragraphs that follow. For more detailed
information, the reader is referred to the excellent summary
papers that exist in this area (e.g., Seed, 1979a; Finn, 1981
and 1982) and to the various references cited below.

4.2.3.2.1 Development of Test Procedures

The objective of‘laboratory cyclic test procedures is to
measure the potential for liquefaction of soil samples under con-
ditions that represent as closely as possible the field conditions
of the soil medium during the earthquake shaking. This requires
the use of careful samping techniques as well as state-of-the-art
testing techniques by experienced and capable engineers with a
due regard for the various factors that influence the liquefaction
characteristics of sandy soil materials.

a. Basic Testing Techniques

Initially, cyclic triaxial tests were used to evaluate the
liquefaction potential of sands (Seed and Lee, 1966), although it
was subsequently realized that cyclic simple shear tests provide
a better representation of the loadings on elements of soil (Seed
and Peacock, 1971). At that time, however, c¢yclic simple shear
tests were thought to be difficult to conduct, and appropriate
test apparatus was not widely available. As a result, routine
goils testing for liquefaction assessments continued to be
carried out using cyclic triaxial tests, but with an appropriate
simple shear correction facteor, C.. to make these test results
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representative of those under simple shear conditions (or more
*
strictly to conditions in the field).

At the present time, the use of cyclic simple shear tests
has become more routine, particularly in view of the recent
realization that undrained loadings c¢ould be simulated in
constant-height cyclic simple shear tests (Pickering, 1973;
Moussa, 1975); however, cyclic triaxial tests are still most
widely used in current practice. For either type of test,
procedures are now available for correcting test results to
account for membrane compliance (Martin et al., 1975 and 1978).

b. Summary of Research Programs

Since the initial development of the above laboratory test
procedures, considerable research has been directed toward gaining
insight into the factors affecting the liquefaction characteris-
tics of soils. This has provided an improved understanding of

' liquefaction phenomena, and a corresponding improved basis for
interpreting and carrying out laboratory tests. Results from
these investigations are summarized in Table 4-5 and show that
only one of the factors investigated-~that of multidirectional
shaking--resulted in a reduced resistance to liquefaction. O©Of
the remaining factors, it has been shown that increases in
relative density, preparation of samples by tamping or vibration

%
In this, the relationship between cyclic stress ratios for simple
shear tests to those from cyclic triaxial tests is expressed as

'h _ Ydc
ol ] . = Cy\ze s
v/simple shear 3/triaxial
where 1 is the cyclic shear stress on the horizontal plane,
g! 1is tﬁe effective overburden pressure, and o and are

(3
the cyclic deviator stress and the ambient pressg%e respec%ively
from the cyclic triaxial test.

4-52



tS-¥

TARLE 4-5. FACTORS INFLUENCING LIQUEFACTION POTENTIAL - SUMMARY OF
RESEARCH PROGRAMS (Seed, 1979%a; Finn, 1981; Pyke, 1982)
Factor Investigators Results

Sample Size

DeAlba et al. (1978)

Large~scale simple shear tests on samples prepared by pluviation
showed that early results from cyclic simple shear tests on
smaller samples were generally correct.

Multidirectional Shaking
in Simple Shear Tests

Pyke et al. (1974)
Seed et al. (19754d)
Ishihara and Yamazaki (1980)

Under multidirectional shaking or stress conditions, porewvater
pressures build up faster than under unidirectional shaking,
and the cyclic stress ratio required to cause liquefaction is
about 15% less for multidirectional shaking.

Method of Sample Prepara-
tion and Soil Structure

Pyke (1974)
Ladd {1974, 1977)
Mulilis et al. (1975)

The characteristics of saturated sands under cyclic loading are
significantly influenced by sample preparation. To illustrate
this, it has been shown that preparation of samples by tamping
or vibration, as opposed to pluviation, tends to increase their
resistance to ligquefaction. Dbpifferent structural arrangements
of the sand grains due to different sample preparation methods
have led to markedly different porewater pressure development
characteristics.

Relative Density

Castro and Poulos (1977)
and many others

The resistance of soil samples to liquefaction is increased
substantially with increasing relative density.

Grain Characteristics

Wong et al.
Finn (1981)
Tokimatsu and
Yoshimi (1981)

(1975)

wWhen corrected for system compliance, laboratory test values
of cyclic stress ratio causing initial liguefactionm in clean
sands are not sensitive to variations in mean grain diameter.
However, finer grained soils (silty sands and silts) are more
resistant to liquefaction than are clean sands for the same
apparant relative density, and clays are considered to have no
potential for liquefaction.

Previous Strain History

Finn et al. (1970)
Seed et al. (1977) .
Ishihara and Okada (1978)

An increased resistance to liquefaction occurs when small cyclic
shear strains are applied te a saturated undrained sand sample
and drainage is not allowed to occur.

Lateral Pressure Coefficient
and Overconsolidation

Seed and Peacock (1971)
Ishihara and Takatsu (1979)
Finn and Bhatia (1980)

Cyclic stress ratios required to cause liquefaction are signi-
ficantly increased by the overconsolidation ratio OCR and by
the coefficient of lateral pressure at rest, K-

Geologic Age

Ohsaki (1969)
Casagqrande (1976)
Youd and Hoose (1977)

The resistance of soil samples to liquefaction is increased
with increasing geologic age.

g6¢G-C218~A
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(as opposed to pluviation), prestraining, sustained consclidation,
and geologic age all tended to increase the resistance to lique-
faction. Grain size effects on the liquefaction resistance of
clean sands has been shown to be small; however finer grained
soils (silty sands and silts) have been shown to be more resistant
to ligquefaction than are clean sands at the same state of compact-~
ness. Effects of sample size on liquefaction resistance have been
shown to be small, as indicated by comparisons of results from
large scale simple shear tests (using samples prepared by pluvia-
tion) with those from simple shear tests on smaller samples.

c. Effects of Initial Shear Stresses

As previously noted in Section 4.2.1.2, the effects of
initial static shear stresses on horizontal planes, which occur
due to the departure of the site from level ground conditions or
due to the presence of large structures, may, in some cases, be
important for port and harbor facilities as well as for earth
structures. In general, it has been established that the presence
of these initial shear stresses will tend to increase the resis-
tance to liquefaction (Lee and Seed, 1967; Vaid and Finn, 1979).
However, porewater pressure buildup and liquefaction is a potential
problem even in the presence of initial shear stresses (Seed, 1979a)
but, despite this, relatively little attention has been given to
the effects of such stresses on the potential for liquefaction of
soil deposits. Indeed, most of the research projects summarized
in Table 4-5 and in the preceding paragraph have been based on
level ground conditions (with no initial shear stresses) although
the general trends from these studies would appear to hold when
significant initial shear stresses are present. In practice,
porewater pressure effects on soils with initial shear stresses
are evaluated either using cyclic simple shear tests with initial
static stress conditions (Finn and Byrne, 1976) or, more commonly,
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by cyclic triaxial tests on anisotropically consolidated samples
with an appropriate simple shear correction factor (Lee and Seed,
1967).

d. Definition of Simple Shear Correction Factor

The simple shear correction factor, Cr for cyclic triaxial
tests (as defined earlier in this subsection), is dependent on
whether the sands are isotropically consolidated (corresponding
to level ground conditions) or anisotropically consolidated
(corresponding to conditions leading to significant initial shear
stresses on horizontal planes). For anisotropically consolidated
cyclic triaxial tests, C, has generally been taken to have a
value of about 1.0, when K, {(the anisotropic consolidation
ratio) is 1.5 or greater (Pyke, 1982). The remaining discussion
corresponds to the more commonly considered level grounds condi-~
1.0).

tions with isotropic consolidation (KC

During the initial development of cyclic triaxial test proce-
dures for isotropic consolidated sands, C, was considered to be
dependent primarily on relative density and to have a value of
about 0.6. Since then, values of <, proposed by Finn et al.
{(1971), Seed and Peacock (1971), and Castro (1975) have ranged
from 0.55 to 1.0, depending on the coefficient of lateral pres-
sure at rest, KO (Table 4-6). Subsequent comparisons by DeAlba
et al. (1976) of cyclic triaxial and simple shear test results for
normally consolidated sands (Ko 2 0.4) and for a range of relative
densities have shown C, to be about 0.63 (Fig. 4-15), although
this value varied slightly with the number of cycles. In view of
the agreement between these various investigators, the original

I

assumption of Cr 0.6 appears reasonable for freshly deposited,
normally consolidated sands, although it should be noted that the
effects on Cr of several of the factors listed in Table 4-5 have

not vet been evaluated. For overconsolidation sands, studies more
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TABLE 4-6. ESTIMATES OF SIMPLE SHEAR CORRECTION FACTOR, C.,

FOR LEVEL GROUND CONDITIONS

(Seed, 1979a)

c_ for C_ for

Source Equations Ko = 0.4 K0 = 1.0
Finn et al. (1971) Cr = (1 + Ko)/z 0.7 1.0
Seed and Peacock (1971)| Varies 0.55 - 0.72 1.0
Castro (1975) Cr =2 (1 + ZKO)/(3J§) 0.69 1.15
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recent than those shown in Table 4-6 have shown that effects of
overconsolidation in increasing the resistance to liquefaction

are even greater than had been previously assumed (Ishihara and
Takatsu, 1979; Finn and Bhatia, 1980). From these studies, the
ratio of the cyclic stress ratio causing liquefaction of clean
sands for overconsolidated samples to that for normally consoli=-
dated samples appears to be about 1.4 for an Overconsolidation
Ratio {OCR) of 2 and about 2.0 for an OCR of 4. 1Ishihara et al.
(1978a) had previously shown that the effect of overconsclidation
is even more significant for sands with fines than for clean sands.

d. Sampling and Handling

The effects of sampling and handling of the soil specimens
can be very important and should be considered in the interpreta-
tion of laboratory test data. Prior studies have shown that the
beneficial effects of prestraining, and also presumably of over-
consolidation and sustained consolidation, tend to be erased by
even the most careful sampling, and that the effect of sample
disturbance is invariably to reduce the resistance to liquefac-
tion, whatever the changes in sample density. Thus, while it is
desirable to test only samples that have been obtained by the
most careful sampling and handling procedures, even then the
results may be conservative.

In the last few years, there has been considerable improve-
ment in techniques for minimizing sample disturbance, and there
is evidence that these improvements may well reduce the effects
of sample disturbance noted above (Seed et al., 1982). Good
sampling practice for potentially liquefiable sands that are
saturated (i.e., are below the water table) now involves either
draining before shipping or freezing (Walburg, 1978; Ishihara
et al., 1978b; Singh et al., 1979). Freezing has the significant
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advantage that extraction and setting up of test specimens in the
laboratory becomes much easier, and the possibility of disturbance
at this stage is essentially eliminated (Singh et al., 1982; Pyke,
1982). For the case of new fills, where one cannot start with

samples of in-gitu material, samples should generally be prepared
in the laboratory using the "moist tamping" procedure (Ladd, 1977)
and allowance should be made for the expected effects of aging.

4.2.3.2.2 Application of Test Procedures

As previously discussed, a dynamic analysis of port and
harbor facilities within a total stress framework involves three
main steps, in which Steps 1 and 2 are directed toward obtaining
earthquake~induced structure stresses as well as cyclic shear
stresses at appropriate locations in the soil medium; these
stresses include the effects of soil/structure interaction, the
topography of the site, etc. The soil cyclic shear stresses
obtained from these dynamic analyses, as well as static states of
shear stress obtained from static analyses (if warranted by site
conditions), serve as input to the laboratory test evaluations of
the ligquefaction potential at the site (Step 3)}. The use of
laboratory tests in this manner is outlined in Figures 4-16
and 4-17 and is described in the paragraphs that follow.

a. Laboratory Testing

The first step in this procedure involves the conducting
of the laboratory tests to determine the cyclic shear stresses
causing ligquefaction of the test samples (Step A, Fig. 4-16).
These tests would be conducted at various levels of cyclic stress,

T or of cyclic stress ratio Icyfcé causing failure as a

cy’
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INPUT

. Earthquake induced cyclic shear stresses from
dynamic analysis of soil/structure system, Th

08-%

static shear stresses, if warranted by
conditions at site, from static analysis

of soil/structure system

LABORATORY TEST PROCEDURES

Step

Conventional Procedure

Possible Extensions or Modifications (1982)

Conduct laboratory tests

to determine cyclic shear
stresses causing ligquefac-
tion of soil samples, rcy

Use cyclic triaxial tests

Always use intact samples. Conduct constant
height simple shear tests. Account for any
initial static shear stresses that may be
present before the earthquake {(Seed et al.,
(1975a}.

Correct laboratory test
results to field conditions

Use simple shear correction
factor (Cr) = 0,6 for

KC = 1.0, and Cr z 1.0 for
K,z 1.5

Correct as a function aof geologic age,
overconsolidation ratio, prestraining,
soil type, and degree of disturbance.

Determine potential for
liquefaction at site

Compute Factor of Safety as:
tcy (from Step B)

Ty {from analyses)

F.5.

If F.S. » 1, one can estimate the pore-
water pressure ratio from standard curves
as a function of N/N, (Fig. 4-17). Alter-
natively, instead of &sing F.S., one can
evaluate liquefaction potential using
cumulative damage concepts (Donovan, 1971).

FIGURE 4-16.

USE OF LABORATORY TEST PROCEDURES IN TOTAL STRESS DYNAMIC ANALYSIS

OF PORT AND HARBOR FACILITIES (Pyke, 1982)

T
co
p—
Ny
o
1
w
w
O
(8]



19-7%

r

PORE PRESSURE RATIO,

1.0

0.6

0.4

0.2

LEGEND

POREWATER PRESSURE

INITEAL EFFECTIVE STRESS

NUMBER OF STRESS CYCLES APPLIED

DURING EARTHQUAKE

NUMBER OF STRESS CYCLES
REQUIRED TO CAUSE INITIAL
LIQUEFACTION

y

AVERAGE

I

0.4

0.6

0.8

1.

CYCLE RATIO, N/Nz

FIGURE 4-17. RATE OF POREWATER PRESSURE BUILDUP IN CYCLIC SIMPLE
SHEAR TESTS (after DeAlba et al., 1976)

S6€5~2218-d



ﬁg@k R-8122~5395

function of the number of cycles of loading (Fig. 4-18)*. in
this, "failure" in laboratory tests may be taken as "initial
liquefaction"~-defined either in terms of stresses (i.e., when
the excess porewater pressure first equals the confining pressure,
cé) or in terms of strains (usually when the peak-to-peak axial
strain first reaches 0.10 in cyclic triaxial tests or when the
peak-to-peak shear strain first reaches 0.15 in cyclic simple
shear tests).

As indicated in Figure 4-18, the above laboratory tests
are most typically carried out using cyclic triaxial procedures
although, as previously noted, recent developments have seen an
increased use of cyclic simple shear tests. Such tests should
incorporate the effects of any initial static shear stresses on
horizontal planes that may be significant. The presence of such
stresses, which occur under slopes or heavy structures, substan-
tially complicates the laboratory test program. For these condi-
tions, several sets of laboratory tests with different initial
shear stresses must be conducted to cover the range of initial
stress states shown to exist by static analyses of the type
described in Section 4.2.1.2.1. The subsequent procedures
used for modifying these test results to represent field condi-
tions should be similar to those used for earth dams (Seed et al.,
1975a; Seed, 197%b).

b. Laboratory Test Correction

The second step in the use of laboratory tests to evaluate
the potential for liquefaction at port and harbor sites involves

wWhen preparing results of the type shown in Figure 4-18, it is
often convenient to normalize the cyclic shear stress causing
failure by the confining pressure; however there are conditions
for which this normalizaton is not appropriate and for which
separate plots of cyclic shear stress vs. cycles to failure must
be developed for a range of confining pressures (Pyke, 1982).
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the correction of the laboratory test results from Step A to
correspond to field conditions (Step B, Fig. 4-«16). The conven-
tional approach for making such corrections is through the use of
a simple shear correction factor (c,) of about 0.6 in conjunction
with cyclic triaxial testing, as discussed previously. However,
with the availability of the extensive results from the research
programs summarized previously, corrections to cyclic triaxial or
cyclic shear test data can be made to account for such factors as
geologic age, overconsolidation ratio, prestraining, soil type,
and degree of disturbance.

¢. Evaluation of Liguefaction Potential

The final step in this laboratory test procedure involves
evaluation of the liquefaction potential of the port and harbor
facility site (Step C, Fig. 4-16). The conventional procedure
for carrying this out involves a two-step process for each soil
location at which the evaluation is to be carried out. First,
for the number of shear stress cycles obtained from the dynamic
analysis results for that location, the curve from the laboratory
test results (Fig. 4-18) is used to obtain the cyclic stress or
cyclic stress ratio causing liquefaction (including, of course,
the appropriate corrections to represent field behavior). This
quantity is then divided by the corresponding stress or stress
ratio from the dynamic analysis results, and the resulting ratio
is termed the Factor of Safety against liquefaction (F.S.); i.e.,
if F.S. > 1, the soil at the location in gquestion can be consid-
ered safe from liquefaction. It is noted that, in the determina-
tion of F.S., the cyclic shear stress or stress ratio from the
dynamic analysis is most typically considered to be 0.65 1

max’

where Thax is the maximum dynamic shear stress computed at the

location in question.
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Other techniques are available as supplements or alterna-
tives to the above definition of Factors of Safety to indicate
the ligquefaction potential for the site. For example, for cases
where F.S. > 1, it is possible to use experimentally developed
normalized curves of the type shown in Figure 4~17 to evaluate
the extent of the porewater pressure buildup (DedAbla et al., 1976).
Also, as an alternative to the use of F.S. as described above,
some investigators have used cumulative damage concepts based on
an analogy between Miner's fatigue law and the cyclic behavior of
saturated sands to estimate liquefaction potential (e.g., Doncvan
and Singh, 1978). This approach is described within the framework
of probabilistic methods in Section 4.4.

4.2.3.3 Discussion of Methods

In this discussion of total stress methods of dynamic
analysis of port and harbor facilities, two techniques--empirical
and experimental--have been described for assessing whether the
facility site will liquefy due to the computed earthquake-induced
cyclic stress field. It is clear that both methods have important
advantages; i.e., the empirical results provide valuable informa-
tion from prior field observations of earthquake behavior, while
the experimental results from laboratory testing consider the
measured ligquefaction characteristics of the actual soil materials
at the site. However, both methods contain uncertainties as
well--examples of such uncertainties are the use of SPT blowcounts
in the current empirical approaches and the effects of sample
disturbance in the laboratory test method. Therefore, judgment
must be exercised in the use of either approach, although it
would seem there is much to be gained from the use of both
approaches at port and harbor facility sites.
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Seed (1979a) has considered this same issue and provides the
following valuable perspective that underscores the desirability
for considering results from past field observations as well as
from laboratory tests.

It would seem that the design engineer confronted with
the need to evaluate the cyclic mobility or liquefaction
potential of a deposit (under level ground) has two basic
choices if he considers it appropriate to neglect the
possible effects of drainage occurring during the period
of cyclic stress application:

1. To calculate the stresses induced in the ground
by the design earthquake...and to compare these
stresses with those required to cause liquefaction
of representative samples in the laboratory....
(In this procedure) the main problem will lie in
correctly assessing the characteristics of the
in-situ deposit from laboratory tests performed
on even good guality undisturbed samples.... Two
approaches are available: (a) to take the best
possible undisturbed samples and then try to
reconstruct their true field characteristics by
subjecting them to a stress path designed to
reproduce their in-situ condition or (b) to allow
for sample disturbance effects by reasonable
judgment.

2. To be guided by the known field performance of
sand deposits correlated with some measure of
in-situ characteristics, such as the standard
penetration test....

It would be imprudent to ever neglect the guidance to
be derived from records of past experience and this
should always be considered in any site evaluation....
It is also apparent that considerable judgment is
required whichever method is used. In the best situa-
tions it would hopefully be possible to obtain reason-
able agreement on the potential for liquefaction using
both of the available approaches. However, without the
exercise of considerable judgment or a serious attempt
to recreate the in-situ characteristics, the direct use
of laboratory test data from tests on even "undisturbed"
samples of moderately dense to dense deposits seems
likely to lead to over-design in most cases.
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4.3 DETERMINISTIC EFFECTIVE STRESS METHODS

4.3.1 GENERAL DISCUSSION

The preceding section has described in some detail the use
of deterministic total stress methods for dynamic analysis of
port and harbor facilities. As described, these methods do not
incorporate effects of porewater pressure buildup and dissipation
during the dynamic analysis. This important limitation is,
however, overcome by a second and more complex dynamic analysis
technique--deterministic effective stress methods.

Effective stress methods have experienced considerable
development in recent vears and are based on the premise that
soil behavior is fundamentally controlled by effective stress
rather than by total stress. For port and harbor facility
analysis, these methods would involve: (1) use of laboratory
tests of soil specimens to determine the necessary material para-
meters for the effective stress soil model; and (2) a dynamic
analysis that utilizes these measured material parameters to
compute the soil/structure system response, including porewater
pressure buildup and dissipation. Unlike total stress methods,
which assess liguefaction potential through comparisons of
dynamic response results with data from laboratory cyclic tests
and/or empirical methods, effective stress methods assess lique-
faction potential directly from the computed soil/porewater
response. Of course, it will always be prudent to use empirical
methods as an independent verification of any effective stress

analysis.

At present, effective stress methods are primarily available
as one~dimensional site response analysis techniques that treat
the case of vertically propagating shear waves in a horizontally
layered site. Such techniques cannot be used to analyze the
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dynamic response of port and harbor facilities--where the presence
of the structure and the irregular topography that often exists
near such facilities will cause a departure from the idealized
conditions of vertically propagating shear waves. Therefore, for
port and harbor sites, one-dimensional effective stress technigques
can only be used to estimate free-field site response character-
istics in regions of the site away from the structure. To analyze
the soil/structure system response, two-dimensional or three-
dimensional techniques are required.

Although two-dimensional or three-dimensional effective
stress methods are not generally available, the desirability
of developing such methods has been recognized by geotechnical
engineers, and work is proceeding in this area (e.g., Ferritto,
1981; Finn, 1982).* For particular application to port and
harbor facilities, it is recognized that such methods will be
important for the following reasons:

o For many porﬁ and harbor facilities, the geometry of
the adjacent backfill and subsurface soil deposits is
such that drainage paths are relatively shorter than,
for instance, large earth dams. It is therefore more
important that the effects of dissipation of porewater
pressure, as well as the buildup of porewater pressure,
be considered in the analysis of such facilities.

A two-dimensional effective stress soil model is essentially

a special case of a general three-dimensional model; hence
implementation of a three~dimensional analysis presents nc new
difficulties. However, because three-dimensional analyses are
much more costly, two-dimensional analyses will be used in most
practical applications.
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. As the strength and duration of the ground shaking
increases, the influence of porewater pressure effects
on the response of saturated cohesionless soil deposits
that often comprise port and harbor sites will also
increase. Therefore, for such cases, properly conceived
and applied effective stress methods should provide
increasingly improved representations of the port
and harbor facility response, when appropriate two-
dimensional or three-dimensional technigues become
readily available.

In summary, effective stress methods can provide certain
important benefits when used for the seismic analysis of port and
harbor facilities. Unfortunately, because such methods are not
yet generally available in two-dimensional or three~dimensional
form, they must still be considered as being under development
with regard to port and harbor facility applications. In view
of this, the objective of this section is to provide information
pertinent to the future development of effective stress methods
suitable for seismic analyses of port and harbor facilities.

4.3.2 BASIC CONCEPTS

The development of effective stress methods for analyzing
the behavior of soil materials is the cornerstone of modern
soll mechanics. Pioneering work in this area was carried out
by Terzaghi (1923) who described the effect of porewater presure
on the strength and deformation of saturated porous media, and
developed a one-dimensional consolidation model that described
the compaction of the soil matrix under applied load and the
development and dissipation of excess porewater pressure. Biot
(1941) extended Terzaghi's effective stress concept to allow for
consideration of a three-dimensional stress state. His generalized
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consolidation theory can be represented using two governing
equations~~a storage equation (which is an expression of mass
balance and force equilibrium) and a constitutive equation
(describing the mechanical behavior of the soil matrix). These
equations are expressed in terms of the unknown porewater pressure
and volumetric strain, with coupling between mechanical and £fluid
flow occuring through the compressibility of the fluid and the soil

matrix.

Basic consolidation theory involves several simplifying
assumptions, including (1) a fully saturated soil medium comprised
of a linear elastic soil skeleton with incompressible soil that
undergoes infinitesimal strains and has a porosity that varies
linearly with effective pressure; and (2) a compressible fiuid
medium with a constant bulk modulus, a volume that varies linearly
with porewater pressure, and a fluid flow that is governed by
Darcy's Law. Subsequent development of effective stress methods
has built on the basic concepts inherent in these initial simpli-
fied methods, while incorporating insights and data gained from
numerous experimental investigations of porewater pressure buildup
leading to liquefaction. This work, summarized by Seed (1979%a)
and Finn (1981) and also in Section 4.3.3 of this report, has
led to current effective stress methods with the following
characteristics:

° The effective stress methods are primarily one
dimensional; very few two-dimensional methods have
been developed and these are not readily available
at this time.

° The strain dependence of the soil matrix material
properties is now considered using nonlinear material
models or, less commonly, equivalent linear models.
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] The methods often incorporate empirical models to
represent effects of several soil/fluid parameters,
based on results from experimental programs. The
empirical parameters needed to define these models are
often not readily obtainable from conventional cyclic
testing procedures.

. Various methods for coupling the behavior of the soil
matrix and the porewater are employed, ranging from
loosely coupled to fully coupled techniques. Thesge are
described further in Section 4.3.3.

4.3.3 CURRENT PROCEDURES

With the preceding discussion as background, some representa-
tive current effective stress procedures will now be described.
In view of the significant development of effective stress methods
that is presently taking place, it is not possible to describe
all of the procedures now available. Therefore, selected proce-
dures that are recognized within the earthquake engineering and
geotechnical engineering community are summarized, so as to
indicate the general state of the art in this area.

Both one-dimensional effective stress methods (which are
predominant in current practice) and two-dimensional methods
(which are largely under development) are summarized in the
paragraphs that follow. For each of these, two subsets of
effective stress methods-~representative of loosely coupled and
fully coupled soil/porewater behavior--are described. Basically,
loosely coupled methods make use of two distinct models--one to
describe the dynamic mechanical behavior and the other to describe
porewater flow (Fig. 4-19a). Coupling between these two models
may be achieved in several ways, and may incorporate various
levels of interaction between mechanical and porewater flow
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phenomena. Fully coupled methods, on the other hand, treat the
soil and porewater as a two-phase mixture and develop equations
that govern the behavior of that mixture (Fig. 4-19b). These
equations include all possible interactions between the two
phases, and hence couplings between mechanical and porewater
flow phenomena. Various alternative computational schemes are
summarized in Table 4-7 for both the loosely coupled and fully
coupled methods.

4,3.3.1 One-Dimensicnal Loosely Coupled Methods

Two prominent members of this class of effective stress
methods are those developed by Martin and Seed (1979) and by Finn
et al. (1977). These methods represent examples of the iterative
and time-marching approaches respectively, as summarized in
Table 4-~7 for the loosely coupled methods.

4.3.3.1.1 Martin and Seed (1979) Approach

The Martin-Seed approach for carrying out effective stress
analyses involves the following simplified procedure:

1. Use the MASH code (Martin and Seed, 1978a) to carry out
a nonlinear dynamic total stress analysis of the seismic
response of the soil deposit over the entire duration of
the ground shaking.* In this initial dynamic response
calculation, the effects of porewater pressure on the
soil response are neglected.

*

Although the MASH code is used with APOLLO in the particular
applications by Martin and Seed, any other appropriate nonlinear
dynamic analysis techniques could also be used.
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TABLE 4-7.

CURRENT EFFECTIVE STRESS METHODS

Method

Basic Concept

Computational Approaches

Loosely
Coupled

Makes use of two distinct
models--one to describe
dynamic mechanical behavior
and the other to describe
porewater flow

. extend over the entire duration of the shaking.

Iterative Approach. Involves the use of an iterative cycle comprised of separate
mechanical and porewater flow analyses (using separate computer codes) that each

In this, the input parameters for
one analysis are progressively modified based on output from the other, and the
complete analyses are repeated until convergence is achieved. For this case, the
computational cycle in Figure 4~-19a is simply an iteration, in which no time
marching of the iteration cycle is invelved and there is no continuous interaction
considered between the mechanical and porewater flow behavior {(e.g., Sec. 4.3.3.1.1).

Time-Marching Approach. Invelves the consideration of a series of shorter time
periods that comprise the total duration of shaking. In this, the mechanical and
porewater flow models can be used iteratively within each time pericd, so that
satisfactory convergence is achieved before proceeding to the next time period.
As the time periods become very small, the need for iteration is eliminated and
the mechanical and porewater flow models essentially track each other through
time. For this case, the computation cycle in Figure 4-19a is essentially a

time period {e.g., Sec. 4.3.3.1.2).

Closely
Coupled

Soil and porewater are
represented as a two-phase
mixture, and eguations
governing the behavior of
that mixture are defined

several methods are possible for implementing the computation cycle for closely
coupled methods (Fig. 4-19b). One such method could involve recalculating each
part of the behavior of the system in a sequential manner. In this, the use

of very short time steps would eliminate the need for iteration {(e.g., see

Sec. 4.3.3.4.1). Alternatively, a single set of equations defining the system
behavior may be used (e.q., Sec. 4.3.3.2.1). For this case, some iteration may
be required.to achieve a completely consistent state before moving on to the next
time step. Whichever method is used, the analysis should still be considered
fully coupled, since all interaction between the two phases of the mixture are
incorporated within the equations governing the system behavior.

G6e5-Cz18-¥



R-8122-5395

Convert the irreqular soil response time histories
from Step 1 to an equivalent number of cycles at an
appropriate cyclic stress level, usually 0.65 Unax
(see Sec. 4.2.2).

Use the results from Step 2 as input to the APOLLO code
(Martin and Seed, 1978b), which computes the rate of
porewater pressure generation during the seismic excita-
tion, and the corresponding time history of porewater
pressure within each layer of the soil deposit. Use
APOLLO to then compute the effective stress time history
in each soil layer, and the resulting time history of
the reduction in shear modulus (assumed proportional

to the square root of the effective stress).

Carry out a second MASH code dynamic analysis of the
seismic response of the soil deposit over the entire
duration of shaking, incorporating the porewater
pressure, effective stress, and modulus reduction
histories from Step 3.

Recycle Steps 1 through 4 until reasonable convergence
is attained between results of successive cycles.

The main elements of the above procedure are the MASH and
APOLLO codes. The MASH code is a nonlinear finite element tech-

nigue that incorporates the Davidenkov model to simulate the

nonlinear soil behavior under seismic excitation. The one-

dimensional porewater flow code, APOLLO, incorporates built-in

empirical relationships between (1) the undrained porewater
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* .
pressure ratio and the cycle ratio, N/N2 ; and (2) the compressi-
bility of the sand and the porewater pressure ratio and relative

density.

4.,3.3.1.2 Finn et al. (1977) Approach

Finn et al. (1977) describe a nonlinear effective stress
approach for the dynamic analysis of dry or saturated sands that
is the basis for the computer code named DESRA. The approach
consists of a procedure for dynamic analysis, a specific nonlinear
stress-strain law, and a method for computing volume changes and
porewater pressures. When used in the effective stress mode for
the analysis of saturated sands, the increase in porewater
pressure within each soil layver during each time step of integra-
tion is computed using parameters that describe the volume change
and rebound charac¢teristics of the soil (Martin et al., 1975);
the effective stress state in each soil layer is thereby modified
appropriately for the next time step. This modification in effec=-
tive stress, in turn, leads to a corresponding modification in the
tangent shear modulus for each soil layer, which is a function of
the mean effective stress. These modifications in shear moduli
are incorporated into the step-by-step numerical integration of
the nonlinear equations of motion for the soil deposit.

4.3.3.2 One-Dimensional Fully Coupled Methods

Two representative methods that fall in this class are those
described by Chaboussi and Dikmen (1979) and by Katsikas and
Wylie (1982). These are summarized in the paragraphs that fcllow.

*1n this, N 1is the total number of equivalent cycles of stress
that result from the ground shaking (from Step 2 of the Martin-
Seed procedure) and N is the number of cycles necessary to
cause initial liquefac%ion at that same cycle stress level.
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4.3.3.2.1 Ghaboussi and Dikmen (1979) Approach

The Ghaboussi-Dikmen approach for carrying out effective
stress treats saturated sands as a two-phase medium; the two
phases are the porous deformable granular soil solid and the
porewater. Using Biot's (1961) dynamic theory of saturated
porous solids as a starting point in conjunction with a finite
element approach, coupled equations of motion are developed for
defining the displacements of the fluid relative to the solid.
This approach is implemented in a computer code named LASS-3.

The LASS~3 methodology by Ghaboussi and Dikmen comprises a
cne-dimensional approach for analyzing the response of horizontally
layered saturated sand site subjected to multidirectional shaking.
Features of the so0il/fluid model are as follows:

° The soil material model is nonlinear and incorporates
isotropic and kinematic hardening, an associated flow
rule, and a shear strength that is independent of the
direction of the resultant shear stress.

® The model of the fluid phase is developed using Darcy's
Law to represent the flow of porewater through the
porous soil material, and linear consitutuve relation-
ships to define fluid pressure in terms of normal
strain.

° The solid soil material and the fluid phase are coupled
through volumetric strains.

. Initial ligquefaction is assumed to occur when a loading/
unloading stress path, defined in terms of shear stress
and effective normal stress, approaches a Mohr-Coulomb
failure surface. The loading portion of this stress
path has the form of a quarter of an ellipse in stress
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space; in unloading, the effective stress is assumed
constant until the previous maximum or minimum value
of shear-stress/effective-stress ratio is reached,
after which the stress path becomes elliptic again but
at a new reduced initial effective stress level. This
loading/unloading stress path is intended to reflect
that successive cycling tends to reduce the effective
stress level for each new cycle.

4.3.3.2.2 Ratsikas and Wylie (1982) Approach

The effective stress approach developed by Katsikas and
Wylie (1982) incorporates a model whose principal parts represent
one-dimensional propagation of shear waves through the solid
matrix of the soil and pressure waves through the porewater.
These two wave propagation phenomena are coupled through the
volumetric soil deformation. Features of the Katsikas-Wylie
model are (1) inelastic representation of shear wave propagation
through the soil skeleton; (2) coupling between the shear wave
and pressure wave propagation; (3) use of fundamental equations
of motion and continuity to represent porewater pressure develop-
ment and redistribution through the soil; and (4) association
of excess porewater pressure development with the inelastic
volumetric deformation of the soil matrix.

4.3.3.3 Two-Dimensional Loosely Coupled Methods

There is little information available at this time regarding
the existence of two-dimensional effective stress methods that can
be classed as loosely coupled. However, it would appear possible
to define such a technique by coupling: (1) an existing nonlinear
or equivalent linear soil/structure interaction analysis technigue
that, by itself, does not incorporate porewater pressure effects;
and (2) any code that can be used to compute two-dimensional
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porewater pressure generation and dissipation effects during
earthquake or cyclic loading (e.g., GADFLEA, Booker et al., 1976).
This loosely-coupled approach would involve a computational proce=-
dure with the following steps: (1) calculation of the soil/
structure system response for a short segment of the total ground
shaking; (2) use of the soil stresses obtained from this computa-
tion as input to the porewater pressure code, in which generated
and redistributed porewater presures are obtained; (3) use of
these porewater pressures to modify the effective stresses and
the corresponding soil material parameters in the soil/structure
system model; (4) use of these modified soil parameters as input
to an analysis of the soil/structure system response over the
next time segment; and (5) repeat of Steps 1 to 4 over successive
time segments that comprise the entire duration of the ground
shaking.

The process outlined above appears to represent a practical
engineering approach for carrying out two-dimensional effective
stress analyses of the seismic reponse of port and harbor faci-
lities. However, the choice of a soil/structure interaction
technique for use in this process warrants discussion. In this,
considering that a loosely coupled effective stress approach
involves certain simplifications pertaining to the modeling of
the fluid flow and the fluid/scil coupling, a scil/structure
interaction approach consistent with these simplifications should
use either equivalent linear soil models or simple nonlinear
models. The more highly refined nonlinear soil models appear
more appropriate for use in the context of two-dimensional fully
coupled effective stress methods (Sec. 4.3.3.4) where the

incorporation of porewater pressure effects is more complete.

The use of equivalent linear methods for mcdeling socil/
structure interaction effects in a two-dimensional effective
stress framework also requires further comment. In a total
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stress context, such methods were shown to represent a practical
and consistent approach for carrying out soil/structure inter-
action analysis (Sec. 4.2.1.4). However, for use in a loosely
coupled effective stress analysis, the methods presently have
drawbacks, in that the frequency-domain approaches that represent
the state of the art for equivalent linear techniques (e.g., FLUSH
and SASSI) are inefficient for use in this particular process;
i.e., analysis techniques that perform in the time domain and
have a restart capability are required. Unfortunately, the
existing time-domain equivalent linear approach, QUAD-4, does

not have a restart capability and, furthermore, does not have

a satisfactory representation of soil damping (Sec. 4.2.1.2.2).
Therefore, some further development is required before the type
of analysis summarized above can be undertaken using equivalent
linear methods.

4.3.3.4 Two-Dimensional Fully Coupled Methods

The relatively limited amount of work to date involving the
development of two-dimensional fully coupled methods is repre-
sented by the procedures of Zienkiewicz et al. (1978 and 1980)
and Prevost (1981), and is summarized in the paragraphs that
follow.

4.3.3.4.1 Zienkiewicz et al. (1978 and 1980)

Zienkiewicz et al. (1978, 1880) describe an effective stress
method based on the use of an explicit finite element method for
representing the dynamic, nonlinear behavior of an undrained
soil. The key component of the method is the soil liquefaction
model that is used to describe the volumetric densification of
the soil that occurs during cyclic loading, and hence the increase
in porewater pressure. The problem of developing a fully nonlinear
model of the soil skeleton behavior that describes progressive
decrease in volume during cyclic loading is avoided by separating
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nonlinear behavior into two parts; that due to basic material non-
linearity and that which constitutes the cumulative volumetric
change. The former part is described by an elastoplastic model
that utilizes a Mohr-Coulomb type yield criterion, with a non-
associated flow rule that eliminates volumetric straining during
plastic flow. The second part of the nonlinear model consists of
an empirical description of the so~called autogeneous volumetric
strain that accompanies cyclic loading. This description defines
the autogeneous volumetric strain in terms of the total strain
path length and two sets of material constants, derived from
undrained cyclic simple shear tests, that describe behavior
before and after initiation of soil liquefaction.

Although the earlier work by Zienkiewicz et al. (1978) might
be described as loosely coupled and representative of only undrained
conditions, the subsequent work (Zienkiewicz et al., 1980) has
incorporated coupled equations for a saturated porous medium
under dynamic conditions. These, of course, consigt of equations
of motion for the soil-fluid mixture and fluid flow continuity
conditions. Although this later work enabled drained conditions
to be represented, the authors observed that under most conditions
undrained behavior could usually be assumed.* The two methods
described by Zienkiewicz et al. share a common empirical descrip-
tion of the autogeneous volumetric strain. The wvalidity of this
empirical description rests on the assumption that the length of
the strain path can be used to uniquely define the autogeneocus
volumetric strain. The guestion arises, as with other models, as
to whether the simple load path followed during laboratory cyclic
shear tegts is sufficient to define the in-gsitu behavior of a
soil that may be subjected to much more complex, nonuniform load
histories.

*This assumption may not be valid for port and harbor sites
(Sec., 4.3.1).
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4.,3,3.,4.2 Prevost (1981) Model

The method proposed by Prevost (1981) makes use of coupled
field equations obtained by viewing the soil as a multiphase
medium consisting of an elastic porous skeleton and viscous
fluids and by using the continuum theory of mixtures (Truesdale
and Toupin, 1960; Atkin and Crane, 1976a,b; Hart, 1981). This
theory incorporates the requirements of mass balance, momentum
balance, and nonlinear constitutive relationships for the coupled
soil/porewater system, in accordance with a repetitive computa-
tional cycle that recalculates each part of the behavior of the
system in a sequential manner. The general nonlinear problem is
treated in a piecewise linear manner, in which the properties of
the porous soil skeleton are considered to be time independent
and both the porewater and the soil grains are assumed to be

incompressible.

The most interesting feature of this model is the treatment
of plastic flow, which is defined by a set of yield surfaces that
translate in stress space and change in size in a manner that
reflects a blend of isotropic and kinematic hardening and the
past stress-strain history. Specification of the model para-
meters requires the definition of the initial size and position
of the yield surfaces and associated plastic moduli, the size and
change of plastic moduli as a function of load and elastic shear
and bulk moduli. These parameters may be derived from conventional
monotonic axial and cyclic~strain controlled simple shear tests.
The model does not, however, include cyclic degradation effects
that are necessary to describe soil liquefaction.

The Prevost model is currently intended for studying soil
consolidation under static and cyclic loading conditions in which
inertia terms may be neglected. Since, as noted above, there is
also no description of soil densification due to cyclic loading
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the model is presently unsuited to investigation of soil liquefac-
tion. However, the mixtures theory approach upon which the model
is based does provide a consistent theoretical basis for develop-
ment of a complete coupled effective stress model.

4.3.4 FUTURE DEVELOPMENT

This section has summarized basic concepts of effective
stress methods as well as some of the methods that are used in
current earthquake engineering practice. It remains to discuss
some possible directions for further development of effective
stress methods so that they may become more applicable to port
and harbor facility applications.

Future development of effective stress methods for port and
harbor facility analyses should be primarily directed toward
techniques for two-dimensional or three-dimensional analysis of
both the loosely coupled and fully coupled types. The development
of loosely coupled methods (Sec. 4.3.3.3) is of most importance,
even though such methods involve certain approximations in the
soil/porewater modeling. They represent a practical approach
with important benefits over total stress methods. Further
development of the more fundamental fully coupled methods, such
as described by Zienkiewicz and Prevost (Sec. 4.3.3.4), is also
justified. Though such methods may not become tools for routine
engineering design of port and harbor facilities, they do provide
a means of evaluating the consequences of the approximations made
during less rigorous analyses.

Analytical development of effective stress methods, although
important, must be carried out within a practical framework and
with due regard to the following considerations:

® Costs of Analvses. The engineering time and computer

costs associated with the use of such effective stress
methods may be high.
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® Measured Data. There could be uncertainty involved in

the measurement of many of the soil/fluid material para-
meters required as input to such methods; in accounting
for effects of sample disturbance, site inhomogeneity,
etc. when measuring the required material parameters;
and in developing field or laboratory test data suitable
for verifying the methods.

® Practical Application. The‘application of such effec-

tive stress methods and interpretation of their results
will probably require a special level of training and
experience on the part of the engineer using the methods.

In addition to these considerations, it should also be noted
that the basic requirement of any analytical method is that it
should serve to develop the engineering judgment on which sound
engineering decisions can be based. In view of this, development
of effective stress methods should not outstrip our ability either
to provide reliable input data for the use of such methods, or to
apply and interpret their results. Future development of effec-
tive stress methods should therefore be comprised of the following
three types of programs: (1) experimental programs--that provide
an improved basis for identifying significant soil parameters,
for measuring their values representative of field conditioms,
and for interpreting their effects on the liquefaction process;
{(2) analytical programs--that use these experimental programs as
a means for developing and enhancing two-dimensional and three-~
dimensional analysis procedures suitable for application to port
and harbor facilities; and (3) education--so that engineers
involved in port and harbor facility designs can properly obtain
the required experimental measurements, apply the effective stress
methods, and interpret their results.
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4.4 TPROBABILISTIC METHODS

The deterministic analysis techniques described in the
previous sections, do not account for the considerable uncertain-
ties that exist in defining the input motions and soil properties
required for such analysis. Effects of such uncertainties can
best be represented through the use of probabilistic methods,
which provide results in terms of the probability level associated
with the occurrence of a given event (such as a given state of
stress in the structure, the occurrence of liquefaction, etc).
Such probabilistic methods are a topic of considerable interest
and research within the earthquake engineering community although,
because they are now still under development, they are not yet
widely used in current practice.

Because of their potential importance as a future approach
for the analysis of port and harbor facilities, the features of
some representative probabilistic¢ analysis techniques pertaining
to their applicability to ports and harbors are briefly summarized
in this section. More extensive summaries are available elsewhere
(e.g., Christian, 1980) and the reader is referred to such
summaries as well as to the references cited in the paragraphs
that follow. The summary contained herein is broken down into
subsections that deal with soil/structure interaction analyses,
liquefaction analyses, combined analyses that include soil/
structure interaction and ligquefaction, and an assessment of
the current and future applicability of probabilistic methods
to port and harbor facilities.

4.4.1 SOIL/STRUCTURE INTERACTION ANALYSIS

The use of probabilistic techniques for soil/structure
interaction analyses falls into the general category of random
vibrations methods as described by Crandall and Mark (1963) and
further developed for earthquake engineering and soil dynamic
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problems by Vanmarcke {1976, 1977). Such techniques are charac-
terized by the use of frequency-dependent power spectral density
functions as a means for calculating the probability of exceedance
of the response at particular locations within the system being
analyzed.

To date, there has been only limited development of probabi-
listic techniques for carrying out earthquake-induced soil/
structure interaction analyses. The PLUSH code, as recently
developed by Romo-Organista et al. (1980), represents the most
widely recognized approach of this type in current practice, and
is therefore briefly described in the following paragraphs. It
is noted that this approach features a probabilistic definition
of the seismic input and a deterministic treatment of the soil/
structure system properties.

The PLUSH code represents an extension of the FLUSH code
(Ssec. 4.2.1.2.3) so as to perform probabilistic analyses of
soil/structure systems subjected to seismic excitation. As shown
in Figure 4~20a, PLUSH retains certain key features of FLUSH,
gsuch as (1) beam and quadrilateral elements; (2) transmitting
boundaries at the sides of the soil grid; (3) in-plane viscous
dampers attached to each soil node point to simulate three-
dimensional wave propagation; (4) a deconvolution procedure to
obtain rigid base input motion from specified control motions;
(5) excitation from vertically propagating body waves; and
(6) equivalent linear soil model with the same iterative process
as in FLUSH code. The main differences between PLUSH and FLUSH
are:

1. Input Motion Definition. FLUSH uses acceleration time

histories whereas PLUSH uses a median design response
spectrum or equivalent power spectral density function.
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Response Definition. FLUSH computes a deterministic

response at any locations in the grid, whereas PLUSH,
which considers an infinite ensemble of input motions,
furnishes probabilistic estimates of the system response
at any location.

The basic analysis technique used in PLUSH (Fig. 4-20b) is

summarized as follows:

1.

Control Motion. From the specified control motion mean

response spectrum and confidence limits, obtain the
corresponding input power spectrum.

Base Motions. Use deconvolution techniques to convert

the input power spectrum to an equivalent power spectrum
at the rigid base of the soil grid.

Qutput Power Spectra. Using a freguency analysis tech-

nigque in conjunction with the finite element model and
the base motions from Step 2, obtain the response power
spectra at specified locations within the soil/structure
system.

Extreme Values of Response. Use the above output power

spectra in conjunction with first passage probability
concepts (Vanmarcke, 1972) to obtain extreme values '
corresponding to specified confidence limits of response
quantities such as accelerations, moments, stresses, etc.
It is important to note that this step can be extended
to develop complete probability density functions for
any of these response quantities.
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5. System Response Forms. Apply the output power spectra

from Step 3 to single-degree-of-freedom systems with
various frequencies and dampings to obtain system
response spectra, in terms of specified confidence
limits.

4.4.2 LIQUEFACTION ANALYSIS PROCEDURES

In recent vears, there have been several techniques developed
for analyzing the probability of occurrence of earthquake~induced
liquefaction at a given site. Some representative techniques of
this type are briefly summarized below.

4.4.2.1 Cunmulative Damage Approach

The cumulative damage approach, as developed by Donovan
(1971), uses probabilistic technigues for estimating the number
of equivalent cycles for various stress levels, together with
Miner's fatigue law to evaluate the cumulative effects of these
stress cycles on the liguefaction potential at the site {(Fig. 4-21).
This approach can be applied in conjunction with either (1) shear
stresses computed from a dynamic analysis (probabilistic or deter-
ministic) or (2) distributions of earthquake induced stress cycles
inferred from statistical analyses of recorded earthquake motions.

This basic approach predicts liquefaction to occur when
i
E == > 1 (4-2)
Ny

where N. is the number of equivalent cycles at the ith shear
stress level that by itself would cause liquefaction, and n;
is the number of equivalent cycles at the ith stress level that

is induced by the seismic excitation. The quantity N, can be
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obtained from standard laboratory test procedures. The deter-
mination of the quantity n; involves the following steps:

(1) estimate the total number gf cycles, CT, as the ratio of

the duration of strong shaking to an estimated site period;

(2) assuming the shear stresses to follow a Rayleigh distribution,
determine the probability of occurrence of the ith shear stress
level, P(ri); and (3) obtain n; as the product of CT and
P(ti). It is noted that, if a dynamic analysis of the soil/
structure system response (or the site response) is available,
then the Rayleigh distribution for the shear stress in the soil
at any location, as required under Step 2 above, can be obtained
directly from the dynamic analysis results. However, if no such
dynamic analysis results are available, the Rayleigh distribution
is obtained from an estimate of the peak acceleration (assuming
acceleration to be directly proportional to shear stress) and a
"'sigma ratio" (defined as the ratio of the peak shear stress to
the rms shear stress, and derived from statistical analyses of
earthquake data, again assuming direct proportionality between

acceleration and shear stress).

The basic cumulative damage approach has been used by Donovan
and Singh (1978) to develop liquefaction criteria for the Trans-
Alaska pipeline, and has been applied to various other case studies
by Valera and Donovan (1%77). In addition to Donovan and his co-
workers, other investigators have also used the cumulative damage
as a means for assessing liguefaction potential. Faccioli (1973)
used a starting point for a liquefaction analysis based on cumula-
tive damage considerations that was similar to that of Donovan;
however Faccioll used a somewhat different probabilistic approach
based on statistical moments of earthquake data. Annaki and Lee

%
In Donovan's approach, the Hsuid et al. (1969) definition of dura=
tion of strong shaking has been adopted although conceptually,
any other existing definition could be used.
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(1977) applied the cumulative damage approach in conjunction with
laboratory test data and, from this, concluded that the cumulative
damage approach is valid for dealing with irregular loading
effects on soils. More recently, Sato and Der Kiureghian (1982)
applied the cumulative damage approach in conjunction with life-
line systems of extended length; in this, they addressed lique-
faction effects in terms of a "transition distance'--defined as
the maximum epicentral distance that results in a unit value of
the cumulative damage ratio (as defined in Eg. 4-2).

4.4.2.2 Methods Based on Seismic Risk Concepts

A second group of probabilistic methods for assessing lique-
faction potential considers (1) the probability of liquefactiocn
at a site for a given level of ground shaking; and (2) the
probability of occurrence of all possible levels of ground
shaking. Step 1 involves an evaluaticn of the liquefaction
potential of the soil materials at the site, and may involve the
use of laboratory test data and/or empirical data from field
observations of soil behavior under seismic excitations. Step 2
involves consideration of the seismicity, geology, and tectonics
of the region surrounding the site.

The various methods that have been developed to carry out
liquefaction analyses may differ widely according to how Steps 1
and 2 are interpreted. To illustrate this, two approaches that
feature differing interpretations of these steps are summarized
in the paragraphs that follow.

4.4.2.2.1 Yegian and Whitman (1978)

The Yegian-Whitman approach carries out Step 1 above
through the use of empirical data from field observations of
the occurrence or nonoccurrence of liquefaction. These data are

characterized in terms of a modified Standard Penetration Test



j%gk R-8122-5395

resistance and a site parameter dependent on the magnitude M,
hypocentral distance R, vertical effective stress Oy and
depth H. Yegian and wWhitman then obtain a curve separating
regions of liquefaction and nonligquefaction so as to minimize the
number of misclassified points (Fig. 4-22a). From this, the Step 1
results characterizing the probability of liquefaction for a given
level of ground shaking (herein characterized by M and R) are
readily obtained using an assumed lognormal distribution of a
"liquefaction potential index" defined in Figure 4-~22. The

Step 2 results, which herein involve computation of the proba-
bility of occurrence of an earthquake characterized by M and

R, are obtained using conventional seismic risk analysis tech-
nigues. The final results, in terms of the total probability of
liquefaction, are then cobtained as the product of the Step 1 and 2
results, summed over all possible M and R values (Fig. 4-22b).

4.4.2.2.2 Youd and Perkins (1978)

The Youd-Perkins approach interprets Steps 1 and 2 in terms
of a combination of regional maps termed a ground motion oppor-
tunity map and a ground failure susceptibility map. The ground
failure opportunity map characterizes the opportunity for lique-
faction in a given area as a function of the seismicity of the area
and the rate of cccurrence of ground motions sufficiently strong to
produce liquefaction in susceptible materials (Fig. 4-23a); this
map is obtained using seismic risk procedures. The ground failure
susceptibility map, on the other hand, is derived deterministically
based on qualitative evaluations of the properties of the geologic
materials around the site, and whether they may be susceptible to
liquefaction (Fig. 4-23b). The resulting combination of these
maps shows the location of potentially liguefiable sediments as
well as frequency of occurrence of ground motions sufficiently
strong to induce liquefaction in these sediments (Fig. 4-~23c).
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4,4.2.3 Methods with Probabilistic Definitions of
Soil Properties

Probabilistic liquefaction analysis techniques described in
the preceding subsections are representative ¢of the majority of
probabilistic technigques now available in that they test the
seismic excitation as random and the soil properties as deter-
ministic. One of the few existing studies in which the soil
properties are also assumed random is that of Haldar and Tang
(1979). In this, all of the parameters used in the simplified
liquefaction analysis procedure of Seed and Idriss (1971) are
treated as random variables whose effects are described by their
variances. Haldar and Tang then investigated the relative signi-
ficance of the various parameters in the Seed~Idriss approach by
determining the sensitivity of computed probabilities of lique-
faction to different assumed levels of uncertainty in each of
the parameters. Applications of their approach to historical
records of site behavior during earthquakes show good agreement.

4.4.3 COMBINED SOIL/STRUCTURE INTERACTION AND
LIQUEFACTION ANALYSIS

As previously noted, a complete dynamic analysis technique
for port and harboxr facilities should be able to represent two-
dimensional response characteristics of the soil/structure system
including an assessment of the potential for excess porewater
pressure development and liquefaction in the soil materials that
comprise the site. No such probabilistic approach of this type
has yvet been developed although, from the discussion in the
previous subsections, at least one probabilistic technique with
these features appears possible. This would involve what amounts
to a total stress analysis procedure {in which porewater pressure
effects on the soil/structure system response are neglected) and
would be comprised of two main steps. The first of these steps



R-8122-5395

would use the PLUSH code (Sec. 4.4.1) to carry out a two-
dimensional probabilistic analysis of the soil/structure system
seismic response. From the results of this analysis, probability
density functions for the shear stress states at various loca-
tions within the soil medium could be obtained (with relatively
minor modifications of the present version of PLUSH), together
with a probabilistic definition of the structure response. The
second step in this approach would use these computed soil stress
probability density functions in conjunction with a cumulative
damage approach (Sec. 4.4.2.1) to estimate the probability of
ligquefaction at the site.

4.4.4 CURRENT AND FUTURE APPLICABILITY OF PROBABILISTIC
APPROACHES

The previous subsections have briefly summarized the current
state of the art regarding probabilistic techniques for evaluat-
ing the soil/structure system response and the potential for
porewater pressure buildup and liguefaction at a site--which are
the two main elements of a seismic analysis for port and harbor
facilities. This summary has shown that (1) there is a wide
range of techniques now available, although most of these feature
a probabilistic treatment of the seismic input and a deterministic
treatment of the soil properties; and (2) there is no probabilistic
procedure yet used in current practice that treats both the soil/
structure interaction and the liguefaction problems in the same
analysis, although an approach combining the PLUSH code and
cumulative damage procedures appears to be a possible first step
in that direction.

From this, it is seen that, for application to port and
harbor facilities, further development of probabilistic tech-
niques that treat the combined soil/structure interaction and
ligquefaction problem would be desirable, incorporating improved
procedures for treating the uncertainties in the soil properties
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as well as the seismic input. These development efforts should
consist of (1) experimental programs--directed toward developing
the extended data base necessary for representing effects of the
uncertainties in the solil properties; and (2) analytical programs--
directed toward developing practical and workable probabilistic
methods for engineering applications, and toward addressing the
considerable judgment factors often required in the practical
application of probabilistic methods.

4.5 SUMMARY OF RESULTS

This chapter has evaluated the applicability of current
dynamic analysis procedures as an engineering tool for enhancing
and verifying the design of port and harbor facilities to resist
strong earthquake motions. The evaluation process has considered
the fundamental concepts on which various alternative methods are
based, as well as the current state of development of each method.
On this basis, the chapter has addressed deterministic total
stress methods in éome detail, since only these methods now treat
the combined soil/structure interaction and liquefaction problem
in a manner suitable for application to seismic analysis of port
and harbor structures. However, deterministic effective stress
methods and probabilistic methods are also described in the con-
text of possible future directions for dynamic analysis of port
and harbor facilities, when further development of these methods
has taken place.

It has been noted in this chapter that the analytical
procedure itself, is only part of the overall process inherent
in carrying out a meaningful dynamic analysis for design purposes.
This process actually involves five main steps which are (1) the
measurement of reliable soils data; (2) the selection of an
appropriate analysis procedure; (3) the development of a suitable
model of the soil/structure system, (4) implementation of the
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dynamic response calculations; and (5) utilization of the
analysis results in the design process. The importance of
exercising sound judgment during each of these steps, and of
evaluating their results in accordance with experience and good

engineering practice, cannot be overstated.



4-100



R~8122-5395

CHAPTER 5

ILLUSTRATIVE DYNAMIC ANALYSIS

5.1 OBJECTIVE AND SCOFPE

In this chapter, a dynamic analysis of a port and harbor
soil/structure system is carried out in order to illustrate
the type of design information that can be obtained from such
analysis. The analysis is carried out for a sheet-pile bulkhead
structure and site in Japan, and the results of the analyses
are used to indicate, for this particular structure and assumed
seismic excitation (1) how the computed internal forces and
moments in the structure compare with design values; (2) how
the computed lateral pressures exerted by the soil onto the
structure compare with those estimated from the Mononobe-Okabe
equation; (3) the liquefaction potential of the site; and
(4) how soil improvement techniques might affect the earthquake-
induced behavior of this particular soil/structure system.

5.2 DESCRIPTION OF STRUCTURE AND SOIL CONDITIONS

5.2.1 STRUCTURE

The structure considered in these calculations is a sheet-
pile bulkhead that is located at Nakano Wharf No. 4 in the Sendai
Harbor in Japan (Fig. 5-1) and was shaken substantially during
the Miyagi-Ken-Oki earthquake of June 12, 1978 (MS = 7.4). The
structure consists of a steel sheet pile supported by vertical
steel pipes spaced at 5.25 ft that, in turn, are anchored by a
tie-rod/H-bean system. An unreinforced concrete apron rests on
the ground surface and extends from the sheet pile to beyond the
anchor (Fig. 5-2). During the earthquake, the apron experienced
cracking and settlement, but no other damage to this structural
system was reported (Tsuchida et al., 1979).

5-1
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5.2.2 SOIL CONDITIONS

Two sets of soil conditions are considered in this dynamic
analysis. The first set corresponds to the actual soil conditions
at this structure site, which are defined by Tsuchida et al. {(1979)
solely in terms of soil types, unit weights, friction angles, and
Standard Penetration Test (SPT) blowcounts as provided in three
adjacent boring logs {locations shown in Fig. 5-1). These logs
(Fig. 5-3) show that the site is comprised of a single layer of
£ill underlain by saturated sands and silt. The low-water level
of the sea is about 0.4 m above the bottom of the fill, and the
high water level extends about 1 m higher; however, no information
was available regarding the corresponding position of the water
table in the soil relative to these levels.

The second set of soil conditions corresponds to the use of
soil improvement techniques--i.e., deep compaction (e.g., vibro-
flotation) techniques that are widely used to densify the soil
materials at otherwise marginal sites (Mitchell and Kati, 1981).
This consideration of scil conditions modified by soil improve-
ment techniques has been motivated by the dramatic enhancements
in resistance to liquefaction during earthquakes that has been
observed in the past, primarily in Japan.* In view of these

*For example, Watanabe (1966) observed that oil storage tanks
constructed on loose saturated sands sustained considerable
damage during the 1964 Niigata earthquake due to ligquefaction
of these sand layers, whereas adjacent tanks constructed on
sands compacted by vibroflotation suffered only minor damage.
Ohsaki (1970) observed similar comparisons between the response
during the 1968 Tokachi-0Oki earthquake of adjacent sites com-
prised of loose sands and sands compacted by vibroflotation.
Similar trends, based on marked differences in behavior during
the 1978 Miyagi-Ken~Ckl earthquake of adjacent loose and com=
pacted sand deposits at an oil tank site, were also observed
by Ishihara et al. (1980), who then used laboratory tests and
analyses to demonstrate that the resistance of sand deposits
to liquefaction is markedly enhanced by vibroflotation.
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observations, the results of this analysis will serve to indicate
the effectiveness of soil improvement techniques in enhancing the
liquefaction resistance at the site of this sheet-pile bulkhead.
Estimates of the effects of these scil improvement technigues on
the relative densities and the corresponding dynamic properties of
the site soil materials are based on past experience according to
procedures described in Section 5.5.3.2.

5.3 SEISMIC INPUT MOTIONS

Seismic input motions for these analyses were selected with
an objective toward providing motions that were as close as
possible to those experienced during the Miyagi-Ken-Oki earth-
gquake by the sheet-pile bulkhead being investigated herein.
Possible choices were limited to (1) motions recorded in the
first floor of buildings in Sendai City, and to (2) free~field
motion recorded at the Shiogama Harbor immediately ncrth of the
Sendai Harbor, which are among the strongest ever obtained at port
and harbor regions in Japan. After some deliberation, the Shiogama
Harbor records (Fig. 5~4) were selected because (1) these are truly
free-field records whereas the motions recorded in the buildings
at Sendai City are not; and (2) the locations and proximity of
the Sendai and Shiogama Harbors relative to the earthquake epi-
center are about the same. In particular, the North-South
horizontal record and vertical record measured at Shiogama Harbor
were used as seismic input motions for these analyses (for both
the original and improved site condition cases) and these were
deconvolved to obtain the corresponding base motions for each set
of soil/structure system analyses.

As a final comment on these seismic input motions, it is
noted that most strong motion instruments in Japan record over
frequency ranges that do not extend to as high a frequency level
as does that of instruments commonly used in the United States.
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Furthermore, at higher amplitudes of shaking, the raw traces from
Japanese instruments have an arc shape due to their being drawn
by pens of constant radius and, in some cases, a slanting of the
traces may occur due to the initial rest position of the pen arm
not being parallel to the direction of paper movement (Brady,
1978). However, the particular Japanese records used in this
study have been corrected for these as well as long period base=-
line shift effects, according to procedures described by Mori and
Crouse (1981).

5.4 ANALYSIS PROCEDURE

The analysis procedure used herein corresponds to a deter-
ministic total stress method, in which (1) a dynamic analysis
procedure is used to compute the soil/structure system response,
without considering the buildup of porewater pressure in the soil
as the earthquake progresses; and (2) the soil shear stresses
computed from this dynamic analysis are used to evaluate the
potential for liquefaction at the site. Although total stress
methods of this type do not consider porewater pressure effects
during the dynamic analysis, they are the only technigques now
readily available that can incorporate soil/structure interaction
and the complete range of complex site geometries that might exist
at port and harbor sites (Chapt. 4).

5.4.1 DYNAMIC ANALYSIS

The dynamic analysis of the bulkhead/soil system, corre-
sponding to Step (1) above, 1s carried out using the FLUSH code
(Lysmer et al., 1975). This code computes the two-dimensional
response of a soil/structure system, in which the soil medium is
comprised of homogeneous horizontal viscocelastic layers and is
represented using an equivalent linear soil model. The system
is subjected either to horizontal input motions from vertically
propagating shear waves, or to vertical input motions frbm
vertically propagating compression waves. These motions, applied
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along a rigid base of the soil/structure grid, are typically
obtained by deconvolving a given ground surface record through a
one-dimensional model of the site profile. The applicability of
the FLUSH code to port and harbor facility analyses is discussed
in Section 4.2.1.2.3 of Chapter 4.

Results of these FLUSH code analyses are obtained in several
forms. First, shear stress histories are obtained at selected
locations within the soil grid, for use in assessing the liguefac-
tion potential of the site. Second, internal moments and forces
within the structure are used to obtain stresses and strains that
indicate whether structural damage could occur under the given
ground excitations. Third, lateral pressures computed in the
soil medium along its interface with the sheet pile are computed
for comparison with pressures computed using the Mononobe=-Okabe
equation, which is the approach most widely used to define lateral
pressures for seismic design purposes (see Chapt. 3). Fourth, and
finally, motions and soil stresses computed within the soil/
structure system grid are compared to those from the free-field
one-dimensional deconvolution analyses to assess the importance of
soil/structure interaction and site geometry effects at this site.

5.4.2 EVALUATION OF LIQUEFACTION POTENTIAL

5.4.2.1 oOverview of Liquefaction Evaluation Procedure

The procedure used in this illustrative dynamic analysis
to estimate the ligquefaction potential at this particular site
involves (1) identifying locations within the soil medium at which
the potential for liquefaction is to be assessed, and obtaining
an appropriate definition of the shear stress at that location;
and (2) using these shear stresses and Standard Penetration Test
(SPT) data at the site, in conjunction with the Seed-Idriss (1981)
empirical procedures, to assess the liguefaction potential at
these locations. These empirical procedures are described in
Section 4.2.3.1 of Chapter 4.
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The Seed-Idriss empirical approach is the only viable means
for assessing liguefaction potential in these particular illustra-
tive dynamic analyses, because of the absence of more complete
site soils data from which alternative procedures incorporating
laboratory tests can also be used. However, even where more
complete soils data are available, this empirical approach is
still valuable for use at an actual site because (1) it makes
use of the extensive field observations of the actual behavior
of seil sites during earthquakes; and (2) the more complete socils
data obtained from established cyclic laboratory test procedures
are prone to uncertainties due to sample disturbance. For these
reasons, the empirical techniques used in these illustrative
analyses are valuable as a means for supplementing the techniques
using cyclic laboratory test data and, in fact, are the only
possible methods that can be used when such well-defined soils
data are not available.

5.4.2.2 Definition of Shear Stresses

Within the above framework, two different approaches are used
to define shear stress input for the liquefaction assessment at
the site of this sheet-pile bulkhead structure. The first corre-
sponds to the use of soil shear stress histories obtained from the
dynamic analysis results, and the conversion of these irregqular
stress histories to equivalent cyclic stress ratios through the
use of the Seed et al. (1975b) procedures (see Sec. 4.2.2 of
Chapt. 4). Then, as described in Section 4.2.3.1, these cyclic
stress ratios, together with modified SPT resistances at the
particular location being investigated, are used with a modified
form of the Seed-Idriss (1981) results. 1In this, curves that
separate conditions of ligquefaction and nonliquefaction are
developed,'in terms of combinations of cyclic stress ratio and
modified SPT resistance for the particular number of stress
cycles obtained from the computed stress histories.
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To supplement the above dynamic analysis results, a second
approach for defining shear stress input is also included, and
involves the use of the following expression for computing cyclic
shear stress ratios:

(rh)av _ 0.65 Umax _ 4nax v
v v v
where

(th)av = Equivalent average cyclic stress in layver undex
consideration = 0.65 Tax’ where Tnax is the
peak shear stress

Anax = Peak ground acceleration

g = Acceleration of gravity

Oy = Total overburden pressure in layer under
consideration

05 = Initial effective overburden pressure in layer
under consideration

T4 = Depth-dependent stress reduction factor

(Fig. 5=5)

This expression, which is drawn from the present Seed-Idriss
(1981) empirical approach, is used to obtain cyclic stress ratios
at various depths, through the use of the depth-dependent stress
reduction factor, ry (Fig. 5-5). These cyclic stress ratios,
together with the modified SPT resistances at the depths under
investigation, are used as input to the present form of the Seed-
Idriss empirical results. This present form consists of curves
for various earthquake magnitudes which define conditions of
ligquefaction and nonliquefaction in terms of combinations of
cyclic stress ratio and modified SPT resistance. Therefore, in
this second apprcach, the number of stress cycles is implicit in
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the earthquake magnitude curves (see Sec. 4.2.3.1 of Chapt. 4).
For this illustrative analysis, the curve corresponding to magni-
tude 7.5, which is approximately the magnitude of the Miyagi-Ken-
Oki earthquake, is used.

There are two additional points to be made regarding the
determination of shear stress input for the evaluation of lique-
faction potential at this particular site. First, the use of
Equation 5-1 as a supplementary approach for estimating shear
stresses is in no way intended to represent a substitute for
dynamic analysis results. It is included here only so that,
through comparisons of the liquefaction evaluations obtained using
the dynamic analysis results vs. those obtained using Equation 5-1,
a measure of the adequacy of the use of Equation 5-1 may be
obtained for future applications where dynamic analysis may not be
possible. Second, it has been noted in Chapter 4 (Sec. 4.2.1.2.1)
that the departure of the site conditions from the ideal case of
infinitely long horizontal soil layers could lead to gravity-
induced initial shear stresses on horizonal planes. These initial
shear stresses could affect the soil response to a superimposed
cyclic stress condition and could reduce the rate of porewater
pressure generation due to cyclic stress applications (also see
Seed, 197%a). In practice, these initial shear stresses, when
judged to be significant, are estimated from static finite element
analyses and are incorporated into laboratory cyclic load tests
to assess the liquefaction potential at the site (see Chapt. 3
and Seed, 1979b). For this particular site, the limited soils
data precludes direct consideration of initial shear stress
effects; however judgment suggests that such effects would not be
important in this case, since the presence of the bulkhead during
placement of the soil behind the bulkhead should largely prevent
these initial shear stresses from developing. 1In view of this, it
is reasonable to assess the liquefaction potential in this i1llus-

trative example solely from the dynamic analysis results although,
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in practice, the potential effects of initial shear stresses

should be evaluated on a case-by-case basis.

5.5 SOIL/STRUCTURE SYSTEM MODEL

5.5.1 FINITE ELEMENT GRID

The soil/structure system model used in this analysis is
shown in Figure 5-6. This model consists of a two-dimensional
finite element grid with 148 node peints, 104 soil elements,

22 structural beam elements, and 6 elements whose mass density
and elastic properties approximate the effects of the sea water.
The overall dimension of the grid is 265.6 ft (horizontal) by
149.8 ft (vertical) by 5.25 ft (normal to the plane of the
paper).* The sea water level is assumed to be at the bottom of
the fill, which is approximately the low water level at this
structure location. The base of the grid is rigid, and is the
location of the appligd seismic excitations (Sec. 5.3).

The soil medium is comprised of six different materials that
correspond to the various sand and silt layers at the site. The
base of the soil grid is rigid, and is the location at which the
horizontal and vertical seismic input motions are applied (sepa-
rately, not simultaneously in the same calculation). In-plane
horizontal and vertical dashpots (not shown in Fig. 5-6) are pro-
vided at each soil node point to simulate out-of-plane radiation
damping effects, and energy-absorbing boundaries are employed
along each side boundary node point. As previously noted in
Section 4.2.1.2.3, these in-plane viscous dampers and energy-
absorbing boundaries have been derived on the basis of horizontal

*
This latter dimension corresponds tc the spacing of the sheet-
pile supports and tie rod/H-beam anchor system (Fig. 5-2).
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soil layering over the entire lateral extent of the grid. These
conditions do not hold over the depth of the sheet pile considered
in this analysis; i.e., water elements are used on one side of

the sheet pile and elements representing the soil backfill are
used on the other side. However, a satisfactory representation
of the system response is nevertheless provided in this analysis
by (1) extending the lateral boundaries of the soil grid a reason-
able distance away from the region of interest (which is the
region at the sheet-pile bulkhead location); and (2) using
in-plane dashpot coefficients for the layers along the depth of
the sheet pile that are representative of the soil backfill

properties.

The remainder of this section describes in more detail how
the structure was modeled and how the dynamic soil properties
were estimated.

5.5.2 STRUCTURE MODEL

The width of the finite element grid (5.25 ft) has been
selected to correspond to the spacing of the vertical pipes that
support the sheet pile, as well as the spacing of the tie-rod/
H-beam anchor which are connected to the vertical pipes (Fig. 5-2).
The overall model of the sheet-pile bulkhead is therefore com=-
prised of four different beam element types that represent the
properties of its wall support system, apron, tie rod, and H-beam
anchor. The properties of these various structural elements are
given in Table 5-1.

5.5.3 SOIL MODEL

As previously noted, two sets of equivalent linear soil
models have been assumed for these illustrative dynamic analyses.
The first corresponds to the actual scoil properties at the site,
as indicated by the various borings and the associated SPT blow-
counts obtained near the sheet-pile bulkhead structure (Fig. 5-3).
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TABLE 5-1.

PROPERTIES OF STRUCTURAL ELEMENTS IN FINITE ELEMENT GRID

Material Properties

Section Properties

Flange wWidth = 1.32 ft
Web Thickness = 0.0492 ft
Flange Thickness = 0.0492 ft

Modulus of Unit Cross Shear Moment
Elasticity, | Poisson's | Weight, | Sectional | Area, of Inertia,
Element Dimensions psi Ratio pct Area, ft? fte fr4
Sheet-Pile/ Pipe Diameter = 2.34 ft 3.0 x 107 0.25 490 0.2262 0.1131 0.1506
Pipe System wall Thickness = 0.0312 ft
Concrete Apron | Thickness = 0.66 ft 3.0 x 106 0.15 150 3.460 2.318 0.0297
' width = 5.25 ft
Tie Rod Diameter = 0.164 ft 3.0 x 107 0.25 490 0.0211 0.0158 small
H-Beam Total Depth = 1.274 ft 3.0 x 107‘ 0.25 490 0.1877 0.0417 0.0546

AA336

S6£9-2718-4
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The second soil model corresponds to properties assumed to result
from application of deep compaction soil improvement techniques
to the soil in the wvicinity of the structure. 1In each of these
s0il models, the water table is assumed to occur at the top of
the second row of fill elements which, in view of the lack of
more definitive information (Sec. 5.2.2), allows for some reason-
able fluctuation of the water table above the assumed sea water
level (Fig. 5-7). The various soil models are described in more
detail in the subsections that follow.

5.5.3.1 Model for Original Site Condition

The model for the original soil conditions at the structure
site, before application of the deep compaction techniques, has
been obtained by approximate techniques, based on SPT blowcounts
in the absence of any direct measurement of dynamic soil proper-
ties in the field or in the laboratory. For the fill and sand
layers, the procedure to obtain equivalent linear shear moduli
involved the following:

° Define uniform SPT blowcount levels for each sand layer,
based on an average of the blowcounts recorded over the
depth of that layer in the three boreholes at the quay
wall site. These are shown in Figure 5-7.

. Convert the SPT blowcounts to apparent relative density
through the Gibbs & Holtz (1957) procedures (Fig. 5-8).

® For the apparent relative density for each layer
obtained in this manner, utilize the appropriate curve
of K, vs. shear strain as defined by Seed and Idriss

2
(1970) (Fig. 5-9a).

° Compute the strain-dependent shear modulus for each
layer as C (psf) = 1000 K, JE;, where o! is the mean
effective stress in psf computed at the midheight of
that layer (Fig. 5-7).
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The strain-dependent damping ratios for the sands have been
assumed to correspond to the curve recommended by Seed and Idriss
(1970) (Fig. 5-9b). All other pertinent material properties for
the sand layers are given in Figure 5-7.

The definition of the dynamic properties of the silt layer
at this site was complicated by the lack of empirical test data
for silts, of the type shown in Figure 5-8 for sands. Therefore,
based on some early recommendations by Seed and Idriss (1970),
this silt layer was assumed to be a sand with a relative density
of 75% and with shear moduli modified by a factor of 0.7. The
strain-dependent damping curve for the silt layer was assumed
to be identical to that shown in Figure 5-9b for sands.

5.5.3.2 Model for Improved Site Conditions

As previously noted, a seccond set of site conditions was
considered in these analyses, in order to represent the use of
deep compaction soil improvement techniques to improve the prop-
erties of the soil materials. From paét experience, it was
assumed that such techniques will increase the relative density
of the near-surface sand layers (within about 70 ft of the ground
surface) to a value of about 70%, regardless of the original rela-
tive density of these sand layers (Mitchell and Katti, 1981).
These soil improvement techniques were assumed to have no effect
on the relative density of the silt layer or the deeper sand
layers that exist at this site (Pyke, 1982). ©On this basis, the
following procedure was used to .define the soil model correspond-

ing to these improved conditions:

° For the fill and for each sand layer above the silt
(Layers 1 through 5 in Fig. 5-7), the relative density
was assumed to be increased to 70%.



A\

o On this basis, new strain-dependent shear modulus curves
were defined for each of these layers, based on the
empirical data from Figure 5-%a and the mean effective
stress for each layer. Thig mean effective stress as
well as the strain-dependent damping ratios for each of
these layers were assumed to be unchanged by the deep
compaction techniques.

° New SPT blowcounts for these upper layers, necessary
for use in the ligquefaction evaluations, were obtained
for each of these upper layers through the use of the
Gibbs and Holtz (1957) procedures, in conjunction with
an apparent relative density of 70% and the vertical
pressure at the midheight of each layer (Fig. 5-8).

e The dynamic properties of the silt layer and the lower
sand layers (Layers 6 through 10 in Fig. 5-7) were
assumed to be unchanged from those of the original
unimproved soil conditions.

5.6 RESULTS

5.6.1 FORM OF RESULTS

This section presents the results from the dynamic analyses
of the sheet-pile bulkhead/soil system for two sets of soil condi-
tions corresponding to (1) the original site conditions as
described in Section 5.5.3.1 (Case 1); and (2) the modified site
conditions corresponding to application of deep compaction soil
improvement techniques, as described in Section 5.5.3.2 (Case 2).
These results are presented in the form of computed motions,
liquefaction assessments, lateral pressures along the bulkhead-
wall/soil interface, and internal forces, moments, and stresses
within the structure.
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An important aspect of the results presented in the remainder
of this chapter involves comparisons of the seismic response
characteristics corresponding to the Case 1 (original) and Case 2
(improved) soil conditions. The comparisons presented are based
on a total stress method of dynamic analysis which, as previously
noted, does not represent effects of porewater pressure buildup
on the computed response of the soil/structure system. In this,
because the near-surface saturated soil layers in Case 1 exhibit
much lower relative densities than for Case 2, the Case 1 system
response to strong seismic excitaticns should be affected to a
greater degree by these porewater pressure effects.* Therefore,
it is expected that (1) these total stress analysis results will
probably underestimate the differences in system response corre-
sponding to the Case 1 and Case 2 soil conditions; and (2) because
the porewater pressure effects neglected in these analyses will be
less pronounced for the Case 2 soil conditions, its computed svstem
response characteristics should be somewhat more representative than
those obtained for the Case 1 conditions. These considerations
should be kept in mind when interpreting the results presented in
the remainder of this chapter.

5.6.2 COMPUTED MOTIONS

The horizontal and vertical motions at selected node points
throughout the soil/structure grid were computed for both cases
and were compared to each other and to the computed depth-dependent
motions in the free field.Jf These motions, presented here as

*For example, for the case of undrained conditions, a porewater
pressure buildup in the near-surface saturated soil layers will
be more prominent in Case 1 than for Case 2. This, in turn, will
result in a greater reduction in the mean effective stresses and
in the corresponding equivalent linear shear moduli for these
solil layers under Case 1 conditions (Fig. 5-9b).

TThese subsurface free-field mctions were obtained from a decon-

volution of the measured ground surface motions through a soil

column corresponding to the landward side of the sheet pile.
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response spectra with a damping ratio of 0.05, are typified by

the results shown in Figures 5-10 through 5-13. These show that

{1) the computed motions corresponding to the original site condi-
tions (Case 1) are very similar to those corresponding to the
improved site conditions (Case 2);* and (2) the soil/structure
system motions are very similar to the free-field motions and are
therefore not sensitive to effects of soil/structure interaction

or site topography for the conditions represented by these analyses.

5.6.3 LIQUEFACTION ASSESSMENT

The approach used in these illustrative analyses to assess
the liquefaction potential at the site under its original soil
conditions (Case 1) and its improved scil conditions (Case 2) are
described in Section 5.4.2. Results from these assessments are
provided in the paragraphs that follow. It is noted that these
assessments are based only on the results from the horizéntal
response analyses, since the vertical response analyses show
negligible shear stresses in the soil.

5.6.3.1 Cyclic Shear Stresses

As described in Section 5.4.2, two approaches are used to
provide shear stress input to the liquefaction assessments-~the
first involves the use of results from the dynamic finite element
results and the second involves the use of Equation 5-1. In this
subsection, shear stresses obtained from the first approach
(i.e., from the dynamic finite element analysis) are presented.
This approach is used herein to assess the liquefaction potential
based on shear stresses computed in the saturated soil layers
beneath the midspan of the apron that extend to the bottom of the

* L]
See comments in Section 5.6.1 regarding comparisons of the Case 1
and Case 2 response characteristics.
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sheet pile (i.e., at Elements 52 to 57 in Fig. 5-14). However,
shear stresses have also been monitored at Element 51 in the fill
material at this location (which is above the assumed position of
the water table), and at Elements 71 to 77 (alcng the sheet-pile/
soil interface) to evaluate how the scil shear stresses are
affected by differences in horizontal position.

Example shear stresses at these locations are given in
Figure 5-15 and maximum soil shear stresses obtained at various
locations in the finite element grid are listed in Table 5-2.
These results show that the shear stresses computed from the
finite element results are nearly the same for the Case 1 and
Case 2 soil conditions.* The results also show that the near-
surface maximum shear stresses in the soil vary with horizontal
distance from the bulkhead wall and differ from free-field shear
stresses computed from one-dimensional analyses. These differ-
ences are generally largest at Elements 71 to 77 (alongside the
sheet pile) and are probably most attributable to surface topo-
graphy effects, since soil/structure interaction should not be
as significant for the relatively light and flexible structure
considered in this analysis. At depths below about 27 ft, the
peak shear stresses from the finite element analyses compare well
with those from the one-dimensiocnal free-field analyses.

The use of the Seed et al., (1975b) results to convert the
irregular shear stress histories from the finite element analysis
to equivalent cyclic shear stresses is illustrated in Figures 5-16
and 5-17. The cyclic shear stresses obtained in this manner are
provided subsequently in Section 5.6.2.4, where the evaluation of
the liquefaction potential for the site is described. Similarly,

* 2
See comments in Section 5.6.1 regarding comparisons of the
Case 1 and Case 2 response characteristics.
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TABLE 5~2. MAXIMUM SHEAR STRESSES IN SOIL FROM FINITE ELEMENT ANALYSIS
, Soil shear Stress (Soil/Structure System)
) Alongside Sheet Pile 26.3 ft Landward of Sheet Pile
Depth to Soil Shear
Bottom of Stress Shear Ratio to Shear Ratio to
Case Layer, (free field) | Element Nc., | Stress, Free Field | Element No., | Stress, Free Field
Number ft psft Fig. 5-14 psf Shear Stress Fig. 5-14 psf Shear Stress
i 5.8 105 71 138 1.31 51 236 2.25
10.8 295 72 168 0.57 52 349 1.18
27.2 655 73 520 0.79 53 685 1.05
43.6 1155 T4 1070 0.93 54 1150 .99
56.8 1410 75 1275 0.90 55 1380 0.98
76.4 1500 76 1355 0.90 56 1460 0.97
93.0 1485 77 1400 0,94 57 1430 0.96
2 5.9 104 71 120 1.15 51 229 2.20
10.8 289 72‘ 150 0.52 52 345 1.1%
27.2 650 73 490 0.75 53 655 1.01
43.6 1150 74 1030 0.90 54 1100 0.36
56.8 1395 75 1230 0.88 55 1330 0.95
76.4 1460 76 1310 0.90 56 1400 0.96
93.0 1480 77 1440 ‘0,97 57 1455 0.98

€6E5-7218-9
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cyclic shear stresses, obtained using Eguation 5-1, are also
provided in that section. In this, Equation 5~1 has been used
to obtain shear stresses at depths corresponding to each cf the
element locations shown in Figure 5-14, so as to permit a com-
parison between the results of the two liguefaction assessment

approaches considered in this analysis.

5.6.,3.2 Modified Penetration Resistance

The Seed-Idriss (1981) empirical correlations of liquefaction
potential represent the soil material characteristics in terms of
the measured SPT resistance corrected to an effective overburden
pressure of 1 tsf. This quantity is determined from the
relationship

where N is the measured SPT resistance, N1 is the corrected

SPT resistance, and C is a function of the effective overburden

N
pressure at the depth where the SPT was conducted (Fig. 5-18).

The resulting values of N at the elements being analyzed for

the Case 1 and Case 2 soillconditions are shown in Tables 5-3
and 5-4. These tables show that the soil improvement techniques
characterized in Case 2 result in a dramatic increase in the N,
values for the fill (Element 52) and a noticeable but somewhat

smaller increase in the N values for the underlying sand layer;

1
this can be contrasted with the essentially negligible effects of
soil improvement-on the soil/structure system motions and soil
shear stresses (computed neglecting porewater pressure effects),

as discussed previously.

5=-36
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DATA FOR ASSESSING LIQUEFACTION POTENTIAL — CASE 1 CONDITIONS

Penetration Resistance

_Average Cyclic Stress Ratio,

0.65 Tmax

1
UV

From Soil/Structure System
Finite Element Analysis

From Equation 5-1

Peak
Shear Average
ot C N stress, Cyclic
Element N v N 1 max Stress Number of | Stress | Number of
(Fig. 5~14) | (Fig. 5~6) | (ksf) | (Fig. 5~18) (CN X N) (ksf) Ratio Cycles Ratio Cycles*
52 5 0.93 1.42 7.1 0.35 0.244 3.98 0.198 15
53 25 1.72 1.06 26.5 0.69 0.261 4.09 0.149 15
54 25 2.74 0.88 22.0 1.15 0.272 4.08 0.117 15
55 25 3.67 0.78 19.5 1.38 0.244 5,58 0.094 15
56 22 4.45 0.65 14.3 1.46 0.214 7.18 0.064 15
57 23 5.33 0.57 13.1 1.43 0.174 7.92 .052 15

*
For a magnitude 7.5 earthqguake, 15 cycles of stress at 0.65 ¢

Seed and Idriss (1981) to correspond to average conditions.

max

are assumed by

§56£5-22T8~4
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TABLE 5-4,

DATA FOR ASSESSING LIQUEFACTION POTENTIAL — CASE 2 CONDITIONS

Penetration Resistance

Average Cyclic Stress Ratio,

0.65 1

Rax
o
v

From Soil/structure System
Finite Element Analysis

From Eguation 5-1

Peak
Shear Average Average
ot C N Stress, | Cyclic Cyclic
Element N v N 1 max Stress Number of | Stress Number of
{Fig. 5-14) | {(Fig. 5-6) | {ksf) | (Fig. 5-18) (CN x N) {ksf) Ratio Cycles Ratio Cycles*
52 13 0.93 1.42 18.5 0.35 0.240 3.70 0.198 15
53 33 1.72 1.06 35.0 0.66 0.249 4.10 0.149 15
54 33 2.74 0.88 29.0 1.10 0.260 4.13 0.117 15
55 33 3.67 0.78 25.7 1.33 0.234 5.56 0.094 15
56 22 4.45 0.65 14.3 1.40 0.205 7.40 0.064 15
57 23 5.33 0.57 13.1 1.46 0.178 8.12 0.052 15

* )
For a magnitude 7.5 earthquake, 15 cycles of stress at 0.65 1

Seed and Idriss (1981) to correspond to average conditions.

max

are assumed by

S6E£68-2CTI8-¥
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5.6.3.3 Evaluation of Liguefaction Potential

All data required for the evaluation of the liquefaction
potential at the site using the Seed-1driss empirical approach
are summarized in Tables 5-3 and 5-4. These tables contain modi-
fied penetration resistances for each layer, average cyclic
stress ratios and the corresponding number of stress cycles from
the finite element analysis, and average cyclic stress ratios
computed directly from Equation 5-1. As noted previously, the
first liquefaction evaluation {from the finite element results)
is based on the computed shear stresses from Elements 52 to 57
which, as shown in Table 5-2, are slightly higher than the free-
field stresses at Element 52 and are comparable to the free-field
stresses elsewhere. The second liguefaction evaluation is based
on cyclic stress ratios computed from Equation 5-1, which requires
only the peak free-field acceleration, and the layer overburden
pressures and depth of the layer; it is independent of horizontal
position within the site.

5.6.3.3.1 Liguefaction Potential Using Cyclic Stress Ratios
from Finite Element Analyses
Section 5.6.3.1 has provided the shear stress time histories

that were obtained from the finite element analyses, as well as
the corresponding equivalent cyclic stress ratios and stress
cycles. It remains to use this information in accordance with
the Seed-Idriss (1981) empirical procedure to assess the lique-
faction potential of the site.

To use this information in the most meaningful way, a
slightly modified form of the Seed-Idriss procedure has been
adopted. This modified form has been described in Chapter 4,
and is summarized here in terms of the following steps:

. As in the present approach, assume that the cyclic
stress ratio vs. modified penetration resistance curve

5-40
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developed by Seed and Idriss for a magnitude 7.5 earth-
gquake corresponds to a total of 15 stress cycles. (This,
in fact, is based on the prior statistical analysis of
strong motion accelerograms by Seed et al. (1975b) in
which earthquake magnitude vs. stress cycle correlations
were obtained, based on the assumption that cyclic shear
stress is directly proportional to peak acceleration).

From the Seed-Idriss (1981) liquefaction curve relating
shear stress ratio to critical number of stress cycles
(i.e., number of cycles causing a porewater pressure
ratio of 100% and a 5% strain), obtain the shear stress
ratios corresponding to the number of cycles shown in
Tables 5-3 and 5~4 to represent each of the shear stress
time histories obtained from the finite element calcula-
tions (Fig. 5-19).

Obtain relative values of cyclic stress ratio corre-
sponding to each of these numbers of stress cycles,
by using the ratio of the ordinates of the curve in
Figure 5-19 relative to the ordinate corresponding
to 15 cycles. These ratios are shown directly in
Figure 5-19 and are summarized in Table 5-5.

By using these ratios to scale the Seed-Idriss liquefac-
tion curve for 15 cycles (i.e., for an earthquake magni-
tude of 7.5) obtain liquefaction curves that correspond
to the particular number of stress cycles represented
by each of the various shear stress histories from the
finite element analyses. Such a family of curves for
sands is shown in Figure 5-20.
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BASIS FOR DETERMINATION OF CYCLIC STRESS

RATIO VS. MODIFIED PENETRATION RESISTANCE
RELATIONSHIPS FOR DIFFERENT NUMBERS OF
REPRESENTATIVE CYCLES AT 0.65 =

max
1zav)
Gl
| . o Nc
Number of Representative o Tav
Cycles at 0.65 tmax' 1 5T
N (Fig. 5-19) o /N, =15
c C
0.53 1.43
5 0.49 1.32
6 0.47 1.27
7 0.45 1.21
8 0.43 1.16
15 .37 1.00
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The curves shown in Figure 5-20 are appropriate for use with
the finite element analysis results since they are based on the
actual number of cycles represented by the shear stress histories
computed from these analyses. This can be contrasted with the
present form of the Seed-Idriss curves which, for magnitude 7.5,
(i.e., the magnitude corresponding to the ground moticn data
considered in this analysis), corresponds to 15 stress cycles--a
number of cycles much greater than those represented by the com-
puted shear stress histories. Thus, it is seen that the Seed-
Idriss (1981) empirical procedures in their present form are
intended for use in situations where nothing is known about the
shear stresses within the site. However, when information on
the shear stresses 1s available--such as computed shear stress
histories as obtained from dynamic analyses of the type described
here--the form of the Seed-Idriss results can be readily modified
as described above to provide a suitable basis for comparison
with the computed shear stress results.

The above preccedure has been used to construct Seed-Idriss
curves of critical cyclic stress vs. modified penetration resis-
tance corresponding to four cycles of stress (the approximate
number of stress cycles in Elements 52 to 54), five cycles and
six cycles (which encompasses the number of cycles computed for
Element 55), seven cycles (corresponding to Element 56) and eight
cycles (the approximate number of cycles in Element 57). These
sets of curves are plotted in Figures 5~21 and 5-22, for the
Case 1 and Case 2 so0il conditions respectively. Then, the condi-
tions of cyclic stress ratic and modified penetration resistance
for each element are plotted as points in the figure containing
the Seed-Idriss curves with the appropriate number of stress
cycles. When these element points fall above or adjacent to the
Seed-Idriss curve, the soil at these element locations is judged
to be vulnerable to liguefaction. If the points fall well below
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in the Seed-Idriss curve, the soil at these element locations is
judged safe from liquefaction. On this basis, the results shown
in Figures 5-21 and 5-22 show the following trends:

o For the original {Case 1) soil conditions, the assumed
saturated portion of the fill (Element 52) and the lower
soil layers (Elements 55 te 57) are susceptible to lique-
faction. The sand layer elements just below the fill
(Elements 53 and 54) are shown to be marginally safe to
safe from liquefaction, according to this assessment
procedure (Fig. 5-21).

° The use of soil improvement'techniques at this site
(i.e., Case 2 conditions) results in a dramatic
decrease in the susceptibility to liquefaction of
the upper saturated soil layers (Elements 52 to 55);
however, Element 52 is still shown to be only marginally
safe from liquefaction. The susceptibility to liquefac~
tion of the deeper soil layers (Elements 56 and 57) is
unchanged from that observed in the Case 1 results,
since these deeper layers are unaffected by the soil
improvement procedures as represented in this analysis
(Fig. 5~22).

5.6.3.3.2 Liquefaction Potential Using Cyclic Stress Ratios
from Equation 5-1
The second approach used to assess the liquefaction potential

of the site corresponds to the use of Equation 5-1 to compute
cyclic shear stress ratios at selected depths. These are used
with the original (rather than modified) Seed-Idriss (1981)
curves, which are provided in terms of earthquake magnitude
(rather than stress cycles). Results using this approach are
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presented in Figure 5-23 for the Case 1 and Case 2 conditions.
These results show the following trends:

° The Case 1 results (for the original soil conditions)
indicate that only Element 52 (in the fill layer) will
liquify, and that the underlying sand and silt layers
are reasonably safe from liquefaction.

* The Case 2 results (for the improved soil conditions)
show a dramatic improvement in the integrity of the
soft fill layer represented by Element 52, although
this layer is still seen to be marginal. As in Case 1,
the underlying soil layers are shown by these results
to be safe from liguefaction.

5.6.3.4 Assessment of Liguefaction Results

In this subsection, the above liquefaction results are
assessed from the standpoint of (a) comparisons between the
results of liquefaction assessment methods; (b) correlation of
the results with the observed earthquake behavior of this sheet-
pile bulkhead structure; and {(c) effects of soil improvement
techniques. '

5.6.3.4.1 Compariscon of Ligquefaction Assessment Methods

Two methods of evaluating the liquefaction potential of this
site have been used herein--one involves using cyclic stress
ratios obtained from the finite element results while the other
uses cyclic stress ratios computed from Egquation 5«1. Tables 5-3
and 5-4 show that the cyclic stress ratios obtained from the
finite element results are everywhere substantially larger than
those from Equation 5-1, and the number of stress cycles is
everywhere smaller. Bearing these differences in mind, the

comparisons between the ligquefaction results from the two sets
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of assessment procedures are summarized in Table 5-6 and indicate
the following trends:

e For the shallow soil layers (Elements 52 to 54), the
results from the two sets of assessment procedures are
generally qualitatively similar.

® For the deeper soil layers (Elements 55 to 57), the
results from the two sets of results are often dis-
similar. These differences can probably be related to
the uncertainties that arise from the use of a single
site~independent parameter (rqy as given in Fig. 5-5)
to define the depth dependence of the cyclic shear
stresses in Equation 5-1. As shown by the scatter
bands in Figure 5-5, the uncertainty in defining Ty

increases substantially with increasing depth, and is

significant at the depths corresponding to Elements 55

to 57.

° Where differences between the two sets of results exist,
the procedure based on the finite element results tends
to provide a more conservative assessment of liguefac-
tion susceptibility.

These trends are based on the results for the particular conditions
" considered in these illustrative dynamic analysis, and should not
be generalized to other conditions without further investigations.

5.6.3.4.2 Correlation of Computations with Observed Behavior

As noted earlier in Section 5.2, the concrete apron at the
sheet-pile bulkhead considered in this illustrative analysis
suffered cracking and settlement during the Miyagi-Ken-Oki earth-
guake. Clearly, this moderate degree of damage could have occurred

even in the absence of porewater pressure buildup at this site.
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TABLE 5-6.

RESULTS FROM LIQUEFACTION EVALUATION

Susceptibility to Liquefaction

Location Original Soil Conditions (Case 1) Improved Soil Conditions (Case 2)
Procedure Based Procedure Based
Depth Below Corresponding on Finite Element | Procedure Based | on Finite Element | Procedure Based
Ground Surface, Element Number Analysis on Equation 5-1 Analysis on Egquation 5-~1
ft (Fig. 5~14) (Fig. 5~21) (Fig. 5-23a) (Fig. 5-22) {(Fig. 5-23b)
8.35 52 Unsafe Unsafe Marginal Marginal

19.0 53 safe Safe Safe Safe
35.4 54 Marginal-to-safe Safe Safe Safe
50.2 55 Marginal safe safe Safe
66.6 56 Unsafe Safe Unsafe Safe
84.7 57 Unsafe Safe Unsafe Safe

Note:

*
Depth shown corresponds to distance from ground surface to midthickness of each soil
element shown in Figure 5-14.
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For example, contributing factors to this settlement and cracking
could have included earthguake-induced consolidation of the
unsaturated upper portion of the surface fill layer, as well

as the lack of reinforcing steel in the apron. However, 1t is
appropriate to also examine how this damage might have been
related to the porewater pressure effects indicated by the
analysis results. The extent of this porewater pressure buildup,
which varies over the depth of the soil profile, could have con-
tributed to the observed apron damage according to the following
mechanism:

° Porewater pressure buildup--not only in the soil lavers
shown by the analysis to be susceptible to liquefaction
but, to a lesser degree, in the other soil layers as
well--could have resulted in an increase in the lateral
pressure applied to the sheet pile. This, in turn,
could have caused a lateral seaward movement of the
sheet pile, and a resulting reduction in soil confine-
ment. Near the ground surface, this reduced confinement
could have permitted some lateral movement of the
saturated portion of the fill (shown by the analysis
to be susceptible to liguefaction) which could have
led to settlement of the apron.

) In support of this hypothesis, it is appropriate to
consider the differences in response characteristics
between this sheet~pile bulkhead and an adjacent bulk-
head structure. These two structures are similar,
except for the anchor system of the adjacent structure
which is supported on batter piles rather than vertical
piles. In contrast to the bulkhead structure considered
in this analysis, the adjacent structure was virtually

5-53
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undamaged by the ground shaking during the Miyagi-Ken-0Oki
earthquake (see Sec. 2.16.3 of Chapt. 2). Although these
differences in behaviocr are probably due, in part, to

the somewhat denser soil conditions at the adjacent
structure, the differences in anchor support systems
between the two structures could also have been a factor.
The batter~pile-supported anchor system of the adjacent
bulkhead structure would have a greater resistance to

the increased lateral pressures applied to the bulkhead
due to porewater pressure buildup. This, in turn, would
have reduced the corresponding lateral displacements of
the bulkhead which, according to the hypothesis of the
previous paragraph, would have reduced any detrimental
effects on the bulkhead apron.

® Although no obvious evidence of liquefaction was
mentioned in postearthquake inspections at this bulkhead
site (Tsuchida et al., 1979), some occurrence of pore-
water pressure buildup and liguefaction (as indicated
by the analysis results) is plausible in view of the
low penetration resistance of several of the soil
layers and the strong shaking to which the site was
subjected. In this regard, porewater pressure buildup
contributing to settlement and cracking of the apron
could have occurred without there being evidence of
ligquefaction of sufficient extent to warrant notice

in a postearthquake inspection.

The important point from the above discussion is that the
dynamic analysis results offer a plausible basis for interpreting
the observed earthquake-induced damage to this sheet-pile bulkhead
structure. Furthermore, as discussed in the subsection that follows,
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the analysis results even show a possible remedy for the observed
damage~-involving the use of deep compaction soil improvement
techniques to densify the site.

5.6.3.4.3 Effects of Soil Improvement Technigues

As a final aspect of the evaluation of these liquefaction
results, the nature of the improvements due tc¢ the deep compaction
soil improvement techniques, as represented by the Case 2 calcula-
tions, warrants reiteration. These calculations show that the
soil improvement techniques result in a marked decrease in the
susceptibility of the site to liquefaction, primarily because of
the dramatic increase in the modified penetration resistance that
results in the saturated soil layers near the ground surface. The
calculations also show that the soil improvement techniques did not
have any noticeable effect on the dynamic response of the soil/
structure system; in fact it was shown that the system motions
and shear stresses were nearly the same for Cases 1 and 2.
However, as indicated previously, the actual differences between
the shear stresses and system response between Cases 1 and 2 could
actually be somewhat greater than those indicated by the total
stress analysis methods used herein, which do not account for the
differing porewater pressure effects on the system response for
these two cases. Therefore, the beneficial effects of soil
improvement, which have been shown to be substantial even when
porewater pressure effects on the system response are neglected,
are probably underestimated to some degree by these analyses.
These benefits are in line with the prior field observations in
Japan {(Watanabe, 1966; Ohsaki, 1970; Ishihara et al., 1980) as
summarized in Section 5.2.2.
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5.6.4 LATERAL PRESSURES ALONG SHEET-PILE/SOIL INTERFACE

As previously noted, the seismic design of quay walls, sheet-
pile bulkheads, and other retaining wall structures at ports and
harbors is typically based on pseudostatic lateral pressures
computed from the Mononobe-~Okabe (M-0) equation (Mononobe, 1929;
Okabe, 1926; Seed and Whitman, 1970). The main assumptions behind
the application of this equation have been described in Chapter 3
and will not be repeated here. However, in this section, the
applicability of this equation is examined from a different
standpoint--namely, through a comparison of the lateral pressures
obtained using the M-0 equation to those computed at the sheet-
pile/soil interface from this finite element analysis. In these
comparisons, dynamic lateral pressures induced only by the hori-
zontal seismic excitations are included, since lateral pressures
induced by the vertical seismic excitations are small.

The M~-0 equation defines not only the design levels of the
earthquake-induced lateral pressures, but also the distribution
of these pressures {as increasing linearly with increasing depth
below the ground surface). Therefore, to evaluate each of these
aspects of this design pressure definition, two sets of compari-
sons are shown between the M-0 results and the dynamic lateral
pressures computed from the finite element analysis. The first
involves the distribution of dynamic pressures computed from the
finite element results at specific instants in time, in order to
compare these pressure distributions with the M-0 results. The
second comparison involves the envelopes of the dynamic lateral
pressures, in order to show how the peak pressures computed from
the finite element analysis compare with those from the M-0O
equation. In each comparison, the finite element results are
provided in terms of both positive and negative dynamic pressures
which, in practice, would be superimposed onto the corresponding
static pressures when designing the sheet pile. Also, it is noted
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that the lateral pressures computed from this dynamic analysis are
consistent with those from the M-0 equation, in that both sets
of pressures neglect porewater pressure effects (see Chapt. 3).

Results of the first set of comparisons, involving dynamic
lateral pressure distributions computed at specific instants in
time for the Case 1 soil conditions, are shown in Figure 5-24.
These results show that the dynamic pressure distributions from
the finite element results differ markedly from the linearly
varying pressure distribution represented by the M-O equation.
This, of course, could have an important effect on the internal
bending moments and shear forces obtained for purposes of the
design of the sheet pile. The magnitudes of the pressures com-
puted from the M-0 equation are seen to exceed the finite element
pressures at the specific instants of time shown in Figure 5-24.

Comparisons between the envelopes of the finite element
dynamic pressures and the lateral pressures computed from the
M-0 equation are shown in Figure 5-25; tabulations of these
finite element results are contained in Table 5-~7. These show
that (1) the dynamic lateral pressure envelopes computed corre-
sponding to the Case 1 and Case 2 soil conditions are generally
similar to one another;* and (2) the lateral pressures computed
from the M-O equation bound the pressure envelopes from the finite
element results.

5.6.5 STRUCTURE FORCES, MOMENTS, AND STRESSES

The final set of dynamic analysis results evaluates the
integrity of the sheet-pile bulkhead structure by computing the
internal forces, moments, and stresses generated in the structural

* 1 £l
See comments in Section 5.6.1 regarding comparisons of the Case 1
and Case 2 response characteristics.
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TABLE 5~7. PEAK LATERAL PRESSURES ALONG SHEET-PILE/SOIL INTERFACE
COMPUTED FROM FINITE ELEMENT ANALYSES

Maximum Positive Lateral Pressure Maximum Negative Lateral Pressure
Case 1 . Case 2 Case 1 Case 2
Element Peak Peak Peak Peak

(see sketch | Pressure, | Time, | Pressure, | Time, | Pressure, { Time, | Pressure, | Time,

below) psf s pst s psft s pst [
71 9,26 13.92 9.78 10.02 - 6.87 10.74 - 9_00 14.12
72 44.62 14.30 44 .68 14.32 - 69.78 13.98 - 71.56 13.98
73 136.13 14.30 109.23 14.28 -201.04 13.96 -161.78 13.96
? 74 279,36 14.00 261.60 14.00 -196.09 10.10 «190.55 10.10
A 75 407.43 14,02 388.93 14.02 -304.82 14,42 -291.91 14.42
76 73.63 10.72 69.02 10.72 - 64.39 10.00 - 62.64 10.18
77 126.28 14.40 163.26 14.40 w]l44 .53 14.02 ~182.38 14.02
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elements (Fig. 5-26) by the seismic excitations. These are pre-
sented in two different forms. First, Tables 5-8 and 5-9 contain
peak values of the axial forces, shear forces, and bending moments
within each structural element. These results show that (1) the
horizontal input excitations induce the largest shear forces and
bending moments in the H-beam anchor and the sheet pile, and
induce the largest axial forces in the tie rod; (2) the vertical
input excitations induce the largest axial forces in the H-beanm
anchor and the sheet pile, and induce the largest shear forces

and bending moments in the concrete apron; {(3) the internal struc-
ture forces and bending moments in the H-beam, the sheet pile, and
the concrete apron are very similar for the Case 1 and Case 2 site
conditions;* and (4) the most noticeable effects of the variation
in site conditions between Cases 1 and 2 are in the axial forces
in the tie rod, where it is seen that the Case 2 site conditions
(with the more dense and stiff upper fill and sand layers) gener-
ally reduce these axial forces relative to those from Case 1.

The second form of these results (Table 5-10) represents
estimates of normal stress induced in the structure by the axial
forces and bending moments. These are presented as sums of
absolute values of the normal stresses induced in the structure
by the peak axial forces and bending moments that result from the
horizontal and vertical response analyses. This method of presen-
tation was selected because (1) it corresponds to an upper bound
estimate of the normal stresses in the structure; (2) even within
a single analysis (for either horizontal or vertical input excita-
tions) the combined normal stresses due to axial loads and bending
moments are not directly provided by FLUSH code; and (3) the labor
that would be involved in obtaining these combined stresses was

* . 0
See comments in Section 5.6.1 regarding comparisons of the Case 1
and Case 2 response characteristics.
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TABLE 5-8.
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PEAK FORCES AND MOMENTS — CASE 1 SITE CONDITIONS

Absolute Values of Peak Forces and Moments

From Horizontal

From Vertical

Structural Element ‘Excitation Excitation
Axial Shear Bending | Axial Shear Bending
‘ Number Force, | Force, | Moment, | Foxce, | Force, | Moment,
Location (see Fig. 5-26) 1b 1b ib-ft 1b 1b 1b-ft
H-Beam 105 228 805 6,716 1,932 106 730
?‘s‘f:ggi) 106 153 | 2499 | 6,736 | 3,600 | 148 632
107 202 1162 13,770 6,688 46 632
108 292 840 13,770 9,856 | small 129
Sheet Pile 109 235 687 4,678 1,523 99 1752
(steel) 110 797 | 1089 | 4,687 | 3,559 | 464 1777
111 2,684 2351 37,970 14,350 182 1901
112 9,055 1186 37,970 31,720 105 1901
113 12,810 2902 54,390 39,230 i51 1093
114 10,810 5010 54,390 45,060 73 1093
115 6,742 2666 44,260 39,070 20 336
Apron 116 2,687 62 817 634 156 2046
(concrete) 117 2,055 | 136 1166 933 | 70 1316
118 2,358 30 268 1,559 28 870
119 2,447 10 76 1,916 | small 891
120 2,148 8 135 1,876 55 891
121 1,300 62 637 835 125 1619
Tie Rod 122 1,596 small small 190 | small small
(steel) 123 o938 small small 158 | small small
124 718 small small 183 | small small
i25 628 small small 243 | small small
126 965 small small 93 | small small
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PEAK FORCES AND MOMENTS - CASE 2 SITE CONDITIONS

Absolute Values of Peak Forces and Moments

From Horizontal

From Vertical

Structural Element Excitation Excitatiocon
Axial Shear | Bending | Axial Shear | Bending
Number Force, | Force, | Moment, | Force, | Force, | Moment,
Location {see Fig. 5-26) 1b 1b 1b-ft 1b 1b 1b=-ft
H-Beam 105 145 759 5,804 1,938 112 794
Anchor 106 174 | 1825 5,818 3,672 | 119 532
(steel)
107 204 lQ22 13,820 6,723 38 532
108 317 843 13,820 9,798 6 103
Sheet Pile 109 258 789 4,971 1,640 89 1632
(steel) 110 616 | 693 | 4,976 | 3,960 | 336 1656
111 1,985 2193 38,670 14,560 143 1649
112 8,112 1083 38,670 31,740 102 1649
113 12,070 2679 53,130 39,210 145 1038
114 9,928 5570 56,050 45,620 70 1038
115 6,099 3376 56,050 39,580 20 327
Apron 1le 2,885 42 550 768 155 2028
(concrete) 117 2,420 93 790 | 1,137 | 58 1234
118 2,772 21 186 1,897 22 857
1198 2,898 8 63 2.339 5 877
120 2,550 8 144 2,275 47 877
121 1,512 45 381 1,006 104 1482
Tie Rod 122 1,133 small small 166 | small gmall
(steel) 123 650 | small| small 124 | small | small
124 542 small small 177 | small small
125 535 small small 259 | small small
126 640 small small 47 | small small
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TABLE 5-10.

UPPER BOUND ESTIMATES OF COMBINED NORMAL STRESSES

Sum of Absolute Values of Peak Loads and Normal Stresses Induced by
Horizontal and Vertical Input Excitations

Structural Element§ Case 1 Case 2
_ Section Element (1) gg, EM(Z), zmmax' p3 ZMmax' (1) 3 ZM(Z), ZMmax' P Miax
Area, A, { Modulus, S, Number, iP /1A max s A S IP , [ A max S iy S
Location in? in? (Fig. 5-26) 1b psi | 1b-in. psi psi. 1b psi | 1b-in. psi psi
H-Beam 27 148 105 2,160 80 83,712 566 0406 2,083 77 72,384 489 566
?giggf) 106 3,753 139 | 83,880 567 706 3,8a6| 142| 72,480 490 632
107 6,890 255 | 166,788 1127 1382 6,927 267 ] 167,076 | 1129 1386
108 10,148 376 | 166,788 1127 1503 10,115 375 ] 167,076 | 1129 1504
Sheet Pile 33 222 109 1,758 53 77,160 348 401 1.898 58 79,236 357 418
(steel) 110 4,356 | 132| 77,568| 349 481 4,576| 133] 79,584| 358 497
111 17,034 516 | 478,452 2155 2671 16,545 501 483,828 | 2179 2680
112 40,775| 1236 | 478,452 2155 3391 39,852 | 1208 | 483,828 | 2179 3387
113 52,140 | 1580 | 665,796 2999 4579 51,280 1554 [ 650,016 | 2928 4482
114 55,870 | 1693 | 665,796 2999 4692 55,5481 1683 | 676,524 | 3047 4730
115 45,812 | 1388 | 535,152 2410 3798 45,679 1384 | 676,524 | 3047 4431
Apron 498 156 116 3,321 7 34,356 220 227 3,653 7 30,936 198 205
(concrete) 117 2,988 6] 29,782] 191 197 3,557 7| 24,288| 158 163
118 3,917 8 11,100 71 79 4,669 10,788 69 78
119 4,363 9 11,592 T4 83 5,237 11 11,280 72 83
120 4,024 8 11,592 74 82 4,825 10 11,2680 72 82
121 2,135 4 27,072 174 178 2,618 5 22,356 143 148
Tie Rod 3 9 122 1,786 595 small small 595 1,299 433 small small 433
(steel) 123 1,096| 365| small | small 365 774| 258 | small | small 258
124 901 300 small small 300 719 240 small small 240
125 871 280 small small 290 794 265 small small 265
126 1,058 353 small small 353 687 229 small small 229
Note: (1)} P = Sum of absolute values of peak axial loads obtained from horizontal and vertical
response analyses.
{(2) z”max = Sum of absolute values of peak bending moments cbtained from horizontal and

vertical response analyses.

this sum is maximum.

Values shown correspond to element location where
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judged to be unwarranted in view of the approximations involved

in the use of separate horizontal and vertical response analyses
in the first place. In view of this, the upper bound normal
stresses shown in Table 5-10 are considered satisfactory for
purposes of assessing the integrity of the structure under the
applied seismic excitations. These results show that the upper
bound structure stresses are generally quite small when compared
with anticipated design levels, although those in the unreinforced
concrete apron are probably sufficient to have caused some cracking.
Table 5-10 alsc shows that the structure stresses are generally
similar for the Case 1 and Case 2 soil conditions, except for the
tie rod where the increased stiffness in the Case 2 upper soil
layers causes a reduced normal stress in the tie rod relative

to Case 1.*

5.7 SUMMARY OF RESULTS

In this chapter, a dynamic analysis of an actual sheet-pile
bulkhead that was shaken severely during the 1978 Miyagi-Ken-Oki
earthquake was carried out in order to illustrate the use of such
analyses during the seismic design of port and harbor facilities.
Results of this analysis showed that

° The calculations indicate that the site of this sheet-
pile bulkhead is susceptible to porewater pressure
effects. These effects, together with possible
earthquake-induced settlement of the unsaturated lcose
fill above the water table, provide a plausible expla-
nation for the observed damage to this structure from
the earthquake~-settlement and cracking of the apron.

*
See comments in Section 5.6.1 regarding comparisons of the Case 1
and Case 2 response characteristics.



R-8122-5395

Upper bound estimates of the earthquake-induced internal
stresses in the structure'(in the absence of porewater
pressure effects) indicate these structure stresses to
be very low when compared to anticipated design values,
although the stresses in the apron are probably suffi-
cient to have caused some cracking.

Deep compaction solil improvement techniques, as repre-
sented in this analysis, substantially enhance the
resistance of the upper portion of this site to pore-
water pressure buildup and liquefaction. This trend is
in line with prior observations in Japan of the effects
of soil improvement on the behavior of sand deposits
during earthquakes.

For these particular site conditions and seismic excita-
tions, the dynamic analysis results produce lateral
pressure distributions along the sheet-pile/soil inter-
face that are markedly different from the pseudostatic
pressure distributions computed from the Mononobe-Okabe
equation and commonly used for design.

Comparisons of the two-dimensional soil/structure

system response with the one-dimensional free-field
response showed that the peak shear stress in the near-
surface regions of the soil backfill were affected by
the topography of the site (and probably to a smaller
degree by soil/structure interaction for this particular
system). These effects on the soil/structure system
response spectra and on the shear stresses in the deeper

soil layers were much smaller.
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