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ABSTRACT

This is the second EERC report summarlz1ng the progress of con

tinuing research on "The Seismic Resistant Design of R/C Coupled

Structural Walls" at the University of Californ-ia, Berkeley. The

first progress report of this research program, UCB/EERC-8l/07,
contained the background information, objectives, and scope of the

complete program. The present report documents the analytical inves
tigations carried out within the integrated analytical and experi
mental research program, incorporating a number of observations and

conclusions of the experimental phase of the research program as
required to modify, assess, or contradict the analytical results.

The analytical efforts to simulate the seismic responses of a

15-story, R/C frame-wall/coupled wall building structure, in conjunc
tion with important observations of the experimental studies on a

l/3-scale, 4-1/2-story subassemblage model of the lower floors of
one coupled wall systems of this building, were used to: (1) Assess

the state of the art in the analytical seismic response simulation

of R/C frame-wall/coupled wall structural systems, and (2) Assess

the state of the practice (code) in guiding the designer to achieve

an optimum seismic design of these systems.

The conclusions reached after these assessments were: (1) The

state of the art in analytical modeling of R/C for the seismic response
prediction of frame-wall structural systems is inadequate to predict

force and distortion responses, their maxima and distributions within

the structure, within reasonable bounds of confidence. It was pri

~arily the uncertainties in defining the basic input quantities for
the analyses (strength, stiffness, and energy dissipation characteris

tics of RiC components of the structure, mainly wall components) which

led to this conclusion. (2) The state of the practice was not
observed to lead to a design in accordance with the performance cri
teria expected from the design. The shear strength of the coupled

wall system of the structure was assessed to be inadequate at the
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collapse limit state of the structure. This was because of substan

tial flexural overstrength of the coupled wall systems, resulting in

the attraction of shear forces far in excess of the design level at
the collapse limit state, and because of substantial redistributions
of shear from the wall under tension to the wall under compression

in the coupled walls, which overloaded the walls under compression
in shear.

A third progress report on this research project is being pre

pared to document the experimental investigations carried out on
the 1/3-scale, 4-l/2-story subassemblage test specimen.
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I. INTRODUCTION

1.1 General

Coupled shear walls are frequently used in the structural

systems of tall R/C buildings. If properly located and distributed
within the layout of a building structure, and, proper proportion
ing and detailing of their components and of their connection with
the other components of the structural system are attained, coupled
walls can provide the building with desirable response character
istics for all limit states, when subjected to lateral loads in
duced by wind and/or earthquake ground motions [15J.

Coupled wall structural systems have been in use against wind
loading for decades and a significant number of studies have been
carried out regarding their linear behavior. Information on the
inelastic behavior of these structural systems under severe load
ing conditions, however, is limited. The current building code
seismic provisions [54J specify simple loading patterns based on a
fictitious service load level, and do not consider the actual
effects that can be induced by severe earthquake ground motions.

For example, the axial forces originating in the wall compon
ents from overturning effects may exceed significantly the gravity
forces [4J resulting in the occurrence of net tension or high com
pression (above balanced conditions) at the base. The difference
in the axial forces may lead to significant differences in the
flexural and shear stiffnesses and strengths of the coupled walls.
Consequently, the shear force distribution in the coupled walls
would be considerably different from the distributions obtained through
1inear analysiswith codeforces. Another pattern of response particular
to these structural systems is the generally higher distortion
and energy dissipation demands from the coupling beams of these
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structures, compared to frame beams [36J.

As a consequence of the considerably different performances
of coupled wall structures observed during inspection of damages
that occurred during the earthquakes of 1964 Alaska, 1967 Caracas,
1971 San Fernando, and 1972 Managua, a review of the state of the
art and of the practice was conducted at Berkeley in 1973. This
review indicated an urgent need for a better understanding of the
response characteristics of these systems at all the limit states,
particularly at those related to damageability and ultimate levels,
in order to develop better conceptual methods of designing these
systems. Therefore, integrated analytical and experimental re
search on the seismic response of these systems was initiated at
the University of California, Berkeley, in 1971 [11] and these
efforts had accelerated by 1979. This report constitutes a part
of the analytical studies regarding the seismic response of R/C
coupled wall-frame systems for tall buildings.

1.2 Objectives

The main purpose of the study reported herein is to analytic-
ally generate a number of 1inear and nonl inear time-history responses of
a 15-story coupl ed wall-frame bui] ding system ill ustrated in Fig. 1.1 [4J
which was designed according to 1973 UBC provisions, with the fol
lowing specific objectives:

(1) To assess the state of the art in the analytical model
ing of R/C wall/coupled wall-frame systems for the purposes of
inelastic ttme-history analyses,

(2) To carry out a qualitative and quantitative assessment
of the responses of the structure, within the limitations of the
analytical model, to:

(i) Generate data for a quantitative supply vs. demand inves
tiga tion for the sel ected structure and thus assess the code
design provi sions (state of the practice) for this kind of
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structural system, making use of the results of the experimental
study that is being conducted parallel to the analytical studies, in
addition to the analytically generated demands.

(ii) Investigate the prabl em of coupl ed wall-frame interaction
and the soundness of the code provisions regarding the design of the
so-called "dual" wall-frame structural system.

(iii) Generate data for the design of the experimental work
involving quasi-static testing of a 1/3-scale, 4-1/2 story sub
assemblage of one coupled wall system of the selected building.

1.3 Scope

The study reported herein began with a review of past work on

this subject. A brief description of the structural system and
the design of the building is followed by a detailed investigation
of the state of the art in the analytical model ing of RIC frame
wall structural systems.

General purpose linear and nonlinear structural analysis com
puter codes, prepared at U.C. Berkeley [39, 55J, were used to
carry out the linear and nonlinear analyses in this study. The
linear dynamic analyses were modal spectral analyses utilizing
the first three modes of the analytical models that were constructed.
The nonlinear analyses were step-by-step time-history analyses of
the analytical models that were constructed. subjected to the 1940
El Centro and 1971 Pacoima Dam (derived version) base motions.

The results of the time-history analyses are presented and
discussed in detail, and then used to assess the design of the
structure, together with the major findings of the experimental
investigations.

1.4 Review of Past Work

A detailed review of past work regarding the response of R/C
wall/coupled wall-frame systems is given by Aktan and Bertero [4J.
Recent analytical work regarding time-history responses of RIC
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coupled wall-frame structures in particular, includes studies by

Takayanagi and Schnobrich [48J, Takayanagi, Derecho, and Corley [49J,
Saatcioglu, Derecho, and Corely [42J, and Becker and Mueller [9J.

Takayanagi and Schnobrich [48J at the University of Illinois generated

an analytical model for coupled walls. The walls and beams were represented

by line elements. Beams were assumed to form concentrated plastic hinges at

the ends, with a number of preselected hysteresis models. Inelasticity was,
therefore, incorporated at the member level. The stiffness of the wall ele

ments, on the other hand, were obtained by synthesis of strain distributions

along a number of cross sections over which numerical integration was per
formed. The distribution of inelasticity was, therefore, implemented for

the wall elements. Nonlinearities in the shear and axial responses of the
wall sections, as well as axial-flexural and flexural-shear interactions,

were also incorpoated through a number of assumptions on this phenomena
at the cross section level.

Static and dynamic analyses of a number of previously tested wall
specimens led to an assessment of the analytical mode. Subsequent case
studies provided conclusions regarding the effects of hysteretic decay of

the coupling beams on structural response: assumed hysteretic pinching and

strength decay for these beams increased lateral wall displacements by 20

percent and reduced wall shears by 20 percent but did not affect the

maximum wall moments.

Investigations on coupled wall response were carried out at the PCA

Laboratories by Saatcioglu, et a1. [42J and Takayangai, et a1. [49J. In

these studies, a general purpose computer code, DRAIN-2D, developed at the
University of California, Berkeley [39J, was used. A single component beam
element model in DRAIN-2D was modified by these investigators to analytically

simulate different modes of wall response, observed during experiments on

isolated wall tests.
Saatcioglu et al. [42J modified the DRAIN-2D beam element to incorporate

the effect of axial force on the flexural yield level. Although a beam

column element exists in the original version of DRAIN-2D [39J, the hystere
sis associated with this element is not of the degrading stiffness type.
The analytical wall element generated at PCA was thus capable of dissipating

energy through a set of hysteresis rules with stiffness degradation. The
effects of axial force on the pre-yield stiffness, however, were not incor

porated.

Saatcioglu et al. [42J investigated the effects of axial force on the
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flexural yield level of the wall elements by analyzing twice a 20
story coupled wall-frame structure. In both cases the wall elements
were modeled by the degrading stiffness beam element. In one analy
sis, the effect of axial force on the flexural yield level was
neglected. In the second analysis, this effect was incorporated.
The bending moments and shear forces in the wall that was under
compression were substantially increased (as much as 50 percent)
during dynamic response. The wall undergoing tension, on the other
hand, was observed to exhibit moment and shear demands which were
reduced relative to the case where the effect of axial force on
flexural yield was neglected. In these analyses, the frames of
the building were not included in the analytical model.

The reasoning behind implementing the effect of axial force

on flexural yield of the degrading stiffness beam element in
DRAIN-2D, instead of using the existing beam-column element in the
element library of this program, was not explicit, as the beam
column element already incorporates the effect of axial force on
the flexural yield level. An inadequacy of the beam-column ele
ment may have been considered to be the elastic-plastic hysteretic
response of this element which did not incorporate stiffness de
gradation.

Takayanagi et ale [49] at PCA modified the beam element in the

DRAIN-2D code further, this time by incorporating an inelastic
II shear ll spring at each end, in addition to the inelastic flexural
springs. The objective was to incorporate the phenomenon of II shear
yield ll that was defined as a result of the observed behavior during
the tests of isolated walls (32J which were under low levels of
axial stress and with low flexural capacity. The applied force
shear distortion relations indicated a shear yield-like behavior
which accompanied the flexural yield of the test specimens, i.e., the

shear distortions were observed to increase under constant load,
upon the flexural yielding of the wall at shear force levels well
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below the predicted shear capacity of the section [32J.

In one-dimensional finite element models, the magnitude of shear
that may develop in an element depends on the gradient of the moment
along this element, and may significantly exceed the value of shear
that may be existing at the time of initial flexural yielding at
one end of the element. The main objective of study, reported in
Ref. 49, was to study the response of frame-wall structures when the
maximum level of shear force that could develop in the wall was
predetermined by an assigned "yield" shear. For the shear springs,
hysteresis incorporating a pinching effect was postulated.

A 20-story coupled wall-frame structure was selected to investi
gate the effects of "shear yielding," modeled as explained above.
This structure was analytically modeled as consisting of 10 stories,
with a fundamental period of 2.2 seconds, equal to the computed
period of the actual 20-story structure. Analyses of this analytical
model with the EW component of the 1940 El Centro record indicated
that the incorporation of shear yielding decreased maximum base shear
of the wall by only 8 percent, as compared to when no shear yielding
was incorporated. Other response quantities were negligibly affected
by the incorporation of shear yield.

The selected structure, its idealized analytical model, and/or
the ground motion may not have been very suitable to investigate the
critical consequences of the "shear yield" phenomenon. In fact, the
analytical representation of the shear yield mechanism by additional
hinges at the ends of a one-dimensional element has a conceptual
shortcoming, as the actual deformation mechanism is through a "sl iding"
mode rather than a rotational mode. Since the experimentally observed
sliding deformation pattern of the wall cannot be represented by a
one-dimensional line model with plastic hinges at each end, the response
quantities obtained through this model, especially when wall-frame
interaction is significant, should be critically assessed [5J.

A study of the seismic resistant design of prefabricated panel
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construction [9J may also be considered relevant to the response of
RIC coupled walls. In this study the authors modeled horizontal
steel connectors between precast concrete panels as the coupling
girders of a coupled shear wall. Two dimensionless topology indexes
were devised, representing the overall geometry of the system and
the ratio of the coupling stiffness to the wall stiffnesses. A
parametric investigation, varying these indexes as well as other
parameters regarding connector yield strengths, hysteresis and
ground motions, 1ed to a number of conclusions on the optimum des; gn
of these systems. DRAIN-2D [39J was used in these analyses. The
walls were assumed to remain linear, while the connectors were
modeled by the degrading stiffness RIC beam element.

The main conclusion on the selection of connector stiffness
was that this stiffness should be selected "at the threshold of
the insensitive range,1i i.e., when any further increase in this
stiffness does not result in a proportional increase in the over
all system stiffness. A number of conclusions regarding the optimum
coupling strength for maximum hysteretic damping were reached. The
optimum coupling strength was observed to be a function of the
stiffness characteristics of the system. As the walls were assumed
to remain linear, and no frame contribution (and thus frame-wall
interaction)was incorporated, the consequences of the proposed
optimum coupling strength on the inelastic deformation capacity of
actual wall-frame structures were overlooked in this study.

An assessment of the previous efforts on the analytical stimu
lation of RIC coupled wall response indicates that existing analy
tical models for wall elements are all based on one-dimensional
idealizations. A wall element that appears to be more complex
than those already discussed has been developed in Japan I51J.
This element was incorporated in the inelastic analyses of frame
wall structures carried out by Chavez [16J. The model is termed
the parabolic model. The flexural and shear deformations 'are
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considered to be independent of each other. The shear force-shear
distortion relations are directly prescribed for these members.
A tri-linear primary curve and an "origin oriented hysteresis" is
used for these relations. Similarly, a tri-linear primary curve
and degrading stiffness hysteresis are used for the moment-rotation
relations of the plastic hinges at the ends of the member. Concep
tually, the response of this analytical model is observed to coin
cide with the shear-yield phenomenon which was later incorporated
by Takayanagi et al. at PCA [49J.
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2. THE BUILDING

2.1 General

A 15-story office building with 12 ft story height and 180 ft
total height was selected as the subject of this study (Fig. 1.1).
Detailed information about the design of this building is given
elsewhere 14J. while brief information is provided in this section
for completeness.

2.2 Design of the Building

The building was designed twice, once by the provisions of the 1973
1973 USC and once by the 1979 USC [54J. The 1973 UBC design version
was sel ected as the subject of thi s study.

The typical floor system was proportioned with respect to the
serviceability requirements of 1973 USC as a 6 in. two-way slab

system with 24 x 15 in. beams in both directions. The specified
materials were 4000 psi normal weight concrete and grade 60 rein
forcing steel. Preliminary proportioning of the wall and frame
columns for gravity and lateral forces resulted in column dimensions
of 30 x 30 in .. The wall thicknesses of 12 in. were selected,
based on the minimum thickness requirements of 1973 USC, for stabil
ity.

The frame columns were provided with 2 percent reinforcement
and the frame beams were provided with 0.6 percent top and bottom
reinforcement. In designing the frames, demands arising from 25
percent of the design lateral loading (1973 UBC) for the building,
or, demands arising f~~om the analysis of the building incorporating
the interaction between the walls and the frames, or, mlnTmUm rein
forcement requirements as prescribed by the code, were considered.

The wall edge members were detailed with 3.56 percent of main longi
tudinal reinforcement and 1.8 percent volumetric ratio of spiral
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reinforcement as required by the gravity loading and a code prescribed,

factored earthquake base shear of 5.4 percent of the building weight [4J.

The coupling girders of the coupl ed wall systems were propor

tioned by relating these girder dimensions to the overall stiffness

of the coupled wall system [18J. It was observed that girder dimen

sions of 24 x 48 in. resulted in an overall coupled wall stiffness

which is flat the threshold of the insensitive range" [9J, i.e.,

any further increase in the girder dimensions did not result in a

proporUonal increase in the overall stiffness. This is illustrated

in Fig. 2.1, where the coupled wall stiffness, k ,is expressed ascw
a percentage of the stiffness of a hypothetical solid wall, ksw'

which does not have the openings of th.e coupl ed wall.

The coupling girders were detailed in three groups, as indicated

in Pig. 1.1, based on the demands of these girders obtained through

1inear analysi's and with the code prescribed loading.

The deta i 1i ng af the frame co1umns, frame beams, wa 11 pa nel s

and edge members, and the coupling girders, are shown in Figs. 2.2

2.5. These reinforcement details were arrived at after considering

a number of possible alternatives [4J. It is observed in these fig

ures that #12 bars are used in some of the coupling girders. A ft12

bar is not manufactured. As the main objective in the design of the

building was to construct a 1/3-scale model after the prototype, the

1112 bars used in the design of the prototype building led to the

use of #4 bars in the model.

The proportioning and reinforcement detailing of the components

of the coupled wall-frame system, as shown in Figs. 2.2-2.5, con-

sti tute a design that sati sfies 1973 UBC. It is not necessarily a "good"
design. Before a design is concluded, the ultimate (damageability and

collapse) 1imit state behavior should be assessed. This is not an

explicit requirement of UBC. In the special case of coupled wall

structures, the axial forces of the wall in the ultimate limit
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state are significantly different that the "design" axial forces
computed from linear analysis with the code prescribed loading.
This difference is considered to be of great importance in the actual
response characteristic of the coupled wall system. The computations
according to code procedure and at the collapse state are shown in
Fig. 2.6.

For the case of the symmetric coupled wall, the axial forces at

the base of the walls due to the lateral force at the collapse state are:

n
I:

i=l
(

2, r
m .+m ,)/Q,

Pl Pl (1)

where "mQ, ," and "mr ," are the plastic moments at the left and rightpl pl

ends of beam "i" at the collapse state and "Q," is the length.

Suppose m t = m r = m for all beams. Similarly, assume that forp p p

all beams m
l
e = mer = me~ which are the code factored design demands.

Then it follows from Fig. 2.6, that based on these assumptions, any
overstrength in the flexural capacity of the beams (i.e., mp/me),

result in an increase in the base axial forces such that

(Np/Ne) = (mp/me). Since the base axial forces contribute a

substantial portion of the system overturning strength, the in
crease in the system overturning capacity would also be substantial.

Another factor which significantly contributes to the lateral
force capacity is the flexural capacity at the base of the wall
under compression. The increase in the axial compression at the
base would be instrumental in an increase in this wall's flexural
capacity until the balanced condition is reached. Consequently,
the overturning moment capacity of system would increase further.
If the shear capacity of the wall system or the resistance of the
soil and foundation system do not possess adequate levels of Qver
strength to compensate for the overstrength in overturning moment
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capacity, the system may be subjected to shear failure or foundation

failure before adequate flexural yielding. Any possible mechanisms
of overstrength in the overturning moment capacity of the system
should, therefore, be accounted for in the shear design of the walls

and the design of the foundation. If the girder flexural capacities
are observed to lead to excessive levels of axial forces in the

walls, the design should be reviewed. Increases in the axial com

pression levels at the base of a wall approaching and exceeding the
balanced conditions, in addition to increasing the possibility of

shear failure or foundation failure, also limit the inelastic rotation

capacity. Increases in axial tension leve"'s on the walls jeopardize
the shear strength of the walls.

The code provisions or design and construction procedures which

were observed to either inadvertantly or deliberately contribute to

significant increases in the flexural strengths of coupling girders

and walls, leading to undesirable levels of wall axial forces and

an overstrength in the system overturning resistance as discussed

above, may be briefly listed as follows:

(1) When stiff girders are selected, the use of linear elastic

analysis in design results in increased demands for flexural capacity,

the consequences of which are undesirable.

(2) The code requirement of the wall system to resist the

total lateral forces of the building lead to increased flexural
demands from walls and thei r coupl i ng gi rders.

(3) The code requirement that edge members be designed to
carryall the vertical stresses of the wall, resul ting from gravity
effects and lateral forces, leads to increased wall flexural ca

pacity.

(4) The increases in the capacities of the materials above
the nominal specified values, due to: (i) the tendency to produce

a concrete strength higher than specified; (ii) further increases

in concrete strength due to confinement; (iii) the generally
higher yield reinforcement as suppl ied, which is particularly the
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case for Grade 60 material; (iv) the earlier and large increase in
strength of the reinforcement due to high rate of strain hardening.
The actual strength was observed to commonly reach twice the specified
nominal yield strength for the material. This phenomenon is not incor
porated in present code flexural design; (v) other inadequacies in the
computational procedures which underestimate or completely neglect
mechanisms of flexural overstrength, such as the extent of the contri
butions of slab concrete and steel to the flexural capacity of the
girders, or the actual extent of redistributions in the structure
which may lead to unanticipated levels of deformation hardening.

Although the state of the practice may not enable the incorpor
ation of all the above mechanisms of flexural overstrength in design,
the more explicit mechanisms of overstrength, (i) through (iv), should
be considered in conjunction with the desirable ultimate limit state
response of the structural system. In order to attain an acceptable
0ptimum) design, the effects of coupling girder stiffness and strength on

all the limit states of response should be assessed. This assessment,
as discussed above, is particularly critical for the ultimate (damage
ability and collapse) state response.

Another aspect to assess is the design of the accompanying
frame system. The frame beams and columns, upon analysis, were
observed to require only minimum reinforcement. The require
ment for the presence of these frilmes by USC, and the effects of
these frames during different 1imit states of re'sponse, requires

investigations. It was one of the specific objectives of this
study to assess the effects of these frames on response.

The design process may be considered complete only after the
additional considerations and assessments di scu$s,ed in thi s
section are carried out and the designer is satisfied with the
outcome, even if the code provisions do not include these additional
considerations and assessments of ul timate 1imit state response ..
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2.3 Evaluation of the Member Cross Sectional Properties

The moment-curvature relationships for the typical cross sec

tions of the walls, all three types of coupling girders, frame
columns and frame beams, shown in Figs. 2.2-2.5, were generated
using the computer code RCCOLA [26J. The moment-curvature relations
were obtained to define the element force-deformation (or moment
rotation)characteristics which are required for inelastic analysis ..

The stress-strain relatiQns that were specified for the rein
forcing steel, confined concrete, and unconfined concrete, to gen

eY'ate the moment curvature responses of the typical member cross
sections. are shown in Fig. 2.7. The same confined concrete char
acteristics were assumed to be valid for all elements. Because the
volumetric ratio of confining reinforcement varied considerably
(between 0.. 8% and 1.8% for the 1east confined beam and the wa 11
edge member, respectively), the use of a unique stress-strain
relationship is a questionable idealization. The slope of the tail
portion of the confined concrete stress~strain diagram should, in
fact, change. The change, however, is not significant after trans
verse rei nforcement percentages of 1 percent [35J. Furthermore,
the effects of such a change on the moment-curvature relations of a
section are not as significant as the effects of a number of other
idealizations that were required in obtaining the moment-curvature
responses, The assumptions regarding the steel stress-strain re
lations, the Bernauilli hypothesis, and the 'value of the spalling
strain for unconfined concrete [3] are among the more important
yariabl es.

Tn generating the moment-curvature relation, for the wall cross
section shown in Fig. 2.3. the assumption regarding the type of con
crete model used for the concrete zone at the interface of the panel

and the core of the edge member may be consequential in the ultimate

curvature, If this zone is modeled as unconfined concrete, spalling
of this material may occur earlier than crushing of the confined
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core of edge member. In the actua1 case, thi s zone has some degree of con

finement; i.e., the concrete in this zone would not exhibit unconfined con

crete characteristics. On the other hand, the presence of very high

shear stress, in conjunction with compression, would result in an

especially adverse stress field for this zone, and may result in a

splitting-crushing of concrete in this zone earlier than the attain

ment of the capacity of the edge member. In fact, this was the

observed failure mode in many of the isolated wall specimens with

real istic 1evel s of axial force and shear [4J.

In this investigation, to the wall panel was assigned the confined

concrete stress-strain characteristics shown in Fig. 2.7. The

moment-curvature responses of the wall section for a number of dif

ferent axial force levels are shown in Fig. 2.8 (a, b, and c). An

axial force-bending moment interaction diagram, shown in Fig. 2.9, is

constructed from such moment-curvature responses, for different strain

1imiting criteria. Al so, the yield moment and 1inear elastic effective yield

fl exural stiffness corresponding to different axial force 1evel s are tabu

lated in Table 2.1. The point on the moment-curvature response cor

responding to an effective yield was picked up to obtain the quanti

ties tabulated under Table 2.1. It is observed that there are sig

nificant differences in the effective flexural stiffnessesat yield.

As the axial force level changes from approximately the balanced

load level to 10 percent of the tensile capacity of the section.

(Fig. 2,8a), i.e., from -8750 kips to ~-1500 kips, the effective

flexural stiffnesschanges 2.4 times from 78 x 109 kip-in2 to

32 x 109 kip-i-n 2 The change in the initial flexural stiffness is

significantly more, as observed from Fig. 2.8(b), It should be

noted that these moment-curvature responses were generated neglect

ing the tensil e strength of concrete" The "effective" fl exura1

sti ffnesses were obta ined as the slope of the secant to the "effect

ive ll yield point, as indicated in Fig" 2,8(a). The changes in the

initial flexural stiffness of the wall cross section when the
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tensile strength of concrete is incorporated (as 0.1 flc' and until

first cracking) can be observed in Fig. 2.8(c) for a number of different

axial load levels. Although the initial uncracked flexural stiffnesses

are altered due to this parameter, the "effective" cracked flexural

stiffenss is not observed to be affected significantly.

As the existing element models in DRAIN-2D recognize only a

unique value of flexural stiffness for the element regardless of the

axial force level, the stiffness corresponding to the gravity load

level (2270 kips, Fig. 2.9). 71.6 x 109 kip_in 2 was selected to

represent the wall elements. The local modeling problems regarding

the structural members will be discussed in later sections.

The moment-curvature responses generated for the coupling

girders are shown in Fig .. 2.10. Zero axial load was assumed in

generating these responses. Consequently, the analytical models

defined for these beams did not incorporate the effects of any

axial force on either stiffness or yield level. In general, fluctu

ating axial force magnitudes of 10 percent of the axial force

capacity in tension or compression may result in considerable dif

ferences in both the flexural stiffness and the yield level. The

main problem in analytical modeling, however, is to incorporate

the effects of changing axial force in beam flexural response in a

realistic manner. As the analytical model did not incorporate such

effects, the level of axial force was considered zero in the moment

curvature generation.

Another consequential assumption regards the effect of slab on

b.eam responses. The contribution of only 42 in. of slab, which is

one-quarter of the clear span of the girder, was considered in gen

erating the moment-curvature responses. The contribution of the

slab steel, however, was completely neglected. In general, the

sl ab steel (which consi sted of two 1ayers of square mesh • .ft5 bars

10. in. O.C.) would influence the moment capacity (as defined in

Fig. 2,10) considerably. An assumption on effective slab width
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is required to incorporate the effect of slab steel. The total width

of slab associated with each girder is 20 ft (Fig. 1 .1). The area of

slab steel directly contributing to the positive moment capacity of

the beam, for this case, would be 15.5 sq. in .. As the amount of

negative moment reinforcement in girder type III (Fig. 2.3) is 10.6

sq. in., the significance of slab steel is obvious. The problem is

to determine the effective width of the slab. If all the steel in

the 42 in. flange (as defined by 1973 UBC), is totally effective,

then the negative moment capacity of the type III girder should in

crease by approximately 30 percent. Neglecting the slab steel is,

therefore, a very consequential assumption. Recent experimental

investigations which are still in progress at the University of

California, Berkeley [20J. indicate that the contributions of slab

concrete and sl ab steel to the fl exura1 stiffness and capacity of

the beam depend on the previous 1oadi ng hi story and ex; sting 1evel

of deformation. At the ultimate limit state response, under ex

treme deformation levels, all the slab steel in the complete width

of the slab were observed to fully contribute to the flexural strength

and deformation hardening of the beam-column-slab system.

The moment-curvature responses for the frame beam are shown in

Fig. 2.11. Some of the moment-curvature responses and the inter

action diagram for the typical frame column are shown in.Fig. 2.12

and 2.13, respectively. The variation of the flexural stiffness

and yield strength with the axial force level is tabulated in

Table 2.2. Local modeling of the girders and beam for nonlinear

analysis was carried out by synthesizing the cross sectional re

sponses obtained for the typical members, as has been discussed

above. Further discussion on local modeling is included in subse

quent sections of this report.
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3. THE ANALYTICAL MODEL

3 .1 General

The ana lytica1 model i ng of rei nforced concrete structures is

not an exact science, Al though the common steps in analytical model

ing for the purposes of "design" analysis are quite establ ished by

building codes (UBC), there is considerable uncertainty in the ana

lytical modeling of reinforced concrete structures for the purposes

of response prediction. The main objective in conducting analysis in the

preliminary design process is to lead to an optimum (serviceable. safe,

and economical) design. As long as this is achieved, the accuracy

in the results of such analysis (distribution of force and distor-

tion along the structure) may not be considered important. Ana-

lytical modeling of reinforced concrete with the objectives of

investigating the reliability of a given design. however, requires

a precise estimation of the demands regarding the main response par

ameters. Therefore, many of the ideal izations which are considered

appropriate in design analysis should be reconsidered in the case

of response prediction for rel iabil ity studies, and the sensitivity

of response to these idealizations should be investigated.

The literature regarding time-history analysis of reinforced concrete

frame-wall structures is sparse~ some of which is reviewed in Sec-

tion 1.4, and the analyists generally concentrate and give details

on the results of analysis rather than on the implications of the

i'CIealizations carried out in the analytical modeling. In this

report. emphasis will be placed upon assessing the limitations of

the analytical model of the structure ~s this is generated. This

will be done in conjunction with discussing possible alternatives

to each ideal ization as the model is generated and, in this manner.

carrying out an assessment of the state of the art regarding analy

tical modeling of RIC for time-history response prediction I5J.
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3.2 Selection of the Computer Code

Several general purpose computer codes are available for the
inelastic analysis of reinforced concreteI2l, 27,40, 44J. These
computer codes incorporate a number of finite elements, different
in topology, and/or in the way nonlinearity is taken into account.
It is possible, therefore, that more than one analytical model of
a structure may be generated and analyzed by the same computer
code. In each case, it is just that particular model and not the
structure that is being analyzed.

In addition to the el ement 1i brary, another consideration of

importance in selecting a computer code is the numerical aspects
of the analytical model which are implemented into the computer
code. Different computer codes may employ different solution
techniques in solving nonlinear equations of motion. Whether the
el ement states are checked and corrected during a certain inte
gration time step or not may have a considerable effect on results,
as well as on the solution time and cost. This, and other aspects
of the numerical schemes that a computer code uti1 izes, which will
be discussed subsequently, should be considered in selecting the
appropriate code.

Exi sting codes were surveyed and DRAIN-2D [39]WlS sel ected as the
basic tool for the analyses. This selection necessitated certain
limitations in the analytical models that could be generated, as
compared to use of more sophisticated models in conjunction with
codes such as ANSRII [29J. This selection necessitated certain
limitations in the analytical models that could be generated. Other
recent codes, such as ANSR II [29J, are capable of analyzing more com
plex and sophisticated analytical models; however, the credibility
of an analytically generated structural response was questionable

given the uncertain effects of the existing force and distortion

state of the structure, characteristics of the ground acceleration,
soil and foundation characteristics, and response characteristics
of reinforced concrete elements and systems. These uncertainties
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cannot be reduced by using more complex, sophisticated analytical

models, but by integrated experimental and analytical research to
generate experimental data and to improve analytical modeling
schemes. This will be elaborated upon in Chapts. 6 and 7.

3.3 Generation of the Analytical Models

The topology of the analytical model generated for the struc~

ture in Fig. 1.1 is presented in Fig. 3.1. A planar idealization
of one-half of the structure was made to arrive at this model.
This and other idealizations that were required to generate the
analytical model are discussed below.

3.3.1 Interactions

3.3.1.1 Planar vs. 3-D Response

Orthogonal interactions were neglected by analyzing a planar

model of the structure subjected to only one lateral ground accel
eration component of the actual 3-D ground shaking. Previous
analytical and experimental research has shown that interactions
between multi-directional flexural effects may result. in signifi

cant differences in the planar response characteristics of RIC

members. particularly when inelastic distortions in the order of
twice the Hyield" di stortion are indicated by planar analysis

12, 6, 38J. These inelastic (as well as elastic) interactions
are neglected by analyzing the planar model.

A further assumption is implicit in the planar analysis regard
ing the axial force histories of the vertical members. Even when
the inelastic multi-directional interactions may be neglected at
low distortion levels, the interactions between the three transla
tional and three rotational ground motion components and the 3-D
nature of the response lead to different axial force time-histories

in the vertical members as compared with that obtained from planar
analysis. The different axial force histories can significantly
affect the stiffness, strength. and deformation capacity of these

members.
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Another phenomenon neglected in the planar analysis is torsion.
Torsion arises due to (i) the rotational nature of the ground motion~and

(ii) eccentricities between the centers of mass and rigidity due to
the layout of the structural and nonstructural members, or, due to the
difference in the responses of the vertical members under tension and
compression, or, accidental torsion, even if none of these sources
for eccentricities may be present. The accidental torsion is recog
nized in design (USC) by specifying a minimum eccentricity (5 percent
of the maximum building dimension) in plan at the level under considera
tion. It is not clear whether such a specification may be adequate in
indirectly incorporating the torsional demands on the members of the
structure arising due to the other sources outlined in (i) and (ii)
which are not incorporated into the design process. In general,
structural torsion increases the demands of all elements, but particu
larly the axial-flexural and shear demands of the vertical members as
well as the diaphragms.

The interactions between the torsional, flexural, and axial
distortions in the inelastic response of RIC members. particularly
open or closed section core members, are compl ex phenomena which are
not clearly understood at present. There are computer codes which
incorporate some of the effects of multi-directional response on the
axial-flexural demands of vertical members and the change in the
axial force history of the corner columns [23J. The inelastic inter
actions between bi-axial moments as well as between axiaL.. flexural
shear and torsional effects, however, are not considered. Conse,..
quently, the additional cost and complexity involved in the usage of
a 3-D model in conjunction with such a computer code was not justi
fied, considering that the idealizations and uncertainties involved
in such analysis would still be extensive.

Another idealization concerning the planar analytical model in
Fiy. 3.1 is the neglection of the vertical component of the ground
excitation. Incorporation of the vertical ground shaking may be
important for certain types of long-span structures, but was not
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considered significant for the building being analyzed.

3.3.1.2 Idealizations Regarding the Interactions in Planar Response

The actual three-dimensional nature of the ground shaking and of the
response of the actual three-dimensional building structure was ideal
ized into planar response through the considerations discussed above.
To arrive at the model shown in Fig. 3.1, one-half of the building
in Fig. 1.1 was considered. The four frames were lumped together
into a single frame, the members of which had four times the strength
and stiffness of the members of a typ; ca1 frame in the structure.
The analytical frame was then cut in half and folded into two, to
reduce the degrees of freedom even further. The folding of these
frames altered the axial force history of the frame columns. How
ever, these members remained linear throughout the analysis, indicat
ing that the altering of the axial force histories of the columns may
not have been consequential in the overall response of the structure.

The diaphragm system was assumed axially infinitely rigid,
resulting in equal horizontal displacements of both walls of the

coupled wall systems as well as the frame joints that were on the
same floor level. This assumption was not necessitated by limita
tions of the computer code which may incorporate finite axial rigidity
of the diaphragm. The assumption \lIaS ma.de due to the lack of informa
tion on the actual axial rigidity values of a beam-slab system and
the correct distribution of this rigidity along the beam-slab system.

Since any assumption on axial diaphragm rigidity is significantly con
sequential in the response~ experimental information is urgently re
quired to improve the state of the art in model ing diaphragm rigidity.

Another assumption that was made to arrive at the analytical
model is regarding the out-of-plane flexural rigidity of the diaphragm
systemo Because of the differences in the deformation characteristics
of the frame and the wall, the wall imposes vertical distortions to
the frame members at the same floor level. The transverse beams and
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the slab system were assumed to have negligible flexural rigidity
in order to disregard these effects of vertical interaction. In
order to study the effects of the horizontal interaction between
the frames and the coupled wall system, analyses were also carried
out on an isolated coupled wall model, shown in Fig. 3.2.

The analytical model of the frame-coupled wall structure in rlg.

3.1, was assigned one lateral degree of freedom for each of the 15
floors, as discussed above. A vertical and rotational degree of free
dom were assigned to each wall and frame joints. The midspans of
the beams of the middle bay of the frames around which the frames
were folded into two were constrained against vertical displacement,
as indicated in Fig. 3.1. The total degrees of freedom of this
model were, therefore, 150, consisting of 15 lateral and 60 vertical
dis-placement and 75 rotational degrees of freedom.

3.3.1.3 Interactions between the Structural and Nonstructural
Components

Another kind of interaction which is significantly consequential
in the response of structures is the interaction between the structur..;
al members and the nonstructut'al components, i.e., the exterior walls,
partitions. and sta irways" The effects of the nonstructura1 compon
ents on response become particularly important as the rigidities of
these components increase [8J. These effects were neglected in the
analytical model.

3,3,,2 lJ~form~tion_~_~aracterjstis:s_o~_the~~~l.~ndt~e Foundation

The effectsof soil and foundation deformations were neglected in model
ing. Foundation rocking and differential settlement, in general, are the
critical components of the soil and foundation deformations. If the founda
tion of each of the wall components can rock and settle independently, then
these effects may increase the coupling girder demands substantially. The
uncertainties involved in the proper model ing of soil, foundation, and their
interaction, usually far exceed those encountered in the modeling of the
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reinforced concrete super structure.

3.3.3 Modeling the Mass Characteristics

As the planar model in Fig. 3.1 represented one-half of the

total lateral force resisting system of the building, only one-half

of the total mass of each floor was lumped at that floor level of

the analytical model. As all joints at floor level were assumed to
have the same lateral displacement (and, therefore, lateral accelera
tion), the distribution of mass within a floor was not important in
the model. Only the translational characteristics of the masses

vlere considered, neglecting the rotary inertias. There are examples

were rna S5 wa slumped at every 0 ther floor to reduce the degrees of

freedom further [42], and it was shown that this may be admissible
in certain cases. A detailed study of the consequences of different

mass modeling schemes on dynamic response is required.

Forty percent of the floor live loads were also included in the

mass computations, assuming these to be reactive. This assumption
on the contribution of the live loads to the reactive mass may be
critical for the cases when live load constitutes a considerable
percentage of the dead loading, which was not the case in the pre~

sent study (total live load considered was less than 10 percent

of the dead load).

The gravity load corresponding to the mass of each floor was

applied to the beam and column nodes as static loading and were

retained during dynamic analyses. In computing the effect of gravity

load on vertical members, tributary areas were used. A more refined

gravity load analysis, considering relative axial and flexural rigidi

ties of the structural members, was not undertaken to obtain a more

precise distribution of gravity load to the vertical members. Such a

relatively precise determination of the gravity load shares by the

wall and column members may be critical for cases in which these
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loads constitute a considerable percentage of the balanced load
level of these members. (For the coupled wall elements in this
study, the gravity loads constituted 25 percent of the balanced
axial load.) A precise gravity load determination is important,
not only for a correct representation of the element axial force
flexure yield states during response, but also for a more realistic
determination of the elements' initial stiffnesses.

3.3.4 Damping Characteristics

Amass proportional viscous damping of 5 percent of the critic
al was assumed in the analyses. Assumptions regarding hysteretic
damping will be discussed in subsequent sections. The assumptions
on hysteretic damping, i.e., the energy dissipated due to the inelas
tic hysteretic response of the structural members, are usually more
consequential on response than any assumptions on the viscous damping.
In other words, the resisting force component of the structure due to
the assumed viscous damping i~ usually considerably less critical than
'I

the component due to the restoring force characteristics (resistance)
of the structure during inelastic earthquake response.

3.3.5 Topological Characteristics of the Elements

One~dimensional geometry was assumed for all structural ele
ments. This is the simplest topological model· that can be used for
the wall members. Usage of 1-0 members (line or stick members) for
the walls. may be a questionable idealization as it is equivalent
to 1umping the distri bution of stress and stra; n over the cross
section, thus expressing the extremely complex stress and strain
distributions over the cross section in terms of force and dis,
torti'Qn resultants at the centroid, and relating the nodal and
interior displacements through the beam shape functions.
Although this procedure is admissible for slender members, it is
a questionable idealization when wall elements have depth and

height dimensions cl oseto each other. The shifting of the wall
neutral axis and the considerably different demands from the
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The coupling girders
through the joint

exterior and the interior edge members and the panel cannot be
incorporated realistically in this model.

Amore representative topological modeling of the walls may be
possible if other computer codes which have nonlinear finite ele
ments suitable for plane-stress states are utilized. On the other
hand, the increased cost involved with such modeling may be prohibi
tive. Furthermore, there is no finite element to the authors l

knowledge that incorporates a sliding mechanism (along cracks) in
addition to cracking, yielding, and crushing, which are all required
for a realistic micro-modeling of the wall panel.

Another possible approach in the topological modeling of walls
is utilizing the "strut analogy,ll i.e., representing the edge mem

bers of the wall by vertical 1-0 elements and the wall panel by
diagonal 1-0 elements. Such modeling is possible by using the
existing 1ibrary of DRAIN-2D [39J and is being contemplated for

future studies,. Extensive correlation of such a model to the
existing test results is required for a successful representation
of the characteristic deformation and failure modes of wall members
observed in experimental studies.

3.3.6 Connections and Joints

All the joi nts were assumed to be ri gi d,
were assumed to have rigid end eccentricities
zones at the walls, as shown in Fig, 3,,1.

Experiments indicate that RIC joints may undergo considerable

deformation [l4] and the assumption of "rigid joints and connec·,
tions," (the joint retaining its original angle and all connecting
elements undergoing the same end rotations at the joint) is not
generally correct, Such sources of softening in the structure
may be represented by using deformable connection elements which

are available in the DRAIN-2D library. On the other hand, reli
able quantitative information on the finite stiffness of joints
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did not exist at the time of this study. As any realistic ideali

zation regarding deformations at connections could not be supported
by existing test data, this option in DRAIN-2D was not used.
Recently some experimental data have been obtained and a promising
analytical technique has been formulated to account for the defor
mation at the connection [19J.

3.3.7 Nonlinear Response

3.3.7.1 Geometric Nonlinearities

Geometric nonlinearities are generally simplified in analysis
of buildfng structures into the "beam-column effect" and the "P-t:.
effecL" The beam-column effect which is the "effect of axial force
on flexural stiffness ll may be incorporated in DRAIN~2D analysis in
an idealized lflanner, utilizing a truss bar geometric stiffness to
modify the flexural stiffness of the column elements. The P-L'.
effect, however, is not considered. Recent general purpose non
linear analysis codes like ANSR II [29J incorporate both of these
effects. For the frame-coup'led wall structure, the inclusion of
either of these effects was not observed to be important after check
ing the maximum displacements and drifts in conjunction with the
axial forces of the members.

3.3.7.2 Material Nonlinearities

In nonl inear analysis, material nonl inearities and hysteresis
may be introduced at the material [2J. cross section [45, 48J. or
the element level I17, 22, 33J. Introducing material nonlinearities
at the element level enables time-history analyses of complete
structures at an affordable cost. The main limitation of this
technique, however, is that the plasticity of the members are
lumped at concentrated plastic hinges which are assumed to occur
at the ends of the members. In the actual 'response of reinforced
concrete elements, the propagation of yi el d and the distri bution
of plastic distortion over a length of the element are important
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characteristics. Introducing nonlinearity and hysteresis at
the cross section level may have the advantage of incorporating
these characteristics in the analytical model [45J.

The el ement 1i brary of DRAIN··2D contai ns a beam-col umn and a

beam element which were used to represent the walls/columns and

the coupling girders/frame beams of the structure, respectively.
These elements are discussed in the following.

1. The Beam-Column Element

The beam-column element in DRAIN-2D was used to represent the

walls and the frame columns of the structure. The element is two··

component, i.e., analytically it is assumed to consist of two paral

lel elements, one of vvhich is linearly elastic with a constant

stiffness equal to the deformation hardening stiffness that is

assigned to the element. The second component develops perfectly

plastic hinges at either end,* when an axial-flexural yield inter
action curve indicates a state of yield. The required input data

for the element consists of the axial force-flexure yield inter
action curve, the deformation hardening stiffness and the flexural,

shear, and axial stiffnessesof the cross section. These input

quantities for a typical wall and frame column element are indi
cated in Fig. 3,3. These quantities were determined through a
synthesis of the cross sectional analysis results given in Chapt. 2.

The element model incorporates constant linear elastic cross sec

tional stiffnesses (flexural, axial, and shear), in conjunction
with a bi-linear, force-deformation elastic hardening plastic

hysteresis, The flexural, axial, and shear stiffnesses as well

* The element actually develops mechanical hinges, i.e., hinges

vJith zero flexural capacity, while the plastic moment capacity is

assigned as end forces to the element,
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as the strain hardening slope synthesized* from the moment-curvature

response correspondi ng to a "representative" axial force 1evel shoul d

be taken as a basis for these inputs. These quantities should then

be modified to represent the member force-deformation characteristics

which incorporate a number of effects not considered in moment

curvature computations, the most significant being the bond slip and

discrete cracking.

The main idealizations that require consideration regarding

the beam-column element may be listed as:

(1) Force-deformation is bi-l inear. Incorporation of a tri

linear force-deformation relation may be consequential on response

history.

(2) Hysteresis is elastic-hardening plastic without: degradation.

Rei nforced concrete elements generally d i 55 i pate 1ess energy than is

defined by such hysteresis. If the energy dissipated through the

wall plastic hinges consists of a significant percentage of the

total energy dissipated by the structure, this ideal ization may

lead to errors in the dynamic response quantities and history,

(3) The effect of axial force on flexural stiffness prior to

yielding is not incorporated. This is a significantly consequential

idealization. regarding the distribution of shears and moments of

* The axial, shear, and flexural stiffnesses that are determined

from cross sectional analyses (moment-curvature responses), are

used to derive element stiffness relations by the computer code, assum

ing that these stiffnesses are representative for all the cross sections

of the element. As it is not possible to define unique cross sectional

stiffnesses over the length of a reinforced concrete element under a

distribution of axial , shear, and flexure, "equivalent" stiffnesses

should be used to represent the stiffness of the elements. These ele

ments were assumed to have been subjected to internal force levels

inducing flexural cracking.
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the two walls and, therefore, leads to errors in coupled wall

response.

(4) The shear deformations were incorporated through a linear

cross sectional shear stiffness. The relative contributions of shear

and flexural deformations were then predetermined by virtue of the

mechanics of the l-D element, i.e., by the relative contributions

of the "EI" and "GAil terms in the element elastic stiffness expres

sions.

After flexural yielding occurs, the relative contribution of

shear deformations to overall deformations of the ana lytica1 el ement

becomes even less, as the linear (elastic) shear deformation terms

become considerably less significant with respect to inelastic flex

ural deformation terms. This is an important shortcoming of the

analytical element in representing the response pattern of walls.

When shear walls are used efficiently, usually the unit nominal

shear stress, is high, and the shear deformations are already impor

tant in the linear phase, and its significance increases tn the

post flexural yielding phase. If shear is high when flexural

yielding starts, then a sliding shear deformation mechanism can

develop before significant inelastic deformations due flexural

yielding may occur [24,52, 53J. The wall slides over horizontal

planeswith deformation characteristics completely different from

the deformation pattern of a cantilever hinged at the base, which

i~ falsely implied by the analytical model.

(5) Axial force-axial distortion terms remain elastic. As

studies indicate [48J, a strong coupling between axial and flexural,

as well as shear responses, exists in the case of coupled walls,

and this can affect the assumed axial force-axial deformations.

2. The Beam Element

The beam element in DRAIN-2D was utilized to represent the

coupling girders and frame beams of the structure. This is a
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single-component element consisting of a linear element with a point
hinge at each end with elastic plastic moment-rotation responses.
These hinges are assumed to have hysteresis characteristics based
on those defined by the Takeda model I50J. The hysteresis that is
modeled by the element is thus stiffness degrading,

The required input for the element consists of the stiffness
and yield strengths of the hinges at each end, the deformation
hardening stiffness for these hinges, and the flexural, shear, and
axial rigidities of the linear elastic portion of the member. Thes.e
quantities are shown in Fig. 3.4, and were derived from the cross
sectional analysis results given in ChapL 2. The axial stiffnesses
were not used in the analyses as the axial distortions of the beams
were neglected by virtue of the axially infinitely rigid diaphragm
as'sumption.

In preparing the input data, assumptinns regarding the effec
tive slab width and slab steel were required, as well as a repre
sentative axial force level to determine the correct yield stren9th,
as discussed in Chapt. 2.

Many of the discussions on the idealizations regarding the
beam-column element are valid for the beam elements as well. Assump
tionsregarding the hysteretic response are particularly important
for the beam elements as a major portion of the energy dissipated
by the structure during response is usually through beam plasticity.
The analytical model does not incorporate the effects of bond and
shear on flexural hysteresis .. Care is required to incorporate the
effect Of bond slip (or concentrated end notations due to bond slip)
in the analytical element by either reducing the flexural stiffness
of the linear portion or by assigning finite pre-yield stiffness to
the end springs in the elastic range rather than assuming these to
be rigid-plastic. In this manner, these springs would not be
ri gi d-pl astic but el asti c-pl asti c. Some rei nforced-concrete
analysis codes incorporate additional end springs to incorporate
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the effects of bond slip [33J.

In conclusion. deriving the correct input for beam axial, flex

ural, and shear rigidities requires a careful assessment of the

possible distributions of these stiffnesses along the member,i.e .•

changes in effective flange width, effective slab steel, height of
neutral axis, amount of tension. and compression reinforcement at

different cross sections should be considered. As the stiffnesses
would also depend on the previous loading history of the cross
sections. assumptions regarding the previous levels and distribu

tions of internal force and distortion before the dynamic response
takes place are also required. It, therefore, appears that the

representation of the stiffness of the complete beam element with

unique values of axial, flexural, and shear stiffnessesis an Qver
simpl ification of the actual case where these properties vary along
the length of the beam. A real istic estimation of the previous

maximum levels of internal force and disto·rtion are especially

critical to assess the possible contribution of bond slip to the

end rotations. If the beams are assumed to have yielded, then the

contribution of bond-slip to the total end rotation should be con~

siderably more critical [19J than the contributions of the other

factors and this should be incorporated into the input.

3.3.7.3 Effects of Strain Rate

An implicit idealization regarding the effects of strain rate

on the material stress-strain characteristics is made in estab
lishing the inputs for the beam-column and the beam elements by

considering the static properties of the materials. It is thus
being assumed that the velocity of deformations would not affect

the assumed force-.deformation properti es for the structural

elements. It has been shown that the strain rate may affect the

stress-strain characteristics and strength of concrete consi~erably

[13J. The effects of this parameter on the response of reinforcing

steel, however, are not as significant [46J.

33



3.3.8 Numerical Aspects of the f10del

The general formulation and solution schemes for the nonlinear
equations of motion are considered in this context. Differences in
available computer codes are observed regarding:

(1) The state determination, i.e., determination of the changes
in the restoring and damping forces of the structure. and the imple
mentation of these changes during the integration of the equations
of motion.

(2) The numerical integration scheme for the equations of
motion.

(3) Corrective measures to minimize the accumulation of errors
due to the state determination and numerical interpretation schemes
that are utilized.

Available schemes for state determination and the corrective
measures that are devised for different schemes are summarized by
Zienkiewicz [56J. These schemes, mostly developed in conjunction
with the general finite element theory, are adapted by computer code
developers in general purpose nonlinear structural analysis codes.

The commonly used scheme for the numerical integration of the
equations of motion is the one developed by Newmark [30J. Versions
of this scheme, generally differing on the variation of acceleration
within an integration step, are utilized in the structural analysis
programs. In selecting DRAIN-2D as the code to be used in the analyses,
the numerical aspects of the model that are built-in into this code are
automatically accepted. The only parameter that the user may control
in DRAIN-2D is the time step. No iterations are carried out on the
element states during or subsequent to a time step, resulting in
an equilibrium imbalance arising from nonlinearities in the structure.
These imbalances are applied as residual forces to the structure dur
ing the next time step to eliminate the accumulation of the error.
For the integration scheme, the acceleration was assumed to remain
constant during the time step.
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More recent codes such as ANSR II [29J enable a higher degree of

user control on the numerical aspects of the model. In the case of
ANSR II, the user may specify the parameters of the Newmarks' method
[30J, thus having a direct control over the assumed distribution of
acceleration within the time step. Furthermore, the type of itera
tion, state determination, stiffness reformation and convergence

criteria are specified by the user. These options give more freedom
to the user at a certain cost. Cost was one of the important factors
in the choice of DRAIN-2D as the analysis code, as, the simplicity
in its solution processes is the main reason that DRAIN-2D is rela
tively affordable for extensive time-history analysis of complex
structures.

Linear analyses were carried out to obtain the elastic response
characteristics of the structure to form a basis for the selection of
an appropriate time step for the analyses. These analyses are out
lined in Chapt. 4. The first three periods of the linear frame-wall

model were obtained as 0.99 sec., 0.28 sec., and 0.13 sec respectively.
For the analytical model of only the coupled wall in Fig. 3.2. these
periods were 1.20 sec., 0.32 sec., and 0.15 sec., respectively. A
time step of 0.02 sec. was then chosen based on: (1) the significant
modal periods, (2) the possible interactions between the numerical
idealizations and the response nonlinearities, and (3) the cost of
analyses.

By choosing the time step of 0.02 sec., which is -15 percent of
the third period of the analytical model, it is acknowledged that some
of the response characteristics which are influenced by the third and
higher modes may not have been incorporated in the analyses. Also,
the errors arising from equilibrium imbalances may have been signifi
cant enough to have affected the post-yield responses. Short trial
analyses with a time step of 0.01 sec. indicated little change in the

displacement and force responses as compared to those obtained with
the 0.02 sec. time step. Hence, the 0.02 sec. time step was selected.
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4. LINEAR DYNAMIC ANALYSES OF THE BUILDING

4.1 General

Linear spectral analyses of the structure were carried out using

the computer code TABS [55J. The objectives of these analyses were:

(1) Study the linear dynamic characteristics of the analytical

models of the building. (These models are shown in Figs. 3.1 and 3.2
and their development was discussed in the previous chapter.)

(2) Compare the code design (UBC-73) demands to the linear response

demands arising from the ground motions that were considered (1940 E1

Centro, NS, and 1971 Pacoima Dam, S16E, Derived version).

(3) Investigate the effects of frame-wall interaction on the

linear response characteristics of the structure.

4.2 Linear Dynamic Characteristics of the Structure

Lateral displacement profiles, mode shapes for the first three

modes and the corresponding periods of the two models of the structure

are given in Fig. 4.1. Cracked transformed cross sectional properties

were defined for the member properties to obtain the displacements,

mode shapes, and periods. In each model, one-half of the mass of each

floor level was lumped at that floor level, as explained in Sec. 3.3.3.
The same mass was th~s assigned at the corresponding levels of the

two models shown in Figs. 3.1 and 3.2. The 1973 UBC earthquake loads

(Table 4.1) were applied to obtain the lateral displacement character

istics of the coupled wall-frame and the isolated coupled wall models.

The lateral displacement profiles of the two models shown in Fig.
4.1 indicate that the frames contribute to the average lateral stiffness

of the structure in the order of 40 percent as the deflections of the

isolated coupled wall model at the 8th and 15th floors are 1.44 and 1.47

times the deflections of the frame-coupled wall model at these floor

levels, respectively. Furthermore, from the periods of the first mode
corresponding to the two models, i.e., 1.20 vs. 0.99 sec., frame-wall
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stiffness is 1.47 times the isolated wall stiffnesses. The effects of

the frames on the mode shapes of the building are not significant, as
indicated from Fig. 4.1. The periods, however, are altered in propor
tion to the square root of the ratio of the stiffnesses. The first
three periods of the isolated coupled wall model are 21%, 14%, and 15%
larger than the corresponding periods of the frame-coupled wall model.
These periods are shown in Fig. 4.1.

4.3 Results of Analyses

The two models of the structure were analyzed by the modal spectral
analysis option of TABS [55J. The linear acceleration spectra (with 5%
damping) of the 1940 El Centro (NS) [47J and the 1971 Pacoima Dam (S16E,
Derived) [41J ground acceleration records were used in the analyses.
These acceleration spectra are shown in Fig. 4.2. Significant differ
ences between the demands of the two ground motions are observed from
these acceleration spectra for fundamental periods in the vicinity of
0.40 and 1.0 seconds.

The base shear and overturning moment demands from the coupled

wall and frame are tabulated in Table 4.2, for the code (1973 UBC)
specified "E" loading and the two ground motions. A significant
increase (about 4 times for El Centro and approximately 12 times for
the Derived Pacoima Dam motions) in the base flexural demands is
observed in the case of spectral analysis as compared to the code
demands, even after adjusting the "E" load demands by 1.4, thus incor
porating the load factor of 1973 UBC for wall flexural design. Other
observations made from this table are: The wall base shear and over
turning moments were reduced when the frames were included for static
(1973 UBC) analysis, and the DPD dynamic analysis, but they were
increased for the El Centro analysis. The ground motion is, there
fore, a significant variable in defining the effects of wall-frame
interaction on the base shear and overturning moment demands. The
frame base shears (for four frames, one-half of the building),were

18 percent of the base shear demands of one set of coupled walls
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for all the static and dynamic analyses, as observed from Table 4.2

[i.e., (4 x 30)/656 = 0.18J.

The distribution of story shears along the height of the building,

corresponding to one-half of the building, are shown in Figs. 4.3-4.5
for the static and dynamic (SRSS) analyses. The portion of the story
shears resisted by the four frames of one-half of the building are
also indicated in Figs. 4.3-4.5. It is observed that the contribution
of the frames to the total story shear changes along the height of
the structure as a result of the interaction. A SRSS analysis of only
the first three modes of the structure was used to obtain these dynamic
story shear distributions. These distributions, therefore, actually
represent the envelope of the shear at each story; and the probability

of occurrence of these envelope values at the same time is usually
low. These distributions, however, were assumed to be probable in
computing the moment to shear ratios at the base of the coupled wall
when the frames were and were not included in the analyses. In each
case of the static and dynamic analyses, the moment to shear ratio
at the base of the coupled wall decreased (by~15%) when the frames
were included in the analysis. The distribution of frame shears for just
one of the frames, during the static and dynamic responses of the coupled
wall-frame model, are shown in Fig. 4.6.

The main observations from the linear analysis results may be
listed as: (1) The inclusion of the frames in the analytical model of
the building may increase the maximum dynamic base shear, depending on the
ground motion; (2) The moment to shear ratio at the base of the coupled wall
system decreases when the frames are considered in analysis. It is, there
fore, concluded that static analysis of only the coupled wall system of the
building for the purposes of design of the wall, as according to UBC, does
not, in reality, result in a safer design of the wall system as compared
to a design based on dynamic analysis where the wall-frame interaction is
included in the analytical model. Although the UBC requires that a static
analysis of walls and frames acting together should be considered as well,
this situation leads to a lower base shear for the walls and does not
govern the design of the lower floors of the walls.
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The linear analyses were useful in showing that the structure,

designed for the 1973 UBC code demands, would be subjected to base
overturning moment demands approximately four and twelve times higher
in the case of the El Centro and Pacoima ground motions. Depending

on the overstrength provided to the structure, it may not require

extensive inelastic energy dissipation to survive the El Centro

ground motion. Extensive inelasticity should be anticipated, however,

in the case of the Pacoima ground motion.
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5. INELASTIC TIME-HISTORY ANALYSES OF THE BUILDING

5.1 General, Objectives and Scope

The general purpose nonlinear plane frame analysis code DRAIN-2D
[39J was used to carry out time-history analyses of the building
explained in Chapt. 2. The two analytical models of the building,
developed in Chapt. 3 and shown in Figs. 3.1 and 3.2, were indiv
idually subjected to the El Centro [47J and Pacoima [41J ground
acceleration records (Fig. 5.1). The analyses were conducted with
the main objectives given in Sect. 1.2, some of which are now
reviewed in greater detail:

(1) Assess the state of the art in analytical modeling of RIC

buildings for the purpose of time-history analysis for response pre
diction. This was a major objective of the analyses. Inelastic
time-history analyses of RIC buildings have been carried out both
by researchers and professional engineers using general purpose

inelastic analysis codes prepared for this reason [21, 27,40, 44J.
In certain cases the results of such analyses may have been inter
preted and applied without adequate scrutiny and assessment of the
uncertainties in modeling. It was, therefore, intended to carry
out an especially critical review of the state of the art in analy
tical earthquake response simulation of reinforced concrete build
ings with walls. This objective was considered in discussing and
developing the analytical models in Chapt. 3. The results of the
analyses will be interpreted with this same major objective.

(2) Investigate analytically the supply vs. demand relations
for different limit states of response. This objective was selected
as a means of assessing the soundness of code provisions that led
to the present design of the building. The design philosophy of
the code (UBC) specifies considerations of the serviceability,

damageability and collapse limit states of response. Although the
code demands corresponding to each of the different limit states
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are not explicitly defined, the demand associated with the design

lateral force, incorporating the appropriate load factors and the

capacity reduction factors, as well as the applicable minimum require
ments and reinforcement detailing provisions, is acknowledged to

represent the beginning of the damageability demand at ultimate

level. Quantitatively, this demand would be considerably higher
than just the factored design lateral force, due to a large number

of factors leading to different overstrenghts of elements in axial
flexural, shear, and torsion responses, which will be discussed later.

The collapse limit state demand, according to the code, is implic

itly characterized by flexural inelastic distortion levels four to six

times that of the flexural distortions at yielding [43J. The design pro
visions, and particularly the detailing requirements, are assumed to

safeguard against shear failure until these inelastic flexural dis
tortions may be realized. To be able to quantify the ultimate limit state
demand is considerably more complex than to establish the force levels for
the beginning of the ultimate damageability limit state demand, as it is
related to inelastic distortion rather than member force. Different types
of ground motions, even if they may have similar peak acceleration magni
tudes, may impose different levels of inelastic axial-flexural distor

tion demands and different ratios of axial flexural vs. shear force de

mands on the structural members.
The objective of analytically investigating the supply vs. demand

relations of the building was undertaken together with an effort to de

fine appropriate ground motions which may be considered as representative
for the analyses of damageability and collapse limit state demands in

regions of highest seismicity in North America.

(3) Investigate the effects of the frame-wall interaction at

the damageability and ultimate limit state response levels.

5.2 Ground Motions

The ground motions selected for the analyses were the first
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10 sec. of the SOOE component of the 1940 El Centro ground acceleration

record [47J and the first 10 sec. of the Derived Pacoima Dam Record [41J.
The original S16E component of the Pacoima Dam record recorded during
the 1971 San Fernando earthquake, was taken as a basis to obtain a
derived version in order to represent the rock motion at the base of
the dam. The ground acceleration records used in the analyses are
shown in Fig. 5.1. The linear acceleration response spectra were shown
in Fig. 4.2. The linear responses of the building to these ground motions
were discussed in Chapt. 4.

The two ground acceleration records had peak accelerations only 17
percent different from each other (0.34 9 for the El Centro and 0.4 g
for the Pacoima records). The spectral acceleration demands, however,
are observed to be considerably different from each other, observed
from the spectra in Fig. 4.2, especially for the periods in the vicinity

of 0.4 sec. and 1 sec. The acceleration (seismic force) demands of the
Pacoima motion are observed to be more than twice the El Centro motion
near these periods. These periods approximately correspond to the
first and second periods of the two analytical models of the structure.

These ground acceleration records were selected for the time-history

analyses due to: (1) their different characteristics, i.e., the El Centro
motion is commonly accepted as a "white noise" type [31J while the
Pacoima motion is representative of an "impulsive" type of earthquake,
as observed from the accelerograms in Fig. 5.1. The responses of the

structure, correspondingly, were expected to reflect the different char
acteristics of these motions; (2) Linear analyses carried out using
the acceleration spectra of these records, presented in Chapt. 4, indi
cated that the response of the structure to the El Centro motion may
lead to the beginning of the ultimate damageability level response,
whereas the Pacoima motion should be expected to result in extensive
inelasticity, which may characterize the near collapse limit state
response. As explained in Sect. 5.1, one of the objectives of the analy
ses was to assess the responses at these limit states. Consequently,
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these two ground motions were selected for the analyses without

any scaling.

The duration of the ground acceleration records considered for the
time-history analyses is an important parameter. In general, time
history analysis should be carried out through the total duration of

the recorded ground excitation or until a collapse state for the struc

ture may be realized. Limiting the duration of the analyses to 10 sec.
was an idealization necessitated by the cost. In certain applications,

the initial low-excitation duration of the ground acceleration record

may be cut-off, starting the analysis with the high intensity portion
of the record. This was not attempted as it alters the initial con

ditions of the response at the commencement of the high excitation

duration of the ground acceleration record, which may be consequential
in the computed maximum response quantities. Preliminary analyses

carried out with the 15 sec. durations of the ground motions indicated

that critical response maxima for the El Centro responses and all re
sponse maxima for the Pacoima responses were attained during the first
10 sec. of these excitations; hence, this duration was selected. It

was thus assumed that accumulative inelastic deformations which may
occur after the considered 10 sec. of response may be neglected in
the assessments of the earthquake response of the structure.

5.3 Results of Analysis

5.3.1 Genera1

The analysis code DRAIN-2D permits the retrieval of the following

information: (1) The time-history of all nodal displacement quantities;

(2) The time-history of all member end forces; (3) The time-history of

all member plastic distortions, i.e., plastic hinge rotations; and

(4) The envelopes of the response quantities in 1-3 at selected inter

vals. This data may be retrieved in the form of write-up on paper, mag
netic tape, or both. The user may eliminate the generation of any part
of this output, i.e., the analysis results may be obtained for only some

of the members or, the time-history of any local or global response

quantity may be obtained at less frequent intervals than the time step

used in the analyses.
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As the output phase of a time-history analysis involves consid

erable expenses, an optimization of the retrieved output is usually
worthwhile. For the four analyses carried out in this study, only
selected global displacements and member forces were specified. These
were: (1) The horizontal displacement time-histories of each floor;
(2) The flexure, shear, and axial force time-histories of all the wall
elements; (3) The state of hinging and time-history of plastic rota
tion at the ends of all the elements. In addition, the envelopes of

all the response quantities, i.e., all global displacements, all

local forces and distortions, were obtained every 2 sec.

The time-history data was recorded on a magnetic tape which was

subsequently processed to obtain computer plots. Additional data pro

cessing codes were prepared for reading the magnetic tape and plotting

of the appropriate quantities.

5.3.2 Displacements-Distortions

5.3.2.1 Time-Histories of Lateral Displacements

The relative (to the base) displacement-time histories of the 4th,
10th, and 15th floors of the two models of the building when subjected

to the El Centro and Pacoima ground motions are presented in Figs. 5.2

and 5.3. In each of these figures, the displacement responses of the
coupled wall model and the coupled wall-frame model are compared.

The response histories in Fig. 5.2(a) and (b) indicate that for

the El Centro excitation, higher mode effects are reflected on the dis

placement wave forms. This is not the case for the Pacoima responses
in Fig. 5.3. A possible reason for this could be the different frequency

contents of the two ground acceleration records. The E1 Centro record

may activate the second and third modal responses of the models more

so than the Pacoima record. Another reason for more apparent higher

mode effects in the El Centro responses may be due to a lesser degree

of inelasticity and softening experienced by the structure during the

E1 Centro response as compared to the Pacoima response. An investiga

tion of the level of inelasticity of the structure, which will be
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discussed sUbsequently, revealed that the walls (and columns) remained
linear during the El Centro responses of both models, while most of
the coupling girders and frame beams developed plastic hinges at both
ends. The walls of both models, as well as all coupling girder and
frame beams, developed plastic hinges during the first large displace
ment excursion during the Pacoima excitation.

Comparison of the responses (to the El Centro record) in Fig. 5.2
indicates same maximum top displacements fot the coupled wall, and
coupled wall-frame models (4.98 in.). However, these maximum values
occurred at different times (5.1 and 5.8 seconds) and in opposite di
rections. There are considerable differences in especially the top
responses of the two models, indicating that the increased stiffness
and, therefore, the frequency (due to the inclusion of the frames) of
the coupled wall-frame model, in conjunction with the characteristics
(frequency content and power, spectral coordinates and intensity) of
the ground motion have led to different displacement response charac
teristics of the two models.

Comparison of the responses of the two models to the Pacoima
record (Fig. 5.3) indicates that the response characteristics of
the two models were more similar than in the case of the El Centro
record. The maximum displacements have occurred in the same direction
and at almost the same time. The number of zero crossings during the
high excitation duration (2-10 sec. ) are the same. The main difference
between the responses of the two models appears to be a shifting of
the center of vibration, i.e., a permanent offset displacement, observed
in the case of the coupled-wall-frame model. As this model lacks the in
creased redundancy and energy dissipation capacity provided by the frames, its
response exhibits a higher degree of unrecoverable deformation. Further
more, the frames, when included in the model, resulted in a decrease of
the maximum top displacement.from 18.83 in. to 15.53 in., comparing to
the coupled wall model, isolated from the frames. It appears that the
energy demand of the earthquake was satisfied at a smaller lateral
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displacement when the frames were included as this led to additional

sources of energy dissipation, during the first inelastic excursion.

When the responses of the complete model (i.e., the coupled wall
frame model) to the two ground motions are compared, (Fig. 5.2(b) and

5.3(b)) noting the different displacement scales, significant differ

ences in the displacement response characteristics caused by the two

ground motions are observed. First yielding occurs at 1.94 sec. and

2.68 sec. for the E1 Centro and Pacoima responses, cOI~responding to top

displacements of 2.46 in. and -1.78 in. for the two responses, respec

tively. The yielding locations and sequences will be discussed sub
sequently. The displacement direction is reversed soon after first

yielding, after attaining 3.65 in. of top displacement during the El

Centro response. The displacement at the top of the building had to
increase to -15.53 in. before rev2rsing, however, during the Pacoima

response. The significantly higher inelastic displacement demands (energy
demand) of the Pacoima motion is observed to arise from the main double

large long duration pulse that exists between 2.4 - 3.7 sec. of the accel
erlogram in Fig. 5.1

As discussed in Sect. 5.2, although the peak acceleration of the

Pacoima record is only 18 percent higher than the El Centro record, the

peak structural displacements caused by the Pacoima record is 3.12 times the
corresponding displacement caused by the El Centro record. In conclusion,

the structural response characteristics caused by the two ground motions

are significantly different. This difference reinforces the requirement

that different types of ground motions should be considered, rather than

just one ground motion or only similar types of ground motion, before asses

sing a certain design or arriving at general conclusions regarding seismic
response [12J.
5.3.2.2 Effective Periods

It is possible to estimate "effective" structural periods from
time-histories of displacements by counting the number of zero crossings
during a certain duration. Periods, estimated in this manner, are com

pared to the fundamental periods computed for linear states of the
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models (Chapt. 4) in Table 5.1.

It is observed from this Table that the linear fundamental period
of the coupled wall model elongated from 1.20 sec. to 1.73 sec. (44%)
during the El Centro excitation and to 1.89 sec. (58%) during the
Pacoima excitation. The corresponding increases in the period of
the coupled wall-frame model were 66% and 69%, for the El Centro and

Pacoima excitations, respectively. The period elongations are observed

to be larger for the coupled wall-frame model, i.e., during inelastic
response the effective stiffness contributed by the frames is not as
significant as it is during linear response. The period elongations
in the Pacoima responses are considerably more than in the El Centro

responses, as a consequence of the higher number of inelastic regions

demanded by the Pacoima excitation which were in a state of yield simul
taneously. Also, the effective periods during the earlier phases of

the inelastic response are shorter than when the complete duration
of inelastic response is considered, as shown in Table 5.1. This
table demonstrates that,in general, substantial changes in the linear
periods of a structure, depending on the level of inelasticity as well
as the characteristics of the earthquake accelerogram, should be ex
pected.

5.3.2.3 Displace~ent Profiles and Drifts

The profiles of lateral displacement at times corresponding to

first yielding, maximum base shear, maximum base overturning moment,
and maximum top displacement, are shown for the coupled wall-frame model,
subjected to the E1 Centro and Pacoima ground motions, in Figs. 5.4 and

5.5. It is observed that the displacement profile associated with
maximum base shear is influenced strongly with higher mode shapes.
The displacement profiles associated with maximum overturning moment

or maximum top displacement reflect the first mode shape.

A study of the envelopes of lateral floor displacements for the

two models, caused by the two ground motions, may be carried out from
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Fig. 5.6. The maximum lateral displacement demands of the El Centro

excitation appear to be quite close for the two models along the

height of the building. The top displacement demands of 4.98 in. are

identical. The displacement demands of the Pacoima excitation along

the height of the two models show a decrease of the top displacement

from 18.83 in. to 15.53 in. when the frames are considered.

The displacement envelopes are not as useful as the drifts or

drift indices (drift/story height) in assessing damage induced by a

ground motion. It is possible to consider the drift of a certain

floor relative to the base (total drift) or relative to the previous

floor. The latter is commonly termed as the interstory drift. The
best measure of damage, however, is considered to be the "tangential

interstory drift" [28J obtained by el iminating, from the interstory
drift, the rigid body component caused by the rotations of the struc

tural system at the lower floors. A possible technique of computing
tangential interstory drift is to subtract the interstory drift of the

previous (lower) floor level fro~ the computed interstory drift of the
floor level under consideration. It follows, then, that it is usually

the lower floors of a structure which experience the maximum tangential
interstory drift and, therefore, the maximum level of damage.

The relation of the total, interstory, or tangential drifts to the

actual damage realized by a structural system is not very explicit. The

SEAOC recommendations [43J acknowledge a maximum interstory drift under

the required lateral seismic forces, that for frame-wall structures is
(0.005)0.80=0.0040, where 0.80 is the 11K factor ll used in computing the

required seismic forces of the building. How this index is actually
related to allowable distortions of different types of structural and
nonstructural elements, as well as to the performances of the mechanical

and electrical subsystems of the building, would depend upon the building

and would require further investigations.
It is generally acknowledged that an interstory drift of 0.0025

would represent the allowable wind load distortion limit, and may be

considered as the serviceability limit. The drift value given by the
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SEAOC recommendations, 0.004 for buildings with dual
bracing systems may be considered to reflect an initial damage
ability for nonstructural elements at ultimate state. It is
important to realize, however, that different structural and
nonstructural systems would have different drift limits at which
damage and collapse are undergone. The bottom floor of a coupled
shear wall structure may have brittle shear failure at a drift index
of 0.01 while the corresponding floor of a ductile frame system may
tolerate a drift index of 0.02 without extensive distress. The

limitations of service and damage level drifts will, therefore,
depend on the structural system and the mode of failure of the
system (as affected by the levels of axial-flexural and shear forces).

The maximum interstory and tangential drifts and indices

obtained for the two models of the building subjected to El Centro
and Pacoima ground motions, are tabulated in Table 5.2. It is observed
that in the E1 centro responses of both models, although the maximum
displacements are identical, the maximum interstory drifts of the
two models are different. The coupled wall-frame model has about
10 percent less maximum drift than the coupled wall model.

The maximum interstory and tangential interstory drifts do not
occur at the same levels of the building. The distributions of the
maximum drifts along the elevation of the building obtained for the
coupled wall-frame model subjected to the Pacoima excitation are
shown in Fig. 5.7. The distribution of the drifts during the same
analysis at the times of maximum base overturning moment and maxi
mum top displacement (3.1 and 3.2 sec., respectively) are presented
in Fig. 5.8. It appears that while the interstory drift is larger
at the middle and upper floors of the building, the maximum tangential
interstory drift is larger at the first story.

The maximum interstory drift indices obtained for the El Centro

and Pacoima analyses of the coupled wall-frame model, 0.0028 and 0.009
respectively (Table 5.2), indicate that the Pacoima ground motion in
duced 3.2 times more drift than the. El Centro. Relating these drifts to
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actual damage, however, cannot be readily carried out, as explained
before. In tests of isolated walls, similar in geometry and detail-

ing to the walls of the coupled wall system [24, 52, 53J, the tangential
interstory drift indices corresponding to yielding and failure, under
cyclic load histories, were 0.003 and 0.026, respectively.

5.3.2.4 Distribution of Plastic Hinging during Response

The study of the element states (state of plasticity at the ends
of each element) is useful in assessing the damage experienced by
the structure during the ground excitation. As discussed in Chapt. 3,

the analytical model used in conjunction with DRAIN-2D prescribes loca
tions of concentrated plastic hinging at the ends of each beam or columnl
wall element. In the experimental studies of deep girders, and especi

ally the wall element responses, the cracking of concrete and yielding
of reinforcement as caused by the axial-flexural and shear effects were
observed to spread over the entire length of these elements. It is
observed only for slender members (aid> 3.5) that plasticity may be
confined to a relatively short region that is nevertheless, at least
as wide as the depth of the member. The plastic hinge distributions
obtained from the analyses should, therefore, be interpreted with
caution. Some of the plastic hinge occurrences or reversal of the
direction of the plastic rotation, may be erroneous, depending on the
time step, characteristics of the structure, and characteristics of
the ground motion. A possible source of error in the numerical compu
tation scheme should also be considered, as the correct element
states are not implemented during the computations, as explained in
Chapt. 3.

The distribution of plastic hinges of the coupled wall system at
various time instances during the El Centro excitation of the coupled
wall-frame model are shown in Fig. 5.9. The frame columns
remained linear while only the shorter span frame beams between 6th
and 14th floors developed plastic hinges during this excitation. It
was observed, for the complete duration of the E1 Centro response, that
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the maximum number of coupling girder plastic hinges and their

locations were as indicated for 2.04 sec., Fig. 5.9. The maximum

frame beam plastic rotation was 0.0006 radians as opposed to the maxi

mem coupling girder plastic rotation of 0.0037 radians, which occurred

at the 7th and lOth floors of the building at 5.8 and 2.04 sec. of

response, respectively.

The distribution of plastic hinging during the first major
displacement excursion of the Pacoima response is shown in Fig.

5.10. Following the spreading of plastic hinging over the

coupled wall system from 2.68 sec. to 3.02 sec. of response, -it is

observed that the system is subjected to a monotonically increasing
seismic force (and, therefore, distortion) demands during this time
period. This pattern of response is caused by the first main long

acceleration pulse of this earthquake. This long pulse, which starts

at 2.37 sec., very rapidly reaches a large peak effective acceleration

of 130 in./sec. 2 (0.34g) and then decreases to zero at about 3.02 sec.,

affected the structure similarly in manner to a continuously increasing
monotonic lateral loading.

The distribution of plastic hinging over the complete coupled
wall-frame system at 2.98 and 3.00 sec. of the Pacoima response is

presented in Fig. 5.11. It is observed that the coupled wall system

has developed a sufficient number of plastic hinges to form a mechanism

at 2.98 sec. The stiffness provided by the deformation hardening of

the plastic hinges and the frame columns provide the restoring force
capacity of the structure. The wall under tension is observed to

develop another hinge at the base of the second floor (where the
axial tension is higher than at the first floor, at this time) at
3.00 sec., as indicated in Fig. 5.10. The moment gradient along the
first floor wall member is decreased significantly due to the occur
rence of this last plastic hinge. As a consequence, a major part of

the shear force carried at the base of the wall under tension was

released, as will be observed in the time histories of wall shear

forces presented in next section. The sudden release of the shear
force that is carried by a wall member may occur in reality if the
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wall suddenly breaks and yields in tension throughout its cross sections
or if the wall panel has a brittle compression-shear failure. It is not

realistic, however, that a wall member having a height/width ratio

smaller or equal to 1 and under tension would develop concentrated plas

tic hinges at each end and consequently, suddenly release its shear

force while the seismic shear demands from the structure are still mono

tonously increasing, as indicated by the plastic hinge patterns at 2.98

sec., and 3.00 sec. in Fig. 5.11. This occurrence demonstrates an

extrememly critical limitation of the one-dimensional beam-column

element modeling of a shear wall element. The actual axial-flexural
and shear responses and the interactions between these responses are
significantly more complex for a wall element than may be represented

by the mechanics of a one-dimensional beam-column element when the
height (length or span)/depth (width) ratio of the wall is smaller
or equal to 1.

The maximum coupling girder rotation was observed to be 0.02
radians at 3.26 sec. at the 13th floor (5.4 times the maximum coupling

girder rotation attained during the El Centro response). A maximum

frame beam plastic rotation of 0.0056 radians (at 3.24 sec.) at the

12th floor was recorded. The walls under tension and compression de

veloped base plastic rotations of 0.00175 radians and 0.00124 rijdians
at 3.04 sec., respectively. These plastic distortions indicate that

although the Pacoima ground motion resulted in substantial plastic ro

tation demands from coupling girders and walls, as well as frame beams,
they are lower than what well-detailed girderand wall regions can develop.

5.3.3 Force Responses

5.3.3.1 General

The shear force, axial force, and bending moment responses of the
coupled wall system, obtained from the time-history analyses of the two

models of the building subjected to the E1 Centro and Pacoima ground
motions, are presented in the following sections. The maximum force
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responses and the moment/shear ratios at the base of the coupled wall
system are summarized in Table 5.3.

5.3.3.2 Shear Force Time-Histories

The time-histories of the shear force at the bases and fourth floors
of the walls of the coupled wall system are shown in Figs. 5.12-5.15.
The fourth floor shears were obtained particularly to derive the force
histories to be applied during the experimental investibations of a
4-1/2 story 1/3-scale model subassemblage of the coupled wall system
[4J.

The responses in Figs. 5.12 or Fig. 5.13 indicate that the shear
forces of the two walls of the coupled wall system during the El Centro
excitation were identical. As the walls remained linear during these

responses, and since the analytical model recognizes the same elastic
flexural stiffness for the wall members regardless of the level of
axial force, the shear forces were computed to be identical.

Another observation from Fig. 5.12 and 5.13 regards the ratio of
the fourth floor and the base shears during the response - this ratio
is observed to change, indicating influence of higher modes on the
distribution of shear force along the walls. The double peaks and
high average frequency (higher than the fundamental frequencies) of the
time histories of shear, support this observation. The maximum base
shears of the coupled wall system during the El Centro excitation
were 2414 kips at 4.9 sec. and 2675 kips at 4.8 sec. for the coupled
wall and coupled wall-frame models, respectively, as shown in Table
5.3. The higher stiffness of the coupled wall-frame model is observed
to have resulted in the attraction of a higher maximum base shear of
the coupled wall system.

The time-history of wall shears during the Pacoima responses of
the two models are presented in Figs. 5.14 and 5.15. It is observed
that the fourth floor and base shears are different in both walls, this
is unlike the El Centro responses. During the first response peak at
2.98 sec., as discussed in the previous section, the right wall which
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is subjected to a tensile force does not resist as much shear at the
base as the left wall. The base shears of the walls, during the first
large displacement cycle shown in Figs. 5.2 and 5.3, have approximately
the same period as the displacements. indicating that the seismic shears
exhibited a similar pattern of increase and decrease as the lateral dis
placements, i.e., a first mode shear distribution during the critical
large displacement cycle (between 2.3 and 4.3 sec.).

It was the existance of a severe long duration accel-
eration pulse in the Pacoima ground motion that led to the sub
stantially higher demands than the El Centro motion. The maximum
base shears of the coupled wall system was 3718 kips at 3.0 sec. and

4053 kips at 3.5 sec. for the coupled wall and coupled wall-frame
models· responses, respectively. The stiffer coupled wall-frame model
attracted considerably more shear than the coupled wall model, such
that just the share of the coupled wall model was approximately 10 percent
higher than when the frames were not included in the model. This in
crease was 11 percent for the El Centro excitation. The existance of
the frame system, although it increases the redundancy and stabilizes
the complete structural system, in return increases the dynamic demands
from the coupled wall system. Another effect of the frames is to de
crease the moment to shear ratio at the base of the coupled wall system,

at the time of the maximum shear. This is observed from the last column
in Table 5.3. The moment to shear ratio at the base of the coupled wall
system at the time of maximum base shear decreased from 0.40H to 0.33H

for the El Centro response and from 0.46H to O.30H for the Pacoima
response, when the frames were included in the analytical model. This
effect of the frames will be discussed further in the next section.

5.3.3.3 Distribution of Seismic Shears throughout the Structure

The distribution of seismic shears along the elevation of the

coupled wall system corresponding to the times of maximum base shear
and maximum base overturning moment of the coupled wall system are
presented in Figs. 5.16-5.19. The distributions obtained for the El
Centro analyses are shown in Figs. 5.16 and 5.17, for the coupled wall
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model and the coupled wall-frame model, respectively. Similarly, the
corresponding results from the Pacoima analyses are shown in Figs.
5.18 and 5.19. From these figures, considerable differences between
shear distributions at the time of the maximum base shear and base

overturning moments are observed. These differences are best charac

terized by the ratio of the base shear to the base overturning moment
(designated as a) of a certain seismic force distribution. These a

values are significantly smaller at the times of the maximum base shear
as compared to the times of the maximum overturning moment, regardless

of the model or the ground motion considered. Furthermore, the a values

at the time of maximum base shear decreased when the frames were in

cluded in the analysis, regardless of the ground motion considered in

the analyses.

These observations are significant when the code shear desigh pro

cess of the wall system is considered [4J. First, the flexural and
shear designs of a wall system are carried out using the same lateral

force distribution. In the 1973 UBC, on which the design of the build

ing was based, a load factor of 2.8 is used in shear design, as opposed
to a load factor of 1.4 used in the flexural design. In 1979 UBC, the
load factor to be used in shear was decreased to 2 from 2.8. In the

ATC 3-06 [7J provisions, same load factor is used for both flexural

and shear designs.

Another factor utilized by the codes in design is the strength

reduction factor. A factor of 0.85 in the UBC codes and 0.6 in the

ATC provisions are prescribed for this purpose for the shear design.

The strength reduction factors used in the flexural design of the
walls are not explicit as the edge members of the walls are designed

to carryall axial-flexural demands assuming these to be pure axial
load members. The strength reduction factors in USC and ATC 3-06 for

pure compression are 0.75 or 0.70, depending on whether hoops or

spiral reinforcement is used, respectively. In pure tension, both

USCs and ATC 3-06 prescribe a factor of 0.85.
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One of the basic criteria in the seismic design of reinforced

concrete structures is to avoid premature shear failure before suffic

ient flexural yielding generates adequate energy dissipation. It

should be guaranteed, therefore, that the shear strength of the struc

ture under the combined state of stress induced by axial and flexural

forces exceed the maximum shear that may be demanded during an earth

quake, in conjunction with the axial-flexural capacity provided

to the structure. As an idealization, assuming that the actual
axial-flexural strength provided to a coupled wall system is actually

equal to the nominal strength which is controlled by 1.4 E/¢f (where
E is the total seismic shear, 1.4, the load factor and <P

f
the capacity

reduction factor in axial-flexure), the design shear strength of

the wall should be larger than the shear that can be developed,
which corresponds to a load (1 .4E/¢f)( a

f /a s )' where af and as are

the base overturning moment to shear ratios corresponding to the

times of the maximum base overturning moment and maximum base shear.

If this load condition is satisfied, in designing for shear, the
structure will be able to reach its flexural yield capacity before

its shear capacity, regardless of the distribution of seismic shears

throughout the earthquake.

Assumi ng <Pf to be an average of 0.8, the quantity (1.4 EI <Pf)

(af/as) becomes 3.77E for the El Centro response of the coupled wall
frame system, i.e., the shear capacity of the coupled wall system
should exceed 3.77E in order to guarantee flexural yielding occurring
before shear failure, while the structure is subjected to the El

Centro excitation. The 1973 UBC code required shear strength, as
discussed previously is 3.29E (=2.8E/¢ , where ¢ is the capacity re-s s
duction factor in shear, 0.85). The 1973 UBC required load for esti-
mating the required design shear strength is, therefore, close to
but inadequate to guarantee against shear failure before flexural

yield. The shear strengths required by 1979 UBC or ATC 3-06,

normalized with respect to the same flexural design strength, are
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even less than the shear strength required by the 1973 UBC code.

Considering the Pacoima response of the coupled wall-frame system,
the quantity (1.4E/¢f)(af/as) becomes 6.4E, significantly larger than
3.29E, the load for which shear strength design is required. Thus this
indicates that shear failure at the base before flexural yielding is
a strong possibility during the Pacoima response.

The discussion of whether the walls may undergo shear failure before
flexural yielding and adequate flexural energy dissipation will be repeated
again in a broader context in the next chapter. In reality, neither the
supplied flexural strength nor the available shear strength of a coupled
wall system may be estimated accurately by the code expressions, as
there are aeons iderab1 e number of sources of additional strength

(overstrength) in both flexure and shear. Furthermore, the require-
ment to guarantee against shear failure before yielding may be satis-
fied with different moment to shear ratios, depending on whether the
time of maximum shear is before or after the time of maximum over-
turning moment. All these will be discussed sUbsequently.

The envelopes of the seismic shear demands along the structure,
obtained for the Pacoima and El Centro analyses are shown in Figs.
5.20 and 5.21. Fig. 5.20 presents the maximum shears attained at
each floor of the walls during the analyses of the coupled wall system.
The shear envelopes of the two walls are identical except for the base
and the first floor (second story) envelopes obtained during the
Pacoima responses. The change in the maximum shear responses of the
base and the first floor (second story) is due to the yielding of
the walls at the base and of the wall in tension just above the first
floor.

The shear envelopes of the individual walls and the frame system
of the coupled wall-frame model are presented in Fig. 5.21. The
shear envelopes of the walls are identical for the El Centro responses.
Also, the maximum shear attained by the frame is approximately constant
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over the elevation of the building for the El Centro response. The
shear envelope attained for the Pacoima response indicates different
maxima at the base of the walls. The frame contributions are larger
than the contributions of each wall at the two uppermost floors.
The frame contributions from the second floor up are considerably
uniform, similar to the El Centro response.

5.3.3.4 Axial Force Responses of the Walls
The time-histories of the axial force at the base and fourth

floor of each wall (labeled in the figures as right and left wall),
obtained during the El Centro and Pacoima analyses of the coupled wall
and the coupled wall-frame models, are presented in Fig. 5.22-5.25. From
these figures it can be seen that the change in axial forces at a given
story of the two walls and at any time are equal in magnitude, but op'
posite in sense when the gravity load is considered as the line of ref
erence for the changes in axial force. This is a consequence of the
fact that changes in the wall axial forces with respect to the gravity
loads arise from the changes in the shear forces at the ends of the coup
ling girders, which are equal in magnitude but opposite in sense at the
ends of each girder. Unlike the shear force histories, higher mode effects
do not appear significant in the axial force responses in Figs. 5.22-5.25.

The time of occurrence of the maxima of the tensile and compres
sive axial forces in the wall piers is indicated on the time histories.
Computations showed that these times also corresponded to the time of
the maximum base overturning moment at the base of the structure. The
maximum bending moments at the base of individual walls did not occur
at the same time. The coupling axial forces at the base contributed
more than the wall bending moments to the total overturning moment
resistance at the time of the maximum base overturning moment, for
all the analyses. Consequently, the time of the maximum overturning
moment coincided with the time of the maximum axial forces at the base.

The contributions of coupling forces and wall moments to the
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base overturning moment resistances continuously changes, as expected,

during response. At the time of maximum base overturning moment,
these contributions were 64%, 18%, and 18% for the coupling action
and bending moments of the walls under compression and tension,
respectively, for the El Centro response of the coupled wall frame
system. During the Pacoima response of the same system, these con
tributions were 51%, 30%, and 19%, respectively. As the walls yielded
during the Pacoima excitation, the contributions of the walls under
compression and tension were different. In reality, there should
have been a difference even when the walls did not yield, due to the
effect of axial force on flexural stiffness prior to yielding. This
effect is not incorporated in the analytical model, as explained in
Chapt. 3. It is of interest to note that the maximum wall axial
forces for the coupled wall model is somewhat larger than for the

frame-coupled wall model.

The envelopes of tensile and compressive axial forces in the

walls at each floor level are shown in Figs. 5.26 and 5.27. It is
observed that the wall axial forces at the base were decreased when
the frames were included in the analyses. The maximum decrease was
in the maximum wall tensile force, in the case of Pacoima responses,
which was 10 percent (Fig. 5.27). The decrease caused by the contri
bution of the frames is a considerably advantage in utilizing the
frames in addition to the wall system, as high magnitudes of axial
force in the walls are indications of a number of critical problems,
as expJained in Chapt. 1 and elaborated in the following.

The maximum quantities of compressive and tensile forces observed
at the base of the walls during the El Centro response of the coupled
wall-frame system was 5646 kips and -1090 kips, respectively. These

values were 6267 kips and -1671 kips, respectively, during the Pacoima
response of the same system. The code (1973 UBC) axial force demands
for the factored E loading (1.4E +1.4D+l.4L and 1.4E+0.9D) were4636 kips
and -96 kips, at the base of the wall s in compression and tension, respectively.
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These figures indicate that the El Centro induced compressive force

is 22 percent larger than the code demand while the tensile force
obtained from analysis is 11.4 times larger than the code demand.

The tensile force of -1090 kips, obtained for the El Centro res

ponse, results in a tensile stress of 244 psi, which does not appear
to be sufficiently high to induce cracking for a design nominal

concrete strength of 4000 psi.

The maximum axial forces obtained during the Pacoima response,

6267 kips of compression and -1671 kips of tension, are 1.35 and

16.88 times larger than the factored design loads defined by the

1973 UBC code. The compressive force is 74 percent of the balanced

force of the cross section, which is significantly high and likely

to result in an impairment of the inelastic (plastic) rotation

capacity of the wall at the base. The inelastic rotation demand
at the base of the compression wall at the time of occurrence of

this maximum compressive force is 0.00124 radians.

It should be emphasized that this inelastic rotation is associ

ated with a rigid-plastic point hinge, as explained in Chapt. 3,

and should be interpreted with caution. It is an adequate indica

tion, however, that the Pacoima excitation may require substantial

inelastic end rotations from the wall. Whether the wall may provide

this rotation capacity in conjunction with a compression of 6267 kips,

74 percent of its balanced force capacity is questionable and should

be investigated experimentally. Most of the experimental studies

on walls incorporated significantly smaller levels of axial force

[4J. The moment-curvature responses in Fig. 2.8(a) indicate that

a cross sectional curvature capacity of two to three times the approxi
mate yield curvature are available at similar levels of axial force.

Although it is not possible to relate curvature capacity to rotation
capacity directly, this is sufficient indication that the wall may

not possess the deformation capacity that is required due to the

level of high axial compression.
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The maximum tensile force of -1671 kips, obtained at the base
of the wall under tension during the Pacoima response, is equivalent
to 374 psi tensile stress at the cross section, which, when coupled
with the flexure and shear, should be expected to cause significant
cracking and loss of shear and flexural stiffness of this wall as
compared to the compression wall.

These levels of axial force are a direct consequence. of the flex
ural capacities of the coupling girders. The slab steel, which would
cause an increase in the negative moment capacity, was not included
in these analyses. The axial load levels may have been increased
10-30 percent, depending upon the amount of slab steel considered as
effective.

5.3.3.5 Flexural Responses of the Walls

The wall bending moment time-histories, at the base and fourth
floor level of each wall, obtained during the El Centro and Pacoima
analyses of the coupled wall and coupled wall~frame models, are
shown in Figs. 5.28-5.31. The maximum moments occurring at the
base of the walls are indicated on these figures.

The bending moment responses of each wall during the El Centro
excitation of the coupled wall or coupled wall-frame models are observed
to be identical. In general, a difference in wall bending moments
should have occurred if the effect of axial force on flexural stiff
ness was incorporated in the analyses. Even when this effect is
neglected, different positive and negative moment yield capacities of
the coupling girders would have been expected to cause a difference
in the moment responses of individual walls. As the contribution of
slab steel was neglected, and since the beam positive and negative
moment reinforcements and, therefore, the corresponding flexural
capacities of the coupling girders were very close to each other,
this effect cannot be detected from the moment responses at the fourth
floor level or at the base, in Figs~ 5.28 and 5.29.
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The bending moment responses at the base of the individual wall
piers to the Pacoima excitation are observed to be different, as the
walls yielded at different times and, therefore, flexural stiffnesses
differed from each other. The fourth floor responses, however, remain
similar, i.e., yielding of the wall at the first floor does not
appear to influence the flexural stiffness of the fourth floor. This
does not seem logical, and changes in the fourth floor moment re
sponses of the two walls, due to different moment responses at the
base, would have been expected in Figs. 5.30 and 5.31.

The bending moment envelopes of an invidua1 wall pier obtained
during the analyses are presented in Fig. 5.32. Although the presence
of the frames has not affected the maximum moments at the base of the

wall, their presence is observed to decrease the wall maximum moments
between the third to eleventh floors of the structure. This decrease
is considerable for the Pacoima excitation; the moment envelope of
the eigth floor is reduced by approximately 25 percent when the frames
were considered in the analyses.

The maximum moments observed at the base of the structure during
the Pacoima responses are dependent on the defined flexural capacity,
as the walls yielded during these responses. The maximum bending mo
ment obtained during the El Centro responses is approximately a half
of the maxima obtained for the Pacoima responses. The factored 1973
UBC code flexural demand (1 .40E load demand) at the base of one of the
walls was 268 x 103 kip-in., as opposed to the 490 x 103 kip in., maxi
ma obtained during the E1 Centro responses of the. coupled wall-frame
model.

Hence, the El Centro moment demand is double the factored (1.40E)
code demand. From the point of view of only the moment demand, this
earthquake imposed approximately double the demand considered by the
1973 UBC code which, as discussed previously, could be considered as
the initiation of the damageability at ultimate state demand. However,
the actual provided flexural strength, especially corresponding to
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axial force levels below the balanced force, is generally significantly
higher than the design demand. This will be discussed in the next
chapter, where results of code analysis, linear dynamic analyses, and
time-history inelastic analyses, are compared.

To provide an assessment of both axial and flexural responses at
the bases of the individual walls, the moment-axial force relations
at the bases of walls obtained during the analyses of the coupled wall
frame model, are presented in Figs. 5.33 and 5.34. These figures indi
cate the axial force-moment domains in which the wall cross sections
at the base remained during the excitations. The eccentricity is
observed to be changing continuously. The axial flexural and ~hear

stiffnesses during dynamic response should, therefore, be expected to

be continuously changing and varying between significant limits,
judging from these figures.

Another observation made from Fig. 5.34 regards the force
deformation relations utilized for the elements, i.e., yield is
defined by imposing a mechanical hinge rather than a plastic hinge
and by updating the member force vector to maintain the yield moment
in this vector, for the elastic-plastic component of the two-
component analytical element (DRAIN-2D manual). Consequently, the
axial force-moment pair do not "travel" along the yield surface, as
would be required by the plasticity theory, but are withdrawn back.
into the elastic domain by excitation, i.e., the unloading of the
plastic hinge from the location where they first apprached the
yield surface. It appears then, that if the simulation of the
plasticity of the analytical elements were more realistic. significanty

different post-yield force histories may have been attained for these

members. Analysis codes like ANSR [29J utilize elements for which
force-displacement relations are defined by generalized flow rules.
These codes, hwoever, were not utilized due to their significantly
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higher costs and because they cannot overcome other problems in analy

tical modeling of reinforced concrete which may be more consequential

on the simulated response. These problems were investigated in detail
in Chapt. 3.

5.3.4 Responses of Coupling Girders

The moment-plastic rotation responses of the plastic hinges at the
left and right ends of the fourth floor coupling girder, obtained for

the El Centro response of both the coupled wall and the coupled wall
frame models, are presented in Figs. 5.35 and 5.36, to illustrate the

typical hysteretic responses of the coupling girders. Comparison of

the responses of the left and right plastic hinges indicate [Fig. 5.35(a)

vs. 5.35(b) or Fig. 5.36(a) vs. 5.36{b)J that these are close to being
anti-symmetric, except for the difference (17 percent) in the negative

and positive yield moments defined for this beam. The responses ob

tained for the coupled wall-frame model (Fig. 5.36) indicate moment

rotation histories different from the responses obtained for the

coupled wall model (Fig ..5.35).

The moment-plastic rotation hysteresis relations are pre-defined

in the computer code after the Takeda [50J hysteresis rules. The
relations in Figs. 5.35 and 5.36 should, therefore, be in accordance

with these hysteresis rules. The irregularities and deviations observed

in these figures from the pre-defined hysteresis relations are caused

by numerical errors arising from the magnitude of the time step used
ir. the integration of the equations of motion. Consecutive points,

defining the moment-rotation hystereses, are observed to be spaced too

far apart during certain momentor rotation increments to have the
computed hysteresis relations in perfect accordance with the pre-defined

hysteresis rules.

The moment-plastic rotation relationships of the same beam, obtained
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during the Pacoima response of the coupled wall-frame model, are
presented in Fig. 5.37. Compared to the El Centro responses in Fig. 5.36,
the irregularities due to the numerical errors arising from the inte
gration time step are observed to be less. The magnitudes of the rota
tions attained during the Pacoima response are approximately 600 per
cent of the rotations attained during the El Centro response. This is
demonstrated further in Fig. 5.38 in which the envelopes of maximum
plastic rotations attained for the coupling girders are presented.
It is obs~rved that the presence of frames reduced the maximum rota
tion demands from the coupling girders, especially for the upper
floors of the structure during the Pacoima response. This may be ex
plained not only by the additional sources of energy dissipation pro
vided by the frame beams, which would result in a decrease in the
energy dissipation demands from the coupling girders, but also by the
change in overall lateral deformation caused by the interaction.
Consequently, the maximum plastic rotations of the girders should be
expected to decrease when the frames are included in the analysis,
which is observed to be the case, in Fig. 5.38. The results pre-
sented in Fig. 5.38 indicate that the addition of the frame is of
great benefit in decreasing the large plastic rotation demands from
the coupling girders of the upper stories of just isolated coupled
wall systems which result from the lateral distortion pattern of
this system.

Another observation from this figure is the substantial differ
ence in the maximum plastic rotations attained during the El Centro
and the Pacoima responses. For the coupled wall-frame model, maximum
plastic rotations in the order of 0.02 radians and 0.003 radians are
attained during the Pacoima and El Centro responses, at the twelfth
and seventh floor levels, respectively. Whether the actual girders
would possess plastic rotation capacities in the order of 0.02
radians would depend on the shear stress in conjunction with which
this rotation would occur. The rotation history with which the
maximum rotation is associated should also be considered in assessing
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whether the analytically computed rotations may be supplied by the

beam. The "cumulative rotation index" is, therefore, a useful mea

sure as it is computed by adding all the post-yield rotations (in

both bending directions) attained by the beam at a particular hinge

throughout the response. Such indeces obtained for the coupling
girders are presented in Fig. 5.39. It is observed that the inclu

sionof the frames results in a decrease of the maximum cumulative

rotation index of the coupling girders at the upper floor (12th-15th)

girders during the Pacoima responses. For the coupled wall-frame

model, CRI values in the order of 0.19 were attained at 12th-15th

floors, during the Pacoima excitation. Comparing the maximum ro

tation of 0.02 radians and the cumulative rotation index of 0.19

with the experimental responses of reinforced concrete beams [10,25J,
these flexural distortion demands were observed to be available

only when the nominal shear stress was less than 5 ~.
c

The distribution of the maximum positive and negative bending

moments attained for the coupling girders during the analyses of

the coupled wall-frame model are presented in Fig. 5.40. The coupling

girders were designed in three groups, as explained in Chapt. 2,

based on code demands obtained through linear analysis. The earth
quake response demands are, therefore, regulated by the available

yield capacity and deformation hardening characteristics, as defined

for the analytical model in Chapt. 3. The contribution of the slab
steel was neglected, as explained in Chapt. 3, in defining the coup

ling girder strength and stiffness characteristics.

The maximum shear stress attained by the coupling girders during

the responses of the coupled wall-frame system are shown in Fig. 5.41.

The maximunshear forces and moments obtained for the coupling girders
are also tabulated in Tables 5.4 and 5.5. It is observed from Fig. 5.41

that the maximum shear stress is attained for the 9th floor beam during

the Pacoima response as 5.14 ~, based on a concrete strength of
c

4000 psi. It follows, therefore, that the available coupl ing girder
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flexural distortion capacities may be just adequate under these shear
stresses in the order of 5 /f~ or less, based on previous experi
mental studies on reinforced concrete beams of similar geometry
as well as longitudinal and transverse steel quantity [10, 25J.

An observation from Table 5.4 regards the effects of the frames

on the girder demands. The frames appear to decrease the girder moment
demands slightly (5%) for the Pacoima responses. A slight increase in
the girder demands of 2% is observed in the El Centro responses when
the frames were included in the analysis. Deformation hardening

characteristics defined for these girders were 4% of the elastic stiff
ness, should be expected to cause considerable differences in the
global response, as the strength and stiffness characteristics of the
coupling girders were observed to be the critical parameters affect
ing response in previous studies, as explained in Chapt. 1. Further
analytical studies which would incorporate different inputs for the
coupling girders based on different modeling assumptions should be
carried out to study the sensitivity of the response to these paraln
eters.
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6. EVALUATION OF STRUCTURAL RESPONSE

6.1 General

Evaluation of the structural response was the primary objective
of the inelastic time-history analyses as this also leads to an assess
ment of the soundness of the design provisions used which resulted

in the final proportioning, reinforcement detailing and the choices

for the nominal material strengths of the structural members and

their connections. The selection of the structural system and its
preliminary proportions, as well as the final design process based

on the Uniform Building Colde provisions, as presented in Chapt. 2,

constitute what can be considered the state of the practice in the

design of reinforced concrete coupled wall-frame structures in regions

of high seismic risk in the Western United States. A critical assess

ment of the analytically generated structural response is, therefore,

also an analytical means of assessing this state of the practice,

provided that the limitations of the analytical processes through

which the structural responses are obtained are correctly realized

and incorporated. The best means of assessing the state of the prac

tice, of course, is through comprehensive post-earthquake investi
gations of actual structures and integrated analytical and large-
scale experimental investigations of complete structures. Economic

constraints do not generally enable experimental investigations of

complete structures, in which case, tests of large-scale subassemblages

incorporating critical regions (ex. lower floors) of the structure pro
vide data regarding the state of the practice. The analytical studies

presented in this report are part of such an integrated analytical
and experimental investigation, and the following assessment is to

be complemented by others [34J as more experimental and analytical

data is generated.

6.2 Relations between the Demand vs. Su~Relations

An accepted manner of assessing analytical structural response is
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to compare the force, distortion, and energy dissipation demands
from the individual structural components to the corresponding sup
plies. The maximum values of forces and distortions, as well as the
complete time-histories of these quantities should be considered in
interpreting these demands. In inelastic earthquake responses of
structures, the supplied strengths, deformations, and energy dissi
pation capacities of different structural components and their
connections strongly influence the computed corresponding demands
and their-distributions through the structure. The supplies should
be represented correctly in the analytical model for a realistic
assessment of the demands. It follows, also, that the state of the
art in the analytical response generation of RIC cannot be improved
by just incorporating more sophisticated, finite element models or
plasticity criteria unless the state of the art of estimating the
actual axial-flexural and shear strength, stiffness, and hysteresis
characteristics of reinforced concrete members and their connections
for all the limit states, are also improved.

It should be repeated here that the analytical model used in
the analyses was in essence an axial-flexural model, i.e., the
axial and uniaxial flexural force-distortion relationships of the
member cross sections were derived, based on hypothesized stress
strain properties for steel, confined, and unconfined concrete. These
relationships formed the basis of the input for the force-displacement
relations of the structure, as discussed in Chapt. 3. The correct
shear force-shear distortion relations of the wall cross sections,
as well as the influence of shear on the axial-flexural responses

of these cross sections could not be represented realistically in
the analytical model as discussed in Chapt. 3. This should be
critically considered in assessing the demand vs. supply relations
especially for the shear responses of these members.

6.3 Definition of Supplies

Several steps are involved in the design process of a structure
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which influence its actual strength, stiffness, deformation, and
energy dissipation capacity, i.e., the actual supplies of the struc
ture. These are discussed in the following.

6.3.1 Service Level Demands

The unfactored gravity (0 and L) and the larger of the wind or
earthquake (E) loading defined by the building codes are acknowledged
to constitute the service load level demands from the structure in
the design process. The structure is analyzed under these loads to
arrive at the service level displacements and stresses. Different
building codes prescribe different service level earthquake forces
to the same structure. For example, the service level earthquake
base shear and overturning moment for one coupled wall system of the
building in Fig. 1.1 were 4.5%W and 3.06%WH, respectively, according
to the 1973 USC code, where Wand H designate one-half of the total
dead weight and the total height of the building. The corresponding
quantities prescribed by the 1979 UBC code were 5.85%W and 4.15%WH,
respectively. UBC 1973 or 1979 codes require that the coupled walls
should be capable of resisting all the lateral force regardless of
the presence of the frame system, as well as a minimum torsional
shear force, corresponding to an eccentricity of 5% of the building
maximum plan dimension. These requirements were incorporated in the
computed service level shear and overturning demands.

The ATC 3-06 provisions require 6%Wand 4;3%WH as the base shear and
base overturning moment for one-half of the complete building
(modified for 5% minimum torsional eccentricity) at the first sig
nificant yielding of the structure. The ATC 3-06 provisions do not
require all lateral load to be resisted by the wall systems,
instead, the lateral load is required to be distributed to structural
components with respect to their stiffnesses. In accordance with
this requirement, an elastic analysis of the building in Fig. 1.1

was carried out and resulted in shear and overturninG demands
~

for one coupled wall system of 5%W and 3%WH, respectively. Incorpor-
ating the frames has reduced the base shear to be resisted by the wall
system by 20%, and the overturning moment by 43%. The base

71



overturning moment to shear ratio decreased from O.72H to O.60H.

6.3.2 Ultimate Limit State Demands

The member force and structural displacement and drift demands,
obtained through nominal (elastic) analysis, based on the unfactored
code demands (gravity and lateral loading) are magnified by load/
displacement factors for ultimate limit state design. These demands
are termed as the factored code demands and are assumed to represent
the ultimate limit state force and displacement demands. In reality,
due to the subsequent steps in design that will be discussed, the
actual ultimate strength and the associated displacements of the
structure are generally substantially different. At this design
stage, where the factored code demands are established, the axial
flexural and shear demands are generally considered separately. The
USC and ATC 3-06 shear demands of ductile frame elements are based on the
ultimate flexural capacities, rather than the shear forces obtained
for each member as a result of elastic analysis. This is done in an
attempt to ascertain that the frame members may develop their flexur
al capacities prior to shear failure. Both the axial-flexural and
shear demands of the structural walls, however, are directly based
on the results of elastic analyses carried out by the D, Land E
loadings [4J which does not assure against shear failure before the
flexural capacity is attained.

The UBC provisions prescribe different load factors for the flex
ural and shear ultimate limit state demands, in order to decrease
the chances of premature shear failure of the walls prior to the
attainment of their flexural capacities. ATC3-06, however, does not
distinguish between axial-flexural or shear effects in prescribing
load factors, but modifies significantly the value of the reduction
factor. The ultimate limit state flexural strength requirement of
a cross section according to the 1973 or 1979 UBC is given by either
1.4D + 1.4L + 1.4E or 0.90 + 1.4E, while ATC 3-06 prescribes either
1.20 + lL + 1S + lE or 0.80 + lE for the flexural ultimate strength.
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0, L, E and S stand for the dead, live, earthquake, and snow load

effects, respectively. ATC 3-06 requires the incorporation of
orthogonal effects while there is no such requirement of the 1973 or

1979 USC. The ultimate level shear strength requirement of a wall

cross section is given as either 1.40 + 1.4L + 2.8E or 0.90 + 2.8E
by 1973 USC. The same requirement of 1979 USC is either

1.4D + 1.4L + 2E or 0.90 + 2E. As di scussed earl i er, ATC 3-06 does
not distinguish between the axial-flexural and shear ultimate limit
state demands in specifying load factors.

6.3.3 Capacity Reduction Factors for Computed Ultimate State Demands

The strength of a certain cross section, evaluated with respect to
the provisions of the code, is required by 1973 UBC, 1979 UBC and
ATC 3-06, to be adjusted by a capacity reduction factor which is less
than one. In effect, this is equivalent to amplifying the load fac
tors further, although the adjustment is applied to the computed
ultimate capacities rather than the demands. The capacity reduction

factors prescribed by the 1973 USC or 1979 USC are 0.9 for flexure and
tension, 0.75 for flexure and compression (for spirally reinforced

members), and 0.85 for shear and torsion. The factors prescribed by
ATC 3-06 are similar to the factors prescribed by the UBCs for axial
flexural effects. The capacity reduction factor for shear, however,

is prescribed by 0.6 if the strength of the component is governed by

shear.

Incorporating the capacity reduction factors together with the

load factors, the required ultimate strengths of the coupled wall
system become {0.90 + 1.4E)/0.9 for tensile-flexural, and, {1.40 +

1.4L + 1.4E)/0.75 for compressive-flexural effects, according to
1973 USC or 1979 USC. Corresponding strengths are {0.80 + lE)/0.9
and {l .20 + lL + lS + lE)/O.75, according to the ATC 3-06. For
the shear design of the walls, the required ultimate shear strengths
are (neglecting gravity effects), 2.8E/0.85, 2E/0.85, and E/0.6,
for the 1973 UBC, 1979 UBC and ATC 3-06, respectively. Substituting
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the values of E given in Section 6.3.1 for 1973 USC, 1979 USC, and
ATC 3-06, the required wall ultimate shear strengths (for one set of
coupled walls) become 14.82%W, 13.76%W, and 8.33%W, respectively.
These shear strength demands, in conjunction with the base over
turning moment to shear ratios,* indicate that the 1973 USC require
ments lead to a coupled wall system with the maximum shear strength
demand per unit axial-flexural demand at the base.

This was the reason behind selecting the 1973 USC designed ver
sion of the building as the objective of the analytical and experimental
studies [4J as this version was expected to have the most favorable
ultimate limit state response characteristics, i.e., maximum amount of
flexural deformation and energy dissipation prior to a shear failure.
Certain codes, such as the CEB code in Europe, specify material factors
rather than the capacity reduction factors. The specified nominal
yield strength of steel and the nominal concrete strength are reduced
by different material factors in computing the supplied ultimate
strength of members.

6.3.4 Code Assumptions Regarding Computation of Reinforcement

The assumptions that are made in order to evaluate the axial
flexural and shear strengths supplied by a certain element, in the
process of its design are consequential in the actual capacities that
the member may really attain. For example, supposing that the axial
flexural demands from a RIC frame member, adjusted by the capacity
reduction factors, are given by the force-moment pair Nand M, the
design of member reinforcement will be determined based on the fol
lowing assumptions regarding equilibrium and compatibility of
strains (1973 UBC, Sect. 2610(c)): (1) Plane sections remain plane;

* Base overturning moment to shear ratios were 0.6SH, 0.71H and
0.60H as a result of the 1973 UBC, 1979 UBC and ATC 3-06 prescri bed IIE"

loadings, respectively. For the ATC 3-06 loading, O.60H was obtained
after considering frame wall interaction, as required by these provisions.
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(2) Maximum usable strain at the extreme concrete compression fiber
shall be assumed equal to 0.003; (3) Steel is elastic-perfectly plastic,
maximum steel strength is fy; (4) Tensile strength of concrete shall
be neglected in flexural computations; (5) Assumptions regarding con
crete compressive stress block, as given in Sect. 2610(c).

The actual axial-flexural (N-M) ultimate limit state capacity
of the member, (the reinforcement of which is computed based on the
assumptions (1)-(5) above), will be higher than the flexural ulti-
mate 1imit state N-M strength demands, as a consequence of the assump
tions (1)-(5). As the maximum concrete strain may reach values signifi
cantly higher than 0.003, and as typical reinforcing steel possesses
strain hardening characteristics that will increase the stress above
the yield level in the order of approximately 20-60 percent, the
actual flexural strength would be higher. Furthermore, the actual
yield strength of the steel may be considerably higher than the
nominal value for the yield strength. Also the actual concrete
strength realized is generally considerably higher than the prescribed
nominal design strength. This strength may further increase substan
tially in confined elements, which is a phenomenon not considered in

. code computations.

In addition to the assumptions (1)-(5), other prOV1Slons of the
code regarding the minimum (or maximum) reinforcement percentages may
be applicable in determining the member reinforcement. In such cases
the supplied actual capacities would be higher than the N-M strength
demands.

For axial-flexural design of wall cross sections, the discrepancy
between the required supply and the actual strength based on the rein
forcement computed by the code would be considerably larger than for
beam or column cross sections. As the design provisions (1973 USC,
1979 USC, ATC 3-06) require the bounda~y elements of the walls to be
capable of resisting all the axial-flexural effects on the cross
section as axially loaded members, the computed capacities of the
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cross section do not incorporate the vertical wall steel. Also, the

actual compressive strength of the well-confined core concrete of the
boundary member would be higher than the nominal concrete strength.

Consequently, the actual axial-flexural capacities of a wall section

would be considerably larger than the supplies computed by the code
assumptions.

For the computed shear strength and the actual shear capacity of

a wall (in conjunction with the axial-flexural demands), even greater

discrepancies than axial-flexural supply computations may occur. The
code approach in determining the supplied shear strength is based on
experimental information on the shear response of beams; the total
nominal shear stress v shall be computed by v = Vhud *

u u ~

where d shall be taken equal to 0.8 £w*' Part of the total shear
stress is assumed to be carried by concrete Vc and the rest vu-vc
by the steel vs ' The shear stress Vc carried by concrete is usually

assumed to be 2~ and the rest of the nominal shear stress is
assumed to be resisted by the horizontal wall steel. In reality, the
shear resisting mechanism of walls with confined edge members is sig

nificantly different than those of beams. While itis recognized
that the capacity of the concrete panel to resist shear practically

disappears when this panel is subjected to full reversal of deforma

tion involving significant flexural/yielding, resistance offered by
vertical steel, and particularly by well-confined edge members, can
be very large, larger than the contribution of the panel concrete. As
the code does not incorporate these contributions, the actual shear

capacity of a wall would be substantially different from the code com
puted supply [4J.

Another factor that may cause a discrepancy between computed strength
and actual capacity is the usually larger amount of actual reinforce
ment provided at a cross section in order to provide the computed

* Vu = Shear force; ¢ = capacity reduction factor in shear,

h=thickness of wall 'panel ,d = effective depth, and £w = total depth
of the wall.
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required steel area. The constraints imposed by proper reinforcement

detailing considerations may lead to specifying 10-20 percent larger
flexural steel for a cross section than the computed amount. Trans
verse steel, similarly, may be specified as considerably more than
required by the code [4J.

The values of N considered in conjunction with the estimation of
the flexural capacity and/or the shear capacity, when computed by

code loads and procedures, can be in considerable error, particularly
the N resulting from the shear of the coupling girders. An important
source of discrepancy between the actual flexural strength as opposed

to code computed supply, is the contribution of the slab steel.

Investigations of the actual contribution of slab steel to the response
of beam-column-slab subassemblanges have been in progress in Berkeley
[20J. As the code supply computations for the coupling beam flexural

strength do not incorporate slab steel, the actual (negative) moment
capacity of a beam may be considerably larger than the code based com
putations imply and, therefore, the beam shear and consequently the
axial force N in the wall, can be miscalculated.

6.3.5 The Effect of Redistributions on the Actual Supplies of a
Structure

In addition to the sources discussed in Sect. 6.3.4, another

main reason that the actual supplies of a structure may be considerably
different from the supplies based on the code computations, is the
method of analysis generally followed in the design. All U.S. codes
at present require only nominal elastic analysis as a basis for design.
The slenderness effects in compression members may be incorporated by

approximate procedures. Material nonlinearity, however, is not incor

porated.

As the design of each member is based on the computed maximum

cross sectional effects (modified with load and strength reduction
factors as discussed in the previous sections) obtained from linear
elastic analysis, the possible change in the actual capacity of the
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structure due to nonlinear redistributions is not incorporated in the
present code computed structural supply. The actual redistributions
that occur within the cross section, member, and the whole structure
(between members and joints) may lead to a significantly higher
flexural strength of a structure provided that the axial and shear
strengths of the members may withstand the accompanying increases
in the flexural strength and their increases will not jeopardize the
flexural ductility of the member. The stability constraints may also
become critical when these strength increases are considered.

If the axial and shear capacities of the members or the stability
considerations do not limit the increases in the strength of a struc
ture, the nonlinear redistributions may result in an actual resistance
capacity significantly higher than the strength supply computed by the

code expressions and procedures.

Redistributions may, therefore, be an important source of over
strength, that is not incorporated in the code computations for the
actual supplies of a RIC structure. Even redistributions at the cross
sections level, i.e., transfer of stress from extreme fibers to rela-
tively less-stressed fibers result in significant increases in both
cross sectional moment and curvature capacities. Redistributions be-
tween different members, finally, lead to a utilization of the defor-
mation hardening capacities of a large number of the structural members.
Consequentl y, the 1arger the ducti 1i ty of the members and the hi gher the structura1
redundancy, the hi gher woul d be the strength; ncrease due to red; stri butions.

The state of the art in evaluating the realistic strength of cross
sections, members, and structures requires further efforts to incor
porate the actual extent of redistributions that may take place within

a structure. For cross sectional analysis, besides the establishment
of realistic multi-axial material stress-strain and hysteresis rela
tions, it will also be necessary to utilize computational techniques
that will enable the correct evaluation of section strength incor
porating redistribution of stresses between different fibers [1, 3J.

For member analysis, the redistributions that occur along cross
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sections, i.e., the spread of yielding, should be incorporated in

the analytical models in order to estimate the actual axial flexural

capacity of a member [28, 45J.

At the structural level, discrete models based on lumped plasticity
(point hinges at each end of the member), require realistic inputs for

these hinges in order to represent the actual extent of redistributions
that may take place between the different components of the structure.
As discussed in Chapt. 3, it is difficult to predict realistic and

representative inputs for the member properties when the analytical
model for the member does not incorporate the actual complex response
characteristics observed for RIC members.

It follows that the state of the art needs considerable advance
ment to evaluate the actual capacity of RIC structures. The state of the

practice, i.e., the code computational techniques, may result in sub
stantial undere~timates of actual structural capacity. These limita
tions should be realized in evaluating the analytically generated earth-

quake demands based on analytically generated supplies of the structure.
This will be done in the next sections,

6.4 Evaluation of Axial-Flexural Supply vs. Demand Relations

6.4.1 Axial-Flexural Supply vs. Demand at the Base of the Walls

A comparison of the axial-flexural supply vs. demand relations at

the base of the walls is given in Fig. 6.1. The supply N-M curves
were computed and illustrated in Fig. 2.9. Obtaining the yield enve
lope, which is the axial-flexural supply defined as input for the non
linear analyses, was explained in Chapt. 3 and was based on the materi

al characteristics shown in Fig. 2.7. When a 1/3-scale model of the
lower 4-1/2 floors of the coupled wall system was built and tested
[34J, the actual capacity at the base of the wall under compression
was measured as indicated on the same figure, and the probable maximum
capacity envelope was constructed, based on the measured actual material
characteristics and incorporating an increase in concrete compressive
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strength due to confinement [34J.

During the tests of the model, the beams were also measured to
have actual flexural capacities significantly exceeding the supplies

that were defined for the analytical model, as will be discussed in

Sect. 6.42, in the order of 100 percent. This was attributed to

mostly the considerably higher yield and ultimate capacities of the

reinforcement used, contribution of slab steel neglected in the

analyses, a considerable underestimation of the deformation hard

ening, contribution of axial compression that was not considered in

the analytical computations and other probable causes as discussed
in Sect. 6.3.4 and 6.3.5 [34J. Thus, there were important discrep
ancies in the hypothetical, computed maximum axial-flexural supplies

and the actually attained (measured) supplies for both, the coupling

girders and the walls. Had these measured supplies been defined as
the input for the analyses, the obtained demands shown in Fig. 6.1 for

the Pacoima nonlinear analyses would have been considerably affected,
since these demands were regulated by the supplies (as discussed in

Sect. 6.2).

An important observation from Fig. 6.1 is the extreme differences

observed between the factored 1973 USC axial-flexural demands and the

actual supplies that were realized after designing and constructing

the walls with respect to these code demands.

The factored axial-flexural demands for 1979 UBe and ATC 3-06 are

compared to 1973 UBC in Table 6.1. It is obseY'ved that the 1979 USC
demands are approximately 30 percent higher while the ATe 3-06 demands

are approximately 25 percent lower than the 1973 USC demands. The

reflection of these differences on the actual, resulting capacities
had the wall s been designed and built based on the provisions of these
codes, will be evaluated in future studies. As the resulting axial

flexural and shear demands specified for the design depend on a number

of other minimum requirements in addition to the force demands, the
relations beb.'een the actual axial-flexural capacities based on the

provisions of different codes are not explicit.
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Continuing with the interpretation of Fig. 6.1, the moment-

axial force pair at the base of one wall is observed to occupy during
the nonlinear analyses the shaded domain in Fig. 6.1. This phenomenon

was discussed in Sect. 5.3.3.5 and Fig. 5.33 and 5.34. The demands

from linear analyses are also indicated in both Fig. 6.1 and Table
6.1. For the E1 Centro responses, the coupling girder and frame beam
inelasticity is observed to reduce the elastic wall axial-flexural demands

approximately 65 percent, so that the walls remained linear during
the excitation. Ouring the Pacoima response, however, the wall is

observed to have yielded, as discussed in Chapt. 5. The flexural

strength attained in the analysis is approximately 57 percent less

than the demand indicated by linear analysis under the Pacoima motion.

The profiles of the bending moment and axial force envelopes for

the walls along the elevation of the building, obtained for the non-

1inear responses, are cOi'lpared with the corresponding 1973 USC demands

in Figs. 6.2 and 6.3. The distribution of maximum bending moments
along the structure, shown in Fig. 6.2, indicates that the ratios of
Pacoima or E1 Centro demands to the factored 1973 USC demands

change along the elevation of the walls. Although E1 Centro demand
is only 56 percent larger than the code demand at the base, the dif
ference is more than 200 percent between eigth and fourteenth floors.

The axial force envelopes for the "'alls are shown in Fig. 6.3. It

is observed that the code demands for tension are underestimated consider
ably more than code demands for compression throughout the structure. It

is of interest to note that while the code axial force demands for com
pression and tension utilize 1.40+1 .4L and 0.90 for the gravity load

contribution, respectively, nonlinear analysis results incorporate O+L

for both compression and tension.

The observations from Table 6.1 and Figs. 6.1-6.3 lead to a number

of assessments regarding the axial-flexural design of the wall cross

section. The most significant observation regards the code design pro
cess which requires that the edge members provide all required axial

flexural capacity working as purely axially loaded members. The con
sequence mainly of this provision, when combined with the other factors

contributing to the cross sectional overstrength. as discussed in

Sect. 6.2, is an actual capacity which is, as observed from Fig. 6.1,
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5.5 times larger than the code demand. ~4hen this overstrength is
combined with the overstrength in the coupling girders, the result is
a significant increase in the structural base overturning strength, as
discussed previously in Sect. 2.2. This would result in an accompanying
increase in demands from the foundation of the structure, which may not
provide adequate supply for this increase. Depending upon the soil
characteristics and design of the foundation system, the resulting dis
placements of the foundation would change the distribution of force and
distortion over the complete structure. The effects of characteristics

of soil and the foundation system on response will be investigated in
future studies, as the implications of the observed flexural overstrength
of the superstructure indicate a particular importance of this parameter.

A second consequence of the flexural overstrength of the coupled

wall system would be an increase in the shear strength demands of the
walls. If the supply to meet the increase in the shear strength demand
is not available, a wall shear failure may occur prior to, or soon
after, the flexural yielding at the base of the walls. This will be
discussed further in the coming section 6.4.3.

It follows that the code design procedures for the axial-flexural
design of the walls should either incorporate the actual flexural
resistance of the complete wall cross section, or make allowances in
the design of the footings and other structural components, and particu
larly, the shear design of the walls for the hidden flexural over
strength of the wall cross sections. There is no observed deficiency
of axial-flexural capacity as even the hypothetical, underestimated axial
flexural strengths which were defined as input for the inelastic analysis
were adequate to resist the El Centro excitation with the walls remaining

linear. Although the walls yielded during the Pacoima response, the
amount of inelastic deformation associated with this yielding was consi
dered to be within acceptable limits, as discussed in Sect. 5.3.2. Since
the Pacoima record represents the extreme earthquake and the combined
strength and deformation capacity demands from the walls were supplied ade
quately, the axial-flexural strength may be concluded to be adequate.

The displacement and distortion demands from the structure will
be discussed in Sect. 6.4.4, where the adequacy ofaxial·-flexural
strength, provided to the walls and the coupling girders,
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as well as the adequacy of the stiffness provided to the structure will
beverified. The problem, therefore, is in the too high axial-flexural
overstrength, and to seek out measures to be able to reduce this
axial-flexural overstrengths of the members without affecting the
stiffness and shear capacities adversely.

6.4.2 Axial-Flexural and Shear Supply vs. Demand Relations for
the Coupling Girders

The response of the coupling girders was discussed in Sect. 5.3.2.4
and 5.3.4. The factored design demands of the girders (which were
also modified by the capacity reduction factors) are given in Table 6.2,
together with the yield and ultimate capacities as determined from the
detailed cross sectional analyses presented in Chapt. 2, and also
given in Fig. 3.4, as the inputs to the analytical model. The yield
capacities of the girders, as obtained from cross sectional analyses,
are close to the code demands. The maximum difference between code
demand and computed yield capacity is observed for the negative moment
of type III beam, which is 24 percent. This is mainly due to provid
ing more steel to the girder than the exactly required amount, as
caused by the practical consideration of using only one type of rein
forcement in the girder. As discussed previously, the slab steel was
not considered in the cross sectional analyses, which is a significant
parameter that will be included in future studies. The ultimate moments
obtained from the cross sectional analyses are approximately 100 per
cent larger than the code demands. Also, the shear corresponding to
the ultimate girder moments is 25-43 percent larger than the code
demands for the different types of girders.

The main reason for the flexural overstrength of the girders is the
strain hardening of the steel, which is neglected in the code flexural
computations. The maximum increase in steel stress due to strain hardening
is assumed to be 25 percent in the code for the computation of shear demands
only, while an increase of 83 percent (from 60 ksi at yield to 110 ksi at
ultimate) was assumed in the cross sectional analyses. Consequently
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the maximum shear obtained from cross sectional analyses is larger

than the code demand. It follows that the code computations consider

ably underestimate the computed flexural capacity and shear demand
for the beams, arising mainly from the underestimation of the maximum
strength of reinforcement. The increase assumed for the maximum

strength of reinforcement over yield, 83 percent, in the cross sectional
analyses, might not be considered as typical. However, stress-strain

tests on commercially available reinforcement, purchased for the
construction of the model of the coupled wall system [4J and from pre
vious experiments conducted at Berkeley, have indicated that such
increases are very frequent.

The maximum coupling girder moments and shears obtained during

the time-history analyses are included in Table 6.2. The attained
moment values are only 20-25 percent larger than the yield capacities
defined in the analytical model. The Pacoima shear force demand from girder
type III is observed to be 5 percent less than the code demand for this

girder. The maximum force demands from the coupling girders are, there
fore, substantially less than the ultimate capacities for these girders,
which was also demonstrated in Fig. 5.40. Consequently, they were not

subjected to shear stresses exceeding the code demand during the in
elastic analyses. An assessment of the accuracy of the coupling girder

properti es obta i ned from cross sectional ana lyses and defi ned as

input for the time-history analyses may be carried out by considering
the moments and shears measured during the testing of the 1/3-scale
model of the first 4-1/2 floors of the coupled wall system [34J. The
measured positive and negative yield moment and shear values are in
cluded in Table 6.2. A substantial increase of 107 percent in the
measured negative yield moment of the type III beam over the computed
yield moment is observed. For the positive moment direction, the

measured yield moment is 64 percent larger than the computed value.
The measured shears at yield are approximately equal to the computed
ultimate values. The main reason for the discrepancy in the negative
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moment is the slab steel, which may have caused an increase in the

beam negative moment reinforcement of 40 percent, if all the existing

slab steel is assumedto have effectively participated with the beam
reinforcement during the experimental response.

The beams were under increasing compressive forces during the

test (due to redistribution of wall shears) which also caused an in

crease in the yield moments. The measured moment-rotation relations,
from which the yield moment values were derived, are presented in

Fig. 6.4. The experimental moment-rotation measurements were carried

out over 4 in. gage lengths at the left and right ends of the beams,
and include the rotation at the fixed-end caused by the slippage of
reinforcement, and any further rotation that may have occurred over
the first 4 in. at each end of the 56 in. long (1/3 scale) beam. The
experimental responses shown in Fig. 6.4 were measured during the
initial loading of the first large displacement cycle when the first

yielding of the beams were observed. This loading was preceded by a

number of full cycles of loading in the service load range.

The measured rotations, shown in Fig. 6,4, are precisely the physi
cal counterparts of the rigid-hardening plastic point hinge responses

of the analytical beam model used in the analyses. On the same figure,
the primary loading paths for the point hinges of the type III beam

are indicated together with the factored (including the ¢ factor) code

demands for this beam. Figure 6.4 is thus more illustrative than

Table 6.2 in demonstrating the extreme differences in: (1) code demand
for cross sectional capacity; (2) analytically computed flexural ca
pacity, neglecting slab steel and based on hypothetical material charac

teristics; and (3) the actual, measured responses when a model of the
structure or an adequately large scaled subassemblage of the structure
is tested under representative load and displacement constraints. The

differences in all the stiffness, strength and deformation hardening charac

teristics of the coupl ing girders were significantly infl uential in the analy
tically generated responses of the structure. As explained in Sect. 6.2, the

85



strength, stiffness, and hardening characteristics defined in the
ana lytica1 model for these beams, affected the outcome of the force
and distortion magnitudes, distributions, and time-histories of the
complete structure.

The difference between the observed and computed characteristics at

the right end of the beam (negative moment) in Fig. 6.4, is more difficult

to anticipate than the left end of the beam (positive moment), as the slab

steel accounts for a large portion of the strength discrepancy at the 1eft end.

The axial force ~easured for beam III at the indicated yield point was

in the ord~r of 10 percent of its ultimate axial compression capacity and

this was computed to possibly account for more than 30 percent of

the observed discrepancy in strength in the positive moment direction
[34J. Another contributor to the strength discrepancy is the 35 per
cent higher yield strength of the actual reinforcement. The computed
vs. measured stiffness and hardening characteristics indicate that
the rigid-plastic point hinge should not be considered rigid, but
assigned a finite elastic stiffness to represent the actual response,

incorporating the slip of reinforcement along its anchorage in the

wall. The observed deformation hardening is approximately twice the
analytically defined value, which should also be considered in future
analytical model ing.

The implications of the beam flexural overstrengths, when coupled

with the wall flexural overstrengths were discussed in Sect. 6.4.1.
In addition to increasing the shear stress demands of the beams, the
beam flexural overstrengths cause a direct increase in the wall coupling

forces and thus the overturning capacity of the wall system at the base.
This, in turn, results in an attraction of higher wall shears and in
creases the demands from the foundation-soil system. Also, the increased
beam shear stress demands impair the deformation and energy dissipation
capacity of the beams.

The beam flexural capacities require more realistic evaluation.
The contribution of slab steel should definitely be incorporated in
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establishing the beam flexural capacity. Attempts should be made to be

able to design the beam with a flexural capacity closer to the demand.
As discussed elsewhere, [4], proportioning the coupling girders for
stiffness automatically leads to high flexural demands when elastic

analysis is carried out. The code design procedure should be revised

to permit the design of stiff beams without accompanying large flexural

capacity, as may be attained by using a minimum reinforcement percent

age and using grade 40 steel for the main flexural reinforcement of

these coupling girders.

The shear design procedures, as defined by the code, require reas
sessment. The ~ factor, and the 25 percent strain hardening incorpor

ated in computing the shear demands, are observed to be inadequate to
establish these demands realistically, as explained previously. As the
computational techniques fall considerably short of estimating the

actual shear demands from these beams, a remedy may be to decrease the
maximum shear reinforcement spacing required by the code, or to use

special inclined reinforcement, and to require each longitudinal bar to

be restrained by a hoop corner. The inadequacy of the computational pro
cedures used to establish the shear demand may only be overcome by indi
rect requirements that may insure the placing of adequate shear rein

forcement in the beams so as to assure an actual shear capacity high
enough to permit the necessary flexural yielding.

6.4.3 Shear Strength Supply vs. Demand for the Walls

6.4.3.1 General

A realistic assessment of the shear strength supply vs. demand

relations of the walls become expecially critical when the flexural

overstrengths of the girders and the walls are considered. To satis
fy a basic design criteria, that structural damage which may endanger
lives should be avoided, the shear strength supply to the wall should

be ascertained to be adequate for any demands that may arise at all
the limit states, particularly at the collapse limit state. The
three possible types of shear failure [37J, (1) diagonal tension,
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(2) sliding shear, and (3) shear compression (splitting and crushing
of the wall panel concrete) modes of failure should be avoided.

The diagonal tension failure can be avoided by providing sufficient
web (panel) reinforcement. The sliding shear failure is typical for walls
in tension or for low levels of axial compression and high levels of shear.
These conditions lead to large shear distortions without accompanying
energy dissipation through flexure, and is, therefore, undesirable. The
shear compression failure of the wall panel, typical of high compressive
stress and high shear stress levels at regions of the wall panel, results

in a sudden, brittle release of the panel shear force. This may lead
to dangerous consequences, as the edge members, already subjected to
high axial and shear force demands, may not be able to withstand the
force released by the panel, and also fail in semi-brittle compression,

punching or diagonal shear mode depending on how much area of wall panel,
failed previously. It follows that a realistic and comprehensive
assessment of the seismic shear demands and the actual existing shear
strength supply of each wall (in fact the supply available in each
component of the shear carrying mechanism of each wall, i.e., the edge
members and panel, before and after crushing of the panel) is neces-
sary to conclude the assessment of the structural supply vs. demand
relations.

In carrying out an assessment of the shear design provisions
of the code, the following possibilities should be considered:

(1) Is the shear strength demand, as defined by the code,
realistic? This may be judged only after making a realistic estimate

of the actual axial-flexural capacity, and by estimating the maximum
possible shear demand from the wall during dynamic response in con
junction with this realistic axial-flexural capacity.

(2) Is the actual shear capacity of the wall system, (whose de
sign is based on code provisions) governed by the actual mechanisms of
shear resistance of the actually constructed complete structure and
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in the presence of significant axial and flexural states of stress,

acequate to supply the shear demands established as described in
(1) above?

An estimation of the actual demands and supplies as outlined

in (1) and (2) above, will be carried out in the following.

6.4.3.2 Shear Strength Demands Required by Different Provisions

The seismic shears to be considered for the axial-flexural and

shear designs of the coupled wall system, with respect to the 1973 UBC,

1979 UBC, and ATC 3-06 provisions are shown in Fig. 6.5. Since each

of these documents specify elastic analysis, the demands from each

individual wall of the coupled wall system are identical. ATC 3-06

requires the design shears to be established by considering the inter
action of walls and frames. Uniform Building Codes (1973 and 1979
editions) require that walls should also be capable of resisting the
entire shear. These are the shears shown in Fig. 6.5 for UBC as

this provision governs the design of the structure [4].

In comparing the design shear strength demands of different docu

ments, the required shear strength should be judged in conjunction with

the required flexural strength. Had the supplied flexural capacities

been equal to the required flexural strengths, and had each of the

walls contributed equally to the flexural and shear strength of the
system, an assessment of the adequacy of shear strength demands of

these documents would have been relatively simple from Fig. 6.5, as

follows: The total overturning strength demand at the base of the
coupled wall system may be obtained as 179 x 103 kip-ft, 90 x 103

kip-ft, and 133 x 103 kip-ft for the 1979 UBC, ATe 3-06, and 1973

UBC, respectively. The shear strength demands, corresponding to the
same provisions, are observed to be 2351 kips, 1429 kips, and 2549

kips, respectively. In computing the overturning strength demands,

the load factors, and in computing the shear strength demands, the
load and capacity reduction factors specified by each document were
incorporated. The ratios of the overturning strength to the shear
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strength demanded by these prOV1Slons may be obtained as 76 ft (0.42H),

65 ft. (0. 36H), and 52 ft. (0. 28H), for the 1979 USC, ATC 3-06, and
1973 USC, respectively. The conceptual meaning of these ratios is as
follows: the overturning moment capacity of the system at the base
and the shear capacity of the system at the base would be attained
simultaneously if an increasing resultant seismic force acting on
the system is located at 0.42H, 0.36H, and 0.28H from the base of
the system. It follows that the 1973 USC provisions provide the
highest safety against shear failure prior to the attainment of the
overturning capacity, relative to the 1979 USC and ATC 3-06 pro
visions. Since the resultant seismic force acting on the coupled

wall system was located at 0.30H and 0.33H at the times of maximum
base shear during the Pacoima and El Centro responses of the frame
coupled wall system, only the 1973 USC provisions appear to provide
an adequate margin against shear failure before the attainment of
the flexural capacity.

In reality, none of the assumptions that were made to justify
this assessment are true. (1) Actual axial flexural capacity of
the wall system is many times larger than implied by the code demands,
as discussed in Sects. 6.4.1 and 6.4.2. (2) While by virtue of
the elastic analysis, or even inelastic analysis without incorpora
ting the effect of axial force on stiffness, the demands from the
coupled wall system would appear to be distributed equally to each
wall ~ in reality there would be significant differences in the stiff
nesses of the walls under compression and under tension, and this
would result in an increase in the shear demands of the wall under
compression due to redistribution of shear. (3) The base over
turning moment to shear ratio at the time of maximum base shear,
0.30 H, was obtained through an analytical model containing many in
adequacies. Values of a even lowerthan 0.30 H may be realized by a
wall-frame system during dynamic response, especially for structural
systems where frames have more significant contribution to the over
all strength and stiffness. (4) Even if the assumptions were val id
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and the system, designed in accordance with the 1973 USC provisions,

did have the considered margin against premature shear failure, this
would not necessarily indicate that an adequate amount of energy dis
sipation would take place before shear failure. Depending on the
dynamic characteristics of the structure and the ground motion, the

overturning capacity of the structure may be attained with a shear smaller
than the design shear. However, this would not outrule a sliding shear

mode of failure under reversals of deformation. This mode of failure
would lead to distortions without corresponding flexural energy dis
sipation, and may occur even when the shear demand may remain lower
than the design shear capacity throughout the excitation.

To be able to predict whether a certain type of shear failure is
imminent during a response, the complete history of the axial force and
flexure should be evaluated together with the shear force at the criti
cal regions of the wall. In reality, the sliding shear or the shear
compression (web crushing) types of shear failure are strongly influ
enced by the previous loading history, from the view of the damage,
i.e., the deterioration of the resistance mechanisms to these types of
shear failure. Therefore, the sense and magnitude of the axial force,
flexure, and the state of damage of the wall, occurring in conjunction
with a certain shear demand, should be considered altogether in assess
ing the probability of shear failure. During the Pacoima response, the
maximum wall base shear demand occurred after the maximum flexural demand

and extensive yieldingofthewal1s have occurred and while the base of the
compression wall was at a state of yield with a high level of compres
sion. The probability of a shear failure would be substantial under
such circumstances. There was no flexural yielding of the walls
during the E1 Centro response; hence, the probability of a shear failure
would be low.

It folloVJS that the shear strength demands defined by the 1979
UBC or ATC 3-06 provisions do not provide as much margin against shear
failure as the 1973 UBC provisions. The question of the safety of
the structure designed with respect to the 1973 USC provisions will be
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discussed subsequently.

6.4.3.3 ~stablishing the Actual Shear Demands and Shear Capacity of
the Walls

The shear strength supply vs. demand relations for one wall of the

coupled ~',all system are summarized in Fig. 6.6 nnd Table 6.1. The shear strength
demands specified by the Uniform Building Code are indicated in Fig. 6.6,
together with the seismic shear demand envelopes of each story of the
wall, obtained during the inelastic time-history analyses of the cou-

pled wall-frame structure. From Table 6.1 and Fig. 6.6 it can be observed

that: (1) The shear strength demands from the code and from the inelas

tic El Centro response are very close at the base of the wall; (2) The

demands at the base obtained for the linear El Centro response and the

inelastic Pacoima response are also close to each other and these are

approximately twice the code and inelastic El Centro response demands;
(3) The demands obtained for the linear Pacoima response are approxi
mately twice the inelastic response demands of this motion.

The inelastic response demands for shear strength were obtained
through an analytical model with three major sources of error which

would affect these demands considerably.

(1) The wall and coupling girder axial-flexural capacities were
underestimated significantly. If the analyses were carried out incor

porating the actual observed axial-flexural capacities of the members,
strength of the structure would have been more, attracting larger shear,
and as the flexural yielding would have started under larger shear, it

would have dissipated less energy.

(2) The shear mode of distortion of the individual wall compon

ents is not adequately incorporated in the analytical model, as dis

cussed in Chapt. 3. The walls tend to have a predominant cantilever

post-yield displacement mode, while in reality, flexural yielding

should be expected to be accompanied by an increase in shear distortion

and, therefore, a displacement mode closer to that of the frame with a
soft story, in tili s case the fi rst story.
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Therefore, the effects of the wall-frame interaction after wall yielding

would have been less, at particularly the lower floors of the building,

if a more realistic post-yield deformation mode could have been incor

porated in the analytical model. The shear strength demands of the

walls may be in error due to this inadequacy, especially if the
wall-frame interaction may affect the response considerably.

For the coupled wall-frame structure, as the frames did not affect

the maximum response quantities (Chapt. 5) significantly, the contribu

tion of the first source of error governs. The actual-inelastic res
ponse shear strength demands should, therefore, be expected to be more.

(3) The inadequacy of the analytical model to incorporate the

actual flexural and shear stiffness of walls as affected by axial force,

is the third, and perhaps the most, critical source of error in estab
lishing realistic inelastic response demands. The flexure and shear

attained by the wall under compression should be substantially larger

than those attained by the wall under tension. This inadequacy in

analytical modeling would underestimate the actual shear strength

demand of the wall under compression at any time during response. In

the case of impulsive ground motion, the shear envelopes could also

be significantly affected from this inadequacy, especially if there

is only one main loading excursion, similar to the one occurring

during the Pacoima response.

The supply of shear capacity at the base of the wall, as defined

by the code provisions, is indicated in Fig. 6.6. If the supply, based

on the code computation, assuming a concrete shear stress of 2 /fI, andc·
the horizontal panel steel contribution to shear stress of (Avfy/bws) *,

and an effective shear area of (O.8hbw) *, would have been the actual
supply, none of the inelastic response demands could have been satisfied.

* Av ; area of shear reinforcement effective against shear, fy ; yield

stress, bw ; web thickness, s ; spacing of shear reinforcement~ h; total

depth of the wall cross section.
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The actual shear strengths of each wall of the coupled wall system,

measured during the testing of a 1/3-scale, 4-1/2 story subassemblage
of the coupled wall system under a loading history derived from the
inelastic Pacoima responses of the structure, are also indicated in
Fig. 6.6 [34J. This information, obtained from the experimental research
that is integrated with the analytical investigation reported here,
enables a realistic assessment of the actual supply of each wall of the
coupled wall system. The panel of the wall under compression failed
in a shear-compression mode (after some flexural yielding) during a
loading increment, under the indicated equivalent shear force, corres
ponding to a nominal shear force of 16.2 ~ Av' where Av is the effec
tive shear area defined by the code. The wall under tension was carry

ing only a nominal shear force of 1.6 /f~ Av' which was 11 percent of
the total base shear force in the tension wall. Although a direct com
parison of the experimentally attained shear capacity with the demands
obtained from the analytical model is not justified because of the inade
quacies of the model, and the fact that the damage state at which the
maximum shear demand is attained affects the capacity, an approximate
assessment may be made by considering the average attained capacity.

The average shear strength, 8.9 ~ Av' is adequate to resist the in
elastic El Centro response shear strength demands. Pacoima response,
however, is observed to lead to a highly probable shear failure. In
fact, the wall may not have been able to supply even the E1 Centro shear
strength demand if the actual axial-flexural strengths of the wall and
coupling girders were incorporated in the analytical model. However,
since the walls did not yield during the El Centro response, the
shear resisting mechanisms would not have been weakened as in the
experiment and the available supply of shear capacity may have been

larger than the attained.

The only remedies against undesired mode of shear failure are to
either reduce the shear demand or increase the shear strength supply.

The most effective measure would be decreasing the axial-flexural
strength of the coupling girders to the least acceptable level, as
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would be required by service load demands. This would both decrease

the demands (as the axial-flexural strength of the total structure will

be reduced) and increase the available supplies as the shear capacity of
the wall under tension may be utilized more, as its stiffnesses would
increase if the level of tension could be decreased. The supply of the
wall under compression may not decrease as much as the increase in the
tension wall capacity.

6.4.4 Deformation Supply vs. Demand Relations

6.4.4.1 General

Even if the strength supply vs. demand relations of the structural

components indicate an adequate supply of shear capacity, the structure
should still be required to exhibit an adequate supply of stiffness and
deformation capacity in order to be considered to have been adequately
designed for all the limit state demands. The parameters (displacement
and rotation quantities) that are usually used to judge such an adequacy
are: (1) The maximum interstory drift at the service load level.
(2) The maximum story drifts (interstory and tangential interstory
drifts) as well as the largest inelastic curvatures or rotations of
the critical regions at the damageability level, which for the structure
under consideration, were characterized by the El Centro response of
the structure. (3)The maximum lateral displacement and story drifts,
or even more general, the maximum amount of hysteretic energy dissi
pation required from the structural components to be able to resist

the extreme earthquake ground motion without collapse. The extreme
earthquake ground motion was assumed to be characterized by the Pacoima
accelerogram used in the analyses.

6.4.4.2 Experimental Force-Deformation Relations

Lateral force-displacement envelopes obtained during the tesing
of the 1/3-scale model of the 4-1/2 story coupled wall subassemblage
[4, 34J are presented in Fig. 6.7 to aid the discussion on the defor
mation supply vs. demand relations. The envelopes of the lateral dis
placements of the first floor, measured at the exterior boundary of
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each wall, are indicated in this figure. The test program had con
sisted of a number of full reversals of loading at the service level
followed by a number of predominantly half cycles of displacement
excursions at the post-yield level [34J. The envelopes of the dis
placements obtained during the excursions towards the indicated

direction on Fig. 6.7 exhibit a significant growth of the diaphragm
system during the loadings. It is observed that the lateral
displacement of the wall in compression was consistently larger,
and that the resulting growth of the diaphragm system increased
with each of the following consecutive limit states that are·
indicated in Fig. 6.7: (1) flexural cracking of tension wall,
(2) diagonal cracking of tension wall, (3) diagonal and vertical
cracking of compression wall, (4) yielding of the coupling girders,

(5) yielding of the tension wall, (6) yielding of the compression
wall and crushing of the concrete cover of its exterior edge column,
(7) crushing of the panel of the compression wall near the exterior
edge column, and (8) shear failure of the edge column of the com
pression wall.

The implications of the diaphragm growth observed in Fig. 6.7 are
of extreme importance indicating the invalidity of the internal force
distributions obtained during inelastic response based on the axially

infinitely stiff diaphragm assumption. The growth is observed to
occur in varying amounts within the different portions of the diaphragm
system along the wall under tension, the coupling girder which exhib
ited growth due to the accumulation of residual distortions, in spite
of the compressive axial forces that were measured in them, and the
wall under compression. It is, therefore, not possible to represent

this growth just by assigning a uniform finite axial stiffness to the

diaphragm system.

6.4.4.3 Service Level Drifts

This level is considered to correspond to the unfactored earthquake

loading defined by the code. As discussed in Chapt. 4, this loading
condition induced a maximum top displacement of 0.83 in. (0.038% H) in
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the model simulating the complete structure. The maximum interstory

drift index of 0.05% occurred at the seventh story. This is one-fifth

of the 0.25% which is considered to be the allowable drift index under
wind loading.

The lateral displacement and interstory drift index of the fourth
floor of the model representing the coupled wall were obtained as 0.23

in. and O.l%,from analysis using cracked transformed cross sectional
properties of the members. The same quantities measured during the
experiment under the corresponding load level, were 0.27 in. and 0.054%.
The experimental displacement and drift index indicate that:

(1) The test specimen was more flexible than the analytical model

based on cracked transformed cross sectional properties. During the
test, at service load level, the specimen was not observed to exhibit

cracking which would justify the cracked-transformed section assumption

for all the members. However, especially due to the observed shear
distortions of the walls which were not adequately represented in the

analytical model, the measured displacements were larger.

(2) The deformation profile of the test specimen was considerably
different from that given by the model, as the discrepancy in the analy
tical and measured interstory drifts is significantly larger than the
discrepancy in the lateral displacement. This is attributed particu

larly to the one-dimensional analytical' modeling of the wall members
and the inadequacy of such modeling to incorporate the shear mode of
deformation of the walls, which were observed to contribute a signifi
cant proportion of the total deformation even at the service load stage.

6.4.4.4 Damage Level Drifts and Rotations

The displacements and rotations obtained during inelastic responses
were discussed in Sects. 5.3.2.3 and 5.3.2.4. The maximum displacement
at the top of the coupled wall-frame system was 4.98 in. (0.23% H) dur
ing the El Centro response. The maximum interstory and the maximum
tangential interstory drift indices were at the eighth floor and first
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floor and were 0.28% and 0.064% respectively. The maximum plastic
rotations attained for the coupling girders and frame beams were 0.0037
radians (sixth floor) and 0.0006 radians (tenth floor), respectively.

The type III coupling girder moment-rotation response, mea-
sured during the testing of the 1/3-scale model of the 4-1/2-story
coupled wall subassemblage, was presented in Fig. 6.4. The analytical
maximum rotation of 0.0037 radians is observed to be still within the
measured initial linear response range of the typical coupling girder.
Also, the maximum interstory drift index of 0.28% is substantially
smaller than the drift acknowledged in the 1979 USC as indicating the
initiation of the damage level response, which is 0.4% (0.5%r;K, where
Kwas 0.8 for the structure considered). The analytical drifts and
rotations generated for the E1 Centro response thus indicate that the
structure is able to survive the response with only minor structural
yielding and slight nonstructural damage. It is important to consider,
however, that the analytical model was observed to be stiffer than the
test specimen. At the initiation of the yielding of the coupling
girders, the test specimen had a fourth floor drift of 0.24% H, and
an interstory drift index of 0.27% at the fourth floor. The maximum
drift and interstory drift index at the fourth floor of the coupled
wall model during the El Centro response, occurring after yielding of
most of the coupling girders, were 0~17% Hand 0.24%, respectively,
less than the corresponding experimental quantities measured at just
the initation of girder yielding. The analytical model is, therefore,
verified to be substantially stiffer than the test specimen at this
limit state. The rotations at the fixed ends of the girders due to
bond slip, the actual contributions of shear distortions of the walls
and the rotations of walls at the foundation interface as well as
rotations of the foundations themselves, are some of the mechanisms
which are not incorporated in the analytical model and which increased
the flexibility of the test specimen. Even the experimental interstory
drift index of 0.27% at the fourth floor, however, is considerably less
than 0.4%, the drift acknowledged by the code to correspond to the end
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of service level and initiation of the damage level response. It may

be concluded that the stiffness provided by the coupled wall system

well exceed any existing requirement for the damage control considera
tions at the damageability level of response.

6.4.4.5 Collapse Limit State Deformations

The collapse limit state was characterized by the Pacoima re

sponse of the structure, as a collapse mechanism was reached for the
coupled wall system. If it were not for the stiffness provided by the

frame columns, which remained linear, and the deformation hardening of
the plastic hinges, the structure would have attained a collapse mech

anism. According to the commentary of the SEAOC provisions [43J, the
collapse state is implicitly defined as corresponding to four to six

times the element deformations at the initiation of the damageability
level. This would imply interstory drift indices in the order of four

to six times 0.4%, which is the drift limit acknowledged by the SEAOC
[43J and 1979 UBC provisions as corresponding to end of service load

stage. As a result of this discussion, interstory drift indices in
the order of 1.4% to3.36% should have been expected at the collapse
limit state, as implicitly considered in the design prOV1Slons. It is
further expressed in the SEAOC commentary, that the structure, designed
in conformance with its minimum requirements and provisions, should
possess adequate energy dissipation capacity at interstory drift index

levels of 1.4% to 3.36% which are assumed to be the distortions charac
terizing the collapse limit state.

The analytical responses of the building to the Pacoima ground
motion indicated a maximum interstory drift index of 0.9%, occurring
at the 10th, 11th, and 12th floors. This is considerably less than
the distortion which was assumed to occur at the collapse state, and
indicates that the structure possessed analytically substantially
more stiffness at the collapse limit state than considered in the
design provisions. This is favorable regarding the stability problems

usually associated with large distortions at the collapse state, and
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would have indicated a successful design, if it could have been

verified that the analytical force, distortion, and energy dissipa

tion demqnds from the structure at the collapse limit state were

within the capacity of the structure. Although it was observed in
Sect. 6.4.3, that there was a very high probability of a shear

failure of the coupled wall system between 3.1 sec. and 3.5 sec.
of the Pacoima response, the discussion of the distortion and energy

dissipation demands at the collapse limit state are carried out in

order to provide a complete example of the required assessments fol

lowing a nonlinear time-history analysis.

The maximum analytically estimated demands for interstory drift

index at the fourth floor, maximum tangential interstory drift index at

the first floor and the maximum coupling girder rotation for type III

girder at the fourth floor were, respectively, 0.67%, 0.40%, and 0.015
radians during the Pacoima responses of the structure. The correspon
ding average* quantities measured during the experiment prior to the
failure of the wall panel were, respectively, 1.48%,0.90%, and 0.025

radians. The experimentally measured quantities for the fourth floor

and first floor interstory drift indices at failure substantially

exceed the analytical demands, implying that the distortion capacity of

the wall system is adequate for the analytical distortion demands.

It should be acknowledged, however, that the test specimen had a

substantial loss of stiffness, observed from Fig. 6.7, at the collapse state,

which was not adequately represented in the analytical model. Furthermore,
the initial analytical stiffnesses were observed to be consistently
substantically higher than the experimental counterparts, as discussed
in Sect. 6.4.4. Consequently, the analytically generated distortions

* As explained earlier, since there was a substantial growth along

the two walls and coupling girders at each floor level, only average

quantities may be considered for lateral displacements and distortions

of the system.
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would not represent the actual demands and should be considered as
lower bounds.

The coupling girders at even the third and fourth floors of the
test specimen do not represent the girders subjected to the maximum

rotation demands in the structure. Analysis indicated maximum plastic
rotations of 0.015 radians and 0.019 radians at the fourth and ninth
floor coupl ing girders (which were both type III) during the Pacoima
response. These rotations occurred in conjunction with nominal shear
stresses in the order of 5 I~. Previous experimental studies on

c
girders of similar proportion and reinforcement percentages indicate
[10, 25J that rotations in the order of 0.02 radians are within the
capacity of such girders and the girder energy dissipation capacities
may be considered to be adequate, as discussed in Sect. 5.3.4. During
the experiment, the girders exhibited serious diagonal tension and
shear cracking and separation from the slab along the slab-beam inter
face. They did retain, however, their flexural capacities.

The main conclusions of this section are: (1) Stiffness of the
structure is adequate at all limit states compared with the code require
ments; (2) The analytical model is substantially stiffer than the test
specimen at all limit states; (3) The coupled wall system possessed
adequate displacement, drift, and plastic rotation capacity and energy
dissipation capacity required analytically at the collapse limit state,
and would possibly have survived the Pacoima excitation if it had pos

sessed adequate shear strength.
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7. SUMMARY, CONCLUSIONS AND RECOMMENDATIONS

7.1 Summary

Analytical investigations of the seismic responses of R/C coupled
wall-frame structural systems s carried out as part of an integrated

analytical and experimental research program on the seismic responses

of R/C wall-frame systems, are reported. The results from these ana
lytical investigations are compared with some experimental results.

A 15-story R/C wall/coupled wall-frame prototype structure,

shown in Fig. 1.1, was selected as the subject of the analytical inves

tigations reported here. Preliminary design of this building was con
ducted in accordance with the 1973 and 1979 UBC. The 1973 UBC designed

version was assessed to possess better behavior at ultimate limit

states. This design was the basis for the two analytical models that
have been formulated and analyzed in this report. It is also the basis

for a large scale (1/3), 4-1/2 story subassemblage test specimen of

one of the coupled walls being studied experimentally.

Progress reports on the experimental work are in preparation.

Some of the observations and force and displacement measurements from
the experimental investigations are used in this report to help assess

the states of the art and practice in the design of R/C coupled wall
frame systems.

The two basic objectives of the analytical investigation were:

(1) To carry out a comprehensive assessment of the state of the art of

the inelastic response prediction of R/C coupled wall-frame structural
systems; (2) To carry out an assessment of the state of the practice
(code) regarding tall R/C coupled wall-frame structural system design,

by the provisions of 1973 UBC, 1979 UBC, and ATC 3-06, utilizing the

analytically generated seismic response demands and existing supplies

of the structure, as well as some results obtained in the parallel and

continuing experimental investigation on the 4-1/2 story subassemblage

specimen.
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Other objectives of the study included an investigation of the

effects of coupled wall-frame interaction on response in order to

assess the adequacy of the code (USC and ATC 3-06) provisions. These

provisions require the use of frames to complement the wall systems

to resist lateral loading for buildings over160 ft tall, and require

that these frames be capable of resisting at least 25 percent of the

total lateral force. The codes fail to provide guidelines for select
ing optimum relative stiffness of the frames and walls.

7.2 Conclusions

Some specific conclusions regarding the state of the art in analy

tical modeling of structures were reported in Chapt. 3. Other conclu

sions were discussed regarding the linear and inelastic responses of
the analytical models in Chapts. 4 and 5, and the comprehensive assess

ment of the generated and measured supply vs. demand relations of the

structure in Chapt. 6. The specific conclusions will not be repeated

here as these are best discussed within the context of the relevant data

and subsequent deductions, as presented in earlier chapters. Only the

general, relevant observations reached at this present stage of the con

tinuing integrated experimental and analytical studies regarding the

response of R/C wall/coupled wall-frame structural systems are formulated

below.

(1) The present state of the art of analytical modeling of rein

forced concrete for the generation of inelastic time-history response
is inadequate to provide a realistic assessment of the force and distor

tion demands from a frame-coupled wall structural system imposed by a
seismic ground motion. The main deficiency of the state of the art is
not in the general theories of dynamics, finite element analysis, com

putational procedures, or theory of plasticity. There is no shortage

of general purpose inelastic analysis codes, either, which incorporate

varying degree of sophistication and various manners of modeling member

force-deformation and hysteresis relationships, as well as step-by-step
formulation of the equations of motion and the associated state
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determination and solution processes.

The main problem lies in the difficulty and uncertainties regard

ing the realistic assessment of the axial, shear, torsional and flexural
stiffness, strength and force-di storti on hysteresi s characteri sties of
reinforced concrete structures, particularly when the behavior of their

members and/or critical regions are affected by the three-dimensional
interactions betv/een the different internal forces as well as by the dis

tortions. In order to be able to formulate analytical models and to use
the sophisticated computational methodologies and capabilites that are

available, it is first necessary to eliminate the uncertainties in the
state of the art in predicting realistic stiffness, strength, deforma

tion, and hysteretic energy dissipation capacity of reinforced concrete
structures.

Utilization of inelastic time-history analysis of reinforced con

crete as a design tool, or to arrive at definite conclusions regarding
the seismic response of a certain structural system should, therefore,

be carried out with extreme precaution. The existing procedures of
analytical modeling and computer codes for inelastic analysis may

be used for parameter investigations or to establish certain bounds
of response only if the significant uncertainties in the response of
rei nforced concrete are acknowl edged and incorporated into the conel usions.

The existance of a large number of general purpose inelastic analysis

codes should not be accepted as justification of their usage without
a clear recognition of: the actual response characteristics of rein

forced concrete; the limitations of the analytical procedure to re

flect these characteristics as discussed above; and the uncertainties
involved in the quantitative assessment of input data regarding actual
supplies of stiffness, strength, deformation capacity, and hysteretic

energy dissipation of the structural components. The discussions in
Chapts. 3, 4, 5, and 6 of this report should provide guidelines for

the usage of general purpose inelastic analysis codes in such a con

text.
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(2) The code provisions regarding seismic resistant design of
RIC coupled wall-frame structures do not safeguard against a structure
with undesirable ultimate limit state, and especially collapse state

response characteristics. The 1973 USC specifications were concluded

to be more favorable than the 1979 USC or ATC 3-06 specifications in
this respect. Even the 1973 USC designed structure, however, was
assessed to be unable to escape an earlier shear-compression failure
of the panel of the wall under compression during -the Pacoima response.
The Pacoima ground motion characterized the collapse limit state de
mands from the structure. A more significant observation was the
probability of such a failure even during the E1 Centro response of
the structure, which was considered to represent realistic damageability
level of demands from the designed structure, although the demands from
this earthquake significantly surpassed the factored design demands
defined by the code.

The main reasons leading to an insufficient shear-compression
capacity of the wall were assessed to be the code design process lead
ing to excessive wall axial forces, and particularly wall overturning
(axia']-flexural) overstrength, and very large unfavorable redistri-

bution of shear force. The wall overturning overstrength results mainly

from the wall cross sections being overdesigned and from the overstrength
of the already high flexural resistance capacity of the coupling girders.
The coupling girders overstrength was a consequence of proportioning for
maximum lateral stiffness and from determining flexural strength demands
throughout a linear elastic analysis as required by the seismic code pro
visions. Main reasons for the observed overstrength of the coupling
girders were the contributions of: the slab reinforcement; the higher
value of the actual yielding of the main girder reinforcement when com
pared with the minimum yielding value specified by code; the increase
in the strength resistance of the reinforcement beyond its actual
yielding strength due to strain hardening; the development of axial com
pression in the girders arising due to redistribution of shear force
between the walls; and other factors discussed in Chapt. 6.
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The wall cross sections, (particularly when under compression),
were observed to possess similarly high levels of axial-flexural over
strength since the code provisions require the edge members to be
capable of resisting the complete axial-flexural demands from the cross
section. The contribution of: the l<Jall panel steel; the increase in
the actual yield capacity of reinforcement over the nominal value and

a further, more significant, increase due to strain hardening; and
the increase in the actual compression concrete strength over the
nominal value and a further, significant increase in this strength and,
particularly its deformation capacity due to the effective confinement
of the concrete at the edge members, were the main causes of the
observed axial-flexural overstrength of the wall.

The axial-flexural overstrengths of the main components of the
coupled wall system led to a substantial increase (200%) in the over-
all overturning strength of the structure, with respect to the factored
code design demand, which was verified through experimental investigations.

(3) Combined Effects of Axial-Flexural Overstrength with Redistri
bution of Shear Resistance: the shear capacity of the wall cross sections
was not capabl e of withstanding the increased shear force accompanying the

increase in the overturni ng stren(jth of the structure. Thi s was ma i nly because

the difference in the axial forces of the two walls led to an actual,
measured redistribution of shear force such that the wall under compres
sion was resisting nearly 90 percent of the total shear force even at
low levels of lateral force (this occurrence was not incorporated into
the analytical model). The increased shear demand from the wall under
compression, when coupled with the high level of compressive stresses
of the panel, arising due to the overstrengths discussed above, led to
a shear-compression failure of the panel. The shear strength demands
obtained from the inelastic response to the derived Pacoima ground motion
indicate the high probability of the occurrence of such a failure, even
at the considerably underestimated levels of these demands resulting
from the analysis of the formulated analytical model (Chapt. 6).
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(4) The contribution of the frames, even when these were designed

to meet the minimum lateral strength demands required by the code, as in

this study, were observed to be beneficial to the structural system.

The stiffness of the overall structure is increased, leading to a better
response at service level and better damage protection. Although due

to this increase in stiffness the seismic shear force requirements in
creased, the advantages provided by the additional sources of energy dis
sipation and increased redundancy of the structural system were thought

to justify the increase in shear force demands.

7.3 Recommendations to Improve th~ State of the Practice

(1) The RiC coupled wall-frame system design provisions of the UBC
should be revised to incorporate a more realistic evaluation of the total
shear force and of its distribution along the height of the structure to
estimate the maximum possible story shear that can be developed. Further
more, the establishment of the design story shear demands should be based
on a more realistic estimation of the distribution of all the internal
forces among the different lateral force resisting components (walls and
frame columns and beams). This requires consideration of the actual

axial-flexural strengths of the coupling girder and wall members, and

the actual shear strength demands that may be required from the walls
(in particular, the shear and compression stress state demands from the

panels). To be able to carry out a realistic estimation of the shear
strength supply present code provisions have to be improved incorporating
more real istic shear resisting mechanisms of a RIC wall critical region

when this region is subjected to seismic actions.

(2) For the time being it is suggested that to improve seismic

hysteretic behavior of coupled wall systems, the design of its coupling
girders should be done in such a way that they offer the minimum flexural
strength compati bl e with the sti ffness requi red at serviceabil ity and
damageability levels .. Transverse reinforcement detailing of the girders
should be carried out with proper recognition of the increased inelastic

distortion and hysteretic energy dissipation demands from these girders.
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(3) The proper frame stiffness and strength characteristics

should be selected to balance the increases in seismic demands by the

activation, at the proper level of demand, of the energy dissipation

mechanisms that the frames possess. The frame-coupled wall interaction

was observed to change the response characteristics of the structure con
siderably, even when the frames constituted only a minor portion of the

structural stiffness and strength. The presence of the frames affected

the distribution of wall shears such that the base overturning moment

to shear ratio of the coupled wall system decreased as did the total

dynamic base shear demand from the walls. These factors should be con

sidered in the shear design of the walls. Furthermore, the conclusions
reached by previous analytical studies on wall or coupled wall responses

which did not incorporate the presence of frames, should be reassessed

in view of these observed significant contributions of frames to the

response of the complete structure.
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TABLE 2.1 BILINEAR t~m1ENT -CURVATURE RELATIONSHIPS: VALUES OF
EFFECTIVE LINEAR ELASTIC FLEXURAL STIFFNESS AND YIELD MOMENT
FOR THE WALL SECTION CORRESPONDING TO DIFFERENT AXIAL FORCE LEVELS

AXIAL LOAD I EFFECTIVE (EI) VI ELD MOMENT
(KIPS) (KI P- IN2)109 (KIP-IN)105

15000 103. 10.6

10000 81. 13.

8750 78. 13.3

5000 74. 11.1

4000 72. 9.9

2000 70. 7.6

0 40. 5.6

-1500 32. 3.8

-3000 5. 2.0

-4200 2. 1.6

TABLE 2.2 BILINEAR MOMENT-CURVATURE RELATIONSHIPS: VALUES OF
EFFECTIVE LINEAR ELASTIC FLEXURAL STIFFNESS AND YIELD MOMENT
FOR THE COLUMN SECTION AT DIFFERENT AXIAL FORCE LEVELS

AXIAL LOAD EFFECTI VE (EI) VI ELD MOMENT
(KIPS) (KIP-IN2)107 (KIP-IN)103

4500 14.28 10

3400 19.44 17.5

1700 12.93 23.6

0 10.44 16.7

-900 5.94 9.5
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TABLE 4.1 MAGNITUDE AND DISTRIBUTION OF THE
EARTHQUAKE LOADING FOR THE PROTOTYPE COUPLED
WALL SYSTEM (INCLUDING TORSION)

1973 UBC (ZONE 3)
FLOOR KIPS

15 86.76
14 91.63
13 85.09
12 78.54
11 72.00
10 65.45

9 58.91
8 52.36
7 45.82
6 39.27

5 32.73
4 26.18
3 19.64
2 13.09
1 6.55

Total Base
Shear, Kips 774

The point of application of the resultant
liE" 1oadi n9 measured from the base of the wa 11 ,
is: 1478 in. for the 1973 UBC loading,
i.e., at 0.68 H where H = 180 ft.
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TABLE 5.2 MAXIMUM VALUES OF DISPLACEMENTS AND DRIFTS
OBTAINED FROM THE TIME-HISTORY ANALYSES

GROUND ANALYTICAL ~1AXIMUM MAXIMUM MAXIMUM
MOTION MODEL DISPLACEMENT INTERSTORY TANGENTIAL

DRIFT INTERSTORY DRI FT

Coupl ed
0 Wall 4.98" 0.45"/ . 0031 0.089"/.00062
0::: ModelI-
z:
lLJ
u Coupl ed
-l
WJ Frame-Wa11 4.98" 0.40"/ . 0028 0.092"1.00064

Model

:2:
Coupl ed

c::x: Wall 18.83 11 1.70"/.012 0.461"/.0032
Cl Model
c::x:
::E...... Coupl ed0u Frame-Wa 11 15.53" 1.29"/.009 0.370"/ .0026c::x:
0- Model

All values for drift are given in inches and drift index,
i.e., drift/story height.
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TABLE 5.4 MAXIMUM MOMENTS
ATTAINED BY THE COUPLING GIRDERS

Mor~E NTS IN 102 KIP-IN. EL CENTRO PACOIMA
FLOOR TYPE Me My MU RESPONSES RESPONSES
LEVEL C~J CWF C\.J C\~F

1 I 1 92 104 193 104 105 80 114
115 127 239 124 123 137 136

2 2 159 180 337 181 183 177 202
182 177 331 178 180 203 199

3 3 192 223 418 226 229 261 259
214 261 476 263 264 297 295

4 3 226 231 267 265
264 267 306 301

5 3 227 232 273 269
, 263 268 310 305

6 I 3 227 233 279 272
I -

264 269 315 308
7 3 227 233 284 273

263 269 320 310
8 3 227 233 287 275

262 269 323 309
9 3 Iii 227 232 291 277

263 269 328 313
10 2 159 180 337 183 187 237 224

182 177 331 180 184 234 221
11 2 183 186 239 224

179 183 236 221
12 2

---f---

183 186 241 225
180 183 237 222

13
i

1 92--r---104 193 106 109 146 135
115 127 239 128 131 168 156

14 I 1 106 109 146 134I
I 128 131 168 156I

15 1 106 109 146 134
129 131 168 155

CvJ: coupled wall model
CWF: coupled wall frame model

My(+/-): yield moment capacity

r~u(+/ -): ultimate moment capacity
MC(+/-): 1973 USC factored code demand for flexural design
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TABLE 5.5 MAXIMUM SHEARS ATTAINED
BY THE COUPLING GIRDERS

SHEAR FORCES IN KIPS

FLOOR TYPE EL CENTRO EL CENTRO PACOIMA PACOIMA CODE
LEVEL CW CWF CW CWF DEMAND

1 1 136 136 151 149 243
2 2 214 216 240 239 301
3 3 291 295 332 330 377
4 3 292 297 340 337
5 3 292 298 347 342
6 3 293 299 354 345
7 3 293 299 359 347
8 3 292 299 363 349
9 3 292 299 368 351

10 2 216 221 280 264 301
11 2 216 220 283 265
12 2 216 220 285 266 w

-
13 1 140 143 187 173 243
14 1 140 143 187 172
15 1 140 142 187 172

CW: coupled wall model
CWF: coupled wall-frame model

Code
Demand: 1973 UBC factored code demand for shear design

126



TABLE 6.1 COMPARISON OF FACTORED* CODE AND ANALYSIS
MAXIMUM DEMANDS AT THE BASE OF COUPLED WALLS

TOTAL FORCE (SHEAR)
APPLIED TO COUPLED WALL

t .-E

MOMENT
ARM
aH

_L
MAXIMUM
BASE REACTIONS
OF ONE WALL:

l--N--AXIAL (WITH GRAVITY)
~-M FLEXURE
.. -V SHEAR

FOR ONE WALL TOTAL
AX IAL FO RCE* MOMENT

(KI PS) FLEXURE* SHEAR* (E) FORCE ARM
CODEI ANALYSIS COMPo TENS. KIP-IN 3/ 10 KIPS KIPS
1973 UBC 4802 323 269 1275 774 0.68H
1979 USC 6374 1153 353 1175 999 0.71 H

ATC 3-06 4364 176 189 722 865 0.60H

0 EL CENTRO
lJ.J Linear 12386 7846 1206 2846 5692 O.60Ho (/)
:::J lJ.J
...J (/) EL CENTROu>-
z ...J Nonl inear 5646 t 1090t i 419t..... o::x: 1338** 2675** 0.33H**z
lJ.J e::t:
cr::
O::X:lJ.J PACOIMA 1:c
(/') I- Linear 23626 19086 2501 5777 11554 0.60HlJ.J
:::Ez
e::t: ....... PACOIMAcr::

6267 t 1671 t I 1073 tl.L Non1 inear 2790** 4053** 0.30H**

* Axial force and flexure are factored by (1.4) for 1973 UBC and 1979 UBC,
by (1) for ATC 3-06. Shear is factored by 2.810.85 for 1973 USC, 2/0.85 for
1979 USC and 1/0.6 for ATC 3-06, i.e., capacity reduction factors were in
cluded in code shear demands.

** At time of maximum wall base shear.
t At time of maximum wall base overturning moment.
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::] I
13

~~l II
10

ALL
,.,.. .:.::.:.:.::..,., 9 COUPLING

GIRDERS
24"x 48"

(a) PLAN (b) ELEVATION OF COUPLED-WALLS

FIG. 1.1 STRUCTURAL LAYOUT OF THE 15-STORY RIC FRAME
COUPLED WALL BUILDING

( 30x60)

100 (21x391

600

500

400

"b 3 00

Co

- 200

COUPLED WALL SOLID WALL

HR
HYPOTHETICAL

(30x54)

(30152)

SELECTED (30x48)
SECTION

(bxd) (24x481

75 80 85 90
(%) Kcw/Ksw

kcw : coupled wall stiffness

k : solid wall stiffnesssw

Ip: gross section moment of

inertia of the connecting beam

Section
Ipxl03 in

4 kcw/\w
(bxd) (%)

21 x 39 134 67

24 x 48 265 79
30 x 48 307 81

30 x 52 388 81:.

30 x 54 434 ~5

30 x 60 591 88

FIG. 2.1 CONTRIBUTION OF BEAr1 STIFFNESS
TO THE STIFFNESS OF COUPLED WALLS
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1-1/2" COVER
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FIG. 2.2 WALL CROSS SECTION DESIGNED BY UBC-73 PROVISIONS

TYPE I TYPE n TYPE m.

#4TIES @
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4r 1-'/2"~11• COVER
i (TYP. ALL
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i Ii II I':'·
111 I
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FIG. 2.3 COUPLING GIRDERS DESIGNED BY UBC-73 PROVISIONS
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FIG. 2.4 FRAME COLUMNS DESIGNED
BY UBC-73

FIG. 2.5 FRAME BEAMS DESIGNED
BY UBC-73
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FACTORED DESIGN DEMANDS
(LINEAR ANALYSIS)

Re 'FACTORED EARTHQUAKE
LOAD - 11.4E" per UBC 73

EQUILIBRIUM:
(QeH) Re = M/+ M;+ dN e

COLLAPSE STATE

Rp ' COLLAPSE LOAD

FIG. 2.6 OVERTURNING MOMENT RESISTANCES AT FACTORED EARTHQUAKE
DESIGN LOAD AND COLLAPSE STATE
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__(II~

60 ._/'--~

30
E ~. 29000 ksi

.01 .05 .10

f c ( ksi )
4

3

2

.002 .010

(.8 ksi )
~

~ I 1 I

.020 .052

(a) CONCRETE (b) REINFORCING STEEL

FIG. 2.7 ASSUMED MATERIAL STRESS-STRAIN CHARACTERISTICS IN GENERATING
MOMENT-CURVATURE RESPONSES OF THE BEAMS AND THE WALL CROSS SECTIONS
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2

5000 Kips

.~------ 4000 Kips

ri\M 12"

282' f ~

o ~'------::----4':-----=-6----:S:----1";:0--...,"12:----:IL4--...J...16:----:
I
'=-S---'19

CURVATURE. cf> (I05/ in.)

FIG. 2.8(a) MOMENT-CURVATURE RELATIONS FOR THE WALL CROSS
SECTION FOR DIFFERENT LEVELS OF AXIAL FORCE, N

I I I

-1,500 Kips

1.0.8.6.4.2o

MOMENT, M
(105 Kip-in.)

14 30" ri\M
M 12"

30"I~ .~-- ~
1------._.£8~ ... -- .. ---112
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FIG. 2.8(b) PRE-YIELD MOMENT-CURVATURE RELATIONS FOR THE WALL
CROSS SECTION FOR DIFFERENT LEVELS OF AXIAL FORCE, N
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-- MOMENT - CURvATURE RELATION
OBTAINED FOR ZERO TENSILE
STRENGTH OF CONCRETE

----. EFFECT OF ASSUMING 0.1 f ~
TENSILE STRENGTH OF
CONCRETE

~~ ASSUMED RESPONSE TO DEFINE
EFFECTIVE FLEXURAL RIGIDITY
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FIG. 2.8(c) THE EFFECT OF CONCRETE TENSILE STRENGTH ON THE
SECTION MOMENT-CURVATURE RESPONSE
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FIG. 2.9 AXIAL FORCE-BENDING MOMENT INTERACTION DIAGRAM
FOR THE WALL SECTION DESIGNED BY UBC-73 PROVISIONS
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FIG. 2.10 MOMENT-CURVATURE RESPONSES IN BOTH BENDING DIRECTIONS,
BEAMS TYPE I AND II
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FIG. 2.12 MOMENT-CURVATURE RELATIONS FOR THE COLUMN
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FIG. 5.3 TIME-HISTORY OF LATERAL DISPLACEMENTS OF THE COUPLED WALL AND
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FIG. 5.12 TIME-HISTORIES OF WALL SHEAR FORCES, EL CENTRO RESPONSE
OF THE COUPLED WALL MODEL
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FIG. 5.13 TIME-HISTORIES OF WALL SHEAR FORCES, EL CENTRO RESPONSE
OF THE COUPLED WALL-FRAME MODEL

154



FORCE (KIPS)
3000,-------------------------------,

1500

-1500

108642

-3000~ __... ~ _'__ ___'_ _l

o
TIME (SEC.)

(a) WALL SHEAR FORCE, RIGHT WALL BASE AND 4th STORY

FORCE (KIPS)
3000r----------------------------~

~ = 5 %
BASE

108642

1500

-1500

- 3000 L- ---'- -L.... J...-.- ---'- ..J

o
TIME (SEC.)
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FIG. 5.14 TIME-HISTORIES OF WALL SHEAR FORCES, PACOIMA RESPONSE
OF THE COUPLED WALL MODEL
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FIG. 5.15 TIME-HISTORIES OF WALL SHEAR FORCES, PACOIMA RESPONSE
OF THE COUPLED WALL-FRAME MODEL
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FIG. 5.23 TIME-HISTORIES OF WALL AXIAL FORCES, EL CENTRO RESPONSES
OF THE COUPLED WALL-FRAME MODEL
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FIG. 5.24 TIME-HISTORIES OF WALL AXIAL FORCES. PACOIMA RESPONSES
OF THE COUPLED WALL MODEL
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FIG. 5.25 TIME-HISTORIES OF WALL AXIAL FORCES, PACOIMA RESPONSES OF
THE COUPLED WALL-FRAME MODEL
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FIG. 5.27 ENVELOPES OF WALL AXIAL FORCES, PACOIMA ANALYSES
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FIG. 5.28 TIME-HISTORIES OF WALL BENDING MOMENTS, EL CENTRO RESPONSES
OF THE COUPLED WALL MODEL
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FIG. 5.29 TH1E-HISTORIES OF ~JALL BENDING r10MENTS, EL CENTRO RESPONSES
OF THE COUPLED WALL-FRAME MODEL
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FIG. 5.30 TIME-HISTORIES OF WALL BENDING MOMENTS, PACOIMA RESPONSES
OF THE COUPLED WALL MODEL
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FIG. 5.31 TIME-HISTORIES OF WALL BENDING MOMENTS, PACOIMA RESPONSES
OF THE COUPLED WALL-FRAME MODEL
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FIG. 5.35 MOMENT-PLASTIC ROTATION RELATIONSHIPS FOR THE FOURTH FLOOR
BEAt~, EL CENTRO RESPONSES OF THE COUPLED I~ALL MODEL
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FIG. 5.36 MOMENT-PLASTIC ROTATION RELATIONSHIPS FOR THE FOURTH FLOOR
BEAM, EL CENTRO RESPONSES OF THE COUPLED WALL-FRAME MODEL
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FIG. 5.37 MOMENT-PLASTIC ROTATION RELATIONSHIPS FOR THE FOURTH FLOOR
BEAM, PACOIMA RESPONSES OF THE COUPLED WALL-FRAME MODEL
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FIG. 5.38 ENVELOPES OF MAXIMUM PLASTIC ROTATION ATTAINED FOR THE
COUPLING GIRDERS ALONG THE ELEVATION OF THE STRUCTURE

175



B

CRt = l: (B j + 1- 8j )

M

5

FLOOR
15 ,

t COUPLED WALL MODEL
\
,~~-COUPLED WALL-FRAME
I MODEL
I
I
I
I
I
I
I
\
\

10

0.10 0.20 CRI (rod.)
(a) EL CENTRO RESPONSES

FLOOR
15

10

5

l
I COUPLED WALL MODEL

I
,~COUPLED WALL-FRAME
I MODEL

/
/

/
./

,;"

0.10 0.20 CRt (rod.)

(b) PACOIMA RESPONSES
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