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 ABSTRACT

This report is intended to serve as a reference for practicing
engineers involved in computer seismic analysis of multistory
buildings. The purposes of the study reported herein are: (1) to
summarize the methodeology underlying current state-of-the-art in
practical seismic analysis of buildings; (2) to investigate the degree
to which practical mathematical models of limited complexity can
accurately reflect true dynamic properties; (3) to identify the
general dynamic characteristics of multistory buildings and show how
these contribute to response induced by earthquakes; (4) to assess the
influence of various detailed modeling aspects on the prediction of
dynamic properties and analytical response; (5) to compare earthguake
response based on dynamic theory with "equivalent static" response
based on lateral load provisions as recommended by current building
codes; and (6) to develop and apply special analytical techniques
which lead to improved seismic response predictions of multistory
buildings.

This report presents the results of correlative analytical
studies performed on the following five multistory buildings located
in seismically active regions of the United States: the Alcoa
Building (San Francisco), the Transamerica Building (San Francisco),
the University of California Medical Center Building (San Francisco),
the Ranier Tower Building (Seattle), and the Century City Theme Tower
Building (Los Angeles). Each of these structures has been the subject
of a previous study in which the building's actual dynamic
characteristics were established by experimental testing. The results
of the previous studies have been used as a data base for developing
numerical models that reflect the observed linear dynamic properties.
In this study, each of these buildings has been extensively
reanalyzed. Several models of each building have been formulated to

assess the influence of various structural and nonstructural modeling



aspects on dynamic properties and seismic response. Aspects such as
two-dimensional versus three-dimensional frame modeling, rigid joint
zone effects, participation of secondary framing systems,
nonstructural slab-girder interaction, infill block walls, and mass
modeling variations are considered. The effects of different meodeling
approaches on analytical results are evaluated and the relative
importances of various modeling refinements are identified.

In addition, the following three special topics of interest for
multistory building analysis are addressed: (1) a formulation to
account for the P-A effect in dynamic or static seismic analysis; (2)
the comparative performance of different modal combination schemes for
response spectrum analysis applications; and (3) a procedure for
performing approximate dynamic analysis for use in preliminary design
based on the actual dynamic properties of the different multistory
buildings studied. For each of these topics one of the study
buildings is used to illustrate application of the respective
analytical techniques.

In carrying out the objectives of this study, it has been
necessary to perform several modifications to the ETABS computer
analysis program. In order to make the modified program available to
practicing engineers, this enhanced version of the ETABS program has

been developed and documented as part of this project.
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CHAPTER 1
PROJECT OVERVIEW

1.1 BACKGROUND AND OBJECTIVES

Over the past two decades, significant advancements in the study
of dynamic behavior of structures and in the field of earthquake
seismology have been made. During this same period, there has been a
rapid growth in computer technology and the application of this
technology in the solution of engineering problems. Armed with an
improved understanding of the earthquake phenomenon, a greater
knowledge of complex structural behavior and the computational power
of the computer, the structural engineering profession has moved
steadily toward a more exacting and deterministic approach in the
aseismic design of multistory buildings. In the past, aseismic design
of buildings has been carried out using relatively simple methods for
establishing earthquake loading and performing structural analyses
based on equivalent static procedures as specified by building codes.
However, current building design practice often requires more precise
determination of local seismicity and critical ground motion
characteristics, development of detailed numerical models for
representing structural behavior, and application of advanced dynamic
analysis techniques using sophisticated computer programs.

Although the use of more advanced analysis techniques and more
representative descriptions of earthquake excitations generally lead
to improved accuracy in predicting structural response, several
difficulties arise in the implementation of these procedures for
practical design. Often, the design engineer lacks background in the
specialities of structural dynamics and earthquake seismology and,
therefore, has difficulty understanding analysis procedures and
interpreting results. This difficulty is further amplified by the

apparent inconsistencies that exist between traditional codebook



working stress design criteria used with équivalent static analysis
procedures and newer inelastic design criteria often used with dynamic
analysis procedures. Also, because of the need for development of a
numerical model of the building which closely reflects actual
behavicor, it may be necessary to include certain detailed modeling
aspects which are generally not considered by the engineer in the
structural design process. The design engineer may lack experience in
assessing the relative importance of these aspects or may overlook
their potential significance in affecting dynamic response
predictions.

In order to assist the engineer in overcoming these difficulties,
guidelines for performing seismic structural analysis by computer have
been published (43) which outline the general mathematical
formulations of the structural dynamics problem, give general
descriptions of different analytical techniques, point out potentially
significant modeling considerations, and review pertinent technical
terminology. However, the information supplied by these general
guidelines gives little insight into the dynamic behavior of actual
structures and does not demonstrate the application of specific
modeling and analytical technigues which best predict actual behavior.
The purpose of this report is to provide a further reference which
will serve as an aid to engineers in the development of computer
models and in the interpretation of analytical results relating to the
dynamic seismic analysis of multistory building systems. The
objectives of the study reported herein are:

(1) to summarize the methodology underlying current state-of-
the-art in practical seismic analysis of buildings;

(2) to investigate the degree to which practical mathematical models
of limited complexity can accurately reflect the true linear
dynamic properties of multistory buildings;

(3} to identify general dynamic characteristics of multistory



buildings and show how these contribute to response induced by
earthquakes;

(4) to assess the influence of various detailed modeling aspects on
the predictions of dynamic properties and analytical response;

{5) to compare earthquake response based on dynamic theory
with "equivalent static" response based on lateral load
provisions as recommended by current buiilding codes; and

{6) to develop and apply special analytical techniques which lead to

improved seismic response predictions of multistory buildings.

1.2 USE OF EXPERIMENTAL STUDIES AS A BASIS FOR CORRELATIVE ANALYSIS

The foremost objective in the development of computer models of
buildings for seismic analysis is to accurately represent actual
building behavior. 1In this respect, comparison of experimental
results obtained from full-scale ambient and forced vibration tests
with analytically predicted results provide a valuable basis for
evaluation of computer analysis procedures. During the last twenty
years, ambient and forced vibration studies have been performed on a
number of different multistory buildings (29, 31, 32, 39, 40} in which
the small amplitude dynamic properties of the respective buildings
were determined. The existence of this data base of experimental
findings offers a unique opportunity to evaluate modeling procedures
and analytical techniques that may be applied in seismic analysis of
buildings.

In this study, the results of the previous experimental work are
used as a basis for developing numerical models which reflect the
observed dynamic properties of the following five study buildings:

1. ALCOA BUILDING, San Francisco (32)

2. TRANSAMERICA BUILDING, San Francisco (39)

3. UNIVERSITY OF CALIFORNIA MEDICAL CENTER, San Francisco (31)

4. RANIER TOWER BUILDING, Seattle (40)

5. CENTURY CITY THEME TOWER BUILDING, Los Angeles (29)



Ali five of the study buildings are of steel framed construction and
range from 15 to 60 stories in height. Significant differences in
design features exist among the buildings. Although all of the
buildings studied are of steel construction, their behaviors are
believed to be representative of multistory buildings having
reinforced concrete frame construction as well. However, it should be
noted that the behavior of these buildings is not necessarily
representative of low-rise buildings nor multistory shear wall

buildings.

1.3 PRACTICAL SEISMIC ANALYSIS OF BUILDINGS

The overall approach used in this study is aimed at assisting the
engineer/analyst in performing practical seismic analysis of building
systems. In keeping with this objective, the methods used are
intended to be representative of the current state-of-the-art analysis
approaches as applied by practicing engineers for which certain
fundamental analytical assumptions are commonly made.

For most by ildings, inelastic response may be expected to occur
during a major earthquake. Although nonlinear inelastic analysis
programs are available, thege are rarely employed because: (1) their
proper use often requires the analyst to have special background and
training; (2) results produced are difficult to interpret and apply to
traditional design criteria; and (3) the costs associated with the
substantial computational effort required are often prohibitively
high. In practical analysis, linear elastic behavior is generally
assumed in the calculation of member design forces and ductility
demands. Thus, analyses performed for this study are based on linear
elastic response. Further background on the application of the linear
elastic behavior assumption for building analysis is discussed in

section 2.4.



For linear elastic analysis, dynamic earthquake loads may be
applied using the time-history, the frequency domain, or the response
spectrum methods. Both the time-history and frequency domain methods
require prescription of a specific ground motion record. However,
determination of an appropriate earthquake record is problematic
because it is difficult to predict future critical seismic ground
motions that may occur at a given site. Therefore, it is prudent to
base seismic design on a range of possible earthquake ground motions.
The response spectrum method has the advantage that the spectral curve
may represent an envelope of upperbound responses based upon several
different ground motion records. Also, the response spectrum method
is generally more cost effective than the alternative methods. For
these reasons, the response spectrum methed is the most widely used
approach for representing dynamic earthquake loading and is the
approach which has been used for the dynamic analyses performed in
this study. Further background and discussion of the response
spectrum approach is presented in sections 2.2 and 2.3.

In performing seismic analysis of multistory buildings, certain
special modeling assumptions (e.g., rigid floor diaphragm behavior,
lumped mass modeling) and solution schemes (e.g., substructuring
techniques, superelement formulations) can be applied to simplify
modeling procedures and to improve computational efficiency. The
ETABS (49) computer program is a special purpose tool developed
specificially for the analyses of building systems which takes
advantage of these aspects in its modeling and solution procedures.
ETABS is widely used by practicing engineers and for this reason it is
the primary analysis program used in this study. A detailed
description of the theoretical background and use of ETABS can be

found in reference 49.



1.4 COMPUTER PROGRAM DEVELOPMENT

In carrying out this project, several modifications to the ETABS
computer program have been made in order to extend analytical
capabilities and produce results in a form most useful for the
purposes of this study. Capabilities of this modified ETABS program
include: analysis for gross response quantities including story
shears, torques, overturning moments, deflections and drifts; improved
modal combination schemes for response spectrum analysis; analysis for
P- A effects in static and dynamic analysis; ability to perform
preliminary dynamic and static analysis prior to member design based
on approximate dynamic properties; automatic generation of UBC and ATC
equivalent static loads; effective mass calculation for model
verification; and, member stress checks.

It is felt that the added capabilities significantly enhance the
ETABS program and may be useful to the practicing engineer in
performing seismic analysis. Therefore, a modified version of the
ETABS program and user manual (23) have been supplied to the National
Information Service for Earthquake Engineering (NISEE) to be made
available for public distribution. Inquiries regarding this program
can be made to:

NISEE/Computer Applications
Davis Hall
University of California
Berkeley, California 94720
(415) 642-5113

1.5 DOCUMENT ORGANIZATION

This report has been written in such a way as to facilitate its
use as a reference document which can be reviewed in part rather than
requiring a full reading. To this end, the remainder of the report is
divided into three main chapters (Chapters 2, 3 and 4) covering

different general areas with specific topics being addressed in



separate subsections. By referring to the Table of Contents, the
reader may selectively choose those particular sections he/she may
wish to review.

Chapter 2 presents a general background for understanding the
basic principles of seismic analysis of multistory buildings.
Sections 2.2 and 2.3 describe the general characteristics of
earthquake response spectra, the various methods used for the
development of representative spectra, and application of response
spectrum analysis in state~-of-the-art design. In section 2.4,
background on the rational for linear elastic structural modeling is
discussed from the perspective of current practice and building code
recommendations. In section 2.5, basic interrelationships that exist
between structural modeling and earthquake response spectrum shape in
dynamic analysis are presented and discussed.

In Chapter 3, the detailed correlative analyses performed on the
study buildings are described and results are presented. These
results show the influence of different modeling assumptions and
analytical approaches on the predicted seismic response of the
different buildings. In section 3.1, the methodology used for the
analysis of all of the buildings is discussed. In sections 3.2
through 3.6, the modeling approaches and analytical results for each
of the five study buildings are reported. 1In section 3.7, general
observations and conclusions from the analytical studies are
presented.

In Chapter 4, three special topics pertaining to analytical
techniques applicable for the seismic analysis of multistory buildings
are presented. In section 4.l1,a method which accounts for the P-2A
effect in seismic analysis is presented. In section 4.2, the
comparative performances of different modal combination rules in
seismic analysis are investigated. 1In section 4.3, a method for

performing approximate dynamic analysis at the preliminary design



stage is developed. For each of these topics, sample analyses have
been performed on one of the study buildings to demonstrate the

variocus analytical techniques and potential influence on analytical

results.



CHAPTER 2

APPLICATION OF THE RESPONSE SPECTRUM APPROACH
AND LINEAR ELASTIC MODELING FOR SEISMIC
ANALYSIS OF BUILDINGS

2.1 INTRODUCTION

In performing computer analyses of buildings for'earthquake
response, there are two main modeling aspects to be considered: (1)
structural modeling of the stiffness and mass properties; and, (2)
representation of the earthguake ground motions. Significant
uncertainties exist in treating both of these modeling aspects and,
therefore, several assumptions and simplifications are made in
performing practical analysis for design purposes.

The assumption of linear elastic behavior is usually made for
performing seismic analyses of buildings. Although nonlinear analysis
computer pregrams are available, these are rarely employed in building
design practice because they not only are difficult to use and
interpret and but also costly to perform due to the great
computational effort required. Even with the assumption of linear
elastic behavior, care must be exercised in developing a numerical
model of a building in order to capture the true dynamic properties.
Aspects such as secondary structural systems and/or nonstructural
components may have to be considered to develop a computer model that
will accurately capture actual structural behavior.

Prescribing an appropriate earthquake input is problematic
because it is very difficult to accurately predict future seismic
ground motions that may occur at a given site during the useful life
of a structure. Therefore, seismic design of buildings is generally
based on analysis reflecting a range of possible earthguake ground

motions. The response spectrum method is the most widely used



approach for representing earthquake excitations in dynamic analysis
and is generally considered as "state-of-the-art" among building
design engineers. The methed employs superposition of a limited
number ¢f modal maximum responses as determined from a spectral curve
for a prescribed dynamic excitation. Linear elastic structural
behavior is a basic assumption of the response spectrum approach. The
response spectrum method is computationally much more efficient than
the more exact time history technique and, with appropriate modal
combination schemes, can yield results that show excellent comparison
with time history analysis as is demonstrated in section 4.2 of this
report.

In sections 2.2, 2.3, and 2.4 of this chapter, fundamentals
involving the development and application of response spectra and
linear elastic structural models are reviewed. In section 2.5, the
relationghip between response spectrum modeling and structural
modeling is explored in order to give a better understanding of how

these modeling aspects affect analytical response.
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2,2 DEVELOPMENT OF EARTHQUAKE RESPONSE SPECTRA

There are several approaches which can be used for developing
response spectra to represent earthguake ground motions for design

purposes. These fall into the following three general categories:

(1) the use of actual earthquake spectra based on recorded
ground motions
(2) the use of recommended procedures for the development of
smoothed design spectra
(3) performance of a site specific study resulting in unique
design spectra reflecting the actual site conditions.
The basic aspects of these three approaches are presented in the

subsections that follow.

2.2.1 gg:gﬁgggggthgoﬁggponse Spectra from

The generation of a response spectrum curve can be idealized by
subjecting a series of damped single degree-of-freedom mass-spring
systems with continuously varying natural periods to a given ground
excitation. The absolute value of the peak displacement response
{relative to the ground) occurring during the excitation for each
system is represented by a point on the relative-displacement spectrum
curve. In Figure 2.1, the generation of the response spectrum for
the El Centro 1940 earthquake is illustrated. Using the ground
acceleration record as input, (Figure 2.1(a)) a family of response
spectrum curves can be generated for various levels of damping (Figure
2.1(b)) where higher damping values generally result in lower spectral
response. The response spectrum curves may also be represented in
terms of pseudo-velocity or pseudo-acceleration where these pseudo-

values are based on the relative displacements as follows:
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sd = spectral relative displacement
Sv = w. 8d = spectral pseudo-velocity
Sa

w«8v =w?-5d = gpectral pseudo-acceleration

where w = natural frequency (radians/second).

The pseudo-velocity and pseudo-—acceleration spectra do not reflect
true maximum values of velocity and acceleration but, rather, provide
a direct means of evaluating the true relative displacement. The
pseudo-velocity and pseudo-acceleration may be viewed as
approximations to the true maxima for relative velocity and absolute
acceleration.l Spectra for the true maxima for relative velocity and
absolute acceleration can be calculated in addition to the true
relative displacement curve. However, for the purpose of structural
design, spectra based on true relative displacement are of most
interest because these spectral displacements control the force levels
induced in the structure. Response spectra are often represented
showing Sd, Sv and Sa ordinates on a single tripartite logarithmic
plot. In Figure 2.2, a tripartite plot of the E1 Centro 1940
response spectrum for 5% critical damping is shown.

Spectra curves developed from actual earthquake records are quite
jagged, being characterized by sharp peaks and troughs (Figure
2.1(b)). Because the magnitude and locations of these peaks and
troughs can vary significantly for different earthquake records and
because of the uncertainties inherent in predicting future seismic
ground motions, it is wise to consider several possible earthquake

spectra in the evaluation of structural response for design purposes.

1 It should be noted that the pseudo-acceleration is in theory equal
to the true maximum absolute acceleration ("absolute" meaning relative
to a fixed reference point) for a system with no damping. For this
reason, the terms "pseudo-absolute acceleration™ or "absoclute
acceleration" are often used in place of "pseudo-acceleration"
although the true absolute acceleration results only for zerc damping.
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Thus, if response to actual recorded earthquakes is to serve as a
design basis, analyses should be performed using several selected
spectra that are believed to be representative of critical ground

motions that may occur at the site.
2.2.2 Development of Smoothed Design Response Spectra

To provide an alternative to the use of several earthquake
spectra for design, muchlwork has been done to develop smoothed design
spectra that represent approximate upperbound response envelopes based
on expected critical levels of ground motion (Newmark (26,27}, Blume
{9), Seed (37), Trifunac (45)). Some code writing bodies such as the
American Petroleum Institute (API), the Veterans Administration (vn),
the Applied Technology Council (ATC), and the Nuclear Regulatory
Commission (NRC) have incorporated recommendations for the development
of design response spectra in their respective regulations
(2,48,5,46) for construction and design practices. (Note that ATC
guidelines have not yet been adopted by actual building codes.) To
illustrate this general approach for developing response spectra,
refer again to Figure 2.2, where the values of maximum ground
acceleration, velocity and displacement for the El1 Centro 1940 record
are plotted along with the spectrum curve. Comparison of the
spectrum profile with the lines of ground motion maxima reflect the

fellowing important characteristics:

(1) In the very low period range, the spectrum curve
approaches the line of maximum ground acceleration,
becoming virtually coincident for periods less than

about 0.03 seconds.

(2) In the low period range between 0.10 and 0.50 seconds,

the variation of the spectrum curve tends to show
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correlation with the line of maximum ground

acceleration.

(3) In the medium period range between 0.50 and 3.0
seconds, the variation of the spectrum curve tends to
show correlation with the line of maximum ground

velocity.

(4) In the higher period range between 3.0 and 10.0 seconds,
the variation of the spectrum curve tends to show

correlation with the maximum ground displacement.

(5) In the very high period range (greater than 10.0
seconds), the spectrum curve gradually approaches the
line of maximum ground displacement (not shown in Figure

2.2).

Based on the above characteristics, a rough upperbound approximation
for the E]l Centro response spectrum can be drawn using a few straight
lines over different period ranges on the logarithmic tripartite plot.
If lines parallel to the ground motion maxima are used, an approximate
smoothed spectrum curve can be constructed as shown in Figure 2.2 by
applying factors of proportionality to the peak values of ground
acceleration, velocity and displacement. (Note that the use of lines
parallel to the ground motion maxima is consistent with Newmark's
recommendations (26,27) whereas other design spectra use lines non-
parallel to the ground motion maxima.) In this way, a smoothed
response spectrum curve can be constructed using variocus factors of
proportionality applied to the ground motion maxima over different
period ranges. However, the proportionality factors required to
produce reasonable approximations to actual spectra vary significantly
for different earthquake records. To illustrate this point, the

pseudo-acceleration spectra for six different earthquake records
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normalized to a peak ground acceleration of 0.4g are plotted in Figure
2.3, As can be seen from the significant variations in response among
these normalized spectra, there is no unique correlation between peak
ground acceleration and spectral amplitude for different ground
motions. Similar variations in spectral profiles result if ground
motions are to normalized to peak velocity or peak displacement.
Therefore, it can be concluded that ground motion maxima alone are an
inadequate parameter set to accurately predict response spectrum
profiles. Other characteristics of the ground motion histories that
are important in determining the response spectrum shape and that
should be considered in developing design spectra include,among
others: frequency content of the ground motion, duration of strong
motion shaking, mean values of individual acceleration peaks.

However, reasonable smoothed design spectra based on enveloping
the spectral response of several earthquake records of similar
intensity and site conditions can be constructed from a limited number
of "base line" parameters that reflect the influences of expected
ground motion maxima as well as other ground motion characteristics.
In recent codified recommendations for the development of response
spectra (5,48), these base line parameters have been termed
"effective" ground motion maxima. For example, the ATC
recommendations (5) incorporate the use of the seismicity parameters
"effective peak acceleration®™ (EPA) and "effective peak velocity”
(EPV) in the development of response spectrum curves. The following
interpretation of EPA and EPV is given in the commentary of the ATC
provisions:

To best understand the meaning of EPA and EPV, they
should be considered as normalizing factors for
construction of smoothed elastic response spectra for
ground motions of normal duratjon.

The EPA and EPV thus obtained are related to peak ground
acceleration and peak ground velocity but are not

necessarily the same as or even proportional to peak
acceleration and velocity...
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Thus the EPA and EPV for a motion may be either greater

or smaller than peak acceleration and velocity, although

generally the EPA will be smaller than peak acceleration

while the EPV will be larger than the peak velocity.

Despite the lack of precise definitions, the EPA and EPV

are valuable tools for taking into consideration the

important factors relating ground shaking to the

performance of a building.
Since smoothed design spectra are generally normalized to peak ground
motions values, the engineer may be misled to believe that there is a
direct theoretical correspondence between peak ground motions and
overall spectral magnitude. The engineer should realize the
difference between peak acceleration and effective peak acceleration,
being aware of the broader interpretation of the latter. It should be
noted that Trifunac (45) has made preliminary suggestions for
developing design spectra based on more general, and routinely
available parameters, eliminating the Gifficulties of specifying peak
ground motion parameters for development of response spectra.

Different recommended procedures base construction of the

response spectrum on different sets of peak ground motion parameters.
For instance, Newmark's recommended spectrum (26) is normalized with
respect to peak acceleration, velocity and displacement values. The
ATC recommendations (5) are based on peak acceleration and velocity
only. The NRC regulations1 (46) are based on peak acceleration and
displacement. The Blume (9), API (2), and Veterans Administration
(48) recommended spectra are based on peak acceleration only. Because
Newmark's spectrum is normalized with respect to three ground motion
parameters, it allows greater flexibility in the development of a
response spectrum curve. A tripartite plot of the Newmark spectrum
with 5% critical damping normalized to a 0.4g peak ground acceleration
is shown in Figure 2.4 (respective peak velocity and displacement

values of 1.60 ft/sec and 1.20 ft are used for the construction of the

11t should be noted that the NRC regulations were developed largely
from recommendations made in the Newmark (27) and Blume (9) studies.
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spectrum as recommended by Newmark as reasonable values consistent
with the 0.4g peak acceleration). For a comparison of this
recommended design spectrum versus actual earthguake spectra, the
Newmark pseudo-acceleration spectrum is plotted in Figure 2.3. As can
be seen from this figure, smoothed design spectra such as the Newmark
spectrum reflect an upperbound envelope of actual spectrum curves and,
consequently, will generally produce more conservative levels of
induced forces than would normally be expected from an actual
earthquake having the same peak ground acceleration.

Response spectra may be viewed as being composed of four parts
spanning different period ranges shown as zones A, B, C, D in Figqures
2.3 and 2.4. Most design spectra use the following general
relationship to represent the variation of spectral acceleration with

period:

Sa = (1/T)P

where the value of p will vary depending upon the design spectrum used
and the various zones ¢f the curve. In general, the characteristics
of the spectral acceleration curves (Figure 2.3} for the various zones

are as follows:

Zone A: Very low period range, peak acceleration related.
Spectral accelerations start from the peak ground
acceleration value at T = 0, and rise to the maximum
spectral acceleration values in zone B. The periods in
this range are generally smaller than the periods
corresponding to the maximum frequency content of the
ground motion. Values of p in the neighorhood of -1.0
are often used in this zone. A p value of ~1.0 results

in spectral acceleration varying linearly with period.

Zone B: Low period range, peak acceleration related. In this
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zone, the maximum spectral accelerations result
because the predominant periods of the ground
acceleration lie in this period range. Many recommended
design spectra (including Newmark's) specify a 1line of

constant acceleration, p = 0, to represent this zone.

Zone C: Medium period range, peak velocity related.
Spectral accelerations begin to decrease rapidly with
increasing period and taper off to a more gradual
decrease. For this zone,‘p values ranging between 0.5
and 1.0 are recommended by various design spectra.

Newmark recommends p = 1.0.

Zone D: Long period range, peak displacement related. In this
zone, the periods are several times greater than the
predominant periods of the ground accelerations and the
resulting dynamic amplifications are relatively small.
In this zone, the rate of descent of the acceleration
spectrum is greater than that in zone C. Newmark

recommends a value of p = 2.0 for this zone.

In Figure 2.5, the Newmark (26), Blume (9), API (2}, VA (48), ATC (5),
and NRC (46) recommended smoothed design spectra are plotted for a
0.4g peak acceleration and 5% critical damping. 1In Table 2.1, p
values used in the various spectrum zones are showm for these spectra.
Also values corresponding to the Uniform Building Code (UBC) (20)
equivalent static spectrum are given. (In section 2.3.2, tﬁe
influence of the different spectral relationships (p values) on
analytical response is discussed.) As may be noted from Figure 2.5
and Table 2.1, not all recommended design spectra incorporate all four
zones as described above. The VA and ATC spectra do not include zone
A separately since these spectra have been developed for building

design applications where response in this very low period range is
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usually not significant. However, for other types of facilities (e.qg.
nuclear power plants), very low period response may be important, and
thus, zone A should be included as a separate portion as is done in
the Newmark, Blume, API and NRC spectra. Also, zone D is omitted
from some of these recommended spectra resulting in more conservative
(larger) spectral amplitudes in the higher period ranges. Table 2.1
shows that the ATC, VA, and UBC recommended spectra include only
zones B and C, that the API and Blume recommended spectra include
only zones A, B, and C, and that the Newmark and NRC recommended

spectra include all four zones A, B, C, D.

Local soil characteristics can have an important influence on the
relative spectral amplifications in these zones by influencing the
surface ground motions that result from a given base rock excitation
(Seed(37)). For this reason, many recommended design spectra make
aliowance for the influence of scil type on the shape of the spectrum
curve. The general tendency of overlying soil is to push the spectra
response curve further out along the period scale, causing”greater
amplification in the longer period range as shown in Figure 2.6.
Greater effective peak ground velocity and displacement are expected
for sites with softer soil conditions. For the Newmark spectrum,
estimates of these peak values can be directly used to modify the
spectrum for various soil conditions. For other recommended spectra,
such as ATC and API, local soil conditions are accounted for by
classifying the site into one of a limited number of soil type
categories and by applying different spectrum modifications for each
category.

It can be seen from Figure 2.5 that significant differences
exist among the various recommended spectrum profiles although all are
based on the same peak ground acceleration and damping. For this

figure, the normal or default soil condition was assumed for each
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recommended smoothed design spectrum. These differences are
especially significant in the longer period range where larger
relative variations in spectral amplitude are noted. For instance,
at a period of 4 seconds, Figure 2.5 shows the ATC spectral amplitude
is about twice that of Newmark. Because of these differences, care

must be taken in choosing an appropriate smoothed response spectrum

for use in design.
2.2.3 Development of Site Specific Response Spectra

For especially important structures or where local soil
conditions are not amenable toc simple classification, the use of
recommended smoothed spectrum curves may be considered inadeguate for
final design purposes. In such cases, site specific studies are
performed to determine more precisely the expected intensity and
character of seismic motions. The development of site specific ground
motions is generally the responsibility of geotechnical engineering
consultants working within the structural engineer's design criteria.
The Structural Engineers Association of California (SEAQC) has
published guidelines (42} for developing site specific seismic ground

motions in which the following general steps are recommended:
Step 1: Geological and Seismology Study

Step 2: Establish Average Recurrence Rates and
Probabilistic Description o¢f Earthquake Events

for Each Source
Step 3: Determine Ground Motion Characteristics

(3 full description of the recommended procedures and a bibliography
of related publications are given in reference 42.)
In step 1, a study of the geclogy and seismology of the area is

made to identify the types and locations of earthguake faults that may
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have significant effects at the site. A historical study of past
earthquakes is made to form a data base for projecting future seismic
activity and estimating maximum capable Richter magnitudes.

In step 2, recurrence rates and probabilities of exceedence are
established for various earthquake magnitudes based on the data from
step 1. Recurrence rates can be represented by a logarithmic plot of
number of events exceeding a given magnitude versus the magnitude
value for a given time sgpan as shown in Figure 2.7. Using this
recurrence curve, probabilities of occurrence for various earthquake
magnitudes can be calculated through the application of a given
probability distribution law (Poisson, Bayesian, etc.). A typical
plot of probability of occurrence versus magnitude for different
structure design lives is shown in Figure 2.8.

From the accumulated geological data and seismologic history,
peak ground accelerations in the base rock can be estimated using
attenuation functions. Typically, these functions are empirical
relationships based on various attenuation data where estimates of
peak acceleration (A) are calculated as a function of Richter
lmagnitude {M), distance to causative fault (d), and focal depth (h) of
the source (i.e., A = £ (M,d,h)). Using the attentuation functions
and the information from steps 1 and 2, a relationship can be
developed showing probabilities of occurrence for various levels of
peak acceleration for an assumed project life span (e.g., 50 years) as
shown in Figure 2.9. Given the expected life and importance of the
structure, an appropriate probability of exceedence can be chosen and
design levels of earthguake magnitude and corresponding base rock
ground motion parameters (e.g., peak acceleration, frequency content,
duration) can be specified.

In step 3, design ground motions at the surface level are
developed for the local soil conditions. Empirical relationships may

be used to develop free-field ground motion parameters resulting from

21



the expected base rock excitations. Alternatively, full time history
computer analyses of the vertical propagation of seismic waves from
the base rock through the soil can be performed to obtain a history of
motion at the ground surface level. Computer programs have been
developed to perform this type of analysis for linear (35) and non-
linear (24) horizontally layered soil models. With programs such as
these, one or more appropriate ground acceleration histories (recorded
or artificially generated) whose characteristics roughly match
expected critical base rock motions can be input to predict free-field
surface motions-which can then be used to develop smoothed response
spectra curves to be used in design. In Figure 2.10, an example of

site specific spectra developed in this way are shown.
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2.3 BACKGROUND ON THE APPLICATION OF RESPONSE
SPECTRA FOR SEISMIC DESIGN OF BUILDINGS

Once an approach for development of response gpectra has been
chosen and representative critical ground motions have been developed,
there still remains a difficulty in applying spectrum analysis to the
design of buildings. This difficulty arises from the fact that
although response spectra are formulated based on linear elastic
behavior, buildings in seismically active areas are generally designed
to respond inelastically in a major earthquake. Before practical
design can be carried out, further modification of the elastic
response spectrum is required.

Several factors must be considered in determining the level of
earthquake excitation that a structure is to be designed to resist,
Apart from the local seismicity, factors reflecting the relative
functional importance of the facility and the inherent toughness,
ductility, and redundancy of the structural system are critical in
assigning appropriate levels of earthquake induced loads for design
purposes., Generally, the objectives in earthquake-resistant design

are as follows:

(1) to insure that no significant structural damage results
from a moderate earthquake having a reasonable
likelihood of not being exceeded during the life of the
structure;

(2) to insure against collapse or major structural failure

for a rare severe earthquake,

Design codes for buildings and other types of structures generally

incorporate the above two-level design philosophy in their



provisions, either explicity or implicitly.

The first design objective can be met by sizing the structural
members such that their yield strengths will not be significantly
exceeded in an earthquake of moderate intensity. At this design
level, the behavior is essentially linear elastic and application of
elastic response spectrum analysis can be used to arrive at critical
member forces.

In meeting the second design cbjective, the inelastic deformation
capacity of the structure must be considered. At this design level,
adequate energy absorption in the form of ductility and toughness must
be provided for in the design of the structural system. Due to
inelastic behavior, elastic response spectrum analysis is not directly
applicable for this design objective. A full nonlinear time history
analysis would be required for a "theoretically correct"” analytical
result. A full nonlinear analysis, however, is usually considered to
be too costly and time consuming for practical design, especially for
building analysis. As an alternative, an approximate technique for
applying the response spectrum method to nonlinear analysis has been
shggested by Newmark (26). This method is based upon the use of an
inelastic response spectrum arrived at by reducing the elastic
spectrum by a factor reflecting an assumed permissible ductility
ratio. In using this technique, the forces resulting from linear
analysis using inelastic spectra are presumed to be correct but
corresponding displacements must be factored by the value of the
ductility ratio. Procedures for practical application of inelastic
spectra in the design of buildings have been suggested (4). However,
it has been found that application of inelastic design spectra
predicts nonlinear earthquake response with limited reliability (8).
Moreover, being based on yielding single degree-of-freedom systems,
the technique is especially suspect for multiple degree-of-~freedom

systems such as multistory buildings (22). Thus, although the
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technique is convenient for preliminary design, it has not found
general acceptance in the engineering design profession.
Consequently, the second deSign objective of insuring against a major
structural failure is often met qualitatively by employing connection
and member design details that ensure ductile behavicr.
Recommendations for ductile design using reinforced concrete and steel
are outlined in building codes (20, 41). Elastic response spectrum
analysis is sometimes used to predict deformations and resulting
ductility demands for a severe earthquake excitation. 1In this case,
the implicit assumptions are that ductile behavior is well distributed
throughout the structure and that the inelastic deformation response
will be approximately eguivalent to the elastic response. Results
from this type of analysis may be used to predict approximate
ductility demands and to perform story drift and overall stability
(P-A) checks for deformation levels expected to result from a major
earthguake.

The term "dual spectrum approach" is used if two distinct levels
of prescribed earthquake excitation are employed to meet the two
aforementioned design objectives. The higher intensity motion is
often called "maximum credible earthquake"(or ductility level
earthquake) and the lower level motion is referred to as "maximum
probable earthquake™ (or strength level earthquake). The maximum
credible earthquake spectrum reflects an envelope of response values
which have a high probability (e.g., 85-95%) of not being exceeded
during the lifetime of the structure. The maximum probable earthguake
spectrum has a moderate probability (e.g., 50-60%) of not being
exceeded. An example of dual response spectra developed from a site
specific study is shown in Figure 2,10, Differences in magnitude and
shape of these two spectra reflect differences in the characteristics
of potentially critical earthquake sources. Also contributing to the

differences between the spectra are the relative probabilities of
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exceedance and damping values applied which, in turn, may depend on
the social or economic importance of the facility being designed, and
the type of structural system and construction materials used.

The social and economic importance of a facility influences the
degree to which design response spectra are reduced from elastic
response spectra corresponding to a maximum credible earthquake. In
this regard, different industries require different levels of
reduction (factors of safety) due to the varying importance of the
structures that they design. For instance, in the nuclear industry,
critical components of nuclear power plants may be designed to
withstand a maximum credible earthquake in purely elastic response due
to the functional importance of the facility. In the offshore o0il
industry, a lesser reduction of spectra is used than in the building
industry because of importance considerations, the lack of structural
redundancy and absence of nonstructural (energy absorbing) components
in offshore towers as compared to buildings. Generally, buildings are
designed using spectra corresponding to elastic limit level design
. which are more greatly reduced from maximum credible levels than
would be the case for other types of structures (e.g., nuclear power
plants, offshore oil platforms). This reduction in design force can
be seen from Figure 2.11 where the El1 Centro 1940 (north-south
component, 5% damping) acceleration spectrum is plotted along with an
"equivalent” spectrum corresponding to static lateral force
coefficients as specified by the UBC (20) for a ductile moment
resisting frame structural system. Current UBC recommendations do not
explicitly develop reduced force coefficients from a maximum credible
earthquake level but, several factors contribute to Jjustification for
these relatively low level forces used for earthguake resistant
design. Among these are the safety factor resulting from working
stress design, the ductile capacity of the lateral force resisting

system, energy dissipation contributed by nonstructural elements, and
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increased damping that will be brought into action during an
earthquake of major intensity. However, the underlying justification
for this reduction lies in the fact that buildings designed for UBC
static force levels have generally ©performed satisfactorily over the
years when subjected to earthquake excitations.

The ATC recommendations (5) take a somewhat more rigorous
approach than UBC in developing design response spectra for dynamic
analysis starting with an excitation level corresponding roughly to a
maximum credible earthquake for the site where:

the probability that the ordinates of the design elastic
response spectrum will not be exceeded during a 50-year
interval is rou%hly 90 percent, at least in the general
range of 80 to 95 percent.
For zones of highest seismicity, this elastic response spectrum is
based on an effective peak acceleration (EPA) of 0.4g and an effective
peak velocity (EPV) of 12 in/sec. A plot of this elastic spectrum is
shown in Figure 2.11. The ATC provisions recommend various factors
of reduction ranging from 1.25 to 8.0 to be applied to the elastic
response spectra depending on the type of structural system that will
be employed. A plot of the ATC elastic spectrum with a reduction
factor of 8.0 ( corresponding to a ductile moment resisting frame
system) is also shown in Figure 2.11. Using this reduced spectrum,
ATC states that:
design is based on internal forces resulting from a
linear elastic analysis using the prescribed forces and
assumes that the structure as a whole under these
Prgscr;bed forces should not deform beyond a point of
signficant yield."”
Here significant yield is defined as that level causing complete

plastification of at least the most c¢ritical region of the structure.

As can be concluded from the above discussion, application of

earthquake response spectrum analysis in the design of buildings
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relies heavily on engineering judgment and experience from past
performance., Development of appropriate design spectra for
elastic analysis and corresponding force levels for elastic limit
design is based on expected inelastic behavior and reserve strength

capacity of the particular structural system,
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2.4 BACKGROUND ON THE APPLICATION OF LINEAR
ELASTIC STRUCTURAL MODELING FOR EARTHQUAKE RESPONSE

As discussed in the previous section, in earthquake resistant
design of buildings, a "maximum credible" seismic event is expected to
induce nonlinear (inelastic) response of the primary lateral force
resisting structural system. Nonlinearities in response also occur at
lower levels of excitation due to participation of various secondary
and nonstructural elements that are typically present in building
systems. Nevertheless, analysis procedures based on elastic periods
and mode shapes generally can provide a practical and effective
approach for developing dynamic response quantities to be used in
design.

Modern earthgquake engineering philosophy emphasizes that
structural systems which do not have sudden discontinuities in
stiffness, strength or mass and that have sufficient redundancy and
ductility are desirable for earthquake resistant design .
Investigators have shown that structures exhibiting these qualities
tend not to show catastrophic changes in overall stiffness at higher
levels of response and tend to retain their basic elastic vibration
patterns (mode shapes) even after significant structural damage has
occured. For this reason, mode shapes derived from linear analysis
are usually considered to be appropriate for the purpose of defining
the dynamic distribution of force and deflection quantities.

In contrast to mode shapes, the natural periods of buildings may
demonstrate significant variation at different levels of response
whereby periods increase at higher levels of dynamic excitation. At
large response levels corresponding to very severe earthquake
excitations, inelastic softening of the primary lateral force
resisting system results in significant period elongation. However,

response based on elastic periods will more accurately represent force
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levels from earthquakes of moderate intensity and will better reflect
at least the initial response to a very severe earthqguake. At
moderate response levels, it has been observed in actual structures
that periods become larger than those indicated by small amplitude
testing even where no major structural damage has occurred. ™ -

This period elongation is caused by various losses in stiffness.
Possible sources of stiffness loss at moderate response levels

include:

(1) the loss of stiffness due to the nonparticipation of
nonstructural systems with increasing deflection

response;

(2) a "loosening up" of the foundation primarily by

nonlinear soil behavior;

(3) in reinforced concrete structures, cracking of concrete
reducing the effective section properties of members;

and,

(4) in steel structures, some yielding due to residual

stresses resulting in reduced stiffness.

In developing a mathematical model for dynamic analysis by
computer, care must be taken in assessing the influence of the above
factors and to include or omit various stiffening aspects in the model
of the building in order to arrive at natural periods that are
appropriate for use in design. To make this assessment, the analyst
should have an understanding of the functions and behaviors of the

different components that make up the total building system.

Buildings are composed ¢f various structural and nonstructural
systems that perform different functions. The structural system's

function is to safely transmit applied gravity, occupancy, wind and
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earthquake loads to the foundation of the building. Thus, the
structural system must have the ability to carry vertical and lateral
loads. Separate vertical and lateral systems may be used to carry
each of these types of loads, or a single system may be used to carry
both. Components of vertical load systems may include floor slabs (in
bending), supporting beams and girders, and columns and/or bearing
walls. Lateral load carrying systems may include floor slabs (in
diaphragm action), moment resistant frames composed of girders and
columns, braced frames and/or shear walls. In some cases, a primary
lateral load carrying system is backed up by a secondary system which
can help support loads if a partial failure of the primary system
occurs. Nonstructural systems may serve architectural or
electromechanical functicons and generally are designed to carry loads
required for self support only. Nonstructural systems may include
architectural features such as partitions, exterior cladding, curtain
walls, infill block walls, ceilings and stairwells, as well as
mechanical features such as plumbing, air conditioning, electrical
ducts and elevators.
In developing an appropriate model for predicting earthquake
response, the structural analyst should consider all aspects that may
significantly influence the dynamic properties (periocds and mode
shapes) of the building regardless of whether these serve a structural
or nonstructural purpose. In this regard, the SEAOC (41) lateral
force commentary states that the period should be:
derived from the representative properties and
dimensions of a mathematical model of the entire
structure including those elements contributing to the
stiffness of the structure, even though these elements
may not be part of the designated lateral force
resisting system.

The commentary further warns that if the period is calculated based on

the lateral force resisting system acting alone:

31



the period may be too long since the contribution of

nonstructural elements or assumed non-participating

frames tends to shorten the period.
And, an overestimated period will result in less conservative design
forces. However, explicit inclusion of all nonstructural or non-—
participating elements in the structural model would present a nearly
impossible task for the analyst. In reality, for modern high rise
construction, most nonstructural and non-participating elements do not
affect dynamic behavior to any significant degree due to their lack of
stiffness at small deflection and/or their lack of strength at larger
deflections. Relating to this, the Applied Technology Council (ATC)
tentative provisions (5) states that:

Because the periods of the modes contemplated in the

provisions are those associated with moderately large,

but still essentially linear response of the building,

the period calculations should include only those

elements which are effective at these amplitudes.
In formulating an analytical model, the analyst generally can safely
neglect components such as plumbing, piping, and other
electromechanical equipment along with non-moment resisting or light
framing that may be part of the vertical load carrying system unless
these are composed of non-isolated rigid elements of significant
strength. The small influence of systems such as these may be more
appropriately reflected by using an increased overall damping value in
the calculation of response.

It may, however, be prudent to account for features such as
secondary lateral systems, bending interaction of slab and girders,
three dimensional (non-planar, tube-type) interaction, block walls and
rigid stairwells, among others. Although appropriate to include
features such as these for period determination, in some cases it may
be inappropriate to distribute resulting forces back to these

components. In this regard, the SEAOC commentary states that:
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When calculating a structure's capacity to resist the
seismic forces that are attracted, it ma{ be necessary
to assume that only those elements detailed as ductile
and designated as part of the lateral load resisting
system contribute resistance capacity., It may be
necessary to ignore nonstructural or nonductile elements
when assigning resistance capacity.
This suggests that the analyst may be required to develop forces based
on one model and then distribute these forces to the structural
elements of a somewhat different model. In some cases, this may be
troublesome but often will involve only local redistribution of

forces, if any.

In summary, linear elastic analysis by computer can provide very
useful results to aid the engineer in earthquake resistant design.
However, care must be taken to use a rational approach in developing a
mathematical model of the structure in order to produce results

consistent with design criteria.

33



2.5 INFLUENCE OF STIFFNESS AND MASS UNCERTAINTIES
ON RESULTS OF RESPONSE SPECTRUM ANALYSIS

In linear elastic dynamic analysis, the natural periods and mode
shapes are the most important properties governing structural
response, For seismic analysis of buildings, gross design quantities
such as story shears, overturning moments, deflections and story
drifts are determined from these dynamic properties. The mode shapes
govern the distribution of the design quantities over the height of
the building and the natural periods (being directly related to
spectral amplitudes) govern the magnitudes of these design quantities.
The natural periods and mode shapes are analytically derived by
performing an eigenscolution of the stiffness and mass matrices and
therefore are directly dependent on the properties of these matrices.
Alterations to the stiffness and/or mass matrices will vary the.
natural periods and modes and thus change the magnitude and
distribution of design quantities, In developing a mathematical
model,the engineer may wish to make certain mass and stiffness
assumptions in order to yield conservative analytical response.
However, the degree of conservatism in the resulting response depends
not only on the mass and stiffness assumptions made but also on the
response spectrum chosen and analytical approach used., For instance,
in the UBC static equivalent approach, a 20% mass overestimate will
result in a 20% increase in forces and deflections. However, in
dynamic analysis using the Newmark spectrum, a 20% mass overestimate
may yield no increase in resulting forces or deflections. Because of
the uncertainties involved in modeling and the resulting need for
conservatism in analysis, it is important to understand how stiffness
and mass variations will influence design gquantities.

Often, uncertainties in modeling involve a roughly uniform
variation in stiffness or mass properties over the height of the

structure, For instance, effects such as rigid end zones, slab-girder
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interaction, participation of secondary systems and nonstructural
elements often cause a relatively uniform stiffening throughout the
building. Likewise, mass modeling conside;ations such as dead weight
estimates and the participation of live ({occupancy) loads and
partition loads may result in a uniform overestimate or underestimate
of actual floor weights, Modeling'variations such as these can cause
a significant change in the natural periods of the structure but often
do not result in a significant variation in mode shapes. For these
types of modeling variations, the resulting influences on gross design
quantities can be predictéd by applying a simple factor to the
stiffness and/or mass matrices, representing a uniform increase or
decrease of these properties.

Relationships for changes in design quantities contributed by
each mode resulting from factoring the stiffness and/or mass matrices

can be derived mathematically for a planar model of a building as

shown below.

Given K = initial stiffness matrix (n x n)

M

where n = number of stories in building

initial mass matrix (n x n)

the resulting eigenproblem is formulated as:

K - w™M $=0 (2.1)

where w = a natural frequency for initial
stiffness and mass matrices
¢ = a mode shape (vector) for initial

stiffness and mass matrices (n x 1)
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The resulting maximum modal story forces are given by:

¢ M
F=M3 Sa (2.2)1
$ M9
and modal story displacements are given by:
T
" Mr
D=¢ — =2
T sTmg @ (2.3)1
where F = initial modal story force vector nx1)
D = initial modal story_displacement vector (n x 1)
L = unit vector of ones (n x 1)

Sa = spectral acceleration for modal frequency in

Now, if the stiffness and mass matrix are factored, the eigenproblem

becomes:
* *
K -uw*M]¢ =0 (2.4)
where K* = a K = the factored stiffness matrix (2.5a)
and M* =b M = the factored mass matrix (2.5b)

Substituting (2.5a) and (2.5b) into (2.4), we have:

[aR- o2 bM 9*=0
or (2.6)

K-w?ZM ¢*=0

* b

a
Comparing eigenproblems (2.6) and (2.1), we see that the frequency and
mode shapes will vary according to:

R W @am) 1 . (2.7)

w

lgee Clough (11) for the derivation of expressions 2.2 and

2.3 L]
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and $ =b & (2.8)

assuming -

for mass normalized eigensolution,

The resulting design quantites for the factored stiffness and mass

matrices are:

* % 49 MI x 2.9
F =My *T * . Sa ( )
¢ M9
and
*
* *.@.TME Sa* 1
D =¢ =53 3 (2.10)
—_— ¢*TM* (]b* wz

Substituting (2.5b), (2.7) and (2.8) into (2.9) and (2.10) we find
that:

F =b ey F (2.11)
and

cl

*
oz
£l

D (2.12)

The value of the ratio Sa*/Sa depends upon the variation in spectral
amplitude resulting from the shift in natural period. For recommended
smoothed design spectra, this ratio can be explicitly represented if
the original natural period, T, and the shifted period, T*, both lie
in the same zone of the spectrum. Recalling that for most

recommended design spectra:
s« (1/mF
a

we have
P

v *
- /T *p_ P .
= 'LWT—} = (T/T )* = (w*/w) (2.13)

*
Sa

sa
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and substituting (2.7) into (2.13),

*
sa p/2? (2.14)
S = (a/b)
Using (2.14) in (2.11) and (2.12), we now have:
F* = b (a/b)P/2 P (2.15)
and
* p/2
D =(b/a)(a/b) D (2.16)

Story shears (V) and overturning moments (OTM) vary in direct
proportion to the story forces (F), and story drifts (d) vary in

direct proportion to story deflections (D). Thus, at every story we
have:

VNV =0om/ OmM=b (a/b)P/? (2.17)

and

D'/D=d /d =b/a) (a/b) P2 (2.18)

Expressions (2.17) and (2.18) represent the variations in gross
design quantities that result for the response of a single mode due to
factors of "a" and "b" being applied to the stiffness and mass
matrices respectively. The value of "p" will depend upon which
smoothed design spectra is used and in which spectrum zone the natural
period of the mode lies. In Figure 2.5, various recommended smoothed
design spectra are plotted and, in Table 2.1, "p" values for

these spectra are shown for the different spectrum zones. Generally,
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tall multistory buildings will have their most significant natural
petiods lying on the descending portions (p > 0) of smoothed design
spectrum curves represented by zones C and D in Figure 2.3.
Therefore, the p = 0 portion of spectrum curves are often of secondary
significance for dynamic analysis of tall buildings, However, it is
of interest to note that if equivalent static analysis methods as
suggested by UBC or ATC are used and the fundamental period is
calculated based on the code equations, variation in design quantities
is identical to the p = 0 condition in dynamic analysis. To
illustrate the different relationships for spectral acceleration,
plots of Sa*/Sa versus T*/T according to expression (2.13) are shown
in Figure 2,12 for the different "p" values corresponding to the ATC
(p = 0.667), Newmark (p = 1.0, 2.0), Blume (p = 0.794), API (p = 1.0)
and VA (p = 1.0) spectra.

In order to contrast the influence of different spectral shapes

on design gquantities, the following three cases are considered:

Case 1: variation of stiffness holding mass constant

(a =2, b =1,0);

Case 2: variation of mass holding stiffness constant
(a =1.0, b = ?);

Case 3: egqual variation of both mass and stiffness

({a =b=2).

The different "a" and "b" values for these cases are applied to
expressions (2.17) and (2.18) in order to plot relationships for the

variation of design guantities,
Lage 1
In Pigure 2.13, the variations in modal story shears, overturning

moments, deflections and drifts for case 1 are plotted versus the
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stiffness matrix multiplying factor, "a," for different "p" values.
The influence of stiffness variation on modal design force guantities
(story shears and overturnihg moments) is shown in Figure 2,13(a) and
Table 2.2, As can be seen from the figure, significant differences in
design force quantities result for different p values. For all p
values except p = 0, increasing stiffness results in increased modal
story shears and overturning moments. The reason for this is that
increasing stiffness decreases the natural period which, for p > 0,
results in larger spectral acceleration values and thus larger forces.
For p = 0, the spectral acceleration remains constant and no force
increase results. For p = 2.0, stiffness and force increases are
directly proportional where, for instance, a 20% increase in stiffness
results in a 20% increase in design forces (Figure 2.13(a): p = 2.0, a
= 1,20, V*/V = OTM*/OTM = 1.20). For p= 0.667, 0.794, 1.0, a given
degree of stiffness increases results in a lesser degree of force
increase where, for instance, if p = 0.667 a 20% increase in stiffness
results in a 6.3% increase in forces (Figure 2.13(a): p = 0.667, a =
1.20, V*/V = OTM*/0TM = 1,063). As p values become progressively
larger, greater rates of increase in design forces are observed,

In Figure 2,13(b), the variation of modal story deflection and
drifts with stiffness changes is shown. As can be seen from the
figure, changes in deflections resulting from stiffness variations are
reversed from changes observed in force quantities., For all p values
except p = 2.0, increasing stiffness results in decreased drifts. The
reason for this is that for a given degree of stiffness increase, a
lesser degree of force increase results. Therefore, the stiffness
increase predominates over the force increase and a net decrease in
corresponding deflections result. As p values become progressively
larger, smaller rates of decrease in deflections are cobserved, For p
= 2.0, the stiffness increase is equivalent to the force increase and

deflections remain constant.
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Thus, different spectra will yield significantly different
results., If stiffness is increased by 20% in a long period building
(e.g., T = 4.0 sec,) the Newmark spectrum {(zone D, p = 2.0) yields a
20% increase in fundamental modal forces and no change in deflections
whereas the ATC spectrum (zone C, p = 0.667) yields a 6.3% increase in
modal forces and an 11.4% decrease in deflections (see Table 2,2)., If
the UBC static approach (p = 0) is used, the fundamental period based
on the code equation remains unchanged and no change in applied forces

occurs but a 16.7% decrease in deflectionhs results (Table 2.2).

Lase 2

In Fiqure 2,14, the variations in design quantities for case 2
are plotted. 1In this case, stiffness is held constant and mass is
factored by "b". The first important observation that can be made for
this case is that identical c¢hanges in modal story shears,
overturning moment, deflection and drift quantities result due to
variations in mass and, thus, can be represented by a single plot.
For all p values except p = 2,0, increasing mass results in increased
design forces and deflections., For p = 2.0, design quantities remain
constant with increasing mass. Two offsetting influences affect
design guantities as follows: (1) increasing mass results in higher
interial forces being applied to the structure tending to increase
design quantities; (2) increasing mass causes an increase in natural
period which results in decreased spectral amplification (for p > 0)
tending to reduce design quantities. For p < 2.0, the influence of
(1) above outweights (2) and increasing design quantities result from
larger masses, For p = 0, desigﬁ quantities are directly proportional
to the mass factor, b, where a 20% increase in mass results in a 20%
increase in modal forces and deflections (Figure 2.14: p=20, b =
1.20, V*/V = QTM*/OTM = D*/D = d*/d= 1,20), For p = 0.667, 0.794,

1.0, a given degree of mass increase results in a lesser degree of
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force and deflection increase where, for instance, if p = 0.667 a 20%
increase in mass results in a 12,9% increase in design quantities
(Figure 2.14: p = 0.667, b = 1.20, V¥*/V = OTM*/0OTM = D*/D = 3*/4 =
1.129). As p values become progressively larger, smaller rates of
increase in design quantities are observed for increasing mass.

Thus, for a long period buliding(e.g. T=4.0 sec.), a 20% increase
in mass results in no change in fundamental modal forces or
deflections using the Newmark spectrum (zone D, p = 2.0) whereas the
ATC spectrum (zone C, p = 0.667) yields a 12.9% increase in both
forces and deflections (see Table 2.2). The UBC static approach (p =

0) will result in a 20% increase in both forces and deflections (Table
2'2).

Case 3

This case is a combination of cases 1 and 2 where the stiffness
and mass are factored equally (a = b). For this case, the factored
mode shapes and natural periocds are identical to the unfactored
values, Since there is no period shift, spectral amplitudes are
unchanged and variation of design force quantities results from
changes in mass induced inertial forces only. As can be seen in
Figure 2.15, identical variation in design quantities results for all
values of p. In Figure 2.15(a), it is seen that modal design force
quantities increase in direct proportion to the stiffness~mass
increase where a 20% increase in stiffness and mass results in a 20%
increase in modal shears and overturning quantities. In Figure
2,15(b), modal deflection variations are plotted., It is seen that an
increase in stiffness and mass results in no change in deflections and
drifts. This result can be reasoned from the fact that the increased
inertial forces are resisted by an equally increased stiffness
resulting in no change in modal deflections.

Thus, for a 20% increase in mass and stiffness, dynamic analysis
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using any of the various spectra shown in Table 2.2 will result in a
20% increase in modal forces and no increase in deflection. Likewise,

the UBC static apprcach also yields this same result.

The following general observations can be made from Figures 2.13,

2.14 and 2.15 and Table 2.2:

(1) In dynamic analysis, if only the stiffness is varied,
greater variation in story shears and overturning
moments will result for higher p wvalues, If UBRC
equivalent static approach is used (p = 0) no change in
design force quantities results (Figure 2.13(a)). For
deflections, dynamic analysis results in lesser
variations in for higher p values., For p = 2.0, no
variation in deflections results with changing
stiffness., If the UBC static approach is used, the

greatest variation in deflections results (Figure
2.13(b)).

(2) For changing mass only, dynamic analysis results in
lesser variations in story shears, overturning moments,
deflections and drifts for higher p values. If the UBC
static approach is used (p = 0), the greatest variation

in design quantities results (Figure 2.14).

(3) If stiffness and mass are both factored equally, the
same variations in design quantities result for all P

values including the UBC (p = 0) edquivalent static
method.

(4) For all p values, the most conservative (largest) story
shears and overturning moments result from the stiffest

and most massive idealization and the most conservative
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deflections and drifts result from the least stiff and
most massive model,
In the above observations, it is assumed that the UBC results are
based on approximate code formulae for period calculation and not on

the actual stiffness properties of the structure.

In summary, assumptions for modeling mass and stiffness
properties will yield varying degrees of conservatism in response
quantities depending on the spectrum (Newmark, Blume, ATC, etc.) and
approach (dynamic or code equivalent static) used. Expressions (2.17)
and (2.18) relate changes in mass and stiffness modeling to resulting
variations in design quantities, These expressions, along with Table
2.1 and Figures 2.13, 2,14 and 2.15, can be used to predict the
influence of various modeling assumptions on analytical response and
to assess the degrees of conservatism that result for different

response spectra and analytical approaches.
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Table 2.1:

P-Values Used by

VYarious Recommended

Design Spectra

Spectrum Zones

Design Spectrum A B c D
Newmark -0.81 ¢ 1.0 2.0
Blume* -1.0 ‘-1.0 0.794 ---
NRC -0,74 | -0.14 | 0.822 2.0
AP] -1.0 0 1.0 ---
ATC -—— 0 0.667 _——
VA -—— 0 1.0 -—--
UBC** .- 0 0.5 -
*Recommended spectrum for B84 % probability of‘not

being exceeded.

**UBC equivalent static spectrum.

5,5 (1/M)P
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Table 2.2: Variations in Modal Design Quantities Resulting
from Factoring Stiffness and Mass Matrices

Design Quantity.
0.8 1.

Case 1

Stiffness
Variation Only

a =

Case 2

Mass Variation Only
b =

Case 3

Mass and Stiffness
Variation

a=bhb=

P Spectrum Zone Ratio 0o 1.2 0.8 1.0 1.2 6.8 1.0 1.2
2.0 | Newnark D | vev, oo | o800 1.0 1.20 L1.e 1.0 1.0 0.8 1.0 1.2
D*/D, d*/d 1.0 1.0 1.0 (1.0 1.0 1.0 1.0 1.0 1.0

1.0 | Newmark, API, VA | C | v%/v, OTM®/0TM | 0.894 1.0 1.095 | 0.894 1.0 1.09 | 0.8 1.0 1.2
D*/D, d*/d .18 1.0 0.913 ) 0.894 1.0 1.005 ] 1.0 1.0 1.0

0.794 | Blume ¢ | vy, otmesorm | 0.9 1.0 1,075 | 0.87¢ 1.0 1.1%6 | 0.8 1.0 1.2
D*/D, d*/d 1.144 1.0 0.89% | 0.874 1.0 .16 | 1.0 1.0 1.0

0.667 | ATC ¢ | vy, otesor [ 0.928 1.0 1.063 | 0.862 1.0 1.129 | 0.8 1.0 1.2
D*/D, d*/d 1.160 1.0 0.886 | 0.862 1.0 1.129 | 1.0 1.0 1.0

0.0 | uBC static(?) ¢ |vov, oezore {100 1.0 1.0 |o0.800 1.0 1.20 0.8 1.0 1.2
DA/, d*/d 1.250 1.0 0.833 | 0.80 1.0 1.20 1.0 1.0 1.0

(Ngiven K* = aK, M* = bM

Design quantity correspondence is
vV, OTM, D, d: K, M
v*’ OTM*, D*l d*: 5*’ ﬂ*

(Z)Assumes period based on UBC equations.
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CHAPTER 3

ANALYTICAL STUDIES OF THE EARTHQUAKE RESPONSE OF
SEVERAL MULTISTORY BUILDINGS BASED ON EXPERIMENTALLY
DETERMINED DYNAMIC CHARACTERISTICS

3.1 INTRODUCTION

3.1.1 Scope and Purpose

Since the magnitude and distribution of earthquake induced
loadings depend upon the dynamic properties (periods and mode shapes)
of a given structure, determination of these properties is an
essential part of the seismic design process. With the aid of
computers, numerical models of complex structures can be constructed
and analyzed to give estimates of natural periods and mode shapes.
However, numerical models based on an unrefined representation of the
primary lateral force system acting alone often predict structural
periods that are significantly larger than those that would be
observed in small amplitude response studies due to the omission of
various structural and nonstructural modeling aspects. Although
periods based on small amplitude tests of buildings tend to be
somewhat lower than those expected during moderate earthquake
excitation (discussed in section 2.4), the development of analytical
models whose dynamic properties correlate well with small amplitude
tests is important in order to identify those modeling aspects that
can significantly influence response. Armed with an understanding of
the relative importance of these modeling aspects, the
engineer/analyst can make a better assessment as to which of these
aspects should or should not ne considered in developing a computer
model to meet his design objectives.

This chapter contains results of analytical studies performed on

five multistory buildings located in seismically active regions of the
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United States. Each building has been the subject of a previous study
in which the building's overall dynamic characteristics were
established by experimental testing using forced vibration and, in
some cases, ambient motion techniques. The results of the previous
studies are used as a data base for developing numerical models that
refiect the true small amplitude dynamic properties. FEarthquake
analyses are then performed on several models of each building to
assess the influence of various modeling assumptions. Predicted
dynamic responses are compared with responses résulting from
application of standard equivalent static analysis procedures
recommended by current building codes.

The five buildings studied, their important construction
features, and the references reporting the original experimental

dynamic test results are as:

Building Construction Features Ref.
1. ALOCA BUILDING, diagonally braced frames (32)
San Francisco with secondary moment
frame
2. TRANSAMERICA BUILDING, moment frame, (39)
San Francisco ' pyramid shaped
3. UNIVERSITY QF CALIFORNIA moment frame with (31)
MEDICAL CENTER BUILDING, long span girders
San Francisco
4, RANIER TOWER, moment frame with (40)
Seattle concrete pedestal base
5. CENTURY CITY THEME TOWER, moment frame, (29)
Los Angeles triangular plan

In the original studies referenced above, limited correlative computer
analyses were performed where, in order to reflect observed behavior,
the analytical models often incorporated stiffness and mass modeling
assumptions of general nature without incorporating the actual
detailed characteristics of the buildings. Therefore, practical

guidelines for appropriate modeling approaches were not derived as
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this was not the purpose of these studies.

In the current work,
extensively reanalyzed in order to develop computer models based on
the actual detailed characteristics of the structure that reflect the

the observed dynamic properties. The purposes of the analyses of the

study buildings presented in this chapter are:

(1)

(2}

(3)

(4}

(5)

It should be noted that the superstructures of all five buildings

studied

general behaviors of these buildings are believed to be representative
of multistory, high-rise buildings. constructed of reinforced concrete

as well.

to investigate the degree to which practical
mathematical models of limited complexity Ccan accurately

reflect true linear dynamic properties;

to understand the dynamic characteristics of the
buildings and how these contribute to the response

induced by earthquake;

to assess the influence of various modeling aspects on

dynamic properties and analytical response;

to compare earthguake response based on dynamic theory
with "equivalent static" response based on lateral load
provisions as recommended by current building codes;

and,

to draw general conclusions regarding the above
considerations, (1) through (4), pertaining to the

earthquake analysis of multistory buildings.

are primarily of steel construction. Nevertheless,
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It is realized that dynamic properties themselves along with the
detailed analytical models used to capture these properties are of
secondary interest to the design engineer. Of primary concern are the
resulting force and displacement quantities for which he must design
the structure in order to resist the earthquake excitation. 1In order
to enhance the applicability of this work to engineering design, an
effort has been made to present results in tefms of gross engineering
quantities most important for building design (i.e. gross shears,
overturning moments, deflections, and drifts resulting in each story)
and to keep the detailed modeling techniques consistent with current

building design practice.
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3.1.2 Approach Used for Analyses of the Study Buildings

The analytical studies of the five buildings are reported
separately in sections 3.2, 3.3, 3.4, 3.5, and 3.6. In order to
enable direct comparison of results, a single analytical approach
comprised of a six step procedure was used to investigate each of the
study buildings and the discussion of each building is organized
according to these steps. The background and intent of each step of

this analytical approach is presented in the following descriptions.

Step 1: Identification of the Structural System,

A review of the building system based on the structural and
architectural drawings and, if available, on design calculations is
carried out. Various systems and components potentially contributing

to the lateral resisting system are identified.
Step 2: Results of Experimental Studies.

Each building has undergone experimental dynamic testing by
forced vibration and/or ambient motion methods. In this step, results
of these studies are reviewed and significant aspects of overall
dynamic behavior are identified.

Step 3: Analytical Model Development and Comparison
with Experimental Results.

For each building, a series of detailed analytical models is
developed to investigate the influence of various modeling aspects on
dynamic properties (periods and mode shapes). Analytical results are
compared with the dynamic properties observed in the experimental
studies, Both translational and torsional modes of vibration are
examined. It is recognized that arbitrary variations in stiffness and
mass can easily be used to obtain a close match between experimental

and analytical periods. However, in the analysis of the five study
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buildings, all stiffness and mass modeling changes are explicitly
accounted for. Between 4 and 6 detailed models are feormulated for each
building. The first model (Model 1) generally includes only the
primary lateral force resisting system acting alone. Here, an
unrefined model is used where simplifying conditions such as two
dimensional (planar) frame behavior and center-to~center member
dimensions are assumed. In subsequent models, aspects such as three
dimensional (non-planar) frame action, rigid joint zones, vertical
and/or secondary lateral systems, nonstructural slab-girder
interaction, infill block walls, and refined estimates of mass are
incorporated. Extraneous structural and nonstructural elements (e.g.
floor beams with non-moment connections, architectural cladding,
electromechanical ducts and piping, etc.) are not included in the
models since it is usually not practical to model these components and
since these generally do not contribute significant lateral
resistance. The last model formulation for each building is the most
refined and generally shows the best correlation with small amplitude
results.

Step 4: Influence of Modeling Apprcach on Results of

Dynamic Analysis.

The objective in this step of the analysis is to investigate the
influence of the various assumptions used to develop the models of
each building on overall engineering design quantities. For each of
the models, a response spectrum dynamic analysis is performed for a
unidirectional earthquake input. Comparative results are presented in
the form of engineering quantities generally used in building design
including story shears, story overturning moments, total deflections
and story drifts. An envelope of maximum responses for each design.
guantity is calculated over the height of the building based on the
square root of the sum of the squares (SRSS) modal combination method.

The SRSS method provides good estimates of peak response for the

66



uncoupled modal responses of the five study buildings as discussed in
section 4.2. The Newmark elastic spectrum (26) was used to perform the
dynamic analyses since it is well known and is more representative of
actual earthquake spectra than, for instance, the ATC (5) recommended
spectrum. In order to yield results that are‘comparable to those
that would be used for elastic limit design, the Newmark spectrum is
scaled to reflect the peak ground acceleration level recommended by
the ATC Tentative Provisions. ATC specifies a 0.4g effective peak
ground acceleration for geographical areas of highest seismicity, The
0.4g scaled Newmark spectrum is shown in Figure 3.1.1. This spectrum
is then reduced by the ATC recommended response modification factor,
R, appropriate for the particular type of structural system (e.g., R =
8 for a moment resisting frame system; R= 6 for a braced frame dual
system). In addition to demonstrating the influence of modeling
assumptions on the magnitudes of design quantities, the relative
contributions of the various modes to these design quantities are also
examined in this step in order to enhance understanding of the dynamic
response of each building.

Step 5: Comparison of Design Spectra Dynamic Analysis

with Building Code Provisions.

In this step, the object is to compare the analytical responses
resulting from various dynamic and "equivalent static" recommended
applications of earthquake loading. Two different smoothed design
spectra are used for dynamic analysis: the Newmark spectrum and the
ATC recommended spectrum. Also, two different equivalent static
earthquake loading procedures are used: the UBC-1979 regulations and
the ATC tentative recommendations. In order to have a common basis
for comparison of these different loading methods, a single model of
each building is analyzed. Generally, the model used for this

analysis is the one that reflects the best correlation with the
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observed small amplitude dynamic properties and/or produces the most
conservative force quantities in dynamic response (i.e., the model

having the lowest natural periods of vibration).

In order to allow direct comparison of response quantities
resulting from the different seismic load procedures, the following

assumptions are made:

(1) Soil Conditions. Both the UBC and ATC provisions make
allowance for soil effects on responge using an "S"
factor whose value ranges from 1.0 to 1.5. For
consistency, the ATC recommended default value of § =
1.2 is assumed for calculation of both the ATC and UBC
spectral values representing stable desposits of sands,
gravels or stiff clays. Specific recommended variations
for so0il conditions are not made for the Newmark
spectrum but the data upon which the spectrum is based
is representative of firm ground, soft rock, or
competent sediments which are assumed to roughly

correspond to the 8 = 1,2 condition.

(2) Peak Ground Acceleration. Both the Newmark and ATC
recommended spectra are based on a peak ground
acceleration value. ATC gpecifies effective peak
acceleration, EPA, values ranging from 0.05g to 0.40g
depending upon geographic locality. An EPA value of 0.4g
was used for analysis of all of the study buildings.
For consistency of ground motion magnitudes ,the Newmark
spectrum is scaled to this same 0.4g peak ground
acceleration value. To yield force levels consistent
with elastic limit design, both spectfa are then reduced
by the appropriate ATC specified response modification

factor, R (R = 8 for ductile moment frames; R =6 for
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braced frame, dual system). A structural damping value
of 5% is used in development of the ATC'spectrum and is

therefore also used for the Newmark spectrum.

(3) Elastic Limit Design Factor for UBC. The ATC provisions
use elastic limit design as a basis for developing
magnitudes of earthquake loading where the strength of
structural steel members is determined using a factor of
1.7 times the working stress levels allowed by AISC (1).
The UBC, however, uses an allowable stress increase
factor of 1.33 for earthquake loading. Therefore, to
make a consistent comparison of UBC versus ATC
equivalent static methods, earthqguake UBC specified
static loadings are factored by 1.70/1.33 = 1.278.

In Figure 3.1.1, the reduced ATC spectrum is shown
corresponding to an EPA value of 0.40g and an R value of 8 (for moment
resisting frame construction) resulting in a reduced eguivalent EPA
value of 0.05g (= EPA/R = 0.49g/8), Also shown in this figure is the
Newmark spectrum scaled to the same 0.0SQ peak ground acceleration.
As can be seen from the figure, ATC recommends more c¢onservative
values of spectral amplitude in longer period ranges and less
conservative values in shorter period ranges. Since the multistory
buildings being studied have relatively long periods, the ATC spectrum
will generally produce higher levels of response than the Newmark
spectrum for corresponding levels of ground motion amplitude. The
Newmark spectrum, however, is more representative of actual earthquake
spectra and, in fact, yields more conservative results than would
generally be expected from an actual earthquake with the same peak
acceleration (Figure 2.3). Also shown in Figure 3.1.1 is the UBC
equivalent static spectrum for moment resisting frame multiplied by

the 1.278 factor. As can be seen, the UBC recommends the largest
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spectral amplitudes at longer periods and will generally result in
the most conservative force levels for tall multistory buildings.

In the application of static lcad procedures, the UBC and ATC
recommendations supply approximate empirical formulae for calculating
the fundamental periods of buildings. However, period calculation
based on a more detailed analysis is recommended. Therefore in this
study, response results for the UBC and ATC equivalent static
procedures are determined using two fundamental periods: (1) the
approximate fundamental period as calculated by codebook formula; and,
(2) the fundamental period corresponding to the analytical model used
for the dynamic analyses. The difference between these two periods
often results in significant variation in equivalent static response
guantities.

In comparing the various static and dynamic analyses, both the
magnitude and distribution of response quantities are examined.
Firstly, the magnitude of design quantities (story shear, overturning
moment, deflection, and story drift) resulting from the different
earthquake loading approaches are compared. Then, these quantities
are normalized with respect to base shear and the differences in the
distribution of response over the height of the building are
illustrated.

Step 6: Comparison of Code Design Forces with
Dynamic Forces Induced by Actual Earthquake

Spectra
In this step, force response predicted by dynamic analysis using
real earthquake spectra are compared to equivalent static forces that
would be used for the design of the building in accordance with UBC.
The purpose is to examine, qualitatively, the ductility demand in the
study buildings when subjected to major earthquakes. For each
building two different computer models of the building are chosen from

the 4 to 6 models developed and are used to predict elastic force
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response. One model is composed only of structural elements
contributing stiffness and strength to the primary lateral force
resisting system. The relatively high natural periods of this model
generally result in lower bound approximations to induced elastic
dynamic forces. The second model includes various secondary and
nonstructural (if any) elements and is, generally, the model that best
reflects experimentally observed small amplitude behavior. The lower
natural periods of this model usually result in conservative estimates
of induced forces. Together, results from the two models serve to
bound a range of force response that may be expected if the structure
were to respond elastically to actual earthquakes. Two earthgquake
spectra were used for dynamic analysis, El Centro 1940 and Taft 1952.
These two earthquake spectra are shown in Figure 3.1.2. Data

pertaining to these earthquakes is as follows:

Site Taft El Centro
Date 7/21/52 5/18/40
Earthquake Kern County Imperial Valley
Richter Magnitude 7.6 6.6
Source Distance 56 Km 8 km
Component S69E SOOE

Soil rock stiff

Peak Gr. Acc. 0.179g 0.348g

Due to proximity of the source, the El1 Centro spectrum reflects
greater intensity of ground motion than the Taft spectrum and will

produce larger analytical force response quantities.

The UBC provisions are used to approximate the level of forces
that the buildings have been designed to resist elastically where the
lateral loads actually calculated by the design engineers are used, if
available. The UBC forces are again multiplied by the factor 1.278 to
correspond to elastic limit force levels. For comparison with the two
earthquake spectra, the factored UBC equivalent static spectrum for

moment resisting frames is also shown in Figure 3.1.2.
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3.1.3 Computer Programs Used for Structural Analysis

The dynamic analyses of the study buildings are performed using a
modified version of the ETABS program (23) and the SAP-IV (7) struc-
tural analysis program. Both of these program are publicly available
and distributed by the National Information Service for Earthquake
Engineering located at the University of California, Berkeley.

ETABS is a special purpose program for the analysis of building
systems. The following assumptions are incorporated in its analytical

procedure:

(1) floor slabs are assumed to behave as rigid diaphragms in

their own plane,

(2) only lateral translational and rotational lumped mass

degrees of freedom are allowed,
{3) column lines are vertical.

These assumptions enable ETABS to perform dynamic analysis of
buildings with greater numerical efficiency than could be achieved
using a general purpose program. The program is an adequate analysis
tool for the majority of multistory buildings. However, ETABS'
modeling capabilities are limited due to its assumptions and its
fairly small element library. Most of the analyses of the study
buildings are performed using ETABS. However, for special modeling
situations, the SAP-IV general purpose analysis program is used. The
SAP~IV program can perform analyses identical to ETABS, but with
lesser efficiency (and greater cost). These programs were chosen for
use in this study since they are publicly available and are relatively
inexpensive to purchase and use., Several other commercially available
programs are also able to pérform analyses such as those described in

this chapter. A modified version of the ETABS program able to produce
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results in the form of gross engineering quantities has been used for

this study.
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3.2 ALCOA BUILDING

The Alcoa Building is a multistory office building located in San
Francisco, California. The structure was designed by Skidmore, Owings
and Merrill, Architects and Engineers, Inc. of San Francisco. The
construction of this building was completed in 1967. The 27-story
building has base dimensions of 112 feet by 212 feet and rises to a

height of 373 feet. A photograph of the building is shown in Figure
3.2.1.

3.2.1 Description of the Structural System

.The primary lateral force resisting system consists of four
braced frames located at the exterior walls of the building (two in
the E-W direction, two in the N-S direction). Between the 2nd and
26th floors a truss bracing system is used with load transfer points
every three stories (Figure 3.2.2). In the first story, lateral
forces are resisted by moment frames in the N-S direction and by two
shear walls in the E-W direction. Vertical hanger elements are used
to carry floor loads to the transfer peints. The corner columns and
intermediate columns are box~sections constructed of welded steel
plates. The outer dimensions of these columns are constant throughout
the height of the building with the thickness of the plates being
reduced with increasing height (Figure 3.2.3). The diagonal bracing
members are also welded steel plate box sections.

In addition to the primary system, a central core ductile moment
frame extends over the full height of the building as a secondary
lateral resisting system (Figure 3.2.4(a)). The core columns and
girders are wide flange sections, most of which are encased in

concrete for fire protection. The girders are wide flange sections
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with welded haunches as shown in Figure 3.2.5(a).

The E~W interior frames are linked to the exterior columns at
frame lines C and D by girders spanning from the core to the exterior
frame. Several bays of the interior frame are infilled with 8"
concrete block walls enclosing stairwells and elevator shafts, as
shown in Figure 3.2.4 (b). At the lst story, the core frames are
embedded in the two E-W shear walls at frame lines C and D (Figure
3.2.4 (a)). Each shear wall is 20 inches in thickness and about 42
feet in length.

The floor slab between the central core and the exterior frames
consists of 2.5 inches of concrete cover over 1.5 inch concrete filled
corrugated steel decking. Inside the core area, the floor typically
consists of a 5 inch thick solid slab. 1In Figure 3.2.5 (b), typical
floor slab construction for core and non-core areas are shown. The
slabs are supported by secondary floor beams throughout.

Below the lst floor level, lateral loads are resisted by a
massive shear wall foundation system extending down through 3 levels
(40 feet). The walls are continuous around the building periphery with
additional E-W walls along frame lines C and D. The foundation is
supported by a system of pile groups located under the foundation

walls as shown in Figure 3.2.6.
3.2.2 Results of Experimental Studies

In June 1967, small amplitude forced vibration tests of the Alcoa
Building were carried out by the Earthquake Engineering Research Center
of the University of California at Berkeley. For a detailed
discussion of this study see reference 32. The forced vibration
system was able to excite the first two modes in each of the two
translational directions and in torsion. In Figure 3.2.7, the
experimental results for the first two mode shapes and periods for

each of the three directions of motion are shown.
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The experimental results reflect several aspects of dynamic
behavior of the building. Firstly, comparing results for the two
translaticnal directions, it is seen that the E-W fundamental period
of 2.21 sec. is significantly larger than the 1.67 sec. period in the
N-S direction. This reflects the greater stiffness that exists in the
N-5 direction owing to the larger plan dimension. A second aspect of
dynamic behavior can be sSeen by comparing the two translational
fundamental mode shapes in Figqgure 3.2.7. The N-S fundamental mode
demonstrates shear beam type of response whereby the deflected shape
can be reasonably approximated by a staight line of constant slope.
This response indicates that the N-S lateral defletions are caused
primérily by sheéring distortions caused by axial deformations in the
diagonal bracing. However, the E~W fundamental mode demonstrates more
cantilever type behavior especially in the lower half of the building
where the deflected shape shows an increasing slope with height. This
response indicates that, in addition to shearing distortions, the E-W
lateral deflections are significantly influenced by bending action due
to large overturning moments near the base which cause substantial
axial deformations in the columns.

Another significant aspect of behavior demonstrated in Figure
3.2.7 is foundation flexibility. As can be seen from the
translational mode shapes, small deflections are induced at the base
of the foundation. This indicates some lateral pile flexibility
results even at the low levels of response. However, the foundation
shear wall system responds essentially as a rigid body in the
translational modes due to its relative stiffness.

In the torsional modes, no pile flexibility is noted but a
greater relative flexibility in the foundation wall system is
indicated compared to translational modes. This probably results from
the fact that the E-W shear walls attract most of the torsional forces

at the first story and, when transmitted to the foundation, the
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peripheral walls are not fully participating in providing resistance.
And, due to the small lever arm of the interior walls relatively
greater torsional than shear flexibility results in the foundation

system.
3.2.3 Description of Analytical Models

Dynamic analyses of the Alcoa Building are performed using a
modified version of the ETABS program. The mass values used in the
analyses were based on dead load calculations supplied by the design
engineers. The 20 psf partition load required by UBC was subtracted
from the dead load as this weight increase is believed to
overestimate the actual weight of the building during the experimental
testing. Also, the roof weight was reduced since it appeared to be
significantly overestimated in the design calculations. The final
weight values used in the analyses are shown in Table 3.2.1. Five
computer models of the building were formulated to investigate the
influence of various structural modeling aspects on overall response.
Detailed descriptions of the various models are given below. Rigid
floor diaphragm behavior is assumed for all models.

Model 1

In Model 1, only the primary lateral force resisting system
consisting of the N-S braced frames of the exterior walls is modeled.
Two analytical models are used to perform separate analyses of E-W and
N-S frames act independently with no structural coupling. Beam-column
and pin-ended brace elements are used to model the exterior wall truss
system. This model can be represented using only 10 story levels over
the height of the building since truss work points are located every
three stories in the braced portion of the structure. Consequently,
mass values for three stories are lumped at a single level where
appropriate. The E-W concrete shear walls at the first level are

modeled using an equivalent spring with stiffness equal to the
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calculated shear stiffness of the walls. A schematic of the two
frames of Model 1 is shown in Figure 3.2.8.
Model 2

The objective in the formulation of Model 2 is to account for the
three-dimensional behavior of the exterior frame allowing full
continuity at the intersections of the E-W and N-S frames. Inclusion
of this three-dimensional behavior induces shear lag around the
corners of the building allowing the N-S5 frame to contribute
resistance to E-W response. A schematic of Model 2 is shown in Figure
3.2.9. The shear walls at the first floor level are modeled using
ETABS' shear panel elements. As in Model 1, the structure is
represented using lumped floor mass at 11 levels only.
Model 3

The objective in the formulation of Model 3 is to account for
the effects of the interior core moment resistant frame in the
building response. The core frame is modeled as a separate 26 story
frame consisting ¢of two frame lines in each direction. Rigid joints
zones and haunched girder ends were accounted for in formulating
member stiffnesses. Also, nonstructural slab-girder interaction is
included assuming full composite action where equivalent section
properties are calculated according to AISC specifications, section
1.11.5. Roughly 100% increase in moments of inertia resulted in the
core girders due to this effect. Concrete encasement of some of the
core columns was also accounted for causing eguivalent increases in
moment of inertia ranging from 10% to 120%. The exterior frame is
linked to the interior frame only at levels where work points exist
(every 3 stories over the braced portion of the structure). The floor
masses are distributed over the 26 stories. A schematic of Model 3 is
shown in Figure 3.2.10.
Model 4

Model 4 includes the nonstructural effect of the infill block
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walls in the core frame system. A typical layout of the block wall
locations is shown in Figure 3.2.4(b). Only those walls infilling the
moment framing along frame lines C,D,G and H are included in the
model. ETABS shear panel elements are used to model the infill walls
using a shear modulus of 600 psi calculated in accordance with the
Reinforced Masonry Engineering Handbook (3). A schematic of model 4
is shown in Figure 3.2.1l.
Model 5

The main objective in the formulation of Model 5 is to include
the effects of foundation and pile flexibility. Based on the results
of the experimental tests, egquivalent lateral springs were used to
model pile flexibility in the two translational direction. The spring
stiffness used reflects an average lateral stiffness of about 300
k/in. per pile. Finite elements are used to model the foundation wall

system. A schematic of Model 5 is shown in Figure 3.2.12.

3.2.4 Comparison of Analytical and Experimental Dynamic Properties

Analyses were performed to extract the natural periods and mode
shapes of the five models described in the previous section. 1In
3.2.13 and 3.2.14, the first two modes for translation in each
direction and for torsion are shown for models 1,4, and 5. As can be
seen from these figures, the analytical mode shapes compare very well
with experimental values. In Figure 3.2.13, the fundamental
translational modes resulting from analyses verify the shear type
behavior in the N-S direction and the cantilever type behavior in the
E-W direction that were noted in the experimental response. Model 5
gives a good representation of the relative stiffness of the
foundation wall system and the pile flexibility at the base of the
building that were noted in the experimental results.

In Table 3.2,2, analytical periods for the four models are

compared with experimental values. Model 1 is the most flexible
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idealization of the building consisting of the exteior braced frames
acting as planar frames. As is seen from the table, this model
produces fundamental periods of 2.42 sec. in the E-W and N-S
directions, respectively, being 9.6% and 19.4% greater than
experimental values.

In Model 2, three dimensional modeling of the exterior frame
brings the fundamental periods down to 2.24 sec. and 1.95 seconds,
respectively. As shown in Tables 3.2.3, these period reductions
correspond to increases in fundamental modal stiffnesses of 16% and 5%
for the E-W and N-S directions respectively. ©Since the shear lag
resulting from the three dimensional modeling causes a flange effect
inducing axial forces in the columns of the orthogonal frames, the E-W
stiffness increased more than the N-8 due to the longer effective
flange provided by the N-S walls. The first two torsional periods of
1.12 sec. and 0.42 sec. are in excellent agreement showing variations
from experimental values of less than 1.2%.

Addition of the core frame in Model 3 and the block walls in
Model 4 causes further reductions in period to 2.00 sec. and 1.68 sec.
for the E-W and N-S directions, respectively. Model 4 is the stiffest
model and, having the lowerst periods, will lead to the largest
dynamic forces in seismic analysis. Inclusion of the pile flexibility
in Model 5 results in periods which show the best overall comparison
with experimental values. As seen in Table 3.2.2, Model 5 yields
periods of thé first two modes in the translaticnal and torsional
directions that are all within 5% of experimental values.

Also shown in Table 3.2.2 are UBC, ATC values for the
fundamental period of this building based on codebook formulae. As
can be seen, the code book periods of 1.69 sec. and 1.23 sec. for the
E-W and N-S5 directions respectively underestimate the small amplitude
experimental periods by approximately 25%.

In Table 3.2.3, the relative significance of various secondary
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mbdeling assumptions on the modal stiffnesses is shown. In E-W
translation, 3-dimensional modeling, participation of the core frame
and addition of the nonstructural block walls contribute 16%, 19% and
11% increases, respectively, with respect to the Model 1 lateral
stiffness. In the N-S direction, 3-dimensicnal modeling is not very
significant showing only a 5% increase in the fundamental modal
stiffness, but the core framing and block wall modeling cause
stiffness increases of 13% and 24%, respectively, The total stiffness
increases of Model 4 over Model 1 are shown in the last column of
Table3.2.3. Note that the translational modal stiffnesses show
increases ranging from 42% to 58%. However, the torsional modal
stiffnesses show increases of 8% and 10% indicating that the torsional
stiffness is relatively insensitive to the modeling refinements made.
Overall, excellent correlation of the analytical and experimental
dynamic properties is achieved by accounting for the various
structural and nonstructural effects that might neormally be omitted.
Especially notable is the fact that the single formulation of Model 5
is able to predict the first two modes in each translation direction

and in torsion with such good accuracy.

3.2.5 Influence of Modeling Approach on Design Quantities

In this section, results of response spectrum dynamic analysis of
each of the five models are presented to demonstrate the influence of
different modeling approaches on gross design quantities. The Newmark
spectrum scaled to 0.05g peak ground acceleration is used which
corresponds to the ATC recommended reduced spectrum peak acceleration
level. Four analytical modes which account for over 90% of the
effective mass are used to calculate response in each of the two
translational directions.

In Figures 3.2.15 through 3.2.18, predicted peak story shear,

overturning, deflection and drift envelopes for the various models are
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plotted over the full height of the building. Some significant
aspects of response can be seen in these figures. In Figures 3.2.15
and 3.2.16, shear and overturning moment distributions are shown for
the different models. 1In general, shear values increase with the
stiffer model formulations. However, careful inspection of Figure
3.2.15 shows that in the uppermost 2 or 3 stories, shears from Model 3
are somewhat less than those from Models 1 and 2 for both the E-W and
N-S directions. This is due to the core frame's role as a primary
lateral force resisting system between the mechanical and roof levels
causing reduced inertial forces at this level. Thus, omission of the
core frame in Models 1 and 2 results in overly flexible response of
the uppermost story producing overestimations of shear at this level.
At the base, Model 4 predicts the greatest shear and overturning
values, being the stiffest formulation. Addition of lateral pile
flexibility in Model 5 results in slightly reduced force response
values as is seen in the figures due to increased periods and
accompanying lower spectral acceleration amplitudes.

In Figure 3.2.17, the deflection response envelopes are plotted
for the various models. As would be expected, lesser deflections
result with increasingly stiff models. As was noted in the mode shape
response, the E-W deflections reflect a significant degree of
cantilever type response whereas the N-S deflections show shear type
deflection response. Another difference in deflection response of the
two directions occurs at the first story where much smaller
deflecticnals result in the E-W direction due to concrete shear walls
present at this level. These differences in deflection response are
more dramatically illustrated in the drift responses shown in Figure
3.2.18. Again, cantilever type behavior is noted in the E-W direction
(Figure 3.2.18(a)) evidenced by thé increasing drift with greater
height whereas the N-S5 response shows roughly constant drift

reflecting shear type behavicr. It is evident from Figure 3.2.18(a)
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that inclusion of the structural core in Models 4 and 5 tend to reduce
the E~W drifts caused by cantilever action in the upper part of the
building as compared to the Model 1 response demonstrating the
significant contribution of the core to the stiffness of this portion
of the structure. Alsc, action of the core frame as a primary lateral
force resisting system in the mechanical and roof levels and in the N-
S first story substantially reduces drifts at these levels.

In Table 3.2.4, selected values of shear, overturning, deflection
and drifﬁ are shown for the different models along with percent
changes from Model 1. As can be seen from this table, base shear
increases only slightly, due to the three dimensional idealization of
Model 2 increasing 2.9% {(from 2539k to 2612k} in the E-W direction and
1.9% (from 3031k to 3089k) in the N-5 direction. An increase of 7.7%
(from 6079 to 6545 x 103 k in.) in base overturning results for the E-
W direction and a 2.9% increase (from 7967 to 8199 x 10° k in.)
results in the N-S direction. Inclusion of the core moment frame in
Model 3 causes further increases in force quantities bringing the
story shears and overturning moments up an additional 5% to 10% over
most levels of the building. 1In Model 4, where the stiffening effect
of the core frame's infill block walls are accounted for, the largest
base force quantities and smallest deflection quantities result. The
E~W base shear of 3054k and base overturning of 7441 x 103 k in. are
increases of 20.3% and 22.4% over Model 1 values. In the N-S
direction, valﬁes of 3525k and 9211 x 103 k in. result, being
respective increases of 16.3% and 15.6% over Model 1 values.
Deflections and drifts are smallest for Model 4 being about 20% less
than Model 1 in the EW direction and about 16% less in the N-S
direction. Inclusion of lateral pile flexibility in Model 3 results
in slightly smaller force guantities and slightly larger deflection
guantities compared to Model 4 as seen the the table.

Greater understanding of the dynamic behavior of the Alcoa
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Building can be gained by reviewing modal contributions to gross
design quantities. Relative modal contributions to the total sum of
the squares values of story shears, overturning moments, deflections
and drifts over the full height of the building are shown in Figures
3.2.19 and 3.2.20 for Model 4. 1In Figure 3.2.19(a) and (b), the
significance of the higher translational modes (2nd through 4th) are
seen to contribute substantially to shear and overturning moment in
the upper stories of the builidng. The second modes are dominant in
shear and overturning resposnse in the top 5 or so stories in both the
E-W and N-§ directions. Near the midheight of the building, shear
response is dominated by the first mode only but overturning still has
a significant contribution from the second mode. At the base, the
first mode dominates overturning response with higher modes being
insignificant. The second modes contribute significant shear force at
the base especially in the E-W direction where the second mode
contribution is nearly as great as the first. Figure 3.2.20(a) shows
that deflections are dominated by the first mode, especially in the
upper regions, but the second mode contributes significantly near the
base. Like the shear response, medal contributions to drift in Figure
3.2.20(b) show the greatest contribution of higher modes near the top
and base of the structure but the first mode is the largest
contributor to drift at all levels of the building.

As seen from Figures 3.2.19 and 3.2.20, modal contributions to
the various design quantities are quite similar in both the E-W and N-
8 direction. In general, however, higher modes have a somewhat
greater influence in E-W response due to the greater flexibility and

resulting longer periods in this direction.
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3.2.6 Comparison of Dynamic Analyses and Code Equivalent
Static Procedures

In this section, a comparison is made of the Alcoa Building's
response to different recommended static and dynamic seismic loading
approaches ( see section 3.1.2 for discussion). The ATC and Newmark
spectra are used for dynamic analyses. Both of these spectra are
based on the ATC recommended 0.067g reduced peak ground acceleration
for dual system construction. The UBC equivalent spectrum is
multiplied by 1.278 to correspond to elastic limit design. Model 4
is used as a basis for the comparative analysis since this model will
yield the most conservative force results being the most stiff
representation of the structure. Both the Model 4 analytical
fundamental periods {2.00 sec. E-W and 1.68 sec. N-S) and the UBC,
ATC codebook calculated periods (1.69 sec. E-W ; 1,23 sec. N-S) as
shown in Table 3.2.2 are used to calculate equivalent static response.
Groés design quantity responses are summarized in Figures 3.2.21
through 3.2.24 and in Table 3.2.5.

Comparing the dynamic analyses, Figures 3.2.21 through 3.2.24
show that the ATC spectrum produces somewhat larger response values
than Newmark for this building. As summarized in Table 3.2.5, the ATC
spectrum yields about 7% greater base shear, 20% greater base
overturning moment, and 20-25% greater drifts and deflections in the
E~-W direction. In the N-§ direction, about 7% increase in base shear
is again noted élong with increases in base overturning, deflection
and drift of about 15%. In moving from the Newmark to ATC spectrum the
base shear shows lesser variation than the other design quantities due
to the significant participation of the higher modes in base shear
response whereas the other tabulated response quantities are dominated
by the first mode (see Figure 3.2.19 and 3.2.20). And, as can be seen
in Figure 3.1.1, the ATC spectrum gives greater spectral accelerations

than Newmark at periods longer than about 1.1 sec. but lower values at
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lesser periods. Therefore, the reduced amplification of the second
mode which éontributes significantly to shear tesponse partially
offsets the base shear increase due to fundamental mode amplification.
Results from equivalent static analyses are also shown in Figures
3.2.21 through 3.2.24. The shaded portion of these figures emphasizes
the variation in static equivalent response quantities resulting from
the use of the analytically derived fundamental periods from Model 4
versus the fundamental periods calculated from codebook formulae. The
differences between codebook and anlytical periods produce significant
variations in predicted response, where the longer analytical periods
yield smaller response values. For UBC static analysis, use of the
codebook periods result in increases of about 9% and 17% over response
guantities based on the analytical periods in the E-W and N-S
directions respectively (e.g. as showin in Table 3.2.5, E-W base shear
increases from 4026 k to 4386 k when codebook rather than analytical
period is used) . For ATC static analysis, use of the codebook
periods result in increases of about 12% and 23% in the E-W and N-8
directions over static results based on the analytical periods. Note
that for this building, the UBC approach yields smaller story shears,
drifts and deflections than the ATC static approach but greater base
overturning moments due to the 0.8 reduction factor allowed by ATC.

It is of particular interest to compare the dynamic and
equivalent static responses as recommended by ATC since these are
derived from the same response spectrum. In Figures 3.2.21 and
3.2.22, the shear and overturning results for both the static and
dynamic ATC approaches using the analytical fundamental periods are
shown. Note that the ATC dynamic response gquantities are all
significantly less than the corresponding values obtain from
equivalent static analysis. From Table 3.2.5, it is seen that the E-W
base shear resulting from ATC dynamic analysis is 3273 k being only

78% of the static value of 4210k using the same 2.00 sec. fundamental
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period. Similarly, the E-W dynamic base overturning is 8892 x 103 k
in. or 81% of the static value of 10885 x 103 in. This discrepancy
between ATC equivalent static and dynamic results is due to the
relative conservatism in the static solution introduced by assuming
the full mass of the building participates in the response of the
fundamental mode. This result is further discussed in section 3.7.

In Figures 3.2.25 through 3.2.28, the story shear, overturning
moment, deflection and drift responses normalized to base shear are
shown for the different static and dynamic analysis approaches. The
dynamic analyses using Newmark and ATC spectra show similar trends in
response distribution over the height of the building. In Figure
3.2.25, the story shear distribution show fairly close agreement
between these two spectra but compared to the ATC results, the Newmark
results indicate somehwat lesser relative shears in the lower two
thirds of the building and higher relative shears in the upper third.
This is due to the greater relative contribution of the higher
(shorter period) modes in the Newmark response due to the spectrum
shape (Figure 3.l1l.1). The ATC and UBC static response shear
distributions show further variations from the dynamic distributions.
The UBC and ATC static distributions result in larger relative shears
in the lower two thirds of the building since these are based on the
response of the fundamental mode only. The ATC static distribution
gives the largest relative shears in the lower two thirds of the
building (as much as 30% greater than the Newmark dynamic value at
midheight in the E-W direction since it is based on a cantilever type
(nonlinear) fundamental mode shape rather than a shear type (linear)
mode shape as assumed by UBC. At the top of the building, the UBC
distribution gives the greatest relative shear value due to the
required top load and the ATC static distribution gives the lowest
value. For the overturning moment distributions shown in Figure

3.2.26, UBC static gives the largest relative overturning at the base
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but the ATC static results are more in line with the dynamic values
due to the applied 0.8 reduction factor. Figure 3.2.27 shows the
overestimated deflection response for the static methods since both
distribute a greater portion of the load to the upper part of the
structure than are indicated by the dynamic analyses. The drift
distributions (Figure 3.2.28) also show larger relative response of
the static approaches. It is interesting to note the greater
separation of static and dynamic drift distributions in the E-W
direction than in the N-S. This result is due to the fact that, in E-W
direction, a large portion of the deflection response is due to
cantilever action caused by overturning moments whereas in the N-S
direction the deflection response is dominated by shear distortion.
Thus, the overestimated overturning moments resulting from the static
approaches cause greater relative increases in E-W direction

deflection and drifts than in the N-S direction.

3.2.7 Comparison of Code Design Forces with Dynamic Forces Induced
by Actual Earthquake Spectra

The UBC story shears and overturning moments used for the seismic
design of the Alcoa Building were provided by the design engineers.
To approximate forces corresponding to yield level for this building,
the UBC loads are factored by 1.7/1.33=1.278 and are shown in Figures
3.2.29 and 3.2.30. (Note that the design engineers used fundamental
periods of 1.93 sec. and 1.41 sec. to calculate UBC loads in the E-W
and N-S directions, respectively, and used dead weight estimates that
included partition load resulting in somewhat larger values than those
shown in Table 3.2.1.). Also shown in Figures 3.2.29 and 3.2.30 are
the predicted dynamic responses to the Taft (1952) and El Centro
(1940) earthquakes for 5% damping (see Figure 3.2.2 for a plot of
these spectra) using both Model 2 and Model 4 to represent the
building.

For the E~W direction, Figures 3.2.29(a) and 3.2.30(2) show that
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the Taft earthquake induces forces that are comparable to the factored
UBC forces . The Taft spectra yields somewhat higher shears near the
top and base of the building than does UBC but also gives lesser
overturning moments near the base. The E]l Centro spectra results in
shears that are between 2.5 to 3.0 times and overturning values that
are about 2.5 times the factored UBC values.

In the N-S direction, the Taft earthquake induces a relatively
greater response than in the E-W direction and shows a wider variation
between the Models 2 and 4 due to a spike in spectrum curve. Taft
shears and overturning moments are 1.2 to 1.8 times the factored UBC
values., The El Centro apectra results in forces values ranging from

2.0 to 2.8 timés the UBC values.

3.2.8 Summary

The results presented in the previcus sections lead to the
following observations regarding the behavior and analysis of the Alcoa
Building:

(1) Rational development of the numerical models leads to
excellent agreement between the dynamic properties
resulting from computer analysis and the dynamic
properties determined from small amplitude experimental
testing. Experimental and analytical mode shapes
compared very well (Figures 3.2.13 and 3.2.14) and the
final numerical model (Model 5) predicted the first six
translational and rotational natural periods within 5%
of experimental values (Table 3.2.2).

(2} Analysis indicates that. the various structural modeling
aspects considered may significantly influence the
response of the building. Inclusion of three
dimensional modeling of the exterior frame, addition of

the secondary core frame system, and addition ¢f the
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(3)

(4)

(5)

(6)

(7)

nonstructural infill block walls will leads to increaes
in base shear and overturning moment ranging from 15%
to 22% using the Newmark spectrum (Figure 3.2.15 -
3.2.18, Table 3.2.4).

As indicated by the analyses, this building exhibits
shear beam type behavior in the N-S translational
direction, but cantilever beam type behavior in the E-W
direction. Thus the deflection and drift response
characteristics differ in the two orthogonal directions
(Figures 3.2,17 and 3.2.18).

In gynamic analysis, the influences of the higher modes
(2nd and 3rd translational) contribute significantly to
response especially in the upper portion of the
building (Figures 3.2.19 and 3.2.20).

For this building, dynamic analysis shows that the ATC
response spectrum yields more conservative results than
the 0.05g Newmark specttum resulting in 7% greater base
shears and 15-20% greater base overturning moments due
to the conservatism in the ATC spectrum in the longer
period range.

Experimental periods are 30 to 35% greater than the
values predicted by UBC and ATC code formula (Table
3.2.2). These period differences lead to large
variations in the calculated in equivalent static
response (Figures 3.2.21 - 3.2.24).

Comparing the UBC and ATC eguivalent static approaches
for this building, ATC leads to larger shears but
smaller overturning values at the base of the building
than UBC. In the uppermost portion of the building UBC
yvields larger shears and overturning moments due to the

required ftop load.
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(8)

(9

(10)

Using the ATC recommended approaches for dynamic and
eguivalent static analyses and using the same
fundamental period(2,0 sec.) for both, force quantities
resulting from the dynamic analysis approach are
significantly less than those resulting from the
equivalent static analysis apprcach. Dynamically
derived base shear and overturning moment are 80-90% of
static values and roof deflection and typical drifts

are 65-75% of static values (Table 3.2,5, Figures
3.2.21 - 3.2.24).

Regarding the distribution of equivalent static forces
compared to dynamic force envelopes, ATC tends to
substantially overestimate the shear relative forces in

the lower two thirds of the building and underestimate
shear near the top. The UBC distribution tends to
overestimate shears in the lower portion to a lesser
degree but overestimate shear at the top (Figure
3.2.25). The ATC distribution of overturning moment
compares quite well with dynamic distributions whereas

UBC overestimates base overturning forces (Figure
3.2.26). Both UBC and ATC equivalent static approaches
overestimate deflection and drift for a given base
shear compared to dynamic results (Figure 3.2.27 and
3.2.28).

Based on the earthquake loads used by the engineers in
design, results based on the numerical models indicate that
the building would have an essentially elastic response to
the Taft (1952) earthquake in the E~W direction but, in the
N-S direction, would have elastic responses 1.2 to 1.8 times
the factored UBC loads. If subjected to the E1 Centro
(1940) record, elastically derived forces of 2.0 to 2.8
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times the factored UBC values would result.
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Table 3.2.1;:

Table 3.2.2:

Floor | Weight{kips) " psf
roof 2800 135
mech 6500 313
25 2500 121
24 2500 121
23 2500 123
22 2500 121
21 2500 121
20 2500 121
19 2500 121
18 2500 121
17 2500 121
16 2500 121
15 2500 21
14 2500 121
13 2500 127
12 2500 127
11 2500 121
10 2500 121
9 250G 121
8 2500 121
7 2500 121
[ 2500 121
& 2500 21
4 2500 121
3 2500 121
2 2821 136
Total 63621

Dead Load Weights Used
for Analytical Models

Experimental vs. Analytical

Natural Periods
Model 1 Model 2 Model 3 Model 4 Model 5 UBC, ATC*
Mode Exp.
Direction No. | Period(sec) | Period % Period % Period % Period % Period 3 Period %
oM 1 2.2 2.82 +9.6] 2.24 +%V.4| 208 -59] 200 -9.7| 2.12 - 4,0 1.69 -23.5
Z 0.7 0.78  +11.0 0.7  +8.% 0.72  + 1.2 0.6 - 7.5 0.69 - 3.6 '
N-S 1 1.67 2.00  +19.4 1.95  +16.6 1.84 +10.2 1.68 + 0.2 1.76  + 5.0 .23  -26.3
2 0.59 0.73  +23.3 0.71 +20.3 0.68 +14.2 0.58 - 1.6 0.60 + 1.7
Torsion 1 1.12 1.12  + 0.5 .1t - 1.1 1.08 - 3.8 .12 +0.3
2 0.43 0.42 -1.2 0.43 + 0.8 0.40 - 6.7 0.42 - 2.4

% = percent variation from experimental period.

*Code periods calcuiated as follows:

UBC (eqn. 12-3A), ATC (egn. 4-5):

T
Tew
1
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Table 3.2.3:

on Modal Stiffnesses

Influence on Modeling Aspects

Stiffness Increase with Respect to Model 1
Addition of Addition of
Three Dimensional Core Block Total
Direction Mode Modeling Frame Walls {Mode) 4)
1 16% 19% 11% 46%
E-W TRANS.
2 5 15 23 43
1 § 13 24 42
N-S TRANS. .
2 6 9 43 58
1 - 2 6 6
TORSION
2 --- 0 10 10
Table 3.2.4: Influence on Modeling Variations
on Design Quantities
Model 1 Model 2 Model 3 Model 4 Model 5
Direction Design Quantity % % 3 % %
Base shear(k) 2539 0 2612  + 2.9 2801  +10.3 | 3054 +420.3 | 3040 +19.7
E-W Base 0TM(X!03K~in} 6079 0 6545 + 2.7 { 70117 +17.1 | 7441  +22.4 | 7155 N17.7
Roof deflection(in) | 3.61 0 3.3 - 8.4 3,03 -16,1 | 2.89 -20.0 | 3.08 -14.7
14th floor drift{in}| 0.16 0 .- - -a- .- 0.13 -17.8 | 0.13 -15.3
Base shear(k) 3031 0 3088 + 1.9 ] 3259 + 7.5 ) 3525 +16.3 | 3513 +15.9
N-§ Base OTM(x103K-in) 7967 6 8199 + 2.9 | 8650 + 8.6} 9211 +15.6 | 8996 +12.%
Roof deflection(in) | 2.79 0 2.1 -3.0| 2.53 =-8.1]2.33 -16.3| 2.45 =-12.}
14th floor drift(in}| 0.12 0 .- -— - - 6.0 -15.6 1 0.1 -13.9

% = percent change from Model 1.
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Table 3.2.5;

Comparison of Design Quantities for
Dynamic and Equivalent Static Analysis

Dynamic Static
Newmark ATC ATC UBC*
Direction | Design Quantity s : Cg?ebook 4 }Angwtica'lz COerook " An?1ytica1x
Fundamental Period 2.00 O 2.00 0 1.6 -15.5] 2.00 0 1.69 -15.5 2.00 0
Base shear(k) 3054 O 3273 +7.2 4708 454.1] 4210 +37.9 4386 +443.6 4026 +31.8
E-¥W Base OTM(x703k-in) 7441 O 8892 +18.5 | 12171  +63.5; 10885 +46.3 | 13768 +B5.0 | 12640 +69.9
Roof deflection(in) 2.89 O 3.61  +24.6 6.27 +117.01 5.61 +93.8 5.79 4100.3 5.31 +83.5
14th floor drift(in)} 0.13 O 0.16 +22.5 0.27 +108.0; 0.24 +88.4 0.24 +80.8 0.22 +470.5
Fundamental Period 1.68 © 1.68 Y 1.23 -26.8] 1.68 0 1.23 -26.8 1.68 0
Base shear(k) 3524 0 3778 47.2 | 5804 +64.7) 4729 +34.2 | 5130 +45.6 | 4392 +24.6
N-S Base OTM (x103k~in) 8211 0 10645  +14.5 | 14608 +58.6 ] 11904 +29.2 | 15857 +72.1 | 13577 +47.4
Roof deflection(in) 2.34 0 2,72 +16.5 | 4.76 +103.4] 3.88 +65.9 | 4.21 +79.9 | 3.60 +54.0
14th floor drift{in) 0.10 0 0.12 #15.5 | 0.21 +4116.0] 0.7 +62.1 | 0.17 +71.0 | 0.15 +43.7

% = percent change from Newmark Spectrum dynamic analysis.

*UBC response values are factored by 1.70/1.33 = 1.278 for correspondence with ATC elastic limit load levels.
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Figure 3.2.1: Alcoa Building
San Francisco, California
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Figure 3.2.9: Model 2 Schematic



LTI
7
/

/S
gy

rd

| FERR R TR R R TR R e R

-
A Y

)
-

XA L N i W, WO,

s

.

LY e A
A A A Y AT AN A A A TV AV VA VAN 7.,
R R e R P R S SR IIL

IS II LI IIIIII NI II TG IS

rd
AV
X

4

108

atic
Includes Foundation Flexibility)

Model 5 Schem

(

Figure 3.2.12:

Model 4 Schematic
(Includes Block Walls)

Figure 3.2.11:



' ™Y Forced Yitration
- o= Model |
Model 4
-cem oo e WoGE] 5

FIRST SECOND

T
i

FIRST
(b) N-S Direction

FIGURE 3.2.13: Analytical vs. Experimental
Translational Mode Shapes

109



® forced Vibration
————— Model ¥
Model &
- s - Mdej 5

FIRST SECOND

FIGURE 3.2.14: Analytical vs. Experimental
Torsional Mode Shapes

110



| 2

T
0 2000 4000
Shear (k}

(a) E-W Direction

L 1 1 1
Y 2000 4000

Shear (k)

(b) N-S Direction

FIGURE 3.2.15: Influence of Modeling Approach
an Story Shears

111



o e -

T
Ao

Model 1
Model 2

< Model 3

Model 4
Model §

OTH (k-in x 10B)

(a) E - W Direction

r
-

Mezz

Base

1 T
0 & 10

OTH (k-in x 106)
(b) N - S Direction

Figure 3.2.16: Influence of Modeling Approach
on Story Qverturning Moments

112



-— === Madel |
= =r==>< Model 2
............ Model 3
Model 4
e meee Mode} b

5
P

Defiection {in)

(a) E-W Direction

li i !
2

-

peflection (in)

(b) N-S Direction

FIGURE 3.2.17: Influence of Modeling
Approach on Story Deflections

113



Rogf

Mech
25

23

20 1

MY

Mezz
Gr,
Base

-
0.2 0.4
orift {in)

(a) E-W Direction

Orift (in}
(b} N-§ Direction
FIGURE 3.2.18: Influence of Modeling
Approach on Story Drifts

114



i_L

T

¥
i

T

v

11

T
- - |

T

Ptv
ebd.

T
i

Mezz
Gr.

Mezs

Tst Mode

i emem——— 2nd Mode
o =e 3rd Mode

sereaameen “h mde

FIGURE 3.2.19:

(b) Story Overturning Moment

Modal Contributions to

Design Force Quantities

115



1 ]
 Mecn |} ;
25 /
L . ¥
23
L i
! 4
2 4}
e !\ ]
|
17 \ 1
\ '
F 4 \ \
9 r \ ]
L \ 1
1 \ '
o j ' !
11 \\ \‘
i \ \
[ . \ \
] \
1 N S
A | ' {
5 i \ i
1 h .
| 4 1 1 1y
2 i ¢ P
1
Mezz
Gr
Bate
T ] T 1
0 0.5 1.0 h C.5 .
E-W N-5
(a) Story Deflection
Rogt L
I : N !
Mech | | / Y '
] s
25 ] i I :
i 21?J I H 11 :
1 , 1
- 1) P
1
[ 20 ' /
/ ’
11/
f' 17 ',‘ ’I
[ : l‘l \li
el |
1k ]
11 ﬂ ﬁ
L - i )
s 1 \
8 S\ '
_{ ‘ \\ \\
r | A \
i 1 ] \ ﬂ
i \
A N
2 ! } U
1
Mezz
Gr
Base
T ] T
0 0.5 1.0 0 0.5 1.0
E-H N-S

(b) Story Drift

FIGURE 3.2.20:

Modal Contributions to

Design Deflection Quantities

116

1st Mede
————— Znd Mode
— s 3rd MOde
ceenneeses deh Mode



Kewnark Dynamic¢ : '1‘1= 2.00 (analysis)

-y, - ATC Dynamic : 'rl= 2.00 (analysis

S —=+=-* RIC Static 1 T,= 2.00 (analysis), T;= 1.69 (code)

N g owmerimiemes PRL Static x 1.278 : T1= 2.00 (analysis}, 1= 1,69 (code)
\ »]
N i Ny

\

Rogt

2000 4000
Sheer (k)

(a) E-W Direction

e Newmark Dynamic : = 1.68 (analysis)

=== AT{ Dynamic : T1= 1.68 (analysis)

*mom=e==cr ATC Static: T, = 1.68 {analysis), T,= 1.23 {code)
—meee JBC Static x 1.278 3 T;= 1.68 (analysis), T, =1.23 (code)

2000 4000
Shear (k)

(b) N-S Direction
Figure 3.2.21: Story Shears Resulting

from Dynamic and Equivalent
Static Analyses

117



Root

Newmark Dynamic : T)= 2.00 {analysis}

Mech ‘
28 S mee———— ATC Dynamic : T1= 2.00 (analysis
. - X - —— ~ ATC Static : T1= 2.00 (analysis), T)= 1.69 {code)
=—eememse YBC Static x 1.278 : T1= 2.00 (analysis), T1= 1.69 {(code)
r -
l 20 ]
t 17 ]
"
T 11 ]
s - s
F o {7,

Vi N »_\ ]&

1 . =
Mezz

Gr
Base

T T T
0 5 Vo 15
6

0TH {k-in x 107)

(a) E-W Direction

M;;:h Newmark Dynamic : 'I'1= 1.68 (apalysis)
\ ------ ATC Dynamic : Tl= 1.68 {(analysis)
"~ - Ay e s e 1 1
23 - ATC StatlAc H ’I‘1 = 1.68 (analysis), T1= 1.23 (code)
: : —emoeee AL Static x 1.278 T)= 1.68 (analysis), '1’1 = 1.23 (code)
20
} -
[ 17
- “ -

OTH {k-in x 108)

(b) N-S Direction

Figure'3.2.22: Story Overturning Moments Resulting
from Dynamic and Equivalent Static Analyses

118



Rog

]

23

12

e Newmark Dynamic : T)= 2.00 (analysis)

—————— ATC Dynamic : T,= 2.00 {analysis

e —— ATC Static : le 2.00 {(analysis), T1= 1.69 (code)

- aneemen UBC Static x 1.278 : T,= 2.00 (analysis), T,= 1.69 (ccde)

L T I I 1
2 4 6

Deflection (in})

{a) E-W Direction

Newmark Dynamic : = 1.68 (analysis)

------ RTC Dynamic : 'I‘1= 1.68 {analysis)

e ——— ATC Static: T, = 1.68 fanalysis), T)= 1.23 {code)
- - UBC Static x 1.278 : T,= 1.68 (analysis), T) = 1.23 (code)

Deflection (in)

(b) N-S Direction

Figure 3.2.23: Story Deflections Resulting
from Dynamic and Equivalent
Static Analyses

119



R -
T
L 4
F 20 ]
I 47 1
I .
L ]
[ 11 ] ) )
Newmark Dynamic : T,= 2.00 (gnalys:.s)
A I N B 7 B S ATC Dynamic : T,= 2.00 (analysis)
weommewse- ATC Static T1= 2.00 (analysis), ‘1‘1= 1.69 (code)

[ ~ememes UBC Static x 1.278 ; Ty= 2.00 (analysis), T)= 1.69 {code)
5

'

1

Mezz

Ge

Base

I T T H T
0.2 0.4
Draft (in)
(a) E-W Direction

Rogf

Mech

25
- o
[ 20 ]
r- -
L 4
s 4
3 -

11
F o ] |
i i ~— Rewnark Dynamic : T = 1.68 (analysis)
| - ==+ ATC Dynamic : 'I‘lc 1,68 {analysis)
_—L: T — ATC Static: T, = 1.68 (analysis), T)= 1.23 {code)
[ 2 7 T UBC Static x 1.278 ¢ Ty= 1.68 (analysis), T, = 1.23 (code)
Mezz

Gr

Base

T T T T 7
0.2 0.4

Drift {in)

(b) N-S Direction

Figure 3.2.24: Story Drifts Resulting
from Dynamic and Equivalent
Static Analyses

120



17

T r
o,

11

Newmark Dynamic
------ ATC Dynamic
s ATC Static
—————— = UBC Static

Ro

Mach
25

23 1

—r—T
Ak

20

-
0.5 1.0
Shear/Base Shear (k/k)

{a) E-W Direction

—
0.5 1.0
Shear/Base Shear (k/k)

{b) N-S Direction

FIGURE 3.2.25: Story Shear Distributions

Normalized to Base Shear

121



T

Newmark Dynamic
----- ATC Dynamic
——— ATC Static
e BC Static

got

Mach

25

23

Y
Iy

20 ]

T
.

17

4

Mezz

T 1
1000 20600 3000
0TM/Base Shear {k-n/k)

(a) E-W Direction

1000 2000 3000
0TM/Base Shear (k-n/k)

(b} N-S Direction
Figure 3.2.26: Story Overturning Moment Distributions
Normalized to Base Shear

122



Ropt

- P
Magh /’/ ,/,/'/
25 ’ it
Pl
L - P
23 ///
o
i e
L //
20
| 4
3 Newmark Dynamic
3 1Ty S e mmme— ATC Dynamic
[ 14 : —e==s AT Static
S E e s UBC STatiC
- 11 P
L p
F o
2 7
3
Mezz
Gr
Base
.
5 Ib

Deflection/Base Shear (in/k x 107%)

(a) E-W Direction

v
5

M
10
Deflection/Base Shear (infk x 10'4)

(b) N-S Direction

FIGURE 3.2.27: Story Deflection Distributions
Normalized to Base Shear

123



_,
N

¥

i

k4
A,

_—
peo
o

_'
) -

-y

Meazy

-

Kewmark Oynamic
------ ATC Dynamic
\ T ATC Static
i e JBC STatic

e}
Base

Y T Y Y T
2 4

drift/Base Shear (in/k x 10'5)

(a) E-W Direction

T I v 4 T
2 4

Drift/Base Shear {in/k x 10'5)

(b) N-S Direction

FIGURE 3.2.28: Story Drift Distributions

Normalized to Base Shear

124



| Miach
25
- 23 ] @W ——— UBC Static x 1.278
L . J/‘ —=w=- g1 Centro 1940
o i) === Taft 1352
|_20_| 7
[ ] y
4y A
@b
. &
| - {/f/
L J /Q,f
11 Q%
! 4 5\‘.
\’\’r
4 7
[ e | %,
[ 2 ] A AZ%%&
y Model 4 Model 2 Model 4
Mezz
Gr.
Basze ' , -
5000 10000 14000
shear (k)
(a) E-W Direction
Rgof
Meach
F
- -4
23
- 1
3 9
20
L J
F g ]
[ b
h_j‘ 7
L . A
" 11 ] =N
S =
- ‘:——ga
: ] 'ict;====i~_
[ 5 ] —
. [==5N
2 ] ==
z ==
Model & Model 2 Hodel 4
Me:z
Gr.
Base
T I !
5000 10000 14000

snear (k)

(b) N-S Direction

FIGURE 3.2.29: Comparison of UBC Design Shears
versus Etastic Shears Induced by

ARctual Earthquake Spectra
125



e BC Static x 1.278

. . ms—cee EY Centro 1940
1 N Taft 1952
23
]
20
[ 17
Mode! 4
- <
" 3y »
[ N
i ElCentro
o S
: e
[3 1{5.
[ Ry, del
. e ‘/Mo el 2
Modet 4 l\
Mezz L
IT Model 4
Base
T ! !
i z ’
OTM (k-n x 107)
(a) E-W Direction
Roof
Maech
25
[ 23
i 4
i 20
4
9
2
P11 ] N
] \77‘</}>/ El Centro
g | — ‘4’7\
3 \SS——— On
5 N— = ,
_ 1 — TN ,{(
e L.
g , ] N _L‘“—‘_‘-)\ ]:7 ./rMOde|4
\ P —— 4{>
t oo
'r::_——'&\
M
g:, Model 4 Model 2
Base
j 'z 5

OTM (k-n x 107)

{b) N-S Direction

Figure 3.2.30: Comparison of UCB Design OTM's

versus Elastic 0TM's Induced by
Actual Earthquake Spectra

126



3.3 TRANSAMERICA BUILDING

The Transamerica Building is a multistory pyramid shaped office
building located in San Francisco, California. The structure was
designed by Chin and Hensolt Engineers, Inc., also of San Francisco.
The 60 story tower has a base dimension of 174 feet square at street
level and rises to a height of 844 feet. A photograph of the building

is shown in Figure 3.3.1.
3.3.1 Description of the Structural System

The primary lateral force resisting system  consists of a steel
moment resisting space frame with peripheral columns inclined at a
slope of approximately 1 to 1l1. This moment frame begins at the 5th
-floor and extends over the full height of the building. Between the
2nd and 5th floors, lateral resistance is provided by a space truss
system located at the periphery of the building spanning three
stories. At the 2nd floor, a horizontal bracing system spans
between the base ¢f the peripheral space truss and the interior
frames, redistributing lateral loads to the moment resisting frames of
the 1st story. These frames extend down through three below grade
parking levels to a 9 foot thick reinforced concrete mat foundation.
Elevation and plan views of the structural system are shown in Figures
3.3.2 and 3.3.3.

The north-south (N-S) and east-west (E-W) lateral force resisting
systems are nearly identical with the exception of secondary bracing
in the protruding elevator shafts in the N-S direction between the
29th and 50th floors. Also, between the 30th and 40th floors, girders
in the exterior N-S moment frames are omitted to make room for the
elevator shafts (see Figure 3.3.3, floors 30-40). Otherwise, the

columns and girders are symmetric in plan about the center of each
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level. Through the first 17 stories there are twelve frame lines (six
in each of the two directions) which include four exterior inclined
planar frames and eight interior vertical planar frames (Figure
3.3.3, floors 5-17). At the 18th floor, four of the interior frame
lines are terminated, leaving eight frame lines (four in each of the
two directions) continuing up through the 45th story. At the 46th
level, the four remaining interior vertical frames are discontinued
leaving only the four exterior primary stuctural frames (consisting of
four column lines and four adjoining beams) continuing over the
remaining height of the building. The top ten stories (floors 51 to
60) serve only as an architectural cap and are not occupied, having no
floor slabs. 1In these cap levels, cross bracing is used to provide
stiffness in the horizontal plane (see Figure 3.3.3, floors 51-57).
All of the primary system columns are built-up box sections
ranging from 30 inches square at the first level to 18 inches sgauare
in the top ten stories. The main girders are rolled sections varying
from W14 to W36 (see Figure 3.3.2). The second floor horizontal
braces are 36 inch built-up box sections. The floor construction
typically consists of 2 1/2 inches of concrete cover over 3-inch
concrete filled corrugated steel decking. The decking is spot welded
to the floor beams. On the 5th and mechanical floors(19th and 49th),
there is a 6 inch thick reinforced concrete floor slab. Below the
second floor are heavier 8 inch reinforced concrete floor slabs. The
exterior face of the building consists of precast concrete cladding
(nonstructural) attached with clip angles and rods to secondary
members. Above the 50th floor, precast facing is fixed to the columns

and louvered aluminum panels are used as infill,
3.3.2 Results of Experimental Studies
In June and November of 1972, forced vibration tests of the

structurally complete Transamerica Building were carried out by the
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Earthquake Engineering Research Center of the University of California
at Berkeley. Also, an ambient motion study was performed by
Kinemetrics, 1Inc., of San Gabriel, California. For a detailed
discussion of these two studies see reference 39.

The forced vibration testing was performed using forced
vibration generators fixed to the 48th floor of the building. The
forcing system was able to excite N-S8 translational, E-W
translational, and torsional vibration modes. To record response, 14
accelerometers were placed at vertical spacings of 3 to 6 floors over
the height of the building. In Figure 3.3.4(a) and (b) ambient and
forced vibration results for the first four natural periods ané mode
shapes are shown for the N-S and E-W directions, respectively. Note
that the third translational mode could not be excited in the forced
vibration tests and, thus, corresponding data is not included in
Figure 3.3.4. This was due to the fact that the force generators on
the 48th floor were near a nodal point for the third mode. Natural
periods of 2.94, 1.68, 1.14 and 0.88 were determined for the first
four N-S translational modes, respectively. In Figure 3.3.5, results
for the first two torsional modes are shown. Periods of 2.24 and 1.23
seconds were determined for the first and second modes, respectively.
FPorced vibration data are missing from Figure 3.3.5 due to inability

to excite these torsional modes.

The experimental results reflect several fundamental aspects of
the dynamic behavior of this building. First, the dynamic properties
in both the N-8 and E-W direction were found to be essentially
identical. This indicates that the elevator shafts and accompanying
N-S direction bracing have negligible effect on the overall response
of the building. For this reason, only the N-S direction will be
considered for comparison with analytical results. The relative

rigidity of the first four stories is evident from the mode shapes.
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This is due to the stiff space truss that provides lateral support
for this part of the building. No significant deflections at ground
level are observed in the experimental results. So the building
behaves as though it were fixed at the ground level with no foundation
flexibility. Another interesting aspect of behavior is the relative
flexibility of the ten story architectural cap (floors 51<60)
evidenced by the much larger deflections (whiplash behavior) occurring
in this part of the structure. The shape of the first translational
mode indicates that a mixture of cantilever and shear type deflection

behavior controls the overall response of the building.
3.3.3 Description of Analytical Models

Dynamic analyses of the Transamerica Building are performed using
both the SAP-IV (7) and modified ETABS (23) computer programs. The
SAP program is used for period and mode shape determination becauge
the inclined exterior columns can not be modeled using ETABS. However,
the modified ETABS program is used as a post-processor to calculate
gross response quantities using dynamic properties from the SAP
analyses as input. For computational efficiency, rules of symmetry are
applied to reduce the size of the SAP model to a quarter segment of
the building. Appropriate boundary conditions are imposed along the
two lines of symmetry. Separate analyses for translational and
torsional modes are performed since the symmetry of the structure
results in unc&hpled translational and torsional modes.

Floor diaphragms are assumed to be infinitely rigid in-plane. At
each floor level, a master node along a central vertical axis {center
of mass) is assigned. The local horizontal translational degrees of
freedom and local vertical axis rotational degree of freedom at each
column line are slaved to the master nodes to impose the rigid floor
idealization. The three remaining degrees of freedom are allowed at

each node except when constrained by boundary conditions. The master
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node is allowed only one degree of freedom corresponding to the
translational or torsional direction of motion being considered. The
modeling scheme and symmetric boundary conditions used at each floor
are shown in Figure 3.4.6. Since no foundation flexibilty is apparent
in the experimental results, fully fixed boundary conditions are
imposed at the ground level. Four models are presented for
comparative analysis. Refinements were progressively made in
developing each subsequent model in order to evaluate the influence of
various modeling assumptions and to better capture the experimentally

observed behavior.

Model 1

Model 1 consists entirely of 3-D beam-column elements using
center~to-center member dimensions. Only the primary lateral force
resisting steel space frame is modeled. Element properties are based
on the bare steel column and girder sections. Elevator shaft bracing
is neglected, being considered a secondary system that acts
independently of the floor diaphragm (experimental results showed
this to be the appropriate analytical assumption). The final quarter
building model included 638 nodal points, 947 elements and 1355
degrees of freedom. With the nodal numbering scheme used, the
bandwidth of the stiffness matrix was limited to 142.

The lumped mass values at each floor are based on the dead load
calculations supplied by the structural designer. The total floor
weights used in Model 1 are given in Table 3.3.1. The 20 psf
partition load required by UBC {(12) was subtracted from the dead
loads as this weight increase is believed to overestimate the actual
weight of the buildings during the experimental testing. Torsional
mass moments of inertia are based on the assumption that the mass is
distrbuted evenly over each floor. For consistency with the quarter
building model, the values of mass and mass moment of inertia used for

the analyses correspond to 1/4 of the weight values shown in the
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Table 3.3.1.

Model 2

The mainh objective in the formulation of Model 2 is to account
for the rigidity of joint regions at the column-girder intersections.
The mass values are the same as those used for Model 1.

In this model, the entire joint panel zone is assumed to be
infinitely rigid, whereby the element stiffnesses are calculated based
on the clear height of the columns (being reduced by the girder depth)
and the clear spans of the girders (being reduced by the column
width). The SAP IV beam=-column element has no explicit allowance for
rigid end zone effects as does ETABS. To account for this effect
without the costly addition of extra nodal points around each joint
slaved to a master joint node, a parameter study was performed on a
partial frame of the building to determine an appropriate modeling
approach. In this study, a model with one node per joint was compared
with a model having five nodes per joint, with the four additional
nodes at distances corresponding to clear heights and spans of the
intersecting column and girders. In the model with one node per
joint, the column and girder moments of inertia were modified as

follows:

I* = I (L/L-a)°
where I = actual moment of inertia
I* = modified moment of inertia
L = center~to-center length of column or
girder member
d = depth of adjoining column or girder

element

This increase in moment of inertia is based on the assumption that the

member ends undergo relative lateral translational displacements only
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with no relative rotational displacements. Neglecting this relative
rotational flexibility results in a slight overestimate of stiffness.
However, the results of the parameter study showed that this modeling
approach is reasonably accurate for this building. Applying this
technique to member properties of the full building, increases the
moments of inertia by 35 to 75% for columns and by 15 to 20%
for girders.

As a sidelight to Model 2, an additional model was formulated
which included the rigid zone effect in the c¢olumns only. An analysis
was performed on this model in order to assess the relative importance
of column versus girder rigid end zone effects on the dynamnic

properties of the building.

Model 3

The objective in the formulation of Model 3 is to account for the
stiffening effects of the floor slabs on frame action in the building.
This formulation includes the rigid end zones as described in Model 2
and also accounts for slab-girder interaction by further increasing
girder moments of inertia based on composite steel-concrete section
properties. Mass values are the same as those used for Model 1.

The floor slab is constructed of concrete filled steel decking.
No shear connectors are provided since the girders are not designed
to act compositely with the slab. However, the steel deck was spot
welded to the girders and therefore, some composite action may be
expected for moderate levels of deformation. For the stiffness
formulation of this model, full composite action is assumed with
section properties calculated according to the AISC Specifications
(1), section 1.11.5. All decking is assumed to run perpendicular
rather than parallel to the girders resulting in lower values of
moment of inertia. A typical composite section  based on effective

slab width and thickness as recommended by AISC is shown in Figure
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3.3.7. The increase in girder moments of inertia ranged from 90 to

115% by including composite action.

Model 4

A review of the dead weights provided by the structural designers
indicated that these values were somewhat conservative. After
performing detailed mass calculations at various floors, a dead weight
reduction of 15 psf was indicated for all levels of the building to
give a better estimate of the true building weight at the time of
experimental testing. Also, the design weights for the architectural
cap were found to be overestimated by a factor of approximately two.
For Model 4, mass values are changed from previous models in
accordance with these findings resulting in the values shown in
Table 3.3.1. The structural stiffness modeling is the same as for
Model 3.

3.3.4 Comparison of Analytical and Experimental
Dynamic Properties

Analyses were performed to extract the natural periods and mode
shapes of the four models described in the previous section. In this
section, results of these analyses are presented and compared with
results of the experimental study.

In Figures 3.3.8 and 3.3.9 the first four N-S translational and
first two torsional mode shapes are shown for models 1 and 4,
representing the simplest and most refined models, respectively. As
can be seen from this figure, the analytical mode shapes compare very
well with experimental results. Both the nodes (neutral points) and
anti-nodes (points of maximum displacement) are predicted with good
accuracy. It is noted that the mode shapes change only slightly for
the different models, indicating that the mode shapes are relatively
insensitive to the modeling variations. As in the experimental

results, the relative stiffness of the first five stories is reflected

134



in the analytical mode shapes. Due to the large relative flexibility
of the 1l0-story architectural cap, the analytical mode shapes did not
show as good agreement with experimental results in this part of the
structure., However, analysis showed that the behavior of the cap does
not significantly influence the overall response of the main portion
of the building. Therefore, the detailed response of the cap is
omitted from the figures. An interesting aspect of behavior due to
the discontinuities of stiffness over the height of the building can
be observed in the first translational mode (Figure 3.3.8). As noted
in section 3.3.1, interior frames are discontinued at level 18. Also,
girders from the center bay of the exterior frame are omitted from
levels 30 to 40. Careful inspection of the first translational mode
shows sudden increases in the slope of deflection at levels 18 and 30
corresponding to these structural discontinuities. The experimental
results also appear to show this behavior. It will be seen that these
discontinuities significantly affect the interstory drift in the
building.

In Table 3.3.2, analytical periods for the four models are
compared with experimental values. As can be seen, significant
variations in natural periods result for the different models. Model
1 is the most flexibile idealization of the buildings consisting of
only the bare steel frame with center-to-center member dimensions. As
can be seen from the table, the first analytical translational period
is 3.77 sec., or 28.2% greater than the experimentally determined
period of 2.94 sec. The higher modes show greater variations from
experimental values with the largest difference resulting in the
second mode where the analytical period is 37.3% greater than
experimental. The torsional modes show 38.8 and 33.3% variations for
the first and second modes, respectively.

In Model 2, the addition of rigid end zones improves correlation

of the analytical and experimental periods significantly where the
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fundamental translational period is reduced to 3.49 second and
variations in analytical versus experimental periods range from 18.7
to 27.2%. These period reductions correspond to increases in modal
stiffnesses ranging from approximately 15% to 23% for the different
translational and torsional modes as shown in Table 3.3.3. Thus, the
rigid joint zones have a roughly uniform stiffening effect on these
modes. Separate analyses were performed to study the relative
importance of the girder and column rigid end zones effects. Although
the influence of both were significant, it was found that the girder
rigid end zone effect had the greater influence on the natural periods
of the building.

In Model 3, the addition of slab-girder interaction further
improves correlation with experimental results. Here, the fundamental
translational period is reduced to 3.13 sec. and variation with
respect to experimental period values for all modes ranges from 4.1 to
15.8% as shown in Table 3.3.2. These periods indicate that the slab-~
girder interaction effect causes increases in modal stiffnesses
ranging from 18% to 44% of the Model 1 stiffnesses as shown in Table
3.3.3. The slab-girder interaction is seen to have a non-~uniform
effect on the modal periods and stiffnesses whereby the fourth
translational and torsional modes show the greatest changes and the
third translational mode shows the least change. Slab girder
interaction has a somewhat greater effect on the natural periods than
does the rigid joint zone effect for this building. The combined
effects of both of these modeling aspects cause increases in modal
stiffnesses ranging from 33 to 67% (Table 3.3.3) with the fundamental
mode showing a 45% increase in stiffness.

The dead weight reductions included in Model 4 (15 psf in each
level and 50% in the cap) further improved analytical and experimental
period correlation. The fundamental translational period is reduced

to 3.00 sec. which is within 2% of the expermental period of 2.94 sec.
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The higher translatiocnal and torsional modes also show excellent
agreement ranging from -1l.4 to +5.3% variation from experimental
results (Table 3.3.2).

Also shown in Table 3.3.2 are UBC and ATC values for the
fundamental period based on the respective codebook formulae. As can
be seen, these values (5.0 sec. for UBC, 4.64 sec. for ATC) err
significantly from the expermental and analytical results
overestimating the periods by 70% and 58%, respectively. These large
discrepancies are primarily due to the pyramid configuration of the
building which results in much larger decreases in stiffness and mass
with increasing height than would occur in a building of regular
configuration upon which the code formulae are based.

Overall, excellent correlation of the analytical and experimental
dynamic properties of the building is achieved by accounting for the
stiffening effects of rigid joint zones and slab-girder interaction
and minor refinement of dead weight values. Especially notable is the
fact that a single model formulation (Model 4) is able to predict the
first four translational and two torsional periods and mode shapes
with such good accuracy.

3.3.5 1Influence of Modeling Approach
on Design Quantities

In this section, results of response spectrum dynamic analysis of
each of the four models are presented to demonstrate the influence of
the different modeling approaches on gross design quantities. The
Newmark spectrum scaled to 0.05g peak ground acceleration is used
which corresponds to the ATC recommended reduced spectrum peak
acceleration level. The first four translational modes are included
in the analyses which account for approximately 80% of the effective
mass.

In Figure 3.3.10(a), predicted peak story shear envelopes for the
various models are plotted over the full height of the building. As
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can be seen from this figure, significant increases in story shears
result from the inclusion of the rigid joint zone and slab girder
interaction effects in Models 2 and 3. 1In Table 3.3.4, the values cf
base shear are shown for the different models along with percent
changes from Model 1. As can be seen from this table, base shear
increases from 766k in Model 1 to 980k in Model 3 (a 28% increase) due
to the smaller natural period and resulting increases in spectral
magnitude in the latter model. The slight mass reduction in Model 4
decreases the base shear slightly to a value of 96% or a 26.5%
increase over the Model 1 values. It should be noted that due to the
relative stiffness of the first five stories of the building, the full
contribution of these stories to the total base shear is not captured
by the first four translational modes. Therefore, the shear envelopes
of Figure 3.3.10(a) are slightly truncated in these stories. This
effect can be corrected by including additional modes in the analysis.

In Figure 3.3.10(b), peak story overturning moments are shown for
the different models. Table 3.3.4 shows that variations in
overturning moments closely follows shear variations whereby the 3180
x 103 k-in. base overturning moment of Model 1 increases to 4055 x 103
k-in. in Model 4, being an increase of 27.5%.

Peak story deflections are shown in Figure 3.3.11(a}. From this
figure, it is seen that decreased deflections result in the stiffer
models. Model 1 vields a peak 50th floor deflection of 18.6 in. where
Model 4 yields a 17.3 in, deflection, being a decrease of 7.3%. The
smaller changes in deflection are primarily due to the fact that the
first mode of Model 1 lies on zone D (p = 2.0) of the Newmark spectrum
and it has been shown (section 2.5, Figure 2.13) that for this zone,
modal shear and overturning moment vary linearly with changing
stiffness but that modal deflections remain constant. The relatively
small 7.3% decrease in deflection in Mcdel 4 is due to shifting of the

fundamental period from zone D to zone C, overall reduction in mass
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values and some participation of higher modes in the deflection
response. Also seen in Figure 3.3.11(a) is the influence of the
stiffness discontinuities at levels 18 and 30 where sudden changes in
the slope of the deflection envelopes are noted.

In Figure 3.3.11(b), peak story drifts are shown for the
different models. Overall, comparison of the drifts in Models 1 and 4
showed the same trends as the deflections where reductions on the
order of about 10-15% result over most of the building for Model 4.
However, in the region between the 18th and 30th floors, larger
reductions in drift are observed with the addition of slab-girder
interactions in Model 3. This is due to the fact that the overall
stiffness of this region of the structure is more sensitive to girder
moments of inertia owing to the longer girder spans (see Figures 3.3.2
and 3.3.3). In Table 3.3.4, this effect is shown by the 0.59 in.
drift of Model 1 being reduced by 30.5% in Model 4 to 0.41 in. The
influence of the stiffness discontinuities is most dramatically
illustrated in Figure 3.3.11(b) where the drifts seem to reflect the
behavior of three shear beams having different properties spanning
between the points of discontinuity at floors 18,30 and 45. This
figure also demonstrates the overall cantilever (bending) action of
the building reflected by increasing drifts in upper levels over the
height., This would indicate that a significant component of the
drifts in upper levels results from rigid body rotation.

Insight into the dynamic behavior of the Transamerica Building
can be gained by studying the modal contributions to the gross design
quantities. Relative modal contributions to story shears, overturning
moments, deflections and drifts over the full height of the building
(including the cap portion) are plotted in Figure 3.3.12. In Figure
3.3.12(a), it is seen that higher modes contribute significantly to
story shear near the base of the building. The lst through 4th modes
contribute 59.0, 28.6, 8.9 and 3.5% to the total sum of the squares
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value, respectively. Thus the higher modes contribute 41% to the
square of the total base shear wvalue. At the 25th floor, the
fundamental mode dominates the story shear response, where the
contributions of the lst through 4th modes are 88.6, 0.7, 6.3 and
4.4%, respectively. In the architectural cap, story shear is
dominated by higher modes where the contributions of the first four
modes at the 5lst level are 6.6, 21.8, 46.8 and 24.8%, respectively.
From this figure it is seen that higher modes contribute most
significantly to shear response in the upper and lower portions of
the building and not very significantly near the building's midheight.
In Figure 3.3.12(b), modal contributions to story overturning moments
indicate that the first mode dominates overturning in the lower
portion of the building but higher modes are significant to dominant
in the upper portions of the building. Figure 3.3.12(¢c) shows that
the first mode makes the largest contribution to total story
deflections throughout the building where higher modes are significant
only in the lower portion of the building and in the architectural
cap. In Figure 3.3.12(d), it is seen that for story drifts the
first mode dominates response in the lower portion of the building but
the higher modes become dominant in the upper portion. If corrected
for rigid body rotations, the higher modes would show greater

contributions to drifts throughout the building.

In summary, the modeling of rigid joint zones and slab-girder
interaction effects significantly influence the analytical response of
the building and leads to higher values of story shears and
overturning moments and somewhat lower deflections and drifts. It is
seen that higher modes contribute significantly to the total response
and that the relative importance of the various modes depends upen the
particular response quantity and location over the height of the

building.
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3.3.6 Comparison of Dynamic Analyses and
Code Equivalent Static Procedures

In this section, a comparison is made of the Transamerica
Building's response to different recommended static and dynamic
seismic loading approaches (see section 3.1.2 for further
description). The ATC and Newmark spectra are used for the dynamic
analyses. Both of these spectra are based on the ATC recommended
0.05g reduced peak ground acceleration for moment resisting frame
construction. The ATC and UBC guidelines are used for equivalent
static analyses. The UBC equivalent spectrum is multiplied by 1.278
to correspond to elastic limit design. 1In Figure 3.l.1, the ATC,
Newmark and scaled UBC spectra are shown for comparison. Model 4 is
used as a basis for the comparative analysis since this model best
represents the observed dynamic properties. Both the Model 4
analytical fundamental period@ (3.0 sec.) and the codebook calculated
fundamental periods (4.64 sec. for ATC; 5.0 sec. for UBC) as shown in
Table 3.3.2 are used to calculate equivalent static responses. It
should be noted that the recommended UBC (1979 edition) load that is
usually applied at the top of the building is omitted since it would
greatly overestimate response in the upper stories due to the
decreasing story weights with increasing height that are
characteristic of this building. (Note also that this top load was not
required in the original UBC design). Gross design guantity responses
for the different analytical approaches are summarized in Figures
3.3.13, 3.3.14 and in Table 3.3.5.

Comparing the dynamic analyses, Figures 3.3.13 and 3.3.14 show
that the ATC spectrum produces significantly larger response values
than the Newmark spectrum. As shown in Table 3.3.5, compared to
Newmark, the ATC spectrum yields 29.4% greater base shear, 40.2%
greater base overturning moment, 37.4% greater deflection at the 50th

floor, and 34.1% greater 25th story drift. This result is due to the
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conservatism built into the ATC spectrum in the longer period range
where at 3.0 sec. the ATC spectrum has a 40% larger spectral amplitude
(see Figure 3.1.1). Note that since overturning response is dominated
by the 3.0 sec. fundamental mode, the ATC spectrum induces this same
40% increase in base overturning moment over the Newmark result.
Greater participation of the higher modes in shear response results in
a smaller increase (29.4%) of the ATC base shear over the Newmark
result.

Results from equivalent static analysis are also shown in Figures
3.3.13 and 3.3.14. The shaded portions of these figures emphasize the
variation in static equivalent response quantities resulting from the
use of the analytically determined fundamental period (3.0 sec.}
versus the fundamental periods calculated using the codebook formulae.
The relatively large differences between codebook and analytical
periods produce large variations in predicted response where the
shorter analytical period yields greater response values. For UBC
analysis, use of the analytical 3.0 sec. period results in an increase
of 29% over response quantities based on the 5.0 sec. codebock period
(e.g., base shear increases from 8522k to 11001 k as shown in Table
3.3.5). ATC static analysis shows a 34% increase in response
quantities resulting from the 4.64 sec., to 3.0 sec. period shift.
Note that compared to the ATC static loads, the UBC approach (with top
load omitted) yields smaller story shears and overturning moments in
the upper portion of the building and higher shears and overturning
moments in the lower portion.

It is of particﬁlar interest to compare the dynamic and
equivalent static responses as recommended by ATC since these are
derived from the same response spectrum. In Figures 3.3.13(a) and
(b), the shear and overturning moments resulting from both of these
ATC approaches are shown for the same 3.0 sec. fundamental period.

The base shear resulting from dynamic analysis is 1253k or 61% of the
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2068k static base shear and the base overturning moment is 5682 x 103
k-in or 61% of the static value of 9300 x 103 k-in. Here, the static
overturning moments have been reduced as allowed by ATC. The rather
large discrepancy between the equivalent static and dynamic results is
due to the relative conservatism in the static solution introduced by
the implicit assumptibn that the full mass of the building
participates in the response of the fundamental mode. This result is
further discussed in section 3.7.

In Figures 3.3.15 and 3.3.16, the story shear, overturning
moment, deflection and drift responses normalized to base shear for
the different dynamic and static analyses are shown. As can be seen
from these figures, the ATC and Newmark dynamic analyses yield very
similar response quantity distributions for a given value of base
shear. However, the static response distributions show significant
variations from the dynamic predictions. As can be seen from the
story shear distribution in Figure 3.3.15(a), the ATC static approach
gives greater shear values (as much as 20-25% greater around the
midheight of the building) ovér most of the building than would be
predicted by dynamic analyses and gives somewhat lower values near the
top of the building. The UBC static approach compares well with
dynamic analyses in the lower half of the building but yields
significantly lower shears in the top half of the building due in part
to the omission of the top loading as discussed earlier. As for
overturning moment distribution, Figure 3.3.15(bk) shows that both the
UBC and ATC static approaches compare fairly well with dynamic results
near the base of the building but UBC gives substantially lower values
in the upper part of the building. These observations on force
distribution indicate that design based on eguivalent static approach-
es (ATC and UBC) would tend to make the upper stories of this building
more susceptible to structural damage from earthquakeground shaking.

In Figure 3.3.16(a), deflections normalized to base shear show
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that the UBC results compare fairly well with dynamic predictions.
However, the ATC static results give significantly larger deflections
in the upper stories because greater overall bending action occurs due
to the fact that the overturning moments are not reduced for
deflection calculations. 1In Figure 3.3.16(b), the ATC static approach
gives larger drifts than dynamic results in the middle region of the
building primarily due to the larger normalized shears and unreduced
overturning moments in this portion of the building relative to
dynamic values. Near the top, the normalized ATC static drifts
compare well wtih dynamic values since expected increases in drifts
due to greater bending action are offset by lesser shear deformations.
The UBC static drift distribution compares well with dynamic values in
the lower stories but shows significantly smaller drifts in the upper
stories due to underestimation of shear forces in this region.
3.3.7 Comparison of Code Design Forces with
Py Tehquake Spectra o Y Aetual

The UBC story shears and overturning moments used for the seismic
design of the Transamerica Building were provided by the design
engineers and are shown in Figure 3.3.17after application of the 1.278
factor to bring the UBC working stress loads up to the elastic limit
level. These values are based on a fundamental period of 4.07 sec.
and the designers' dead weight estimates (including partition loads)
which are somewhat larger than those shown in Table 3.3.]1. Also shown
in Figure 3.3.17 are the predicted dynamic responses to the Taft
{1952) and El1 Centro (1940) earthquakes for 5% damping using both
Model 2 and Model 4 to represent the properties of the building (see
Figure 3.1.2 for a plot of the spectra)l.

These figures indicate that only relatively minor inelastic
response, if any, would result from the Taft excitation and that most

of this would occur between the 30th and 50th floors where both story
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shears and overturning moments exceed the factored UBC (elastic limit)
"levels. This result agrees with observations made from Figures
3.3.15(a) and (b) which indicate the relative underestimation of UBC
design forces in the upper portion of the structure. Remembering that
the Taft spectra is representative of a 7.6 magnitude earthguake
occurring at a distance of 56 km. from the building site and producing
a peak ground acceleration of 0.179g, it is reassuring to find that
this building should have a primarily elastic respbnse.

Analyses for the El Centro earthquake indicate elastic force
levels ranging between 1.5 and 2.3 times the factored UBC levels as
seen in Figure 3.3.17. Assuming these elastic analyses give a
reasonable approximation for ductility démand, El Centro excitation

would induce overall ductility ratios ranging from 1.5 to 2.3.

3.3.8 Summary

The results presented in the previous sections lead to the
following observations regarding the behavior and analysis of the

Transamerica Building:

(1) Rational development of the numerical models leads to
excellent agreement between the dynamic properties
resulting from computer analysis and the dynamic
properties determined from small amplitude experimental
testing. Close correlation of results is achieved for

several modes. (Figures 3.3.8, 3.3.% and Table 3.3.2)

(2) Analysis indicates that the effects of both rigid joint
zones and nonstructural slab-girder interaction
significantly influence the small amplitude response of
the building. 1Inclusion of these effects may lead to
increases of about 30% (using the Newmark spectrum) in

base shear and base overturning moment values compared
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(3)

(4)

(5}

(6)

(7}

to results based on a model of the bare steel frame
alone using center-to-center dimensions. (Figure 3.3.10

and Table 3.3.4)

The sudden discontinuities in stiffness that occur in
this building are shown to be important in deflection
and drift respense whereby the termination of frames at
various levels causes irregular drift response over the
height of the building (Figure 3.3.11).

In dynamic analysis, the influence of higher modes (2nd,
3rd, 4th) on design quantities is seen to be significant
(Figure 3.3.12). In order to fully capture inertial
forces produced in the relatively stiff first four
stories, more than four translational modes for each

direction must be included in the analysis.

For this building, dynamic analysis shows that the ATC
response spectrum yields more conservative results than
the 0.05g Newmark spectrum resulting in approximately
30% greater base shear and 40% greater base overturning
(Figure 3.3.13 and Table 3.3.5) due to the conservatism

of the ATC spectrum in the longer period range.

Application of the UBC and ATC codebook formulae results
in significantly greater values of the fundamental
period than are indicated by the small amplitude tests
and corresponding analysis leading to wide variations in
the response from equivalent static analysis depending
upon the period used. (Figures 3.3.13, 3.3.14 and Table
3.3.5)

Comparing the UBC and ATC equivalent static approaches
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(8)

(%)

(10)

for this building, ATC leads to smaller shears and
overturning moments than UBC at the base but yields

larger values in the upper portion of the building

(Figure 3.3.13).

Using the ATC recommended approaches for dynamic and
equivalent static analyses and using a 3.0 sec.
fundamental pe;iod for both, force guantities resulting
from the dynamic analysis approach are substantially
less than those resulting from the equivalent static
analysis approach. PDynamically derived base shear and
overturning values are only 61% of the corresponding
values resulting from equivalent static analysis.

(Figure 3.3.13 and Table 3.3.5)

Regarding the distribution of equivalent static design
forces compared to dynamic force envelopes, ATC tends to
overestimate the relative magnitude of shear forces in
the lower portion of the building and both UBC and ATC
underestimates shear near the top. The UBC shear
distribution compares well with dynamic distribution in
the lower half ¢of the building but substantially
underestimates the relative shear in the upper half of
the building. ATC static overturning moment
distribution shows somewhat better comparison with the

dynamic distribution than does UBC (Figure 3.3.15).

Based on the UBC seismic loads used by the engineers in
design, results based on the numerical models indicate
that the building would have an essentially elastic
response if subjected to the Taft (1952) earthquake
records If subjected to the El Centro (1940) record,

elastic story shears 1.5 to 2.3 times greater and
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elastic story overturning moments 1.4 to 2.0 times

greater than factored UBC design values result.
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Table 3.3.1: Dead Load Weights Used for
the Analytical Models

Models 1,2,3 Model 4
Floor | Weight(kips) psf | Weight(kips) psf
60 73 3880 37 1870
53] 53 936 27 502
58 63 540 32 300
57 68 383 34 197
56 73 274 37 127
55 78 209 39 104
54 83 166 42 84
53 ag 137 44 69
52 83 116 a7 59
51 98 100 49 50
50 511 433 493 418
49 526 377 505 362
48 541 326 516 an
47 558 299 530 284
46 576 277 545 262
45 596 259 561 244
44 616 242 578 227
43 B37 228 585 213
4z 659 216 613 207
41 682 205 632 190
40 207 186 653 181
38 732 187 673 172
38 758 180 695 165
37 785 173 17 158
36 814 167 741 152
35 842 162 764 147
34 874 157 791 147
33 904 152 815 137
32 937 148 842 134
31 970 145 870 130
30 <1041 147 835 132
25 1056 141 943 126
28 1107 139 988 124
27 152 138 1026 123
26 1200 136 1068 121
25 1251 134 1118 120
24 1303 134 1157 119
23 1355 132 1201 17
22 1408 131 1238 116
21 1463 130 1294 115
20 1519 129 1343 14
19 1575 128 1391 13
18 1632 127 1440 112
17 1681 126 1480 m
16 1751 126 1542 m
15 181 125 1593 110
14 1881 124 1654 108
13 193¢ 123 1700 108
12 19898 122 17583 107
11 2063 122 1809 107
10 2128 121 1864 106
] 2195 120 1922 105
8 2263 120 1880 105
7 2342 120 2049 105
6 2501 124 297 109
5 2691 129 2377 114
4 1645 217 1531 202
3 1645 217 1831 202
2 1767 58 1313 43
Total 64365 56965
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Table 3.3.2:

Natural Periods

Experimental vs. Analytical

Model Model 2 Model 3 Model 4 UBC* ATC*
Mode Exp.

Direction No. | Period{sec) | Period % Period % Period ¥ Period % Period H Period %

1 2.94 3.77  +28.2 3.49 +18.7 3.13 + 6.5 3.00 + 2.0 5.0 +70.1 4.64 457.8
N-S 2 1.58 2,17 +37.3 2.01  +27.2 1.83 +15.8 1.65 + 4.4

3 1.14 1.49 +30.7 1.39  +21.9 1.28 +13.2 1.06 + 5.3

4 0.88 1.20  +36.7 .09 +24.% 0.95 + 7.7 0.87 -1.4
Torsion 1 2.24 3.11 +38.8 2.82  +25.9 2.41 +7.6 2.36  + 5.4

2 1.23 1.64  +33.3 1.48  +20.3 1.28 + 4.1 1.25 + 1.6

% = percent variation from experimental periocd.

*Code periods calculated based on 50-story height as follows:

UBC {egn. 12-38):

ATC (eqn. 4-4):

Table 3.3.3:

T
T =

Coh 34 .035 x

T'n

0.10 N =0.,10 x 50 = 5.0 sec.

(676.33) 3% < 4.64 sec.

Influence of Modeling
Aspects on Modal Stiffnesses

Stiffness Increase with respect to Model 1
Rigid Joint Slab-Girder

Direction Mode Zone Interaction Total
N-S Trans.| 1 17% 28% 45%

2 17 23 40

3 15 18 33

4 21 g 60
Torsional 1 22 38 60

2 23 44 67
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Table 3.3.4: Influence of Modeling
Varijations on Design Quantities

Model 1 Model 2 Model 3 Model 4
Design Quantity % % ® %
Base shear(k) 766 0 867 +13.3 | 98B0 +28.0 | 969  +26.5
Base OTM(x103K-1in) 3180 0 | 3640 +14.5 | 4105 +29.1 | 4055 +27.5
50th floor e O (168 =*+08 |82 -EE| 1.3 =73
deflection(in)
25th floor drift(in) | 0.59 0 0.5 -8.3|0.42 -28.8 | 0.41 -30.5

% = percent change from Model 1.

Table 3.3.5: Comparison of Design Quantities for

Dynamic and Equivalent Static Analyscs

Dynamic Static
Newniark ATC (= ATC usc*
Design Quantity . g Codebook 5 AnaTytical . Codebook . Anautic.ﬂx
Fundamental Period 3.0 0| 3.0 0|4.64 54.7| 3.0 0 5.0 66.7| 3.0 0
Base shear(k) 968 0 [ 1253 29.4 | 1547 59.8 | 2068 113.6 | 1831 89.2| 2364 144.2
Base UTH(x103k-1n) 4054 0 | 5682 40.2 | 6956 71.6 | %300 129.4 8522 110.2 |11001 171.4
50th floor deflection(in) | 17.4 0 |23.9 37.4 | 37.7 116.7 | 50.4 189.7 3.0 78.2|40.1 130.5
25th floor drift(in) 0.41 0 |0.55 34.1 [0.78 90.2| 1.04 153.7 .73 781 .95 131.2

% = percent change from Newmark spectrum dynamic analysis.

*UBC values are factored by 1.70/1.33 = 1.278 for correspondence with ATC elastic limit load levels.
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3.4 UNIVERSITY OF CALIFORNIA MEDICAL CENTER BUILDING

Located in the San Francisco Medical Center complex, the 15 story
{above grade) Health Sciences East Building bhouses classrooms,
laboratories, a library and related facilities for medical instruction
and research. Designed in the early 1960's by Reid, Rockwell,
Banwell, and Tarics, Architects and Engineers, San Francisco, the
Health Sciences buildings (East and West), associated service towers
and elevator tower were constructed during the period 1963-1965,

The East Building (Figure 3.4.1) has a column free interior core
area (about 92 feet square depending upon floor elevation) subdivided
with non-structural partitions as function warrants. Corridors lie
between the core area perimeter and the exterior glass window walls.
The columns are located just outside the interior core within the
corridors. The East Building is nonstructurallyfconnected at each
floor level to adjacent structures: a mechanical service tower and a
connecting corridor that provides access to other buildings (Figure
3.4.2).

3.4.1 Description of the Structural System

The Health Sciences East Building is 195 feet high and has a
square floor plan with an outside dimension of 115'-3". The
structural system is a steel moment resisting type frame with four
frames each in the North-South and East-West directions. Twelve H
type columns built up with plates and angles, connected by rivets, are
located on lines 10'-10" inward from the perimeter of the building.
The column center—to-center distances are 30'-1 1/2", 33'-4" and 30'-1
1/2" along each side. The depth and flange width of the corner column
sections vary from 4 = 29", bf = 24" at the top, fo d = 32.5", bf =
30" at the ground level. The intermediate column sectiqns vary from d
= 33", bg = 36" at the top, to d = 37.5", by = 36" at ground level.

All girders have a depth of 42". The girder sizes in the exterior
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frames increases toward the base (noncomposite moment of inertia I =
11000 in4 at the top, to I = 39000 in? at the bottom). The interior
girders all have a constant section (I = 23000 in4). The girder web
plates are perforated to allow passage of piping and ventilation
ducts. Inclined angles are welded around openings to reinforce the
web. The typical girder-column connections are composed of plates and
T sections that are welded and bolted. The girders' flanges are
connected to the column flanges (column strong axis connection) by T
sections (from W36 x 300) with high strength bolts used in both the
column and girder flanges. Girder flanges are cocnnected by bolts to
connection plates which are welded between the web and column flanges
(column weak axis connection). Girder webs are connected to the
column by bolted shear plates. Additional description of the girder-
column connection is found in ref. 10. The floor framing including
floor beams and purlins are shown in Figure 3.4.3. A cast-in-place 5
1/2 inch thick light weight aggregate concrete slab rests on top of
the steel floor framing. Nelson studs provide shear transfer
(composite action) between the slab and flcor framing.

Below the ground floor level, the steel columns are cast
integrally into reinforced concrete columns that extend through the
basement level to reinforced concrete caissons. Between the basement
and ground floor levels are reinforced concrete walls 24 inches thick
which are located along the frame column lines, thus forming a grid.
Interconnecting the caissons and supporting the basement floor slab
and shear walls are reinforced concerete grade beams (about 8 feet
deep)e The caissons for the corner and intermediate columns have 6
foot diameters, and extend to a maximum depth of about 67 feet below
the basement level. Because the service tower was found to have some
infiuence (31) on the East Building's dynamic behavior, a brief
description of this structure along with the interbuilding connections

follows. The mechanical service tower has plan dimensions 20 feet by
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36 feet and is 220 feet in height. The tower contains a stairwell
with'openings on either side for piping and ventilation ducts. It is
a vertical steel truss system encased in reinforced concrete. At the
basement and ground floor a levels reinforced concrete slab and beams
structurally connect the service tower to the East Building (Figure
3.4.4).

At each floor level two types of nonstructural connections exist
between the East Building and adjacent structures (service tower and
connecting corridor). Bellows-type aluminim ducts (Figure 3.4.5) run
the entire height of the building to provide weatherproofing; and,
steel plates span the gap between buildings {about 3 feet) to allow
traffic between buildings at each story level. The plates are bolted
to the service tower only, and rest freely on the East Building floor
slabs. |
3.4.2 Results of Experimental Studies

Experimental studies to determine the dynamic properties of the
U.C. Medical Center were conducted by the Department of Civil
Engineering of the University of California at Berkeley between the
Summer of 1964 and the Fall of 1965. The natural periods, mode shapes
and damping capacities were determined by small amplitude forced
vibration test procedures in which the building was excited by a
rotating eccentric mass and the vibration response was measured by
accelerometers located at varjous floor levels. Four series of tests
were conducted: Summer 1964, Summer 1965, Fall 1965 I, and Fall 1965
II. The Summer 1964 tests were conducted when the East Building steel
frames and concrete slabs were in place, and the service tower frames
in place but not vet encased in con¢rete. The Fall 1965 tests were
conducted on the nearly completed building with exterior window walls
erected and most of the ventilation ducts, piping and partitions in
place. Between the Summers of 1964 and 1965, the service tower was

encased in concrete. For a detailed discussion of the experimental
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studies see ref. 31.

The experimental translational and torsional periods are
presented in Table 3.4.1. Several interesting features regarding the
dynamic characteristics of the building are apparent. For any test
series, the North-South and East-West periods agree closely. The
largest percentage difference between the N-S and the corresponding E-
W experimental period is 10% for the second mode from the Summer 1965
tests. Most of the N-S periods are within 5% of the corresponding E-W
values. The N-S and E-W period agreement is expected because the
building is square in plan and has the same structural system type in
each direction, although the building does not have identical
stiffness properties in each principal direction because of the
orientation of the corner columns (Figure 3.4.2). The natural periods
of the Summer 1965 tests and thereafter are shorter than the periods
as determined during the Summer 1964. Also, the Summer 1965, Fall
1965 I and Fall 1965 II tests yield periods that are somewhat
constant. Comparing the periods from the Summer 1964 study to the
later tests, most periods shorten by less than 15%, however a maximum
period shortening of 23% occurs in the N-S fundamental period between
the Summer 1964 and the 1965 tests. The decrease in periods was
attributed primarily to the effects of the service tower interacting
dynamically with the East Building (31). It was believed that the
bare steel frame of the service tower had very little effect on the
dynamic behavior of the East Building in the Summer of 1964 tests, and
the building was tested in isolation. When the steel frame had been
encased in concrete, the service tower did effect the behavior of the
East Building; both buildings then formed a new structural system
resulting in the observed shorter periods. After the Summer 1964
tests, no experimental results for the fourth mode are reported. This
is because the force generators were located on the 15th floor rather

than on the roof as in the Summer 1964 tests. As a neutral point for
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the fourth mode cecincided with the 15th floor level, the fourth mode
could not be excited. A dramatic decrease in the torsional periods
between the Summer 1964 and the Fall 1965 tests is apparent (Table
3.4.1). However, no discussion explaining the large pericd shifts is
presented in the original report.

The first four N-S and E-W translational mode shapes are shown in
Figures 3.4.6 and 3.4.7. Note that the results from all the test
series tend to agree favorably. This indicates that the translatiocnal
mode shapes were not significantly effectedﬁby the construction
sequence nor by the building coupling after the Summer 1964 as noted
previously. For any mode, the N-S translational mode shape is similar
to the corresponding E-W mode shape. The similarity of the N-S amd E-W
dynamic properties may be expected because the building has the same
structural system type in each direction. The first mode has a
characteristic straight line deflection pattern. The second mode has
a neutral point (node) at about the 13th floor level and the third
mode has nodes at about the 9th and 15th floor levels. Because only
the Summer 1964 test was able to determine the fourth mode shape and
this test recorded accelerations at only five floor levels, the actual
mode shape is not clearly defined. The first two torsional mode
shapes are shown in Figure 3.4.8. Only the torsional mode shapes as
determined in the 1965 tests were reported. The fundamental torsional
mode has constant rotational amplitudes above the 13th floor level.
No discussion is presented in the original report as to possible
reasons for this observed behavior. However, it may result from a
coupling of the East Building and the associated structures via
friction between the slabs and the steel plates (Figure 3.4.5). The
second torsional mode has more of the expected smooth curve shape with
a node point near the 12th floor level.

The natural periods as determined from the Summer 1964 tests are

used for comparison with the analytical study results. Regarding mode
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shapes, both the Summer 1964 and Fall 1965 II test results are used in
comparison with the analytical model results. The Summer 1964 tests
have floor acceleration measured at only 5 floor levels; therefore,
the Fall 1965 II results are included because the accelerations are
recorded at many floor levels thus defining the higher mode shapes
accurately. As shown in Figures 3.4.6 and 3.4.7, the mode shapes are

somewhat invariant among the test series.

3.4.3 Description of Analytical Models

A modified version ¢of the ETABS (23) computer program is used
for the dynamic analysis of the U.C. Medical Center. Inherent in the
ETABS model formulation is the assumption that building floors are
rigid in plan, which is appropriate for this building since it has a
square floor plan with concrete floor slabs. The models are assumed
fixed at the ground floor level (2nd floor). Below this level, the
steel columns are cast integral into the concrete basement columns and
a grid of concrete wells connect the basement columns (Figure 3.4.1).
The foundation consists of grade beams under the walls and caissons
supporting the columns. The basement and foundation make for a very
stiff system with respect to the steel superstructure and the
experimental results indicate this by showing insignificant movements
at the ground floor level in the mode shape plots. No attempt is made
to model the building interaction with the adjacent structures
although this effect was believed to contribute to the observed period
shifts. Also, with respect to design applications, it was
considered unfeasible to develop a model of the coupled building
system in which sufficient coenfidence could be placed. Five building
models are examined in order to evaluate the influence of various
modeling assumptions on the dynamic characteristics and seismic

response.
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Model 1

With Model 1, the exterior frames alone are assumed to constitute
the lateral stiffness of the structure. The exterior frames have four
bays each and can be expected to have much larger stiffness than the
interior large span single bay frames. The model consists of the two
exterior E-W frames (Figure 3.4.9(a)). Each frame is composed of beam
and column elements with the center-to-center dimensions used for
element stiffness formulation. This implies the assumption that the
joint flexibility is equivalent to the stiffness of short beam or
column segments within the joint region. The beam elements have a
moment of interia that accounts for the composite action of the floor
slabs. The slab effective width is assumed to be b + 16t (b = flange
width; t = slab thickness) as per AISC recommendations ( a steel-
concrete modular ratio of 12 is used). The moment of interia of the
composite girder is about twice as large as that of the noncomposite
girder. A uniform mass equivalent to 100 psf distributed uniformly
over the floor is assumed. Because the original design mass
calculations were not available, this load was estimated from review
of the structural drawings. Since only the exterior E-W frames are
considered, the model has a single translaticnal mass degree of
freedom at each of the 15 floor levels. No N-S or torsional dynamic
properties are computed.
Model 2

Because the girder-to—-column connection region has an inherent
rigidity which may be expected to be significantly greater than
equivalent short beam or column segments, the effects of stiffening
these region are examined in Model 2. This model is the same as Model
1 except fully rigid connection zones are provided. For beams, the

regions at each end of the beam equal to half the column width are
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assumed rigid; and, for columns, the regions at each end equal to half
the beam depth are assumed rigid. This reduces the effective length
of the columns and beams by 27 and 8%, respectively.
Model 3

Model 3 is a fully three dimensional model which includes the
exterior and interior frames in both the E-W and N-S directions
(Figure 3.4.9 (b)), The N-S and E-W interior frames have girders that
intersect at "missing" column locations. The effects of the N-8
interior girders vertically supporting the E-W girders (and vice
versa) at the "missing”" column locations are included in this model.
As with the previous model, slab-girder composite action and fully
rigid end zones are incorporated. Each floor level has 3 mass degrees
of freedom consisting of N-S, E-W translations, and rotations about a
vertical axis. Because the three dimensional nature of the model,
torsional as well as translational dynamic properties are calculated.
Mcdel 4

This model investigates the effective composite slab width
assumption by increasing the effective slab width. Developed from
Model 3, the assumed effective slab width is increased from b + 16t to
b + 32t, and the girder moment of interias are adjusted accordingly.
This increases the moment of interias by about 15% over those used in
Model 3.
Model 5

Since the actual floor mass at the time of the experimental
testing is not known, Model 5 examines the effects resulting from an
increase in floor weight from 100 psf to 110 psf. Develped from Model
3, the translational mass and floor rotational interias are increased

by 10% at each story level.
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3.4.4 Comparison of Analytical and Experimental Dynamic Properties

In this section, the natural periods and mode shapes for the 5
analytical models are calculated and compared with the experimental
results. Comparison of the first four analytical and experiment E-W
translational mode shapes are shown in Figure 3.4.10. Both the Summer
1964 and Fall 1964 II experimental mcde shapes are presented. The
analytical mode shapes show very close agreement and are within 5% of
each other at most story levels; thus only one curve is drawn to
represent them. The invariance of the mode shapes is somewhat
expected because the modeling features incorporated basically produce
uniform changes in the stiffness or mass matrices which does not
effect the mode shapes. The first two analytical mode shapes have
excellent correlation with the experimental results. The second mode
shape node point (location of zero modal displacement) near the
thirteenth floor is correctly predicted by the models. The analytical
third mode shape agrees favorably with the experimental, however, the
neutral (node) points are predicted slightly higher up than actual and
the amplitudes of the lower story antinodes (points of maximum modal
displacements) are larger than.actual (when mode shapes are normalized
to the roof displacement). Because only the Summer 1964 fourth mode
shape results were reported, the actual mode shape is not accurately
defined, although the analytical shapes capture the general trends as
shown. '

The first two analytical torsional mode shapes are compared with
the Fall 1965 11 test results in Figure 3.4.11. The experimental
first torsional mode has an irregular shape with an apparent sharp
increase in rotation around the twelfth floor level and an almost
constant rotation above that level; whereas, the analytical shape has
the characteristic smcoth curve. The analytical mode shapes
indicate the general shape. Considering the second torsional mode,

the analytical mode shape agree favorably with the experimental data,

177



having the same antinode amplitudes (when normalized to roof
rotation), but predicting the node point about one story higher than
experimentally observed.

The analytical natural periods are compared with the experimental
values from the Summer 1964 test series in Table 3.4.2. Note the
variation of the natural periods among the different models. Model 1
with the building lateral stiffness based on only the exterior moment
resisting frames that are formulated with member center to center
dimensions and composite slab girder action, has a fundamental period
of 1.61 seconds which is 36.4% larger than the experimental value of
1.18 seconds. The analytical periods for the higher modes are also
larger by about 30%.

Intreduction of fully rigid end zones in Model 2 increases the
lateral stiffness, and reduces the periods significantly. The
fundamental period of 1.25 seconds is 5.9% longer than the
experimental value and the higher modal periods are within 2% of the
actual values. As shown in Table 3.4.3 the rigid end zones increase
the effective modal stiffnesses by an average 71%. This large increase
is primarily due to the change in column stiffnesses since the
effective length of the column is reduced by 27% versus only 8% for
the girders.

The fully three dimensional Model 3 with all N-S and E-W frames
incorporated, gives a fundamental E-W period of 1.13 seconds which is
4.2% less than the actual value. The higher E-W modal periods are
about 11% less than the actual pericds. Comparison of the analytical
periods indicate that the interior frame effects result with an
average modal stiffness increase of 46% over the Model 1 values (Table
3.4.3). Because Model 3 is three dimensional the torsional periods
are extracted and compared with the actual periods. The analytical
fundamental torsional period is .802 seconds, 4.3% longer than the

experimental value of .769 seconds. The second torsional period is
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15.7% less than the actual value.

Model 4 is developed from Model 3 by increasing the girder moment
of inertias to represent a larger effective slab width. As a result,
the fundamental E-W period is 1.09 seconds, or 7.6% less than the
actual experimental value. The higher modal periods are also less, by
about 14%. The analytical fundamental torsional pericd of .770
seconds agrees within 1% of the actual value; however, the second
period is 19.1% less than the actual value. The larger effective slab
width increased the effective modal stiffnesses of Model 4 over Model
3 by an average of only 7% (calculation using the period shifts from
Table 3.4.3).

Model 5 investigates the effects from using a larger floor weight
of 110 psf versus the 100 psf used in the previous models. It is
developed from Model 3 by increasing the translational and torsional
mass values by 10%. This model has a fundamental E-W period of 1.19
seconds which agrees within 1% of the actual value. The higher modal
periods are smaller than the actual values by about 7%. The
fundamental torsional period of .B41 seconds is 9.4% larger than and

the second modal period is 11.6% smaller than the experimental wvalues.

Based on the observed natural period variations resulting from
the different modeling assumptions, several conclusions can be drawn
regarding effective model formulation.

(1) The effects of joint rigidity should be modeled. Because of the
large shift in natural periods between Models 1 and 2, it is apparent
that a fully rigid connection zone is a better assumption than using
center—-to-center dimensions in the stiffness formulation (effectively
assuming the joint flexibility to be equivalent to short beam or
column segments within the joint region)l. Without this assumption,
any model formulation would be too flexikle and its natural periods
larger than actual. The concept of using a rigid zone smaller than

the actual joint region to account for some inherent joint flexibility
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could potentially provide a better model; however, the selection of
the reduced joint size is arbitrary.
(2} The interior frames possess a significant amount of lateral
stiffness as compared to the exterior frames and should be included in
the model formulation.
(3) The composite action of the concrete slab with the steel girders
should be accounted for when determining girder section properties.
Although a model ignoring composite action was not analyzed, it should
be noted that the composite steel girder-concrete slab moment of
interia is about twice that ¢of the steel girders alone. By ignoring
composite action, any model would be too flexible. In Model 4,
the effective slab width is assumed to be (b + 32t), a 90% increase
over the value used in Model 3 (b + 16t). However, this results with
only an B% increase in the composite moment of interia. This produced
about a 4% decrease in the natural periods(Table 3.4.2). Apparently,
the stiffness (thus dynamic properties) are not sensitive to the
assumed slab width, provided a reasonable assumption is made (e.qg.
AISC recommendations).

Also included in Table 3.4.3 are the fundamental natural periods
as estimated by the UBC and ATC formulae. The UBC formula yields a
period of 1.50 seconds which is 27.1% larger; and, the ATC method
gives a value of 1.82 seconds which is 54.2% larger than the actual
period. Note that any of the models studied provide better
fundamental period estimates than the ATC formula and Models 2 to 5

yield better period estimates than the UBC formula would calculate.

3.4.5 Influence of Modeling Approach on Design Quantities
In this section, response spectrum dynamic analyses are
performed on each of the models to evaluate the effects of the
modeling features on the design forces and displacements resulting

from dynamic response spectrum analyses. The Newmark response
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spectrum scaled to .05g is used aé the earthquake excitation. The
earthquake direction is parallel to the E-W building axis. SRSS
combination using four modes is used for the solution of story
envelope shears, overturning moments, deflections, and drifts.

The peak response envelopes plotted along the height of the
building are shown in Figures 3.4.12 and 3.4.13. The characteristic
shapes of the response envelope curves are similar for all models.
The amplitudes of the response envelope curves vary according to the
model.

The peak story shear envelopes are shown in Figure 3.4.12(a).
The peak story shears progressively increase in Models 1 to 5. As the
lateral stiffness is progressively increased in Models 1 to 4, the
natural periods decrease (Table 3.4.2), resulting with larger spectral
accelerations, therefore larger interia forces and resulting story
shears. Model 5 is developed from Model 3 by increasing the floor
mass. The increase in mass lengthens the natural periods which yields
smaller spectral accelerations, however this is offset by the larger
mass, thus resulting with larger story interia forces in Model 5
versus those in Model 3. This effect is explained in Section 2.5
(Figures 2.13, 2.14) whereby the story shears increase as the mass
increases for modes that lie on zone C (p = 1.0) of the Newmark
response spectrum. In Table 3.4.4, the values of base shear are
presented for each model along with the percentage change from Model
1. Model 5 with a base shear of 1101 kips represents a 42.1% increase
over the Model 1 shear of 775 kips. The single modeling feature that
produced the largest increase in story shears is the introduction of
rigid joint zones in Model 2. This increased the shears by 24.5% over
the Model 1 values.

The envelope values of story overturning moments for the various
models are shown in Figure 3.4.12(b). The trends are similar as for

the story shears with the most flexible Model 1 having the smallest
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overturning moment values and Models 4 and 5 having the largest
values. As shown in Table 3.4.4, the overturning moments follow the
shear variation with Model 5 having the largest base overturning
moment of 1683 x 103 k-in which is a 49.6% increase over the Model 1
value of 1125 x 103 k-in.

Lateral story deflection envelopes are shown in Fiqure 3.4.13(a).
As the models become progressively stiffer from Model 1 to 4 the
lateral deflections decrease. Model 5 with increased mass over Model
3 has larger lateral displacements than Model 3 due to the larger
interia forces. Table 3.4.4 contains the roof deflections for each
model. Model 1 has the largest roof deflection of 1.62 in. and Model
4 has the smallest deflection with 1.10 in., a decrease of 32.1%.

Peak story drifts are shown in Figure 3.4.13(b). Note that the
drifts are fairly uniform between the 4th and 15th floors, suggesting
a shear beam type of deformation pattern along the building height.
The trends are similar to deflection envelope plots; that is, smaller
drifts in the stiffer models. The 10th floor story drifts for each
model are presented in Table 3.4.4. Model 1 has the largest drift
(.132 in.) which is 31.8% larger than the Model 4 drift (.090 in.).

To illustrate the relative influence of the various modes on the
total computed response, the relative modal contributions of to the
total peak design quantity response plotted along the building
height for model 3 are shown in Figure 3.4.14. At any story level,
the relative contribution is represented as the square of the
individual modal contribution divided by the total sum of the squared
modal contributions. The first mode is the primary contributor to the
total responses. For story shears, the higher modes have some
influence near the base and a significant effect toward the roof where
the higher modes contribute about 50% to the total sum of the squared
modal shears at the roof level. For overturning moments, a similar

pattern as for the story shears is apparent. The contribution of the
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higher modes increase toward the top of the building where they
contribute about 50% to the total sum of the squared modal overturning
moments near the roof. The story deflections are completely dominated
by the first mode, the higher modes contribute only 9% of the total
sum of squared modal of the deflections near the base. The story
drifts show similar trends as the shears; that is, higher modes have
some influence near the base and increased influence toward the top of
the building.

In summary, the various models yield response quantity envelope
curves which are similar in shape, but differing in amplitude.
Because the models basically involve uniform refinements in stiffness
(Models 1-4) or mass (Model 5), the mode shapes are somewhat
invariant, and the natural periods have considerabale variation.
Since the spectral accelerations and displacements are determined from
the natural periods, the variation in the amplitudes of the response
guantity envelope curves are primarily dependent upon the variation
of the natural periods among the models. The response qunatities are
dominated by the fundamental mode with higher mode effects more

pronounced toward the top of the building.

3.4.6 Comparison of Dynamic Analysis and Code
Equivalent Static Procedures

The seismic responses of the U.C. Medical Center Building in
terms of the gross design quantities as calculated by dynamic response
spectrum procedures and équivalent static methods are compared in this
section. For the dynamic analysis, both the ATC and Newmark response
spectrums are used. The spectra are scaled to .05g peak ground
acceleration as per the ATC recommendation for moment resisting frame
structures. The ATC and UBC guidelines are used for the equivalent
static methods. The UBC spectra is scaled by a factor of 1.278 to
represent the elastic limit intensity. Model 3 is used for the

comparataive analysis. The equivalent static responses are computed
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using both the ATC and UBC approximate fundamental period estimations
(1.82 sec. for ATC; 1.5 sec. for UBC) and the analytical period value
(1.13 sec.). Results from these analyses are presented in Table 3.4.5
and Figures 3.4.15 and 3.4.l6.

The dynamic response spectrum analyses with the ATC and Newmark
response spectra yield nearly identical results and are represented by
a single curve in the Figures. This is because the first mode
dominates the building response (Figure 3.4.14) and the spectral
acceleration values from the ATC and Newmark spectrums at the
fundamental period {1.13 sec.) are virtually idéntical (Figure 3.1.1).

The equivalent static analysis results are also presented in
Ficures 3.4.15 and 3.4.16. The shaded portions in these figures
illustrate the variation in the response quantities resulting from the
use of the analytically determined fundamental period (1.13 sec.)
versus the fundamental periods calculated using the approximate
estimation formulae. The relatively large variation in the ATC and
UBC equivalent static results from using the approximate and
analytical periods is expected since the spectral accelerations set
the response amplitudes and are determined from the periods. In
general, the shorter periods result in higher spectral accelerations.
The fundamental period as estimated by the ATC formula (1l.82 sec.) is
61% longer than the analytical period value (1.13 sec.). Accordingly,
the responses as calculated using the analytical period are over 30%
greater than the values when the approximate period is used (Table
3.4.5). A similar effect is shown for the UBC equivalent static
analysis in which the response values using the analytical period are
over 15% greater than the values using the UBC approximate pericd

estimation (1.5 sec.).

Comparing the dynamic¢ and equivalent static {using T = 1.13

sec.) results using the ATC response spectra illustrates the
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conservatism inherent to the equivalent static procedure introduced by
using the full building mass as the effective fundamental modal mass.
The equivalent static story shears and base overturning moments are
about 25% larger (Table 3.4.5) than the dynamic response spectrum
values. The static overturning moments have been reduced as allowed by
ATC.

In Figures 3.4.17 and 3.4.18, the story peak shear, overturning
moment, deflection and drift respohses normalized to the base shear
for the different dynamic and static analyses are shown. Equivalent
static analysis methods have a story shear distribution which
overestimates the shears at the building midheight (Figure 3.4.15 (a))
as compared to a dynamic analysis distribution (about 14% overestimate
by the ATC and 5% for UBC). Normalized overturning moments indicate
that for a given base shear, the ATC equivalent static procedure
agrees well with the dynamic analysis results, whereas the UBC
procedure overestimates the base overturning moment by 9%. The
deflections and drifts normalized to base shear show that the
equivalent static procedures yield distributions that agree favorably
with those resulting from dynamic analyses. The normalized ATC and
UBC equivalent static roof deflections are 7 and 3% greater than the
normalized dynamic analysis results respectively.

3.4.7 Comparison of Code Design Forces with Dynamic
Forces Induced by Actual Earthquake Spectra

In this section, the story shears and overturning moments
resulting from the Taft 1952 (peak ground acceleration .179g) and El1
Centro 1940 (peak ground acceleration .348g) earthquakes are compared
with the UBC elastic limit design quantities. Four modes are used in
the analysis and 5% critical damping assumed. The UBC forces are
calculated using the analytical period value of 1.13 sec. and are
multiplied by 1.278 to represent the elastic limit force levels. Two

models are examined with each of the actual earthguake spectra. The
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first being Model 3 which has periods that agree well with the small
amplitude experimental values, and the second is Model 1 which has
periods about 40% longer than actual. The purpose of evaluating the
response with two models for each earthquake excitation is to
illustrate the range (shaded regions in Figure 3.4.19) of response
values resulting from the simplest and most refined analytical models.
Also, because the building's natural periods can be expected to
effectively lengthen during an actual major earthquake, the response
from Model 1 provides an indication of how the actual earthquake
response may differ from the elastic response (Model 3). However, it
is recognized that the apparent "period lengthening” of buildings
during major earthquakes is a consequence of inelastic activity and
representing this behavior by an elastic model with lengthened periods
does not rigorously conform to a theoretically correct solution.

The peak story shear and overturning moment envelopes are shown
in Figure 3.4.19. For the Taft excitation, Model 1 has larger peak
responses than Model 3. This is because the actual spectra is
irregular and happens to have larger spectral accelerations at the
Model 1 fundamental period (S; = .165g) than the Model 3 fundamental
period (S, = .138g). This behavior is not possible when using smooth
design type spectra since the spectral acceleration decrease with
increasing périod (except in the very short period range for some
spectra, see Figure 2.5). For the El Centro excitation, the story
shear envelopes from Models 1 and 3 have considerable variation
(Figure 3.4.19 (a)). The waviness of the shear envelope in model 1 is
from the contribution of the higher modes. The ratio of the
fundamental spectral acceleration to the second modal acceleration for
Model 1 is 1:4.6, whereas the ratio for Model 3 is 1:1.7. Also shown
in Figure 3.4.19 are the story shears and overturning moments from the
UBC equivalent static analysis procedures (scaled by 1.278 to reflect

elastic limit force levels). The UBC forces presented are based upon
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an assumed floor weight of 100 psf as this weight is judged to be the
representative of the actual floor dead load. As noted in the
analyses of the other study buildings, the actual design dead loads
are believed to overestimate the actual floor weights. Therefore, the
forces presented may be less than those using the actual design léads.
The story shears and overturning moments from both the Taft and the El
Centro excitations exceed the elastic limit UBC results along the
entire building height. If the building is designed according to the
UBC criteria presented and assuming the elastic earthquake analysis
results can be used to approximate the ductility demand, then the Taft
excitation produces overall ductility ratios ranging from about 1.7 to
2.1 and the El1 Centro excitation induces ductility ratios from about
2.7 to 4.4,

3.4.8 Summary

Five analytical models of the University of California Medical
Center Building are analyzed to investigate the relative influence of
various modeling assumptions on the dynamic characteristics and
seismic response behavior. The models are developed by the progressive
addition of various features. The effects of rigid girder-column
connection regions, slab-girder composite action, interior frames, and
floor mass variation are evaluated. From the analysis of the five
models, the following observations are made:

(1) Several building models have dynamic properties that agree
favorably with the experiental values. Models 2, 3 and 5 have E-W
translational natural periods that are within 12% of the experimental
periods (Table 3.4.2).

(2} The mode shapes from the models are somewhat invariant and agree
well with the experimental results (Figure 3.4.10). The natural
periods from the models vary significantly depending upon the modeling

features incorporated. Model 1 has natural pericds that are about 50%
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larger than those from Model 4 (Table 3.4.2).

{3) The characteristic shapes of the peak force and displacement
envelopes (using the Newmark spectrum) are the same for all models
{Figures 3.4.12 and 3.4.13). Models 1 to 4 have increasing modal
stiffnesses {(Table 3.4.3). Accordingly, the amplitudes of the peak
story shear and overturning moment envelopes increase (due to
increased spectral accelerations resulting from the decreased
periods), and the peak story deflection and drift envelopes decrease
progressively from Models 1 to 4 (Table 3.4.4).

(4} The fundamental mode dominates the peak design response
quantities when using the Newmark spectrum (Figure 3.4.14), The
higher modes have some influence toward the building top for story
shears, overturning moments, and drifts.

(5) For this building, dynamic analysis using the Newmark and ATC
spectrum yield similar peak response quantitiy values (Table 3.4.5).
This is because the building fundamental period is close to the period
value at which the spectral curves intersect (Figure 2.5).

(6) The design force and displacement quantities from both equivalent
static procedures (using the analytical fundamental period) are
greater than those from the dynamic analyses (Figures 3.4.15 and
3.4.16). For base shear, the static UBC and ATC procedures give
values that are 22 and 25% greater than the dynamic analysis results,
respectively (Table 3.4.5). For base overturning moment. the static
UBC and ATC procedures yield values 33 and 25% greater than dynamic
analysis results, respectively.

(7) The UBC and ATC approximate periods are significantly larger than
the actual (or analytically calculated) fundamental period (Table
3.4.2). The use of these periods in the equivalent static analysis
procedures results with smaller forces and displacements than those
using the actual period (Figures 3.4.15 and 3.4.16).

(8) The normalized peak response quantities indicate that the
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distributions from the equivalent static procedures agree favorably
with those from the dynamic analysis results for the story deflections
and drifts (Figure 3.4.18), However, for story shears the static
procedures overestimate the shear distribution near the building
midheight and overestimate the overturning moments toward the base
(Figure 3.4.17). The overturning moment reduction as allowed in the
ATC static procedure improves the overturning moment distribution as
compared to the dynamic analysis distribution.

(9) The story shears and overturning moments from both the Taft and
the E1 Centro excitations exceed the elastic limit UBC forces along
the entire building height (Figure 3.4.19). The overall ductility
ratios range from about 1.7 to 2.1 for the Taft earthquake and are
from about 2.7 to 4.4 for the El Centro earthqguake. This observation
assumed that the building is designed only to the UBC equivalent

static force critera.
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Table 3.4.1:

Experimental Natural Periods

from A1l Test Series

Experimental Periods in Seconds
. . Mode Summer | Summer Fall Fall
Divection |y, 1964 1965 1965 1 | 1965 II
1 1.18 .91 .91 1.0
2 .44 .38 .40 42
N-S 3 .26 .23 .22 .23
4 .18 - ——— —
5 .14 - .13 .13
1 1.18 1.00 1.00 1,05
2 A4 .42 .40 .43
E-W 3 .26 .22 .22 .22
4 .18 ——— - -
5 .14 .13 13 .13
i .77 --- - .38
Torsion 2 .34 —-—— - .22
3 .20 — ——— .16
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Table 3.4.2:

Comparison of Experimental and Analytical Natural Periods

Model 1 Madel 2 Model 3 Model 4 Model 5 UBCH* ATCH*
Mode Exp.
Direction No. Period(sec) Period % Period % Period % Period % Period % Period % Period %
1 1.18 1.61 +36.4 1.25 +5.9 1.13 -4,2 1.09 -7.6 1.19 +0.8 1.50 +27.1 1.82 +54,2
2 0.444 0.574  +429.3 0.444 -0.9 0.395 -11.0 0.380 -14.4 0.415 =6.5
E-W .
3 0.256 0.339 +32.4 0.258 +0.8 0.229 -10.5 0.221 -13.7 0.241 -5.9
4 0.180 0.243  +35.0 0.183 +1.7 0.159 -11.7 0.154 -14.4 0.167 -7.2
1 0.769 0.802 +4.3 0.770 +0.1 0.841 +9.4
Torsion
2 0.345 0.291  -158.7 0.279 -19.1 0.305 -11.6

% = percent variation from experimental period.
*Experimental periods from Summer 1964,

**Code periods calculated based on a 15 story height as follows:
UBC (egn. 12-3B):
ATC (egn. 4-4): T =ch 3% = 035 x (195)%% = 1.82 sec.

ETL

T=0.10N = 0.10 x 15 + 1-5 sec.




Table 3.4.3: Influence of Modeling Aspects
on Model Stiffnesses

Stiffness Increase with Respect
to Model 1
Rigid Joint | Interior Increased
Direction Mode Zone Frame Slab-Girder Total
Interaction*
E-W Trans, 1 66% 37% 15% . 118%
2 67 a4 17 128
3 73 46 16 135
4 76 58 15 148
Average 71% 46% 16% 108%

*Stiffness increase resulting from effectively doubiing the composite slab
width participating with girders.

Table 3.4.4: Variation of Design Quantities
Resulting from Analytical Models

Mode} 1 Model 2 Model 3 Model 4 Model 5
Design Quantity g g % 3 z
Base Shear {k) 775 0 964  +24.4| 1083 +35.91 1095  +41.3[ 1101 +42.1
Base 0TM(x103k-in) 1125 0 1458  +29.6] 1619 +43.9 | 1690 +50.2 1683 +49.6
Roof Deflection (in) 1,62 0 1,26 -22.21 1.14 -29.6| 1.10 -32,1} 1.18 -27.2
10th floor drift (in)| 0.132 0 | 0.101 -23.5}0.093 -29.5] 0.090 -31.8] 0.097  -26.5

% = percent change from Model 1.
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Table 3.4.5:

Comparison of Design Quantities for

Dynamic and Equivalent Static Analyses

Dynamic Static
Newmark ATC ATC usc”™
Design Quantity % % ] % % %
Fundamental Periad 1.13 lij 1.13 0 1.82 +61.1 1.13 0 1.50 +32.7 1.13 0
Base Shear (k) 1053 0 1060 +0.7 959 -B.9 | 1318 +25.2 | 1114 458 | 1283 +21.8
Base OTM (x103k-in) 1619 o3 1628 +0.6 1480 -8.6 2030 +25.4 1876 +15.9 2160 +33.4
Roof Defiection (in) 1.139 ] 1.145 +0.5 1.112 -2.4 1.528 +34.2 1,239 +8.8 1.427 +25.3
10th floor drift (in) | 0.093 ¢ 0.083 1 0.0%0 -3.2 0.124 +33.3 0.097 +4.3 0.112 +20.4

4 = percent change from Newmark spectrum dynamic analysis.
*UBC values are factored by 1.70/1.33 = 1.278 for correspondence with ATC elastic limit load levels.
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3.5 RANIER TOWER BUILDING

The Ranier Tower is a multistory office building located in
Seattle, Washington. The structural design of this building was
performed by Skilling, Helle, Christiansen, Robertson, Inc. of
Seattle. The building features a novel architectural design in which
a 30 story steel office tower is supported by a tapered 12 story
reinforced concrete pedestal base. The office tower is square in plan
with a side dimension of 139 feet. The pedestal base is also square
in plan but has a varying side dimension decreasing from 139 feet at
the 12th story to approximately 68 feet at ground level. The total
height of the building is 373 feet. A photograph of Rainer Tower is

shown in Figure 3.5.1.

3.5.1 Description of the Structural System

Elevation and plan views of the structural system are shown in
Figure 3.5.2. The primary lateral force resisting system of the steel
tower (13th to 42nd story) consists of four identical moment resisting
frames located at the exterior walls of the building. Each exterior
frame contains seven equally spaced column lines and has full symmetry
of column and girder sections about the central column line. The
exterior frames do not share common corner columns but are joined at
the four corners by intersecting girders cantilevered from adjacent
columns. In the exterior frames, all columns are W14 sections and all
girders are W30 sections. At 1eveis 13, 24, 25 and 26, the W30
girders are additionally reinforced with welded flange plates.
Girders in the exterior frames are designed to act compositely with
the floor slab having shear studs welded to their top flanges.

In the pedestal base, lateral force resistance is provided by the
‘curved exterior reinforced concrete walls (see Figure 3.5.2(a)).
These walls have varying thickness ranging from a minimum of 2 feet
near the 10th floor level to a maximum of 5 feet 10 inches at the
base. At the top of the pedestal (12th floor 1level), the wall
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thickness is 5 feet 4 inches. At this level, a 2 foot thick heavily
reinforced and post-tensioned concrete slab ties the four pedestal
walls together and resists lateral spreading that would otherwise be
caused by the vertical loads carried by the peripheral columns. At
lower levels in the pedestal base, ordinary reinforced concrete slabs
act as horizontal stiffeners for the pedestal walls. The pedestal
walls extend down through two below grade levels to a 12 foot thick
reinforced concrete mat foundation which is 106 feet square in plan.

In addition to the primary lateral system described above, a
central core frame is provided in the steel tower to carry vertical
dead loads. However, this frame is not designed as a ductile moment
resisting system. The core frame is supported by reinforced concrete
columns and bearing walls located in the pedestal core. The layout of
the core framing system is shown in Figure 3.5.2 (b).

The floor construction in the tower typically consists of a 3 1/4
inch lightweight concrete cover over 3 inch concrete filled corrugated
steel decking giving a total thickness of 6 1/4 inches. However, in
the top three stories, 5 and 8 inch thick slabs are used. All floor
slabs are supported by simply supported floor beams which span between
the exterior walls and the central core.

The typical story height in the office tower is 12 feet except
for stories 24 and 40 where the heights are 15 feet. Also, the
mechanical levels corresponding to stories 41 and 42 have taller story

heights of 15 feet 6 inches and 19 feet 6 inches, respectively.

3.5.2 Results of Experimental Studies

In April and May of 1977, forced vibration and ambient motion
tests of the structurally complete Ranier Tower Building were
conducted by the Earthquake Engineering Research Center of the
University of California at Berkeley. For a detailed discussion of

these tests see reference 40.
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The forced vibration tests were performed using two forced
vibration generators fixed to the 39th floor ¢f the building. This
forcing system was able to excite six N-S translational modes, six E-W
translational modes, and five torsional modes of vibration. Response
was recorded by 12 accelerometers vertically spaced at 2 to 5 story
intervals over the height of the building. In Figure 3.5.3, the
forced and ambient vibration results for the first four N-S
translational modes are shown. Natural periods of 4.44, 1.39, 0.76,
and 0.55 seconds were determined for the first, second, third and
fourth (N-S translational) modes, respectively. In Figure 3.5.4, the
results for the first four torsional modes are shown whose periods
were found to be 2.65, 0.95, 0.54 and 0.38 seconds, respectively.

The experimental results reflect several fundamental aspects of
the dynamic behavior of this building. Firstly, the dynamic
properties in both the N-S and E-W translational directions were found
to be virtually identical. Slighty differences (less than 5%) between
the translational periods of the N~S and E-W directions were noted.
These differences are attributable to the non-symmetric core frame
which is somewhat stiffer in the N-S direction than in the E-W due to
the greater number of columns in the N-S frames (see Figure 3.5.2
(b)}. Because the dynamic properties in the two translational
directions are essentially the same, only the N-S direction will be
considered for comparison with analytical results. A second important
aspect of the dynamic behavior is the relative rigidity of the
pedestal base. As can be seen in Figure 3.5.3, the pedestal does not
participate substantially in the dynamic response of the first three
translational modes because of its large relative stiffness. In the
fourth mode, however, more significant pedestal deflections are noted.
Therefore, participation of the pedestal in dynamic response probably
will occur primarily in the fourth and higher modes. A third aspect

worth mentioning is the greater relative pedestal deflection in the
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fourth translational mode compared to the fourth torsional mode. This
behavicor suggests that overturning deformation may occur in the
underlying soil for the translational modes and that this effect could
be potentially significant in translational response analysis.
Regarding the overall behavior of the tower portion of the
building, the approximately linear shape of the first translational
mode indicates that shear type deflection behavior controls overall

response with no significant cantilever type behavior being apparent.

3.5.3 Description of the Analytical Models

Analyses of the Ranier Tower Building have been performed using
the ETABS and SAP-IV computer programs. The SAP program was used to
make an assessment of the stiffness properties of the reinforced
concrete pedestal. These properties were then incorporated in the
form of an equivalent column in the final ETABS models used for
dynamic analyses. In the ETABS analyses, floor diaphragms are assumed
to be infinitely rigid and mass is lumped at the center of each floor.
In total, seven different models of the Rainer building have been

formulated and analyzed. These models are described in the following.

Model 1

Model 1 is a two dimensional ETABS model of a single exterior
planar frame of the steel office tower above the pedestal. Member
properties are based on the bare steel column and girder sections.
Center-to-center member lengths are used in this model. This planar
model consists of 7 column lines and 6 bays and neglects the three-
dimensional effects ¢of the orthogonal frames. The model has 31
stories with a rigid base assumed at the 12th floor level (top slab of
the pedestal). The mass values used correspond to 1/2 the weight of
each story, based on dead lcad calculations supplied by the designer
and an estimated 10% of the design live load for the lower 13 floors

of the steel tower as used in reference 40. These story weights are
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shown in Table 3.5.1. It should be noted that the slab-girder
interaction effect resulting from the composite girder design is
neglected in this model so that the influence of this modeling aspect

may be assessed separately in a later model.

Model 2

The main objective in the formulation of Model 2 is to account
for the rigidity of joint regions at the ceclumn-girder intersections
in the exterior steel frame. Model 2 is a planar frame model with
section properties and mass values identical to Model 1. However, in
Model 2, the entire joint panel zone is assumed to be infinitely rigid
in flexure. 1In calculating element stiffness, the lengths of the
girders are reduced by corresponding column widths and the column
heights are reduced by corresponding girder depths. The ETABS program
was modified to allow full axial column flexibility through the joint
zone. As a sidelight to Model 2, an additional model was formulated
which includes the rigid joint =zone effect in the columns only.
Analysis was performed on this model in order to evaluate the relative
significange of column versus girder rigid joint zone effects on the

dynamic properties of the building.

Model 3

The objective in the formulation of Model 3 is to account for the
stiffening effects of the composite floor slab design on the planar
frame action in the steel tower. This formulation includes the rigid
end zones as described in Model 2 and also accounts for composite
behavior of the slab and girders in the exterior frame by increasing
the girder moments of intertia in accordance with the composite
section properties as given by the AISC Specificiations (1), section
1.11.5. Where floor slabs consist of light weight concrete filled
steel decking, the decking is assumed to run perpendicular to the

girders resulting in lower values of moments of inertia. A typical
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composite section based on effective slab width and thickness as
recommended by AISC is shown in Figure 3.5.5. 1In all but the top
stories, floor slabs consist of lightweight concrete filled steel
decking where the increase in girder moments of inertia ranged from
74% to 91% by including composite action. 1In the top three stories,
girder moments of inertia increased from 79% to 180% where 5 inch and
8 inch thick reinforced concrete floor slabs are used. Mass values

are the same as those used for Model 1.

Model 4

This model is formulated to account for the three-dimensional
effects of the four coupled exterior planar frames of the steel tower
portion of the building. The model incorporates compatibility of the
orthogonal exterior frames by including the cantilevered girders which
join the frames at the four corners of the building. In all, 32
column lines and 32 bays are needed to define this model. Since Model
4 is three-dimensional, translational and torsional modes of vibration
are determined. The lumped mass values at each floor are based on the
story weights used in Model 1. Torsional mass moments of inertia are
based on the assumption that the mass is distributed evenly over each
floor. The formulation of Model 4 includes the rigid joint zone

effects and the composite girder section properties used in Model 3.

Model 5

The main objective in the formulation of Model 5 is to account
for the stiffening effect of the core frame on the steel tower. This
model is formulated by adding the core columns and beams in a separate
frame which is linked to the rigid floor diaphragms at each floor
level. The beam column connections are assumed to have full moment
resistance capacity. The core frame model includes flexurally rigid
joint zones and nonstructural slab-girder interaction. The core model

consists of 21 column lines and 27 bays. Also incorporated in Model 5
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is a reduction in floor weights used for mass calculation. The 20 psf
partition locad required by UBC and the 10% live load in the lower
portion of the tower are believed to overestimate the actual weight of
the building during testing. Therefore, the 10% live load and 15 psf
were subtracted from the floor loads used in the first four models.
The new story weights used for this model are shown in Table 3.5.1.

As a sidelight to Model 5, a separate model was formulated
including the story weight reduction but omitting the core frame.
Analysis was performed on this model in order to¢ evaluate the
influence of the core frame alone on the dynamic properties of the

building.

Model 6

Model 6 is formulated to account for the effects of the
reinforced concrete pedestal on the dynamic behavior of the building.
In this model, the 2 foot thick heavily reinforced and post-tensioned
concrete floor slab is assumed to be infinitely rigid both in-plane
and out-of-plane. Below the 1l2th floor, all exterior and core frame
members are discontinued and only a single column line at the center
of the building extends downward to a fully restrained base at the
first floor. To obtain the shear, flexural, and torsional properties
of this equivalent column, a SAP~IV finite element model of the
pedestal was formulated. In the SAP model plane stress finite elements
were used to represent the walls and floor slabs of the pedestal. The
finite element model of the pedestal is shown in Figure 3.5.6. Static
and dynamic analyses of the SAP model were performed to establish
approximate properties for the single equivalent column used to
represent the pedestal base in the ETABS model. The exterior and core
frame modeling above the 12th floor is identical to that in Model 5.
The lumped mass values at each floor level of the pedestal are based
on dead load calculations supplied by the structural designer.

Torsional mass moments of inertia for the pedestal are based on the
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assumption that the mass is evenly distributed over each floor. The
weight values used for calculation of mass properties of the pedestal

are shown in Table 3.5.1.

Model 7

The objective in the formulation of Model 7 is to account for the
potential overturning flexibility'of the so0il underlying the
building's foundation. An elastic modulus of subgrade reaction
ranging from 80 to 320 1b/in> was indicated from soils data as
provided by the design enginerrs. Using these soil stiffnesses
together with the assumption that the foundation slab is infinitely
rigid, two analyses were performed incorporating base rotational
flexibility. In order to model this rotational flexibility with ETABS,
an extra story is added at the base of the building and a dummy column
is inserted. The top of this dummy column is laterally restrained
with stiff translational springs. The rotational stiffness properties

of the dummy column correspond to the subgrade soil stiffnesses given

above acting over the 106 foot square foundation slab.

3.5.4 Comparison of Analytical and Experimental Dynamic Properties

In Figures 3.5.7 and 3.5.8, respectively, the first four N-S
translational modes and the first four torsional modes from Models 4
and 6 are shown. Only slight changes in mode shapes were noted among
the seven different models analyzed. Therefore, only two of the
models are presented which show the differences in mode shapes with
(Model 4) and without (Model 6) consideration of the pedestal base.
As can be seen from the figures, the analytical models show good
correlation with the experimental mode shapes. In general, both nodes
and antinodes are predicted with reasonably good accuracy. The
relative rigidity of the pedestal base is seen in the analytical modes

of Model 6. However, these results tend to underestiimate the
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relative deflection of this portion of the structure. For this
reason, Model 7 was formulated to determine the degree to which
rotational flexibility of the foundation may contribute to the larger
pedestal deflections noted in the experimental results. For the
subgrade modulus values provided by the engineer, however, foundation
flexibility was found to have an insignificant effect on the
analytical mode shapes.

In Table 3.5.2, analytical periods for the seven models are
compared with experimental values. Model 7 results are not shown
separately in this table since the foundation flexibility included in
this model resulted in no change from Model 6 periods.

Model 1 is the most flexible idealization consisting of the bare
planar exterior frame. The fundamental translational period of this
model is 7.16 sec. which is 61.1% greater than the experimentally
determined period of 4.44 sec. (Table 3.5.2). The higher translational
modes show greater variations ranging from 74.9% to 97.8% greater than
the experimental values. Clearly, this model is much more flexible
than the actual structure.

In Model 2, the inclusion of rigid joint zone effects improves
period correlation significantly. The fundamental analytical period
is reduced to 6.18 seconds. As seen in Table 3.5.3, this change is
primarily due to the reduced effective length of columns which, for
the first mode, increases the stiffness by 25%. The reduced girder
effective lengths also are significant contributing a 9% stiffness
increase. However, the periods for this model are still between 39.1%
and 66.0% higher than the experimental values (Table 3.5.2).

In Model 3, the effects of composite slab-girder interaction are
incorporated in the planar frame model yielding a fundamental period
of 5.59 seconds. This modeling aspect causes a 30% stiffness increase
in the first mode (Table 3.5.3). In most practical applications, this

model would be considered an accurate representation of the building
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since it incorporates the important modeling aspects effecting the
primary lateral force resisting system. However, as is seen from
Table 3.5.2, the analytical period values for this model range from
25.8% to 48.2% greater than the experimental values indicating that
this model is still significantly more flexible than the actual
structure.

The Model 4 results show that consideration of three dimensional
frame behavior further reduces period values. The fundamental period
is reduced to 5.00 sec. being 12.4% greater than the experimental
value. Inclusion of this modeling aspect increases the fundamental
mode stiffness by 41% of the Model 1 stiffness. However, higher modes
are stiffened to a lesser degree (9% to 20%) since the orthogonal
frames brought into play primarily help to resist story overturning
moments which are mest sifnigicant in the fundamental mode. Model 4
is the first model which produces torsional periods. As can be seen
from Table 3.5.2, the first analytical torsional period of 2.65 sec.
for this model is virtually identical with the experimental value
being only 0.3% less. The higher torsional periods do not show as
close correlation being greater than the experimental values by 7.3%
to 12.8%. |

In Model 5, the inclusion of the core frame and slight reductions
in mass values cause a further lowering of periods. The fundamental
period for this model is 4.27 sec. which is 3.8% less than the
experimental value. As seen in Table 3.5.3, inclusion of the core
frame increases the fundamental mode stiffness by 33% of the Model 1
stiffness. Higher modes show greater stiffness increases ranging from
38% to 48%. The total stiffness increase resulting from the various
modeling aspects included up to Model 5 is between 126% and 140% for
the six modes shown in Table 3.5.3.

In Model €&, the addition ¢of the pedestal base increases all

periods slightly. The fundamental period of 4.35 sec. is only 2.2%
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less than the 4.44 sec. experimental value. Higher analytical periods
show greater variations with values ranging from 6.4% to'18.7% greater
than experimental results. The fundamental torsional period for this
model is 2.46 sec. which is 7.1% less than the experimental value of
2.65 sec. The higher torsional periods show excellent correlation
with the analytical values being within 3.1% of experimental.

The inclusion of foundation flexibility in Model 7 has negligible
effect on the dynamic properties resulting in periods and mode shapes
which are virtually identical to Model 6. Therefore, Model 7 results
are not shown in the tables and figures at the end of this section.

Overall, good correlation of the analytical and experimental
dynamic properties of the Rainer Tower building is achieved by
accounting for various stiffening effects including rigid joint zones,
composite slab-girder interaction, three-dimensional frame action, the
core framing system and the concrete pedestal base. The influence of
foundation flexibility is negligibly small for the soil modulus values
provided by the design engineers. Model 6 is able to predict the
first six translational and four translational periods and mode shapes
with good accuracy and provides the best analytical representation of
the small amplitude dynamic properties.

For comparison with analytical and experimental values, the UBC
and ATC period values as calculated from codebook empirical formulae
are also shown in Table 3.5.2, Assuming the pedestal base is rigid,
but UBC and ATC predict a fundamental translational period of 3.1 sec.
which is 30.2% less than the experimental value indicating that the
codebook formulae do not yield gocd estimates of fundamental period

for this building.

3.5.5 Influence of Modeling Approach on Design Quantities
In this section, results of response spectrum dynamic analysis

for each of Models 1, 3, 4, 5 and 6 are presented to demonstrate the
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influence of the different modeling approaches on gross design
quantities. The Newmark response épectrum scaled to .05g peak ground
acceleration is used which corresponds to the ATC recommended reduced
spectrum peak acceleration level. Six translational modes are used in
the analyses of Models 1 to 5. However, in Model 6, twelve
translational modes are used in order to capture the response of the

stiff pedestal base.

In Figure 3.5.9(a), predicted peak story shear envelopes for the
various models are plotted over the height of the building. Note that
the pedestal base is included only in Model 6 and, therefore, response
in this portion of the structure is not shown for Models 1 to 5. As
can be seen from the differences between Model 1 and Model 3 response,
significant increases in story shears result from inclusion of rigid
joint zones and composite girder behavior in the planar frame
idealization. In Table 3.5.4, the variations in story shear at the
13th story (the first story above the pedestal base) are shown for the
different models along with percent increases in shear with respect to
Model 1. As can be seen from this table, the 13th story shear
increases from 515k in Model 1 to 708k in Model 3 (a 37.5% increase)
due to the shorter periods of Model 3 which cause increases in modal
spectral amplitudes. The three dimensional frame modeling included in
Model 4, increases the 13th story shear to 775k; and, addition of the
core frame in Model 5 increases this value to 817k. In Model 6,
inclusion of the pedestal base further increases story shears over the
height of the building despite the fact that periods are slightly
increased in this model (as seen in Table 3.5.2). This result is
caused by the fact that the higher (2nd and above) mode shapes change
encugh to offset the decreased spectral amplitudes of this model with
slightly larger modal participation factors. Thus, the 13th story
shear for Model 6 is 845k, which is 64.1% greater than the Model 1

shear value of 515k. An important aspect of the building's behavior
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is shown by the sudden increases in shear in Model 6 below the 13th
story. This result reflects the greater stiffness and mass that is
present in the concrete pedestal. The shear at the base of the
pedestal is 2280k, about 2.7 times greater than the 845k shear at the
base of the office tower.

In Figure 3.5.9(b), peak story overturning moments are shown for
the different models. From this figure, it can be seen that the
changes in overturning moment response among the different models are
significantly greater than those observed in shear response. This is
due to the fact that, whereas the shear response has substantial
contributions from higher modes, the overturning response is dominated
by the fundamental mode whose period lies on a portion of the Newmark
spectrum where spectral amplitudes vary.most rapidly {(in proportion to
1/7%). Thus as periods decrease in the more refined models, the
overturning response increases more rapidly than does the shear
response. This is seen in Table 3.5.4 where the overturning moment at
the base of the 13th story increases from 895 x 103k in. in Model 1 to
2050 x 103k in. in Model 6 constituting a 129% increase in overturning
compared to the 64% increase observed for shear.

Peak story deflections are shown in Figure 3.5.10(a). As can be
seen from this figure, smaller variations in total deflection than in
shear or overturning result as the models become progressively more
stiff. Peak roof deflections for the different models are shown in
Table 3.5.4. From this table, it is seen that the 3.83 inch roof
deflection of Model 1 decreases to 3.63 inches in Model 6, a reduction
of only 5.2% despite the 140% total modal stiffness increase (Table
3.5.3). This relatively small change in deflection is explained by
the fact that deflection response is dominated by the fundamental mode
and that the fundamental period lies on the portion of the Newmark
spectrum where spectral amplitude varies as 1/7%.  As shown in section

2.5, increases in stiffness modeling will result in no change in
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deflection response of modes whose periods lie on this portion of the
Newmark spectrum (see Equation 2.18, Figure 2.13(b) where p = 2).
Therefore, although the models become substantially stiffer, only
small changes in deflection response are noted for this building and
these changes are caused primarily by the‘participation of the higher

modes whose periods lie on a different zone of the spectrum.

In Figure 3.5.10(b), peak story drifts are shown for the
different models., Irregularities in drift values near the 25th and
40th levels result from the taller heights of these stories. It is
noted that the drifts show somewhat gréater changes with modeling
variations than do deflections. For instance, as shown in Table
3.5.4, the 0.153 inch 28th story drift of Model 1 is reduced to 0.136
inches in Model 6, and 11.1% decrease compared to the corresponding
5.2% roof deflection decrease. This results from the fact tha£ drifts
are more influenced by the higher modes than are deflections. Another
notable result seen in Figure 3.5.10(b) is that the drifts are more
greatly reduced in the upper than in the lower stories. This ressults
from the fact that, whereas the exterior frame (the primary lateral
force resisting system) has substantial decreases in lateral story
stiffness with increasing height, the secondary modeling aspects
considered have a more uniform stiffness over the height. Thus,
greater reductions in drift of the upper stories occur as the models
are refined. It is also noted that the drifts of the pedestal base
shown for Model 6 typify shear beam type deflection behavior with
little cantilever effect.

A better understanding of the dynamic behavior of the Rainer
Tower building can be gained by studying the modal contributions to
the gross design guantities. Relative modal contributions to story
shears, overturning moments, deflections and drifts over the full

height of the building are shown in Figure 3.5.11 for Model 6. 1In
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Figure 3.5.11(a), it is seen that higher modes contribute most
significantly to shear response in the top several stories of the
office tower and in the pedestal base. For this model, the 12th mode
which has a period of 0.20 sec. dominates the shear response in the
pedestal with the 5th through l1lth modes also contributing
significantly. Although the fundamental mode dominates the shear
response over most of the height of the steel office tower, it
contributes little to the total peak shear response of the pedestal.
Thug for this model to accurately represent the shear forces in the
pedestal, at least 12 modes must be considered in the analysis. 1In
Figure 3.5.11(b), the modal contributions to overturning are shown.
Unlike that for shear, the fundamental mode dominates the overturning
response in the pedestal with the 12th mode having a significant but
reduced contribution. Modal contributions to deflection are shown in
Figure 3.5.11(c} where it is seen that the fundamental mode dominates
deflection response in the office tower but the 12th mode contributes
most significantly to the pedestal's deflections. 1In Figure
3.5.11(d), modal contributions for drift show similar trends as those
for shear indicating that drifts are controlled primarily by those
modes inducing the greatest shear forces at a given story.

In summary, the modeling of rigid joint zones, composite slab-
girder interaction, three-dimensional frame compatibility and the core
framing system significantly influence the analytical response of the
building and lead to progressively higher values of story shears and
overturning moments and somewhat lower values of deflections and
drifts. Because of the rigidity of the pedestal base, its inclusion
in the analytical model has only minor influence on the response of
the office tower above. It is seen that higher modes contribute
significantly to the total response especially in the pedestal base
for which 12 translational modes must be included to capture the

participation of the pedestal'’s mass in the dynamic analysis.
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3.5.6 Comparison of Dynamic Analyses and Code Equivalent
Static Procedures

In this section, a comparison is made‘of the Ranier Tower's
response to different recommended static and dynamic loading
approaches (see section 3.1.2 for further description). The ATC and
Newmark spectra are used as ground motion inputs for the dynamic
analyses. Both of these spectra are based on the ATC recommended
0.05g reduced peak ground acceleration for moment resisting frame
construction. The ATC and UBC guidelines are used for the eguivalent
static analyses. The UBC equivalent spectrum is multiplied by 1.278
to correspond to elastic limit design level forces. In Figure 3.l.1,
the ATC, Newmark and scaled UBC spectra are shown for comparison.
Model 6 is used as a basis for the comparative analysis since this
model best represents the experimentally observed dynamic properties.

Comparing the dynamic analyses, it can be seen from Figure
3.5.12(a) that the Newmark and ATC spectra yield virtually identical
dynamic base shear values of 2280 and 2270k, respectively. However,
the distributions of story shear over the height differ substantially.
The ATC spectrum specifies a significantly greater spectral amplitude
than Newmark at the 4.35 sec. fundamental period thereby resulting in
higher shears in the steel office tower whose response is dominated by
the fundamental mode. The Newmark spectrum, however, specifies larger
~amplitudes than does ATC for the higher modes which dominate the
pedestal response and, consequently, leads to greater lateral inertial
forces being induced in the pedestal by the Newmark spectrum. Since
overturning response is dominated by the fundamental mode (see Figure
3.5.11(b)), the ATC spectrum gives larger overturning moments than
Newmark throughout the structure as seen in Fiqure 3.5.12(b); the ATC
base overturning is 6600 x 103 k in. which is 57.5% greater than the
Newmark value of 4190 x 103 k in. (see Table 3.5.5). Since

deflections and drifts are also dominated by the fundamental mode, the
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ATC spectrum yields significantly greater response for these
qdantities as well as seen in Figures 3.5.13(a) and (b). As shown in
Table 3.5.5, the ATC peak roof deflection is 7.15 inches or 97%
greater than the Newmark result of 3.63 inches; and, the ATC 28th
story drift is 0.256 inches or 86.9% greater than the Newmark value of
0.137.

The ATC and UBC equivalent static loads are determined using both
the fundamental period of 3.1 sec. calculated from codebook formulae
(both ATC and UBC formulae happen to lead to the same 3.1 sec period
value for this building based on the height of the'steel tower only)
and the Model 6 fundamental analytical period of 4.35 sec. Results
from these equivalent static analyses are shown in Figure 3.5,12 and
3.5.13. The ATC and UBC force distributions are based on the
respective codebook procedures with no special consideration made for
the pedestal's relatively large stiffness. As can be seen from these
figures, substantial variations in the static responses result from
use of the different fundamental periods. For the UBC analyses, use
of the 4.35 sec. analytical period {same as experimental) results in
all response qguantities being reduced from those determined using the
codebook period of 3.1 sec. (e.g. base shear decreases from 3987k to
3348k as shown in Table 3.5.5). The ATC static analyses show a 20.9%
decrease in response quantities resulting from the same period shift
(e.g. base shear decreases from 3450k to 2730k, Table 3.5.5). Note
that the UBC s%atic forces and deflections are significantly larger
than the corresponding ATC static values due to the larger spectral
amplitudes specified by UBC; for example, using the 4.35 sec.
fundamental period, the ATC base shear is 2730k or 18,5% less than the
3384k UBC value (Table 3.5.5).

Aside from comparison of response magnitudes, it is of interest
to compare the distributions of response for the various dynamic and

equivalent static loading approaches. For this purpose, the shear,
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overturning, deflection and drift responses over the height of the
building normalized with respect to base shear are shown in Figures
3.5.14 and 3.5.15 where it is seen that wide variations in response
distribution exist. In Figure 3.5.14(a), it can be seen that, for a
given base shear, the ATC dynamic results show much higher relative
shears over most of the building than do the Newmark results. As
previously mentioned, this results from the difference in the ATC and
Newmark spectra shapes whereby the greater amplification of the
fundamental mode in the ATC spectrum curve causes larger relative
inertial forces to be induced in the steel office tower portion of the
structure. The UBC and ATC equivalent static force distributions show
further variations from the dynamic distributiéns resulting in shears
in the office tower which are as much as 2 to 3 times greater than the
Newmark values. These large discrepancies result from the fact that
the equivalent static methods of force distribution do not account for
the discontinuities in mode shape caused by the large relative
stiffness of the pedestal base. It should be noted that the UBC and
ATC codes warn about applying the standard force distribution
procedures for buildings with stiffness discontinuities; and, Figure
3.5.24(a) shows the force distribution errors that can result from
ignoring this aspect. Comparing the UBC and ATC static shear
distributions, UBC gives larger relative shears in the upper few
stories of the building due to the required top load. However, ATC
yields larger relative shears in lower levels due to the curved
(cantilever type) fundamental mode shape assumed for equivalent static
force distribution.

The normalized distributions of overturning moment, deflection
and drift show results consistent with the shear distributions whereby
Newmark dynamic gives somewhat larger relative response magnitude and
the UBC and ATC equivalent static approahces lead to the largest

relative responses. Again comparing the UBC and ATC static results,
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note that the ATC normalized overturning is significantly less than
that of UBC due to the ATC allowed overturning reduction factor
(Figure 3.5.14(b)). Also note that the UBC story drifts in the upper
few stories are about 1.5 to 3 times greater than the ATC drifts due
to the UBC required top load.

In summary, large differences in both the magnitude and
distribution of seismic response of the Ranier Tower result for the
different dynamic and equivalent static loading approaches. The
severe stiffness discontinuity existing in this building make the
predicted dynamic response sensitive to spectrum shape and also
invalidates the standard equivalent static force distribution
procédures. The use of code formulae yields reiatively poor estimates
of fundamental period and, thus, also leads to significant
discrepancies in equivalent static response prediction.

3.5.7 Comparison of Code Design Forces with Dynamic Forces Induced
by Actual Earthquake Spectra

The UBC story shears and overturning moments used for the seismic
design of the Ranier Tower building were provided by the design
engineers. These code forces, factored by 1.278 to bring the UBC
working stress loads up to the elastic limit level are shown in Figure
3.5.16. These values are based on separate lateral load calculations
for the steel tower and the concrete pedestal with assumed fundamental
periods of 3.1 sec. and 0.7 sec., respectively. {(Note that the code
forces are plotted using the UBC moment frame K factor of 0.67 over
the whole building to given an elastic force distribution that is
comparable to dynamic analyses results. In the actual design, a K
factor of 1.33 was used for the concrete pedestal.) Also, shown in
the figure are the predicted analytical elastic responses of Model 6
to the Taft (1952) and El Centro (1940) earthquakes assuming 5% of
critical damping (see Figure 3.1.2 for a plot of these spectral.

In Figure 3.5.16(a), it can be seen that the shear distributions
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induced by the actual earthquakes differ significantly from the UBC
design shear envelope. It is seen that, whereas the shear forces
between the 12th and 31st stories resulting from the Taft earthquake
are somewhat less thah or equal to the factored UBC forces. However,
the Taft shear forces above the 35th story and below the 12th
substantially exceed the factored UBC forces. The response to the El
centro earthquake shows the same trend as that of Taft but is somewhat
larger in magnitude. It is in the portions of the structure where
higher modes are most important to response that the actual spectra
give much greater relative shear magnitudes. The reason for these
differences are: (1) the UBC top load was not required at the time
this building was designed and thus, higher mode effects are not
adequately captured in the upper stories; (2) compared to the El
Centro and Taft spectra, the UBC spectra tends to underestimate
spectral amplitudes in the shorter period ranges where higher modal
periods lie (see Figure 3.1.2); and (3) the fundamental pedestal
period of 0.7 assumed for the UBC pedestal force calculations is
significantly higher than the periods of the modes in which the
pedestal mass was most active and, thus, results in lower spectral
amplitudes and induced inertial forces for this portion of the
structure. The result is that, for the Taft record, top story shears
are about 2 to 3 times greater than the factored UBC values and the
base shear in the pedestal is about 1.6 times the UBC value; and for
the E1 Centro record, top story shears range from 3 to & times and the
base shear in the pedestal is about 2.5 times greater than the UBC
values.

Figure 3.5.16 shows that like the shear response, the overturning
moment responses in the upper portion of the structure resulting from
the actual earthquake spectra are much larger than those for UBC.
However, below the 25th floor, the UBC overturning values are

significantly greater than the Taft values and are similar in
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magnitude to the El1 Centro values. This results from the conservatism

in overturning moment determination inherent to the UBC equivalent

static procedure for lower portions of multistory buildings.

3.5.8 Summary

The results presented in the previous sections lead to the

following observations regarding the behavior and analysis of the

Ranier Tower building:

1)

(2)

(3)

Rational development of the numerical models leads to good
aéreement between the dynamic propertieé resulting from
computer analysis and the dynamic properties determined from
small amplitude tests. Model 6 which includes various
secondary structural modeling aspects achieves good
correlation of the periods and mode shapes for several
translational and torsional modes of vibration (Figures
3.5.7, 3.5.8 and Table 3.5.2).

Analysis indicates that various structural modeling aspects
significantly influence the small amplitude dynamic behavior
of the building including slab-girder interaction, rigid
joint zone effects, three~dimensional frame behavior, and
core frame modeling. Consideration of these effects
increases the stiffness of the office tower portion of the
structure by approximately 140% of the stiffness of the
planar exterior steel frames acting alone. Using the
Newmark response sgpectrum. These modeling refinements lead
to increases of 64% in shear and 129% in overturning at the
base of the office tower (Figure 3.5.9 and Table 3.5.4).

The finite element idealization used to model the concrete
pedestal base appears to give an overly stiff representation
of this portion of the structure (Figures 3.5.7 and 3.5.8).
This. is probably due to the coarseness of the finite element

mesh of the pedestal, the overestimation of the shear
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modulus of the concrete and the neglect of cracking in the
concrete., However, since inclusion.of the pedestal has only
minor influence on the response of the steel tower portion
of the structure, this modeling inaccuracy did not
appreciably affect overall response.

(4) In dynamic analysis, the higher modes (2nd and above)
contribute significantly to response especially in the upper
stories and in the pedestal base (Figure 3.5.11). Omission
of higher modes may lead to serious underestimation of
induced forces in these portions of the building.

(5) For this building, dynamic analysis shows that the ATC
response spectrum yields much greater response values than
the 0.05g Newmark spectrum over most of the structure
(approximately 65% greater shear and 100% greater
overturning moment at the base of the office tower). These
differences are due to the relative conservatism of the ATC
spectrum in the longer period range.

(6) Experimental and refined analytical fundamental periods are
about 40% greater than the values predicted by UBC and ATC
code formulae (Table 3.5.2). Use of codebook periods lead
to substantially larger (19% for UBC, 26% for ATC)
equivalent static responses than does use of the analytical
pericds (Figures 3.5.12, 3.5.13).

(7) Comparing the UBC and ATC equivalent static approaches for
this building, UBC leads to larger applied shears and
overturning moments than ATC for the same fundamental
period. Shear force and overturning moment differences are
larger in the upper stories due to the UBC required top
load. 1In the lower stories, UBC overturning moments are
larger due to the overturning reduction allowed by ATC.

(8) Regarding the distribution of response, application of the
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(9)

UBC or ATC equivalent static methods without special
consideration for the severe stiffness discontinuity caused
by the pedestal base leads to gross overestimation of the
relative force and deflection responses in the steel tower
portion of this building. It is also seen that, in dynamic
analysis, the distribution of response may vary
substantially for different response spectra due to the
significance of several modes which span a wide range of
natural periods (Figures 3,5.14 and 3.5.15).

Based on the UBC seismic loads used by the design engineers,
predicted responses of the analytical model indicate that
dynamic loads induced by both the Taft and El1 Centro
earthquake spectra may far exceed UBC levels in the top
stories of the office tower and in the pedestal base.
However, the forces induced in the lower two-thirds of the
office tower are closer in magnitude to the UBC values
(Figure 3.5.16).
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Table 3.5.1: Dead Load Weights Used for
the Analytical Models

Models 1,2,3,4 Models 5,6,7

Floor Weight (kips) psf | Weight(kips) psf

Roof 2996 166 2725 151
42 3328 184 3031 leg
41 3955 219 3658 203
40 2133 118 1B38 102
39 2070 115 1780 99
38 2070 115 1780 8
37 2074 115 1782 98
36 2074 115 1782 99
35 2088 116 1792 98
34 2088 116 1792 99
33 2101 116 1806 100
32 2110 117 1812 100
31 2129 118 1823 101
30 2128 118 1823 101
29 2147 119 1837 102
28 2147 119 1837 102
27 2309 128 1994 110
26 2309 128 1994 110
25 2400 133 1867 102
24 2484 138 1943 108
23 2409 133 1867 103
22 2408 133 1867 103
21 2416 134 18639 104
20 2416 134 1869 104
19 2430 135 1878 104
18 2430 135 1878 104
17 2444 135 1BB7 105
i€ 2444 135 1887 105
15 2449 136 1887 105
14 2449 136 1887 105
13 2461 136 1898 105

TOTAL 73898 61370

{w/o base)

12 7560 419
10 6073 462
8 5027 561
[ 6564 1128
4 6454 1109
2 8737 1871
1 : 4516 967

TOTAL

{w/base) 106301
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Table 3.5.2:

Experimental vs. Analytical Natural Periods

UBC* ATC*
Period % Period 3
3.10 -30.2 3.10 ~30.2

Model 1 Model 2 Model 3 Moxiel 4 Mxiel 5 Moxlel 6
Mode .

Direction No. Period(sec} | Period % Period % Period % Poriod % Period 13 Period %
1 4.44 7.16 +61.1 6.18 +39.1 5.5% +25.8| 5.00 +12.4 4.27 ~3.9 4.35 -2.2
2 1.39 2.63 +89.3 2.23 +60.3 2.00 +43.9] 1.88 +34.2 1.56 +12.0 1.56 +12.6
N-S 3 0.7 1.50 +97.8 1.26 +66.0 1.12 +48.21 1.08 +42.2 0.89 +17.9 0.90 +18.7
4 0.55 1.06 +91.7 0.88 +60.1 0.79 +43.3 0.77 +38.6 0.63 +14.9 0.64 +15.8
5 0.47 0.B2 +76.0 0.68 +46.9 0.61 +31.3| 0.60 +27.4 0.49 +5.9 0.50 +6.4
6 0.38 G.67 +74.9 0.56 +45.5 0.50 +31.4] 0.49 +27.5 0.41 +6.3 0.41 +6.8
1 2.65 2.65 -0.3 2.45 -7.8 2.46 -7.1
Torsi 2 0.95 1.02 +7.3 0.93 -2.4 ¢.093 -1.6
rsion 3 0.54 0.60 +11.9 | 0.55 41,5 0.53 +2.4
4 0.38 0.43 +12.8 0.1349 +2, G.39 +3.1

% = percent variation from experimental period.

*Code periods calculated based on 50-story height as follows:

UBC feqn. 12-3R):
ATC {egn. 4-4):

T=0.10 N=0.10 x 3.1 = 3.1 sec.

T=Ghy

3/4

= .035 x (1‘32}]/4 = 3.1 sec.




Table 3.5.3:

Infiuence of Modeling Aspects on Modal Stiffnesses

Appraximate Stiffness Increase with respect to Model 1
Rigid Joint Zone Slab-Girder 3-D Core TOTAL
Direction Mode Col. Gird, Interaction [ Modeling | Framing | (MODEL 5}
N-S Trans 25% 9% 30% 41% 332 138%
2 28 11 34 26 41 140
3 28 14 38 13 47 140
4 29 18 35 11 48 139
5 30 15 35 11 4€ 137
6 30 13 36 9 38 126

Table 3.5.4:

Influence of Modeling on

Design Quantities

Model 1 Model 2 Model 3 Model 4 Model 5 Model 6
Design Quantity % % 2 % % %
13th story shear 515. 0. 200, +16.5 708. +37.5 775, +50.5 817. +38.6 845. +64.1
13th story OM (x 103 in—k) | 895. 0. 1150 +33.0 | 1410 +57.5 | 180C +101. 2110. +136. 2050. +129.
Roof deflection (in.} 3.83 0. 3.76 ~1.8 | 3.79 ~1.0 | 3.68 -3.9 { 3,63 5.2 3.63 =5.2
28th story drift 0.153 0. 0.151 -1.3 0.144 5.9 | 0.141 ~7.8 135 -11.8 136 -11.1

% = percent change from Model 1
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Table 3.5.5:

and Equivalent Static Analyses

Comparison of Design Quantities for Dynamic

Dynamic Stataic
Nesatiark ATC ATC uBC*
Codebaok Janalytical ICodebook jAnalytical
Design Quantity L ® Period i Period ¥ Period ® Period %
Pundamental Period (sec) 4.35 0 4.35 0. 3.10 -28.7 4.35 0. 3.10 -28.7 4.35 0.
Base shear! 2280. 0. | 2270. -0.4 3450. +51.3 2730.  19.7| 3987 74.9 3348 46.8
Base OM (x 103 m—k)l 4190 0. | 6600. 57.5 | 13300. 217.| 10560 152. | 18505 342.| 15527 27.
Foof deflection (in.) 3.63 1] 715 97.0 19.1 426. 15.1  3l6. 22.6 522. 15.0 423. |
28th story drift (in.) .137 0 .256 86.9 .661 383. .524  283. .684 291.| .574 319.
% = percent change fram Newnark spectrum dynamic analysis.
*UBC values are factored by 1.70/1.33 = 1.278 for correspondence with ATC elastic limit load levels.

1
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g.o" . concrete floor
decking slab

»-W30 girder
Effective slab thickness (AISC 1.11.5)
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Figure 3.5.5: Modeling Approach for Slab-Girder Interaction

Figure 3.5.6: Schematic of Finite Element Model of Pedestal Base
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3.6 CENTURY CITY THEME TOWER BUILDING

The Century City Theme Towers are twin multistory office
buildings located in Los Angeles, California. Each tower is forty-
four stories in height above the plaza level and has six underground
parking levels. The buildings have equilateral triangular floor plans
with side dimensions of 254 feet and are about 570 feet in height
above the plaza level. The structurai engineers are Skilling, Helle,
Christiansen, Robertson of Seattle, Washington. The buildings were
designed and constructed in the early 1970s and the South Tower was
experimentally tested during November 1974 and March 1975. A picture

of the South Tower is shown in Figure 3.6.1.

3.6.1 Description of the Structural System

The structure is composed of exterior wall and interior core
framing systems (Figure 3.6.2). The exterior walls are moment
resistant frames which resist vertical and lateral locads. Each
exterior wall has twenty-three bays with columns located at 10'-2"
centers (Figure 3.6.3). The columns are W21l shapes or built up
sections (d=21 inches), and the spandrel beams are built up sections
with a depth of 48 inches (Figure 3.6.4). The corners are built up
sections that vary according to the height along the building.
Typical corner column sections are shown in Figure 3.6.5. Plate
girders are located at the building top (depth of 28'-1 1/2") and at
the second floor (depth of 7 feet) levels. The exterior frames
terminate at the second flcor level, however the corner columns extend
below to the B level (Figure 3.6.6). At the second floor level (where
the exterior frames terminate) is located a horizontal truss system
that connects the exterior wall and interior core systems. Its
function is to transfer the horizontal shears from the exterior walls
to the interior core. Vertical locads in the exterior walls are
transfered to the corner columns. The interior core system is

primarily a vertical load carrying system above the second floor and a
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vertical and lateral load resisting system below the second floor
level. The interior framing consists of W shape columns (W14 section
type) and beams (up to W30 section type). Eetween the second floor
and the B level, the interior core perimeter framing is interconnected
by steel plates thus forming a steel shear wall system to resist the
horizontal shear forces that are transfered from the exterior walls to
the interior core. The floor system typically consists of a 4 3/4
inch thick concrete slab placed over a 1 1/2 inch steel deck which is
supported by steel floor beams which span between the exterior and
interior core systems (steel decking omitted in the interior core
region slabs). Shear connectors are provided for slab composite
action with the floor framing including the exterior wall spandrel
beam). From the B level down to the foundation (F level) the
structural system consists ¢f reinforced concrete elements.
Underneath the interior core steel shear walls are concrete core walls
20 inches thick and concrete columns. The corner columns are also a
reinforced concrete with a dimension of 20 feet square at the F level.
Each parking level is constructed of reinforced concrete slabs. The
foundation system consists of reinforced concrete mats. The interior
core rests on a triangular shaped mat eight feet thick and the corner
columns are supported by individual foundation mats with a thickness
of 14 feet and plan dimensions about 40 feet by 45 feet. The
foundation is placed on a silty sand layer.

The lateral force resisting behavior may be summarized as
follows. In the upper portion of the structure the lateral forces are
primarily resisted by the exterior moment resisting frames. At the
second floor level, the lateral shear force is transferred from the
exterior walls to the interior core shear walls via a horizontal truss
system whereas the overturning moment is primarily resisted by axial

forces in the corner columns.
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3.6.2 Results of Experimental Studies

Experimental investigations of the South Tower were conducted by
the Earthquake Engineering Research Center of the University of
California at Berkeley during November 1974 (forced vibration study)
and March 1975 (ambient vibration study). The building was
structurally complete prior to the experimental testing. 1In addition,
the exterior aluminum and glass covering was installed, as well as
interior partition walls and installations in the interior core area.

The forced vibration testing was performed using two rotating
mass vibration generators mounted on the 42nd floor. The natural
periods are taken from a frequency-response curve which is determined
by recording the acceleration response at various excitation
frequencies. Once the natural periods are determined, the structure
is excited at each natural frequency and the mode shapes are obtained
by measuring the acceleration amplitudes at various floor levels. The
ambient vibration study uses a different approach in which time
segments of the building's ambient acceleration response are recorded.
The ambient vibrations are produced by the movements of the occupants,
equipment, and by wind pressures. These vibrational exciting forces’
tend to have a wide frequency spectrum, thus the structure responses
in all its normal modes. The natural periods are determined by
transforming the recorded acceleration time segments into the
frequency domain via Fourier analysis techniques. The natural periods
are identified as the frequencies with peaks in the plots of the
Fourier amplitude spectra. The mode shapes are determined comparing
the measured Fourier amplitudes of the natural periods at various
floor levels. A detailed discussion of the test procedures may be
found in reference 29.

The first four N-S and E-W translational mode shapes are shown in
Figures 3.6.7 and 3.6.8. Note that the forced and ambient vibration

results agree favorably thus providing an independent check ensuring
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the validity of the results. The N-S mode shapes are virtually
identical to the corresponding E-W shapes. The first mode has a
somewhat straight line shape for the middle stories of the building.
Only near the building top and bottom does it change to a curved
shape. The second; third; and fourth modes have neutral (node) points
at about the 33rd; the 20th and 37th; and, the 15th, 28th and 40th
floor levels, respectively. The modal displacement components at the
B level are very small thus indicating that the building behaves as
fixed below this level. At the B level, the steel superstructure
terminates at the top of a concrete substructure which continues to
the mat foundation. Also apparent in the mode shape plots are the
stiffening effects of the steel shear walls near the building base
which can be seen by the slight reversed curvatures in the mode shapes
below the 2nd floor level. The first two torsional mode shapes are
shown in Figure 3.6.9. As noted with the translational node shapes,
the forced vibration results agree closely with the ambient vibratiocn
study. The second mode has a neutral point at about the 30th floor
Jevel.

The experimental natural periods are presented in Table 3.6.1.
The forced vibration periods and the corresponding ambient periods
agree closely, with most values being within in 2%. Note that the N-S
and E-W period values also agree closely. The N-S forced vibration
periods (3.75, 1.28, .73, .51 seconds) are within 5% of the
corresponding E~W values (3.75, 1.32, .76, .53 seconds). The same
type of behavior is observed for the ambient period values. The
similarity between the N-S and E~-W dynamic properties is a result of
the equilateral triangular arrangement of the lateral force resisting
elements. It can be shown that the lateral stiffness of such a system
is the same in all directions. As a result, the N-S and E-W
directions have similar mode shapes and periods. An additional

consequence is that the lateral translational modes do not have unigue

258



principal axis direction. For example, if the Theme Tower were to be
experimentally tested in the Northeast-Southwest and Northwest-
Southeast directions (Figure 3.6.3), uncoupled modes oriented along
these directions with natural periods similar to those observed for
the N-S and E-W directions would be expected. However, slight
differences may occur due to the nonsymmetry in the interior core

region (Figure 3.6.3).

3.6.3 Description of Analytical Models

Dynamic analyses of the Century City Theme Tower South Building
are performed using a modified version of the ETABS(49)computer
program. Inherent in the model formulation is the assumption that
floors are rigid in-plane thus allowing each floor to be idealized by
three mass degrees of freedom (two translational and one torionsal)
located at the floor center of mass. Because of the relatively large
number of vertical column lines (23 bays along each exterior frame),
rules of symmetry are used to reduce the model size. Planar symmetry
exists about the N-S building axis, therefore only one half of the
building need be modeled. Structural elements which intersect the
plane of symmetry are connected to fictitious columns located the
plane of symmetry that have artificial stiffness properties to
simulate the appropriate boundary conditions. For calculation of the
N-5 dynamic properties (periods and mode shapes), boundary conditions
allowing symmetric behavior are imposed on the plane of symmetry
(Figure 3.6.10). The E-W and torsional dynamic properties are
calculated using boundary conditions allowing antisymmetric behavior
(Figure 3.6.10). All models are assumed to be completely fixed at the
B level. As observed in experimental results the actual building
behaves as fixed at this level. The lumped mass values at each floor
are based on the dead load calculations supplied by the structural
engineer. The total floor weights used in all models are presented in

Table 3.5.2. These weights are reduced from the actual values used in
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the design because it is believed that they overestimated the actual
building weights at the time of experimental testing. Notably, the
partition and insulation loads were reduced. This effectively reduced
the floor weights by about 10%. Torsional mass moments of inertia are
based on the assumption that the mass is uniformly distributed over
each floor. Because only one half of the building is modeled, the
weight values presented in Tabel 3.5.2 are half of the total floor
weights, Various models are examined for comparative analysis, with
each model becoming progressively refined.
Model 1

Model 1 is formulated to represent the lateral behavior of the
Century City Theme Building in the N-S direction. The model is
composed of the exterior frame in the N-S direction and the interior
core steel shear walls below the second floor level (Figure
5.6.11(a)). The exterior frame is modeled with 3-D beam-column
elements with stiffness properties based on the center-to-center
member lengths and the steel section properties (composite action
ignored). The interior core steel shear walls are modeled by a single
column having equivalent stiffness. Notable structural features
omitted from this model are: the inherent rigidity in the beam-column
connection regions; slab-spandrel beam composite action; the E~W
exterior frame; and, the interior core framing above the second floor
level. Each of these items will be progressively incorpeorated into
the models that follow.
Model 2

Model 2 accounts for the stiffening effects caused by the
inherent rigidity of the joint regions at the column-spandrel beam
intersections. It is the same as Model 1 except that the exterior
frame beam-column connection regions are assumed to be infinitely
rigid, whereby the element stiffnesses are calculated using the clear

spans of the columns and beams (Figure 3.6.11 (a)). The element ends
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are connected to the nodes by rigid links. The spandrel beams are 48
inches deep versus a 12'-7" story height, therefore, the rigid end
zones reduce the effective column height by 32%. The columns have a
section depth of 21 inches and are located on 10'-2" centers, thus the
effective beam lengths are reduced by 17%.
Model 3

Model 3 is developed from Model 2 by including the effects of
slab-spandrel beam composite action. The floor slabs at the exterior
frame are constructed of 1 1/2 inch steel decking and 4 3/4 inch
slabs which are designed to act compositely with the floor framing
beams. The spandrel section properties are calculated according to
AISC specifications in which an effective slab width of bg + 16ty is
assumed (bg is flange width and tg is slab thickness). The increase
in the beam moment of interias are about 40% on the average over those
neglecting composite action.
Model 4

Model 4 includes the exterior E-W as well as the N-S frames.
Like Model 3, both rigid end zones and composite action are
incorporated into the exterior wall model formulation. The steel
shear walls are modeled by a single column having equivalent N-S
lateral, E-W lateral and torsional stiffness. A schematic
illustration of the model is shown in Figure 5.6.11(b). Because this
model is three dimensional (N-S, E-W and torsional stiffness) two
separate analyses are performed to calculate first the N-S, then the
E-W and torsional dynamic properties. As discussed previously, for
the N~-S analysis, symmetric behavior boundary conditions are imposed
on the plane of symmetry and for the E-W/torsional analysis,
antisymmetric behavior boundary conditions are used (Figure 3.6.10}.
Model 5

Model 5 is developed from Model 4 by including the interior core

framing system which is located above the steel shear walls and
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extends to the roof. The framing interior core above the second
floor level is primarily a vertical load carrying system which is
composed of standard rolled beam and column shapes. Only the
peripheral beam and columns of the interior core (along column lines
parallel to the exterior walls) are included in the model. Although
the interior core framing is not designed as a lateral moment
resisting frame system, fully rigid connection regions and slab-beam

composite action are assumed,

3.6.4 Comparison of Analytical and Experimental Dynamic Properties

In this section the natural periods and mode shapes as obtained
from the previocusly discussed models are presented and compared with
the experimental results. The first four North-South translational
mode shapes for Models 1 and 4 are compared with the experimental
results in Fiqure 3,.6.12. Model 1 is the simplest whereas Model 4
represents a refined model. The various analytical model mode shapes
are somewhat insensitive to the modeling features incorporated,
however the differences among the mode shapes are more distinguishable
with increasing mode number. The similarity of mode shapes among the
models is because the various modeling features incorporated produce a
roughly uniform change in stiffness which does not greatly effect the
mode  shapes. The analytical mode shapes agree well with the
experimental results. The location of the nodal points (points of
zero deflection) and the relative amplitudes of the antinodes (points
of maxiumum deflection) are predicted accurately. The effects of the
deep steel girder at the building top, and the interior core steel
shear walls at the building base are reflected in both the
experimental and the analytical mode shapes. The steel girder reduces
the drifts in the top stories as compared to the drifts below the 44th
level. This effect is shown in the mode shape plots by the change in

curvature near the 44th level. In a similar manner, the shear walls
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reduce drifts below the second floor level as compared to those above,
and the mode shapes reflect this by the change in curvature near the
building base. The first two torsional mode shapes from Model 4 are
compared with the experimental results in Figure 3.6.13. The
analytical torsional mode shapes agree closely with the experimental
results.

The natural periods from the analytical models are compared with
the experimental forced vibration values in Table 3.6.3. For any
model, the natural period error percentages when compared to the
experimental values are somewhat independent of mode number. This
indicates that the ratios of the higher modal periods to the
fundamental period (ratio T;/T;, where T; is the ith period) among the
analytical models and the experimental results are similar. Models 1
and 4 have period ratios of 1.00, 2.85, 4.93, 7.18; and, 1.00, 2.92,
5.12, 7.30, respectively. These compare closely with the experimental
period ratios of 1,00, 2.93, 5.14, 7.35. It is of interest to note
that these ratios correspond approximately to a uniform shear beam
period ratios of 1.00, 3.00, 5.00, 7.00. Model 1 is the most flexible
model, therefore, its natural periods are the longest. It has a
fundamental period of 5.67 seconds which is 51.2% greater than the
experimental value of 3.75 seconds. The use of rigid member joint
zones in Model 2 has a significant stiffening effect which reduces the
periods. The fundamental period of 4.16 seconds is 10.9% longer than
the experimental value. Rigid joint zones have the effect of
increasing the modal stiffnesses by an average of 94% over the Model 1
values as shown in Table 3.6.4. The large stiffness increase can be
expected as a result of the significant shortening of the effective
column heights (32%) and beam lengths (17%).

Model 3 includes the effects of slab-spandrel beam composite
action which further stiffens the system and reduces the natural

periods. Its fundamental period of 4.05 seconds is 8% larger than the
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experimental value. As shown in Table 3.6.4, the composite action
produces an average increase in modal stiffness of 10% when compared
to Model 1.

The E-W exterior frame and the E-W core shear walls are included
in Model 4. The E-~W frame stiffens the system in the N-S direction by
its frame out-of-plane stiffness (column weak axis bending) and by
three-dimensional action with the N-S exterior frame whereby axial
forces are generated in the E-W frame columns. This model hag a
fundamental E-W natural period of 3.94 seconds which is 5.1% larger
than the experimental value (Table 3.6.3). This is reflected in Table
3.6.4 by an average increase in modal stiffness of 12% over when
compared to Model 1. Because Model 4 is three-dimensional, a second
analysis was performed with antisymmetric behavior boundary conditions
to determine the E-W and torsional natural periods. The E-W
analytical natural periods are similar to the N-S analytical periods
and agree favorably with the experimental values., As discussed
previously, the similarity of the N-S and E-W periods may be expected
due to the equilateral triangular arrangement of the lateral force
resisting systems. The analytical N-S and E-W periods were not
identically equal because the artificial boundary columns have finite
stiffness. The first two torsional periods are presented in Table
3.6.3., The torsional periods compare well to the experimental values
with the fundamental torsional period of 2.76 seconds being within
1.4% of the experimental value of 2.80 seconds.

Although not presented in the Tables or Figures, the N-S dynamic
properties of Model 5 were computed (this model was studied after the
results from the previous models were tabulated and plotted). The
resulting natural periods and mode shapes closely agree to those from
Model 4 thus indicating that the interior core framing above the
second floor has only a very sma 11 effect on the building's lateral

stiffness. The N-S fundamental period from Model 5 is 3.92 seconds
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which is within 1% of the Model 1 fundamental period of 3.94 seconds.

Also contained in Table 3.6.3 are the fundamental period values
as calculated by the approximate UBC and ATC formulae. The UBC value
of 4.6 seconds is 22.7% larger, and the ATC value of 4.1% seconds is
11.7% larger than the experimental fundamental period. Note that
Models 2, 3 and 4 provide better estimates than either of the code
type formulae.

In summary, it is obéerved that the analytical mode shapes are
somewhat insensitive to the modeling features used whereas the natural
periods show considerable variation. A model incdrporating the
exterior walls (N-S and E-W} and the interior core shear walls is
found to predict the actual periods within 6%. Included in the
element stiffness formulation is the effects of column-spandrel beam
connection rigidity (rigid member end zones) and slab-spandrel beam

composite action.

3.6.5 Influence of Modeling Approach on Design Quantities

In this section the response spectrum dynamic analyses of models
1 to 4 are presented to demonstrate the influence of the different
modeling approaches on the calculated seismic response. The Newmark
spectrum scaled to 0.5g peak ground acceleration is used to represent
the earthquake excitation. The first six N-S translational modes are
included in the analyses and the total peak responses are estimated by
using a SRSS combination of the individual modal responses.

Peak story shear envelopes from each model are shown in Figure
3.6.14(a). The shape of the envelope curves are similar for all
models. This is because the mode shapes from the various Models are
somewhat invariant (Figure 3.6.12). Therefore, the distribution of
the design quantities among the models can be expected to be similar.
The amplitudes of the shear envelopes increase from Models 1 to 4.
This results from the increasing spectral accelerations that are a

consequence of the decreasing natural periods from Models 1 to 4
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(Table 3.6.3). The story interia forces (and resulting story shears)
are directly proportional to the spectral accelerations which are a
function of the natural periods. Shown in Table 3.6.5 are the values
of base shear from the various models and percentage change from Model
1. Model 1 composed of the bare steel N-S exterior frame and interior
core shear walls has the largest natural periods with the smallest
spectral accelerations and therefore the smallest story shears. The

base shear progressively increases from 1030 kips in Model 1 to 1886

kips in Model 4, representing a 83% increase. The shear plateaus
between the second floor and base levels indicate that the masses at
these levels are not fully participating in the dynamic models. Below
the second floor level are the steel shear walls which are stiffer
than the superstructure (Figure 5.6.12). Apparently, the mass of the
stiffer shear wall system is excited by modes higher than the six
included in these analyses. This can be corrected by including
additional higher modes in the analyses, however the changes in the
resulting response guantities can be expected to be minor, (Figure
3.6.16).

Peak story overturning moment envelopes for the models are shown
in Figure 3.6.14(b). The overturning moment envelopes exhibit similar
trends as the story shear envelopes; that is, the envelopes have
similar characteristic shapes but have different amplitudes. Model 1
has the smallest base overturning moment of 3656 x 103 kip~inch,
whereas Modél 4 has the largest value of 7506 x 103 kip-inch, being a
105% increase (Table 3.6.5).

Peak story deflection envelopes for Models 1 and 4 (other models
have similar values) are shown in Figure 3.6.15(a). Note that the
deflections are virtually identical for all models. This behavior can
be explained by consideration of the Newmark response spectrum curve.
Because the first mode dominates the deflection response, and for all

models, the fundamental period is on zone D (p = 2.0) of the Newmark
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spectrum, the modal deflections remain constant independent of
changing modal stiffness. In general, the increases in stiffness from
Models 1 to 4 are offset by the increases interial forces resulting in
virtually no change in lateral deflections (see section 2.5). As
shown in Table 3.6.5, Model 4 has a roof deflection of 3.42 inches
which is only 1% smaller than the Model 1 value of 3.45 inches.

In Figure 3.6.15(b) peak story drifts are shown for Models 1 and
4, The other models have drift values in very close to the Model 4
envelope values. The decrease in drift at the third floor level
(Model 4) is a result of a smaller story height above the second floor
level. Note that the stiffer Model 4 has significantly reduced drifts
as compared to those of Model 1, whereas for deflections the envelope
values are virtually identical as noted previously. This is because
for drifts, the higher modes contribute significéntly to the total
drift response (Figure 3.6.16) and these modes have their natural
periods on zone C (p = 1.0) of the Newmark spectrum. For this zone
the modal drifts are reduced as the modal stiffness is increased.
Table 3.6.5 contains the peak drifts values at the 30th floor level
for all models. Model 4 has a drift of .098 inches which is 12% less
than the Model 1 value of .111 inches.

The relative modal contributions to the total peak design
quantity response (using four modes) plotted along the building height
for Model 4 are shown in Figure 3.6.16. At any story level, the
relative contribution is represented as the square of the individual
modal contribution divided by the total sum of the squared modal
contributions. Note that in this calculation, the square root is
omitted (as used in SRSS combination) such that the sum of the modal
contribution ratios will equal one. To determine the ratio of the
individual modal responses to the total response represented by the
SRSS combination, the square root of the values presented in Figure

3.6.16 is required; however, the sum of these ratios would be greater
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than one. Regarding story shears (Figure 3.6.16(a)) the higher modes
have significant contributions to the total response throughout the
building height. The higher modes contribute 80, 10, and 35% to the
total sum of the squared modal story shears at the top, at the 17th
floor level and at the base, respectively. A similar trend is shown
for story drifts (Figure 3.6.16(d)) in which the higher modes
contribute 90, 10, and 35% of the total squared drifts near the top,
at the 10th floor level and at the base, respectively. The sudden
increase in the fundamental mode drift contribution at the top of the
building is a result of the deep plate girder spanning the top two
floor levels, which restricts the drifts because of its rigidity
(Figure 3.6.16(d)). The small amount of drift in the top stories is
primarily from the fundamental mode. For story overturning moments,
the higher mecdes have significant affects increasing toward the top of
the building; whereas, they have a negligible effect near the base and
contribute 80% of the total squared overturning response toward the
top (Figure 3.6.16(b)). A different trend is shown for the peak story
- deflecticns in which the higher modes have significant contributions
(up to 35%) toward the base and negligible effects near the building
top (Figure 3.6.16(c)).

In summary, the shapes of the peak response envelope curves are
very similar because the mode shapes are somewhat invariant among the
models. The amplitudes of the response curves from the various models
have considerable variation due to the variation in spectral
acceleration values as a result of the different natural periods among
the models. Cf the various modeling features incorporated, the
introduction of rigid connection regions produced the greatest
increase in design force gquantities {(Figure 3.6.14). The design
displacement quantities are somewhat invariant among the models. This
is a consequence of the stiffness increase being compensated by the

increase in spectral accelerations as a result of decreased natural
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periods., The relative individual modal contributions depend upon the
particular response quantity and location along the height of the
building. For this building, the higher modes have significant
effects on each of the peak response quantities studied.

3.6.6 Comparison of Dynamic Analyses and Code Equivalent Static
Procedures

In this section a comparison of the Century City Theme Tower's
design quantity response as computed by dynamic response spectrum and
equivalent static analysis techniques are compared. Model 4 is used
as the study building model as its dynamic properties agree well with
experimental values. For the dynamic analyses, the ATC and Newmark
spectra scaled to 0.05g peak ground acéeleration are used as the
earthquake input. The peak ground acceleration value of 0.05g is the
ATC recommended value for moment resisting frame structures. For
equivalent static analyses, the procedures as recommended by ATC and
UBC are used. For comparison purposes, the UBC equivalent spectrum is
multiplied by 1.278 to correspond to the elastic limit force levels.
Both the analytical fundamental period (3.94 seconds) and the ATC and
UBC recommended approximate period estimations (4.19 sec. for ATC; 4.6
sec. for UBC) are used in equivalent static analyses. The peak gross
design quantities are presented in Figures 3.6.17, 3.6.18 and in Table
3.6.6.

Regarding the dynamic analyses, the gross design quantities as
computed using the ATC spectrum are considerably larger than those
computed by the Newmark spectrum (Fiqures 3.6.17, 3.6.18). This
result is attributable to the differences in the spectra primarily in
the long period range; whereby, the ATC spectral accelerations for the
first two modes (3.94 sec., 1.35 sec.) are 76 and 8% larger than the
Newmark spectral values, respectively. The base overturning moment
and roof deflection are dominated by the fundamental mode (Figures

3.6.16¢(b) {(c)) and comparison of the ATC and Newmark results (Table
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3.6.6) reflect the difference in spectral acceleration at the
fundamental period. The ATC values for the base overturning moment
(13170 x 103 kip-inch) and roof deflection (5.96 inch) are about 75%
greater than the values from the Newmark spectrum (7506 x 103 kip-inch
and 3.42 inches, respectivelyl. Because the higher modes have greater
influence on the base shear and 30th floor level drift (Figure 3.6.16
(a) (d)) the ATC values (2893 kips., 0.153 inch) are about 55% (Table
3,6.6) larger than the Newmark results (1886 kips,‘0.098'inchh

The equivalent static analysis results are also presented in
Figures 3.6.17 and 3.6.18. The shaded regions illustrate the
variation in design quantities dependent upon whether the approximate
- period estimations or the more accurate analytical periods are used in
the calculations. For the UBC equivalent static analyses, the use of
the approximate period value (4.6 sec.) yields design quantities
(Table 3.6.3) that are about 8% smaller than those using the
analytical period (3.94 sec.). The ATC approximate period value (4.19
sec.) results with design guantities (Table 3.6.3) about 5% smaller
than those using the analytical period. Comparing the UBC and ATC
equivalent static analyses, the UBC procedure has larger response
values along the entire building height. This is because the UBC
spectrum when scaled to the elastic limit design has larger spectral
accelerations in the long peried range than the ATC spectrum (Figure
3.1.1). The primary differences between the shapes of the response
quantity curves is a result of the UBC top story force which is not
included in the ATC formulation. This effect is most apparent in the
story shear and drifts plots (Figures 3.6.17(a), 3.6.18(b)), whereby
the UBC static method has significantly larger values near the top of
the building.

A comparison of the ATC dynamic and equivalent static (with Ty =
3.94 sec.) analysis results (Figures 3.6.17, 3.6.18) illustrate the

effects of the different formulations since the fundamental spectral
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accelerations are the same in both cases. As discussed in section
3.7, the ATC static analysis uses an approximate first mode shape and
assume the entire building mass participates in this mode. As a
consequence, the ATC static base shear of 3659 kips is 26% greater than
the dynamic analysis value of 2893 kips (Table 3.6.6).

In Figures 3.6.19 and 3.6.20, the story shear, overturning
moment, deflection and drift responses normalized to base shear for
the dynamic and static analyses are presented. Comparing the
normalized shears from the dynamic analyses, the normalized
distribution using the Newmark spectrum have larger shears toward the
building top and reduced shears toward the bottom as compared to
results using the ATC spectrum. This is because of the higher mode
effects which are amplified greater in the Newmark spectrum than in
the ATC spectrum at the long period range. The ratio of the
fundamental mode spectral acceleration is 1:3.3 for the Newmark
spectrum and the ratio is 1:2.0 for the ATC spectrum thus indicating
more higher mode amplification in the Newmark spectrum results.
Comparing the static analysis results, the UBC method has higher shear
values toward the building top and reduced shears at the building
midheight relative to the ATC static results (Figure 3.6.19 (a)).
These differences are primarily because the UBC lateral top force used
to account for higher mode effects is omitted in the ATC method. Both
the static analysis response quantity shear distributions have
significant variations from the dynamic results, most notably at the
building midheight where the static analysié methods have greater
shear values. Regarding overturning moment distribution (Figure
3.6.19(b)), the ATC static normalized distribution agrees favorably
with the dynamic analysis results (ATC static overturning moment
reduction included). The normalized deflections are presented in
Figure 3.6.20(a). Both the static analysis methods yield deflection

distributions which agree closely and are greater than the
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dynamic analysis distributions. As shown in the normalized drift plots
(Figure 3.6.20 (b)), the story drift distributions from both equivalent
static analysis methods indicate larger drifts (along the entire
building height} than those from dyanmic analysis.
3.6.7 Comparison of Code Design Forces with Dynamic Forces
Induced by Actual Earthquake Spectra

In this section, the story shears and overturning moments
resulting from the Taft 1952 (peak ground acceleration .179g) and El
Centro 1940 (peak ground acceleration .348g) earthquake spectra (5%
critical damping) are computed for Models 1 and 4. The purpose of
evaluating the response with two models for each earthquake excitation
is to illustrate the range (shaded regions in Figure 3.6.21) of
response values resulting from the simplest and a more refined
analytical model 1In addition, because the building's natural periods
can be expected to effectively lengthen during an actual major
earthquake, the response from Model 1 provides an indication of how
the actual earthquake response may differ from the elastic response
(Model 4). Model 4 best represents the small amplitude dynamic
properties of the actual building (T; = 3.94 seconds, whereas Model 1
has longer periods (Ty = 5.67 seconds; 44% longer). However, it is
recognized that the apparent "period lengthening” of buildings during
major earthquakes results from inelastic response activity and
representing this behavior by an elastic model with lengthened periods
does not rigorously conform to a theoretically correct solution. As
shown in Figure 3.6.21(a), the story shear envelopes from the dynamic
analyses exhibit a waviness, especially those from the El Centro
excitation. This behavior is a consequence of the higher mode effects
that are amplified by the actual earthquake spectra. In the case of
Model 4 using the El Centro spectrum, the ratio of the spectral
acceleration at the fundamental mode to the value at the second mode

is 1:4.2. The shear plateau below the second floor level (Figure
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3.6.21(a)) indicates that the modes which excite the mass below this
level are not included in the dynamic analysis. As noted previously,-
this is a result of the stiffness increase caused by the steel shear
walls at these levels. Also shown in Figure 3.6.21 are the story
shears and overturning moments from the UBC equivalent static analysis
procedures scaled by 1.278 to reflect elastic limit load levels. Note
that the floor masses used in the equivalent static procedure are the
same as those used in the dynamic analyses and they do not include the
partition loads that were judged to be overestimates of the actual
mass. Therefore, the UBC values presented may be somewhat less than
the values used for an actual building design. Comparing the story
shears and overturning moments from the Taft excitation to the UBC
values, the Century City Theme Tower would behave essentially
elastically since the actual earthquake induced forces are less than
the scaled elastic limit UBC values. This conclusion assumes that the
building is designed to resist the 1979 UBC forces which are
calculated according to the criteria selected for used in this study
(see section 3.1.2). The actual design forces are not presented
(based upon the Los Angeles building code which was similar to the
1967 UBC when the building was designed). For the El1 Centro
excitation, the story shears exceed the UBC elastic limit values along
the entire building height for Model 4, and near the building top for
Model 1. The story overturning moments exceed the UBC elastic limit
values in the upper building stories for both Models 1 and 4.
Assuming the elastic analyses provide an approximation for the
distribution of seismic forces in the inelastic range, the El Centro
excitation would produce inelastic response in the upper stories where
both the story shears and overturning moment exceed the elastic limit
UBC design force quantities.

3.6.8 Summary

The dynamic properties and seismic response behavior of various
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analytical models of the Century City Theme South Tower are
investigated. The purpose is to develop analytical models that
correlate to the actual building's dynamic properties as determined by
experimental forced vibration studies; and, to evaluate the effects of
the various modeling features on the computed dynamic properties and
seismic response behavior. The basic model consists of the N-S
exterior frame and the interior core shear wall below the second floor
level. Additional models are developed by progressively incorporating
various structural features to this basic model. The effects of rigid
beam-column connection regions, slab-spandrel beam composite action,
the E-W exterior frame, and the interior core framing system are
evaluated. The results from the study of these models lead to the
following observations:

(1) Analytical models representing the primary structural systems of
the building have dynamic properties that agree well with the
experimental values. Model 4 which incorporates the N-S and E~-W
exterior frames, rigid connection zones and slab-spandrel beam
composite action has natural periods that are within 6% of the
experimental values (Table 3.6.3).

(2) The mode shapes from all models agree favorably with the
experimental results (Figure 3.6.12). The mode shapes are somewhat
invariant to the modeling features. However, the natural periods from
the analytical models are sensitive to the modeling features (Table
3.6.3). The natural periods of Model 4 are about 30% shorter than
those of Model 1. The introduction of rigid joint zones produces the
greatest period shift (stiffening effect) of the modeling features
investigated (Table 3.6.4).

(3} The characteristic ghapes of the peak response force and
displacement envelopes from using the Newmark spectrum are similar for
all models. The amplitudes of the peak story shear and overturning

moment envelopes vary among the models and have increasing force
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values from Models 1 to 4 (Figure 3.6.14). The amplitudes of the
story deflection and drift envelopes are similar for all models
(Figure 3.6.15).

(4) The higher modes have significant influence on the computed
seismic response quantities (Figure 3.6.16). The importance of the
higher modes contribution to the total peak response varies according
to the location along the height of the building and with the response
quantity type.

(5) Dynamic response spectrum analysis using the ATC spectrum yield
shears and overturning moments that are over 50% greater than those as
computed using the Newmark spectrum (Figure 3.6.17). The large
variation is attributable to the differences in the spectra in the
larger period range.

(6) The UBC equivalent static analysis procedure yields shears and
overturning moments that are greater than the ATC equivalent static
method (about 20% greater shears and about 45% greater overturning
moments when using the same fundamental period). Both equivalent
static analysis procedures result with forces and deflections that are
significantly greater that a dynamic analysis using either the ATC or
the Newmark spectra (Figures 3.6.17 and 3.6.18).

(7) The distribution of the static design forces as compared to
dynamic force envelopes (when normalized) indicates that the static
procedures overestimate the relative magnitude of shear forces in the
lower portions of the building (Figure 3.6.19(a}). Toward the top of
the building, the static UBC force distribution overestimates both the
ATC and Newmark response spectrum dynamic distributions, whereas the
ATC static force distribution is less than the dynamic Newmark and
greater than the dynamic ATC results. Regarding normalized
overturning moments, the static UBC results are greater than both the
dyvnamic response spectrum results along the entire building height.

However, the static ATC results (with overturning moment reductions)
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agree favorably with the dynamic analysis values.

(8) A comparison of the force distributions from dynamic response
spectrum analyses using actual earthquake spectra to force
distributions from the equivalent static UBC (1979} criteria, indicate
that the building would respond elastically if subjected to the Taft
(1952) earthquake (Figure 3.6.21). However, if subject to the E1l
Centro (1940) earthquake record, inelastic response may be expected
because the computed story shears and overturning moments exceed the
UBC elastic limit forces at many story levels. This observation

assumes the building is designed to the UBC force criteria only.

276



Table 3.6.1:

Experimental Natural Periods

Experimental Period

in Seconds

. . Mode Force Vibration Ambient Vibration
Direction No. Study Study
1 3.7% 3.66
2 1.28 1.26
N-3 3 7 .72
4 .51 .50
1 3.75 3.80
Eew 2 1.32 1.32
3 .76 .75
4 .53 .52
) 1 2.80 2.88
Torsion 9 1.01 1.00
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Table 3.6.2: Dead Load Weights Used
in Analytical Models
ATl Models
Floor Weight (kips) psf
44 4397 315
43 0 0
42 1333 95
41 1333 95
40 1333 g5
39 1333 95
38 1333 95
37 1333 95
36 1333 95
35 1333 95
34 1333 95
33 1333 95
3z 1333 95
31 1352 97
30 1352 97
29 1352 97
28 1352 97
27 1352 97
26 1352 97
25 1352 97
24 1352 97
23 1352 97
22 1352 97
21 1352 97
20 1352 97
19 1352 97
18 1352 97
17 1352 97
16 1352 97
15 1399 100
14 1399 100
13 1398 100
12 1399 100
11 1399 100
10 13389 100
9 1399 100
8 1399 100
7 1399 100
6 1399 100
5 1399 100
4 1399 100
3 1399 100
2 2964 212
Plaza 757 54
A 684 49
TOTAL 63284
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Table 3.6.3:

Experimental vs. Analytical Natural Periods

642

Model 1

UBC* ATC*
Period % Period % ‘
4.6 22.7 4.19 11.7

*Torsional analysis not performed.

Model 2 3 Model 4
Exp. .
Direction Period{sec}| Period % Period % % Pericd
1 3.75 5.67 +51.2 4.16  +10.9 +8.0 3.94 +5.1
2 1.28 1.99 +55.5 1.4 +11.7 +8.6 1.35 +5.5
N-§ 3 0.73 1.156 +57.5 0.82 +12.3 +9.6 0.77 +5.5
] 0.51 0.79 +54.90 0.56 +9.8 +7.8 D.5%4 +5.9
; 1 2.80 2.76 -1.4
Torsion 2 1.0 0.96 5.1
% = percent variation from experimenta1 period.
*Code periods calculated based on 46-story height as follows:
UBC (eqn. 12-3B): T = 0,10 N = 0.10 x 46 = 4.6 sec.
ATC (eqn. 4-4): T = C;h 3% = 035 x (590.29)%% = 4.19 sec.




Tab1e 3.6.4: Influence of Modeling Festures on Modal Stiffnesses

Stiffness Increase with respect to Model 1
‘Rigid Joint 4 Slab-Girder 3-D Total
Direction Mode Zone Interaction Effects
i 86% 10% 11% 1074
2 94 11 12 117
N-5 Trans.
3 97 10 16 123
4 99 7 8 114
Average 94% 10% 12% 115%

Table 3.6.5: Influence of Modeling Features on Building Seismic Response

Model 1 Model 2 Model 3 Model 4
Design Quantity % % % %
Base shear (k) 1030. 0 1704. 65. 1782. 73. 1886. 83.
Base OTM {k-in x 103) 3656. 0 6764 85, 7160 96. 7506 105.
Roof deflection 3.45 0 3.41 -1. 3.41 -1, 3.42 -1.
30th level drift (in} 0.111 a 0.096 -14, 0.094 -15. 0.098 -12.

% = incremental percent from Model 1
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Table 3.6.6:

Comparison of Design Quantities from Dynamic and Equivalent Static Analyses.

Dynamic Static
Newmark ATC ATC UBC*
Codebook Analytical Codebook Analytical
Design Quantity % % % 4 %
Fundamental period (sec) 3.94 0 3.94 0 4.19 6 3.94 0 4.60 /) 3.94 0
Base shear (k) 1886. 0 2893. 53 3505. 86 3659. 94 4025. 113 4348. 131
Base OTM (k-in x 103) 7506, 0 13170 75 15110. 101 15780. 110 21430. 186 23150, 208
Roof deflection (in) 3.42 0 5.96 74 8.76 156 9.1 168 9.91 190 10.7 213
30th level drift (in) .098 1] L1583 56 227 132 L2360 141 .249 154 269 174

1

*

increment % from Newmark spectrum dynamic danalysis

UBC forces are factored by 1.70/1.33 = 1.278 for correspondence with ATC elastic 1imit load levels




Figure 3.6.1: General View of the South Theme Tower Building
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Figure 3.6.2: Structural Configuration
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3.7 OBSERVATIONS AND CONCLUSIONS FROM THE CORRELATIVE
ANALYTICAL STUDIES

The correlative analyses of the five structures discussed in this
chapter demonstrate several important aspects relating to seismic
analysis of multistory buildings. From the results of these analyses,
general observations and conclusions relating to modeling approaches,
overall dynamic behavior characteristics, and expected variations in
response due to different representations of seismic loading are made
in the sections that follow. Detailed discussions of the analyses
performed on each of the buildings are presented in sections 3.2 to
3.6.

3.7.1 Period and Mode Shape Correlation

Very good to excellent correlation of experimental and analytical
periods was achieved for all of the buildings studied. Final
analytical models were able to accurately predict fundamental and
higher periods for both translational and torsional modes. However,
initial analytical periods based on computer models of the primary
lateral force resisting system acting alone were always higher than
experimentally determined periods. As can be seen from the ratios of
analytical to experimental periods in Table 3.7.1 (column 1), initial
analytical translational fundamental periods were from 1,10 to 1.51
times larger than corresponding periods resulting from small amplitude
vibration studies. However, by accounting for various secondary
modeling aspects, period correlation was substantially improved.
Final analytical fundamental periods (based on computer models of the
primary lateral force resisting system acting in conjunction with
secondary lateral and/or vertical force resisting systems and other
significant structural and/or nonstructural aspects) were within 5%
(period ratios between 0.96 and 1.05) for all of the buildings as can
be seen from Table 3.7.1 (column 2). Analytical mass values which

gave best correlation were somewhat smaller than corresponding values
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typically used in design calculations; this is due to the fact that
building code requirements tend to overestimate mass by including a 20
psf partition load and because design engineers often make other
conservative assumptions in calculations of dead weight. However, mass
variations, overall, had only a minor effect on the analytical
periods.

In general, analytical mode shapes correlated very well with those
derived from experimental studies. The location and relative
deflection amplitudes of nodes and antinodes were predicted with good
accuracy for fundamental and higher modes. For buildings where severe
stiffness discontinuities occurred, resulting irregularities in
analytical mode shapes matched experimental results well. Good
correlation of experiment and analysis was observed even where only
slight perturbations in mode shape occurred due to more moderate
stiffness discontinuities (e.g. discontinued frames evidenced in first
mode of Transamerica Building). The secondary modeling aspects that
were included in the refined analytical models did not significantly
influence the analytical mode shapes. This result indicates that the
secondary aspects considered had more or less constant relative
stiffening effects over height for the buildings studied and suggests
that it may be appropriate to represent the influence of secondary
effects by simply factoring the stiffness of the primary lateral force
resisting system.

SUMMARY: The correlative analyses performed show that natural periods
and mode shapes determined from small amplitude tests can be
accurately predicted using practical analytical models of limited
complexity based on actual detailed characteristics of the structure.
However, to achieve correlation between analytical and experimental
periods, various secondary aspects must be included in the models.
Use of an analytical model that accounts for none of these secondary

aspects will most likely result in natural period estimates that are
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larger than those that would result during a moderate earthquake
event.
3.7.2 Comparative Dynamic Properties of the Study Buildings.

Similar trends in the dynamic properties of the different
buildings are apparent from the experimental and analytical results.
In Table 3.7.2, ratios of analytical fundamental translational periods
to higher translational periods are shown for the different buildings
studied. As can be seen from this table, all of the buildings, except
Transamerica, had nearly equivalent ratios of fundamental period to
higher periods. The Transamerica building exhibited substantially
lower period raticos than did the other buildings due to the vertical
irregularity introduced by its tapered configuration. As shown in
Table 3.7.2, average period ratios for the group of buildings studied
(excluding Transamerica) are 2.89 for Ty/T,, 5.06 for T;/T3 and 7.18
for T1/Ty. These average values compare closely with the theoretical
uniform shear beam period ratios of 3.0, 5.0, and 7.0, respectively,
also shown in the table. This result indicates that multistory
buildings which are basically regular over their heights have period
ratios that are approximately equivalent to uniform shear beam ratiocs.
Thus, given the fundamental period, good approximaﬁions of higher mode
periods can be made using the uniform shear beam relationship by
dividing the fundamental period by three, five, seve, nine, etc., to
estimate the second, third, fourth, fifth, etc., periods,
respectively.

In Figure 3.7.1, the first four analytical translational mode
shapes based on refined analytical models of the different buildings
studied are shown for comparison. (Note that for the Transamerica and
Rainer buildings, respectively, the architectural cap and pedestal
base have been omitted from the plotted mode shapes.) As can be seen
from this figure, some variations in mode shape exist among the

different buildings. However, the following similar characteristics
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are apparent:

(1) The number of node points (points of zero deflection) for a
given mode is equal to the mode number. For example, the
first mode has one node point (at the base); the second mode
has two node points; etc. This result generally occurs in
multistory buildings unless flexibility of the floor slab
allows substantial in-plane diaphragm deformation. For tall
multistory buildings, diaphragm deformation is usually not
significant. (Note that for Transamerica's fourth mode, the
fourth node occurs in architectural cap and is not shown.)

(2} Except at the top of the structure, all antinodes of the
higher modes have nearly equal relative deflection amplitudes
for each building. The antinodes at the tops of the
buildings tend to have a less predictable relative amplitude
but are of the same general magnitude as those below.

(3) The location of node ﬁoints relative to total height are
roughly the same for the different buildings. For example,
for each of the buildings studied, a node for the second mode
occurs at a point located between 0.75 and 0.81 times the
total height (see Figure 3.7.1). Because of the Transamerica
building's vertical irregqularity, the relative location of
its node points varied significantly from the other buildings
in the third and fourth modes.

(4) The distances between node points of higher modes tend to
decrease with increasing height above the base. For example,
for the fourth mode in Figure 3.7.1, the average distances
between the first (base) to second, second to third, and
third to fourth nodes are approximately 0.37, 0.29 and 0.24
times the total height, respectively.

It is of interest to compare these observed mode shape

characteristics with those of a uniform shear beam which are also

shown in Figure 3.7.1. These modes are sine curves represented by

(h) =sm[<2n;)ﬂ %}

where n = the mode number. The most notabale similarities seen in
Figure 3.7.1 between the uniform shear beam idealization and the
actual observed results are that the same number of nodes and
antinodes result in respective modes and that the antinodes have a
constant relative deflection amplitude. The most notable differences
are that node points occur at lower points in the uniform shear beam

idealization than are observed in the actual buildings and that the
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distance between these node points is constant rather than decreasing
with height. These differences between the uniform shear beam
idealization and the actual building responses result from the fact
that the actual buildings have decreasing lateral stiffnesses with
height (rather than being uniform) and that some cantilever type
deformation (in addition to shear type) is caused by axial extension
or compression of the columns and other vertical force resisting
elements. The Alcoa N-S, U.C. Medical Center, Ranier Tower, and
Century City buildings, generally behave as nonuniform shear beams
with little or no cantilever type response. However, the Alcoa E-W
and Transamerica buildings demonstrate mixed cantilever beam and
nonuniform shear beam behavior.

It should be noted that although the results that have been
presented in Table 3.7.2 and Figure 3.7.1 are for translational modes,
the torsional modes for the respective buildings demonstrate behavior
that is very similar to the translational modes. That is, both
torsional period ratios and mode shapes correspond very closely with
corresponding translational results and have similar relationships
with respect to uniform shear beam theory.

SUMMARY: The dynamic properties of the various buildings are very
similar in nature in that the period ratios and mode shapes of the
different buildings compare quite closely. Observed period ratios of
the buildings compare very well with results from uniform shear beam
theory. Bowever, the observed versus uniform shear beam mode shapes
showed significant differences. Based on the results of the buildings
studied, it can be seen that multistory buildings which are basically
regular over their heights will generally show similar trends in their
dynamic properties. Also, it can be seen that, based on the
behavicoral trends observed in this study, the dynamic characteristics
of several modes of vibration for a planned multistory building may be

reasonably approximated before detailed design and/or analysis
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proceeds. In section 4.3, an approach for performing preliminary
dynamic analysis based on estimates of dynamic properties is

presented.

3.7.3 Influence of Secondary Modeling Aspects on Stiffness Properties

Results of the analytical studies presented earlier in this
chapter show that secondary structural and nonstructural modeling
aspects have a significant influence on the dynamic properties
observed in the small amplitude experimental studies. The secondary
aspects that were considered (where applicable) are rigid joint zone
effects, three dimensional frame modeling, core frame modeling,
nonstructural slab—girder interaction, and infill block wall modeling.
In Table 3.7.3, the increases in the generalized stiffness of the
fundamental mode caused by these different secondary aspects for each
of the study buildings are shown. As can be seen from this table, the
different secondary aspects had varying relative importance for each
of the buildings studied. In the comments that follow, the term
"stiffness" refers to the generalized fundamental modal stiffness
determined from period values for the different analytical models
formulated for each building.

Inclusion of flexurally rigid joint zones caused increases in
stiffness ranging from 0% to 85% over that of the initial model of the
primary lateral force resisting systems (Table 3.7.3, column 1). The
greatest stiffness increases from rigid joint zone effects occurred in
the Century City Tower (85%) due to the closely spaced columns in this
building and in the U.C. Medical Center (66%) due to the deep girders
required for the long span framing. Moderate increases in stiffness of
17% and 26% result in the Transamerica and Ranier Tower buildings,
respectively. Rigid zones had no significant influence on the truss
bracing system of the Alcoca building as is expected since bending

deformations do not contribute significantly to the overall response.
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Summarizing, rigid joint effects have a significant stiffening
influence on moment resisting frame structures with a particularly
larger influence in buildings with especially short or long spans.

Modeling of nonplanar, intersecting frames with full three-
dimensional compatibility had a significant stiffening effect in some
of the buildings. The Alcoa building showed a 16% {(Table 3.7.3,
column 2) increase in the E~W stiffness due to the participation of
the N-S framing acting as flanges which increase the effective moment
of inertia in the E-W direction. A lesser stiffness increase of 5% in
the N-8 direction is noted due to the smaller flange effect provided
by the E-W framing. The Ranier Tower showed a 32% stiffness increase
and the Century City building showed an 11% increase. In the above
buildings, 3-D frame modeling brought into play the axial resistance
of the columns in nonplanar intersecting frames. In the Transamerica
building, 3-D modeling has negligible effect since all cclumns are
common to perpendicular planar frames and, therefore, have full
participation in 2-D frame modeling. In the U.C. Medical building,
the girders are unable to transmit significant axial forces to columns
of nonplanar frames due to the long spans and, consequently, 3-D frame
modeling has negligible influence.

Nonstructural slab-girder bending interaction in the primary
lateral resisting system was accounted for in the Transamerica and
Century City buildings where stiffness increases of 28% and 1ll%
resulted, respectively (Table 3.7.3, column 3). In the U.C. Medical
and Ranier Tower buildings, the primary lateral systems are designed
to act compositely with the concrete floor slabs and, therefore, the
resulting interaction is included in the initial model results. Since
the Alcoa building is a truss system, slab-girder bending interaction
does not significantly influence the lateral stiffness of the primary
lateral resisting system.

The influence of including the core frame (where appropriate) as
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part of the analytical model is significant for some of the study
buildings. The core frame models are comprised of primary vertical
and/or secondary lateral force resisting framing with nonstructural
slab~-girder interaction effects included if appropriate. In the Alcoa
building the core frame is a secondary (back-up) ductile moment
resistant frame capable of carrying 25% of the code specified lateral
load. 1Inclusion of the core frame caused stiffness increases of 19%
and 13% in the E-W and N-S directions, respectively (Table 3.7.3,
column 4). In the U.C. Medical building, the long span interior
frames are designed primarily for vertical load but also contribute
significantly to lateral stiffness as evidenced by the 37% stiffness
increase shown in the table. 1In the Ranier Tower, a 25% stiffness
increase is contributed by the primarily vertical load carrying core
frame assuming full moment connections. In the Century City building,
a 2% stiffness increase results from inclusion of the core frame; this
stiffness increase is small because the lightweight beams that frame
between the heavier columns are unable to provide sufficient stiffness
to induce significant frame action even if full moment connections are
assumed.

Concrete masonry block walls were used as an infill material in
the core frame of the Alcoa building. Inclusion of these walls in the
analytical model led to significant increases in stiffness of 11% and
24% in the E~-W and N-S directions, respectively (Table 3.7.3, column
5).

SUMMARY: Total increases in the fundamental mode generalized stiffness
due to secondary modeling aspects over that of the initial model of
the primary lateral force resisting system range from 42% to 109% for
the different study buildings (Table 3.7.3, column 6). These
relatively large stiffness increases indicate the importance of
including the various secondary modeling aspects to accurately predict

small amplitude dynamic properties. In developing an analytical model
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for larger amplitude motions, secondary nonstructural aspects such as
slab-girder interaction and infill block walls may be neglected if it
is judged that these components are unable to provide resistance at
larger levels of displacement amplitude. Nevertheless, the secondary
structural aspects such as rigid joint zones, 3-D frame modeling, and
core frame modeling can still cause significant increases in stiffness
as can be seen from Table 3.7.3 and will certainly be active at larger
levels of response., Therefore, these aspects should be included in
model development in order to obtain more accurate period estimates.
3.7.4 1Influence and Interpretation of Secondary Modeling Aspects
on Seismic Response Analysis

The impact that secondary modeling aspects have on predicted
seismic response of a particular building depends not only upon the
induced stiffness increases and accompanying shortening of natural
periods but also upon the response spectrum used for the analysis and
period zones of the spectrum to which significant modes correspond.

Dynamic analyses have been performed on each of the study
buildings to compare responses resulting with and without inclusion of
secondary modeling aspects using the Newmark response spectrum (shown
in Figure 3.1l.1). The stiffening influence and resulting period
shortening caused by inclusion of secondary modeling aspects will
generally produce increased design forces when smoothed design
response spectra such as Newmark's are used. This is because smoothed
design response spectra usually have increasing spectral amplitude
with decreasing period in the period ranges that are most significant
for multistory buildings. However, despite the increased forces,
deflection responses tend to decrease or remain constant as a result
of stiffening due to secondary modeling aspects. These trends are
reflected in Table 3.7.4, where variations in base shear, base
overturning moment, and roof deflection resulting from consideration

of all secondary modeling aspects are shown for the different
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buildings studied. As can be seen from this table, variations in base
shear ranged from +16% to +87%; variations in overturning moment
ranged from +13% to +112%; and, variations in roof deflection ranged
from -1% to -27%, In order to better understand the reasons for these
response variations, the responses of the Alcoa and Century City
buildings are explained in more detail.

The Alcoa building showed the smallest variation in design forces
because secondary modeling aspects had a lesser total effect on its
stiffness than on the stiffnesses of most of the other buildings
studied (42% and 46% in Table 3.7.3, column 6) and because its
significant periods lie in zone C of the Newmark spectrum (see Figure
2.3} -where spectral amplitude varies with period in proportion to 1/T.
These variations are consistent with predictions that can be made
using the relationships developed in section 2.5 based on the
stiffening observed in the fundamental mode. For example, Figuré 2.13
(a) can be used to reason the variations in response quantities for
the Alcoa E-W direction as follows: a 46% fundamental mode stiffness
increase corresponds to a = 1.46 in Figure 2.13(a) and the Newmark
spectrum zone C corresponds to the p = 1.0 curve which predicts a 21%
increase in shear and overturning response (V*/V = OTM*/0TM = 1,21) of
the fundamental mode. This compares well with the 20% and 18%
increases in base shear and overturning that resulted in the detailed
analyses (Table 3.7.4). Likewise, using Figure 2.13(b), a 17%
decrease in fundamental mode deflection response (D*/D = 0.83 for a =
1l.46, p = 1.0) is predicted which compares well with the 15% reduction
shown in the table. The fact that the results from the detailed
analyses compare s0 well with predicted fundamental modal response
variation reflects the predominant influence of the fundamental mode
in the overall response of the Alcoa Building.

The Century City building showed the greatest variation in design

forces from secondary modeling aspects because it had the greatest
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total secondary stiffening effect among the buildings studied (109% in
Table 3.7.3, column 6) and because its fundamental period lies in zone
D of the Newmark spectrum where spectral amplitude varies more rapidly

2). Increases in base shear and

with period {(in proportion to 1l/T
overturning of 87% and 112%, respectively, are seen in Table 3.7.4.
Using Figure 2.13(a), the 109% stiffness increase due to secondary
effects leads to a 109% predicted increase in the fundamental modal
shear and overturning response (V*/V = OTM*/0TM = 2.09 for a = 2.09,
p = 2.0). This result agrees well with the actuél base overturning
increase (112%) but agrees less favorably with the actual base shear
increase (87%). This discrepancy in base shear is due to the fact
that although the fundamental mode dominates the base overturning
response of this building, higher modes significantly influence the
base shear response and the higher mode shear contributions will
increase to a lesser extent since they lie on zone C of the Newmark
spectrum. Using Figure 2.13(b), it can be seen that increasing
stiffness due to secondary effects will result in no change in
fundamental modal deflection response for p =2.0. This 0% predicted
variation agrees well with the slight 1% decrease shown in Table 3.7.4
reflecting the dominant influence of the fundamental mode in
deflection response of this building.

SUMMARY: It can be seen that consideration of secondary modeling
aspects can have significant and widely varying impact on analytical
response of multistory buildings. The degree cof variation in response
will depend upon the amount of stiffness increase due to secondary
aspects, the shape of the response spectrum used, the relative
importance of fundamental versus higher modes, and the particular
response quantity of interest. If an estimate of the stiffening
effect of secondary modeling aspects can be made, the relationships of
section 2.5 can be used to approximate resulting variations in reponse

quantities.
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3.7.5 Relative Significance of Various Modes on Seismic Response

As part of the response spectrum dynamic analyses performed on
the subject buildings (using Newmark's spectrum}, a study of the
relative contributions of the various modes to the shear, overturning,
deflection, and drift responses was carried out. For each of the
buildings, the fundamental mode of vibration showed the greatest
overall influence on the dynamic response. However, the contributions
of higher modes were gignificant as well.

Since, for the response spectrum analyses performed in this
study, the square-root-of-the-sum-of-the-squares modal combination
rule is used to calculate peak responses, the contribution of each
mode to peak response can be represented as a ratio of the square of
the mode's peak response to the total sum of the squares of all modal
peak responses. For example, the contribution of mode "n' to total

peak shear response may be represented by the ratio

where

V; = peak shear in mode i

N = total number of modes considered
Modal contribution ratios calculated in this way for base shear
response are shown in Table 3.7.5 for the different buildings
analyzed. From this table, the relative importance of the fundamental
mode in contributing to peak base shear is reflected by the high
ratios observed in mode 1 for the Al;oa, Transamerica, U.C. Medical
Center and Century City buildings. The contribution of higher modes
decreases rapidly with increasing mode number for these buildings. As
can be seen from the table, modes higher than the fourth contribute

negligibly to base shear response for these four buildings which are
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basically regular over their heights and have no severe
discontinuities in lateral stiffness. However, the Ranier Tower shows
completely different response behavior having very low contributions
from the first four modes to total base shear. For this building,
higher modes become dominant in the base shear response due to the
very stiff and massive concrete pedestal upon which the steel
superstructure of the building rests; It turns out that the
pedestal's response is predominantly activated by the 12th mode
whereas the steel superstructure's response is most influenced by the
fundamental mode. Since base shear of this building is controlled by
pedestal response, higher modes must be considered to fully capture
the dynamic behavior.

It can also be seen from Table 3.7.5 that the taller buildings
having longer fundamental periods tend to show greater relative
contributions from the higher modes. For instance, the 195 ft, tall
U.C. Medical Center building (Ty= 1.13) has modal contribution ratios
of .89, .10, .01, and .00 from its 1lst, 2nd, 3rd, and 4th modes,
respectively, whereas the 576 ft. tall Century City building (T; =
3.94) has corresponding modal contribution ratios of .68, .19, .08 and
and .04. The greater contributions from the higher modes in the
Century City building result from the fact that as fundamental period
increases and moves away from the spectrum zone containing peak
dynamic amplifications {(zone B in the Newmark spectrum between about
0.15 sec. and 0.50 sec.), higher modes become more greatly amplified

relative to the fundamental mode.

Although the results shown in Table 3.7.5 are illustrative for
demonstrating the relative importance of the various modes to
response, these only reflect the modal contributions for one response
quantity (story shear) at one location (base level) over the
building's height. In Figures 3.2.19-20, 3.3.12, 3.4.14 ,3.5.1l1, and
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3.6.16, the modal contribution ratios are plotted for shear,
overturning moment, deflection and drift at all story levels over the
full heights of the different buildings. From a study of these
figures, the following observations can be made regarding modal
contributions to the various response quantities at different levels
of the buildings:

(1) Higher modes influence story shear response most
significantly in the uppermost levels of the buildings. For
most of the buildings, the 2nd, 3rd and 4th mode contribute
more greatly tc shear response at the top of the buildin?
than does the fundamental mode. However, the fundamenta
mode typically dominates shear response around the midheight
of the buildings. Near the base of the buildings, the
contribution of the higher modes again become more important
but the fundamental mode is generally most significant. The
Rainer Tower is an exception where the 12th mode dominates
base shear response due to the massive concrete pedestal.

(2) Like story shears, overturning moments are influenced most
significantly by higher modes in the uppermost portions of
the buildings. At lower levels of the buildings, the
fundamental mode becomes progressively more dominant in
controlling overturning forces. Unlike the case for story
shears, higher modes generally contribute insignificantly to
overturning at the bases and overturning response is
dominated by the fundamental mode.

(3) Total deflection response is generally dominated by the
fundamental mode at all levels of the buildings with higher
modes having only slight significance near the base. An
exception to this is seen in the pedestal based Ranier Tower
where the fundamental mode dominates the deflection response
of the steel superstructure but the 12th mode contributes
most to the deflection in the pedestal base.

(4) Drift responses follow the same general trends as shear
response whereby higher modes have the greatest influence

near the top and base of the structures and the fundamental
mode is dominant around midheight.

SUMMARY: Although the fundamental mode is generally the most dominant
in seismic response of multistory buildings, higher modes are often
significant contribu;ors. The taller the building, the more
significant the higher modes become. Generally, the first 4 to &
modes occurring in a single translational direction are enough to
capture all significant unidirectional response in a symmetric

multistory building. If severe stiffness discontinuities exist, as in
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the case of the Ranier Tower, enough modes must be considered to
capture the full response in all regions of the structure. The
relative importance of the higher modes in influencing response
depends upon the fundamental periods of the building, the particular
response quantity of interest, and the location being considered over
the height of the building.
3.7.6 Comparison of ATC and UBC Period Estimates with Experimental
and Analytical Results

It is of interest to compare the fundamental periods predicted by
the UBC and ATC codebook empirical formulae with the periods
determined from the detailed analytical models and the experimental
tests since the period values used will have a direct influence on the
magnitude of applied seismic forces. In Table 3.7.1 (columns 3 and
4), the ratios of UBC and ATC empirically calculated periods to
experimental small amplitude periods are shown for the different
buildings. For all of the buildings except Transamerica, the UBC
period estimates range from .70 to 1.27 times the experimentally
determined values and the ATC period estimates range from .70 to 1.54
times as experimentally detefmined values. Thus, it is seen that, for
the group of regqular buildings studied, the empirical codebook
predictions have limited accuracy and lead to as much as 30%
underestimation and 54% overestimation of small amplitude fundamental
periods. Most often, the codebook formulae will underestimate actual
small amplitude periods for modern highrise construction. However,
overestimates were noted in the U.C. Medical Center and Century City
buildings due to the especially large stiffening influence of rigid
joint effects resulting from the particularly long and short girder
spans, respectively, used in the design of these buildings. For the
Transamerica building, larger errors result from application of the
codebook formulae as is seen from the period ratics of 1.70 and 1.38

for UBC and ATC, respectively, indicating that codebook estimates are
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highly unreliable for buildings with significant vertical
irregularity.

Since the fundamental periods from the experimental tests and
from the final analytical models are nearly equal (see Table 3.7.1,
column 2), the error ranges quoted above also apply for codebook
versus final analytical periocds. However, many of the secondary
modeling aspects included in the final analytical models of this study
are not typically considered by practicing engineers in the
development of analytical models. Often, computer models, which
include only the primary lateral force resisting system with none of
the secondary aspects, are used and will lead to substantially higher
estimates of natural period and, consequently, may cause further
discrepancies between analytical and codebook periods. In columns 5
and 6 of Table 3.7.1, the ratios of the periods of the initial
analytical models (including only the primary lateral force resisting
system) to the UBC and ATC codebook periods are shown. For the
regular buildings (Transamerica excluded), the initial analytical
periods ranged from 1.07 to 2.01 times UBC estimates and from 0.88 to
2.01 times the ATC values. Generally, analytical periods based on the
primary lateral force resisting system acting alone will be
substantially larger than UBC or ATC codebook estimates and can be as
much as 100% larger (e.g., Ranier Tower). However, this was not noted
in the U.C. Medical Center and Century City buildings due to the large
rigid joint zone stiffening effects mentioned earlier.

SUMMARY: UBC and ATC empirical formulae have limited accuracy

in predicting actual small amplitude period. These formulae show
especially poor overall correlation with periods derived from initial
analytical models of the primary lateral force resisting systems
acting alone. Since the natural periods of vibration ultimately
control the maghitude of forces that will be induced in a building

during earthquake excitation, the engineer should be wary of any large
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differences that may occur between analytical versus codebook periods
and be able to reconcile these differences based on the detailed
characteristics of the structure and the particular design criteria
being applied.
3.7.7 Comparative Magnitudes of Selected Response Spectrum Dynamic
and Code Equivalent Static Loading Procedures

In this study, analyses were performed on one model of each
building using four different recommended seismic loading procedures:
two equivalent static and two dynamic. The equivalent static methods
used are those prescribed by UBC and ATC; the dynamic analyses
response spectra used are those prescribed by ATC and Newmark. 2As
described in section 3.1.2 (step 5), analytical responses resulting
from application of the different procedures reflect a single set of
assumptions relating to soil conditions, peak ground acceleration, and
design force level (elastic limit rather than working stress level).
Therefore, the calculated responses are in accordance with a common
basis of comparison. In Figures 3.2.21-24, 3.3.13-14, 3.4.15-16,
3.5.12-13, and 3.6.17-18, the gross response quantities of shear,
overturning, deflection and drift resulting from the four different
seismic locading procedures are shown for the different buildings.
From these figures, it may be seen that wide variations in the
magnitude of the predicted seismic responses result for the different
loading procedures despite the fact that they are based on ostensibly
common assumptions. Responses for the dynamic analysis procedures
(Newmark and ATC) are based on analytical models whose period values
compare closely with the experimental test results. Responses for the
equivalent static analysis procedures (UBC and ATC) are based on two
periods, namely, the analytically derived values (same as in the
dynamic analysis) and the codebook empirical formulae values. As can
be seen from the figures, differences that occur between the

analytical and codebook period values can lead to wide variations in
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magnitude of response using the equivalent static methods (see section
3.7.6).

Putting aside the changes in equivalent static responses caused
by use of codebook empirical period estimates, a general comparison of
the results from the different seismic loading procedures can be made
by comparing total base shears based on analytical period values only.
In Table 3.7.6, base shear ratios resulting from the different
analytical procedures are shown with respect to results of Newmark
spectrum dynamic analysis of each building. Here, models that give
analytical periods corresponding to the experimental results have been
used for the response calculations of each building. The following
observations can be made from examination of this table:

(1) The results from UBC and ATC equivalent static agproaches
give comparable base shear magnitudes for the buildings
studied. As can be seen from the table, UBC leads to larger
base shears than ATC for the longer period buildings (i.e.,
Transamerica, Ranier Tower and Century City) but gives
slightly smaller values for the shorter period buildings
(Alcoa E-W, Alcoa N-S, and U.C. Medical Center). These
results reflect the differences in the UBC and ATC response
spectrum curves where, as can be seen from Figure 3.l.1, the
UBC spectrum has higher amplitudes than ATC in the longer
period range and lower amplitudes in the shorter period
range. The largest difference between the two equivalent
static base shears occurs in the Century City building where
Ehfé?BC value is 19% greater than the ATC value (2.34/1.97 =

(2) Another important observation is the large differences that
occur between the ATC equivalent static and ATC dynamic
results. Despite the fact that both ATC analyses are based
on the same fundamental period and response spectrum curve,
the dynamic approach leads to substantially lesser base shear

uantities for all of the buildings. Two aspects of seismic
orce determination common to both ATC equivalent static and
dynamic analyses procedures are, firstly, that the
contribution of a given mode to total base shear can be
represented as the effective modal mass of the particular
mode times the spectral aﬁflitude corresponding to the mode's
natural period and, secondly, that the sum of the effective
masses of all modes should equal the total mass of the
building (as shown in Clough(l1l)). However, in the
equivalent static approach, only the fundamental mode is used
in the analyses and its corresponding effective modal mass is
implicitly assumed to be equal to the total mass of the
building whereas, in dynamic analyses, the true effective
modal mass of the fundamental mode typically is only 60% to
75% of the total mass. Thus, since the fundamental mode
generally dominates base shear response, ATC dynamic analysis
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leads to base shear responses that are less than the
equivalent static values as is observed in Table 3.7.6. For
the buildings studied, the base shears calculated in
accordance with the ATC dynamic analysis method ranged from
59% (for Ranier Tower, 1.62/2.76 = .59) to 80% (for the U.C.
Medical Center, 1.00/1.25 = .80) of the base shears
calculated using the ATC equivalent static method. These
results put in question the prudence of the ATC
recommendation of using the same reponse spectrum curve for
both single mode equivalent static analysis and multiple mode
dynamic analysis.

(3) A third important observation is the fact that the dynamic
analyses using the Newmark spectrum (scaled to .067g for the
Alcoa building and .05g for the others) yield the lowest
values for base shear for all of the buildings studied as
seen in Table 3.7.6. This result is due to the fact that
Newmark specifies a relatively rapid descent of spectruy
amplitude with increasing period in proportion to 1/T or 1/T
in longer period ranges whereas UBC an€7ATC specify slower
descents in proportion to 1/T*° and 1/T°°’, respectively. The
UBC and ATC recommend conservatively high estimates of
spectral amplitude in the longer period range whereas the
Newmark spectrum gives lower values and is more in accordance
with observed earthquake ground motions. In this regard, the
ATC commentary states that the “elastic acceleration response
spectrum for earthquake metions has a descending branch for
longer values of T ...and it varies roughly as 1/T. However,
because of a number of reasons associated with structural
behavior of long-period buildings, it was decided that
ordinates of design spectra should not decrease as rapidly
with T; hence, the period T appears to the two-thirds power.”
Thus, both the UBC and ATC equivalent static and ATC dynamic
results reflect this conservatism for the multistory
buildings studied.

In addition to being subjected to the four lcading procedures
mentioned above, analytical models of each building were also subject
to both the Taft and El Centro response spectra (with 5% of critical
damping) as described in section 3.1.2 (step 6). Results of these
analyses are shown in Figures 3.2.29-30, 3.3.19, 3.4.,17, 3.5.16, and
3.6.21. In these figures, the forces induced (assuming linear elastic
behavior) by the Taft and El Centro spectra are compared to UBC forces
factored by 1.278 to approximate the minimum level of forces that
could initjate yielding (elastic limit level) in the buildings. If
available, the engineer's original UBC seismic forces applied in the
actual design were used. For each building, one of the models
analyzed is composed of the primary lateral force resisting system

including secondary structural modeling aspects, if any, contributing
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directly to the stiffness of the primary system (e.g. rigid joint
zones). For this model, secondary aspects that are nonstructural or
are not part of the primary system are not included. In Table 3.7.7,
the ratios of the base shears resulting from Taft and E1 Centro are
shown with respect to the factored UBC base shear. As can be seen
from the table, the Taft earthquake induces base shears ranging from
0.83 to 1.86 times the UBC elastic limit forces. These results
indicate that if all the buildings were designed to resgist only the
minimum seismic force levels as specified by the UBC, only the U.C.
Medical Center {(ratio of 1.86) would suffer severe overstress while
the other buildings' responses would be primarily elastic. This
result is somewhat reassuring considering the fact that the Taft
record represents a 7.6 magnitude earthquake with a source distance of
56 km and a peak ground acceleration of 0.17g. The El Centro record
(6.6 magnitude, 8 km source distance, 0.34g peak ground acceleration)
represents a more intense ground motion than Taft and gives base
shears that are 1.52 to 3.36 times the UBC elastic limit levels for
the buildings studied as shown in Table 3.7.7. Although these values
indicate the potential for substantial inelastic response in a major
earthquake event they are much smaller than the comparable spectrum
reduction factors of 6 to 8 (for the buildings studied) that would be
applied to the elastic design spectrum (0.4g effective peak

acceleration) recommended by ATC for elastic limit design.

SUMMARY: Although equivalent static load procedures recommended by
UBC and ATC would appear to require design for only a relatively low
level of seismic forces compared to those that could be induced by a
major earthquake,'many conservatisms are built in to these procedures
for the design of multistory buildings. These conservatisms result
from factors such as: fundamental period underestimation, mass
overestimation, response spectrum amplitude overestimation in longer

period ranges, fundamental mode effective mass overestimation, and
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resistance pf secondary structural or nonstructural systems. Thus,

multistory buildings designed according to equivalent static

procedures may often rely less on inelastic response and ductile

behavior in resisting a major earthquake than may be inferred from

codebook criteria.

3.7.8 Comparative Seismic Response Distributions for Dynamic and
Code Equivalent Static Loading Procedures

In section 3.7.7, relative magnitudes of responses using dynamic
and equivalent static loading procedures are compared. In this
section, the distribution of response o¢ver the heights of the
buildings are contrasted for the different loading procedures used.
In Figures 3.2.25-28 ,3.3.15-16, 3.4.17-18, 3.5.14-15, and 3.6.19-20,
the distribution of shear, overturning, deflection and drift responses
normalized to base shear are shown for the buildings studied.

From a review of these figures, it can be seen that dynamic
analyses using the Newmark and ATC response spectra generally lead to
similar distributions of responses over the heights of the buildings.
The differences that occur between the dynamic responses using these
two spectra result from the greater relative amplitudes of the higher
modes in the Newmark results causing higher relative shears near the
tops of the buildings and lower relative shears around midheight
compared to the ATC distributions. The difference in shear
distributions are generally not substantial at most levels of the
buildings but can become more pronounced in the upper few stories.
The longer the building's natural periods, the greater these
differences become. The greatest differences in distribution of
response predicted by these two spectra are seen in the Rainer Tower
results. However, the large separation of the fundamental periods of
the steel superstructure and the concrete base leads to larger than
typical differences in relative spectral amplitude of the significant

modes and causes large variations between the Newmark and ATC response
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distributions.

Despite the differences in response distribution that may occur
from dynamic analysis using different smoothed spectra (such as
Newmark vs. ATC}, larger distribution discrepancies are noted when
these dynamically produced distributions are compared with response
distributions resulting from UBC and ATC equivalent static analysis
procedures. The most o¢bvious discrepancy between dynamic and
equivalent static results is seen in the Rainer Tower story shear
distributions (Figure 3.5.14(a)). In this building, severe stiffness
and mass discontinuities occurring at the interface of the steel
superstructure and the concrete pedestal result in a sharp increase in
the distribution of story shear in levels below when dynamic analysis
is used. Whereas the mode shapes used in the dynamic analyses reflect
these discontinuities, the approximate fundamental mcdes used in
equivalent static analysis do not. 1In the ATC and UBC equivalent
static analyses, the use of grossly inaccurate fundamental mode
approximations cause a disproportionate part of the total intertial
forces to be applied to the steel superstructure leading to relative
story shears at the interface that are more than twice those indicated
by Newmark dynamic analysis. Both the UBC and ATC recommendations
warn against the use of standard equivalent static techniques for
analysis of buildings with significant discontinuities of stiffness or
mass;'and, the Ranier Tower example demonstrates the large errors that
may potentially result.

In addition to this gross discrepancy, other, more subtle
differences demonstrated in all ¢f the buildings are worth noting.
Comparison of the dynamic and equivalent static response distributions
indicates that both the UBC and ATC equivalent static force
distribution methods tend to overestimate relative story shears near
the midheights for all of the buildings studied. This results from
the fact that these methods do not directly account for the effects of
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higher modes which may contribute significantly to base shear response
but, insignificantly to midheight shear response. The ATC shear
distributions generally show larger variations from dynamic results
than do UBC. For example, near the midheight (22nd story) of the
Century City building, the ATC story shear (relative to base shear) is
25% higher than Newmark whereas the UBC story shear is 17% higher
(Figure 3.6.19(a)). The ATC distribution leads to greater
overestimations because of the nonlinear {(cantilever type) fundamental
mode shape that is assumed for taller buildings causing a greater
proportion of the lateral forces to be applied in the upper stories.
In addition to the midheight story shear overestimation, the UBC tends
to overestimate shears in the top stories as well. This is a result
of the special top load that is required by UBC to account for the
greater contribution of higher modes to response in the uppermost
portions of the structure. UBC equivalent static analysis leads to
overestimations of relative story shear at the tops of all the
buildings studied except the Transamerica building where the top load
has been omitted. These discrepancies between equivalent static and
dynamic shear force digtributions at the midheight and uppermost story
levels generally become larger for buildings having longer natural
periods due to the increasing importance of higher modes in overall
response.

Another difference in response distribution is noted in
overturning moment results. Equivalent static methods attempt to
represent peak shears that are induced over the height of a building
from multiple modal responses with a single force distribution rule
based on an assumed fundamental mode shape. As discussed in section
3.7.5, although higher modes may contribute significantly to shear
forces at the base of a building, they generally contribute negligibly
to base overturning. As a result, both the UBC and ATC equivalent

static methods lead to higher base overturning moments relative to
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base shear than do the dynamic analyses. The largest difference is
noted in the Alcoa E-W results where UBC static analysis leads to a
30% greater base overturning relative to base shear than does Newmark
dynamic analysis (Figure 3.2.26(a)). The ATC procedure, however,
allows for a reduction of its equivalent static overturning moment by
specifying a reduction factor of 0.7 to be applied at the lower
stories of taller buildings. This reduction factor is reflected in
the ATC equivalent static overturning responses presented for the
different buildings and leads to improved comparisons with dynamic
overturning distributions. For example, referring again to the Alcoa
E-W response, the ATC equivalent static base overturning relative to
base shear was only 7% greater than the Newmark result being a

significant improvement over the UBC 30% overestimate.

SUMMARY: The equivalent static response distributions differ notably
from dynamic response distributions in some respects. Compared to
dynamic analysis, the UBC equivalent static method leads to relative
overestimations of shear response in the midheight and upper story
regions and, also, to relative overestimations of overturning response
in the lower story regions of the buildings studied. The ATC
equivalent static method consistently overestimates shear response in
the midheight regions of the building but gives reasonably good
estimates of base overturning by allowing application of an
overturning reduction factor. In general, the differences noted above
tend to become amplified as natural periods increase ang,
consequently, will be larger for taller buildings. In section 4.3, a
method for approximate dynamic analysis is presented whereby potential
differences between equivalent static and dynamic response

distributions can be predicted at the preliminary design stage.
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Table 3.7.1: Ratios of Analytical and Codebook
Fundamental Periods with respect
to Experimental Periods

Fundamental Period Ratios

Analysis vs. Experimental Codebook vs. Experimental Analysis vs, Codebook

(1) (2) (3} (4} (5} T T (6) .
Building Tinitial’ Texp Teinal/ Texp Tuae/ Texp Tare/Texp Tinitia1/ Tusc initial/ TaTC
Alcoa E-W 1.10 0.96 0.76 .76 ' 1.45 1.46
Alcoa N-S 1.20 1.05 0.74 0.74 1.62 1.62
Transamerica 1.28 1.02 1.70 1.58 0.78 0.81
Rainer Tower 1.41 0.98 0.70 G.70 2.01 2.01
U.C. Med Center 1.36 1.01 1.27 1.54 1.07 0.88
Century City 1.51 1.05 1.23 1.12 1.23 1.35

Tim’tial is the fundamental analytical period resulting from the initial model of the

primary lateral force resisting system.

Teinal 18 the fundamental analytical period resulting from the final model of the
building including secondary modeling aspects.

TUBC is the fundamental period based on empirical UBC codebook formuiae.
TATC is the fundamental period based onh empirical ATC codebook formulae.

Texp is the fundamental period determined from experimental test resulis,

Table 3.7.2: Ratios of Fundamental Analytical
Periods to Higher Mode Periods

Modal Period Ratios
Building Tl/T2 Tl/‘T3 TI/T4
Alcoa E-W 3.03 5.37 7.71
" Alcoa N-S 2.89 5.07 6.97
Transamerica 1.82 2.78 3.45
Rainer Tower 2.74 4.80 . 6.78
U.C. Med. Center 2.86 4.94 7.13
Century City 2.92 5.11 7.29
Average* 2.89 5.06 7.18
Uniform Shear Beam 3.0 5.0 7.0

*Average period ratios excluding Transamerica

327




Table 3.7.3: Increases in Fundamental Mode Stiffness
due to Secondary Modeling Aspects

Stiffness increases with respect to the initial model
of the primary lateral force resisting system
o 12) () (#) {s)

(&)

Non-Structural
Rigid 3-D Frame S1ab-Girder Core Infill
Building Joint Zone Modeling Interaction Fr"arningl Block Walls TOTAL
Aicoa E-W - 16% -~ 192 11% 46%
Alcoa N-S -- 5 -- 13 24 42
Transamerica 17 0 28% - -- 45
U.C. Med. Center 66 0 - 37 -- 103
Rainer Tower 2 26 32 - 25 -- 83
Century City 85 11 11 2 -- 109

1 i s
modeling incliudes rigid joint zone and slab-girder interaction effects in the core frame

2 . : .
for Rainer quer results differ from those shown in Table 3.5.3 because,
here, slab-girder interaction is accounted for in model of primary
lateral system

Table 3.7.4: Variation in Design Quantities due to
Secondary Modeling Aspects (based on
dynamic analysis using Newmark spectrum)

Response increases with respect to the initial
model of primary lateral force resisting system
Base
Building Base Shear Overturning Moment Roof Deflection
Alcoa E-W +20% +18% -15%
Alcoa N-S +16 +13 -12
Transamerica +27 +28 -7
U.C. Med. Center +42 +50 -27
Rainer Towerl’2 +36 +84 - b
Century City Al +87 +112 -1

1for Rainer Tower results differ from those shown in Table 3.5.4 because,
here, slab-girder interaction js accounted for in model of primary
Tateral system

2base shear and overturning values refer to the base of the steel tower
at the top of the concrete pedestal.
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Table 3.7.5:

Modal Contributions to Base Shear

(based on dynamic analysis using Newmark spectrum)

Analytical Modal Contribution Ratios for Base Shear

Fundamental Total
Building Period (sec) Hetght (ft) Mode 1 Mode 2 Mode 3 Made 4 Higher Modes | Total
Alcoa E-W 2.00 378 .58 .35 .06 .0t .00 1.00
Alcoa N-S 1.68 378 .74 .23 .03 .00 00 1.00
Transamerica 3.00 845 .59 .28 .09 .03 .01 1.00
U.C. Med. Center 1.13 195 .89 .10 .01 .00 .00 1.00
Rainer Tawer 4.35 551 .07 .04 .0 .0 .87 1.00
Century City 3.94 576 .68 .19 .08 .04 01 1.00

Table 3.7.6:

Ratios of Base Shears Resulting from

Different Seismic Loading Approaches

Analytical Base Shear Ratios wrt. Newmark Spectrum Analysis
Fundamental Total
period He' . . .
Building (‘;;“:) ?}2')“' Dynanmic Equivalent Static
Newnark ATC ATC 1:19
Alcoa E-W 2.00 378 1.00 1.07 1.38 1,32
Alcoa N-S 1.68 378 1.00 1.07 1.34 1.28
Transamerica 3.00 B45 1.00 1.29 2.14 2.44
U.C. Med. Center 1.13 195 1.00 1.00 1.25 L.22
Rainer Tower! 4,35 551 1.00 1.62 3,12 3.53
Century City 3.94 576 1.00 1.56 1,97 2.34

Yeor Rainer Tower, values refer to base of steel superstructure at top of concrete pedestal.
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Table 3.7.7: Ratios of Base Shears Resulting from Actual

Earthquake Spectra to UBC Elastic Limit Values

. Base Shear Ratios wrt. UBC Base Shear

-

Building Hodel | ypet Taft EY Centro
Alcoa £-W 2 1.00 1.06 2.63
Alcoa N-S 2 1.00 1.23 2.35
Transamerica 2 1.00 .94 1.80
U,C. Medical Center 3 1.00 1.86 3.36
Rainer Tower2 6 1.00 1.05 1.52
Century City 4 1.00 0.83 1.56

I S S

3

UBC values are factored by 1.278 to reflect elastic limit force levels.

2For the Rajner Tower, values refer to base of the steel superstructure

at top of concrete pedestal
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CHAPTER 4
SELECTED TOPICS RELATING TO ANALYTICAL
PROCEDURES FOR EARTHQUAKE RESPONSE
OF MULTISTORY BUILDINGS

In this chapter, three selected topics involving special
analytical procedures for the seismic analysis of multistory buildings
are presented. These topics are: (1) a method for accounting for the
P- 2 effect in seismic analysis of buildings; (2) an investigation of
comparative performances of different modal combination rules used in
response spectrum analysis; and (3) a method for performing
approximate dynamic analysis at the preliminary design stage. In the
discussions that follow, sample analyses have been performed on one
of the study buildings for each of the topics to demonstrate the
analytical techniques and their potential influence on analytical
results.

In order to investigate the topics discussed in this chapter,
several modifications to the ETABS (49) program were required to
extend its analytical capabilities. The new analytical features are
incorporated in a modified version of the ETABS program {(23) which
has been made available for public distribution through the National

Information Service for Earthguake Engineering (NISEE).

Preceding page blank
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4.1 ANALYSIS FOR P-A EFFECTS IN SEISMIC RESPONSE OF BUILDINGS
4.1.1 Introduction

Buildings are typically designed to resist two types of applied
forces: stationary vertical (gravity) forces originating from dead
weight, occupancy and equipment loads; and, transient lateral forces
caused by earthquake or wind locading. These applied forces induce net
vertical forces, horizontal shear forces, overturning moments and
torsional moments which must be resisted at each story of the
building. The vertical force and horizontal shear force acting at a
given story are equivalent to the summations of the respective
vertical and lateral loads applied above that story. The overturning
and torsional moments acting at a given story have two contributing
compenents: (1) primary moments resulting from the applied lateral and
vertical loads acting over their respective lever arms measured from
the points of application in the undeformed building configuration;
and, (2) second-order moments caused by the vertical loads acting over
their respective incremental lever arms resulting from the lateral
deflection of the building. This latter second-order contribution to
the overturning and torsional moments is commonly referred to as the
P-4 effect.

Current building codes(20) do not give specific recommendations
for evaluating P-A effects in seismic analysis. However, in order to
limit the influence of P-A effects, codes do specify design criteria
for maximum allowable interstory drifts. Generally, P-4 effects in
low rise buildings are negligible since the total lateral deflections
are kept relatively small by the story drift limitation. However, in
taller mid-rise and high-rise buildings, where lateral deflections may
be wmuch larger, the maximium drift requirement does not ensure that
the P-A effects will be negligibly small. For this reason, the
proposed Applied Technology Council (ATC) recommendations (5) for
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seismic design of buildings require a P-4 check as a standard part of
earthquake response analysis.

A study of an analytical approach which accountsfor the P-4
effects in buildings is described herein., The objectives are: (1)
to illustrate how the P-A forces enter into the static and dYnamic
equations of equilibrium; (2) to present a consistent formulation of
the P-p effect applicable for elastic seismic analyses of buildings;
(3) to investigate :an approximate approach to account for amplified
P-p effects resulting from inelastic deformation levels; and (4) to
demonstrate the application of P-A analysis in performing seismic
response analysis of an actual building. In the discussion that
follows, a matrix formulationfor the linear solution of the P-4
effect resulting from lateral deflection and torsional rotation
response of buildings is presented. This formulation may be applied
to reflect procedures suggested by ATC(5) in which P-A effects are
calculated based on elastic limit deformation levels. The formulation
also allows the ability to account for amplified P-4 effects that may
result from inelastic deformation levels caused by a major earthguake
event as has also been suggested (13). The overall influences of P-4
effects on results of static and dynami¢ analyses using these
approaches are discussed. The formulation presented has been
implemented in a computer program and results of sample analyses of a

31 story moment resisting frame building are reviewed.

4.1.2 Linear Analysis Approach

A common misconception among engineers is the belief that
solution of the elastic P-A problem requires a nonlinear, large
deflection analysis procedure. Theoretical solutions of the P-4
phenomenon for simple beam columns based on the governing differential
eguations show that lateral deflections will vary linearly with
applied lateral loads given unchanging axial load magnitude (44}, In

practical seismic analysis of buildings, the total vertical (gravity)
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loads are calculated from dead weight estimates and are generally
assumed to remain constant during earthquake excitation (i.e.,vertical
inertial loads resulting from vertical ground motions are not usually
explicitly accounted for). The induced lateral inertial loads and
resulting‘deflections are the quantities that must be determined for
design. By analogy of these loading conditions with simple beam
column problems, it can be seen that use of a linear solution
technique to account for P-A effects in buildings is consistent with
theory. However, in commonly used hand calculation procedures for
determining P-4 effects (12), the engineer performs an iterative
solution procedure to solve a linear problem thereby avoiding the task
of directly formulating and solving the governing simultaneous
equations of equilibrium. In computer-aided analysis, direct solution
of the simultaneous equations is easily carried out with no iteration.

In state-of-the-art computer programs used for linear elastic
analysis of buildings, lateral seismic response is most efficiently
calculated based on & reduced matrix formulation including only the
lateral stiffness properties of the structure (49)., Element-level
non-lateral degrees of freedom may be condensed out by a forward
reduction process and lateral degrees-of-freedom can be transformed to
a single node per story by assuming in-plane rigidity of the floor
diaphragm. This approach leads to the construction of a lateral
stiffness matrix possessing only one (for planar frames) or three (for
space frames) degrees-of-freedom per floor. P-aA effects can be
introduced into the linear matrix formulation at the element level
before condensation to the lateral stiffness matrix by use of member
geometric stiffness matrices (also called stability coefficient or
initial stress stiffness matrices) (11,19,30). In this approach, the
contribution of both interstory drifts and local column curvatures can
be accounted for in the magnification of forces and deflections.

However, the influence of the local column curvatures is generally

337



much smaller than that of the interstory drifts in producing second-
order forces in buildings. If the influence of the column curvatures
is considered to be negligible as is assumed in common hand methods
{(12), the P-p effect can be accurately accounted for after
condensation to the lateral stiffness matrix. A description of this
procedure for static and dynamic analysis is given below.
Static Analysis

In Fiqure 4.1.1, the P-A effect is illustrated for a planar
multistory building frame subjected to static lateral loading. If P-4
effects are ignored, the deflections can be solved for by the direct

stiffness matrix method as follows:
‘ -1

R = K r 3 r = K" R (4.1.1)
where N o

K = elastic lateral stiffness matrix (n x n)

R = applied static lateral forces (n x 1)

r = lateral deflections (n x 1}
and n = the number of lateral displacement degrees of

freedom .

As shown in Figure 4.1.1(a), if P-4 effects are to be included in
the analysis, an additional second-order overturning moment (M;) must
be applied at each story (i) equal to the accumulated gravity forces
(2=,Pj) times the interstory drift (r; - r. ,).  These second-order
oéggturning moments can be introduced by applying eguivalent lateral
force couples acting over each story. The equivalent lateral forces
(Fi) for each story are equal to the P-A story overturning moment (Mi)
divided by the story height (h;) as shown in Figure 4.1.1(b). Thus,
in the formulation of the problem accounting for P-A moments, a
ficticious lateral force set, E, must be added to the applied lateral

loads and Equation 4.l1.1 now becomes

R+F=Kr {4.1.2)
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where F = equivalent lateral force vector resulting from

the P-4 effect (n x 1)

n
1]

and Fi= Mi/hi:(j

ne >3

in)(ri 'ri-l) /h;

Noting that the equivalent lateral forces, F;, vary linearly with

interstory drift, F can be represented by the matrix product:

= {(4.1.3)
F=Kgr
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* *
Pylhy + Parhy 'yz/“z Z

* - - 1
Pty Pty ¢ Py/hy
L =

ang

* 3=1 ’
Note that Pi can also be represented in terms of story masses, mjr
and gravitational acceleration, g, giving
n

* *
Py = my)eg=my g
=i
As can be seen, K; is a sparse tridiagonal n x n dimensioned matrix whose
coefficientsl, in general terms, are as follows for the ith story:

* *
Kg (1530 = Py/hy + Pipy/biy

*
Ke (1,i-1) = Ko (i-1,1) = - Py/h;

G

KG(i,k) = KG(k,i) = 0 where k<i-1 .,

Equation 2 can now be rewritten as:

R+kr=kKr

Inote that for notational convenience, the matrix rows and columns are
indexed according to story number as shown in Equation 4.1l.4 from
bottom to top and right to left (i.e., the diagonal coefficient
corresponding to the first story, K;(1,1), is located at the bottom
right corner of the matrix).
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or

1 (4.1.5)

R=[K-KIr 5 r=[K-kl
Thus, the P-A problem can be formulated and solved as a linear system
whereby the elastic stiffness matrix, K, is modified by a matrix, Egr
which accounts for second order overturning moments caused by the
interaction of the gravity loads with lateral displacements. The Kg
matrix may be termed the "lateral geometric stiffness matrix." 1In the
solution of Equation 4.1.5, the lateral stiffness is decreased with
the inclusion of K; and the resulting lateral displacements are
increased. These increased displacements are used in the
backsubstitution phase and will accordingly lead to increased local
element deformations and corresponding member forces which will be in
static equilibrium with the story overturning moments resulting from
the applied lateral loads, R, plus the lateral P-4 forces, F, as
shown in Equation 4.1.2. It should be noted that the lateral P-2
forces are ficticious lateral forces which have been introduced to
approximate the second-order overturning moments. Despite the
cancelation of these forces over the height of the building, an
artificial residual lateral force equal to Fy will remain at each
story, i, causing increased horizontal shear forces. Although not a
true lateral load, this residual force represents an increase in story
shear force acting normal to the deflected configuration of the
building caused by the story vertical load. These increased

story shears are generally considered appropriate for design (33).

Dynamic Analysis
With P-A effects included, the matrix equation of dynamic
equilibrium is:
mi(t)+gi(t)+53(t)=f_(t)-M;Fg(t) (4.1.6)
where M, and K are the mass, damping, and lateral elastic stiffness

matrices, respectively, where Fg(t) is the ground acceleration at
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time "t" due to the earthquake excitation and 1l is a column vector (n
x 1) of ones, and where F is the equivalent lateral force vector
introduced by P-2 . Substituting Egquation 4.1.3 into 4.1.6 we have
Hr(+Cr () +Kkr (t) =kr (6)-M1F (8)
or
Mr{t) +¢Cr (t)+ [K - K1 r (t) =‘-M1Fg (t) (4.1.7)
This equation can be transformed to normal coordinates in the same
manner as if the P-4 effect were not included. For the solution of
mode shapes and frequencies which are used in the transformation to

the uncoupled modal equations, the eigenproblem becomes

2 -
[(K-Kg-wiMog;=0 (4.1.8)
where w; = i mode natural frequency
b5 = ith mode shape (n x 1)

Since modifying K by K. effectively reduces the lateral stiffness, the
resulting frequencies will be lower and the mode shapes will be
slightly different than if the P-A effects are ignored., These lower
frequencies and corresponding modes represent the actual free
vibration responses that would be observed if the P-4 influence is
present as noted by Newmark, et al. (28).

Based on the dynamic properties resulting from Equation 4.1.8, a
standard response spectrum analysis can be performed to evaluate the
maximum modal displacements which can be backsubstituted to evaluate
maximum modal member forces. These modal member forces can then be
'combined using an appropriate modal combination rule to approximate
peak member force quantities which now will include forces
contributions from the P-o effect. It is possible to calculate the
peak modal story shear and overturning forces that will be in
equilibrium with the peak modal member forces at each level. The

usual matrix operations used for calculation of these peak story
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forces must be modified to account for P-A . The peak modal story
forces for the ith mode are calculated based on the lateral force

vectors, f;, given by the expression:

Ly Say
M. i
i
where L. = gz M 1 = participation factor for mode i

* T _ .
My = 93 M ¢y = modal mass for mode i

and

Sai = spectral acceleration amplitude for mode i

From Eguation 4.1.8, it can be seen that
Kgg= wi Moy + Kg ¢4 (4.1.10)
Substituting Equation 4.1.10 into 4.1.9, the modal lateral force

vectors including P- A effects are of the form:

R | Li Sai
B2 (og Moy + K5 99) — o
- M_i i
L. L,
- 1 K. ¢. i
M_i 1 Mi

The second term of this equation can also be represented in terms of

spectral displacements, Sd, giving

L, L.
- i _
£, = M ¢, o Sa; * K ¢y v Sd; (4.1.11)
i i
where !

Sa.
Sd, i
i®—

1
Thus, the first term in Eguation 4.1.1) represents the modal lateral
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inertial force contribution being proportional to spectral
accelerations, Sa, and the second term represents modal P-A force
contributions being proportional to spectral displacements, Sd. As in
the case of static analysis, the internal resisting story shear forces
will reflect the application of ficticious lateral forces which
account for the P-A overturning moments. Total peak story responses
can be estimated by operating on the peak modal responses with an

appropriate modal combination rule.

4.1.3 Torsional P-4 Effect

Torsional earthquake response may result in a building if
structural and/or mass eccentricity is present or from torsional
ground motion components. If these conditions cause torsional
response to be a significant aspect of behavior, a three dimensional
analysis should be performed where three (two translational and one
torsional) degrees-of-freedom are assigned at each story level. The
lateral geometric stiffness matrix, Kg, must be formulated to reflect
P-A effects for each of these three degrees of freedom. The Kg
coefficients for lateral translational P-A effects are identical in
each of the two translational directions and are formulated as shown
in the preceding discussion. To develop the formulation for lateral
torsional P-A effects, a separate idealization must be used.

The torsional P-A effect has been previously discussed by
Rosenblueth (33) and is illustrated in Figure 4.1.2 for a single story
building. As the rigid floor diaphragm is rotated through an angle,$,
each column undergoes a translational displacement as shown in Figure
4,1.2(a). This translation introduces a local P-A effect in each
column where the second order moment can be represented by an
equivalent lateral force couple as shown in Figure 4.1.2(b). The
equivalent lateral forces, F;,for column i are

P1;

AR Tl a
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where

p; = vertical force carried by column i

di = distance of column i from the center of rotation
h = story height

& = an imposed torsional rotational displacement

The cumulative effect of the equivalent lateral force couples at each
column introduces a second order story torque as shown in Figure
4.1.2(c) represented by

T=z(Fd) =1 (p¢?) - __%_ (4.1.12)
where the summations are over the total number of columns. Equation
4.1.12 may also be represented by

PD2

T = 35— ¢ (4.1.13)
2 F3
where E (py dy )
P

e ]
"

the radius of %yration of column forces about the
floor center of rotation

]

and P the total vertical force carried at a given story

P = ZIp.

; over all columns.

For a given building, the value of D can be estimated from
inspection of the plan configuration of the vertical force resisting
elements (e.g. columns) and knowledge of the approximate distribution
of vertical loads to these elements. This formulation is consistent
with that suggested by Rosenblueth (33).

If the structural system of a building provides roughly uniform
vertical support over the plan area of the floor (e.g., regularly

spaced columns over the floor area) and dead loads are evenly
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distributed over the floor area, the radius of gyration of the column
forces may be assumed to be approximately eqgual to the radius of

gyration of the floor mass; that is,

D = (m / m = (my - g/ P)? (4.1.14)
where mp = the rotational mass moment of inertia of the
floor

and m = P/g = the total mass of the floor.

Using this assumption, Equation 4.1.14 can be substituted into 4.1.13

giving

T=— (4.1.15)

In general, the use of Equation 4.1.15 will give an adequate
representation of torsional P-A effects without having to calculate D
from the individual column forces. FKowever, in cases where the
assumption of uniform vertical load resistance distribution is not
adequate (e.g., @ building with peripheral columns supporting the
entire vertical load), the more precise Equation 4.1.13 can be used,
Thus, for three dimensional response including torsional effects, the
K matrix (dimension 3 x 3 corresponding to the X~translational, Y-
translational, and torsional rotational degrees of freedom

respectively) for the single story building in Figure 4.l1.3 becomes

gc
i

e
=3
o

=ta

wherein the gravity loads are represented in terms of mass and
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gravitational acceleration.

For a multistory building, the torsional geometric stiffness
matrix containing torsional rotational dégrees of freedom only is of
the same form as translational geometric stiffness matrix as shown in

Eguation 4.1.4 with T;'being substituted for P;

2
1_(Pj Dj)

where

—
LI
o=

3

or based on Equation 4.1.15,

A full three- dimensional geometric matrix (dimension 3n x 3n) is
constructed by appropriate insertion of terms from the x and y
translational E; matrices and from the torsional Kz matrix (all of
dimension n x n). In this form, the geometric stiffness matrix can
now be used for static and dynamic analysis (as previously described)
to evaluate three dimensional P-A influences including torsional

effects.

4.1.4 Application of P-A Analysis in Design

In geographic areas of high seismicity, multistory buildings are
not generally designed to respond elastically to a maximum credible
level of earthquake excitation. Despite the potential for inelastic
behavior, member design is typically based on force levels
corresponding to a more moderate earthquake and classical linear
elastic analysis procedures are used to determine the distribution of
forces to the resisting elements. 1In order to protect against

collapse, building codes incorporate special provisions to insure that
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substantial capacity for ductile response is provided in the design.
In a major earthquake event, induced inertial forces will be
effectively limited as yielding occurs and stiffness degrades but,
correéponding lateral deflections may be several times larger than
displacementscorresponding to incipient yielding. Since the P-A
forces increase linearly with deflection, they are not subject to the
same type of limitation as the inertial forces., Tests on the ultimate
strength of frames subjected to increasing monotonic lateral loading
have shown that the P-A effect is critical in initiating structural
instability and pursuant collapse (6,16). However, nonlinear
analytical studies on frames subjected to transient earthquake loading
have produced conflicting indications regarding the possible
significance of P-~A effects on inelastic dynamic stability (17,21).
Currently, this aspect of structural behavior is not well understood
and further research is needed to establish appropriate guidelines for
aseismic design.

Current building codés (20) implicitly rely on drift limitations
to protect against P~ A instability. Alternative provisions
recommended by the Applied Technology Council (5) require explicit
treatmen£ of P-A effects whereby secondary forces are calculated based
on elastic limit lateral deflection levels. The ATC recommended
analysis procedure corresponds to Equation 4.1.2 where applied lateral
forces ( R ) and P-A forces ( E ) are determined based on the same
elastic limit displacement level ( r ). However, uncertainty remains
as to whether this procedure will lead to an adquately conservative
design; and, it has been suggested that a deflection amplification
factor corresponding to expected inelastic displacement levels be
applied to the ATC elastic limit deflections for the calculation of P-A.
forces (13).

Current ATC recommendations specify a deflection amplification

factor, Cqs to be applied to elastic limit drifts for approximate
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calculation of extreme inelastic drifts. Recommended Cd values vary
from 1.25 to 6.5 depending upon the ductility of the structural system
and the materials used in construction. If the amplified deflections
used for the ATC drift criteria are also used for calculation of the

P-4 forces, the corresponding equivalent lateral force vector becomes

Fo= Rgry, = CyKer (4.1.16)
where r.= amplified displacements for inelastic response
ro =04

With substitution of Equation 4.1.16 into Equations 4.1.2 and 4.1.6,

the revised matrix formulations become

B_+Cd EG£=JSI_ (4.1.17)

for static analysis, and

ME (8) CF(8) +Kr (t) =CyuKor (t) -M1F (t) (4.1.18)

9

for dynamic analysis. These equations can be solved in the same way
as previously described but, now, a factored lateral geometric
stiffness matrix (chG) is used to represent the amplified P-p forces
resulting from expected inelastic displacements. Of course, these
formulations do not rigorously represent the complex inelastic problem
but, do provide a means for producing increased P~A forces for design
purposes corresponding to inelastic displacement levels. Because the
problem of inelastic dynamic stability is not well understood,
choosing an appropriate value of Ca for use in designh applications is
a matter of conjecture. Significant variations in analytical response
can result from the use of different Cq values as is shown in the

results of the sample analyses that follow.
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4.1.5 Results of Example Analyses

The matrix formulation for the P-A effect as described in the
preceding discussion has been implemented in a modified version of the
the ETABS computer program (23). In order to produce representative
results that may be expected in actual design situations, a model of
an existing modern high-rise building has been analyzed. The building
used for this example analyses is the Rainier Tower building located
in Seattle, Washington. This building features a novel architectural
design in which a 31 story, 393 foot tall office tower constructed in
steel is supported by a tapered 12 story, 121 foot tall reinforced
concrete pedestal base. A detailed three-dimensiocnal analytical model
of this structure has been previously developed (see section 3.5)
whose dynamic properties correlate closely with experimental results
observed in a small amplitude forced vibration study of the building
(40), Both experimental and analytical results showed that the
pedestal base has negligible influence on the response of the steel
moment frame tower above due to the pedestal's large relative
stiffness. Therefore, only the steel tower is modeled for this
analyses with the assumption that a condition of full fixity exists at
its base at the top of the pedestal. A schematic of the analytical
model is shown in Figure 4.1.3. Typical story heights are 12 feet
but, the 1st and 13th stories are 15 feet in height and the 29th,30th
and 31st story heights range from 15 to 19.5 feet. The average dead
weight per floor used in the analyses is 1980 kips which is about a
105 psf floor loadand does not include code required 20 psf
partition loads.

Both equivalent static and dynamic seismic (response spectrum)
analyses have been performed in accordance with ATC recommendations.

The ATC acceleration response spectrum is represented by

s JL2AS o5 ma
9 p13
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where Av is the effective peak velocity related acceleration; Aa is
the effective peak acceleration; R is the response modification
factor; S is the seismic soil coefficient; and, T is natural period.
Analyses were performed assuming a spectrum corresponding to areas of
highest seismicity where Av = 0.4 and Aa = 0.4. A value of S = 1.2
was assumed and R =8 was used as is specified for moment resisting
frame construction. The resulting strength level design spectrum is
shown in Figure 4.l.4. The ATC recommended Cy values for inelastic
drift calculation is 5.5. In order to compare the influence of
different Cy values on analytical response quantities, P-4 effects
were incorporated into the analyses using C4q factors equal to 0.0 (P-4
ignored), 1.0 (P-A forces based on elastic limit deflection levels),
3.0 (P~ A forces based on intermediate inelastic deflection levels)
and 5.5 (P-A forces based on extreme inelastic deflection levels).
The static and dynamic analyses performed using Cq = 1.0 and C5 = 0.0
are consistent with ATC recommendations for seismic analysis with and
without consideration of P-A effects, respectively.
Static Analysis

The fundamental analytical period of 4.67 seconds was used to
calculate static seismic loads according to ATC provisions. Story
deflections, shears and overturning moments resulting from the static
analyses are shown in Figures 4.1.5, 4.1.6, and 4.1.7, respectively,
and cérresponding values are tabluated for selected story levels in
Table 4.1.1 (note that ATC allowed overturning moment reduction for
static analysis is not reflected in these results). These results
show that inclusion of P-A effects lead to increases in the design
quantities at all levels of the building for static analysis. With P-4
ignored (C4 = 0.0), roof deflection is 11.9 in. and base shear and
overturning are 1583k and 5769 x 103 in-k, respectively. When P-4
forces are calculated based on elastic displacements using Cq = 1.0,

increases over the Cd = 0 case of 6.6%, 5.1% an 6.7% are observed in
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roof deflection, base shear and base overturning, respectively (Table
4.1.1). For intermediate inelastic displacement levels (C3=3.0)
increases of 22.9%, 17.1% and 23.9% are noted. P-A increases based on
extreme inelastic¢ displacement levels (Cd=5.5) are 52.5%, 37.5% and
55.2% for roof deflection, base shear and base overturning,
respectively. At amplified displacement levels (C3 = 3.0 and C4 =
5.5), irregularities in the story shear envelope result in the 14th
story and in the 1lst and 2nd stbry where significant dips in shear are
noted. This effect results from the fact that the drifts in these
stories are relatively smaller than those in adjacent stories due to
larger column sections provided at these levels to compensate for
greater than usual story heights of adjacent stories. The smaller
drifts lead to smaller equivalent lateral P-~A forces being applied and

result in smaller relative story shears at these stories.

Dynamic Analyses

In Table 4.1.2, variations in natural translational periods and
corresponding spectral amplitudes that result from the different C4
values are shown. Longer periods that result from increasing Ca
values lead to decreased spectral amplitude. This effect tends to
partially offset P-A magnifications in each mode. It should be noted
from Table 4.1.2 that the first translational period is increased the
most by P-A since overturning contributes more to the response of this
mode than to tt;e higher modes. This mode contributes most heavily to
P-A magnification. Also, shown in Table 4.1.2 are the torsional
periods for different C4 values. These periods show a smaller
variation than the translation periods indicating a lesser influence
of P-A oOn torsional response. Story deflections, shears and
overturning moments from dynamic analyses are shown in Figures 4.1.8,
4.1.9, and 4.1.10, respectively, and corresponding values are

tablulated in Table 4.1.3. These response quantities are calculated
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based on the square root of the sum of the squares (SRSS) modal
combination rule. With P~A ignored (Cq = 0.0}, roof deflection is 7.7
inches and base shear and overturning are 1181k and 3831 x 103 in-k,
respectively. For C4 = 3.0, increases of 13.4%, 8.2% and 14.3% are
noted and, for C3 = 5.5, increases of 33.9%, 20.2% and 36.2% result.
As in static analysis, dips in the shear envelopes are noted (Figure
4.1.9).

In contrast to the static analysis, decreases in story shear and
overturning in the upper few stories result for Cd>0.0 since P-4
effects are small near the top of the structure and the effect of
decreased spectral amplitude controls. At the roof level, decreases
in story shear and overturning of 1.3% result for Cgq = 1.0 and

decreases of 6.3% result for Cd = 5.5.

4.1.6 Summary and Conclusions

A matrix formulation to account for P-A effects in computer
seismic analysis of multistory buildings has been presented. The
method uses a linear solution approach requiring no iteration and can
be used for performing static or dynamic elastic analyses. Amplified
P- A effects resulting from inelastic displacement levels which may
occur during a major earthquake can be accounted for in an approximate
manner. The method has been implemented in a computer program and
sample seismic analyses of a 3l-story building model have been
performed based on ATC seismic analysis procedures. From the results
of these sample analyses, the following observations and conclusions

are drawn:

1. The formulation presented provides a consistent and effective
means for predicting the magnified deflections and overturning moments
caused by P-A effects in static or dynamic analysis for elastic

displacement levels using C4 = 1.0.

2. In static analysis, including the P~p effect will increase the
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story drift, shear and overturning moment responses at all levels of a
building for any value of Cq (Figures 4.1.5,4.1.6 and 4.1.7). These
increased response values will lead to a more conservative design

throughout the building than if the P-A effect is ignored.

3. In dynamic analysis, including the P-A effect may increase or
decrease the story drift, shear and overturning moment responses at a
given story of a building (Figure 4.1.8,4.1.9 and 4.1.10). Decreases
in response can occur when spectral amplitude reductions resulting
from the longer natural periods caused by P- A predominate over
increases induced in modal responses before spectral factorization.
Decreased responses are most likely to occur in upper portions of the
building where P-A effects are relatively small. Consequently,
inclusion of P- A effects in dynamic analysis may not necessarily lead
to a more conservative design throughout the building than if P-4 is
ignored depending upon the degree of period shift and the response
spectrum used. Design response spectrum curves which have a more
rapid descent of spectral amplitude with increasing period in the
longer period range will tend to produce greater decreases in response

in the upper stories when P-4 effects are included.

4. To account for P-A moments, ficticious lateral forces are
introduced which approximate shear forces acting normal to the
deformed building configuration. It should be remembered that the
magnitude of these lateral forces depend directly on the interstory
drifts and, if nonuniform drifts occur in a building, irregularities
in the story shear envelope may result especially for larger values of

C4q (Figures 4.1.6 and 4.1.9).

5. P-A magnifications corresponding to elastic displacement levels
(Cyq = 1.0) may be viewed as unconservative for design purposes

considering the larger inelastic displacement levels that may occur

354



during a major earthquake (13). For example, in_the moment resisting

]

frame building studied, C4
6.6% and 3.6% over the Cy4

1.0 yields base overturning increases of

0.0 case (P-A ignored) for static and
dynamic analyses, respectively. However, if extreme inelastic
displacement levels are assumed in the calculation of P-A effects,
much larger increases in response may result. For example, bése
overturning increases of 55.2% and 36.2% result for static and dynamic
analyses with C3 = 5.5 ( note that Cq = 5.5 is specified by ATC for
inelastic drift criteria of moment resisting frame buildings}. In
light of seismic force levels currently used in design practice, P-4
increases of this magnitude may be considered excessively large. An
intermediate value of Cy = 3.0 leads to more modest base overturning
increases of 23.9% and 14.3% for static and dynamic¢ analysis,
respectively. As is seen from these results, large variations in
response may occur from the use of different Cg values for the
calculation of P-A effects. 8ince inelastic dynamic instability is
currently not well understood, choice of an appropriate Cg value for
use in P-A analysis remains a matter of conjecture. More research is
needed to determine values of C45 that are appropriate for use in

practical design applications.
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Table 4.1.1: Results of ATC Static Analyses
Using Different Cd Values
Design ty* 0.0 Cy = 1.0 Cg = 3.0 Cg = 5.5 ]
Story Quantity (%} (%) (z)
Root Deflection (in.) 11.9 12.7 (6.6) 14.7  (22.9) 18.2  (52.5)
(31st) shear (k) 194.2 198.2  (2.0) 207.1  (6.7)] 2212 (13.9)
0TM (in-k x 103) 45.4 46.4  (2.1) 48.5 (6.7} 51.8  {13.9)
Deflection 7.2 7.7 (7.3) 9.0 (25.5) 1.5 {59.3)
20th Shear 1257, 1387, (7.2) | 1572, {25.1) ] 19B6.  {58.1)
ot 1536. 1624.  (5.7) | 1837.  (19.5) | 2209,  (43.8)
Defiection 3.1 3.3 (7.5) 3.9 (26.5) 5.0 [62.3)
10th Shear 1545, 1663.  [(7.6) | 1959.  (26.B) | 2517.  {62.9)
o™ 3671, 3911, (6.5) | 4505.  (22.7)| 5873.  (51.8)
Deflection 0. 0. - 0. . 0. -
Base Shear 1584. 1664, (5.1} | 1855.  (17.1) | 2178. (37.5)
oTM 5769. 6164,  {6.8) | 7148.  (23.9) | 8955.  (55.2)
% = percent variation with respect to Ed = 0.0
Table 4.1.2: Influence of P-a Effect on
Natural Periods and Spectral
Amplitudes
Cy = 0.0 €, = 1.0 €, = 3.0 Cy= 5.5
Direction Mode Period Sa/q Period Sa/g Period Sa/g Period Sa/g
1 4.67  .0257 4.82  .0249 5.21  .0236 5.84 .0223
Translational 2 1.71  .0508 1.76  .0498 1.87 0476 2.05 .0445
3 0.99 .0728 1.01  .0716 1.07  .0694 1.15  .0659
] 0.70  .0821 0.72  .0906 0.76 ° .0870 0.82  .0821
1 2.47 - 2.49 -- 2.54 - 2.61 -
Torsional 2 0.93 . 0.94 -- 0.96 -- 0.98 -
3 0.55 - 0.56 . 0.56 - 0.58 -
4 0.35 - 0.40 -- 0.40 -- 0.41 --
Table 4.1.3: Results of ATC Dynamic Analyses
Using Different Cd Values
Design c, = 0.0 C,=1.0 C, = 3.0 C,=5.5%
Story Quantity ¢ d (z}) d (%) < (2}
Deflection (in.) 7.7 1.9 {3.4) 8.7 (13.4) 10.3  {33.9)
(g‘?‘s’:) Shear (k) 171.4 169.2  (-1.3)| 165.2 {-3.7)| 160.7 (-6.3)
OTM (in-k x 103) 40.1 39.6  (-1.3) 38,7  (-3.6)] 37.6 (-6.3)
Peflection 4.9 5.1 {4.0) 5.7  (15.5) 6.8  (39.1)
20th Shear 824.9 858, (4.0)] 951.0 (15.3)) M36.  (37.7)
0TH 1004. 1030. (2.6) | 1104, (10.0y | 1249,  (24.4)
Deflection 23 2.4 {4.3) 2.7 (16.4) 3.2 (41.2)
16th Shear 116, 1163. (4.3) | 1299. {16.5) | 1576.  {41.3)
oT™ 7352, 2431. (3.4)| 2662. (13.2) | 3127,  {(32.9}
Deflection 0. 0. -- 0. -- 0. -
Base Shear 1281, 1307, (2.1)| 1386. (8.2) ] 1538.  (20.1)
oTH 3831, 3971. (3.6)| 4381, (14.3) | 5218.  (36.2)

¥ = percent variation with respect to Cd = 0.0
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4.2 THE COMPARATIVE PERFORMANCE OF MODAL COMBINATION RULES IN

RESPONSE SPECTRUM ANALYSIS
4.2.1 Introduction

The response spectrum method is a widely used procedure for
performing elastic dynhamic seismic analysis. The response spectrum, by
definition, represents the set of the maximum acceleration, velocity
or displacement responses of a family of single~degree-of-freedom
(SDOF) damped oscillators, resulting from excitation by a specific
earthguake ground motion. The application of response spectrum
analysis procedures to structures which cannot be adequately described
as SDOF system requires modal analysis techniques to transform the
coupled multi-degree-of-freedom equations of motion to a set of
uncoupled equations in normal coordinates, This transformation allows
the response of each mode to be evaluated as a SDOF system. The
response spectrum can be used to predict the individual modal response
maxima, but lacks modal time phasing information. Therefore, the
relative times at which each peak modal response occurs are unknown.
To estimate the total peak response, techniques which combine the
individial maximum modal responses are required. Numerous response
spectrum modal combination rules have been proposed with the intent of
minimizing the total peak response prediction errors when compared to
the time history analysis values. The most common rule is the square
root of the sum of the squares (SRSS) method, which is recommended for
use in the nuclear power(47), offshore 0il(2) and building industries
(5). However, it is generally recognized that the SRSS method can be a
poor estimator of peak responses when applied to systems with closely
spaced natural periods. For these cases, various other rules have
been suggested, but no single method has gained wide acceptance
although a candidate may be the recently presented complete quadratic

combination method(50). This method accounts for the influence of
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modes with closely spaced periods using the principles of random
vibration theory, and is relatively easy to use.

The performance of four different modal combination rules are
investigated by sample seismic analyses cof a structurally symmetric
fifteen story highrise building. The four modal combination rules
are: (1) the square root of the sum of the squares (SRSS) method, (2)
the double sum combination (DSC) method (34), (3) the complete
qguadratic combination (CQC) method, and (4) the absolute sum (ABS)
method. The SRSS and ABS methods are well known whereas the COC method
is a recent development similar in form to the earlier DSC method. The
study includes buildings with concentric and eccentric mass
idealizations to investigate the significance of one dimensional
versus three dimensional vibration response on the accuracy of the
rules. The maximum building response in terms of story deflections,
shears, overturning moments and torques are computed by the response
spectrum method using each rule and are compared with the time history
results for three different single component translational earthquake
records. The objectives are: (1) to illustrate situations where the
commonly used SRSS rule performs less favorably; (2) to compare and
highlight the lesser known DSC and CQC methods; (3) to show
representative error magnitudes relative to the time history values;
and (4) to make recommendations regarding the most appropriate
combination rule for general use based on minimum average error

criteria.

4.2.2 Response Spectrum Modal Combination Rules

In this section, the equation form of the modal combination rules
are presented along with a brief discussion regarding their

formulation and application,
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Square root sum of the sum of the squares (SRSS) method

Form of combination rule{l8):

n
R .= i=1 Ri (4.2.1)
where,
Rpax = estimated maximum response for guantity R.
R; = maximum response of quantity R in mode i.
n = number of modes considered.

Double sum combination* (DSC) method

Form of combination rule(34,28):

Jn n v
R = b I R. P .R, 4.2.2
max i=1 §=1 + 1377 ( )
.where,
(w! = w") z -1
Pig = 137 — (4.2.3)
(Bi ws + 65 wj) e

in which,

E
[
I
|5
’,..J.
|._l
!
™
F=
[

(4.2.4)

i i S w, (4.2.5)

*Apparently the name "double sum" was introduced in ref. 38 for the
combination rule developed by Rosenblueth et al. It should be noted
that this rule differs from the NRC double sum method (47).
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w: = natural frequency of the ith mode.

= critical damping ratio for the ith mode.

™
P-l-
i

tn
]

time duration of "white noise" segment of earthquake
excitation. For actual earthquake records, this may be
represented by the strong motion segment characterized
by extremely irregular accelerations of roughly equal
intensity.

Form of combination rule{l4,15);

/n n v
R__ = T I R, P,.R. (4.2.6)
max i=1 4=l i7iy 73
where,
8\’Bi Bj w; wj(Bi 0y + Bj wj) we wj
Piy = ; (4.2.7)
2 _ 2 2 2 2 2 2 2
(mi wj) + 4 Bi Bj 0y mj (mi +wj) + 4 (Bi+8j] wj wj
Absolute sum of modal maxima (ABS) method
Form of combination rules
n
R =3 R.
mex U, l i | (4.2.8)

The accuracy of each of the above modal combination rules in
predicting the peak time history response depends upon the
characteristics of the earthquake record and the structure's dynamic
properties. The SRSS, DSC and CQC rules are based upon the theory of

random vibrations. Two of the major assumptions used in the
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development of these rules are: (1) the excitation is a a sample of a
- wide frequency band (covering the structure's natural frequencies)
stationary Gaussian random process; and, (2) the vibration responses
of the structure's normal modes are also stationary. In general,
these assumptions are reasonably accurate if the earthquake has a time
segment with extreme irregular accelerations of roughly equal
intensity which is several times longer than the fundamental period of
the structure{l5). The simple form of the SRSS rule as compared to the
DSC and CQC rules is a consequence of the additional assumption that
the modal vibrations are statistically independent; that is, the
vibration of ény mode is not correlated to that of any other mode. In
systems with closely spaced periods, the SRSS rule may be a poor
estimator of the actual maximum response (38,50). By introduction of

a modal cross-~correlation coefficient matrix Pi‘; the DSC and CQC

rules account for the mutual reinforcement and;Lr cancellation of
modes with closely spaced periods. In particular, the important
gquality of retaining the signs when combining the cross-modal
components (allowing cancellation) can be most significant. Elements
of the matrix Pij can assume values ranging from zero to one (where
zero represents no modal cross-correlation) depending primarily upon
the relative proximity of the natural periods (Figure 4.2.1). 1If the
periods are well separated, the off-diagonal elements (terms where i =
j> of the matrix Pij become small and the DSC and CQC methods
approach equivalence with the SRSS rule.

Both the DSC and CQC modal cross-correlation coefficient matrices
are functions of the modal frequencies and damping ratios. 1In
addition, the DSC formulation includes a parameter for the strong
motion duration. To contrast the two methods, the effects of these
parameters on the modal cross-correlation coefficient relating two
modes are presented in Figure 4.2.1. For both the DSC and the CQC

methods, modal cross- correlation coefficients increase as adjacent
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modal periods approach the same value, and as the modal damping
increases. In addition, for the DSC method, as the ratio of the
natural period to the earthquake strong motion duration (ratio T;/S)
increases, the modal cross-correlation coefficients increase.
Therefore, for a given period ratio Ti/Tj' modes with the longest
periods will have the largest cross-modal effects. When the DSC
strong motion duration is set to infinity, the DSC and CQC methods
become virtually identical.

As a guide to the approximate natural vibration period range in
which random vibration theory based rules (i.e. SRSS,DSC,CQC) are most
appropriate, it has been suggested (28) that structures having their
most significant natural periods in the range bounded by the
intersections of the a and v lines and the v and d lines that are used
in the construction (26) of a tripartite logarithmic response spectrum
earthquake plot are best suited for these types of combination rules
(where a, v, d are the peak ground acceleration, velocity and
displacement, respectively). For earthquake records associated with
firm ground sites and moderate distances from the focus (El Centro
1940 record type), the corresponding period range is from about .5
seconds to 4 seconds. An example where an a combination rule not
based on random vibration theory would be more effective is in the
analysis of very short period (very stiff) structures where the
spectral accelerations approach the peak ground acceleration. For this
case, an algebraic sum of the modal responses will yield the best
accuracy in a response spectrum analysis. This approach is equivalent
to a static analysis using the peak ground acceleration times the
structure's mass.to develop external forces . In the analysis of
highrise buildings, the modes contributing significantly to the
response generally have periods greater than .5 seconds, therefore,
the algebraic combination rule is not considered in this study.

However, it should be noted that situations can arise where other
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special rules are more appropriate.

The ABS rule is an upper bound estimate of the response. It
assumes that all modes reach their maxima with the same sign at the
same instant in time. 1In general, this method results in response
estimates that are very conservative and is usually not used for
design purposes. It is presented in this study because it is of
interest to compare the other combination methods against the upper
bound values for the response.

In the application of the four aforementioned combination rules,
several properties regarding the peak response quantity estimations
should be noted. First, the sign of the response quantity is lost;
that is, the peak response may either be plus or minus. When
combining the results with load cases of known signed responses
(e.qg., static gravity locad cases) judgment must be exercised to
formulate the appropriate loadings for design purposes. Secondly, a
collection of response quantities produces an estimated maximum
response envelope. When considering an envelope of maximum response
guantities, it should be recognized that they do not necessarily occur
at the same time, consequently if additional response parameters are
generated from combinations of these envelope values, inconsistencies
are introduced. For example, the use of a story interia force envelope
to calculate cumulative story shears results in values larger than the
combined modal story shears. In addition, the use of a story
displacement envelope to calculate story drifts results with values
smaller than the combined modal drifts. Regarding design
applications, the former case may be considered conservative, whereas
the latter case is unconservative. Thus, to arrive at the best
estimates of the peak response values, modal combinations should be
performed separately for each of the response quantities that are to

be considered.
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4.2.3 Building Models Used for Example Analyses

In order to produce representative results that may be expected
in actual design situations, a model of an existing modern high-rise
building has been formulated for use in the comparative analyses. The
fifteen-story steel moment resisting frame structure of the University
of California Medical Center Health Sciences Fast Building (see
section 3.4) is used as an example building for this study (Figure
4.2.2). The building is 195 feet in height and is sqguare in plan with
an outside dimension of 115 feet 3 inches. The columns are located
near the periphery along frame lines 10 feet 10 inches from the
building perimeter (twelve vertical ¢elumn lines with no interior
columns). Four moment resisting frames are located in each the North-
South and East-West directions. Two building models are formulated.
The first is a "regular" building in which the centers of stiffness
and mass are coincident. The second is an "irregular® building with
the mass offset from the stiffness center of the building. The
building's actual dynamic characteristics (natural periods and mode
shapes} have been determined from an experimental vibration study (31)
and a detailed analytical model of the building has been developed
which represents the small amplitude behavior with good accuracy
(Model 3, see section 3.4 for detailed model description).

A modified version of the ETABS program (23) is used for the
analytical study. Floor diaphragms are idealized as being rigid in
their own plane allowing each floor level to be represented with three
mass degrees of freedom (two lateral translational and one torsional).
Both building models are assumed to be fixed at the ground level

(floor 2) and to have 5% of the critical damping in all modes.
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Regular Building Model

A characteristic of this model due to symmetry, is that it has
uncoupled translational and torsional mcdes; that is, each mode
responds in a purely translational or torsional sense., This implies
that that for translational earthguake ground motion input along
either of the building's main axes only those translational modes
parallel to the ground motion are excited. The orthogonal
translational and torsional modes have zero participation factors.
The structural response may be described as one-dimensional since the
floor motions have only a single displacement component. The actual
building was experimentally tested at various stages during the
construction sequence. The East-West dynamic characteristics of the
completed building are presented in Table 4.2.1 and Figqure 4.2.3 for
comparison with the analytical model properties. Comparing the
analytical with experimental periods from Table 4.2.1, the first and
third periods agree within 2% and the second period is within 11%.
Note that the periods are well separated. In Figure 4.2.3, it ca