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PREFACE

The U.S.-Japan Cooperative Program in Natural Resources (UJNR) was established in 1964 for the
exchange of technical information and experience mutually beneficjal to the economics and welfare of
both countries. The Panel on Wind and Seismic Effects held its first joint meeting in 1969 in Tokyo,
Japan. The joint meeting has been held annually ever since, a1t¢rnate1y in Japan and the U.S.

The Fourteenth Joint Meeting was held in Washington, D.C. on May 17-20, 1982, Under five themes,
thirty-nine technical papers were presented and discussed. Ten task committees on the Panel also
held their meetings during this peried. Prior to the joint meeting, the third U.S.-Japan Joint
Horkshop on Repair and Retrofit of Structures was held on May 13-15, 1982 at San Francisco, California
under the sponsorship of Task Committee C - Repair and Retrofit on Existing Structureé.

These proceedings include the program of the Fourteenth Joint Meeting, the formal panel resolu-
tions, the technical papers, and the task committee reports, The text of the papers has been edited
for clarity.

Preparation of the proceedings was partially supported by funds from the National Science
Foundation.

H. S. Lew, Secretary

U.S. Panel on Wind
and Seismic Effects
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SI CONVERSION UNITS

In view of the present accepted practice for wind and seismic technology, common units of

measurements were used throughout this publication.

In recognition of the position of the United

States as a signatory to the General Conference on Weights and Measures, which gave official status

to the International System of Units (SI) in 1960, the table below is presented to facilitate conver-

sion to SI Units.
referred to:

Metric Practice.

Length

Force

Pressure or
Stress

Energy

Torgue
or

Bending

Moment

Weight

Unit Weight

Velocity

Acceleration

4 Meter may be subdivided.

*  Exactly

TABLE OF CONVERSION FACTORS TO SI UNITS

Customary Units
inch (in)
foot (ft)
pound (1bf)
kilogram (kgf)
pound per square
inch (psi)
kip per square
inch (ksi)
inch-pound {in-1bf)
footepound (ft-1bf)
pound«inch

pound«foot (1bf-ft)

pound (1b}

pound per cubic foot

{pcf)

foot per second
(ft/sec)

foot pek sec%nd
square (ft/s?)

A centimeter (cm) is

International
(SI) UNIT

meter (m)@

meter (m)

newton (N)

newton (N)
newton/per square
meter

newton per square
neter

Joule (J)

joule (J)
newton-meter (N.m)

newton-meter (N.m)

kilogram (ka)

kilogram peg cubic
meter (kg/m®)

meter per second
(m/s)

meter per sgcond
square (m/s?)

17100 m and a millimeter

iv

Readers interested in making further use of the coherent system of SI units are

NBS SP 330, 1977 Edition, The International System of Units; and ASTM Standard for

Conversion
Approximate

in

ft
1bf =

kgf

psi

n

ksi

0.0254 m*

0.3048 m*

4.48 N

9.807 N

6895 N/m?

6895 x 103 N/m?

in«1bf = 0.1130 J

ft«ibf
1bfein
1bf+ft

f

1.3558 J
0.1130 Nem
1.3558 N-m

1b = 0.4536 kg

pcf = 16.018 kg/m3

ft/s = 0.3048 n/s

ft/s? = 0.3048 m/s2

(mm) s 1/1000 m.



ABSTRACT

The Fourteenth Joint Meeting of the U.S. ~ Japan Panel on Wind and Seismic Effects was held in
Washington, D.C., United States from May 17 through 20, 1982. This publication, the proceedings
of the Joint Meeting, includes the program, 1ist of members, formal resolutions, technical papers,
and the task committee reports., Subjects covered in the papers presented to the panel include
(1} characteristics of strong winds, (2) wind Toads on structures and design criteria, {3} earthguake
ground motions and dynamic analysis of embankment dams, {4) soil liquefaction studies and wethods
to improve liquefaction resistance (5) seismic loads on structures and design criteria, (6) stress
analyses of pipelines during earthquakes, (7} full-scale seismic experiments, (8} earthquake hazard
reduction program, (9) use of the microcomputer for earthquake studies, (10) quantitative evaluation

of damages caused by winds and earthquakes, and {11) tsunami research projects.

Keywords: Accelerograph; codes; design criteria; disaster; earthquakes; earthquake hazards;
geotechnical engineering; ground failures; liquefaction; pipeline; seismicity; solids;

standards; structural engineering; structural response; tsunami; wind loads; and winds.
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FOURTEENTH JOINT MEETING
OF THE
U.S.~-PANEL ON WIND AND SEISMIC EFFECTS
May 17 - 20, 1982
at the

National Bureau of Standards

MONDAY - May 17 Lecture Rcom B, Administration Building

OPENING SESSION

10:00 A.M.

10:

10:
10:

11
1

2:

30

45
50

100
:30

:00

;20

:40

:00

120

40

A.M.

A.M,
A.M.
AM.

A.M.

P.M.

P.M.

P.M.

P.M.

P.M.
P.M.

Call to order by Dr. H. S. Lew, Secretary, U.S. Panel

Remarks by Dr. John W. Lyens, Director, National Engineering Laboratory,
National Bureau of Standards

Remarks by Mr. Hiroto Ishida, Science Counselor, Embassy of Japan

Remarks by Dr. Edward 0. Pfrang, Chairman, U.S. Panel

Remarks by Dr. Tadayoshi Okubo, Chairman, Japanese Panel

Introduction of U.S. Panel Members by UY.S. Chairman and Japanese Panel
Members by Japanese Chairman

Election of Conference Chairman
Adoption of Agenda

Group Photograph

Lunch - Dining Room C

THEME I - WIND ENGINEERING

Chairman: Dr. Edward 0. Pfrang

Effect of Solidity on Unsteady Aerodynamic Forces for Stiffening Trusses -
T. Okubo, M. Narita, K. Yamamoto, H. Sato

Speaker: T. Okubo

Field Studies on the Pasco-Kennewick Cable Stayed Bridge - M. C. C. Bampton
Speaker: H. Bosh

Wind Load on Solar Hot Water Heaters - H. Okada and T. Murota

Speaker: S. Nakata

Environmental Monitoring Program for the National Strategic Petroleum
Reserve - C. B, Barrientos

Speaker: C. B. Barrientos
Discussion

Break



THEME II - EARTHQUAKE ENGINEERING: PART 1

3:00 P.M.

3:20 P.M.

3:40 P.M.

4:00 P.M.

4:20 P.M.
4:40 P.M.

5:00 P.M.

© 5:20 P.M.

5:40 P.M.
6:00 P.M.

Chafrman: Dr. Tadayoshi Okubo

Estimation of Response Spectra Values as Functions of Magnitude, Distance
and Site Conditions -~ W. B. Joyner and D. M. Boore

Speaker: W. B. Joyner
Reconsideration of the Input Waves for Dynamic Analysis - K. Ohtani
Speaker: K. Ohtani '

Some New Processing-Techniques for the Imperial Valley 1979 Aftershocks -
A. G. Brady

Speaker: A. G. Brady

Dense Instrument Array Observation of the Public Works Research Institute
and Analysis of Some Records - T. Okubo, T. Arakawa, and K. Kawashima

Speaker: T. Qkubo
Discussion

Gravel Drains as a Countermeasure to Liquefaction of the Ground -
Y. Sasaki and E. Taniguchi

Speaker: E. Taniguchi

Volume Change and Pore Pressure Buildup as a Function of Degree of
Saturation of Sands During Cyclic Loading - R. Chung, F. Yokel. and
£. Anderson

Speaker: R. Chung

Estimation Procedure of Liquefaction Potential and Its Application to .
Earthquake Resistance Design - T. Iwasaki, T. Arakawa, K. Tokida, and
T. Kimata

Speaker: T. Iwasaki

Discussion

Adjorn

TUESDAY - May 18 Lecture Room B, Administration Building

THEME Il - EARTHQUAKE ENGINEERING: Part 2

9:00 A.M.

9:20 A.M.

Chairman: Dr. Edward 0. Pfrang

Coupled Hydrodynamic ReSponse Characteristics and Water Pressures of
Large Composite Breakwaters - T. Uwabe, S. Noda, and H. Tsuchida

Speaker: S. Noda

Dynamic Analysis of Embankment Sections, Richard B. Russell Dam -
A. G. Franklin and M. E. Hynes=-Griffen

Speaker: M. E. Hynes-Griffen
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10:
10:

10:

11
1

1
12

140 AM. Pipe Stresses During Earthquakes Based on Two Dimensional Seisometer

Array Observation - H. Tsuchida. K. Minami. 0. Kiyomiya, and S. Noda

Speaker: S. Noda

00 AM. Break
20 A.M. BuckTing and Rupture Failure in Pipelines Due to Large Ground Deformations -
' T. Ariman
Speaker: T. Ariman
40 AM. Experimental Studies on Seismic Behavior of Structural Members Using a
Dynamic Structural Testing Facility at PHWRI - E. Kuribayashi., T. Iwasaki,
T. Hadate, and R. Hagiwara
Speaker: T. Iwasaki
00 ALM. Discussion
20 AM. Report of the Urakawa-oki Earthquake of March 21, 1982 - T. Yasue,
T. Iwasaki. Y. Sasaki, H. Asanuma, and T. Nakajima
Speakers: T. Iwasaki
S. Okamoto
K. Ohtani
150 ALM. Discussion
:00 NOON Lunch - Dining Room C
:30 P.M. Seismic Response of Cable Stayed Bridges - J. Fleming and J. D. Zenk
Speaker: J. Fleming
:50 P.M. Behavior of Concrete-Filled Steel Tubes - N. Narita, S. Saeki, and
M. Kanai
Speaker: T. Okubo
:10 P.M. Micrccomputer for Earthquake Studies - S. K. Takahashi
Speaker: S. K. Takahashi
:30 P.M. Discussion
;40 P.M, Break
THEME TV - U.S.-JAPAN COOPERATIVE PROGRAM
Chairman: Dr. Tadayoshi Okubo
:00 P.M. Construction and Testing of a Full-Scale Reinforced Concrete Specimen -
J. K. Wight
Speaker: J. K. Wight
:20 P.M. A Progress Repart on the Full-Scale Seismic Experiment of a Seven-Story

Reinforced Concrete Building - S. Okamoto, S. Nakata, T. Fam1nosono
M. Yoshimura, and Y. Kitakawa

Part 1. Pseudedynamic Tests Before Repair

Speaker: T. Kaminosono
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3:45 P.M. Part 2. Pseudodynamic Tests After Repair
Speaker: S. Nakata
4:70 P.M. Discussion

4:30 P.M. Tests of Planar Wall Assemblies Under In Plane Static Reversing Loads -
B. Morgan, H. Hirashi, and W. G. Corley

Speaker: B. Morgan
4:50 P.M. Discussion

5:00 P.M. Research Program on the Full-Scale Seismic Experiments of Steel Buildings -
M. Watabe and H. Yamanouchi

Speaker: S. Okamoto

5:20 P.M. Status of Y.S. Research Program on Full-Scale Steel Buildings - S. C. Liu
Speaker: S. C. Liu

5:40 P.M. Discussion

6:00 P.M. Adjourn

WEDNESDAY - May 19 Llecture Room B, Administration Building

THEME III - STORM SURGE

Chairman: Dr. Edward 0. Pfrang

9:00 A.M. A Tsunami Research Plan for the United States - E£. Bernard

Speaker: FE. Bernard
9:20 A.M. Digital Data Services for Tsunamis and Engineering Seismology - J. Lander

Speaker: J. Lander
9:40 A.M. Discussion
9:50 A.M. Break

THEME V - TECHNICAL COOPERATION WITH DEVELOPING COUNTRIES

Chairman: Dr. Tadayoshi Qkubo

10:10 A.M. United State Foreign Assistance Program on Tsunami Hazard - P. F. Krumpe
and G. T. Hebenstreit

Speaker: P. F. Krumpe

10:30 A.M. Technical Cooperation in Developing Countries in Earthquake Engineering -
K. Kamimura, M. Watabe, Y. Ishiyawa, and Y. Yamazaki

Speaker: M. Hirosawa

10:50 A.M. Incremental Expansion and Aseismic Design of Low-Cost Housing in Sites
and Services Project - E. Simiu and J. M. Courtney

Speaker: E. Simiu
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11:10 AM. Discussion
11:20 A.M. Task Committee Meetings

A. Strong Motion Instrumentation Arrays and Data

C. Repair and Retrofit of Existing Structures

0. Evaluation of Performance of Structures

F. Disaster Prevention Methods for Lifeline Systems

J. Wind and Earthguake Engineering for Transportation Systems

12:00 NOON Lunch -~ Dining Room C
1:30 P.M. Task Committee Meetings (con't.)
A. Strong Motion Instrumentation Arrays and Data

C. Repair and Retrofit of Existing Structures
D. Evaluation of Performance of Structures
F. Disaster Prevention Methods for Lifeline Systems
J. HWind and Earthquake Engineering for Transportation Systems
3:00 P.M. Break

4:15 p.M. Adjourn

THURSDAY - May 20 Lecture Room B, Administration Building

9:00 A.M., Task Committee Meetings

B. Large-Scale Testing Program

E. Land Use Program for Controlling Natural Hazard Effects
G. MWind Characteristics and Structural Response

H. Seoil Behavior and Stebility During Earthquakes

I. Storm Surge and Tsunamis

10:30 AWM. Break
10:50 A.M. Task Committee Meetings (con't.)

B. Llarge-ScaTe Testing Program

E. Land Use Program for Controlling Natural Hazard Effects
G. Wind Characteristics and Structural Response

H., Soil Behavior and Stability During Earthquakes

I. Storm Surge and Tsunamis

Resolution Committee

12:00 NOON Lunch - Dining Room C
1:30 P.M. Task Committee Reports

A. Strong Motion Instrumentation Arrays and Data

B. Large-Scale Testing Program

C. Repair and Retrofit of Existing Structuyres

D. Evaluation of Performance of Structures

E. Land Use Program for Controlling Natural Hazard Effects

F. Disaster Prevention Methods for Lifeline Systems

G. Wind Characteristics and Structural Response

H. Soil Behavior and Stability During Earthquakes

I. Storm Surge and Tsunamis

J. MWind and Earthquake Engineering for Transportation Systems

3:10 P.M, Adoption of Final Resolution
3:40 P.M, Break

xiv



CLOSING SESSION

4:00 P.M. Call to Order by Dr. H. S. Lew, Secretary, U.S. Panel
Closing Remarks by Dr, Tadayoshi Okubo, Chairman, Japanese Panel
Closing Remarks by Dr. Edward Q. Pfrang, Chairman, U.S. Panel

4:30 P.M. Adjourn
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RESOLUTIONS OF THE FOURTEENTH JOINT MEETING
U.S.-JAPAN PANEL ON WIND AND SEISMIC EFFECTS
U.Jd.N.R.

Washington, D.C., U.S.A.

May 17-20, 1982

The following resolutions for future activities of this Panel are hereby adopted:

T.

The Fourteenth Joint Meeting provided an extremely valuable exchange of technical information
which was beneficial to both countries. In view of the importance of cooperative programs on
the subject of wind and seismic effects, the continuation of Joint Panel Meetings is considered

essential.

The Panel on Wind and Seismic Effects recognizes the importance of the continued exchange of
technical information and research data and the promotion of joint research programs including
the exchange of personnel and use of avaflable facilities in both countries. Thus, these

activities should be strengthened and expanded.

The Panel recognizes the accomplishments of the U.S.-Japan Cooperative Program on large-Scale

Testing.

The Panel continues to endorse the technical content of the Joint Program involving Large-Scale
Testing of Steel Structures. Close working relationships should be maintained between the Panel

and the Joint Technical Coordinating Committee of the Large-Scale Testing Program.

The Panel endorses the efforts of Task Committee (B) to examine the use of masonry in both

countries and review this construction type for a possible coordinated research program.

The Panel encourages the exchange of information on large-scale testing facilities and Targe-

scale testing programs in both countries.

Because the workshops on Repair and Retrofit of Existing Structures have been so successful, it
is recommended that continued exchange of technical information be made on a timely basis by
the workshop participants. It is further recommended that workshops be held in the future on

codes and standards and construction practices for repair and retrofit of structures.
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The Panel agrees with the recommendation of Task Committee (D) on Evaluation of Performance of
Structures, that workshops be held on "Evaluation of Performance of Existing Buildings for
Resistance to Farthquakes." The first workshop is tentatively planned to be held in Tsukuba
Science City, Japan, in May 1983, prior to the 15th Joint U.S.-Japan Panel on Wind and Seismic
Effects. Specific details &and an agenda of the workshop will be established by each side and
coordinated by correspondence. A final report is expected to be published in 1985 and‘reported

to the 17th Joint Panel in Japan.

The Panel accepts the recommendation of Task Committee (F) to establish planning committees on
each side. These planning committees, composed of representatives from government, universities,
and the private sector, will cooperate in the formulation of a joint research program on reductian
of the severity of the consequences of earthquakes and other natural hazards on lifeline systems.
These committees will assist Task Committee (F) in the selection of projects for which support

will be promoted.

Recognizing the importance of the seismic response and performance of bridge columns and piers,
the Panel encourages the continued conduct of coordinated experimental studies on the behavior
of large-scale.bridge columns to dynamic Toading. The Panel further encourages the appointment
of at least one technical representative from each side of Task Committee (J) to maintain close

coordination of those studies.

Recognizing the importance of in-situ measurement of soil properties, the Panel encourages the
continuation of a cooperative research plan to evaluate the use and application of in-situ soil
testing techniques. Standard penetration and ceone penetration tests, for seismic design and
analysis, should be specifically evaluated. The Panel recognizes the importance of the U.S.-
Jépan cooperative program on the response of semi-buried concrete structures due to earthquakes,

and therefore the Panel should caonsider the initiation of the abave mentioned cooperative program.

The Panel recognizes the importance to mitigate hazards from tsunami, and considers that better
coordination between U.S. and Japan is desirable since numerous scientists and engineers in both
nations are conducting complimentary studies on this subject. The Panel endorses the recommen-
dation of Task Committee (I) on Storm Surge and Tsunami to organize a workshop on cooperative

tsunami programs.,

XXvil



10.

1.

Recognizing that wind and seismic disaster mitigation plans benefit disaster-prone countries
worldwide, that many deve]oping.countries suffer from natural disasters such as extreme winds
and earthquakes, ard that both the U.S. and Japan has been involved in international technical
cooperation programs, the Panel will continue cceordinating projects which provide aid to

developing countries and maintain the exchange of technical information.

The date and location of the 15th Joint Meeting of the Panel on Wind and Seismic Effects will
be held in May 1983, at Tsukuba, Japan. Specific dates, program, and itinerary will be proposed

by the Japanese Panel with concurrence by the U.S. Panel.
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EFFECTS OF SOLIDITY OF TRUSSES ON UNSTEADY AERODYNAMIC FORCES OF STIFFENING TRUSSED-GIRDERS
Tadayoshi Okubo
Nobuyuki Narita
Kunio Yamamoto
Hiroshi Sata
Public Works Research Institute
Ministry of Construction
ABSTRACT
Unsteady aerodynamic forces acting on stiffening trussed-girders are described. The models of
stiffening trussed-girders which were used in the previous experiments [1] have trusses of low
solidity (about 20 percent). In the present experiment, measurements were made for trusses of vari-
ous solidity ratios, thus, the effects of solidity on unsteady aerodynamic forces of stiffening
trussed-girders were investigated. Furthermore, measures to improve stability to torsional flutter

of stiffening trussed-girders of high solidity (about 40 percent) were investigated and some

effective measures have been found.

INTRODUCTION

In a previous paper given by the authors in 1981 [1], unsteady aerodynamic forces acting on
stiffening trussed-girders which had a single deck and a main truss of low solidity ratio, ¢ (about
20 percent) were described. The girders generally showed good stabilfty to torsional flutter at the
angles of attack (o) of 0° and -3°, But the aerodynamic forces at o of 3° tend to cause tortional
flutter. It was found that effective countermeasures for suppressing the torsional flutter are:

(1) arranging the upper surface of the floor deck at the same height as that of the upper chords;
(2) using n section for the floor deck; (3) blocking the parapet on the median; or (4) attaching the
flap at outer handrails.

However, long-span bridges with stiffening trussed-girders of high solidity have recently been
planned and 1s under construction by Honshu-Shikoku Bridge Authority, Metropoiitan Expressway Public
Corporation. For this reason, unsteady aerodynamic forces acting on stiffening trussed-girders of
high solidity {about 25 to 50 percent) were measured to investigate the effects of solidity on these
unsteady aerodynamic forces. Some measures, which were applied to the mode! of ¢ of 20 percent for
improving aerodynamic stabiiity, were also applied to a stiffening girder of solidity ratio of about
40 percent, to compare their effectiveness. Furthermore, one of the effective measures was applied

to stiffening girders of various solidity ratios and the effect was recognized.



METHOD AND CONDITION OF THE EXPERIMENT
METHOD FOR MEASUREMENT OF UNSTEADY AERODYNAMIC FORCES

The method is basically a forced oscillation method [2]. The inertia forces of a model are
balanced out mechanically by adjusting the mass and the position of dummy weights to measure only the
aerodynamic forces. The measured aerodynamic forces are separated into the component that is in
phase with oscillation displacement and that in phase with oscillation velocity. The coefficients of
unsteady aerodynamic forces are then obtained.

FLOW AND MODEL

The main dimensions of the wind tunnel used for measuring unsteady aerodynamic forces are shown
in table 1.

The experiment was made in a uniform laminrar flow. The model of a stiffening trussed-girder
with a single deck was used. The height of the main truss is about 1/3 of its width. The cross
saction of the basic shape model is shown in figure 1. Solidity ratio was changed by attaching the
plates of different size to both sides of the stiffening truss (figure 2}. For reference, unsteady
aerodynamic forces acting on the wodel of ¢ = 100 percent were measured. In order to improve aero-
dynamic stability, such measures as attaching the flap (figure 3-3), blocking the parapet on the
median (figure 3-2), using = section for the floor deck (figure 3-1), or arranging the upper surface
of the floor deck at the same height as that of the upper chord, which are all effective for stif-
fening trussed-girder of ¢ = 20 percent, were appiied to the models of higher solidity to investigate

their effectiveness.

COMDITION OF THE EXPERIMENT

The model was put in oscillation in vertical bending mode or torsional model. Condition of the

experiment is shown in table 2 and cases of the experiment are given in table 3.

RESULTS OF THE EXPERIMENT
The coefficients of unsteady aerodynamic forces which have close relations with aerodynamic
stability are CEH {coefficient of unsteady 1ift in phase with vertica] bending oscillation velocity)
and CéT (coefficient of unsteady aerodynamic moment in phase with torsional oscillation velocity}.
When CEH is positive, wind-induced oscillations of vertical bending mode (vortex-excited oscilla-
tion, galloping) tend to occur. When C;T is positive, wind-induced oscillations of torsional mode
(vortex- excited oscillation, torsional flutter) tend to occur. When the coefficients are negative,

these oscillations are unlikely to happen.



The relations between the coefficients and reduced wind-speed expressed as V/NB (V, wind speed;
N, frequency; B, distance between two upper chords of stiffening truss) are shown in figures 4-1
through 4-19. The characteristics of CEH and CéT with respect to the aerodynamic stability of
stiffening trussed-girders are described as follows.

AERODYNAMIC STABILITY TO VERTICAL BENDING OSCILLATION

Test results show that stiffening trussed-girders of ¢ up to 50 percent have stable
characteristics in aerodynamic oscillation of vertical bending mode. An example of this is given in
figure 4-1 which presents the relation between CEH and V/NB of the basic shape (¢ = 40 percent),
When ¢ s increased to 100 percent (figure 4-2), remarkably unstable characteristics appear, i.e.,
vortex-excited oscillation (V/NB =~ 2) and galloping {V/NB > 5) tend ta occur.

AERODYNAMIC STABILITY TQO TORSIONAL OSCILLATION

Solidity Ratio of 40 Percent

The stiffening trussed-girder of basic shape shows stable characteristics at « of 0° and -3°;
however, it becomes unstable to torsional filutter at o =3° in the region of V/NB > 8 (figure 4-3).
In order to improve the characteristics of basic shape at this angle of attack, blocking the parapet
in the median (figure 4-4}, attaching the flap {(figure 4-6), or using = section for the floor deck
{figure 4-7) are found to be effective measures. Such a measure as arranging the upper surface of
the floor deck at the same height as that of the upper chord is found ineffective. The critical
value of V/NB where a negative CéT turns positive becomes smaller (figure 4-5) than that of the basic
shape.

Effects of Solidity Ratio

CéT at o = 0° of the basic shape whose ¢ is up to 45 percent remains negative in the region
of 0 < V/NB < 12, thus shows stable characteristics {figures 4-8 through 4-11). But torsional
flutter tends to occur in the reigon of Y/NB > 7.5 when ¢ = 50 percent (figure 4-12) and vortex~
excited oscillation (V/NB = 1) and torsional flutter {V/NB > 2) tend to occure when ¢ = 100 percent
(figure 4—1}). CéT of the basic shape at o = 3° was not measured except for ¢ = 40 perceni; however,
from the experimental results on the basic shape whose ¢ are 20 percent {17 and 40 percent {(figure
4-3), and from the results on the girder with the flap (figures 4-14 through 4-19), its characteris-
tics can be estimated as follows: the critical value of Y/NB where a negative C;T turns positive
may be at about 8 for 20 < ¢ < 40 percent. The critical value may become remarably small when ¢
exceeds 45 percent.

The flap, which is one of the effective measures to improve the aerodynamic stability of the

basic shape of ¢ = 40 percent, was attached to the basic shape and CéT at a of 0° and 3° were



measured for ¢ = 25 percent to 100 percent. As a result, it 1s found that C&T remains negative and
shows stable characteristics in the region of 0 < V/NB < 12 when ¢ < 45 percent (figures 4-14

through 4-17). When ¢ = 50 percent, CéT remains negative at o = 0°; however, torsional flutter tends
to happen at a = 3° in the region of V/NB > 6.5 (figure 4-18). When ¢ = 100 percent, vortex-excited

oscillation (V/NB = 1) and torsional flutter (V/NB > 2) tend to occur at o« of 0° and 3°.

CONCLUSION
1. Unsteady aerodynamic forces acting on stiffening trussed-girders of various solidity ratios (¢)
were measured to investigate the effect of solidity of trusses on aerodynamics stability.
2. Aerodynamic stability to vertical bending oscillations were found to be sufficient up to a ¢ of
50 percent.
3. In the region of ¢ = 20 to 40 percent, the aerodynamic stability of stiffening trussed-girders
of basic shape to torsional oscillations rarely changes. No unstable oscillations occur at the
angles of attack (o) of -3° and 0° for the value of V/NB up to 12, but torsignal flutter tends to
happen at a = 3° in the region of V/NB > 8. The stability becomes worse when ¢ exceeds 45 percent.
4. Blocking the parapet on the median, using = section for the floor deck, or attaching the flap
are effective measures to improve stability of stiffening trussed-girder of ¢ = 40 percent against
torsional flutter at o = 3°,
5. When the flap is attached to a stiffening trussed-girder of ¢ < 45 percent, the girder shows
stable characteristics to torsional flutter in the region of 0 < V/NB < 12. The stability becomes
worse when ¢ exceeds 45 percent and torsional flutter tend to occur at « = 3° in the region of Y/NB >

6.5 when ¢ = 50 percent,
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Table 1.

Main Dimensions of the Wind Tunnel

R |
| . |
! Type - . Gottinge !
r * 1
| Dimension i Test Section |
| |
| Width 1000 mm |
| Height 2000 mm |
| Length 3000 mm |
| ‘ — e - __1
} Contraction Cone {
| Inlet 3000 mm x 5000 mm |
| OQutlet 1000 mm x 2000 mm |
} Contraction Ratio 7.50 : 1.00 J
| Total Path 55,000 mm |
l__ B ,___A,,,,~i
! Blower i Type Axial with Fixed Blades ]
! ; Diameter 1500 mm |
! Total Pressure 40.0 mm Aq I
1 Total Wind Volume 70.0 w3/sec §
| Maximum Rotation 1250.0 rpm |
} Maximum Power . 50.0 kW !
I 1
| Flow - Maximum Wind Speed 30.0 m/sec |
| " Turbulent Intensity Less than 0.5% |
],__“,____‘__.__,_A — S 0 U Dt PR s _._,JI
Supplementary | Three component balance, support facility for flutter test,

Facilities

Heasuring device for unsteady aerodynamic farces, pulse wind
i generator, gust generator, data processing system

Table 2. Condition of the Expefiment

* Some angles were omitted,

V, wind speed; N, frequency of oscillation; B, distance:
between two upper chords of stiffening trusses.

I .

| Mode Torsion Vertical Bending
| Frequency 4.0 Hz 2.0 Hz

I ——— - - S e e e e e,

| Amplitude 1° 0.01 B8

frmn e e e i}
| Anglé of -3%, 0°,-3°

| Attack*

r e : -

| Wind Speed (V/NB) 0-12 0-30

i

I
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Table 3. Case of the Experiment
SoTidity Ratio Angle of
Model No. of Trusses (%) Feature of Model Attack (°) |
|
1 25 Basic shape 0 !
|
2 25 With flap 0,3 I
{figure 3-3) |
I
3 30 Basic shape 0 |
|
4 30 With flap 0, 3 |
|
35 Basic shape 0 |
|
6 35 With flap 0, 3 {
7 40 Basic shape -3, 0,3 |
|
8 40 With flap 0, 3 |
!
9 40 n type floor 0, 3 |
deck section |
(figure 3-2) |
I
10 40 Blockage of 0, 3 |
parapet on the |
median |
(figure 3-2) |
I
11 40 h/d =0 o, 3 |
|
12 45 Basic shape ] [
I
13 45 With flap 0, 3 ]
I
14 50 Basic shape 0 |
I
15 50 With flap 0, 3 {
16 100 Basic shape 0 i
I
17 100 With flap 0, 3 |
I
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thickness 1.5mm

a3

120
114—2a

3 a

3IX@122.5 = 367.5

972
oo
| | !
Solidity
Racio (%) a b c
25 4 9 7
30 6 4.5 9
35 8 5 10
40 9 6.5 12
45 11 7 14
50 13 8 16
100 solid plate

Fig.2 Plates for changing solidity ratio of stiffening truss

(Sclidity ratio; 25%Z0100%)
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FIELD STUDIES ON THE PASCO-KENNEWICK CABLE-STAYED BRIDGE
M. €. C. Bampton
Battelle Pacific Northwest Laboratories
Richland, WA
ABSTRACT

This paper briefly describes a recent study to collect bridge motion and natural wind data at
the site of the 763 m (2503 ft) Pasco-Kennewick”Cab1e-Stayed Bridge using an automated data collec-
tion system. Examples of wind and acceleration spectra as well as coherence and deck frequency
measurements are presented, The research was sponsored by the Federal Highway Administration and

performed by Battelle Pacific Northwest Laboratories over a 3 year period.

INTRODUYCTION

Traditionally, wind tunnel tests on scaled section models have been used to evaluate the
aerodynamic stability of long-span bridge designs. This procedure is generally considered to provide
conservative (safe} results.

However, there are two areas of uncertainty in wind tunnel tests and the interpretation of their
resuits, The first is related to differences in turbulence characteristics between the real world
and the wind tunnel and the effect of these differences on the wind velocities that initiate unstable
structural aeroelastic oscillations. The second area of uncertainty is related to the transfer of
energy from the wind to the bridge and the dissipation of that energy by the bridge. The Federal
Highway Administration has sponscred a study of wind induced motions of the new, cable-stayed bridge
. between Pasco and Kennewick, Washington to provide prototype information on atmospheric turbulence
and the actual response of a bridge to the turbulence.

The specific objective of the study was to determine the responses of an existing, inland, long-
span, cable-stayed bridge to the wind, This was accomplished by meking detailed measurements of the
wind structuré and bridge motions during a 2 year period. The contract for this study was awarded to

Battelle, Pacific Northwest Laboratories in Richland, HWA.

THE BRIDGE SITE
The Pasco-Kennewick Cable-Stayed Bridge was opened to traffic.September 16, 1978. It is
currently the longest span, cable-stayed bridge in the United States (figure 1). The bridge has a
total length of 763 m {2503 ft) and a center span of 229 m (981 ft). Its width is 25 m (81 ft). At

the middle of the center span, the vertical clearance between the bridge and the river is 18 m (60
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ft). The cables that support the road-bed are hung from concrete towers that extend 74 m (244 ft)
above the rivers normal water line.

Pasco, Kennewick, and Richland, collectively referred to as the Tri-Cities, are situated on the
Columbia River in South-Central Washington State, just north of the Washington-Oregon border (fig-
ure 2}. This part of the State has a semiarid climate with southwesterly prevailing winds with an
average wind speed of 3.5 m/s (7.9 mph).

In the reach of the river between Pasco and Kennewick, the Columbia flows from the
west-northwest. Therefore, the prevaiiing winds and almost ail high winds approach the bridge from
its upriver side. The upwind fetch in this direction is relatively unobstructed. There are no

isolated surface features that would have a dominant effect on turbulence characteristics.

RESEARCH APPROACH

Preliminary investigations included: review of previous research on wind induced motions with
particular emphasis on motions of long-span bridges, study of the reports of wind tunnel tests of a
scaled section model of the Pasco-Kennewick Cable-Stayed Bridge, and evaluation of the adequacy of
the Federal Highway Administration instrument system provided for use in this study.

The data collection phase of the research included: physical checkout and calibration of the
instrument system, selection of Tocations on the bridge for instrument installation, preparation of
maunting brackets and installation of the instruments, maintenance of the instrument system, c011ec—
tion of wind and bridge motion data, and removal and packaging of the instrument system for shipment

to the location of the next study.

INSTRUMENTATION

The primary instruments for measurement of bridge motions were paired, servo-type accelerometers,
manufactured by Tetra Tech, Inc. They were firmly attached to the road-bed support structures inside
weatherproof boxes (figure 3). The accelerometer signals were filtered to remove the effects of
extraneous high frequency motions that might have been generated by vehicular traffic.

Twelve accelerometers were distributed along the bridge deck in pairs, one on each side, at six
stations (figure 4). In each pair the accelerometers moved in identical directions for pure bending
motions, and in opposite directions for torsional motions. Symmetry in the bending motions was
assumed to exist about the midpoint between towers. Early accelerometer data were used to check this
assumption.

The prima;y wind instruments used were three-dimensional propeller anemometers, commonly referred

té as Gil] anemometers. Gill anemometers, manufactured by R. M. Young Co., are a compromise between
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the rugged instruments required for high wind speed measurements and the response sensitivity
required for turbulence measurements. The three propeller configuration permitted complete
description of wind vector, and the 1 m (3 ft) distance constant of these anemometers permitted
resolution of turbulent eddies that were small compared to the major structural components of the
bridge. '

The anemometer supports consisted of an aluminum frame, fensioned from above and below, that
held the anemometer 2.5 m (8.2 ft) away from the deck (figure 5). Six anemometers were positioned on
fhe west side of the deck in a logarithmically spaced array (figure 4). Separation between anemom-
eters ranged from 10 to 31C m (33 to 1017 ft) with no two separations the same,

The data acquisition system provided by the Federal Highway Administration was capable of
autohatica]]y recording data from a maximum of 60 input signals. Signal conditioning was available
for 39 input channels Teaving 21 spare channels for monitoring system performance. Ten channels of
supplementary signal conditioning were used in conjunction with the anemometers to trigger the
recording system. A multiplexor stepped through the channels at the rate of 1250 samples per second
and passed the signals to the A/D converter. The digitized samples were then stored in a data buffer
in 8-hit, offset-binary form prior to being written on one of two tape drives. A trailer, housing

the data acquisition system, was located immediately beneath the bridge at the Pasco end.

DATA ANALYSIS

The digitized data were first processed by a tape screening program. This program summarized
the data by generating maxima, minima, averages, and standard deviations of each sensor's output for
prescribed time periods. The summaries were used as a basis for the selection of data sets to be
processed further. In ithe latter stages of processing pairs of time histories were analyzed
simultaneously using Fast Fourier transform techniques to obtain power spectral densities and
autoéorreTations for individual series, and cross-spectral and cross-covariance estimates for each
pair.

Three sets of data were selected for analysis in detail. They were chosen principally on the
basis of wind directions {figure 6). One is almost perpendicular to the bridge, one is parallel, and
fhe third is in a quartering direction. Power spectra were computed for the wind components
perpendicular and parallel to the span and for the vertical wind component for each of the cases
(figure 7). The spectra do not reveal any unusual features in the wind turbulence. The spectral
characteristics for each component for the three cases were compared by plotting the spectra on a

cammon graph (figure 8).
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The spatial characteristics of the turbulence were examined by computing the coherence in the
wind signals produced by pairs of anemometers (figure 9). Coherence is a measure of the correlation
between the signals in a small frequency band. By examining the manner in which the coherence
decreases as the frequency increases, it is possible to estimate the size of typical turbulent eddies.

The Tagarithmic plots of deck acceleration spectra show symmetry of response about the midpoint
of the bridge (figure 10). This is observed by comparing accelerometer 4 respense with that of
accelerometer 12, and accelerometer 2 response with that of accelerometer 10. The latter two spectra
indicate how reduced the motion is at the deck stations immediately adjacent to the towers. The
linear plots of acceleration spectral densities for two of the sensors indicate a tendency for the
deck to respond to a parallel wind (March 20) in a torsional mode (0.68 Hz) and to the quartering
{March 23) and perpendicular (July 22} winds in a bending mode (0.35 Hz) (figure 11).

The first four mode shapes for the deck were identified 6onsistent1y throughout the data
(figure 12). Relative amplitudes and phases were obtained through transfer functions for the various
accé1erometers in response to the excitation due to the prevailing wind and vehicular traffic. A
fifth mode - second ﬁorsion - was identified with difficulty within some of the data. The experimen-
tal values for the bridge deck Tower frequencies obtained by processing the data tapes were compared
with the results of a finite element analysis (figure 13). Agreement for the bending modes was
excellent.

The half bandwidth method was used to formulate the estimates of damping at various frequencies.
The peak width at 50 percent of the peak amplitude of the power spectra is applied in conjunction
with the frequency of the amplitude in question. This method does not recognize the effects of
amplitude dependence. The table of damping estimates, obtained by the half bandwidth method, shows a
.degree of consistency by two of the accelerometers for several frequencies (table 1). These values
represent total system damping which includes both structural and aerodynamic contributions. The

estimates are reasonable for a concrete bridge structure.

CONCLUSIONS
During thé 2 year exposure period, no severe storms or extreme wind conditions were recorded at
the site. The cable-stayed bridge shows very little response (0.0l g's) to the recorded winds. For
the observed conditions, the bridge demonstrates excellent performance and confirms the aeroelastic
stability exhibited in the wind tunnel tests.
The higher speed wind events are generally from the south-southwest to southwest., There are no
unusual features related to the turbulence spectra, although computed coherences appear to be higher

than reported by previous research. This feature is particularly true for winds parallel to the span.
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The deck lower vibration modes and frequencies are well established and damping estimates appear
reasonable,

This field study is one of a series of field studies either sponsored by or conducted by the
Federal Highway Administration. The results wili be used to evaluate and improve both experimental

and analytical procedures for predicting the aerodynamic stability of long span bridges.
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Table 1.

Deck Damping Values by the Half Bandwidth Method

Damping Factor

Frequency Accelerometer Accelerometer
Date {Hz) 8 6
March 20, 1981 .36 .00432 .0040
.57 .00365 0030
.68 .0023 .0014
.75 .00258 .0028
March 3, 1980 .36 .0048 .0043
.50 .0030 .0036
.68 .0041 .0023
77 .0019 .0020
July 22, 1980 .36 .0037 .0040
o .50 .0036 .0035
.68 .00193 .0020
.76 .00187 .0031
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WIND LOAD ON SOLAR WATER HEATERS

H. Okada
T. Murota

Bulding Research Institute
Ministry of Construction
ABSTRACT

Solar water heaters mounted on house roofs are becoming widely used due to the recent rise of
consciousness of saving energy in Japan. This paper describes results of wind tunnel tests conducted
-to obtain information with regard to wind forces on solar water heaters mounted on house roofs. The
effects of heater shape, mounting'patterﬁ, roof pitch, roof shape, etc., on wind forces on heaters
are discussed.

The paper also describes a field observation of wind forces on a full-scale solar water heater

mounted on a cottage.

INTRODUCTION

Recently, solar water heaters are becoming widely used in Japan fo save energy. Most of those
heaters are mounted on roofs of residential houses where they are scmetimes exposed to strong winds.
It is therefore of great concern for structural engineers to provide safe instalTation of the heaters
against their demolition in winds. It is difficult at present to examine the safety of mounting
methods because of the lack of information that can be applied for examination.

As a cooperative research program between the Building Research Institute and Center for Better
Living, a series of wind tunnel tests was conducted to obtain information on wfﬁd load on solar water
heaters mounted on residential houses and the results of these wind tunnel tests are described in
this paper, The cooperative research also started & field observation of wind Toad on a full-scale

solar water heater in October 1981. The full-scale test setup is described herein.

DESCRIPTION OF WIND TUNNEL TEST
TEST PARAMETERS

Main parameters which govern the wind force on sclar water heaters mounted on roofs are as
follows:
1. shape of heater,
2. shape of house,
3. mounting position and pattern,

4. wind properties (mean wind velocity profile, turbulence intensity, and scale of turbulence)
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The following variations were made for each parameter in the investigation:
1,  Shape of Heater
In general, solar water heaters are either plate-like (type 1) or laid-L-1ike (type II) in shape
with their sizes about 2 m x 2 mor 1 m x 2 m. The number of heaters mounted on residential houses,
in most cases, are one for 2 m X 2 m size heaters or two for 1 m x 2 m size heater. Therefore, the
following four cases were chosen for the study of this parameter [figure 1):
a. one2mx 2 mplate-like heater
b. one 2m x 2 m laid-L-1ike ﬁeater
c. two 1lmux 2 mplate-Tike heaters set apart at a distance of 20 c¢m in parallel direction
d. two 1 mx 2mlaid-L-1ike heaters set apart at a distance of 20 cm in parallel direction
2. Shape of Residential House
The shape and dimension of the roofs of the residéntia] houses on which the four types of heaters
were mounted are given below {figure 2)}:
plan:  3.15 m (spanwise) x 4.05 m
roof: flat roof and gable roof of 1/10, 2/10, 3/10, 4/10, and 5.8/10 pitch

height of eaves: 3.4 m (one story house) and 6.0 m (two story house)

3. Position and Pattern of Mounting

Four positions and five patterns shown in figures 4 and 5, respectively, were selected for
heaters to be placed on roofs. The heaters in positions A and B are located on the center line of a
roof slope and positions C and D on the ridge. In pattern (a), the heaters are set on the roof
without leaving any space between the back surface of the heater and the roof surface. This pattern
can only be utilized on sheet metal roofs. Pattern (b) has a 10 ¢m gap between the two surfaces and
has been used quite frequently. Heaters are mounted using pattern (c) when the ridge of the house is
running in the south to north direction. Pattern (d) is applied in such a case that the solar energy
cannot be fully supplied if heaters are mounted para11ei to the roof slope. Pattern (e) is applied
in cases similar to pattern {d) but with small roof area.
4, Wind Properties

Residential houses where solar water heaters are to be installed are located in various districts
which consist of a different extent of aerodynamic surface roughness. In general, the smaller is
the surface roughness in a district, the larger becomes the force on solar water heaters. Therefore,
installation of solar water heaters can be designed on the safe side if the wind force data obtained

in a district having a smaller surface roughness is selected. The wind in this experiment was selected
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as the one in open rural districts where the mean wind velocity profile can be expressed by a
togarithmic formula with the roughness parameter, 7Z,, of 14 cm.
From many possible combinations of those parameters stated above, 55 conditions were selected in

the program as summarized in table 1.

WIND TUNNEL TEST

1. Wind Tunnel

The wind tunnel used in the test was the Boundary Layer Wind Tunnel at the Building Research
Institute, which has a working section of 3.0 m (width) x 2.5 m (height) x 25.0 m (Tength) and the
maximum wind speed of 24 m/s.
2. Wind Tunnel Model

The scale of the model for residential houses and solar water heaters was 1/20. Model dimensions
are shown in figures 1 and 2. The maximum blocking ratio, the ratio of the maximum projected area of
the model to the cross sectional area of the wind tunnel was 2.8 percent.

Pressure taps of 1 mm diameter hole were made on the upper and lower surfaces of the heater.
The number of taps was 24 (12 each on upper and lower surfaces) for type I models and 28 (16 and 12
on upper and lower surfaces, respectively) for type I1 models.
3.  Wind Tunnel Flow

Turbulent boundary layer similar to the one in rural districts was simulated by utilizing
roughness blocks and spires arranged on the tunnel floor. Photograph 1 shows the wind tunnel model,
Mean wind velocity profile, turbulence intensity profile, and power spectrum of turbulence observed
at the model test sites are shown in figures 6, 7, and 8, respectively. The mean wind velocity can
be closely approximated to a legarithmic law of the roughness parameter, Zy, of 0.70 cm,
4. Pressure Measurement

Wind pressures on heater surfaces were Ted by vinyl tubes to an electric differential pressure
transducer through a scanning device (figure 3). Mean components of the pressures were measured in
reference to the static pressure in the wind tunnel.

In addition, the dynamic pressure of wind at a point which is 1 m above the tunnel floor and 2
m upstream from the model center was also measured, The “reference" dynamic pressure stated in the
next section was calculated by reducing this pressure to the one at the height of the eaves of model

residential houses according to the mean wind speed profile.
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WIND PRESSURE COEFFICIENT
Assuming that the same pressure as observed at the ith tap also acts on an area around the tap,
the mean wind pressure on the upper surface of the heater can be calculated by equation 1:
up
?up =L PiAi/A (1)

i
Pyp ¢+ mean wind pressure on upper surface,
Pi : wind pressure measured at the ith tap,
vAi : area of the upper surface of heaters subjected te¢ pressure Pi and projected to a plane

parallel to lower surface {see figure 10},

A : projected area of upper surface of heaters to a plane parallel to Tower surface, and
I . summation over taps on upper surface.

Similarly, the mean pressure on the lower surface is calculated by:
_ 1w
Piy = L Pi AT / A (2)
i
where
Ply : mean wind pressure on lower surface, and
1w
L : summation over taps on lower surface.
i
Normalizing these pressures by the reference dynamic pressure, qg, the wind pressure coefficients

are obtained as follows:

Pup/90 (3)
P1w/90 (4)

The positive and negative coefficients are correspending to the pressure and suction, respectively.

Cup

1

C1y

Some examples of the wind pressure coefficients on the upper and lower surfaces of heaters are shown
in figures 11 and 12. The azimuth angle in these figures is defined in fiqure 9. These figures
show that the coefficients are negative in almost all the range of azimuth angle. They become mini-
mum at azimuth angles of about 135° and 45° for upper and lower surfaces, respectively. The same

tendency is observed also in other series.

WIND FORCE COEFFICIENT
The mean wind force on solar water heaters, F, can be derived from the difference between the

mean wind pressure on upper surface'ﬁup and that on Tower surface Pyy:
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F =Py - P1w (5)

Normalizing this by the reference dynamic pressure, qg, we can obtain the wind coefficient C as follows:
C = F/ao (6)
The positive and negative coefficients are correspohding to the resultant wind forces acting in the

downward and upward directions, respectively.

RELATION BETWEEN WIND FORCE COEFFICIENT AND AZIMUTH ANGLE

Typical examples given the variations of wind force coefficient with azimuth angle are shown in
figure 13. The wind force coefffcfents are positive in the range of 0° to 90° azimuth angle and they
reach their maximum values of about 45°. On the other hand, they are negative in value in the range
of 90° to 180°, and become minimum at around 135°.

In the wind resistant design of heater mounting, the maximum, and especially, the minimum values
of wind force coefficients are of great significance. The effects of various parameters on the

extreme values of these coefficients are discussed in the following paragraphs.

MOUNTING PATTERN AND ROOF PITCH

Variations of the maximum and minimum force coefficients with roof pitch are given in figure 14
for each mounting pattern. It can be observed from the figure that the extreme values of the wind
force coefficients change greatly with the mounting patterns:
pattern (a) : The minimum wind force coefficients are -1.0 to -1.2 and the maxima are negative.
pattern (b) : The maxima are about 0.1 and the minima are about -0.1. These values are much
Tess than others. |

pattern {c) : The maxima are about 1.2 and the minima are about -1.6.

pattern {d) : The extreme vaiues change greatly with roof pitch, i.e., the maximum force
coefficient increases from 1.0 to a maximum of 1.2 when roof pitch changes from
0° to 10°. It then decreases sharply with the increase of the roof pitch and
nearly equals to zero when the roof pitch is 30°. The minimum force coefficient
which is about -1.7 for flat roof, increases to zero as the roof pitch increases
to 30°.

pattern {e) : The extreme values for this pattern are larger than other mounting patterns

tested and the characteristics of the change is the same as that observed in
pattern (d). The maximum coefficient increases from 1.2 to 1.4 for the roof

pitch ranging from 0° to 15° and decreases to 0.7 when the roof pitch approaches
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30°. The minimum coefficient decreases from -1.6 to -2.0 when the roof pitch

varies from 0° to 15° and increases to -1.0 when the roof pitch is 30°.

SHAPE OF SOLAR WATER HEATER

The effect of the shape of heaters on the maximum and minimum wind force coefficients is shown
in figure 15. The maximum coefficients for type II are found to be greater than those for type I by
0.1 to 0.4 and the minimum coefficients for type Il are found to be less than those for type I by up
to 0.4.

SLIT

Figure 16 shows the effect of slit on wind force coefficients. The introduction of a 10 mm slit
causes the maximum coefficient of both types I and 1I to decrease by 5 to 10 percent and the minimum
“coefficients for type II to increase by 20 to 30 percent. No special effect was found on the minimum

coefficients for type I.

NUMBER OF STORIES

The maximum and minimum wind force coefficients for heaters mounted on one-story and two-story
houses are compared in figure 17. The absolute values of maximum and minima for the one-story house
seem to be larger than those for the two-story house, but the difference is very small. The Targest

difference is about 10 percent at very slight roof sTopes.

MOUNTING PCSITICN

As shown in figure 18, the effect of mounting position on the maximum and minimum wind force
coefficients is minor. In the case where heaters are mounted on the outer part of the roof (positions
B and D in figure 4), both the maximum and minimum wind force coefficients are found to be Tess than
those where the heaters are mounted on the inner part (positions A and C). The difference is 10

percent at most.

DESCRIPTION OF FULL-SCALE OBSERVATION
Field observation of the wind forces on a full-scale solar water heater mounted on a small
house started in October 1981. The house is located in the Construction Test Field, Bﬁi]ding Research
Institute. The purpose of the observation is to compare the wind force data observed in the field
with those obtained by wind turnel testing. Specifications of the full-scale heater test are given

below:
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shape ¢ Type 11

net area : 2mx2m

mounting pattern L -

mounting position ¢ C

plan of house : 2.7 m {span) x 3.6 m {ridge)
roof : gable roof

roof pitch : 3/10

Photograph 2 is a view of the full-scale test setup. Wind forces on the heater are measured by three

load cells inserted between the heater and the roof. The observation will continue for a few years.

CONCLUSIONS

Wind tunnel tests to obtain wind forces on solar water heaters mounted on roofs were conducted.

The results are summarized as follows:

1.

2.

3'

Wind pressure coefficients for upper and lower surfaces of the heaters are negative {suction)

in general.

Wind force coefficients of the heaters are positive (downward) when the azimuth angle is 0° to
90° and negative (upward) when it is 90° to 180°. The positive coefficiants are of their maxima
at about 45° azimuth angle and negative coefficients minima at about 135°,

The extreme values of wind force coefficients depend mainly on the mounting patterns, but not

so much on the shape of the heaters, the number of stories of the residential houses, and the
mounting position. The effects of the roof pitch on wind forces are large for the cases of
mounting patterns (d} and {e), but small in other patterns. The effect of s1it between heaters
are small for type I heaters but for type II heaters the negative wind force coefficients were

found to decrease by 20 to 30 percent with the existence of slit.
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List of Test Series

Table 1.
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Photo 1 View of a wind tunnel model

Photo 2 View of the full-scale observation



ESTIMATION OF RESPONSE-SPECTRAL VALUES AS FUNCTIONS OF MAGNITUDE, DISTANCE, AND SITE CONDITIONS

W. B. Joyner
D. M. Boore

U.S. Geological Survey
345 Middlefield Road, MS 77
Menlo Park, CA 94025
ABSTRACT

We have developed empirical predictive equations for the horizontal pseudo-velocity response at
5 percent damping for 12 different periods from 0.1 to 4.0 s. Using a multiple linear-regression
method similar to the one we used previously for peak horizontal acceleration and velocity, we
analyzed response spectra period by period for 64 records of 12 shallow earthquakes in Western North
America, including the recent Coyote Lake and Imperial Valley, California, Earthquakes. The result-
ing predictive equations show amplification of the response values at soil sites for periods greater
than or equal to 0.5 s, with maximum amplification exceeding a factor of 2 at 1.5 s. For periods
Tess than 0.5 s there is no statistically significant difference between rock sites and the soil
sites represented in the data set. These results are consistent with those of several earlier
studies. A particularly significant aspect of the predictive equations is that the response values
at different periods are different functions of magnitude (confirming earlier results by McGuire and
by Trifunac and Anderson}. The slope of the least-squares straight 1ine relating log response to
moment magnitude ranges from 0.21 at a period of 0.1 s to greater than 0.5 at periods of 1 s and
longer. This result indicates that the conventional practice of scaling a constant spectral shape
by peak acceleration wi]l_not give accufate answers. The Newmark and Hall method of spectral
scaling, using both peak acceleration and peak velocity, largely avoids this error. Comparison of
our spectra with the Regulatory Guide 1.60 spectrum anchored at the same value at 0.1 s shows that
the Regulatory Guide 1.60 spectrum is exceeded at soil sites for a magnitude of 7.5 at all distances
for periods greater than about 0.5 s. Comparison of our spectra for soil sites with the correspond-
ing ATC-3 curve of lateral design force coefficients for the highest sefsmic zone indicates that the
ATC-3 curve is exceeded within about 5 km of a magnitude 6.5 earthquake and within about 20 km of a
magnitude 7.5 event. The amount by which it is exceeded is largest in the period range from 0.5 to

2.0 s.

INTRODUCTION
Recently acquired strong motion data make possible improved predictions of near-source
earthquake ground motion. In a previous paper {Joyner and Boore, 1981) we used those data in

developing prediction equations for peak horizeontal acceleration and velocity. The present paper
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gives the corresponding predictive equations for horizontal pseudo-velocity response values at 5
percent. damping and 12 different periods from 0.1 to 4.0 s. (The pseudo-velecity response is defined
as the angular frequency of the cscillator times the maximum relative displacement response.) These
equations enable us to predict response spectra directly without the use of a scaling parameter

such as peak acceleration or peak velocity. They also enable us to examine the degree to which the
shape of response spectra depends on magnitude, distance, and site conditions -- an important issue
in engineering seismology in view of the common practice of deriving design spectra by using peak

acceleration to scale spectra of constant shape.

METHOD
We fit the response spectral data at each period using a two-step regression analysis. The
first step is represented by the equation:
Tog yi5 = ej -plogr+br+cS; (1)

where

Sj 1 if site j is a soil site,

0 if site j is a rock site,
2 2y1/2
(dij + he)H e,

r
¥ij s the pseudo-velocity response value for earthquake 1 at site J and dyj is the closest distance
from recording site j to the vertical projection on the earth's surface of the rupture surface for |
earthquake i. The parameters aj, p, b, ¢, and h are determined by the regression analysis. In the
usual case p is taken to be unity and aj, b, and ¢ are determined by linear regression for successive
assumed values of h. The final values are determined by a simple search procedure on h to minimize
the sum of squares of residuals. If the final value obtained for b is positive (which would represent
negative anelastic attenuation) we set b equal to zero and redo the process with as, p, and_c as the
parameters determined by linear regression. Once the values of aj are4determ1ned they are used in a
second regression analysis to determine the magnitude dependence according to the equation:

aj = a + BM; (2)
where M; is the moment magnitude {Hanks and Kanamori, 1979) of earthquake i. The form chosen for
the regression is the equivalent of:

-qr
o q

jc!x-

y:

where k is a function of magnitude and period and q is a function of period.
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To estimate oy, the standard error of the prediction made by the procedure described here, we
use the equation:
O’y =(0'52 + 052)1/2
where
o; is the standard deviation of the resfdua]s‘from the regression analysis of eguation (1),

0y is the standard deviation of the residuals of the regression analysis of equation (2).

DATA
The data set represents 64 records from 12 earthquakes. This is the data set used earlier
(Joyner and Boore, 1981) for peak velocity, augmented by two additional records, a record at Sitka,
Alaska, on a rock site 45 km from the M 7.7 Sitka Earthquake of 1972 and a record at Icy Bay, Alaska,
on a soil site 25.4 km from the M 7.6 St. Elias Earthquake of 1979. The distribution of the data set
in magnitude and distance is shown in figure 1.
At each period we use the larger of the two horizontal response values. In the future we plan

to repeat the analysis for the mean of the two horizontal values.

RESULTS

To ilTustrate the dependence of the response values on magnitude, the results of the regression
analysis of equation (2) are shown in figures 2, 3, and 4 for periods of 0.1, 0.5, and 1.0 s,
respectively. Note that the slope of the 1line is greater at longer periods.

The result of the two-stage regression analysis is a predictive equatien for pseudo-velocity
response

logy=a +BM-plogr+br+cS$ (3)
r= (d2 + h2)1/2

where the symbols are as defined for equation (1) and the parameters o, B, p, b, ¢, and h are
determined for each period by the two-stage regression analysis in the manner previously described.

Our use of a value of h in equation (3) that is independent of magnitude is the equivalent of
assuming that the curve showing the attenuation of response with distance has the same shape indepen-
dent of magnitude or, in other words, that the change in response for a given change in magnitude 1is
the same at every distance. We used the same assumption in our analysis of peak acceleration (Joyner
and Boore, 1981). Others (e.g., Campbell, 1981) in analyzfng peak acceleration have postulated that
the shape of the attenuation curve does in fact change with magnitude and in particular that at
small source distances there is less change in peak acceleration for a given change in magnitude

than at large distances, We test this proposition for response spectra in the same way we tested it
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for peak acceleration and velocity (Joyner and Boore, 1981). We take stations with source distances
less than 10 km, which are the ones most sensitive to a magnitude dependent attenuation, and we
compute the residuals against the predictive equations based on the assumption of magnitude-
independent attenuaticn. We then plot the residuals against magnitude. If there is support in the
data for magnitude-dependent attenuation, it should show as a magnitude dependence in those resid-
uals. The residuals are plotted against magnitude along with the Teast-squares straight line in
figures 5, 6, and 7 for periods of 0.1, 0.5, and 1.0 s, respectively. These plots do not suggest
any systematic relationship. The slepe of the least-squares straight Tine in figure 5 indicates a
greater change at small distances for a given change in magnitude rather than less. ~We conclude
that there is no support in the data for an attenuation curve with magnitude-dependent shape.

Cérrying out the analysis for response at 5 percent damping gives the parameters reguired by
equation (3). These are plotted against period in figure 8. Because we believe that smooth spectra
will be more useful, we draw smooth curves for the points 1n figure 8, and use the smoothed values
for all spectra shown. Both raw and smoothed values of the parameters are given in table 1,

Figure 9 shows the spectra for rock and soil sites at zero distance and moment magnitudes of
5.6, 6.5, and 7.5. A large effect of magnitude on spectral shape is indicated by the different
spacing at short and Tong periods between the curves for different magnitudes. The same result is
implicit in figure 8 which shows that the magnitude coefficient 8 ranges from less than 0.25 at the
short period end teo more than 0.50 at the long period end. Earlier work by McGuire (1974) and by
Trifunac and Anderson (1978) demonstrated this general relationship between response va1ues.and
magnitude.

Figure 9 indicates a dependence of spectral shape on site conditions in that there is an
amplification by about a factor of two at scil sites for the Tonger periods and no amplification at
all for the shorter periods. These results are similar to those of several earlier studies and
certainly hold for the typical soil site represented in our data set, but caution should be exercised
in applying the results, because there is evidence that substantial amplification does occur at” short
periods for certain site conditions. In the 1979 Coyote Lake Larthquake, records were obtained at a
rock site and at a site only 2 km away where 180 m of Quaternary alluvium overlay the rock (Joynér
and others, 1981). The pseudo-velocity response at 0.1 s and 5 percent damping was amplified by a
factor of 1.9 at the site on alluvium. A likely explanation of the discrepancy is that there is a
much greater thickness of low-Q material at the typical soil site, and therefore, more attenuation of

high frequencies than at the site referred to above.
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Figure 10 shows the spectra for soil sites at magnitude 7.5 and a range of distances. The shape
of the spectrum changes significantly between d = 0 and 10 km but relatively 1ittTe between 10 km and
80 km. The difference in shape between 0 and 10 km reflects the fact that the h values at shorter
periods are about twice as great as those for longer periods. A corresponding relationship was found

between the h values for peak horizontal acceleration and velocity (Joyner and Boore, 1981},

DISCUSSION

Equation (3) along with the parameter values given in table 1 constitutes a set of equations by
which response spectra can be predicted directTy without the use of scaling parameters such as peak
acceleration or peak velocity. These equations are constrained by data at soil sites over the entire
distance range of interest for moment magnitudes Tess than or equal to 6.5. The data set contains no
recording at rock sites with d less than 8 km for earthquakes with magnitude greater than 6.0, and
caution should be used in applying the equations ta rock sites at shorter distances for earthquakes
of larger magnitudes. For distances less than 25 km and magnitudes greater than 6.5 the predictive
equations are not constrained by data, and there also the results should be treated with caution. We
do not propose use of the predictive equations beyond a moment magnitude of 7.7, the 1imit of the
data set.

The result that the shape of response spectra depends strongly on magnitude indicates that the
common practice of using peak acceleration to scale normalized spectra of fixed shape leads to
substantial error. The coefficient of magnitude in the predictive equation for peak horizontal
acceleration is approximately 0.25 and the corresponding coefficients for the response spectral values
at periods greater than 1.0 s are all greater than 0.50. Most of the records used in determining
standard spectral shapes are from earthquakes of magnitude Tess than 7.0; the average might be 6.5 or
less. Under these circumstances the practice of scaling a standard spectral shape using peak
acceleration would result in an error of about a factor of two at magnitude 7.5 for periods greater
than 1.0 s.

The scaling procedure advocated by Newmark and Hall (1969) is largely immune from the errors
associated with scaling standard spectral shapes by peak acceleration. They suggested scaling the'
short period porticn of the spectrum by peak acceleration and the intermediate portion (about 0.3 to
2.0 s) by peak velocity. Comparison of the parameter values in figure 8 and table 1 with the
corresponding values for peak horizontal acceleration and velocity (Joyner and Boore, 1981) indicates
a general similarity between the parameter values for short period response and those for peak

acceleration and between the values for longer period response and those for peak velocity.
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The design of nuclear power facilities in the United States is largely on the basis of a fixed
spectral shape described in Regulatory Guide 1.60 (U.S. Atomic Energy Commission, 1973). It is
intended that this spectral shape be scaled by peak acceleration. Regulatory Guide 1.60 specifies
that it does not apply to sites which "{l) are relatively close to the epicenter of an expected
earthquake or (2) have physical characteristics that could significantly affect the spectral pattern

of input motion, such as being underlain by poor soil deposits." No quantitative definitions of
"close to the epicenter" or "poor soil deposits” are given. We compare the Regulatory Guide 1.60
spectrum with our spectra in figures 11 and 12. Figure 11 gives spectra for soil sites for a moment
magnitude of 6.5 and distances of 0, 10, and 40 km., Figure 12 gives the corresponding spectra for a
magnitude of 7.5, The Regulatory Guide 1.60 spectrum is shown by the dashed 1ine and for the purpose
of comparison is anchored to each of our spectra at a period of 0.1 s. On figure 11, the Regulatary
Guide 1.60 spectrum is exceeded only by our spectrum for zero distance. Even that is not a problem,
however, because the Regulatory Guide 1.60 spectrum is not intended for use at “close" distance. In
figure 12, we see that for magnitude 7.5 the Regulatory Guide 1.60 spectrum is substantially exceeded
at all distances for periods greater than about 0.5 s. Whether this represents a serious problem or
not depends of course upon whether there are important structures with periods greater than 0.5 s

and upon the safety margins available.

The lateral-force coefficients in the earthquake-resistance provisions of building codes can be
related to response spectra, In figures 13 and 14 we compare our spectra with the lateral design
force coefficient Cg in the proposed ATC-3 Code (Applied Techno1ogy Council, 1978). Figure 13 gives
our spectra at soil sites and a range of distances for a magnitude of 6.5, and figure 14 gives the
corresponding spectra for magnitude 7.5. The Cg curve from ATC-3, shown in both figures 13 and 14 by
the dashed line, is calculated for a response modification factor R of 1.0, for soil type $2 (deep
cohesionless or stiff clay soil conditions) and for Ay and A, values of 0.4, which correspond to the
zones of greatest expected ground motion. The comparisons show that the ATC-3 curve is exceeded
within about 5 km of a magnitude 6.5 earthquake and within about 20 km of a magnitude 7.5 event., The
amount by which it is exceeded is largest in the period range from 0.5 to 2.0 s, The implications of
these differences depend among other things upon the safety margins available in the system and can

only be properly evaluated by structural engineers.
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Table 1. Parameters in the Prediction Lquations for Pseudo-Velocity Response {cm/s)
at 5 Percent Damping

Period a A h P b c oy
5 km km-1

0.1 raw 0.81 0.710 9.4 1.0 -0.00612 0.0 0.26
smoothed 0.95 0.210 10.6 1.0 -0.00707 0.0 0.27
0.15 raw 1.07 0.221 11.4 1.0 -0.00766 0.0 0.28
smoothed 1.09 0.218 10.4 1.0 -0.00661 0.0 0.27
0.2 raw 1.13 0.226 10.8 1.0 -0.00637 0.0 0.27
smoothed 1.09 0.232 9.7 1.0 -0.00628 0.0 0.27
0.3 raw 0.89 0.276 6.9 1.0 -0.00480 0.0 0.27
. - smoothed 0.87 0.280 6.9 1.0 -0.00583 0.0 0.28
0.4 raw 0.39 0.358 4.6 1.0 -0.00519 0.0 0.32
smoothed 0.41 0.352 5.0 1.0 -0.00551 0.03 0.31
0.5 raw 0.11 0.390 4.7 1.0 -0.00543 0.14 0.33
smoothed 0.08 0.401 4,5 1.0 -0.00523 0.08 0.33
0.75 raw -0.52 0.478 3.3 1.0 -0,00451 g.19 0.34
smoothed -0.47 0.479 4.4 1.0 -0.00470 0.19 0.36
1.0 raw -0.72 0.519 5.0 1.0 -0.00548 0.21 0.37
smoothed -0.80 0.523 4.4 1.0 -0.00429 0.25 0.36
1.5 raw -0.93 0.528 5.6 1.0 -0.00310 0.33 0.37
smoothed -1.14 0.564 4.4 1.0 -0.00358 0.31 0.36
2.0 raw -1.44 0.611 5.2 1.0 -0.00327 0.30 0.36
smoothed - =1.26 0.574 4.4 1.0 -0.00259 0.32 0.36
3.0 raw -1.37 0.573 3.7 1.0 0.0 0.31 0.33
smoothed -1.37 0.576 4.4 1.0 0.0 0.29 0.36
. 4,0 raw -1.29 0.554 4.1 0.982 0.0 0.22 0.37
smoothed -1.44 0.576 4.4 0.982 0.0 0.25 0.36
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Figure 1. Distribution of the data set in moment magnitude and distance
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5 Percent Damping

4r— —

Figure 2. Values of a; for horizontal pseudo-velocity response {emfs) at 5 percént damping and
0.1 s period from the regression analysis of equaticn (1), plotted against moment
magnitude
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5 Percent Damping
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Figure 3. Values of aj for horizontal pseudo-velocity response (cm/s) at 5 percent damping and
0.5 s period from the regression analysis of equation (1), plotted against. moment .
magnitude
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Figure 4. Values of aj for horizontal pseudo-velocity response (cm/s) at b percent damping and
1.0 s period from the regression analysis of equation (1), plotted against moment
magni tude
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Figure 6. Residuals with respect to equation (3) of the logarithm of horizontal pseudo-velocity
response at 5 percent damping and 0.1 s period plotted against moment magnitude for
stations with d Tess than or equal to 10 km, with least-squares straight line
superposed
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Figure 6, Residuals with respect to equation (3} of the logarithm of horizontal pseudo-velocity
response at 5 percent damping and 0.5 s periad plotted against moment magnitude for
stations with d less than or equal to 10 km, with least-squares straight line
superposed
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Figure 7. Residuals with respect to equation (3) of the logarithm of horizontal pseude-velocity

. response at 5 percent damping and 1.0 s period plotted against moment magnitude for
stations with d less than or equal to 10 km, with least-squares straight Tine
superposed
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Figure 8. The parameters of equation (3) plotted against period (except for the parameter p,
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two-stage regression analysis and the solid Tines show the smoothed values.
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Figure 9. Predicted pseudo-velocity response spectra for 5 percent damping at rock sites
(dashed 1ine) and soil sites (solid line) for d equal to zero and moment magnitude
equal to 5.5, 6.5, and 7.5
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Figure 10. Predicted pseudo-velocity response spectra for 5 percent damping at soil sites for
a moment magnitude of 7.5 and d equal to 0, 5, 10, 20, and 40 km
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figure 11. Predicted pseudo-velocity response spectra for 5 percent damping (solid lines) at
soil sites for a moment magnitude of 6.5 and d equal to 0, 10, and 40 km compared
to the Regulatory Guide 1.60 spectrum (dashed lines) anchored to the predicted
spectra at 0.1 s
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Figure 12, Predicted pseudo-velocity response spectra for 5 percent damping (solid lines) at
s0i1 sites for a moment magnitude of 7.5 and d equal te 0, 10, and 40 km compared
to the Regulatory Guide 1.60 spectrum (dashed Tines) anchored to the predicted
spectra at 0.1 s
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Figure 13.
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Predicted pseudo-velocity response spectra for b percent damping (solid lines) at
soil sites for a moment magnftude of 6.5 and d equal to 0, 5, 10, 20, and 40 km
compared to the ATC-3 lateral design force coefficient (dashed Tines) calculated
fnroa response modification factor R of 1.0, for soil type 52, and for Ay and Ay
of 0.4 )
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Figure 14.
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RECONSIDERATION OF THE INPUT WAVES FOR DYNAMIC ANALYSIS
Keiichi Ohtani
National Research Center for Disaster Prevention
Science and Technology Agency
ABSTRACT

The aseismic design method using dynamic analysis has been well established in Japan. Actual
design cases of high rise buildings have been totaled up to about 400 Tn the past 20 years. In this
paper, the present state of aseismic design, especially of the dynamic response analysis is reviewed.

Some problems related to the input waves for design are also discussed, and scme future subjects

for research and development are proposed.

INTRODUCTION

Building height in Japan has béen Timited to 31 meters since the Kanto Earthquake. In February
1962, a study to possibly understand fully the design and construction of high rise buildings was
initiated by the Building Constructor Society in behalf of'the Ministry of Construction. In
September 1963, the Archtectural Institute of Japan published its original draft of the "Guideline
for Aseismic Design of Tall Buildings." As a result, the "Building Standard Law" of Japan was altered
from the building height 1imitation to building volume limitation in Jangary 1964.

The number of high rise buildings exceeding 45 meters has been increased to about 400 since
January 1964. These buildings have been examined thoroughly with regard to aseismic safety using
dynamic analysis instead of static analysis, and have received the judge-and-rating to the propriety
of their structural design by a committee consisting of a group of specialists, In June 1981, the
structural design specified in the "Building Standard Law" was again revised to reflect the accumula-
tion of experiences in using the dynamic analysis in actual design and the results of the earthquake
engineering research.

The general trend of the current aseismic design of high rise buildings are discussed and some

approaches related to input waves for the design are proposed in this paper.

PRESENT STATE OF ASEISMIC DESIGN OF HIGH RISE BUILDINGS IN JAPAN
The structural design of high rise buildings are carried out in accordance with the "Guideline

for Aseismic Design of Tall Buildings,” usually employing dynamic response analysis to check the
structural safety. The documents and drawings of the structural design are presented by structural
designers to the Building Center of Japan (BCJ) and are reviewed by the Evaluation Committee of the

High Rise Building Structures of BCJ with regard to the propriety of the structural design.
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A summary of the aseismic design of the high rise buildings is given as follows:

The structural systems used are either the § type (steel structure for the main parts) or the
SRC type (composite steel and reinferced concrete structure), and the ratioc between the two is about
1:2. The number of stories veries from 10 to 60, and in most cases is 14 to 18 feor SRC type and, 14
to 30 for S type.

A general method of modeling is to connect the masses of each floor by springs from floor te
floor (the idealized Tumped mass vibration system). Both shear model and flexual-shear model are
used for elastic response analysis, but at present the flexual-shear model is much more widely used
than the shear model. In general, the shear model is used for inelastic response analysis. If the
flaxual-shear is used for elastic analysis, the eguivalent shear model which is constructed using the
fundamental period and vibration mode of the shear model is used for the inelastic case. The force-
deformation curves of the open frame and of the quake resisting wall are determined respectively, and
then the curve used for the building design is made by the superposition of these curves. To further
simplify the curve, the spring used to represent the story is approximated by either a bilinear or
trilinear Tine.

The approximate relation between fundamental period (Ty) and number of stories {N) is given as

follows:

13

T = 0.08N  (S)

0.1N (SRC)

The relation between "T1" and "Cg" where Cg, is the design base shear coefficient is given as (g =
{0.24 = 0.42)/Ty whereas the “Guideline" recommends Cg = (0.18 ~ 0.36)/Ty. Therefore, the designers
have a tendency to design structures using a more severe criterion than that specified by the "Guide-
line." They expect that satisfactory structural safety margins can be accomplished by selecting
larger sections in the design, even if it results in a little waste in the design, since the high
rise buildings have not yet experienced any great earthqguakes and their safety has not been proven
enough in practice.

The earthquake accelercgrams from E1 Centro NS has been used in almost all design cases as the
standard excitation, and Taft EW is also used in 80 to 90 percent of the cases. The accelerograms
from Tokyo 101 NS, Sendai 501 NS, and Osaka 205 EW, etc., observed in Japanese earthquakes are also
used in the design.

The maximum input acceleration varies from 200 to 250 gal for the elastic response analysis and
350 to 400 gal for the inelastic response analysis. However, the use of maximum input velocity in

the design method has been increased in recent years. In this approach, maximum velocity of 25 kine
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for elastic analysis and 40 kine for inelastic analysis are employed. The maximum angle of story
deformation used in the design is in the range of 1/200 to 1/150 for elastic analysis with a higher

magnitude of 1/120 to 1/80 for inelastic analysis. Ductility factor for the inelastic design is u 2.

INPUT WAVES FOR DESIGN
The aseismic design method using the dynamic analysis, which has been used in the actual design
of about 400 cases in 20 years, has not been made any revision in those 20 years. By examining
carefully through the stages in the actual design, I consider that the method certainly has some

problems. The problem of selecting input waves for design is discussed in this section.

ESTABLISHMENT OF INPUT WAVES FOR DESIGN

Earthquake motion is determined by factors such as the scale of the earthquake, the
characteristics of the epicenter, the passage of wave propagation, and the condition of rock and sail
at the site, etc. Of course, it is extremely difficult to forecast the earthquake motions, which
would occur in the future, by considering the above mentioned many factors. Many researchers are
studying the forecasting by deterministic or statistical methods, but these methods have not been
used in practice yet.

Establishment of the input waves used in the aseismic design {design wave) affects greatly the
design results. Methods used to establish the design waves, at the present, are as follows:

(1) To use the observed earthguake accelerograms.

(2) To develop an artificial earthquake using random theory.

{3) To calculate the earthquake motion using theoretical seismology and other
engineering knowledge.

However, in the actual design, method (1) has been used almost exclusively, except that other
methods were employed during the investigation stage for checking purposes.

In design mefhod (1), the selected accelerograms are affected by the characteristics of the
ohservation site and the magnitude of earthquake one selects. Therefore, there is a question that
the earthquake which would occur in the future at the design site would have the same characteris-
tics. Tc reduce the uncertainty, several earthquake accelerograms are employed as the design waves
for the design. Fiqure 1 shows the velocity response spectra of E1 Centro NS, Taft EW, and Tokyo 101
NS. These three waves are used very commonly in Japan, and have different dominant pericds, i.e.,
E1 Centro NS is 2.6 sec, Taft EW is 1.6 sec, and Tokyo 101 NS is 0.8 sec, respectively. If these
three waves are employed in the design as a set, these waves are given the same regular response

Tevel for the wide frequency zone to make up the frequency characteristics.
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In the future, it is necessary that both regularly used and new design waves be examined to
minimize the weakness of this approach. The expected method of selecting design waves should include
the establishment of wave groups calculated from the seismicity map of the region and the subsurface

condition of the site.

FREQUENCY CHARACTERISTICS OF THE DESIGN WAVES

The frequency characteristics of the earthauake accelerograms, which are used very commonly in
design are shown in figure 1. It is the guestion that the frequency characteristics for elastic
analysis and for inelastic analysis should be the same or not.

The velocity response spectra of several earthquakes observed at Iwatsuki, Saitama Prefecture are
. shown in figure 2, MNumerals in the figure indicate the magnitude of the earthquakes. The relation
between the dominant period and the magnitude is given in figure 3 which indicates that the dominant
period has the trend to increase with the magnitude. The dominant period for an earthquake of M= 8
is estimated at about 2 to 2.5 sec.

In the future, it is necessary that the frequency characteristics be changed to calculate the
dynamic response for elastic analysis and inelastic analysis. To accomplish this goal, strong motion

observations should be continued and strengthened by a network system.

LEVEL OF THE DESIGN WAVES

Essentially, the level of the design waves is determined by the level of seismicity of the
construction site. Most commonly, the level of the design waves is determined by the-maximum input
acceleration. As accumulation of the strong earthquake records increases along with the improvement
of accuracy of measurement, the recorded maximum acceleration is also increasing. However, the
relation between the recorded maximum acceleration of an earthquake and its associated damage is not
very good. If a very strong earthquake of long duration is employed as the design wave, the response
should be much greater than the response of a general earthguake.

The use of maximum input velocity is considered as another method of determining the level of
fhe design waves. Both the maximum acceleration and the maximum velocity methods are determined by
the peak (the maximum value) in the duration of an earthquake.

It is the question that these two methods used for the evaluation of dynamic behavior in the
duration of an earthquake are proper methods or not. The level of the design waves should be deter-
mined by the total information through the duration of the earthquake. It therefore should be a
useful alternative that the maximum input energy (calculate from the time integration of the energy

of an earthquake) is employed to determine the level of the design waves.
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CONCLUSTOM

The current design method used in 400 actual designs of high rise buildings and some questions

related to input waves for design are discussed. Although the "Guideline" has recommended that a

suitable input excitation must be chosen according to site or foundation condition, the actual state

of the design is hardly taking into consideration of this foresafd condition., The development of a

“"Standard excitation" {design wave) and the method which takes into account of the seismicity and

dynamic characteristics of the ground at the site are necessary. Several points of future

developments of the input waves are proposed:

(1)

(2)

To prepare the seismicity map of each region using parameters such as the scale of an
earthquake and the focal distance.

To prepare a calculation method considering the above seismicity map and the dynamic
characteristics -of ground at the site.

To establish the frequency characteristics of an earthquake in accordance with the
scale of the earthquake.

To establish an evaluation method for the level of earthquake considering the total
information through the duration of the earthquake. For example, the maximum input
energy is an effective parameter for the determination of the level of the design

waves.

1t is a fact that the characteristics of the design waves have significant influence or the

results of the structural design. Therefore, it is very important for the structural designer and

researchers to continue the consideration of this prcblem.
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SOME NEW PROCESSING TECHNIQUE§ FOR THE IMPERIAL VALLEY 1979 AFTERSHOCKS
A. Gerald Brady
U.S. Geological Survey
Menlo Park, CA
ABSTRACT

This paper describes some of the features of the Tatest processing improvements that the U.S.
Geclogical Survey (USGS) is currentTy applying to strong-motion accelerograms from the national
network of permanent stations. At the same time it introduces the application of this processing to
the set of Imperial Valley aftershocks recorded following the main shock of October 15, 1979.
Earlier processing of the 22 main shock recordings provided corrected accelerations, velocity and
displacement, response spectra, and Fourier spectra. The digital data has been available on two
tapes from NOAA, in Colorado, for 2 years now, and a report containing computer plots has been
available, while supplies last, from the USGS in Menlo Park.

The USGS has taken the opportunity provided by the large number of triggerings at 30 permanent
stations in the Imperial Valley to update the processing scheme applied particularly to short dura-
tion accelerograms with frequencies possibly as high as 50 Hz.

A total of 67 of the aftershock recordings were selected for digitization, from eight events.
The number of stations involved is 20, all of which had previously recorded the mafin shock. A brief
outTine of the processing steps that have been developed is included, as they have been applied to
the best recorded, M 5.0, aftershock. The seTection of a Tong-period filter and its dependence on
the need to remove a predominant 4 sec component is discussed. Displacements from those stations on
the E1 Centro Array with radic time have been plotted so as to indicate visually the total processing

package.

IDENTIFYING AND SCALING AFTERSHOCK RECORDINGS

The stations in the permanent network are shown in the map of figure 1. All are USGS stations
except the following which belong to the California Division of Mines and Geology network: the
ground stations at Niland and Westmorland, the bridge overpass on Interstate 8, and the County
building in E1 Centro. The E1 Centro Array lies approximately perpendicular to the Imperial Fault,
spanning 22 km on either side, with station 6 Tocated between the Imperial and Brawley Faults. Four
USGS stations 1ie to the southeast of the array, although the instrument at Meadows was Tnoperative.
Six USGS stations lie on the northwestern side of the array. An additfonal film recorder, named the
Differential Array, is Tocated at the site of the special array of digital instruments within the

city of E1 Centro.
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The epicenter of the 1940 event is indicated in addition to the main shock of October 15, 1979.
The epicenters of five of the eight aftershocks whose records have been digitized are indicated by
crosses. The M 5.0 event Tabeled E2319 occurred 2-1/2 min after the main shock; the other four all
to the northwest surrounding Brawley occurred during the next 24 hr. The three events whose
epicenters have not been calculated or plotted occurred in the 2-1/2 min time intervals between the
main shock and E2319.

A partial 1isting of the accelerograms occurring during the first 24 hr is included in table 1.
The top section of the table Tists those aftershocks occurring in the first 2-1/2 min; the time
given, in seconds, is the average triggering time of the contributing records. The stations and
their fault distance are listed at the top and bottom of the table. 1In addition to the stations on
the E1 Centro Array, numbered 1 to 13, are the abbreviations used for the other stations, namely,
Superstition Mountain, Parachute Test Facility, Calexico, the Differential Array, Brawley, Bonds
Corner, Holtville, Calipatria, and the Salton Sea Wildlife Refuge.

Pasitively identified records are fndicated by an x. Parentheses surrounding an x indicates
less than a positive identification, and inclusion of such records in the study of a particular event
would have to await more detailed wave form comparisons. Of the 11 aftershocks Tisted during the
first 2-1/2 min, 4 were recorded by at Teast 6 stations. The total number of records, N, is Tisted
in the right-hand column for each aftershock. This criteria, of at least six records, governed
whether a particular aftershock set was digitized. The event identified by the average triggering
time of 23 hr, 18 min, 35 sec, M 5.0, has 16 positively identified records and is the subject of the
processing steps described in the following. Its location and origin time were determined from the

strong-motion data (D. Boore, personal communication):

Epicenter 32°  46.00°N

115° © 26.48'W (+ 6 km, horizontally)
Depth 9.52 + 3 km
Origin time 2319 hr, 29.62 sec, October 15, 1979, UTC
Magnitude Mp 5.0 (PAS)

Scaling of the peak values, and reading of S-t intervals and durations are carried out from the
original reéords at the same time as events are identified (Matthiesen and Porcella, 1980). Fig-
ure 2 shows the peak sealed accelerations for those stations whose accelerographs are aligned trans-
verse and parallel to the Imperial Fault. The drop in amplitude of the horizontal peaks at station
10 to the southwest, and stations 3, 2, and 1 to the northeast is partially explained by the fact
that these stations lie on the 45° shear wave nodal Tines drawn from the plotted epicenter

(figure 1).
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PROCESSING STEPS

The elements of the processing procedure can be divided into three main groups:

A. Digitization and preparation of uncorrected data, with no alteration to the freguency
content of the digitized record.

B, Instrument correction and its preliminary anti-aliasing, to provide equispaced data whose
high frequency content is as accurate as possibie.

C. Long period removal of various types, dependent on the nature of integrated velocity and
displacement, and on the shape of the Fourier spectra. This ensures the remaining long period
content is as accurate as possible.

Each of these processing groups has received attention recently in our efforts to upgrade the
quality of the corrected data, making use of the most recent research results. A more detailed
description of some of the compcnents follows.

Al. Digitization of the original 70 mh film record, or a film copy specially prepared for
automatic trace following, is performed commercié]]y by IOM-TOWILL of Santa Clara, California. They
provide digitized nonequispaced versions of all data and reference traces at an approximate density
of 600 samples per second (sps). Higher density digitization is performed automatically around sharp
peaks, while less dense performance results when operatof intervention is regquired at trace inter-
sections or severe trace lighting.

A2. Records are digitized in sections, or "frames", of 10 cm Tength, corresponding to 10 sec
durations. Records from this aftershock are mostly twe frames long. These have been reassembled by
making use of ink lines previcusly inserted perpendicular to the film transport direction, and
digitized in each of the two adjacent frames.

A3. The one-half sec time marks are operator-digitized and used to define the time coordinates
of the traces. The instrument's sensitivity is used to scale the amplitudes to accelerations. These
are nominal accelerations, particularly at frequencies greater than about 15 Hz, prior to any instru-
ment correction.

Ad. The data are interpolated to equispaced 600 sps, in preparation for subsequent processing
which, although designed to alter the frequency content, is none-the-less carried out in the time
domain.

B,  Steps B5, B6, and B7 are carried out simultaneously with a combination convelution
operator, acting sequentially on the 600 sps time series.

B5. Any anti-aliasing low-pass filter at a frequency of 100 Hz ensures the removal of any noise

in the digital data between 100 Hz and 300 Hz, including that which could have been aliased into this
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range by the earlier interpolation to 600 sps. This step guarantees that there is negligible energy
transferred to the 0 to 100 Hz range by the subsequent decimation {in B7) to 200 sps.

B6. In the frequency range between 0 and 50 Hz an instrument correction is applied, using the
natural period and damping of the accelerometer. We have replaced the centered difference scheme for
the first and second derivatives with a contribution to the combined convolution operator. This time
domain convolution has 61 weights spanning 0.1 sec, and reduces the errvors in instrument correction
at high frequencies to negligible proportions. Figure 3 shows the ideal instrument correction to 30
Hz compared with the centered difference correction; the amplitude response of the convolution opera-
tor is almost indistinguishable from the ideal curve. Figure 4 shows the complete operator response
to 300 Hz. A cosine taper is fitted between the instrument correction, applied to the range 0-50
Hz, and the anti-aliasing filter, applied to the range 100-300 Hz. For the specfic input parameters
for this filter, it is noted that amplification of almost five items will occur if frequencies
hetween 60 and 70 Hz are present.

B7. A data density of 200 sps, providing a convenient representation of the original analog
record, is produced by decimation.

The presence of long period noise in a record that has been processed through the instrument
correction stage becomes evident on calculating the velocity and displacement. Dispiacehents magnify
long-periad content while making high frequency content less visible. The decision on whether to
make a long period correction or not, and of what form the correction should be, is based on pre-
vious experience (Basili and Brady, 1978), the resuits of statistical noise investigation {Trifunac
and Lee, 1978) and the actual appéarance of velocity, displacement, and Fourier spectra. Among the
options currently available in the USGS processing scheme are the following.

€8. The removal of a Tinear trend in velocity, or the removal from the complete velocity trace
a linear trend calculated from a specific section of it, is a suitable procedure if it proves to be
the only correction required.

€9. Long period removal can be accomplished by an Ormsby filter (Basili and Brady, 1978)
syitably adapted to the record, or a Butterworth bidirectional fiTter (Fletcher and others, 1980).

C10. Records which commence with high-amplitude P-wave arrivais will need a cosine taper fitted

to the beginning of the record prior to the calculation of the Fourier spectrum.

SELECTION OF FILTER
Most of the original film records from the aftershock under investigation clearly showed the
presence of a 4 sec component which had commenced during the main shock 2-1/2 min earlier. Our

regular procedure for selecting a long period limit for these records would have resulted in Teaving
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this 4 sec component untouched. In order to study the detailed arrivals of P (where possible} and S
waves we have removed all long period content greater than 2 sec, with the 0.5 Hz Butterworth filter
whose effect is shown in figure 5. The 4 sec component displacement is shown also, by substituting
a 0.2 Hz filter, which removes all periods longer than 5 sec. For comparison purposes, the dis-
placement when no filtering is applied is also shown.

In order to provide an overall view of the quality of the long period processing, figures 6 and
7 have been prepared showing the calculated displacements from stations on the E1 Centro array with
radio time, arranged on a common time scale. The 0.5 Hz filtered data has been used, so as not to be
contaminated with the 4 sec signal. Figure 6 shows the displacements in the 230° direction, that
is, perpendicular to the fault in the scuthwest direction, approximately. Stations 1 through 6 lie
to one side of the fault, while station 11 lies 13 km from the fault on the other side. The figure
lists the fault distance and epicentral distance for the stations. The time scale indicates seconds,
after 23 hr 19 min, October 15, 1979, UTC. The arrows on the displacement plots indicate the peak
values, which are enumerated on the vertical axes. The arrival of the transverse shear wave, a pulse
in the 230° direction, is reasonably clear on all records, although preceded by a preparatory move-
ment in the opposite direction, at stations 2 and 11. The simultanecus arrival at stations 4, 5,
and 6, between 10 and 11 km from the epicenter, define a shear wave velocity of 2.2 km/sec.

Figure 7 shows the displacements in the 140° direction (parallel to the fault, approximately
southeast). For stations 1 through 5 a very clear pulse in the southeast direction is visible, while
stations 6 and 11 show a clear pulse in the opposite direction. Given the clarity of these displace-
ment pulses, this implies that the initial rupture for this aftershock occurred on a plane that

passes to the northeast of station 6, whereas the Imperial Fault passes to the southwest.

CONCLUSIONS
The improvements made to the USGS processing scheme for strong-motion accelerograms have
concentrated on improved high frequency content, an improved instrument correction, maximum use of
densely digitized data and freedom to choose interactively from a variety of Tong period filtering
schemes. The clarity and coherence of the displacements integrated from the corrected accelerograms
from the M 5.0 aftershock 2-1/2 min after the Imperial Valley Earthquake main shock provide confi-

dence in the overall quality of the improvements, insofar as they apply to short duration recordings.
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Figure 5.
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DENSE INSTRUMENT ARRAY OBSERVATION BY THE PUBLIC WORKS
RESEARCH INSTITUTE AND ANALYSES OF SOME RECORDS

Tadayoshi Okubo
‘Tadashi Arakawa
Kazuhiko Kawashima
Public Works Research Institute
Ministry of Construction
ABSTRACT

It is important for 15rge structures such as bridges and ]1fe1fne‘faci1ities to consider
differential motions between points of the ground in estimating the design ground motions, It is
well recognized that such motions aré significantly dependent on local geological and topological
conditions. 1In order to investigate such effects on earthjuake ground motions, the normal type of
strong motion observation performed at each individual site is not enough, and installation of a
dense instrument array is indispensible,

Besides the laboratory cbservation array at its campus, the Public Research Institute is now on
the way to deploy four local laboratory arrays around the Suruga Bay-Izu area in Shizuoka Prefecture,
Japan, within 4 years, starting in the 1981 fiscal year.

This report presents one of the four local laboratory arrays in the Sagara area, at which
instrumentation has been completed and observations were initiated in 1981 fiscal year, and shows
some analyses of array data obtained at the PWRI campus. Apalyses for finite strains induced in
ground during earthquakes, effects of differential motion on structural response in terms of multi-
_support response spectrum, and wave propagation characteristics in vertical and horizontal directions

are studied.

OUTLINE OF THE DENSE INSTRUMENT ARRAY PROGRAM CF THE PUBLIC WORKS RESEARCH INSTITUTE [3, 4, 5, 6]
Based upon the knowledge accumulated through past strong motion observations, it is widely

recognized that characteristics of ground motions, especially ground motions in the short period
range which.is important for éhgineering structures, are strongly dependent on source characteris-
tics, path conditions between the source and the observation site, and local geological and topolog-
ical conditions. Realizing that the damage of large structures, such as bridges and lifeline
facilities, in past earthquakes is significantly related to relative motions of points from 10 m to
several hundfed meters apart in distance, it is very‘important to investigate effects of local
geological and topological conditions on strong ground motions. For such a purpose, present single,
isolated observations performed widely are insufficient, and installation of a dense instrument

array in indispensable [1, 2, 3].
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Recognizing the importance of investigating the effects of local geolegical and topological
conditions on earthquake ground motions, the Public Works Research Institute had requested research
funds to promote a dense instrument array program at 10 locations in Japan. This program consists of
the deployment of at least 10 strong motion accelerographs for each location. As the first stage of
such a program, 4 of the 10 Tocations, 1.e., Sagara, Yaizu, Numazu, and Matsuiaki, which are located
around Suruga Bay-lzu region designated as one of the six high priority sites by the International
Workshop on Strong Motion Earthquake Instrument Arrays [1, 2], have been planned to be deployed
within 4 years starting in fiscal year 1981. A total budget of approximately 211 million Yen
(approximately 1 million U.S. dollars) is to be invested for the deployment at these four sites.
Figure 1 shows the location of the four sites as well as the location of local laboratory array at
PWRI, which will be described later. The first array station at Sagara area has been already
deployed and in operétion. The second array station is to be deployed at the Yaizu area in fiscal

year 1982,

DENSE INSTRUMENT ARRAY AT SAGARA AREA
LOCATION AND SITE SELECTION

The Sagara area is located near Omaezaki in Shizyoka Prefecture facing Suruga-Bay, approximately
170 km southwest of Tokyo as shown in figure 1. Figure 2 shows the geological features around the
site as well as the array instrumentation. The ground surface material of Sagara consists of soft
alluvium clay deposits. Baserock of this area is the Sagara Group, tertiary layers cansisting of
a1terna£e layers of sandy and clayey rock, which appears very widely around the site with shear wave
velocity of 500 ~ 1000 m/sec. The thickness of the Sagara Group is considered to be approximately
1000 meters,

The ground condition was precisely investigated at 5 points within the site. Figure 3 shows
the soil profiles with the standard penetration test N-values and distribution of the shear wave
velocity, 1In addition to figure 3, data from 29 borings conducted in the past were collected, and
based on these data, the geological structure at the site was formulated as shown in figure 4.

Ten 3-component strong motion accelerographs were installed on the surface at points from no. 1
to no. 10 (refer to figure 2} along an approximate L-shaped configuration. The direction of two legs
of the L-shaped configuration is selected such that the subsurface ground condition varies along the
legs. Four 3-component down-hole accelerometers were also installed at four points {(nos. &, 5, 8,
and 10, refer to figure 2} as deep as 36 m so that the baserock (Sagara Group) motion can be obtained.
The signals of each down-hole accelerometer are transmitted via cable to the strong motion

accelerographs, which have the same specifications with those installed on the surface. The distance
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between two adjacent strong motion acceleragraphs on the surface varies from 100 to 350 meters, and
the length of two legs of L-shaped configuration is approximately 300 meters.
The deployment of strong motion accelerographs was completed in mid-Febraury and operation was

initiated on February 24, 1982.

INSTRUMENTS

The array consists of 14 strong motion accelerographs (refer to figure 5) with independent
triggering and recording systems. Time code generators are equipped for each instrument so that
exact triggering time can be recorded at each site.

The main specifications of the strong motion accelerographs are summarized in table 1. Velocity
feedback servo accelerometers are adopted and a maximum acceleration of + 1G can be recorded within
the frequency range of 0.1 ~ 30 Hz. The acceleration signals are digitized by a 16 bit A to D
converter to have a dynamic range of 96 dB. Gain ranging was not adopted to avoid zero shift of
acceleration. Sampling time of the A to D converter is 1/200 sec and the digital data are stored on
a digital cartridge tape.

Self-triggering with pre-event memory of 5 sec and auto resetting after the earthquake are
provided. The maximum acceleration recorded can be checked by digital display immedfately after the
earthquake. Thus, ground acceleration for 40 min in length can be recorded totally.

It is very important in independent triggering and recording systems to have a common base time
between strong motion accelerographs. For such a purpose, accurate crystals with nominal accuracy of
10-7 (0.3 sec per month} are employed in the time code, and auto resetting of the crystals is per-
formed in each hour with use of a NHK time signal. It is estimated that the differences of time
between an arbitrary pair of strong motion accelerographs to be less than one-haif of the sampling
time, i.e., 1/400 sec.

Floating battery chargers are provided toc supply electricity for no shorter than 25 hr in case
of suspension of commercial electricity. A water tight die casting aluminum case encloses the system
and is pressure rated at two times the atmospheric pressure.

Before installation at the site, a performance test of the strong motion accelerographs was

conducted with use of shaking table as shown in figure 6.

ANALYSES OF LOCAL LABORATORY ARRAY DATA AT PHWRI
GROUND STRAINS FROM STRONG MOTION ARRAY DATA

Array observation has been performed at the PWRI campus since July 1979 with the use of a local

laboratory array as shown in figure 7 [4, 5, 6], and 21 records as shown 1n table 2 have been
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obtained up to the present time. Figure 8 shows epicenter locations of earthquakes triggered by the
array. Most of them are small earthquakes which occurred arcund the observing site, but three of
them haﬁe a magnitude of six or greater on the Richter scale (JMA). Because the records induced by
small magnitude earthquakes do not produce meaningful resuits, anly records by earthquakes with a
magnitude 4 or greater were used in the following analysis.

Ground strains wefe calculated based on the array data in table 2. Data processing, double
integration of accelerations records and mathematical expression of finite ground strains were
presénted in previous reports [4, 8], and are not presented herein. Eight tetrahedrons were formu-
Jated based upon 10 observing points of the local laboratory array at A-field as shown in figure 9,
i.e., 4J£etrahedrons for calculating Tower level ground strains and 4 for calculating the upper
level ground strains. In each tetrahedron, displacements of graund in x, y, and z directions are
assumed to be linear [10}. Thus, six component strafns ey, €ys €25 Yxy» Yyz, and yzx, which are
constant within the tetrahedron, can be obtained. Table 3 shows averaged ground strains determined
by averaging strains within four tetrahedrons at upper and Tower levels. It is noted.from table 3
that the upper level strains are generally larger than the Tower level strains by & factor of 2 to 5.

With respect to ey, Eys and Yy relations between maximum strains and maximum velocities
{velocity at A2CO and A46C0 for the upper and lower level strains, respectively) were obtained as
shown in figure 10. Disregarding the data with maximum velocity less than 0.15 cm/sec, one obtains

the correlation between strains and velocities in the form

1]

20,4 x 0428 x 1p-6

£

for upper level
Yoy = 27.5 x W0 810 x 1076 }

(1)
12.6 x W0.552 x 1p-6

|

€

for lower level
13.2 x 0-518 4 1p-6 }

€,
Y
which may be important as basic data in determining design earthquake ground motions of underground
lifeline facilities. More large ground motion data is required o have accurate relations of

equation (1) which can be applicable for large ground strains.

EFFECTS OF SPACIAL VARIATIONS OF GROUND MOTION ON STRUCTURAL RESPONSE IN TERMS OF MULTI-SUPPORT

RESPONSE SPECTRUM

In order to investigate effects of differential motions between points of the ground on response
characteristics of extended structures, multi-support earthquake response spectrum may be defined.
As a most simple case, when a rigid mass m supported by two springs with stiffnesses kp and kg is

excited by selsmic forces ﬁgA(t) and as shown in figure 13, the equation of motion may be written as:
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mﬁt + Cl]t + (kA + kB) Ug - kA I.IgA - kB ugB =0 (2)

in which Ut, uy, and ug represent absolute acceleration, velocity, and displacement, respectively, of
the mass, and c represents a viscous damping coefficient, According to the general dynamic response
theory of muiti-support structures [11], the absolute displacement can be conveniently decomposed

into a quasi-static displacement, ug, and a dynamic displacement, u, i.e.,

Ug = ug + u (3)

From the definition of a quasi-static displacement, ug can be obtained as

ug = EK—%WG; (kpugp + kgugg) (4)
and substituting equations {3) and (4) into equation {2}, one obtains
o» - _ m .. . e
mu+ cu + (kp + kglu = - ER—:—EE (kpuga + kpugp) (5)

When the mass is excited by either ﬁgA or GgB at both supports, it is easy to show the equation

of motion given by equation (5) can be written as:

mi o+ cu + (kA + kgl u= —mﬁgA (6)
6

~-mu

1}

mu + éu + (kA + kB) u g8

Introducing a coefficient y as:

k
- B (7)
A 7

and oy = /Tkp + ky)/m, equations (5) and (6) can be written in the form

- 2 I~
u+ thnu +owgu = - ug (8)
where
Ugp = YU " w
A B . : R
“A%‘:?Qfﬂ—‘ ............. multi excitation by ugy and ugg
ug = “gA ........ «eee.e BXcitation by “gA

GgB ............. excitation by GgB
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solving equation (8}, one can define absolute acceleration response spectra A, SB, and SAB ag

sh

| u+ ﬁgA | max

08

B

TR
AB - I.. - ugA + yu B |
> N T+y | max

Then the spectral ratic between myuiti-support excitation and rigid support excitation may be

b+ gy | max (9

defined as
AB
T‘EA=-§A-—
10
g {10)
ng =
BT
The base-shear at supports A and B can be obtained from equation (2) as
v(uga - ugg)
Fa = kafug - uga) = kp fu- 832 G5
1+Y
(n - i) ) (11)
Fp = kg(ut - ugs) = kg {u - DA T
1+
When the mass is excited by either uga or ugg at both supports, the base shear Fp and Fg can be
obtained from equation (11) as
Fa = kau
(12)
Fg = kpu

Defining the maximum base shear of FA and Fg given by equation (11) as FﬁB and FQB,
respectively, Fp and Fp given by equation (12) when the mass is excited is by JQA as FQ and Fg,
respectively, and Fp and Fp by equation {12} when the mass is excited by ﬁgB as Fg and F%’
respectively, the base shear ratio between multi-support excitation and rigid support excitation may

be defined as

AB AB
we A = B
1 T
(13)
B FhB B FRD
EA: A 3 E = B
T £ o
A B

In an attempt to investigate effects of horizontal gradients in ground motions according to

equations (9), (10) and (13), selected were six pairs of free-field accelerations records triggered
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simulataneously at the two points 100 m apart in distance at PWRI as shown in table 4. In the
computation, the critical damping ratio, h, in equation (8} and the coefficient v in equation (7)
were assumed as 0.05 and 1.0, respectively.

Figures 12, 13, and 14 show the absolute acceleration response spectra, response spectrum ratios
and base shear ratios, respectively. It should be noted here that the geological conditions at A-
field of PWRI is almost uniform [4]. Therefore, the points selected for the computation have essen-
tially the same ground conditions. From these analyses, the following can be pointed out:
1. The response spectrum ratios SAB/SA and sAB/sB are generally less than unity although they
depend on the ground motions and natural period T. It implies that the acceTeration'response of
mass is significantly reduced in amplitude in the multi-support excitations as compared with the
accelerations response of mass in rigid support excitations.
2. The base shear ratio becomes a significantly large value at short natural periods, T, and
decreases to almost unity with an increasing of the natural period, T. The reason for the large
value of the base shear ratio at short natural periods T, may be considered that the dynamic dis-
placement u, which depends on the natural period T, is generally small at short natural periods, T
while the maximum value of the quasi-static displacements, ug is independent on T for a specific pair
of ground motions. Thus, at short natural periods the base shear associated with quasi-static dis-
placement, ug is predominantly larger than that associated with the dynamic displacement u, and
this makes the base shear ratio very large at short natural periods. It should be mentioned that
from equation (12) the base shear associated with quasi-static displacment, ug is zero in the rigid
support excitation. The natural period at which the base shear ratio approaches unit is approxi-

mately 1 sec for the ground motions considered herein.

WAVE PROPAGATION CHARACTERISTICS

The ground acceleration induced by a specific earthquake may be characterized by a functian of
space coordinates x, y, and z, as defined in figure 7 and time t in the form of a = a(x, y, z, t).
Let ap{t) = alxy, ym» zm» t) and ap{t) = alxy, yp, zp, t) represent accelerations at point m{xy, Ym.
zp) and nlxn, yu, 2,), respectively. Then the cross spectrum Sp,(f) may be obtained from a cross
correlation function Ry,{t) as [9]

S (F) = ; Rmn(r)e-1ZWdeT

(14)
= Cmn(f) -3 an(f)

in which Cyn(f) and Qp,(f) represent cospectrum and quadspectrum, respectively [9].
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The amplitude and phase of equation (14) can be expressed as
I Sun(F) 1 = VCpp? TH)1+Q%n(T)
(f) tan~[Qp, (£)/C, ()]

(15)

H

emn

Assuming that certain time delay between aplt) and a,(t) exists, the delay time wy, may be obtained

as
Smn( f)

2xf

Tm"(f) = (16)

Then, expressing L = V{Xy - Xp)= +iyp - yp) € ¥z - Zp)Z as a distance between point m and n, the
apparent wave velocity associated with propagation of seismic waves Vp,(f) may be expressed as

L _ 2nfL
Tmn(f) emn(f)

V() = (17)

Based on array data obtained at PWRL campus, it was attempted to get apparent wave propagation
velocity between two measuring points in vertical and horizontal directions. Selected were the

records at A-field triggered by EQ-10, EQ-11, and EQ-12, as shown in table 5.

ANALYSIS OF VERTICAL PROPAGATION

Taking point m and n as A46CO and A2C0 (refer to figure 7), respectively, power spectra Spn{f)
and Spp(f), cross spectrum Sp,(f), phase o,,(f) and apparent velocity Vp,(f) were determined as shown
in figure 15. Figure 16 shows frequency response function (amplitude) |H}| = /§Eﬁ7§aﬁ between the
point m and n [41, which have clear peaks at the frequency of 1.4 Hz, 4.0 Hz, and 9.5 Hz. From
comparisons between figures 15 and 16, systematic change of phase depending on peak frequencies of
frequency response function can be observed,

For the explanation of phase between two points apart in the vertical direction, a simple
analytical model, which assumes vertical propagation of shear waves in a one-dimensional column, was
considered. Assuming the ground consists of two layers with perfectly elastic material as shown in
figure 17, the equations of motion can be written in the form [121

2 2
on 200 = (yy +ogn 2y 20 (n=1, 2) (18)
t2 st 8z?

in which pp, vy, and &, represent mass, shear rigidity and damping coefficient, of n-th layer,
respectively, and up represents displacement of n-th layer. General solution of equation {18) can be

given as

up{z, t) = a exp{iwt + fpz) + A exp (fut - fpz)

(19)

up(z, t) = B exp(iwt + fyz) + C exp {{ut - f12z)
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where

ppw?
fp = —mm— (n=1, 2) (20)
un * &pu
Substituting boundary conditions at z = 0 and z = H as given by
z =0 ; {uptey) 2yMu.g
at oz
z=H; (u +5 By ML= quy +gy By M2 (21)

at oz

ot oz

into equation {19}, the unknown constants A, B, and C can be determined, and up and up are obtained

as
up(z, t) = cos(f1z) exp(ifaH) a expl{iuwt)
¢+ e
(22)
03 + idg
uplz, t) = [exp(ifpz) + ———— exp {ifp(2H - 211 a exp(iut)
b + &2
where
- ¢ = cos Py cosh01+a{cos(N2—N1)cosPlsinhQ1+sin(Nz—Nl)sinPlcoshQI}
$3 = sin Py sinhQit+a{cos(Ny-Nj)sinPicoshQy-sin{Np-Nj)cosP sinhQq}
#3 = cos Py coshQ-a{cos(Np-Ni)cosPysinhQi+sin{Ny-N1)sinPicoshQ;}
8y = sin Py sinhQp-a{cos{Np-N1)sinPicoshQi-sin(Np-Nj)cosPisinhQq}
a = PgViM1/PpVaMy
M, = "A v (B2 N, = ,} tan~! (EnP)
Hn Hn
(23)
p, = PH cosNy 0 pH  sinNy
iM vi M
Then, the frequency response function between z = H and z = 0 can be written as
powlet . 1 (24)
up{H, t) cos fH
Assuming that the damping is small for simplicity, i.e., €3 = 0, equation (24) gives
o= —L (25)
cos PH
vi

Figure 18 shows amplitude and phase predicted by equation {25).

2 m) and 267 m/sec (averaged shear wave velocity at A-fiel

Taking L and vy as 44 mm (46 -
d), respectively, the predicted first and

second peak frequency of amplitude is equal to 1.5 Hz and 4.5 Hz, respectively, which is very close
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Lo thie observed results presented in figure 16. The phase predicted by equation {18) is also ciose
to the observed results for the frequency from 0 to 6 Hz., It may be concluded from these results
that the apparent wave velocity presented in figure 15 can be explained by the propagation of shear

waves in the vertical direction.

ANALYSIS OF HORIZONTAL PROPAGATION

Taking point m and n as A50S and A50N respectively, for EQ-10, and as ABOW.and A50E,
respectively, for EQ-11 and EQ-12, power spectra Spy(f) and Spn(f), cross spectrum Syn(f), phase Opn(f)
and apparent velocity Vi, (f) were determined as shown in figure 19. It is noted that the apparent
velocity an(f) in the horizontal direction takes on a significantly large value for all three

earthquakes.

CONCLUDING REMARKS
The dense instrument array at the Sagara area was introduced, which was installed as the first
of the four arrays at Suruga Bay-lzu region following the dense instrument array program of the
Public Works Research Institute. Observation of the array was initiated on February 24, 1982.
Some results of analyses used to investigate ground strains induced during earthquakes, effects
of differentié1 motions on structural response, and wave propagation characteristics were also
presented. In order to investigate the effect of local topological and geological conditions,

further developments of analytical procedure are expected.
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of twice of atmospheric
pressure

Table 1. Main Specifications of Accelerographs Used for Local Laboratory
Array at Sagara Area
[ | I Triaxial, velocity teedback |
| | Type i with calibration coil |
! i | 1
| Accelerometer l Full Scale Range { + 16 {
| .
| | ] T
b |  Natural Frequency | 5 Hz |
J 1 T T
} |  Damping Ratio | >30 |
[ | 1 T
I |  Sensitive Direction | Vertical |
I | 1
| | Acceleration Set Point | 0.005G (changeable) |
| | | : T
| Trigger System | Operation Cycle | Self-actuating for duration of |
| | , | earthquake, with automatic i
l I | reset 5 seconds after averaged |
i I | acceleration in horizontal |
| I | direction becomes less than |
i | | 5 gals |
I i | T
| | Type | Digital |
l | | T
| | Mumber of Track | 4 I
| [ | T
| | Magnetic Tape | Digital cartridge; 60 in/sec |
l | 1 T
| Recording System | MNumber of Bits | 16 bits |
| | ] T
| | Dynamic Range | + 92 dB |
! } P [
| 1 I T
| | Sampling Rate | 200 Samples/sec/channel |
I T [ T
} | Max. Recording Time | Approximately 40 minutes ]
T ] T
I | Pre-event Memory | 5 seconds for each channel |
1 I I T
| | Accuracy of Crystal | + 107 |
I I | — I
| 1 ) T
| Time Code | Auto Adjustment of | Each 1 hour by NHK time |
|  Generator | Time of Crystal | signal |
[ | ! j
| | Voltage | 12 voC i
| ] | ‘ T
| Power | Battery Charger | Float charger supplied; |
|  Requirement I | approved for less than 25 |
I I | hours after suspension of |
| | | commercial electricity |
I T ] ]
} Case { l Water tight case for proof {
| | | |
| | | {

106



Table 2.

Earthquske Ground Records Triggered by Local Laboratory Array at PWRI {A-field)

1982.3.7 1

T ‘Epicenier |

[ Epicentral JMA Depth
£9. No. Date Region Longitude Latitude | Distance {km}) Magnitude {km)
EQ-1 1979,10.9 Off Ibaraki 139°50" 356°09' : 27 4.1 50
EQ-2 1979.11,25 Off Ibaraki 140°01°* 36°41' ' 122 5.4 90
£Q-3 1979.12.14 SW Ibaraki Pref. 141°20' 36°45' 156 - 3.9 40
EQ-4 1979,12,16 E Tochigi Pref. 138°57' 35°31° 142 3.0 20
EQ-5 1980.2.1 | - m—- 1 = 1 == | = | ==
EQ-6 1980.4.21 i Off Ibaraki 141°51" 36°02" 198 4.0 60
£Q-7 1980.5.6 —-- - — 1 -en R
EQ-8 | 1980.5.11 === === == l -=- I ——— I -
EQ-9 1980.6.18 Central Chiba Pref, 140°01" 35°38° 55 4.6 80
£Q-10 1980.6.29 O0ff E of Izu Pen. 139°14' 34°58" 163 6.7 10
EQ-11 1980,9.24 Northern Tokyo Met. 139°42' 36°06" 42 6.0 60
EG-12 1980.9.25 Central Chiba Pref, 140°12" 35°30°" 71 6.1 70

EQ-13 Same with EQ-12
EQ-14 1981.1.28 : SW 1baraki Pref. 139°48' 36°12" 3z Very Small 60
EQ-15 1981,3.12 SW Ibaraki Pref. 140°06" 36°00° 14 About 4 | 60
EQ-16 1981.9.2 Off Ibaraki Pref. 141°06' 35°48' 99 6.0 40
£0-17 19.81.9.3 SW Ibaraki Pref. 139748 36°06' 25 Very Small 60
EQ-18 l 1981.9.14 SW Ibaraki Pref. 140°06' 36°06' 3 4.8 70
EQ-19 1981.10.14 SW Ibarak{ Pref. 140°0¢' 36°06' | 7 Very Small 1§ 50
EQ-20 1981.11.30 SW Ibaraki Pref. 139°54' ’ 36°06' } 16 | 4.2 1| 60
| EQ-21 Kashima-Nada 140°40' |  3e°28' E } 5.6 i 60

Notes: (1) Records of EQ-1 ~ EQ-12 were obtained by temporal recording system with 37 channel analog data recorder.

"{2) Records of £Q-12 ~ EQ-21 were obtained by digital data acquisitions.

(3) EQ-12 is the same earthquake as EQ-13.
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Table 3,

Upper and Lower Strains at A-Field

Strains at Lower Level (x10-€) Strains at Upper Level (x10°®) T I strain Ratio (Upper/Lower — _—
Fa. No £x ty €2 Yay Yyz Yzx €y ‘ ey £z Txy Tyz Yzx € 1‘ ey €z Yy Yyz X
£Q-1 10.4 4.9 5.2 11.3 10.4 8.7
EQ-2 7.58 5.9 6.9 10.7 13.6 14.7
EG-6 9.55 8.8 7.2 7.55 15,2 13.4
EQ-9 5.7 5.4 4.2 6.35 11.4 8.0
£0-10 12.4 29.6 9.4 11.1 27.7 25.2
£Q-11 29.9 - 15.9 —-— 32.1 37.6 -
EQ-13 10.8 14.4 12.4 14,6 -= 60,1 39.8 15.4 12.4 56.4 54.2 57.7 3.69 | 1.07 1.0 3.86 =- 0,96
£Q-16 9.0 12.2 14.3 13.0 44,1 31.6 49.4 29,0 14.3 76.7 42.0 37.2 5.49 2.38 1.0 5.90 0.98 1.18
£Q-18 5.0 4.3 4.5 6,15 7.5 13.1 13,7 9.1 4.5 12.0 6.0 13.4 2.74 2.12 1.0 1.95 0.8 1.02
EQ-20 5.8 3.2 3.2 4.9 17.2 7.85 16.6 — 3.2 18.4 17.8 17.7 2.34 - 1.0 3.76 10.3 2.25
£Q-21 10.8 | 10.9 - 16.7 | 10.4 | 78.2 47.5 | 26.5 - 61.8 | 79.5 | 66.4 440 | 2.43 -— 3,70 0.76 | 0.85
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Table 4.

Ground Motions Used for Multi-suppori Response Spectra

!

Ugh ligB
l Max. Acc. Max. Disp. Max. Acc. Max, Disp.
{ Case Eq. No. Date Point No. Companent fgal} Lem) point No. Component [gal] Lcmd
1 EQ-10 1980,6.29 ASON NS 7.81 | 0.46 A508 NS 4.84 0.23
2 EQ-10 1960.6.29 ASON EW 3.71 0.29 A508 EW 3.96 0.32
3 EQ-11 1980,9.24 A50E NS 14.81 0,17 AS0W NS 28.13 0.16
4 EQ-11 | 1580.9.23 AS0E EW 24,61 0.20 ABOW EW 20.30 0.16
5 EQ-12 1980.9.25 ASOE NS 12,81 0.21 " ASOM NS 13.65 0.27
[ | EQ-12 1980.,925 AS0E EW | 14,96 | 0.23 AS0W EW 14.03 0.27

Note (1) Refer to figure 7 for point number.

(2) uga and ugg are ground motions defined by equation (2).




Tabte 5.

Ground Motions Used for Wave Propagation Analysis

1 I ‘ i

| | vertical Fropagation Horizontal Propagation

] | 1

| Case EQ. NO. Date | Point-m Point-n Point-m Point-n

1 1

| i 1 Ad6C0 EW A2C0 EW

T
2 £Q-10 1980.6.29 A50S NS ASON NS
3 AS0S EW ASON EW
4 A46C0 EW A2C0 EW
5 EQ-11 1980.9.29 ASOW NS ASQE NS
6 A50W EW ASO0E EW
7 Ad6C0 EW A2(0 EW

| 8 | EQ-12 1980.9.25 | ASOW | NS A5C0E NS

! I
! 9 1 1 | | ASOW | W AS0E EW

Note: (1) Refer to figure 7 for point number.

{2} Points m and n are defined in equation (14).
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DENSE INSTRUMENT ARRAY PROGRAM
OF PLBLIC WORKS RESEARCH INSTITUTE

No| LOCATION [ YESRF o

(D |sAGARA 1982
23 yazu |O83 | LOCAL LABORATORY ARRAY IN PWRI
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Reproduced from
best available copy.

Fig. 2 Accelerograph Stations at Local Laboratory Array
at Sagara Area, Shizuoka Prefecture
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Fig. 12 Absolute Acceleration Response Spectra SAB
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GRAVEL DRAINS AS A COUNTERMEASURE TO LIQUEFACTION OF THE GROUND
Yasushi Sasaki and £iichi Taniguchi
Public Works Research Institute
Ministry of Construction

ABSTRACT

This paper presents the effectiveness of gravel drains installed to minimize damage of a "half
buried type road" caused by liquefaction of the surrounding sand deposit. Large-scale shaking table

tests and finite element analyses were used in the study.

INTRODUCTION

Many engineering structures have been damaged by Tiquefaction of sand deposits during
earthquakes., There are several methods that can be used to reduce damage of structures caused by
liquefaction such as: ({a) to increase the ground resistance by compacting soils; (b) to support
structures by piles; and (¢) to dissipate pore water pressure developed during shaking by installing
drains. On the gravel drain method, which is one of the drainage methods, Seed et al. [1] have

studied it analytically, Tokimatsu et al. [2] have performed small size model tests, and
Ishihara et al. [3] have conducted some in situ tests. However, it appears to the writers that not
enough knowledge has been accumulated on the effectiveness of gravel drains as a countermeasure to
liquefaction.

This paper presents the effectiveness of gravel drains installed to minimize damage of a "half
buried type road" caused by liquefaction of the surrounding sand deposit, It is a follow up report.

The first report was presented to the 13th Joint Meeting of the UINR in May 1981.

LARGE-SCALE SHAKING TABLE TESTS

TEST PROCEDURE

The same shaking table {12 m x 12 m) which was used in the tests of 1980, was used in the
tests of 1981. The shaking table belongs to the Natfonal Research Center for Disaster Prevention of
Science and Technology Agency in Japan.

A steel box of 12 m in length, 3.5 m in height and 2 m in width was installed on the shaking
table and a model ground of 3 m in height was constructed in the box,

The same sand for model ground, same gravel for gravel drains,and same half buried type road
model used in the tests of 1980 were used again in this study, Table 1 shows the physical properties

of the sand and gravel.
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Figure 1 shows the models used in the tests. Models 1 through 6 were used in the shaking tests
of 1980 and models 7 through 11 were used in the shaking tests of 1981.

Sand was compacted at 1ifts of 30 cm for the models of 1981, while it was compacted at 1ifts
of 50 cm for the models constructed in 1980. The sand was compacted in an air-dried condition
followed by infiltration of water from the bottom of the box to saturate the sand deposit. .

In the tests of 1981, sampling was performed by using a sand sampler shown in figure 2 to
determine the degree of saturation. Shear wave velocity was also measured to obtain the shear modulus
of sand. Table 2 shows the characteristics of the model ground for all the models tests.

The gravel drains are composed of a layer of no. 5 gravel, 20 cm in width, and a filter of no. 7
gravel, 10 ¢m in width, The drains are positioned on both sides of the half buried type road model.

The model grounds were shaked in a longitudinal direction by sinusoidal loading, Resonant tests
were performed at an acceleration of 20 gal, and then liquefaction tests were carried out at 150 gal
in acceleration, 2 Hz in frequency and 30 sec in duration (conditions for 1980 tests are 200 gal in
acceleration, 5 Hz in frequency and a duration of 60 sec). Acceleration and pore water pressure
were measured by 17 accelerometers and 40 pore water pressure transducers installed in the model

ground and vertical displacement of the half buried type road model was also measured.

TEST RESULTS

Figure 3 shows an example of the acceleration records measured in model 11 during excitation.
The figure shows that the acceleration began to decrease at 2 sec after excitation. The acceleration
in the shallower part of the ground at 2 seconds or longer after excitation became smaller, as shown
in figures 4(b}, (c¢), and {e) for models 8, 9, and 11. However, this observation was found to be
affected by pore water pressure developed in the model ground, 1In models 7 and 10, such a tendency
was not as clearly identifiéd as was seen in models 8, 9 and 11.

Figure 5 11lustrates the change of pore water pressure with time measured at a depth of 1.5 m,
In the region away from the gravel drains and the half buried type road model, the pore water pres-
sure started increasing at the beginning of the excitation and became constant at 4 to 6 seconds
after the excitation. This constant value was equal to 80 - 90 percent of the initial effective
overburden pressure indicating that the model ground was almost fully Tiquefied.

In the region near the gravel drain, the pore water pressure began to increase at the beginning
of the excitation but it bedgan to decrease at 5 to 6 sec after the excitation in model 11 due to the
dissipation of pore water pressure by gravel drains.

The pore water pressure in the gravel drains was noticed to increase to about 30 percent of the

initial effective overburden pressure.
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1f sand deposit surrounding the half buried type road mode 1 was liguefied due to the
development of large pore water pressure, large uplift pressure would act on the half buried struc-
ture, to push the structure up. On the other hand, if gravel drains were installed under and near
the haif buried type road model to reduce the buildup of pore water pressure, the uplift pressure
would be decreased. '

Figure 6 shows the maximum values of pore water pressure directly under the half buried type
road model and at points away from it. The maximum values shown in this figure are the weighted mean
values of the maximum pore water pressures measured at the same depth. In models 10 and 11, wall
type gravel drains were installed under the half buried type road model., In these two cases, the
mean value of the pore water pressure in the gravel drain and in the sand deposit, which was slightly
higher, was taken as the representative va1ue;

Figure 6 indicates that the maximum pore water pressures in the sand deposit away from the half
buried type road model increased to 75 percent to 90 percent of the initial effective overburden
pressure, and that the maximum pore water pressures directly under the half buried type road mode)
with gravel drains were smaller. The initial effective overburden pressure under the half buried
type road model was smaller thén that away from the half buried type road model because the unit
weight of the half buried type road model is less fhan that of the surrounding sand deposit. The
ratio of the pore water pressure to the initial effective overburden pressure was 40 to 75 percent at
a depth of 10 cm from the bottom of the gravel layer under the half buried type road model.

Figure 7 shows the upward displacement of the half buried type road model during excitation.
Figure 8 shows the relationship between the final upward dispiacement of the half buried type road
model! and the location of gravel drains. The figure indicates that the upward displacement of the
half buried type road model! without any countermeasure to liquefaction was over 24 cm. The magnitude

of displacement was reduced to 3 to 7 cm by installing gravel drains around the structure.

FINITE ELEMENT ANALYSIS
MODELS USED IN ANALYSIS

The analysis took into account the buildup of pore water pressure in model grounds, and the
dissipation of pore water pressure through gravel drains and through the surface of the model ground.
A computer program “SADAP-II", which modified from a two-dimensional finite element computer
program "SADAP" [5] developed in Soil Dynamics Division of PWRI, was used in this analysis. The

modification includes the addition of functions to analyze pore water pressure buildup and

dissipation.
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The fundamental equation of the pore water pressure buildup and dissipation is expressed by

k k U
8 (2X_3uy . 38 (Ty 3uy - u _ g {1
3X (pwg ax) * By(pwg ay) My (at at) )

"where u : pore water pressure in the ground
Pw : desity of pore water
g : acceleration of gravity
ky : coefficient of permeability in x direction
ky : coefficient of permeability in y direction
my : coefficient of volumetric compressibility
ug : pore water pressure generated in the ground by cyclic shear stress

It is assumed that flow of the pore water is governed by Darcy's law.

There are several methods available in predicting pore water pressure, ug, developed in the
ground: {a) a method which traces the effective stress path during ligquefaction; (b) a method which
expresses the volume change as a function of shear strain or shear stress using stress or strain
history; and {c) an approach using plastic theory. In this analysis, Ishihara and Tohata's [7]
model was used to predict the pore water pressure, Ug. Their model is based on the effective stress
path and is referred to as the Ishihara model in this paper.

In the Ishihara model, the stress path for the virgin loading can be assumed to be a parabola

governed by

B’
of = m - ?#1 <2 {(2)

where
oy : effective vertical stress
soil constant representing the characteristics of the pore water pressure buildup
m : parameter for locating a current parabolic stress path at each time step of computation
The increase of pore water pressure occurs during unloading and reloading and its result in the

decrease of the effective stress is given by

Ao = -Bj (r - ™ ) (9% - «) Ar
oyo oyo0  ayo
5 (3)
for oy = Koy

Aoy = 0 for oy < koyg
where
Ty ¢ maximum shear stress applied to the soil in the most recent cycle

By : soil constant representing the pore water pressure buildup during unloading
and reloading
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ogp : - initial effective vertical stress
Kk : parameter representing the point that the pore water pressure ceases to build up when the
vertical effective stress decreases to a certain value

After the stress path crosses the phase transformation line, the stress path during the increase
in shear stress is assumed to trace a hyperbolic curve given by

(T S L (4
a a tang
where
¢i : the angle of shear resistance in the low confining pressure
a : parameter for locating a current hyperbola

In unloading, the stress path is assumed to follow a straight line which is tangent to the
hyperbolic curve,

The computer program, SADAP-1I, also employs the Hardin-Drnevich model to express the
nonlinearity of the stress-strain relationship of soil. The equation of motion is solved by direct
integral method.

The pore water pressure in the ground is determined by calculating the pore water pressure, ug,
developed during a time increment, from shear stress, r , in the same time increment and equations
{2) to (4), and also by calculating the dissipation of pore water pressure from equation (1),

Soil constants used in the equations were determined by cyclic triaxial and torsional tests, as
given in tables 3 and 4.

In another paper [8], the authors compared the pore water pressure buildup calculated by the
Ishihara model and Seed model. The results indicated that the pore water pressure calculated by

Ishihara model agreed better with the experimental results than by Seed model.

RESULTS OF ANALYSIS

Figure 9 shows a finite element model used to analyze model 7. Figure 10 compares the
calculated accelerations with the experimental values at a depth of 1.5 m. Figure 11 shows the
amplification of acceleration by calculation and experiment, and figure 12 shows an example of
hystersis loop of the stress-strain relationship.

These figures indicate that the calculated accelerations agree well with the test results and
the analysis reascnably dupiicates the behavior of model ground during excitation.

Figure 13 compares the pore water pressure buildup by calculation and experiment at a depth of
1.5 m in model 7, The calculated pore water pressure begins to increase immediately after excita-

tion, while the measured pore water pressure started to increase at 5 to 6 sec after excitation.
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This is probably due to the fact that this model ground has been shaken twice at an acceleration of
90 gal before the excitation from which the results were shown in this figure. The resistance of
the model ground to Tiquefaction must have been increased due to previous cyclic shearing. Such a
phenomenon didn't occur for other models without pre-shaking. 1In model 10 (figure 14), the measured
pore water pressure increased immediately after excitation begins.

Figures 13 and 14 indicate that the behavior of pore water pressure in the ground can be
reasonably modeled by the finite element analysis, taking into account the buildup and dissipation
of pore water pressure.

As shown in figure 15, the pore water pressure calculated by this analysis qualitatively
duplicates well the measured pore water pressure buildup. Nevertheless, the calculated values are
smaller than the measured ones. 1In particular, the calculated pore water pressure near the gravel
drains under the half buried type road model is much smaller than the measured value and it certainly

needs further investigation.

CONCLUSIONS

This paper described the large-scale shaking table tests and the finite element analyses

performed to demonstrate the effectiveness of gravel drains used as a countermeasure to liquefaction

of sand deposit. The following conclusions were obtained:

1. Pore water pressure buildup can be redﬁced near the gravel drains.

2. The influence region of gravel drains was about 50 cm [4] from the center of the gravel drains in
models used in this series of tests.

3. The dissipation of. pore water pressure after the end of excitation is accelerated by gravel
drains.

4. A large uplift pressure would act on the half buried type road model due to the pore water
pressure developed in the ground unless any countermeasure to liquefaction is insta1led¥

5. The uplift can be reduced by installing gravel drains under the half buried type road model and
the upward displacement of the half buried type road model can be substantially decreased.

6. The finite element model which considers the buildup and dissipation of pore water pressure
duplicates very well the Tiquefaction characteristics of the model ground.

7. The calculated pore water pressures near gravel drains using the finite element model is

consistently smaller than the measured values, thus it needs further investigation.
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Table 1. Properties of Sand and Gravel

| | Gravel |
| Sand | No. 5 No. 6 [ WNo. 7 |
: Specific Gravity } 2.73 ‘ 2.69 | 2,52 } 2.69 i
1 Maximum Grain Size (mm) , 4.76 : 39 = 20 i 9.5 :
1 Mean Grain Size Dgg (mm) % 0.28 % 2z { 9.5 } 3.3 %
{ Uniformity Coefficient % 2.91 ; - { - } -- }
E Permeability Coefficient (cm/s) i 1.18 i 6.1 i 1.31 i 5.79 i
Table 2. Properties of Model Ground
% 1 °d } ot { |l br 1I ky { Ky } 5,2 } Vg
| Model No.l | (g/em3) | (g/em3) 1 e {1 (%) | (cm/sec) | {em/sec) | (%) | (m/s)
{ 7 } 1.47 { 1.93 1| 0.855 l 45.9 ! 7.60x10-3 % 10.877.10“31\ 92.5 i 89
; 8 ! 1.45 { 1.92 ! 0.874 I 41,1 l 11.97x10-3 { 9.54x10-3 I - } 95
9 { 1.45 { 1.92 } 0.874 } 4a1.1 H 13.59x10-3 l 11.88x10-3 } 92.8 = 86
% 10 { 1.44 { 1.91 } 0.884 E 38.6 I 9.62x10-3 ! 11.10x10-3 1 -- { 91
| 11 { 1.44 { 1.91 } 0.890 = 37.1 = 12.34x10-3 ‘ 10.30x10-3 1 - { 83
1 { 1.46 { 1.92 1 0.868 { 42.6 = -- I -- %
} 2 } 1.44 ; 1.91 i 0.888 { 39.6 I 15.74x10-3 : 9,92x10-3 {
3 t 1.45 } 1.92 { 0.875 { 40.9 { -- } - {
} 4 } 1.49 { 1.94 Eo.321 I 54.6’ 7.9x1073 : -- !
} 5 } 1.47 { 1.93 { 0.850 ’ 47.2 } -- 1 -- {
i 6 i 1.48 E 1.93 E 0.841 i 49.5 i -- i -- E

1 No, 1-6 1980 tests
No. 7-11 1981 tests

2 Sy s the mean value of measurement by sand sampling.

3 Vs is the measured value by wooden bloc hitting method.
{performed after resonant test)
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Table 3. {onstants Used for Simulation of Model Ground

| | [ [ ]

] Material | } | |

| Constants | Ssand | Concrete | Gravel | Sponge
[ [ I T 1

| Initial | | | |

! Shear Modulus | 2400. | 2400. | 2400. |  2400.
[ Golkgf/em2) | | I 2

| | | | |

| I | T |

| Density | 1.93 | 2.66 I 190 | 1.10
| oy (t/m) { | | |

! | | | {

| I ] T 1

| Cohesion 1 0.0 | 450.0 | 0.0 ! 0.0

| ¢ {tf/m2} | | | ]

i | I | l

| i l [ 1

| Friction Angle | 36.6 [ 0.0 [ 45.0 | 36.6
| ¢ (deg) | | | |

| | | | |

| [ 1 T |

| Earth Pressyre | 0.5 j 0.5 | 0.5 ' 0.5

| Coefficient ! t | i

] at Rest ! | | 1

| Ko | | | ]

| ! I | [

| [ Static "10.3 | 0.167 T 0.3 { u.3

| Poisson's | Vs | | | |

% Ratio % Dynam;& % 0.49 ; 0.167 I"‘D.4§"*1 0.49
j 1 K{(tF/mZy] 2400. | 1150000. T 2400. | 2400.
| GO=K65“ ] | | I {

] ' n I 0.5 ] 0.0 I 0.5 | 0.0

I ] [ T N

| Parameters for 1 0.9 | 0.0 | 0.9 [ 0.0

!  Hardin-Drnevich ! | | |

! Model a | | | |

| { | | |

| ] 1 [} T |
[Permerbility] K, ] 1.05x107°2 | 1.0x1077 | 11,0 ]1.06x1071
|Coefficient | | | ] |

| ] l | I o

| (emfsec) | Ky | 1.05x10°2 | 1.0x1077 | 11.0 %l.DleO'1
[ | ( | |

| { T T [

| Coefficient of | 0.015 | 0.015 [7.5x10-% { 0.15
| Volume | f | !

| Compressibility | | | ‘

| Mv(cmZ/kg) | | [ [

i | ! I I

| { | [ 1

} Linearity % nonlinear { Tinear {non]inear 1 linear

— . . i i " T e . e, e i e o o s e e, A e e i g e . W e, ‘e e? T s i e s i e i e e s . W S et s i S, i | e, . et

Table 4. Constants Used for Calculation of Pore Water Pressure Buildup
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135




-»
LI B B B4

8SQND— :

depth (m}
‘%
%

depth (m)

3 L2
0 1 29 1

amplification of acceleration
(acceleration on the shaking table = 148 gal) {acceleration on the shaking table = 140 gal)

(a) model 7

depth (m)

3 3

3
0 i Iy i 0

amplification of acceleration

(acceleration on the shaking table = 144 gal)

(¢) model 9

depth (m)

e | 3€C
prumn—l
- —N

e 10
O3 30 =

amplification of acceleration

{b) model 8

(m)

depth
/.P-.>‘,¢. o ﬂ

2k 2L 2k
i i
3 3 3_
0 1 )] 1 0 [l

amplification of acceleration
{acceleration on the shaking table =140 gal)
{(d) model 10

amplification of acceleration
{acceleration on the shaking table = 135 gal)

{e) model 11

Figure 4 Amplification of acceleration along

vertical direction

136



L5m gd: GL~10
. ]
1% M"*GL e avarage

ekcitation—4

b
o
T

{kgf/cm?

0.05

pore water pressure

K S I B

- - SRR S ENN RN L T B S T S
et A [T i *“-.5‘0 100 ' D] 1o0d
time (sec)

(a) model 7

Tham @

{kg£/cm?)

pore water pressure

time (sec)
(b) model 8

Figure 5 Change of pore water pressure with time

137



pore water pressure
(kgf/cm?

! 2 & 0 26 50 100 200 500 1000 2000

time (seq)
(¢) model 9

{(kgf/cm?)

pore water pressure

time (sec)
(d) model 10

pore water pressure
{kgf/cm*)

time (sec)
(e) model 11
Figure 5 Change of pore water pressure with time , (Continued)

138



depth (m)}

depth (m)

depth (m)

Oys,” : 1initial effective overburden pressure

pore waterx pressure pore water pressure
U (kgf/cm? U (kgf/cm?)
0 0.1 0.2 02 0.1 0.2
(a) model 5 \ (b) model 6
‘ %ﬁ g g - h V"‘»!- 3 é g
1.0- ¢ E 104 LR
. K=
43
o
2.0 | aw’ o 20 AN ow
b\\\\\
304 pore water pre:zssure 3.0 pore water pressure
U (kgf/cm?) U (kgf/cm?
0 0.1 0.2 0 0.1 0.2

]

.

- (c) model 8 (d) model 9

00000
L1111

50000
oR OO

-~ “ LLL E - ~ 299
1.0+
Fa
o
o
3
204
3.04
pore water pressure pore water pressure
U (kgf/cm? U (kgf/cm?
0 0.1 0.2 0 0.1 0.2
ﬂ - 1 0 L 1
~ (e) model 10 \. (£} model 11
\ I HE
1.0 o\ L=l o E
\\‘ . -
o, \ =
o %
2.0 ‘0\ \ 3
\\O ‘.\
3.0- 3.04 \

Figure 6 Maximum pore water pressure just under
the half buried type road model

139



upward displacement { cm )

model 8

time (sec)

Figure 7 Upward displacement of half buried type road model

140



upward displacement {cm)

sl O
R —— model hit a horizontal bar and stopped
1 half buried type road model
20— e
\d rem >
“ 1~ =
R 12m
15— [—— =]
i horizontal excitation
.ﬁ
10—
-
5
e
—

ik

Y- T

model 5 model 9 model 8 model 6 model 11 model 10

without
gravel
drain

Figure 8 Effect of gravel drain to restrain upward
dispilacement of half buried type road model

141



o DOre water pressure meter
® accelerometer
U hysteresis loop of this element is shown in Figure 12
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VOLUME CHANGE AND EXCESS PORE WATER PRESSURE BUILDUP
AS A FUNCTION OF DEGREE OF SATURATION OF SANDS
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ARSTRACT
Torsional resonant column tests were conducted on saturated and partially saturated hollow
cylindrical Monterey No. O sand specimens to study the characteristics of pore water pressure buildup
and volume change of the specimen as a function of degree of saturation.
Results of the tests indicated that there exists a threshold shear strain value of about
2 x 10-3 percent for fully saturated sand specimens, below which three is no buildup of excess pore
water pressure. The threshold value was observed at about 5 x 10-3 percent when the yoTume change
during testing was used as the criterion.
The degree of saturation was found to have a considerable effect on the threshold strain and the
pore water pressure buildup, but it had not detectable effect on the volume change as measured by the

displaced pore water,
INTRODUCTION

Transient as well as steady-state ground vibrations can cause significant settlements in sandy
sofls. Sources of ground vibration associated with such settlement are earthquakes [11, 13, 14,
17, 23], traffic loads [4], pile driving, forge hammers [3], and machines.

Volume changes of dry sands subjected to cyclic loading were studied by Silver and Seed [20],
who presented test resulis on the volume decrease resulting from cyclic strains and discussed fac-
tors affecting soil compaction. Most investigators who have been involved in testing saturated
sands studied the liquefaction phenomenon. Generally, measurement of volume change during the
cyclic loading has been of secondary interest in the course of most liquefaction studies.

When attempting to saturate soil specimens, the degree of saturation is evaluated by
measurement of the B-parameter [22], which is defined as Au/Acj, where &u is the change in excess
pore water pressure and Ao} is the change in effective confining pressure. MNormally, the specimen

is considered fully saturated when the B-vaTues exceeds 0.95. A slightly lower value of 0.92 may
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be considered satisfactory for cohesionless material testing [21]. In 1977, Sherif, et al. [18]
pointed out that the phenomenon of initial soil liquefaction is not limited to fully saturated
s011s. They established a general relationship between the B-value and the initial degree of
saturation. Using this relationship, they found that soils with a low degree of saturation (a
B-value of 0.25) can liquify, and the pore water pressure buildup pattern is similar to the cne
developed in fully saturated Toose sands.

This study deals with the characteristics of both pore water pressure buildup and volume
change of sand specimens at varicus degrees of saturation prior to the application of cyclic

loading.

TEST EQUIPMENT AND SETUP

Tests were conducted with a resonant column device of the Drnevich type [8] with the specimen
fixed at the base and excitation forces applied to the top of the specimen. The apparatus has the
capability of applying both Tongitudinal and torsional vibration excitations; however, only the
torsional mode was used in the tests. The test setup is shown in figure 1. Figure 2 shows the
panel for pressure centrol and volume change measurements.

Hollow cylindrical specimens were used. They were chosen in preference to solid specimens in
order to reduce the variation of shear strains. The specimens were constructed using a mandrel
covered by a membrane to form a nominal inner diameter of 35 mm and a split mold also covered by a
membrane to form a nominal outer diameter of 71 mm. Nominal height of the specimen was 76 mm.
Actual specimen dimensions varied stightly from the nominal values and were measured individually
for each specimen constructed as will be described later. Figure 3 shows the top view of a specimen

after it was constructed inside the molds and before the placement of the top platen.

TEST MATERIAL
Monterey No. O sand was used. A particle size distribution curve and the selected index
properties of this sand, obtained by Mulilis, et at. [12], are shown in figure 4 and table 1, respec-
tively. The sand is a commercially available washed uniform fine to medium beach sand having a group
symbol of SP in accordance with the Unified Soil Classification System [2], composed of quartz and
feldspar particles. The maximum and minimum dry unit weight determinations were performed in

accordance with ASTM D2049-69 [1] and Kolbuszewski's method [9], respectively.
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TEST PROCEDURES

Oven-dried materials were used in the preparation of the specimens and all of the specimen were
prepared to a relative density of approximately 60 percent using a moist tamping method with the
exception of specimen M-7, where a dry tapping method was used instead. The method of “under-
compaction" described by Ladd [10] was adopted for preparing the specimens. In the moist tamping, a
moisture content of 6 percent was used. The amount of material required to fil7 a known volume was
divided into five equal parts. The first part of the material was spooned inte a space confined at
the inner boundary by the inner mandrel, and a split mold at the outer boundary to form the first
Tayer. The membrane inside the split mold was tightly backed up against the split mold by vacuum.
Tamping on the layer surface was required to reach the desired layer thickness which was calculated
using the Ladd method. Subsequent parts of the weighed material were placed into the annular space
in the same manner. In dry tapping, the first part of the material was poured into a funnel which
was resting on the bottom platen, and then the funnel was raised slowly to allow the material to
flow into the annular space. Only slight tapping on the wall of the split mold was required to
reach the required layer thickness. Subsequent parts of the weighed material were poured into the
same funnel with its bottom resting on top of the layer being constructed. By dividing the total
weight of the specimen into five parts and constructing the specimen in a sequence of five layers,
an approximately uniform density distribution throughout the height of the specimen can be achieved
[10]. Special care should be given to the top layer tc make sure that the loss of material due to
placement be kept to a minimum and the top surface be compacted so that it is even with the top of
the split mold. A white apron was placed around the split mold so that any loss of material would
be detected and recovered. In addition, a small tin can containing 1 Q of sand was placed next
to the area of specimen preparation and was used as the reference base to check qualitatively against
the amount of material lost during the specimen preparation. In all cases, the amount of material
Toss was much less than 1 g.

The test apparatus does not have the capability to ¢irculate water through the specimer once
the specimen is set up in the testing chamber. Therefore, to achieve saturation, the specimen was
flushed before the top platen was placed on the specimen. After many trials, it was found that
saturation can be accomplished by first flushing COz upward through the specimen under a very low
pressure (less than 10 kPa) to displace the air within the specimen and subsequently dissolving and
expelling the COp by deaired distilled water flowing also upward through the specimen. The flow
of water was stopped when visual observation indicated that the top of the specimen was saturated.

The top platen was then put into place and the rubber membranes adjusted around the top platen.
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The vacuum was then removed from the split mold and a suction of 20 kPa was applied through the
bottom platen to hold the specimen in place. It should be noted that the application of a relatively
low magnitude bf suction is essential to achieve a high degree of saturation of the specimen later
through backpressure application. Higher magnitudes of suction (up to 80 kPa) resulted in a lower
degree of saturation within the specimen. Because this is the high suction applied at this stage
would tend to withdraw more water from the specimen thus resulting in a less saturated condition
prior the application of back pressure. The split mold and the inner mandrel were then removed
while the suction in the specimen was maintained.

Actual dimensions of the prepared specimens were measured with suction maintained in the
specimen. The length of the specimen was determined by arranging the measurements at two diametric-
ally opposite positions. The outer diameters were measured at two elevations and at 90° displacement
between the directions of measurement and averaged. The actual outer diameter of tﬁe specimen is
the above measured average value minus twice the average membrane thickness. The inner diameter of
the specimen was measured earlier when the inner membrane had been placed over the inner mandrel.
The dry unit weight of the specimen was then calculated using its measured dimensions. After com-
plete assembly of the apparatus around the top platen, a plexiglass cylinder was placed around the
assembly and was enclosed by a top plate which housed all the transducers for input driving force,
output acceleration, and displacement. The response of pore water pressure was measured by a pore
pressure transducer mounted to the bottom platen. Deaired water was allowed to flow into the
chamber and to fill the chamber to the level just below the driving magnets. A pressure of 20 kPa
was then applied in the chamber and the suction within the specimen was slowly released so that the
specimen was completely supported by a positive (confining) chamber pressure of 20 kPa. MWhile the
specimen was under this confining pressure in the test chamber, and also earlier when the specimen
was held by a suction of 20 kPa within the specimen, a small-amplitude torsional shakedown test was
conducted with an average shear strain amplitude of about 5 x 10-% percent to determine the system
response. By observing the LVDT readings which measured the change in specimen height, the tests
were also used to detect any specimen disturbance due to the assembling operation of the test setup.

A backpressuring technique was used to enhance the degree of saturation of the specimen. The
magnitudes of the confining pressure and backpressure were increased simultaneously in increments of
20 to 50 kPa to bring the final magnitude of backpressure to about 400 to 500 kPa. The B-values
were checked at each increment and showed a steady increase toward unity with increasing backpres-
sure. Confining pressure was then brought to the desired magnitude for specimen consolidation. An

effective consolidation pressure of 96 kPa was used for all specimens.
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The resonant column testing was initiated with the application of a very small torsional
excitation force to the top of the specimen so that the average shear strain amplitude of the speci-
men was on the order of 10-3 percent or less. The frequency of the torsional excitations was
rapidly changed until rescnant frequency was observed. The frequency was then kept constant and no
attempt was made to maintain resonance for a period of about 2 min. At that point, the resonant
frequency, acceleration, longitudinal displacement, and any buildup of the excess pore water pres-
sure were recorded. The applied force was then removed from the top of the specimen and the pore
water pressure readout was continuouély monitored for any tendency to return to its original value,
which was equal to the magnitude of the backpressure.

If there was a residual excess pore water pressure after removal of the cyclic load, the
drainage valve was opened to allow the release of this residual excess pore water pressure. The
amount of water flowing out of the specimen to return the pore water pressure to the magnitude of
the backpressure was read from the burette and was recorded.

The torsional excitation force was then increased to a higher level, normally to double the
magnitude of the previous level, and the test procedures described above was repeated. A maximum
average shear strain amplitude of about 5 x 10-2 percent was obtained using this resonant column

testing procedure.

TEST RESULTS
A summary of specimen characteristics for the six tests are given in table 2. The average
dry density of the specimens was 1575.3 kg/m3 with a range of 1573 to 1577 kg/m? and a standard
deviation of 1.37 kg/m3. This average unit weight is equivalent to a void ratio of 0.678 and a
relative density of 59.3 percent.

The average shear strain amplitude was computed by the following equation:

Y = (RCF)(RTO) _____dg - df 100 %
B 2 - d2 (1)
ds di 3 c
where RCF = rotational transducer calibration factor for the transducer used in establishing

resonance, radians/voltppg.
RTO = rotational transducer output for transducer used in establishing resonance, voltSpps.
dy = outer diameter of the spcimen, m.
dj = Tnner diameter of the specimen, m.

He = specimen height after consolidation, m.
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No adjustment for volume change due to the application of the torsional excitation force was used in
the computation since the total volume change of the specimen during cyclic torsional loading did
not exceed 0.5 percent.

Figure 5 shows a plot of the stabilized excess pore water pressure versus average cyclic shear
strain at the end of the approximate 2 min loading interval of each amplitude of the torsional
excitation force. For each value of shear strain above the threshold strain, the excess pore
water pressure increased as the test proceeded and stabilized at the value shown in the plot, even
after the excitation force was removed. While the excess pore water pressure increased it was pos-
sibTe to achieve resonance for a short time period, as evidence by the elliptical trace on the
oscilloscope screen. At the point where the excess pore water pressure stabilized at its maximum
value, the excitation was no longer at resonant frequency as evidenced by the distortion of the
elliptical trace. Consequently, accelerometer readings tended to decrease as the elliptical trace
began to tilt.

The effect of the degree of saturation is readily seen in figure 5. Specimen M-3, which had
the lowest B-value of 0.30, exhibited the slowest excess pore water pressure buildup. The threshold
strain for excess pore water pressure buildup decreased with an increase in the B-values, which are
tabulated in figure 5. For specimens M-2 and M-7, which have B-values of 0.99 and 0.96 respectively,
the excess pore water pressure started to build up at an average shear strain of about 2 x 10-3
percent.

The threshold shear strain, vi, below which there is no buildup of excess pore water pressure
was obtained from figure 5 for each specimen and is shown as a function of the B-parameter in fig-
ure 6. For the range of B-values obtained in this study (0.99 to 0.30), vy varied from 2 x 10-3
percent to 7 x 10-3 percent. For the B-values greater than 0.92, which can be considered‘as satis-
factory for saturated sand specimen testing, the range of v, is from 2 to 4 x 10'3 percent.

It is also noted that the magnitude of vt is relatively insensitive to the degree of saturation

for B-values below 0.90. A decrease of B-value from 0.90 to 0.50 shifted the threshold shear strain
from 4 x 10-3 percent to & x 10~3 percent. Additional testing will be required to substantiate
these findings for other granular materials.

The concept of the existence of a threshold shear strain when a saturated loose to medium
density cohesionless deposit is subjected to earthquake lcading has been studied by Dobry et al. [5]
in a cooperative project between the National Bureau of Standards, Rensselacr Polytechnic Institute,
and Woodward-Clyde Consultants. In the study, strain-controlled dynamic triaxial tests were con-

ducted by applying a number of uniform cycles of strain to saturated Monterey No. 0 sand specimens,
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and the characteristics of the excess pore water pressure buildup were evaluated as a function of
the shear strain amplitude. The results for 100 strain cycles are shown as curve A in figure 5 for
comparison. Curve A shows a threshold shear strain value at about 10-2 percent which is higher
than the values obtained by resonant column testing. This difference may in part, be attributable
to the different 1oading conditions. In the torsional resonant column tests, the direction of the
shear strain is reversed. This was not the case in the cycTic triakial tests represented by

curve A,

The volume of water expelled from the specimens to release the excess pore water pressure at
different magnitudes of average shear strain is given in figure 7. No volume change measurements
were made on specimen M-2. The volume change is expressed as a percent of the total volume of the
specimen after consolidation, AV/V.. Note that the voTume change is not very sensitive to the B-
parameter. This contrasts with the high sensitivity of the excess pore water pressure bufldup to the
B-parameter (figures 5 and 6), and is an indication that a relatively minor change in the volume
of water can cause a large change in the B-parameter. The correlation between volume change and the
average shear strain is closely approximated by the single curve shown in figure 8. Below shear
strain of about 5 x 103 perqent, no volume change was observed. Figure 8 also shows the vertical
strain due to the compaction in ten cycles during cyclic simple shear testing conducted on Crystal
Silica No. 20 sand specimens by Silver and Seed [20]. The Crystal Silica No. 20 sand is a uniform
angular quartz sand with a mean grain size, Dgg, of 0.65 mm and a specific gravity of 2.65. The
maximum and minimum void ratios determined by Silver and Seed [13] are 0.973 and 0.636, respectively.
Dry sand specimens were used in their testing and the curve shown in figure 8 was obtained from the
testing of specimens prepared to a relative density of 60 percent (void ratio of 0.777) and subjected
to confining pressures of 24, 96, and 192 kPa. Note that both curves in figure 8 exhibit similar
trends; however, the threshold strain in the simple shear test was higher, and the volume change for
a given strain lower.

In figure 9, the buildup of the excess pore water pressure is plotted as a function of volume
change for different B-parameters. Again it can be seen that the excess pore water pressure buildup
is very sensitive to B-value, and thus even a minor volume of air in the voids would have a
considerable effect.

The magnitude of excess pore water pressure buildup during resonant column testing can be
compared with the relaticnship proposed by Drnevich in 1972 [7] on the basis of results from cyclic

torsional shear tests on hollow cylindrical specimens.
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bC = exp '7-50 (3)
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o3¢ = 973 - fuy
Ty = “max (5)
ax
Tmax = agsin ¢ (6)
where o3 = fpitial effective confining pressure

o3t = effective confining pressure at any time, t
Auy = excess pore water pressure at any time, t
Yy = reference shear strain

i = shear strain at any time, t

Tmax = Shear stress at failure

Gpax = shear modulus at very small shear strain amplitude

t = effective angle of shear resistance
N = pumber of strain cycles in testing, a 2 min duration was used herein to calculate the
N value.

The equation below, which was revised by changing the exponent of N in equation (2) from 0.75
to 1.10, was Tound to provide a good fit of the experimental results for the tests with high
B-parameters:

=7 1
(1 +cb N 1.10) (7)

Q |>
[SS3RN |ad

The comparison between the measured and calculated excess pore water pressures using equation 7 1s
shown in figure 170, Note that the agreement is very good for specimens M-2 and M-7 which have

high B-valuas of (.99 and 0.96, respectively. Agreement for the other two specimens, M-4 and

M-5, which have B-values of 0.90 and 0.93, respectively, is poor. Drnevich [7] noted that because
the reference strain concept has been used to normalize shear strain, the same framework could be
applied to other saturated sands but the coefficients may differ slightly. This is the case in this
instance. Equation 7 was derived for the possible maximum excess pore water pressures associated
with a given average shear strain for the duration of cyclic shear application. After the possible
maximum excess pore water pressure is reached, it will not increase even when a large number of
additional cycles are applied. The equation, therefore, no longer applies.
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SUMMARY AND CONCLUSION

(1) Threshold Strain: Based on the cyclic loading test results on dry sands, Drnevich and

Richard {61, Youd [24], and Pyke [[16] all concluded that there is a threshold cyciic shear strain,
Yi¢s OF the order of 10-2 percent, below which no densification occurs. A value of v, of about 10-2
percent aiso correlates rather well with the experimental results for dry sands reported by Silver
and Seed [20] as shown in figure 5 and with strain-controlled test results on saturated sands reported
by Dobry et al. [5] and Park and Silver [15]. However, figure 5 indicates that the threshold shear
strain value for fully saturated sana specimens in this study is about 2 x 10-3 percent when the
threshold is determined by the onset of the buildup of the excess pore water pressure in the torsional
resonant column test. When the volume change during testing is used to determine the threshold shear
strain, Y, was estimated at about 5 x 10-3 percent as shown in figure 8. In either case, the thresh-
old strain observed in the tests reported herein was smaller than the threshold strains reported in
the literature.

Several reasons for the discrepancy are suggested:

(a) Detection of the threshold strain requires sensitive measurements. The measurement of
pore water pressure increase in saturated specimens is considered the most sensitive measurement,
since large increases in excess pore water pressure are associated with minor volume changes.
Measurement of the water volume expelled from a saturated sample, measured to the next 0.1 ml, is a
~Tess sensitive measurement than the excess pore water pressure increase, but it is probably still
more sensitive than the detection of volume change by the vertical LVDT measurement in a dry sample
which was used by Drnevich and Richart [6). It is reasonable to assume that the more sensitive the
measurement, the Tower the threshold strain it will detect. This would account for the fact that vg
measured by the onset of excess pore water pressure development was 2 x 10'3 percent, vy associated
with the displacement of a measureable volume of water was 5 x 1073 percent, and v, associated
with a measurable change in the height of the specimen was 1 x 10-2 percent.

(b) The above reasoning would not explain the threshold strain of 10-2 percent measured by
Dobry et -al. [5], which was determined by very sensitive measurements of excess pore water pressure
buildup. However, there is a difference between the loading condition in the torsional resonant
column test and that in the triaxial test. The resonant column test involves a reversal of the
direction of the shear stress which does not occur in the triaxial test. In addition, Dobry et al.
[5] used a Timited number of stress cycles (up to 300), while the number of cycles in the resonant

column is very high (about 15,000) for a 2 min time period.
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(2) Saturation: The B-parameter had a considerable effect on the threshold strain and the pore
water pressure buildup, but it had no detectable effect on the volume change as measured by the
expelled pore water. This is an indication that even a minor amount of air will have & considerable
effect on the excess pore water pressure buildup. Thus, the B-parameter in liquefaction studies
should be equal to or higher than 0.95.

(3) The Effect of Magnitudes of Applied Cyclic Stress on the Pore Water Pressure Buildup: As

the test data in figure 5 indicate, an application of a large number of torsional stress cycles,
which causes an initial shear strain above the threshold strain, does not necessarily lead to
liquefaction (Au + o3}. Rather, the excess pore water pressure will stabilize at a certain level.
While there is no satisfactory explanation for this phenomenon at the present time, there are indica-
tions that this response is probably attributable to a cyclic strain hardening effect, i.e., after a
sufficiently large number of cycles, no volume change occurs. This effect is attributed to parti-
cle rearrangement or soil fabric change. Whether this phenomenon can be extrapolated from the test

specimen to a field condition is not known at the present time.
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Table 1. Index Properties for Monterey No. 0 Sand, Mulilis, et al. (1973) [12]

Unified Seil Classification System Group Symbol sp
Mean Specific Gravity 2.65

Particle Size Distribution Data

D5Ulf, fmim 0.36
G 0.90
g A 1.50
Dry Density Data
Maximum, kg/m3 1693.15
Minimum, kg/m3 1430.45
Notes:

1. Dgg, mean grain size

™
= |
]

c (930)2/(050 x Dyg)» coefficient of curvature

(78]
.

(%)
=
1

= Dgo/D1g. coefficient of uniformity

Table 2. Summary of Resonant Column Tests With Pore Water Pressure Measurement

Specimen Dry Unit Weight Relative Density Voil Ratio B-Value
kg/m3 % e

M- 2 1577 60.0 0.676

M-3 1575 59.3 0.678 0.30

M- 4 1573 58.5 0.680 0.93

M-5 1576 59.6 0.677 0.90

M-56 1576 59.6 0.677 0.82

M- 7 1575 59.3 0.678 0.96

Notes:

(1) A1l specimens are hollow cylindrical in shape

(2) A1) specimens were prepared using a moist tamping method except
specimen M-7, which was prepared by dry tapping method
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Figure 3. Top view of a hollow cylindrical specimen constructed between the

inner and outer molds
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INTRODUCTION

Simplified methods to evaluate the effects of saturated sandy, soils are needed for the
reasonable earthquake resistant desfign of structures considering scil liguefaction. Iwasaki et al.,
(1978), proposed two simp]ified methods which use a Tiquefaction resistance factor F; and a lique-
faction potential index I to evaluate the liquefaction potential of saturated sandy soils. Based on
these proposed methods, the liquefaction potential can be estimated simply by using the fundamental
properties of soils, i.e., N-values from the Standard Penetration Test, unit weights, mean particle
diameters, and the maximum acceleraticn at the ground surface.

In this paper, the two simplified methods are first introduced, and to prove the effectiveness
of the proposed methods, the values of both F| and I; at 64 liquefied sites and 23 non-liquefied
sites during past six earthquakes are calculated according to these simplified methods. Also,
shaking table tests on soil liquefaction are carried out for the saturated sandy model ground.
Furthermore, several application methods using the factor F;, the excess pore water pressure induced
in the saturated sandy soils and the effects of soil Tiquefaction on the resistance properties of
" the soils surrounding structures are described. Finally, some case studies on earthquake resistant

oproperties of civil engineering structures considering soil liquefaction are carried out according

to the proposed procedures on soil ligquefaction properties.

SIMPLIFIED METHODS
LIQUEFACTION RESISTANCE FACTOR (F;)

The ability of a soil element at an arbitrary depth to resist the liguefaction may be expressed

by the liquefaction resistance factor (F|) identified by Eq. (1).

o= (1)

—|=

When the factor FL of a certain soil is less than 1.0, the soil is judged to Tiquefy during an

earthquake.
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R in Eq. (1) is the in-situ resistance or undrained cyclic strength of a soil element to
dynamic loads during the earthquake, and can be simply evaluated according to numerous undrained

cyclic shear test results using undistributed specimens as follows,

for 0.04 mm 5 bgp 5 0.6 mm

0.0882 /% + 0,225 Togyq %ﬁ_ (2a)

gy tl. 5(

R

for 0.6 mm < Dgg < 1.5 mm

0.882 /IL - 0.05 (2b)

0v+0.7

=
n

where N is the number of blows from the Standard Penetration Test, oy is the effective overburden
pressure (in kg/cmz), and Dgy is the mean particle diameter {in mm).
L in Eq. (1) is the dynamic load induced in the soil element by a seismic motion, and can be

simply estimated by

T (¢ [+
. -max S max v
L= e I (3)
Oy 9 Iy
where ... 1s the maximum shear stress {in kg/cmz), ag max 1S the maximum acceleration at the

ground surface (fn gals}), g is the acceleration of gravity (=980 gals), oy is the total over-

burden pressure in (kgf/cmz), and rd is the reduction factor of dynamic shear stress to account

for the déformation of the ground. From a number of seismic response analyses for soils, Iwasaki

et al., (1978) proposed the following relation for the factor rg.

rg = 1.0 - 0.157 (4)

where Z is the depth in meters.

LIQUEFACTION POTENTIAL INDEX (1)

The ability to resist liquefaction at a given depth of soil can be evaluated by the factor F.
However, the damage to structures due to soil liquefaction is affected considerably by the size of
thevearthquake and the extent of the liguefaction. In view of this fact, Iwasaki et al., {1978) also
proposed the Tiquefaction potential index (I ) defined by Eq. {5) to estimate the severity of
liquefaction at a given site.

20
Ip = [, FW(Z)dz (5)
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where F=1-F for F{<1.0 and F=0 for F| >1.0, and W(Z)=10-0.5Z (Z in meters) as shown in figure 1.

W({Z) accounts for the degree of soil liguefaction according to the depth, and the triangular shape of
W(Z) and the depth of 20 meters are used based on observations in liquefaction phenomena during

past earthquakes. For the case of F =0 for the entire depth, If becomes 100, being the highest, and

for the case of le.O far the entire depth, I becomes 0 being the lowest.

CASE STUDIES ON F| AND I, FOR PAST EARTHQUAKES
Both the liquefaction resistance factor F| and the liquefaction potential index Ip were

calculated using the proposed methods for 64 liquefied sites and 23 non-l1iquefied sites where geo-
technical information was available during six earthquakes. These earthquakes were: the Nobi
Earthquake of 1891 (Magnitude=8.0), the Tonankai Earthquake of 1944 (M=8.0), the Fukui Earthquake of
1948 (M=7.8), the Niigata Earthéuake of 1964 {M=7.5), the Tokachi-oki Earthquake of 1968 (M=7.9), and
the Miyagi-ken-oki Earthquake of 1978 (M=7.4). According to these results, the properties of both F|
and I} were investigated. The Tiquefied sites and the non-liquefied sites for the case studies are

summarized in table 1(A) and (B), respectively.

CHARACTERISTICS OF THE FACTOR F

Figures 2(A) and 2(B) show typical calculation results of F| with depth at a Tiquefied site and
a non-liquefied site, respectively. It can be seen that F; is mostly less than 1.0 for the 1iquefied
layers, and greater than 1.0 for the non-iiquefied layers.

F| -values with depth at all liquefied and non-iiquefied sites in the Niigata Earthguake (see
table 1) are summarized in figure 3. In this figure the liguefied layers are estimated based on
damage to structures (see figure 2(A)). It can be also seen that F| is mostly less than 1.0 for the
tiquefied layers and the Tiquefied layers are Tikely to be situated at the depth of about 10 meters
or shallower.

Figure 4 shows the freguency and the accumulative incidences of F_-values calculated for both
Tiguefied and non-liquefied layers at all sites in tabTe 1. According to figure 4, it is found that
the distribution of F| at the liguefied layers is very different from that at the non-liquefied
Tayers. At the Tiquefied layers most (about 87 percent) of Fy-values distribute in the range Tess
than 1.0, while at the non-liquefied layers most (about 85 percent) of F|-values distribute in the
range more than 1.0. However, it must a1s§ be noticed that about 13 percent of the Fp-values exceed
1.0 at the Tiquefied layers and about 15 percent of the Fj-values are less than 1.0 at the non-

liquefied Tayers.
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APPLICATION OF THE SIMPLIFIED METHOD TO AN IN-SITU SITE

In this paper one example is introduced of the application of the simplified method based on the
factor F for an in-situ liquefied site during a past earthquake. The Yuriage-kami Dyke along the
Natori River was damaged by the Miyagi-ken-oki Earthquake of 1978 and sand boils were observed at
numerous points near the Dyke shown in figure 5. After the earthquake, detail investigations on soil
liquefaction were carried out at both the Tiquefied and the non-liquefied points, i.e., the liquefied
points Y-1 and Y-2, and non-liguefied points Y-3 and Y-4, are shown in figure 5.

Figure 6 illustrates the soil profiles, N-values, Dgp and F-values at the liquefied points
(Y-1, Y-2) and the non-liquefied point (Y-3). At this site, both the simplified analyses and the
detailed analyses are carried out tc calculate the Fj-values with depth. In the simplified analyses,
three Tevels of maximum ground surface accelerations i.e., 180, 240 and 300 (gals) are supposed, in
view of the measured strong-motion records nearby. In the detailed analyses, the ground acceleration
recorded on the rocky layer during this earthquake is used as input at the estimated base. A maximum
acceleration of 150 gals is assumed. From figure 6, it 1s found that the soil Tiquefaction occurred
at the points which had Fi-values almost less than 1.0. In this way it is shown from the in-situ
investigations that the liquefaction resistance factor Fp is effective to evaluate the liguefaction

potential of saturated, sandy soils.

CHARACTERISTICS OF THE INDEX I}

Figure 7 summarizes both the relation between the number of cases and Iy, and the relation
between the accumulative percentages and I|, at all liquefied and non-liquefied sites in table 1.
Figure 7 shows that I} for liquefied sites seems to be higher than those at non-liquefied sites,

i.e., for non-liquefied sites I| is generally less than 15 and the percentage that I| is less

than 5 is about 70 percent. On the other hand, for liquefied sites, the percentage that Iy is Tess
than 5 is only about 20 percent and at about 50 of the sites, I is more than 15. From these results,
the following simplified procedure for assessing soil Tiquefaction based on the index I may be

proposed as a preliminary guideline:

I =0 . Liquefaction risk is very low,
0<IL <5 ¢ Liquefaction risk is low,

5< I <15 @ Lliquefaction risk is high,

15 < I :  Liquefaction risk is very high.

From the above, it is shown that the index I, may be used reasonabiy to assess the liquefaction

potential at a given site.
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SHAKING TABLE TESTS ON SOIL LIQUEFACTION

Shaking table tests were carried out to clarify: a) the properties of scil Viquefaction, b) the
effects of soil Tiquefaction on structural foundations, and c) the effectiveness of the proposed
Tiquefaction resistance factor, F . A loose saturated sand ground model 0.95 m deep, 6 m Tong and 3m
wide was prepared on a shaking table, and four kinds of pile foundation models were set up in the
sand, as shown in figure 8. In the tests, the table was excited with sinusoidal motion at a constant
frequency of 7 Hz, and the input table accelerations ranged from 30 gals to 250 gals, as listed in
table 2. Accelerations and pore water pressures were measured in the sand. Accelerations,
displacements and earth pressures of the pile models were also observed.

Figure 9 is an example of test results, i.e., the distribution of a degree of soil Tliquefaction

and the time history for test 2. The degree of scil liquefaction is defined by the factor Ly,

Ly = Aujoy (6)
where Au is the excess pore water pressure., Sands with L, of 1.0 are assumed to completely liquefy.
From figure 9 it appears that soil liguefaction spreads from the surface to the bottom of the ground
gradually.

Figure 10 shows the relationship between the top displacement of the pile model (Model-2) and
the degree of spil liquefaction with depth as defined by H|/Hy (where H_ is propertional to the area
completely liquefied, and Hg is proportional tc the thickness of the ground model). When the ratio
H /Hp becomes 1.0, the entire ground is liquefied. It is seen that the displacement of the pile
tends to increase as H) /Hp increases.

Figures 11 and 12 show the typical relationships between accelerations, pore water pressures and
FL-values for non-Tiquefied cases and liquefied cases, respectively. In these figures, F -values are
estimated by Eqs. (2) and (3). It is found that Fy-values decrease according to the increase of pore
water pressures, and that Fi-values are less than 1.0 for the liquefied layers and are higher than
1.0 for the non-Tiguefied layers.

Figure I3 summarizes the relation between F| and L, for the Tiquefied Tayers. From this figure,
it is seen that F| decreases as L, increases and that F| 1is Tess than 1.0 for Ly of 0.5 or higher and
is more than 1.0 for L, of C.5 or lower. Furthermore, figure 13 illustrates that the sand layers are
1ikely to completely liquefy when F| decreases to less than 0.6

From these shaking table tests, it {s shown that the proposed factor F| may be used adequately to

estimate soil Tiquefaction potential of saturated sand Tayers.
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METHODS FOR EVALUATING EFFECTS OF LIQUEFACTION
The effects of soil liquefacticn on structures are reguired to be clarified guantitatively for
establishing the earthquake resistant design of concrete structures. In this section, several methods

using the factor F| are introduced to evaluate the effects of soil liquefaction quantitatively.

PROBABILITY OF SOIL LIQUEFACTION

It is shown in figure 4 that for & certafin value of F both possibilities of liquefaction and
non-1iquefaction may be expected, Therefore, an estimate is needed to determine the probability of
soil lTiquefaction for a certain Fy-value. Figure 14 shows the relation between the probability of
lTiquefaction or non-liquefaction and F, estimated from the results in figure 4, In figure 4, 500
cases for both liquefied and non-liquefied layers have been collected. From this figure, the proba-
bility of Tliquefaction or non-liquefaction can be estimated using the F| -value. For example, the
probability of Iiquefaction for F| -value of 1.0 is about 50 percent and that for a F;-value less than

about 0.6 is almost 100 percent.

PORE WATER PRESSURE

Excess pore water pressures generated in sand Tayers are very important in soil liquefaction
studies. In this paragraph, the simpTified procedures for evaluating excess pore water pressure

using a F -value are introduced.

Dynamic Soil Tests

From dynamic triaxial tests on the cyclic strength for soil liquefaction, a typical relation
between the shear stress ratio t/oy (t:shear stress) and the number of cycles N1 to generate

liquefaction is shown in figure 15, and the relation is approximately given by Eg. {7},

(t/oy) = aN? . (7)
where constant values, a and b are decided based on the dynamic triaxial tests as shown in figure 15,
If Tiquefaction is assumed to occur for the cyclic strength R with the number of cycles Np and for
the dynamic Toad L with the number of cycles N, the relations on both R and L may be obtained from

equations (8a) and (8b), respectively,

R = (tp/o)) = aKl (8a)

L anp (8b)

n
]

(TL/UG)
where tp and 1) are the shear strength and the shear lcad, respectively. From Egs. (1), (8a) and

(8b), the following relation is obtained.
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FLo= (Ne/n )P . (9)
On the other hand, the relationships between au/oy and N/Ny (N, Mj: number of cycles before
TiqueTaction and that at complete liquefaction, respectively} are obtained, for example, as shown
in figure 16. Because Np and N_ are regarded as N and Ny, respectively, the following relation can

be assumed.

(NR/NL) = (N/Ny) (10)
Combining Eqs. {9) and (10), we obtain
(N/Ny) = (F )10 (11)
Therefore, the pore water pressure can be estimated by the factor F| as follows, according to

the test results shown in figure 16.
(aufal) ~ (N/Ny) = (F)1/P (12)

Shaking Table Tests

Pore water pressures can be estimated by the factor Fy based on shaking table tests, i.e., by

using the relation shown in figure 13.

Relatjon Between Pore Water Pressure and F;

Figure 17 summarizes the relationship between pore water pressure and F; according to the
proposed methods, i.e., dynamic soil tests and shaking table tests. From this figure, pore water

pressure can be simply evaluated from the Fy-values.

PROPERTIES OF LIQUEFIED SAND LAYER

For establishing a réasonab\e method of earthquake resistant design of structures considering
soil liquefaction, it is important to clarify the properties of ligquefied sand layers. For the pur-
pose of estimating the lateral bearing properties of 1iquefied sand layers quantitatively, simple
static loading tests are carried out.

Figure 18 shows the outline of the test apparatus. The saturated sand specimens are
consolidated by the air pressure through the rolling diaphgram seal. In the center of the rolling
diaphgram seal, a Toading plate (6 cm in diameter) is connected. The specimens are consolidated by
two values of confining pressure (o&), i.e., 0.5 and 1.0 (kgf/cmz), and after three-hours of con-
solidation the excess pore water pressures (Au) are induced into the specimen. The ratio of the pore
water pressure to the confining pressure is changed from 0 to 0.95 continuously. Under a certain
induced ratio the static loading test is carried out, and the static load and the displacement of

the loading plate are measured.
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Figure 19 shows a typical test result, i.e,, the relation between the static Toad P (in kgf) and
the displacement & (in mm}. according to the different ratios of pore water pressure. From this
figure it is found that the bearing capacity of the soil specimen is affected by the increase of pore
water pressure. -

Figure 20 summarizes the results of the overall tests. In this figure the bearing coefficient

(coefficient of subgrade reaction. Ed.) of the soil is defined by

K= P/({A-8) (13)
where K is a bearing coefficient (in kgf/cm?/mm) and A is the an area of the loading plate (in em?).
From this figure it is found that the bearing coefficient of the so0il decreases with an increase of
the pore water pressure,

Figure 21 shows the relation between K/Kg and L, based on the results in figure 20. Kg is the
bearing coefficient when pore water pressure equals zero. From this figure the degree of decrease of
the bearing coefficient of the soil induced by liquefaction can be quantitatively evaluated from a
degree of soil liquefaction,

From the test results in figure 13, the relation between the value of F| and L can be assumed

as follows:
Fr 0.6, Ly < L0
0.6 <FL <08, 0,9<L,<1.0
= ? = (14)
0.8 < FL S 1.0, 0.5 S Ly < 0.9
1.0 < FL . L, < 0.5

Thus, the average relation between K/Kg and Ly may be proposed as the four stages shown in
figure 21 after considering the test results and the relation in Eq. (14). The relation between Fy

and K/Kg can be approximately estimated as

FL € 0.6, K/Kg =20
0.6 < F_ € 0.8, K/Kg =1/3
= (15)
0.8 <F_ <1.0, K/Kg =2/3
1.0 FL , K/iKg =1

The results of the above-mentioned approach on the resistance of liquefied sand layers were
already applied to the actual design of a highway bridge (Japan Road Assocation) as shown in tabTe 3.

In this table the reduction factor Dp is equivalent to K/Kp.

179



CASE STUDIES ON EARTHQUAKE RESISTANT PROPERTIES FCQR STRUCTURES CONSIDERING LIQUEFACTION
Earthguake resistant designs of structures considering soil liquefaction are very important. In
this section the results of case studies on earthquake resistant properties for typical structures,
i.e., Showa Bridge and Yuriage-kami River Dyke using the simplified procedures on soil liguefaction
introduced in prévious sections are introduced to investigate the effects of soil liquefaction during

earthquakes.

SHOWA BRIDGE

The Showa Bridge was damaged during the Niigata Earthquake in 1964, i.e., the five simple
girders fell into the water as shown in figure 22. One of the causes of the damage is presumed to
be the surrounding ground liquefaction. The effects of soil 11quefacti0n to the éarthquake response
nroperties of the bridge are investigated during the results shown in table 3.

The investigation is carried out for one of the piers of the bridge, i.e., Pier 5 (see figure
22). Figure 23 shows the outline of the substructure for both before and after the earthquake and
the results of assessing soil liguefaction using Fy-values. After the earthquake, all substructures
were reinforced as shown in figure 23. According to the Fy-values with depth, the ground surrounding
Pier 5 is estimated to have been liguefied at a depth of about 10 meters or shallower.

The earthquake response properties of Pier 5 under the conditions for both before and after
the ecarthquake are calculated by using the Seismic Coefficient Method. The input design horizontal
sefsmic coefficients Ky are 0.15, 0.20 and 0.25. In the calculation, the lateral bearing coefficients
of ground, i.e., k (kgf/cm3) at the depth of 1/8 (in meter) [ = 4KD/AET, k: Lateré1 Bearing
Coefficient {in tf/m3), D: Diameter of Pile {in meter), E: Elastic Modulus {in t/m2), 1: Moment of
Inertia of Pile (in m%)] are changed according to the degree of soil tiquefaction. The degree of
soil 1iquefaction is presumed to be equivalent to the reduction factor Dg identified in table 3 and
the input reduction factors are 1, 2/3, 1/3 and O.

Figure 24 summarizes the relationships between the calculated maximum displacement of the top of
Pier 5, i.e., (cm) and the reduction factor or the lateral bearing coefficient of the ground. From
this figure, it is found that the dfsplacements of the substructure increase according to the
decrease of the Dp-value or k-value, j.e., the increase of the degree of soil Tiquefaction, and
increase remarkably whan the bearing capacities decrease almost to zero. It can also be seen that
the displacement of the substructure decreases by adding reinforcement.

From the above discussion,.it is obvious that effects of soil liquefaction are very important in

the earthquake resistant design of hridges.
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YURIAGE-KAMI RIVER DYKE

The Yuriage-kami River Dyke was damaged during the Miyagi-ken-oki Earthguake in 1978 as shown in
figure 5. The river dyke near the point Y-1 was damaged severely and yet at the points Y-3 and Y-4,
the river dyke was not damaged. In this paragraph the analytical results on the stab{lity for both
the damaged river dyke and the non-damaged river dyke considering the excess pore water pressure
induced by the earthquake are introduced.

The excess pore water pressure i1s estimated simply by using equation (12). The distribution of
Fl-values must be estimated in order to use equation (12). In this example, the F{-values are
calculated in detail, i.e., the in-situ resistance R and dynamic load | in equation (1) are estimated
from the dynamic triaxial tests and from the finite element analyses, respectively.

Figure 25 shows the distribution of F -values in the sandy soils calculated at both the damaged
river dyke and the non-damaged portion. Comparing the results for both sites, it can be seen that
the area whose F{~values are less than 1.0 is larger at the damaged river dyke than that at the non-
damaged one.

Figure 26 shows the distribution of the excess pore water pressure (Au) which is calculated
based on the results in figure 25 at both the damaged river dyke and the non-damaged one. From this
figure, the magnitude of the excess pore water pressure at the damaged river dyke seems to be larger
than that at the non-damaged one.

The stability analyses of the river dykes are conducted using the Friction Circle Method to
obtain the minimum safety factor Fc. The horizontal seismic coefficients (Ky) used are 0.0 (i.e.,
before earthquake), 0.15 and 0.2. Furthermore, the effects of soil Tiquefaction, i.e., the excess
pore water pressure calculated in figure 26, to the stability of river dykes are also investigated.
Figure 27 summarizes the relationship between the minimum safety factor Fg and the horizontal seismic
coefficient considering the excess pore water pressure, aAu. It is found that the factor Fg consider-
ing the occurrence of excess pore water pressure decreases and the factors Fg at the damaged river
dyke, i.e., the point Y-1 are less than the ones at the non-damaged river dyke, i.e., the points Y-3
and Y-4 with respect to the excess pore water pressure.

From the above, it is also obvious that the excess pore water pressure induced during earthquakes

is also a very important factor in the stability of soil structures.

CONCLUSTONS
Two simplified methods based on the liquefaction resistance factor F_ and the liguefaction
potentjal index I are proposed to assess the liquefaction potential. From these studies, it s

found that the Fj-value is mostly less than 1.0 for liquefied layers and greater than 1.0 for non-
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liquefied layers. The F| -value is a very useful factor to estimate the soil liquefaction for a given
Tayer. It is also found that the I -value at liquefied sites differs noticeably from those at non-
liguefied sites and seems to be a useful index to assess the liguefaction potential at a given site.
From the experimental tests, it is also shown that the effects of 1iqdefaction can be reasonably
assessed by Fp-values.
The importance of the effects of soil liquefaction during earthguakes to the earthquake response

properties of structures is also clarified.
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Table 1 Sites for Analysis of Soil Liquefaction Evaluation

(A) Liquefied Sftes
Ne. Site Earthquake | Ref. | Ne Site Earthquake | Ref.
1 | Shinanc River 1 32 Bbr. 1 [
T Ratlroad Bridge 2 33 | Nanse Beach Br. 2 g:l:;date -{;:‘;Th-o“' &
3 Br. 1 34 Br, 3 M=7.9
| & | prhasni dge Be. 2 35 | nachinohe ciry 1 %3]
5 Br. & 36 | Gifu City
6 | Bandai Bridge Br. 6 37 | Unuma !
1 e 1 38 | ogaseike Ragamigahara .' Cifu Pref. ':::::
[Z Yachiyo Bridge Br. S 39 | Mangoku, Ohgaki i H=5.0
3 Bt 7 (3) [ 40 | Meikadori v Tonankat,
10 | Shin-Marsuhama Bri, Br. 2 &)1 | Kohmes 1 Nagoya City | 1944, ()
1 Br. 1 42 | Inael n=8.0
T Tathet Bridge Br. 2 43 | Takaya 45 Pukui Fukui,
ER Br. 1 44 | Maruoka No. 2 Pref. ;3;’?;
14 Br. 2 45 | Takaya 2-168
T Shows Bridge Br. 3 |Niigata City | Niigats, 46 | Abukuma Bridge Br. 4
16| e 2 ! 47 | tiouth of Abukuma River
17 Br. 3 48 | Yuriage-Kami ¥ -1
18 | Niigata Airport 49 " Y -2
19 | Sekiya (4) 50 | Yuriage Bridge No. 1
20 Br. 1 51 " No. 2
(21 | Niigaca Railroad Br. 2 (1 § 52 ” No. 3
27 | Hospical Br. 1 51 | Yamazaki Miyagi Miyagl-ken-
23 | Br. 2 56 | oird (1) Pref. ‘1’;;5' (8)
24 Br. 1 55 " No. 2 M=7. 4
ER Br. 2 56 | Uomachi B-1
T Kawagighi-Cho Bz, 3 (5 57 " B -2
27| Br. & 58 | Rifu No. 12
28 BC21-2 %9 | Shiomi Ne. 1
T Le21-3 60 " No. 2
5= | kovagishi-Cho BCLO4 @ I'e " ¥o. 3
51| BCl4 62 | Nakamura N -4
63 " N-5
64 Wabuchi We=2
(B) Non-Liquefied Sites
Wo. Site - Earthquake | Ref. Reference
! | Jindojt (1) BRI (1965)
? | Kogane-cho @ BRI (1369)
: ::z:s:t:::::‘ - ::: i Niigata Ciry | Witgara, o» (3) Japenese Soclety of Civil Engineers
1964, (4) Ishihars (1976)
5 Omiya 266K 712M M=7.5 (5) J.5.5.M.F.E. (1976)
€ | Showa Bridge Br. 4 (6) Eishida (1970)
7 | Nishi Op-Hata-Cho (7) Ohashi et al. (1977
8 | Gotands Bridge Be. 1 (8) Yasuda et al. (1980)
9 " Br. 2
Fukui,
10 | Maruoka Fukui Pref. 1948, {2)
M=7.3
11 | Rakamuirs N-1
12 " -2
D | Tolege—iant F— Table 2 Input Motion
‘16 | Ritakaml River No. 10
15 | Natori River, 3.2 k= l‘—j Miyagi-ken— Test No. Input Motien Input Acceleration (gals)
16 | Kinnou Bridge ®8 | wiyagt Pref. ;’:;é' (8 1 20
17 | Abukuma Bridge Br. 1 M=7.4 2 80
18 " Br. 2 3 80
19 | Eai Bridge No. ! 4 Sinusoidal }; 50
20 | Minami Sendai No. 2 5 7 HZ 80
21 | Uomachi A-1 6 150
22 " A-12 7 150
23 | Wabuchi Wl 8 hﬁ 250
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Table 3 F,-D_ Relation
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FL Depth, Z (m) Factor, Dy
2 <10 o
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COUPLED HYDRODYNAMIC RESPONSE CHARACTERISTICS AND WATER PRESSURES OF LARGE COMPQSITE BREAKWATERS

Tatsuo Uwabe
Setsuo Noda
Hajime Tsuchida
Port and Harbour Research Institute
Ministry of Transport
ABSTRACT

In order to prevent damage by tsunami, a large composite breakwater is planned in deep sea at a
depth of 60 m at the bay mouth of Kamaishi in the Tohoku district. For the purpose of examining the
seismic behavior of the breakwater, an analysis of coupled hydrodynamic response characteristics and
water pressures of the breakwater was carried out by means of a shaking table model test and an
earthquake response calculatiorn using the Finite Element Method.

In case the caisson of the composite type breakwater does not resonate, the model tests show
that the hydrodynamic pressures acting on a caisson is calculated by the Westergaard formula using
the water depth and the seismic coefficient at the top of the mound. {Mound means earth and/or
rockfill).

In order to use earthquake response calculation for practical application, it is essential to
investigate whether the modeling and material property values simuylate the acutal field condition or
not. It is concluded that the method for analyzing structure-water systems using the Finite Element
Method is appropriate for simulating the dynamic response and hydrodynamic pressures of the fill type

_breakwater.

INTRODUCTION

A large composite type breakwater which protects against tsunamis and serves as an expansion of
port functions {s planned for construction in deep sea at the depth of 60 m at the bay mouth of
Kamaishi in Tohoku district. The sectional form which is now under design is a composite type
structure m@de up of a rubblestone mound and & caisson. The rubblestone mound and the caisson become
massive because of the deep sea of 60 m. With no past record of construction in a deep sea of 60 n,
it is necessary to investigate technical problems related to this magnitude of construction. The
dynamic response analysis in the water is especially important to prevent the breakwater structure
from being damaged by a tsunami,

The coupled hydradynamic response of the Targe composite breakwater made up of rubblestone mound
and caisson has many uncertain points. Therefore, model vibration tests in the water were carried

out as a first analysis of the dynamic behavior of the breakwater. It is difficult to satisfy the
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law of similitude for the vibration model test in all aspects. Therefore, the coupled hydrodynamic
response calculation was also carried out. The dynamic response calculations of structures and the
ground were easily performed on a computer. However, it is very important to investigate the cor-
rectness of the calculation method, modeling, and property values for practical use. THe calculation
method was judged adequate by comparing thé predicted calculation with the results of vibration
tests.

In this report, the aims of the vibration test analysis were the coupled hydrodynamic responses,

the dynamic water pressures, and comparison of the earthquake response calculaticn.

VIBRATION MODEL TESTS

The coupled hydrodynamic response of the breakwater comprising of a rubblestone mound and
caisson is very complicated. Therefore, the first vibration test was carried out for the caisson
model, the breakwater model was used in the next vibration test. Figure 1 shows the caisson model
and figure 2 shows the breakwater model. The prototype of the breakwater was selected from several
design sections whose sefsmic coefficient is 0.2. The models were made trying to satisfy the law of
similitude [13. Table 1 shows the results of similitude analysis, prototype values, and model
values. The Takahagi sand is used for the model fill. The soil test results of this sand are given
as follows: the specific gravity is 2.66, the maximum and minimum void ratio are 0.90 and C.65,
respectively; the effective grain size is 0.90 cm; and the uniformity coefficient is 1.5.

Two shaking tables of the Port and Harbour Research Institute were used for tests. Both shaking
tables are of the electromagnetic type. The maximum driving force of one shaking table is 12 t.G.
and the frequency range varies from 0.5 to 100 Hz., The inside dimensions of the box are 1.5 x 5 x
1.5 m. Another shaking table is almost the same as the above mentioned table except the box has
inside dimensions of 3 x 3 x 1.2 m,

The input wave forms of the tests are a sine wave and random earthquake motions. The frequency
ranges for the sine wave excitation tests varied from 5 Hz to 50 Hz at 1 Hz intervals. The earth-
quake accleration time histories with a similitude reguirement were gererated in the computer from
strong motion earthquake records. The similitude ratic of time is 1:¥75. Original strong motion
earthquake records consist of the incident wave computed from the ground surface record (S-252 N-S)
of the 1968 Tokachi-oki Earthquake [2] at Hachinohe and the record ($-1210 E41N) of Ofunato in the
1978 Miyagi-ken-oki Earthquake [3].

Vibration tests consisted of dry model tests and submerged model tests. The sequence of
vibration tests are given below. Test 1 is a sine wave excitation at 10 gal. Test 2 is at 50 gal.

The others are earthquake wave excitations.
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RESULTS OF TESTS
DYNAMIC RESPONSE OF THE BREAKWATER

Figure 3 shows the recorded waves of the sine wave tests. These waves were recorded at 1 Hz
steps from 5 Hz to 50 Hz. An amplitude ratio of the response wave to the input wave gives the
acceleration response ratio. Figures 4 and 5 show wave forms of input earthquake motions and Fourier
spectra. Figure 6 shows recorded earthquake waves at each measuring point of the model.

Figure 7 shows the acceleration response curves of the caisson top and the mound (fi11) top.
When the input acceleration is 10 gal, two peaks of thé acceleratian response curve occur for the
caisson top ét 18 Hz and 35 Hz. These frequencies are considered to be the first and the second
mode, respectively. When the input acceleration is 50 gal, the frequency of the first mode decreases
and response ratio at the resonant frequency decreases. The acceleration response curve of the mound
top gives a peak at 38 Hz, when the input acceleration is 10 gal. In the case of 50 gal, the
acceleration response ratio of the mound top is a maximum at 31 Hz. The decrease of the acceleration
response ratio and the resonant freguency is due to the nonlinear characteristics of the
Takahagi sand fill material.

Figure 8 shows a maximum acceleration ratio {a ratio of the maximum response acceleration to the
maximum input acceleration of the earthguake wave) versus height. When the input acceleration fs
more than 100 gal, the maximum acceleration ratic is greater than 1. The maximum acceleration ratio
of the caisson top is large, especially in the case of 10 gal. The maximum acceleration ratio
decreases as the input acceleration increases. In the case of around 200 gal, the maximum acceler-
atton ratio is nearly equal to 1. Figures 9 and 10 show the relation of the maximum response ratio
versus the maximum input acceleration for the caisson top and the mound top. In the case of the
sine wave, the maximum acceleration is a maximum value of the acceleraticn response ratio, The
maximum acceleration ratio of the sine wave is greater than that of the earthquake wave, as the
maximum acceleration ratio of the sine wave is the ratio at the resonant frequency. An effect of
the differences of the input waves to the maximum acceleration ratio is great in the case of 10 gal.
The simple linear regression analysis for the data whose maximum input acceleration was more than 40
gal gave the following relations of the maximum acceleration ratio and the maximum input
acceleration.

For the caisson top

TogigRe = 1.860 ~ 0.728 logig o

For the mound top

TogygRy = 1.229 ~ 0.522 logyqg @
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where

Re : Maximum acceleration ratio of the caisson top

Rpm : Maximum acceleration ratio of themound top

a : Maximum input acceleration (gal) (o > 40 gal)
The double circles in figure 9 show the results of the strong motion observation for the Ofunato
tsunami breakwater which is the same type as the Kamaishi breakwater and whose water depth is 35 m.

Figure 11 shows the test results of the caisson model on the vibration table. The acceleration
response curve of the caisson top in figure 11 is the case of 50 gal. A dotted Tine and a solid Tine
will be referred to in the next chapter. This figure shows that the resonant frequency decreases
with water and that the acceleration response ratio of the resonant frequency has no change with
water. Figure 1Z shows the effects of water on the acceleration response ratic. This figure shows
that the acceleration response ratio of a dry model is almost the same as that of a submerged model.

Figure 13 shows the effects of water depth on the response characteristics of the breakwater
model. The acceleration response curves of the caisson top with 0, 50, and 80 cm water depth for
input acceteration of 10 gal are shown. This figure shows that the resonant frequency decreases with

water depth.

DYNAMIC WATER PRESSURES ON BREAKWATERS

According to the current design standard of Port and Harbour Facilities, the dynamic water
pressures on the caisson of the breakwater are given by the Westergaard formula [4]. This well known
formula computes the dynamic water pressure on a vertical face. Dynamic water pressures against an
inclined face are given by Zanger [5].

The formulas of Westergaard and Zangar give the dynamic water pressures against a rigid vertical
and inclined face, respectively. In these formulas it is assumed that the structure and foundation
vibrate as one. Therefore, these formulas are not applied to resonant structures which give dif-
ferent response acceleration at each height. On the other hand, these formulas assume that the
input motion is a $ine wave. It is, therefore, necessary to investigate for the earthquake ground
motion. When the dynamic water pressures on the caisson of the breakwater are calculated using
Westergaard's formula, it is assumed in the current design standard that the water depth in the
formula is the depth of the mound bottom. It is also assumed that the water depth is the depth of
the caisson bottom. Since the dynamic water pressures on the caisson depend on the water depth for
the structures in the deep sea, it is very important to investigate the water depth in Westergaard's
formula. In this report, the above problems were analyzed according to the results of the vibration

tests.
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Figures 14 and 15 show the dynamic water pressures versus depth for a sine wave of 5 Hz. The
maximum acceleration input motion was 50 gal. Figure 14 shows the dynamic water pressures on the
caisson and the mound slope with 80 cm water depth. Figure 15 shows the dynamic water pressures on
the mound slope with a water depth of 55 cm. The acceleration response ratio of the % Hz sine wave
is almost equal to 1 according to the response curve of figure 7. It is assumed that the breakwater
model vibrates as a rigid body; therefore, the dynamic water pressures calculated by the Westergaard
and Zangar formulas whose assumption is a rigid body can be compared to the test results of fig-
ures 14 and 15. Figure 14 shows that the dynamic water pressures calculated with the water depth of
the caisson's bottom is almost the same as the results of the tests. Figure 15 shows that the
dynamic water pressures of Zangar's formula is equal to the test results. 1In figure 14, the test
results is slightly larger than that computed using Zangar's formula.

Figure 16 shows the dynamic water pressures on the breakwater versus depth for the earthqﬁake
motion. In this figure, the vertical axis is the water depth and the abscissa is the ratio of the
dynamic water pressures to the seismic coefficient {maximum acceleration/acceleration of gravity).
The solid 1ines show the Westergaard's formula using a water depth egual to the caisson's bottom (25
cm) and Zangar's formula. A dashed line shows Westergaard's formule using a water depth equal to
the mound's bottom {80 cm). The maximum acceleration of the input earthquake.motion was from 45 to
207 qgal. ‘The dynamic water pressures on the slope were divided by the seismic coefficient given by
the maximum acceleration at each point of the slope. The maximum acceleration ratio of the earth-
quake motion is less than 3 for the input maximum acceleration of more than 50 gal accerding to
- figure 8. When the maximum acceleration of the input earthquake motion is about 200 gal, the maximum
acceleration ratio becomes equal to 1. This is due to the strain dependence of the shear modulus
and damping of the mound. According to figure 16, the dynamic water pressure of the test results on
the caisson is smaller than that of the Westergaard formula with the water depth at the caisson's
bottom. Therefore, we use the dynamic water pressure on the caisson of the breakwater as given by
the Westergaard formula with the water depth at the caisson's bottom. But this is only correct when
the breakwéter does not resonate, or when the maximum acceleration of the input earthquake motion is
more than 50 gal. Fiqure 16 also shows that the dynamic water pressure on the slgpe of the test
results is larger than that using Zangar's formula. This is due to the dyramic characteristics of

the slope surface.

COUPLED HYDRODYNAMIC RESPONSE ANALYSIS OF BREAKWATERS
In this chapter, the adequacy of a coupled hydrodynamic response calculation method was

investigated by means of a comparison of calculations and vibration test results.

197



The resonant frequency of the breakwater wodel decreases with an increase of input maximum
acceleration as shown in figure 7. This is due to the strain dependence of the shear modulus and
damping of the mound. In order to calculate the dynamic response of the breakwater, it is necessary
to consider the nonlinear characteristics of the mound material. The nonlinear earthquake response
analysis in which the shear modulus and damping of the material change every moment is not now a
practical calculation method because of the complexity of the calculation and large computer time
required. The equivalent linear method in which the strain dependence of the shear modulus and
damping are considered is not a real nonlinear earthquake response analysis. Nevertheless, it is a
very practical method and has been used frequently.

Because the coupled hydrodynamic response FEM program discussed here is a linear method, the
shear modulus and damping are given by another FEM program which is the egquivalent linear model.
Therefore, the coupled hydrodynamic response calculation is discussed in this chapter after the

equivalent linear response calculation is examined.

EARTHQUAKE RESPONSE ANALYSIS OF BREAKWATER BY EQUIVALENT LIMEAR FEM

The computer program FLUSH coded by Lysmer et al. [6] was used in this analysis. As the
material of the mound is Takahagi sand, it is necessany-to know the stress-strain relation of this
sand to calculate earthquake response. Since there was no data from dynamic triaxial tests for the
Takahagi sand, the stress-strain relation of Takahagi sand was then obtained from vibration table
tests. It is assumed that the vibration table test results, whose confining pressure is not large,
are reasonable to estimate the stress-strain relation of Takahagi sand because the confining pres-
sure of the mound model is small. The vibration table test results of Araf et al. L7, 8] were used
in this investigation. The data discﬁssed here are the test results of the sand tayer whose height
is 0.6 m and length is 5 m. Table 2 shows the resonant ffequency and response ratio of the sand
layer. The reéponse calculations were conducted by the program FLUSH modeling the sand layer. The
stress-strain relation of Takahagi sand was chosen so that resonant frequency from the FEM model
and those from the test results agreed. Table 2 shows the calculated values and Figure 17 shows the
stress-strain relation of the Takahagi sand. The shear modulus, at very small strains (10-4 percent) -

is given by the following equation.

2
G, = 621 (2.17-e)% e (kgf/cn?)
l+e

where

Gy : shear moduius at very small strains,
e : void ratio, and
op : effective confining pressure.
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The dashed line in figure 17 shows the results from Iwasaki, Tatsuoka, and Takagi [9]
considering the effect of confining presures on the stress-strain relation of the sand. The damping
factor is different, but the shear modulus is almost the same.

Figure 18 shows the FEM model of the breakwater. Figure 19 shows the property values used in
the calculations. The element at the bottom of the caisscn was made to indicate the dynamic charac-
teristics of the caisson. The stress-strain relation of this element is shown in figure 20. It is
assumed that the added mass due to the water represents the coupled hydrodynamic effects. The added
mass which corresponds to the dynamic water pressures was used for the response calculations. The
specific weights of the caisson and mound are 2.86 and 2.50 tf/m3 which include the added mass.

Figures 21 and 22 show the calculated and observed acceleration response curves. Figure 23
shows the earthquake response wave forms. The above two earthquake waves are the calculated and
observed response acceleration of the caisson top. The next two are those of the mound top. The
bottom wave is the input earthquake motion whose maximum acceleration is 11 gal. The calculated
waves appear almost the same as the observed ones which leads one to assume that this earthquake

response calculation using the equivalent linear method is reascnable.

COUPLED HYDRODYNAMIC RESPONSE CALCULATION BY THE FEM

Westergaard's research is well known for the calculation of dynamic water pressure, and in
Japan, the investigations of Hatano [10] and Kotsubo [11] were reported. Recently, the coupled
hydrodynamic response calculation method using the FEM were proposed [12, 13].

In this report, the coupled hydrodynamic response calculation program was developed. This
computer program was called BEAD (Bank Earthquake Analysis with Dynamic Water Pressures). The
comparisan of calculation and test was carried cut using the computer program BEAD in order to verify
the adequacy of this calculation method. The caisson model on the vibration table was investigated
before the breakwater model. The acceleration response curves of the caisson top were shown pre-
viously in figure 11. Constant values of the element of Ehe caisson bottom were used to give the
same resanant frequency between calculation and test. The calculated acceleration response ratio is
shown by the solid line in figure 11. The coupled hydrodynamic response calculation was then carried
out. The results of the coupled hydrodynamic response calculation is shown as the dashed Tine 1in
figure 11. This dashed lire is almost the same as the test results. Therefore, it is concluded
that the effects of the water on the dynamic response of the submerged structure is represented by
the added mass.

Figure 24 shows a comparison of dynmamic water pressures from calculations and from tests. The

frequencies of the input sine wave are 5 Hz and 18 Hz. The dynamic water pressure of the input
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frequency of 18 Hz at a point W2 was different between calculations and tests. But the other
computed dynamic water pressures are almost the same as those of tests.

Figure 25 shows the FEM model of the breakwater for the computer program BEAD. Because the
computer program BEAD is a linear calculation method, it is necessary to assign constant values con-
sidering strain dependence of the shear modulus and damping. The constant values given by the FLUSH
computation were used for the BEAD computation. The damping factors were given for each mode because
the response analysis of BEAD is a modal analysis. These damping factors were chosen to give similar
acceleration between the calculations and tests. The specific weight of the mound was 2.4 tf/m3
considering the dynamic pore water pressures of the mound. This value is betwen 2.36 tf/m3 for the
computation of the sand layer and 2.50 tf/m3 for the calculation of the breakwater. Figure 26
shows the comparison of the calculations and tests for the sine wave input motion., The maximum
acceleration of the input motion was 49 gal. The frequencies of the input motion are 5 Hz and 14 Hz.
The 14 Hz is the resonant frequency of the breakwater. The dynamic pressures on the caisson show
good agreement between the calculations of BEAD and the test resuits, as shown in fighre 26. The
dynamic water pressures under the mound top in figure 26 are those on the slope of the mound. The
calculated dynamic water pressures on the slope are smaller than the observed values. The damping
factor in figure 26 was 0.215.

Figures 27, 28, and 29 show the calculated and observed wave forms for the earthquake input
motion. The Hachinohe wave form was used for the input motion. The maximum accleration of the input
motion was 40 gal. Figure 27 shows the acceleration wave forms. The mode number considered for the
calculation was less than the 5th. The resonant frequencies of each mode were 20.2, 36.6, 48.4,
63.8, and 64.1 Hz. respectively. The damping factor of the 1st mode was 0.09 and the damping factor
for the 2nd to 5th mode was 0.15. Figure 27 shows good agreement between the calculated and
observed acceleration wave forms. Figures 28 and 29 show the wave forms of the dynamic water pres-
sures. Calculated dynamic water pressures on the caisson are almost the same as the observed values
as shown in figure 28. However, the calculated dynamic water pressures on the slope of the mound are
smatler than the test results. Comparing the response acceleration at W6 point on the slope, the
calculated valtue of 91 gal js smaller than the observed value of 146 gal. Hasegawa and Kikuzawa
[14] reported that the reason why the acceleration response ratio of the slope surface is larger
than that of the center of the mound is the strong nonlinear characteristics of the sTope surface
material. Therefore, the constant value of the slope surface material should be taken into account.
In this report, the dynamic behavior of the slope surface is not discussed further but will be

discussed in the future.
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CONCLUSIONS
1. In the case of the earthquake input motion, the maximum acceleration ratios of the cafsson top
and the mound top decreased with an increase of the input maximum acceleration. The relations between

the maximum acceleration ratio and the maximum input acceleration were obtained in the fol]owing

equations.
Caisson Top
TogigRe = 1.860 - 0.728 logjp «
Mound Top
logioRp = 1.229 - 0.522 logp @
where
Re : maximum acceleration ratio of caisson top,
Rm : maximum acceleration ratio of mound top, and
o : maximum input acceleration (gal) (a« > 40 gal).

Good agreement was obtained between the above relations of the cafsson top and strong motion
observation results of the Ofunato Tsunami breakwater.

2. UWhen a breakwater does not show large response because of nonresonance and nonlinear
characteristics induced by a Targe input acceleration, the dynamic water pressure on the caisson for
the input earthquake moticn is calculated by the Westergaard formula with the water depth at the
caisson's bottom.

' 3. In the case of the uncoupled hydrodynamic response analysis, the dynamic behavior is estimated
by incorporating an added mass for a dynamic response calculation.

4, From the practical point of view, for the strain range discussed here, the nonlinear behavior of
the 111 under seismic forces can be estimated by an equivalent 1inear analysis if analytical model-
ing is done with appropriate constants.

5. If the selection of a model with a constant value is used, it is conciuded that the dynamic
water pressure on the structure under water is given by, the coupled hydrodynamic response calculation

(program BEAD).

REFERENCES
[1] Uwabe, T., S. Noda, S. Chiba, and S. Higaki, "Coupled Hydrodynamic Response Characteristics
and Water Pressures of Large Composite Breakwaters," Report of the Port and Harbour Research

Institute, vol. 20, No. 4, December 1981 (in Japanese).

201



2]

[3]

(4]

[5]

t6]

[7]

rel

£9]

[10]

[11]

(12]

13]

[14]

Tsuchida, H., E. Kurata, and K. Sudo, “"Strong-motion Earthquake Records on the 1968 Tokachi-oki
Earthquake and Its After Shocks," Technical Note of PHRI, No. 80, June 1969,

Xurata, E. S. Iaf, Y. Yokoyama, and H. Tsuchida, "Strong-motion Earthquake Records on the

1978 Miyagi-ken-oki Earthquake in Port Areas," Technical Note of PHRI, No. 319, June 1979.
Westergaard, H. M.. "Water Pressures on Dams during Earthquakes," Trans. ASCE 98, 1933,

pp. 418-434.

Zangar, C. N., "Hydrodynamic Pressures on Dams Due to Horizontal Earthquake," Proc. Exper.
Stress Analysis, Vol. 10, No. 2, 1953.

Lysmer, J., T. Udaka, C. F. Tsai, and H. B. Seed, "FLUSH-A Computer Program for Approximate
3-D Analysis of Soil Structure Interaction Problems," EERC 75-30, 1975.

Arai, H. and Y. Umehara, "Vibration of Saturated Sand Layers," Report of PHRI, VQT. 13, No. 2,
June 1974 (in Japanese).

Arai, H., M. Iwabuchi, S. Nakazawa, and S. Kitajima, "Vibrational Properties of Sand Layers,"
Report of PHRI, Vol. 13, No. 2, June 1974 (in Japanese).

Iwasaki, T., F. Tatsuoka, and Y. Takagi, "The Strain Dependence of the Shear-modulus and
Damping of the Sand, the 12th Japan National Conference on S.M.F.E., May 1977, pp. 417-420

(in Japanese).

Hatano, T., "Seismic Force Effects on a Gravity Dam (Ne. 3),” Proceedings JSCE, No. 5, November
1950, pp. 83-90 (in Japanese).

Kotsubo, S., "Dynamic Water Pressures on Dams Due to Irregular Earthquakes," Proceedings JSCE,
Mo. 47, August 1957, pp. 38-45 (in Japanese).

Chakrabarti, P. and A. K. Chopra, "Earthquake Response of Gravity Dams Including Reservoir
Interaction Effects,” Report No. EERC 72-6, University of California, Berkeley, December 1972,
Saini, S. S., P. Bettess, and 0. C. Zienkiewicz, "Coupled Hydrodynamic Response of Concrete
Gravity Dams Using Finite and Infinite Elements," Earthquake Engineering and Structural
Dynamics, Vol. 6, 1978, pp. 363-374.

Hasegawa, T. and M, Kikuzawa, "The Identification of Dynamic Properties of a Fill-type Dam,"

The 16th Joint National Conference on S.M.F.E., 1981, pp. 1273-1276 (in Japanese).

202



€02

Table 1. Similitude
I 1 1
t i | Actual Model Value
| 1 I |
l Required | Test 1 | Test 2 Test 3
| Required Prototype Model |
| - Ratio Value Yalue | Case 1, 2 Case 3 Case 4 Case 1, 2 Case 3 Case 4 Case 2
[ T [
| Height (cm) I 1:5 40x102 53 | 55 55 ! 55 | 58 65 55 85
| Width {cm) 1 1:75 600x104 800 | 150 | 150 | 150 300 300 300 150
| Siope i 1 1:2 1:2 | 1:2 | 1:1.6 | 1:2 1:2 1:2 1:2.5 1:2
| Unit Dry Welght i 1:1 1.8 1.8 | 1.6 l.6 | 1.4 1.53 1.56 1,52 1.54
| {gf/cm?) | | | i !
M | Unit Weight i 1:1 | 1.0 1.0 I 0.99 0.99 | 0.84 0.99 0.99 0.84 .96
e | Liguid (gf/cm®) | | | |
U | Effective Grain 1 175 | 20 | 2.7x10-1 | 1.4x10-% 1.4x10-1 § 1.4x10-1 1.4x10-1 1.4x10-1 | 1.4x10-! 1.4x10-}
Nl Size (D, cm i 1 { |
D | Coefficient of 1975 | 7 } 8.1x10-} 6.4x10-1 6.4x10"1 | 8.4x10-1 7.1x10-% 6.8x10-} | 7.2x10°l | 7.0xi0-1
| Permeability | | | |
i {cm/s) | | | |
| Angle of Internal 1:1 35 35 32 i 32 | 29 31 i 3l 31
|  Friction | i
| Water Depth (cm) 1:76 60x102 80 80 80 80 80 80 80 80
i ] ! 1 | 1
| | | | | |
[ : | |
A | Height (cm) 1:75 21x102 28 28 28 28 28 78 28 28
11 Width {cm} 1:75 17x102 23 23 23 23 23 23 23 23
S | Unit Dry Weight I 1:1 | 2.1 2.1 2.1 2.1 2.1 2.1 2.1 2.1 2.1
5 [gf/cm3) 1
0| |
N | | |
I 1 | | | | | i




Table 2. Comparison of Resonant Frequency and Acceleration Response Ratio
by Vibration Tests and FLUSK Calculations

Takahagi Sand (Dry)

Maximum Input Resonant Frequency {Hz) Acceleration Response Ratio

| I | |
| ! | |
| Acceleration | | I 1 |
{ (gal) | . Tests | Calculations | Tests | Calculations %
[ T I ]

| 12 | 42 ] 41.8 | 18.9-13.1 } 15.09 }
| I | |

I 65 } 34 I 34.0 = (7.7} l 6.2 }
] 120 | 29 | 29.0 ] 4.4 } 4.4 {
| | | |

I 205 | 28 | 25.2 ] (2.7} | 3.8 i
| | | | ! |

{ ) Different test result.

‘Takahagi Sand (Saturated)

Maximum Input Resonant Frequency (Hz) Acceleration Response Ratio

| ] |

| | | |
| Acceleration | [ | I |
| {gal) | Tests | Calculations | Tests | Calculations |
[ [ T f [ |
| 13 : 28 { 29 } 8.1 % 9.9 }
|

| 79 | 20 | 21 | -—- i 4.2 |
| | i ] j |
| 133 f 18 i 18 | 3.6 | 3.5 |
| | | | | [
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DYNAMIC ANALYSIS OF EMBANKMENT SECTIONS, RICHARD B. RUSSELL DAM

ArTey G. FrankTin
Mary Ellen Hynes-Griffin

Research Civil Engineers
U.S. Army Engineer Waterways Experiment Station
Vicksburg, Mississippi
ABSTRACT

Seismic safety of the Russell Dam embankments was evaluated with a permanent displacement
analysis, judged appropriate after laboratory cyclic testing verified the nonsusceptibility of
embankment and foundation materials to liquefaction. The analysis included determination of critical
or yield accelerations by means of conventional limit analysis, estimation of amplification of
ground accelerations in the embankment through a visco-elastic shéar-beam analysis, and estimation
of deformations by means of a Newmark sliding block model. The results indicate that if the dam is
subjected to the maximum possible earthquake for the site, superficial displacements would not exceed

~ 3 ft and displacements on deep-seated surfaces would not exceed 1.5 ft.

INTRODUCTION

The Richard B. Russell Dam is presently (1981) under construction on the Savannah River between
Hartwell and Clark Hil1l Dams at river mile 275.1 (U.S. Army Engineer District; Savannah, 1978). The
dam will consist of a gravity-type concrete structure in the original river channel, flanked by
rolled-fill, zoned earth embankments (figure 1). The crest elevation of both the concrete and earth
sectfons is 495 ft. The right, or west, embankment section, which is in the state of Georgia, is
2180 ft long and has a maximum height of 162 ft. The east embankment section, in South Carolina, is
480 ft long and has a maximum height of approximately 45 ft. The maximum power pool is at elevation
475 ft. The policy of the Corps of Engineers (CE) on seismic design and analysis of dams is set

forth in Engineer Regulation (ER) 1110-2-1806 (U.S. Army, 1977), which mandates geological and
seismological review for all new CE dams, and dynamic analyses under certain conditions. Richard B.
Russell Dam is in an area classified as of "moderate" seismic probability, bordering the highly
seismic region centered in Charleston, South Carolfna. In accordance with ER 1110-2-1806, a geologi-
cal and seismological study was done to evaluate the possibility that a potentially damaging earth-
quake might occur at the site and to select a design earthquake (U.S. Army Engineer District,
Savannah, 1977). This was followed by a dynamic analysis using the Newmark sliding black approach

[Hynes-Griffin, 1979].
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EMBANKMENT ZONING

There are four major material types in the dam and its foundation: (a) dredged river sand, a
poorly graded micaceous sand (SP) obtained from the river and used as shell material; (b) impervious
core material consisting of residual soil and weathered rock that classifies variously as CH and MH
to ML; (c) intensely weathered rock obtained from the natural overburden, a material which is similar
to the core material but coarser and with a wider gradation band, and is used as transition zones
between shell and impervious core; and (d) foundation zores of natural overburden, highly variable
residual soil weathered rock materfals that often reflect the original structure of the parent
rock. The foundation materials have been left in place under the embankment sections except in the
diversion channel and "terminal cones,” or wraparound sections at the ends of the concrete dam.
Typical ranges of gradation, plasticity, and maximum density are shown in table 1.

Zone geometry and material types vary along the dam axis, some typical sections are shown in
figure 2. The embankment has a section with an upstream shell of intensely weathered rock, an
impervious core, and a downstream shell of river sand from the right (Georgia) abutment to Sta 14+00
{figure 2a). From Sta 14400, the intensely weathered rock zone tapers into a transition zone between
the core and an upstream shell of river sand (figure 2b). These zones taper eastward so that there
is a homogeneocus impervious section at Sta 23+00, Upstream slopes have riprap faces (not shown in
figure 2). A compacted rock-fill shell covers the impervious material that wraps around the end of
the concrete gravity section. The Scuth Carolina terminal cone is similarly designed. The remainder
of the South Carolina embankment is primarily impervious material with an upstream riprap face, a
sand drain downstream, and a downstream shell of intensely weathered rock (figure 2¢). A reservoir

water level at el. 475, the maximum power pool elevation, was assumed for the analysis.

DESIGN EARTHQUAKE

From the geolagical and seismological studies (U.S. Army Engineer District, Savannah; 1977) it
was concluded that the greatest earthquake that could occur at the site would be one of two types.
The first is a nearby earthquake of magnitude 5.5, possibly reservoir-induced, of short duration (5
sec), with a peak bedrock acceleration of 0.4 to 0.5 g and peak bedrock velocity of 30 to 45 c¢m/sec
at the site. The second represents a distant earthquake of magnitude 7.5, a peak acceleration of
0.2 g, and duration of approximately 20 sec. Nine records were chosen for this analysis. Bedrock
motions for the nearby earthquake were obtained from records of Oroville, California, earthquake of
August 1, 1975; the Parkfield, California, earthquake of June 27, 1966; the Helena, Montana, earth-
quake of October 31, 1935; and the Koyna, India, earthquake of December 10, 1967. For the distant

earthquake five records obtained at various locations during the San Fernando, California, earthquake
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of February 9, 1971, were used. The earthquake accelerograms were scaled to obtain motions
consistent with those specified. Of the nine records used, the two that the analysis showed to be
the most severe were the S 25 W component cof the Temblor no 2 record, Parkfield earthquake, and the
east-west component of the Carroll College record, Helena earthquake. The scaled records had peak
accelerations of 0.46 g and 0.40 g, respectively, and peak velocities of 30 cm/sec and 36.6. cm/sec,
vespectively. (For the Parkfield record, the peak velocity determined the scale factor, while for

the Helena record, it was the peak acceleration.)

ANALYSIS

The analytical approach used for the Richard B. Russeli Dam is based on the concept ocutlined by
Newmark (1965}, in which the displaced part of an embankment is modeled as a rigid block on an
inclined plane, subjected to earthquake motions which cause the block to slide on the plane. Addi-
tional contributions to a coherent procedure using this approach have been made by Ambraseys and
Sarma (1967), Sarma (1975, 1979), Goodman and Seed (1965), and Makdisi and Seed (1977).

This method of analysis does not predict changes in strength due to shaking, and so is generally
not appropriate where a question of failure through liquefaction must be addressed. On the other
hand, if limited loss 6f shear strength due to shaking or to shear displacement is anticipated, it
can be accommodated in the analysis by use of suitable reduced strengths.

In this case, a review of field and laboratory test data and the design of the cross sections
indicate that significant potential for liquefaction does not exist. The saturated materials in the
Georgia embankments, typified by Sta 20+00, figure 2, are the river sand, an upstream transition
zone, and the core. The micaceous river sand s easily compacted to & high relative density and
strength. Data from the test fills indicate that relative density of the sand will be in the range
of 95 to 100 percent. The other materjals of the embankment, the imperviocus core material and
intensely weathered rock, while variable, have good compaction characteristics and static strengths.
Typically, they have a wide gradation and are somewhat plastic, as shown in table 1. Materials of
this nature have not been known to liquefy during earthquakes. The same is true of the residual
soil and weathered rock foundation. A program of laboratory cyclic triaxial tests verified that in
all foundation and embankment materials degradation of strength due to shaking s negligible.

The major components of a permanent displacement analysis of the Newmark type, as applied by
the Waterways Experiment Station, are shown in figure 3. The primary component is the analysis of
motions of a system consisting of a rigid bTock on an inclined plane, chosen to represent a potential
sliding mass in an embankment, as described by Newmark. A conventional limit analysis, or slope

stability analysis, with s1ight modifications, provides the shearing resistance between the block
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and the plane. Because base motions may be amplified upon being propagated upward through an
embankment, a rigid-body model is 1ikely to yield unconservative estimates of displacements, and an
analysis of the amplification response of the embankment is incorporated to account for that aspect

of the embankment behavior.

CRITICAL ACCELERATION STABILITY ANALYSIS

The shearing resistance between the potential sliding mass and the underlying base s evaluated
in terms of a critical acceleration, N, defined as the level of base acceleration (that is, of the
ground or embankment below the sliding surface) that will reduce the factor of safety against sliding
to unity. In other words, it is the base acceleratfon that will make sliding imminent. The value
of N, which is expressed as a fraction of ¢, the gravitational acceleration, is obtained through a
stability analysis which is similar to conventional pseudostatic stability analyses, but which
includes two special features. One fs that the stability is evaluated in terms df a critical
acceleration rather than a factor of safety, and the other is that, because the amplified accelera-
tions vary over the height of the embankment, critical accelerations must be determined for possible
sliding masses whose bases lie at various elevations in the section. The analysis may be performed
using conventional stability analysis methods such as those of Bishop (1955) or Morgenstern and
Price (1965) with strength values appropriate for earthquake Toading. Trial values of acceleration
may be used to find the value that reduces the factor of safety to unity. The Sarma method [Sarma,
19757, which employs a slip surface of arbitrary shape, determines the value of N directly.

In principle, the analysis can be performed on either a total or an effective stress basis, but
the problems of estimating pore pressures induced by cyclic shearing are avoided by using a total
stress analysis, which was done for Russell Dam. Following usual CE practice for static stability
analyses, this analysis used a composite shear strength envelope based on the S test {consolidated-
drained) at Tow confining pressures and the R test (consolidated-undrained) at high confining pres-
sures. That is, at any confining pressure, the Tower of the R and S strengths was used. This
strength envelope conservatively takes into account possible dissipation of shear-induced negative
pore pressures that might occur in the field but cannot occur in an undrained test in the laboratory.
Strength parameters used for analysis are shown in table 2. The simplified Bishop [Bishop, 1955;
McDonnell-Douglas Automation Company, 1973) and the Sarma method [Sarma, 1973, 1975; Hynes, 1978]
were used to determine critical accelerations. The analysis assumes that steady-state seepage exists
when the earthguake occurs.

For a fairly symmetrical section, upstream failure surfaces usually have Tower critical

accelerations than downstream surfaces at the same elevation. This is because in a submerged slope,
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the buoyant unit weight of the soil determines the normal stress on the failure surface which in turn
determines the shear strength from ﬁhe S-R envelope. 1In a nonsubmerged slope, the total unit weight
determines the available strength. 0On the other hand, the horizontal acceleration involves the total
unit wefght acting in a horizontal direction, and the horizontal inertia force is thus determined by
the total unit weight in either case. For this reason, while a total of eight sections were analyzed,
only one, that at Sta 45+50, was a downstream slope. This section has a long, steeply sloping
foundation layer overlying the bedrock. For this slope, the moist unit weight was used throughout
because the phreatic surface was at or below the s1iding surfaces of interest. The sections analyzed
are identified in figure 1, except for Sta 23+00, which is near the Georgia termfna1 cone.

Results of the critical acceleration analysis are exemplified by figure 4. Figure 4a shows
critical slip circles at various elevations in the embankment at Sta 20+00 and the associated values
of the critical acceleration N, as a fraction of gravity. Figure 4b shows the critical acceleration

values plotted against elevation of the base of the failure surface.

SLIDING BLOCK ANALYSIS

The elements of the sliding block analysis are shown in figure 5 [Franklin and Chang, 1977].
The potential sliding mass shown in figure 5a is in a condition of impending failure, so that the
factor of safety equals unity. This is caused by the circumstance that both the base and the mass
are accelerating toward the Yeft of the skatch with an acceleration of Ng. The acceleration of the
mass is limited to this value by the 1imit of the shear stresses that can be exerted across the
contact, so that if the base acceleration were to increase, the result would be that the mass would
move downhill relative to the base. By D'Alemberi’s principle, the Timiting acceleration is repre-
sented by an inertia force NW applied pseudestatically to the mass in a direction opposite to the
acceleration.

The force polygon for this situation is shown in figure 5h. The angle of inclination of the
inertia force, 6, may be found as the angle that is most critical; that is, the angle that minimizes,
N. Its value is usuaily within a few degrees of zero, and the results of the analysis were not
sensitive to it, so it can generally be ignored. The angle g is the direction of the resultant § of
the shear stresses on the interface and is determined in the course of the stability analysis. The
same fofce polygon applies to the model shown in figure 5c: a sliding block on a plane inclined at
an angle B to the horizontal. Hence, the use of the sliding block model to represent the sliding
mass in an embankment.

The force-displacement relation that is assumed to apply to this system is shown in figure 5d.

The force in this diagram js the inertia force corresponding to the instantaneous acceleration of the
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block and the displacement is the s1iding dispTacement of the block relative to the base. It is
usually assumed that resistance to uphill sliding is large enough that all displacements are
downhill. This assumption, in addition to simplifying the calculations, is both realistic and
conservative.

If the base (i.e., the inclined plane) 1s subjected tc some sequence of acceleration pulses {the
design earthquake) large enough to induce sliding of the block, the resuit will be that, after the
earthquake motion has abated, the block will come to rest at some displaced position down the slope.
The amount of that permanent displacement, which wiTll be called u, can be computed by using Newton's
second law of motion (F = ma) to write the equation of motion for the sliding block relative to the
base, and then numerically or graphically integrating (twice) to obtain the resultant displacement.
During the time intervals whenr relative motion is occurring, the acceleration of the block relative
to the base is given hy:

cos(g-5-¢)
cos ¢

U= apey = (8page - N)

{abase - N) = @
where
dpg] = relative acceleration between the block and the inclined plane,
apase = acceleration of the inclined plane, a function of time,
N = critical acceleration Tevel at which sliding begins,
g = direction of the resultant shear force and displacement, and the inclination of the plane,
€ = direction of the acceleration, measured from the horizontal, that makes N a minimum,
¢ = friction angle between the block and the plane.
The acceleration apzge i the earthquake acceleration acting at the level of the sliding mass in the
embankment. It is assumed to be equal to the bedrock acceleration multiplied by an amplification
factor « which accounts for the quasielastic response of the embankment, |
The permanent displacement is determined by twice integrating the relative accelerations over
the total duration of the earthquake record. It is assumed that ¢, 8, and 8 do not change with time;
thus, the coefficient « is a constant and is not involved in the integration. In the final stage of
the analysis, the result of the integration is multiplied by the coefficient o, the determination of
which requires knowledge of the embankment properties and the results of the pseudostatic analyses.
For most practical problems, the coefficient o does not differ from unity by more than about 20
percent {figure 6}, and so is of minor importance. For the present analysis, the acceleration was

assumed to act in the horizontal direction, so that 8 = 0. Sensitivity analyses by Sarma (1975) of
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this simplifying assumption show that the critical value of ¢ is not large and the resulting error
in N is insignificant.

The integration can be readily visualized on a plot of base velocity versus time, which is
obtained by a single integration of the acceleration record {figure 5e). Since the slope of the
velocity curve is the acceleration, the limiting acceleration Ng of the block defines the velocity
curve for the block by straight Tines in those parts of the plot where the ¢ritical acceleration has
been exceeded in the base. Point A in figure 5e represents the point at which the base acceleration
first exceeds the critical acceleration, and thus is the point in time at which relative motion
begins. Point B is the point at which the velocities of the base and the block become equal, and so
is the end of relative motion until the critical acceleration is again exceeded. The area between
the curves gives the relative displacement.

In this analysis, the characteristics of the potential sliding mass in the embankment are
represented only by the critical acceleration, N, the base acceleration reguired to make sliding
imminent, the coefficient o, and the amplification factor «; the latter two of which are simply
constant multiplying factors. Thus, the permanent displacement, u, for a particular earthquake
record can be determined as a function of N/A, where Ag is the peak value of the earthquake accelera-
tion, and the u versus N/A curve for @« = 1 and « = 1 can be determined from the earthquake record
without reference to a particular embankment. Figure 7 shows these curves For the Parkfield and
Helena records, scaled, as described eariier to peak accelerations of 0.46 g and 0.40 g,

respectively.

EMBANKMENT RESPONSE ANALYSIS

Amplification of ground motions in the embankment may be examined by analysis of a shear-beam
model of the embankment-foundation system. A closed-form solution has been obtained by Sarma (1979)
for the problem illustrated by figure 8. The model considered is an untruncated triangular wedge of
height hy, with a shear wave velocity $1, and density py, underlain by a foundation layer with thick-
ness ho, shear wave velocity Sz, and density ez. Both the wedge and foundation are linearly
viscoelastic and have the same damping ratio D. The earthquake motions are considered fo be rigide-
body motions in the rock underlying the foundation Tayer, and it is assumed that all motions are
horizontal (hence, a shear-beam model)., Shear wave velocities and damping values are chosen so as
to be consistent with expected strain levels. The computation of accelerations is carried out in
the time domain.

The amplification analysis requires an estimate of a single average shear wave velocity for the

embankment and & second shear wave velocity for the foundation, or the ratio of the two velocities.
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At the Russell Dam site, velocity measurements were obtained from field surveys on test fills and
foundation soils and from laboratory resonant column tésts on representative borrow and foundation
materials. On the basis of these data, and considering degradation of shear wave velocity with shear
strain, an average shear wave velocity of 400 ft/sec was adopted as representative of the embankment
and 800 ft/sec was adopted for the foundation. A damping value of 20 percent was addpted for both
embankment and foundation.

The fundamental pericd T of the embankment-foundaticn system can be estimated from the chart by
Sarma (1979} shown in figure 9, in which geometry and material parameters are described in terms of
the dimensioniess parameters m and g, which are defined as

m =«£l§l~and q =~§lhg- (2)
P22 S2hy

Table 3 shows how these values vary over the length of the embankment.

For use with the s1iding block analysis, accelerations are averaged over a wedge that is
selected to be approximately equivalent in volume and Tocation to a patential sliding mass with its
base at some chosen elevation, as shown in figure 10. The average acceleration acting on the wedge

at any instant is taken as:

i Aa(y)dA

3
g T A (3)

where aly) is the acceleration of the area element dA, at elevation y, and A is the total area of the
wedge.

The largest average acceleration that acts on the wedge at any time during the earthquake
shaking s produced as the output of the computer program, and the ratio of that acceleration value
to the peak bedrock acceleration is taken as the amplification factor « for the wedge. Values of
for the Helena earthquake record are plotted against the embankment fundamental period Ty in figure
11. Curves are shown for wedges with their bases at various distances yp/h; (defined in figure 10)

- from the crest, for a single combination of m and q values (m = 0.5, g = 0.185}). Similar plots
were generated for the combinations {m = 0, q = 0) and {m = 0.5, g = 0.5), which permitted amplifi-
cation factors for the sections that were analyzed to be obtained by interpolation or by modest

extrapolation.

COMPUTATION OF POTENTIAL DISPLACEMENT
The potential displacement for sliding surface with its base at a particular level in the

embankment is calculated using the following elements: {a) the value of critical acceleration N for
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a particular elevation, as determined from the stability analysis; (b) the peak average acceleration
value for the sliding mass with its base at that elevation, determined as the product of the peak
bedrock acceleration A and the amplification factor <, from the dynamic response analysis; and

(c) the u versus N/A curve for the design earthquake, determined from the sliding block analysis.

The curve of displacement u versus N/A (which gives displacements for an amplification factor of
unity) is entered at the appropriate value of N/x-A to obtain a value of displacement u which is then
multiplied by « and o to obtain the final displacement estimate, uy,. Figure 12 shows a plot of
potential displacements for slip surfaces with their bases at various elevations at Sta 20+00.
Potential displacements shown are computed from the Helena record; other earthquake records yielded
smaller values.

The displacement versus elevation plot does not represent the expected deformed shape of the
embankment. Rather, an individual point on the curve represents the permanent displacement that a
single s1iding mass with its base at that elevation would undergo, under the assumption that there is
only one sliding surface. Only one of these surfaces is 1ikely to develop, because the more intense
components of accelerations propagating upward from the bedrock cannot be transmitted above a sliding
surface. For this reason, the choice of the largest of the potential permanent displacements deter-
mined from the curve is considered to be conservative. The direction of the displacement vector is
given by the angle 8, the direction of the resultant shearing resistance, obtained from the stability
analysis.

The results are summarized in table 4, which shows the largest potential displacements computed
~ for all of the sections analyzed. The displacements are categorized as occurring on shallow sur-
faces, deep surfaces within the embankment (embankment surfaces), and deep surfaces thhough the
foundation (foundation surfaces). It can be observed from the table that the largest displacements
generally are for shallow s)ip surfaces at the shorter sections. These sections have fundamental
periods closer to the peaks in the amplification charts. Alsp, the conservative choice of the S
strength envelope for low confining pressures leads to Tow critical acceleration values for shallow
sliding surfaces and possibly to overestimation of permanent displacements.

A11 of the computed displacements are less than 3 ft, and, except for Sta 5+00 and 42+50, the
displacements for these shallow surfaces are on the order of 1.5 ft, and the displacements on deeper
surfaces in the embankment are on the order of 1/2 ft or less. For those sections underlain by a
foundation Tayer, the Targest displacement occurs at Sta 45+50 and has an estimated value of 1.5 ft.
Although this amount of displacement in no way threatens loss of the reservoir or the integrity of

the filters and drains, the downstream slope was subsequently changed from 1:2.5 to 1:4. Since the
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18 in. displacement estimate did not indicate a dangerous situation, an additional analysis of the
1:4 sTope was not deemed necessary. The calculated displacement along a deep surface of Sta 5+00 is
on the order of 1 ft and at all other sections with a foundation layer, the displacements are on the
order of 1/2 ft or less.

CONCLUSTON

In evaluyating the seismic safety of the Richard B. Russell Dam, two primary modes of failure
were considered: (a) failure due tao liquefaction or seismically induced loss of strength in the
embankment or foundation materials; and (b} failure by sliding due to horizontal earthquake acceler-
ations. Consideration of the characteristics of the feundation and embankment materials led to the
concTusion that they were not susceptible to liquefaction; this conclusion was verified by a program
of cyclic triaxial tests. Evaluation of safety against failure by sliding was done by means of an
analysis using Newmark's sliding block model. Amplification of base motions through guasielastic
embankment response was estimated by means of a Tinear viscoslastic shear-beam analysis due to Sarma
(1979). The permanent displacements obtained from the analysis probably represent an upper bound,

because the general approach that was adopted was to use conservative chaices of parameters
describing earthquake motions and material properties. Such an approach is believed to be appro-
priate in an analysis with the scle purpose of verifying the safety of a structure, because: (a) it
reduces the effort required if the margin of safety is high; (b) the quantities obtained are not
intended for comparison with observational data, since the probability of occurrence of the design
earthquake is very low; and (¢} existing observational data to compare with values obtained by this
method of analysis are limited. Because of this conservatism, and because the descriptions of
physical behavior used in the analysis are considerably simplified and idealized, a high degree of
precision is not to be Tooked for in the results. The numerical values should be regarded as
approximations only.

The largest permanent displacements calculated were less than 3 ft, for shallow sliding surfaces
kigh in the embankment. Such deformations represent predictions of superficial damage. The largest
value computed for a deep sliding surface was 1.5 ft, on the South Carolina embankment; most calcu-
lated displacements for deep siiding surfaces were 0.5 f{ or less. Considering the 20 ft of free-
board that will exist with the water level at maximum power pool, such deformations would not

threaten the overall stability of the embankment or the integrity of the reservoir.
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Table 1.

Properties of Lmbankment Materials

Material Percent Péssing Percent Passing Plasticity Maximum Dry
Type No. 4 Sieve No. 200 Sieve Index Density {pcf)
Dredged

river sand 98 to 100 0 to 13 —-— 94.2 to 113,7
Intensely

weathered

rock 70 to 100 17 to 48 2 to 21 114,2 to 130.5
Impervious

core

material 100 52 to 98 5 to 44 78.4 to 116.2
Foundation

overburden 100 4?2 to 70 3 to 34 77.7 to 110.6

{(in situ)
Table 2. Strength Parameters Used for Analysis
- _

Material R S

Type ¢{0) C{tsf) ¢{0) C{tsf)
Dredged

river sand 25 0.4 34 0
Intensely
weathered
rock 14 0.4 38 0
Impervious

core
material 14 0.3 26 0
Foundation 14 0.2* 30 0
overburden 16 0.4

Two values used because of high variability.
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Table 3. Geometry and Fundamental Period for Sections Analyzed

l .
Dam Foundation
Height Thickness _ Tg
Section {ft) (ft) m q a1 {sec)
Station 5+00 45 30 0.5 0.33 2.00 0.35
Station 10+00 65 30 0.5 0.23 2.13 0.48
Staticn 16+25 162 0 0.0 0.00 2.41 1.06
diversion channel
Station 20+00 100 20 0.5 0.10 2.29 0.69
Station 23+00 110 10 0.5 0.05 2.40 0.72
Georgia terminal cone 155 0 0.0 0.00 2.41 1.01
Station 42450 45 10 0.5 0.11 2.28 0.31
(upstream)
Station 45+50 45 10 0.5 0.11 2.28 0.31
{downstream)
Table 4. Summary of Potential Displacements
Shallow Embankment Foundation [
Surfaces Surfaces Surfaces
Section U, (in) 8{V} U, (in) 87 up, (in) 8(7)
5+00 30* 18 Sl 6 10%* 14
10+00 b** 17 B** 9 gx¥ 12
16425 6* 18 2* 13 - -
20+00 12* 18 2% 11 a*x 16
23+00 10* 18 2% 12 4* 16
Georgia terminal cone 5* 18 1* 10 - -
42450 24* 18 Qi 9 3%¥ 6
45+50 6% 14 k% 9 18%* 18
* Helena
** Parkfield
N
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PIPE STRESSES DURING EARTHQUAKES BASED OM A TWO-DIMENSIONAL SEISMOMETER ARRAY OBSERVATION
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ABSTRACT
Pipe stresses developed during earthquakes are influenced by the relative displacement of an
ambient ground. The strains caused by the relative displacement of the ground are closely related
to the magnitude of the earthquakes, the epicentral distances, the subsoil conditions, and the
properties of the wave propagation in surface Tayers. Analyses of records obtained by a two-
dimensional seismometer array observation at the Tokyo International Airport were carried out to
evaluate the behavior of the pipelines during earthquakes. Pipe stresses are calculated from the
ground deformation by the observation. The stresses calculated by the deformation method, which has

been used for earthquake resistant design in Japan, and by the dynamic response analysis are compared

with those from the observation.

INTRODUCT ION

The apparent unit weight of a buried pipe including a liguid such as petroleum is aboui the same
as that of an.ambient soil. If the rigidity of a buried pipe is a]mdst the same as that of its
‘surrounding soil, the existence of the pipe should hardly have any influence on the behavior of the
ground motion during earthquakes. The deformation characteristics of a pipe and its ambient ground
may be viewed from another angle. If tﬁe rigidity of the pipe is much greater than that of the
ambient ground or sliding occurs between the pipe and the ground, the deformation of the pipe should
be considerably smaller than the ground. This leads to say that the pipe stresses are also smaller
and thus yields to the safety side in the design work.

Pipe stresses can be calculated once the behavior of the ground is known since the behavior of
a pipe during earthquakes is influenced by the ground deformation, The deformation characteristics
of a ground during earthquakes is influenced by several factors such as wave propagation and varia-
tions in subsurface conditicns, to name just a couple. These factors should be thoroughly evaluated
in order to understand the behavior of the pipe subjected to'earthquake Toadings. Simulation models
should also be taken into consideration in the above factors when the pipe stresses are calculated

using these models. The dynamic response method of a mass-spring system is selected in this paper

in addition to the traditional seismic deformation method to compute the stresses developed in the
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buried pipes. The paper alsc makes comparisons of the results of the pipe stresses obtained from

different methods.

SEISMOMETER ARRAY OBSERVATION

LAYoUT

An array has been established in a part of the Tokyo Internaticnal Airport [1, 2]. The total
length of the array is 2500 meters. Six ground surface accelerometers were installed at equal inter-
vals along the observation line as shown in figure 1. The locations where the accelerometers were
positioned are designated by alphabets from A through F. FEach accelercmeter has two horizontal
components which are parallel and perpendicular to the observation Tine. Four downhole accelerom-
eters were also installed in holes at points A and F. The downhole accelerometers at point A were
installed at =1.0 m and ~67.2 m in depth in the hole, and those at point E were at -1.0 m and -49.6

m in depth. The downhole accelercmeters have three components.

SUBSURFACE CONDITIONS

Subsurface conditions at the sefsmometer array site is shown in figure 2. The subsurface
conditions were determined based on the results of 69 borings carried out at the airport. Onsite
pulse tests were alsc conducted at points A and E. Results of this investigation are given in fig-
ures 3 and &4 for points A and E, respectively. At point A, the material from the ground surface to
~65 m in depth is classified as silty clay having N values of about 10, A dense dituvial deposit
with N > 50 was encountered below the silty clay layer to the bottom of the boring. The sand
stratum where N values are greater than 5C and the velocity of the S wave is more than 300 m/s is
assumed to be the baserock for the analysis conducted in this paper. The surface of the baserock is
almost horizontal between points A and D since the soil conditions between these two points seem to
be uniform. The dense diluvial deposit was encountered at -47 m in depth at point E and the surface

of the baserock at point E is therefore assumed to be sToped upward from point D.

OBSERVATION SYSTEM

The observation system is shown in figure 5. Natural freguency of the accelerometers installed
at the ground surface is 2 Hz and their damping factor is mecre than 17. Range of the system
sensitivity including recorders varies from 0.1 Hz to 30 Hz. Natural frequency of the downhole
accelerometers is 5 Hz and their damping factor is more than 10. Overall sensitivity on the
recording paper in the electromagnetic oscillographs is about 1 mm per gal. This sensitivity can be
decreased by changing resfstors of the circuit when Targe values of amplitude are input to the

recorders.
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CATA REDUCTJION

Analyses of the recorded data include integration of the acceleration records and calculation of
the phase shift among the displacement records. The filter used in the integration procedure [3, 4]
has been developed at the Port and Harbour Research Institute which was called "variable filter,"
According to this procedure, low frequency components of the acceleration records are cutoff and the
cutoff frequency (fc) of the filter varies according to the properties of the frequency components in
order to keep the error for every frequency component to be constant. The phase shifts among the
displacement records are calculated from cross-correlation coefficient. The phase shifts provide the
information of the phase velocities and propagation directions of the earthquake waves along the

observataion line.

OBSERVATION RECORDS

Eighty-five records have been accumulated since the observation system was installed. Records
of 8 out of these 85 earthquakes Tisted in table 1 were selected for the analysis. The records
indicated that the maximum horizontal component of the acceleration at the ground surface is less
than 50 gal. These eight selected earthquakes may be divided into three groups according to the
epicentral distance and depth of the hypocenter from the observation sites (figure 6). Those of short
epicentral distance and shallow depth of the hypocenter (TIA-9 and 41); (2) intermediate epicentral
distance and deep depth of the hypocenter (TIA-3, 6, 10, and 17); and those of Tong epicentral dis-
tance and deep depth of the hypocenter (TIA-20 and 50). Typical examples of the acceleration records
and the velocity time histories and displacement time histories calculated by the integration

procedure are given in figure 7.

PIPE STRESSES DERIVED FROM THE OBSERVATICN RECORD
The deformation curves {y)} at a certain time can bé determined from the calculated displacement
time histories [5] for both Tongitudinal (y, ) and transverse (y7) directions. These curves are

approximated ysing Fourier series given below:
ao+§{ i x+b»inx}+335 X
.. 1 a; cos 2 . osin 2M ¢ A = cos u (-2
y 2 i=1 1 “%‘(d) 1 3(d) 7 (d)

where

d = distance between two adjacent points,
aj, by = coefficients of Fourier series.
Assuming that the pipe strain is equal to the ground strain, the axial strain (ey} of the pipe

can be computed by the formula g = dy|/dx and the axial stress by o = g E. The bending strain (ep)
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dy
%? —-9, and the bending stress is expressed by o, = €€ (where E = modulus of

elasticity and D = p?ﬁe diameter). An example of the deformation and strain curves obtained from

is given by ey =

the above procedures is given in figure 8.

The maximum axial and bending stresses calculated between points A and C where the subsurface
conditions are considered uniform along the observation line are Tisted in table 2. The stresses
between points € and F, where the subsurface conditions vary, are listed in table 3. Both tables
indicate that the calculated bending stresses are very small in comparison with the calculated axial
stresses in all cases. The ratio of the maximum axial strain to the maximum surface acceleration is
defined as v and the relationship among v, the epfcentral distance and the magnitude of the earthquake
is presented in figure 9. Figure 9 shows that the value of v is in proportion to the epicentral
distance and the magnitude of the earthquake is small for groups (1} and {3) earthquakes mentioned
before for the reason that the relative displacement between two adjacent points is small because the
waves were propagated upward from the baserock to the cobservation line. On the other hand, the waves
in group (2) earthquakes were propagated méin]y through the subsoil layer, thus resulting in larger
values of the pipe stresses. Angles from the observation line te the azimuths of the earthquakes are
shown in figure 10. The waves in group (2) earthguakes have reached the observation line from nearly
an angle of 45 degrees causing a larger ratio of I Lmax/amax.

The results just presented suggest that the relative displacement of the ground is related to
the path and direction of the wave propagation. ‘The time shift (t) along the observation line can be
calculated by the cross-correlation coefficent and the phase velocities and the directions of the
earthquake waves can be obtained from the time shifts. The result of the computation is given in
figure 11, This figure shows that the direction of the wave propagation was not along the observa-
tion line only. The directions were not fixed and in some cases were even reversed. This phenomena
can be explained by the reasons that the paths of the wave propagation with respect to the observa-
tion Tine are related to the depth between the ground surface and the baserock, the azimuths of the
earthguakes, and so on.

Since the seismometers were installed at the interval of 500 m, it is impossible to catch
earthquakes with apparent wave lengths less than 500 m. Therefore, the wave lengths should be
confirmed. Apparent wave velocities (c) along the observation line were calculated to be 1.2 to
10.1 km/s as shown in figure 12. The wave lengths were then calculated from the equation of L = ¢ T
(where T = dominant pericd of the displacement time-history) and were varied from 1.4 to 11.1 km.
This result shows that the earthquake waves with wave lengths Tess than 500 m were at least not

dominant.
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PIPE STRESS DERIVED FROM SEISMIC DEFORMATION METHOD
The sefsmic deformation method, which is another method used to compute the pipe stress, is
specified in the Ordinance of Technical Code for Petroleum Pipeline. The mathematical model of the
pipeline in this code is taken as a rod or a beam on an elastic foundation to analyze the deformation
and stress of the model. The input earthquake waves are assumed to be sinusoidal. The axial stress

() and the bending stress (oh) are computed using the following equations:

G, = A HUQE
L 1 ——
L
e Ao 212DUGE
btz S
L
where
Ug = amplitude of horizontal ground displacement at the ground surface,
L = wave length of earthquake waves in the subsoil layer,
A1, dp = coefficients determined by the rigidities of the pipe and the ground and the wave length

(A1 = X2 = 1.0 used in this analysis).

Pipe stresses derived from the seismic deformation method are 1isted in tabies 4 and 5. The
bending stresses are not included in the tabulation since their values are very small {less than
1 kgf/cmz). The calculated stresses are considerably larger than the stresses from the observation
records {tables 2 and 3). Ratios (R} of the calculated stresses to the stresses ?rom the observation
records are shown in figure 13. In all cases, the seismic deformation method results in much larger
values of the axial stresses than those obtained from the observation records. The value of R is
" less than 0,67 under the uniform subsoil conditicn. In the case of group (1) earthquakes,R is less
than 0.1. 1In the design procedure, the earthquake waves are assumed to reach the pipeline from five
directions and therefore the total stress should be multiplied by 1.77 which would even lower the
values of the ratio given in figure 13. The reasons that there are a large difference in R values
may be explained as follows: (1) the wave lengths used in the seismic deformation method are con-
siderably shorter than the apparent wave lengths calculated from the observed records; and (2) the
horizontal displacement amplifudes used in the seismic deformation method are larger than those

obtained from the observed records.

DYNAMIC RESPONSE ANALYSIS
The model used in the dynamic response analysis is shown in figure 14, The surface Tayer is cut
into slices along the pipeline axis and each slice is 420 m wide, 50 m thick, and 4G to 60 m high.
Each slice is represented by an equivalent mass-spring system and the masses are connected to each

other along the pipeline axis by springs representing the rigidity of the ground. The springs of the
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model are assumed to be linear and a damping coefficient of 0.05 is assigned because the maximum
acceleration in the records is comparably small.

The acceleration records abtained at the downhole accelercmeters are used as input data. These
input acceleration waves (f(t)) are assumed to travel in the baserock parallel to the pipe axis,
i.e., the input record is expressed as f(t-d/c) for each slice, where d is the distance from the end
of pipeline to a certain mass and ¢ is the velocity of the wave propagation.

Results of the dynamic response analysis are shown in figures 15 and 16. The subsurface
conditions from point A to point B was modeled using digitized acceleration time history of TIA-17
as input data, Figure 15 indicates that the velocity of the input acceleration time-history was
varied from a range of 250 m/s to almost infinity, The infinite velocity means that the input
acceleration time-histories are entirely the same for every mass with respect to times. Dispersion
of the velocity of the wave propagation with respect to the frequency was not considered in the
model. Figure 15 also shows that the value of the response displacement along the observation Tine
at the ground surface increases with the increase of the velocity and becomes almost constant when
the velocities are above 1.5 km/s. An apparent wave velocity of TIA-17 along the observation 1ine
was about 1.2 km/s. The corresponding response displacement at the ground surface for this velocity
was 0.36 ¢m in the observation records and 0.23 cm in the dynamic response analysis (figure 15).
Figure 16 indicates that the maximum pipe stress of 7.5 kgf/cm2 was calculated at the velocity of
1.5 km/s, which agrees rather well with the maximum axial stress from the observation records at

about 9.8 kgf/cm?.

CONCLUSIONS

Conclusions obtained from the study presented herein can be summarized as follows:
1. The pipe stresses developed under earthquake loading are closely related to the properties of
the earthquakes {magnitude, distance of epicenter, depth, etc.) and the paths and the directions of
the wave propagation. The ratio of the maximum stress to the maximum acceleration at the ground
surface is in direct proportion to the magnitude as well as the distance of the epicenters of the
earthquakes used in the analysis. -
2. The apparent velocities at the ground surface along the observation line vary from 1.2 to 10.1
km/s. The dominant wave lengths of the displacement waves are in the range of 1.4 to 11.1 km.
3. The axial stresses calculated by the seismic deformation method are larger than the axial
stresses obtained from the observation records. The bending stresses evaluated using both methods

are very small,
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.

The dynamic response analysis which uses a mass-spring and considers the wave propagation in the

baserock provides a good method to correlate the characteristics of the ground surface response and

the pipe stresses from the observation records.
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Table 1. Earthquake Data

No. Date Epicenter Latitude of Longitude of Depth of the | Epicentral

the Epicenter | the Epicenter Magnitude Hypocenter Distance
TIA-3 1974. 5. 9 | Off lzu Pen. 34°34' N 138°48' E 6.9 10 140
TIA-6 1974. 7. 8 | OFf Ibaragi Prefecture 36°26' N 141°12' E 6.3 40 161
TIA-9 1974. 8. 4 | The Tone River 36°01' N 139°55' E 5.8 50 54
TIA-10 | 1974. 9.27 | Off Boso Pen. 33°43' N 141°31' € : 6.4 60 259
TIA-17 | 1974. 11.16 | Around Choshi 35°45' N 141°15' E 6.1 40 125
TIA-20 | 1974 11.30 Near Torishima Island 30°36' N 138°46' E 7.5 320 558
TIA-41 | 1977. 6. 4 North of Tokyo Bay 35°31' N 140°03' E 4.6 60 26
TIA-50 | 1978 3.7 0ff Tohkaido 32°08* N 137°44' E - 440 424




Table 2. Pipe Stresses from the Observation (Points A-C)

: Axial Stress Bend%ng Siress
No. Points oh | T oh T
(kgf/cm*) (s) (kgf/em*) | (s)
TIA-3 A-B 13.4 37.97 0.0082 33.14
B~C -15.1 26,91
TIA-6 A-8B 7.1 93.54 0.0032 96.60
B-C 6.7 34.44
TIA-9 A-B 8.0 9.71 0.0044 11.64
B-C 7.6 10.62
TIA-10 A-B 5.0 97.23 0.0034 87.89
B-C - 6.7 16.75
TIA-17 A B -11.3 46.26 0.0054 99.09
B-¢C - 9.2 70.85
TIA-20 A-B 15, 97.20 0.0075 82.33
B-C 15.1 100.02
TIA-41 A-B + 0.4 3.46 0.0002 2.70
B-C ¥ 0.8 3.48
TIA-50 A-B 5.0 55.53 0.0004 54.80
‘ B~-C 6.3 53.00
B
T : time
Table 3. Pipe Stresses from the Observation (Points C-F)
Axial Stress Bending Stress
No. o X T op | X T
(kgf/cm?) {m) (s) (kgf/em?) | (m) (s)
TIA-3 -36.1 1700 26.73 0.019 1000 49.20
TIA-6 -13.6 2300 26.23 0.010 1500 34,32
TIA-9 21.4 2300 12.12 0.013 1475 21.80
TIA-10 10.7 2250 66.37 0.007 50 72.54
TIA-17 28.8 1725 27.50 -0.021 1500 50.44
TIA-20 34.4 1800 102.73 -0.019 1475 79.81
TIA-41 - 1.9 2250 2.80 0.001 2500 2.67
TIA-50 -14.5 1650 57.87 0.010 2000 55.79

X : distance from point A
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Table 4.

Pipe Stresses (Points A-C)

Axial Stress

Bending Stress

Seismic Seismic
No. Deformation : Deformation
Observation Method Observation Method
TIA-3 15 41 0.0082 0.29
TIA-6 7 32 0.0032 0.22
TIA-9 8 118 0.0044 0.82
TIA-10 7 23 0.0034 0.16
TIA-17 11 37 0.0054 0.26
TIA-20 15 44 0.0075 0.31
TIA-41 1 86 0.0002 0.60
TIA-50 6 55 0.0004 0.38
Table 5. Pipe Stresses (Points C-F)
Axial Stress Bending Stress
Setsmic Seismic
No. Deformaticn Deformation
Observation Method Observation Method
TIA-3 -36 59 0.019 0.54
TIA-6 -14 38 0.010 0.34
TIA-9 21 133 0.013 1.21
TIA-10 10 33 0.007 0.30
TIA-17 29 43 0.021 0.39
TIA-20 34 56 0.019 0.51
TIA-41 -2 112 0.001 1.02
TIA-50 -14 90 0.011 0.82
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ABSTRACT
A concise and up-to-date review of buckling and rupture failure in pipelines due to ground
deformations is presented. It is shown that, in comparison to surface structures, pipeline systems
are particularly vulnerable to local differential movements of ground. It is noted that permanent
differential movements may be caused by any earthquake and that the movements can assume a variety of

patterns depending on local soil conditions and the presence of faults. Therefore, the response of

buried pipelines to permanent ground movement is an important part of lifeline earthquake engineering.

INTRODUCTION

During an earthquake, permanent differential movements of ground can be caused by faulting, soil
liquefaction, slope instability and local compaction of the ground [1,2]. Buried pipelines can be
damaged either by permanent movements of this type and/or by seismic ground waves. For instance
surface faults, landslides, and 1ncal ccmpaction of the ground in the 1971 San Fernando Earthquake
caused the rupture and/or buckling failures in water, gas, and sewage Tines [3,4,5] with high
concentrations of pipeline damage along the Sylmar segment of the San Fernando fault [6-8]., Similarly,
the 1972 Managua Earthquake caused surficial displacement along four prominent strike-slip faults
through the downtown area of the city and nearly all water mains crossing the faults ruptured.
Although relatively old and/or corroded pipelines have been damaged by wave propagaticn [9], seismic
ground éhaking alone generally cannot be expected to cause any major rupture and/or buckling failure
in properly designed, manufactured and laid out welded steel pipelines [10-13]. This outcome is in
complete agreement with the investigation of Youd [16]. After examining the 1871 San Fernando
Earthquake effects in detail, he concTuded that strong and ductile steel pipelines withstood ground
shaking but were unable to resist the large permanent ground deformations generated by faulting and
ground failures.

Furthermore, it is important to recognize that permanent differential movements may be caused by
any earthquake and that the movements can assume a variety of patterns depending on local soil

conditions and the presence of faults. Therefore, the response of buried pipelines to permanent



ground movement is an important part of Tifeline earthquake engineering and its investigation is in
Tine with the recommendations of a number of committees and individual researchers. For instance,
Iwan [4] listed the investigation of effects of large soil movement on piping systems as a high
priority subject. The ASCE Technical Council on Lifeline Earthguake Engineering [15] stated several
research topics that deserve immediate attention in the engineering community. Among them are

differential ground movements and fault crossing pipelines.

PIPELINE RESPONSE TO GRQUND. FAILURE

Pipeline damage is directly related to the patterns of ground movements. For example, reverse
oblique faulting along the Sylmar segment of the San Fernando Fault Zone caused widespread compres-
sion and tension failures of buried pipelines [5,6,34,40]. The pattern of pipeline damage was con-
sistent with the patterns of tensile and compressive ground strains by Slemmons [33] and Friedman et
al. [41] as characteristic of reverse-slip faulting. In addition, significant features of the damage
pattern also were related to the effects of left lateral sTip, which contributed to either extension
or compression as a function of pipeline orientation [2,7,34].

In a similar fashion, concurrent tensile and compressive distortions are associated with
secondary earthguake effects. For example, lateral spreading caused by liquefaction will impose
tension and pullout distortion near the boundaries between siiding and stable ground. At the same
time, severe compressive strains and buckling may be imposed in the central position of the mobile
ground as soil movements tend to converge into erosional basins or tongue-like pattefns of mass
transTation. Patterns of this type were observed near Juvenile Hall during the 1871 San Fernando
Earthquake [34,42,43], where substantial damage to gas transmission 1ines was reported [26].
Furthermore, lateral spreading during the 1964 Alaska Earthguake caused severe buckling of bridges
[447 and underscores a potential siting and design problem for pipelines at river crossings [34].

A survey of damage caused by the 1971 San Ferrando Earthquake indicates that, in comparison to
surface structures, pipeline systems are particularly vulnerable to local differential movement. The
area of surface fault displacement caused by the earthquake was approximately cne-~half of one percent
of the area affected by strong ground shaking [2,24]. Nevertheless, approximately 25 percent of all
pipeline breaks in the area of strong ground shaking occurred at or near fault crossings [1,2]. In
addition, the earthquake triggered over-1,000'1andslides [5]. , Block movements of soil along the
northwest rim of the Upper Van Norman Reservoir and an extensive, tongue-like spreading of soil along
the reservair's eastern shore caused severe damage to water and gas transmission lines [26-277.

The surface faulting associated with the 1971 San Fernando Earthquake occurred mainly on a left

lateral thrust fault, which has been designated by the U.S. Geological Survey (USGS) as the San
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Fernando Fault Zone which consists of four individual segments of the fault [1,7,28]. Among them,
the Sylmar segment intercepted the largest part of the water and gas transmission and distribution
systems.

Figures l1a and 1b represent a schematic view of the Sylmar segment of the San Fernando Fault
Zone including damage to the water and gas mains [1,2]. Although the Sylmar segment was roughly 1.8
miles long in the east-west direction, the figures show only about 1 mile of the segment which was
located in the City of Los Angeles along its eastern end. The ground displacements on the SyTmar
segment occurred within a zone ranging from 150 to 350 ft in width [7]. The broad boundaries of
this zone are‘shown by the dashed lines in each figure. MNote that most of the lateral movement and
approximately one-half of the vertical displacements occurred within a zone 150 ft wide along the
southern edge of the fault [1,6,7,24]. This zone is represented by the ruled area in each figure.

Thetground north of the Syimar segment was thrust upward and Teft laterally (to the west) along
ruptures dipping 70° to the north [1,24]. The general sense of this displacement is indicated in
f¥gure 2 [1,2], which represents an oblique view of the block movement. The maximum strike and
reverse dip slip compenents of fault movement were 6.2 and 4.9 ft, respectively [24]. As shown in
the figure, the strike-slip component of movement caused a net compression of the northeast-trending
lines and a net extension of the northwest-trending lines.

The distribution of movement within the fault zone was complex. Frequently, large displacements
were concentrated along individual scarps. At Comenta Avenue, a 30 ft wide shear zone showed a
total of 1.5 ft vertical offset and 6 ft left lateral offset [1,7]. However, the maximum displace-
ment across individual breaks in the fault zone were often much Tess than these. Horizontal shorten-
ing across the zone was consistently between 1.8 and 2.5 ft [1,7]. As shown in figure 3 [1,2]3, the
nature of the ground movements within the actual fault zone differ substantially from that outside
the zone. Within the zone, both northwest- and northeast-trending Tines were compressed, as indi-
cated by the buckTing of pipelines at all orjentations and by the offsets of pavement slabs [1,7,25,
27]. Some northwest-trending Tines that failed by compression within this zone also failed by
tension immediately north of the zone [1,7].

The mechanics of the ground deformation within the zone are as yet unknown, but it is
significant for the analysis of pipeline behavior to recognize that high angle thrust faults can
generate permanent ground compressive mdvements in all directions, even though the faulting may show
a significant component of strike-slip movement [1,2].

Most pipelines in the San Fernando area were buried primarily in alluvial sand and gravel at

depths between 2.5 and 5.0 ft. The operating pressures for the gas and water distribution lines were
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approximately 60 to 150 psi, respectively., A detailed study of the damage to pipelines was reported
in a number of references {2,19,25-27]. A brief reference will be made here regarding the damage to
gas pipelines.

As shown in figure 1b, the gas distribution system in the area under consideration was composed
of welded steel pipelines. Individual pipe Tengths were approximately 40 ft service lines, typically
3/4 to 1 in. in diameter, connected to the distribution Tines through welded service ties.

Damage occurred at similar levels of intensity on both northeast- and northwest-trending lines.
Ruptures occurred mostly by buckling and twisting of the steel distribution lines, although in many
locations service ties were sheared at their connections with the mains. Damage was extensive in
the western part of the fault segment where differential ground movements were largest. Severe dam-
age was sustained by a 16 in. steel transmission Tine on Foothill and Glenoaks Boulevards [9,257.
There were 52 separate breaks in, approximately a 6 mile length of this transmission line. In a
number of sections it is observed that the 16 in. steel pipe buckled under the compressive forces,
as shown in figure 4 [25]. Failures due to the buckling phencmenon were particularly dominant 1in
transmission lines crossing the Sylmar segment of the fault.

Table 1 summarizes the various causes of permanent differential ground movement [34]. Faults,
for example, may include strike-slip and dip-slip components. This type of faulting is particularly
important with respect to the pattern of ground deformation and potential level of damage [32-35].
Liquefaction distortions have been classified according to three types of failure: lateral spread,
flow failure, and loss of bearing capacity [34,36]. Landslides can assume a variety of different
forms. Many landsTides caused by earthquakes are characterized by gradual changes in elevation
punctuated by scarps with modest offsets ranging from several inches to 1 or 2 ft [34]. Maximum
distortions generally are concentrated along the slide margins where movements tend to replicate
strike and normal slip faulting and thus, are subject to many of the same modeling techniques that
apply for surface faults.

In recent years, a few investigations have been devoted to the behaviar of oil pipelines subject
to strike-s1ip faulting [37-29]. These studies have shown the close relationship between pipeline
performance and key variables such as the angle of pipeline/fault intersection and the frictional
resistance along the longitudinal axis of the pipe. It is important to note that these investiga-
tions have dealt only with the tension case. Furthermore, as indicated by 0'Rourke and Trautmann
[1,2], they do not address the pipelines typical of the gas and water distribution systems.

This review indicates the need and the importance of a research program to analyze the buckling

and rupture fai]ures of buried pipelines due to permanent, large and earthquake induced ground
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deformations. At present, a research program supported by a grant] from the National Science

Foundation to the University of Tulsa has been conducted under the direction of the author.
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Table 1.

Form of Permanent
Ground Movement

Faulting

Liguefaction

Lands1ides

Seismic Compaction

Specific Modes

of Failure

Strike-slip

Reverse-slip
Normal-slip
Lateral Spreads
Flow Failure

Bearing Capacity
Loss

Rock Falls

Relatively Shallow
Slumping and STiding
of Soil

Relatively Deep
Rotational and Trans-
Tational Soil Movement
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Summary of Earthauake-Induced Permanent Ground Movements [34]

Earthquakes
During Which

- Specific Failure

Modes Caused
Pipeline Damage

1906 San Francisco,
1831 Managua, 1940
Imperial Valley, 1968
Borrego Mountain,
1972 Managua

1952 Kern County,
1971 San Fernando

1959 Hebgen Lake

1906 San Francisco,
1964 Alaska, 1971
San Fernando

1957 San Francisco,
1964 Alaska

1906 San Francisco,
1952 Kern County,
1959 Hebgen Lake

1906 San Francisco,
1852 Xern County,

1959 Hebgen Lake,

1964 Alaska, 1971 San
Fernando, 1972 Managua

1206 San Francisco,
1952 Kern County,

1959 Hebgen Lake,

1964 Alaska, 1971 San
Fernando, 1972 Managua

1952 Kern County,
1959 Hebgen Lake,
1864 Alaska

1957 San Francisco
1968 Borrego Mountain
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EXPERIMENTAL STUDIES ON SEISMIC BEHAVIOR OF STRUCTURAL MEMBERS USING
A DYMAMIC STRUCTURAL TESTING FACILITY AT PWRI

by
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Toshio Iwasaki
Ryoji Hagiwara
Public Works Research Institute

Takayuki Hadate

Prime Minister's Office

ARSTRACT
Dynamic structural testing facilities of an earthquake engineering laboratory were recently
completed in March 1980 at Tsukuba by the Public Works Research Institute, Ministry of Construction.
Four experiments as shown in table 1 were conducted so far using the facilities. Outlines of the
facilities and two experiments conducted in the fiscal year of 1980 using the facilities are

described.

QUTLINES OF THE DYNAMIC STRUCTURAL TESTING FACILITIES

The recently completed dynamic structural testing facilitijes were developed to study dynamic
behavior of structural members and soils during earthquakes. Loading tests are conducted in a test
pit (20 m x 15 m x 5 m) using actuators with performance specifications shown in tahle 2 and fig-
ure 1. The actuator can make excitations up to 125 tons with displacement amplitude up to 125 mm
and frequency range of 0 to 30 Hz of arbitrary waves. With the actuators, static and dynamic load-
ing tests of large-scale specimens can be performed. The details of the facilities are mentioned
below.

(1) Buildings (figures 2, 3, 7)

The testing building (main building) has a test pit (L.20 m x W.15 m x H.5 n) embedded below the
ground level. The actuators can be set on any part of the walls of the pit. It alsc has an opera-
tion room, data recording room, data processing room, data communication terminal, instrument store-
room, exhibition room, storeroom, utility room. and workshop.

The hydraulic power generation annex has a hydraulic power supply and electric power supply.
(2) Actuator (table 2, figures 1, 4)

Two actuators are installed in the pit. Each actuator is capable of 2125 t of maximum
excitation, 125 mm of maximum stroke and *1 m/sec of maximum velocity with the frequency range of

DC~30 Hz. An actuator is 3 m long and weighs 4 t.



The hydraulic power is provided by the hydraulic power supply in the annex. The excitation is
controlled independently for two actuators by the control system. It {s excited by an analog or
digital control system.

{3} Hydraulic Power Supply (figure 8)

The hydraulic power supply is installed in the hydraulic power generation annex. The
accumylators {6 x 200 ) are used for a high velocity test (maximum excitation time s 10 sec.}). The
accumulators are released for the long-time durability and fatigue test in which only the o011 pumps
{2 x 300 /win) are used. The capacity of the hydraulic power supply was determined to make the large
velecity test possible. It is operated by remote control from the operation room.

(4) Control System (figures 5, 9)

The actuators are controliled by the analog or digital control system. The excitation can
accomodate sinusoidal, triangular, rectangular. ramp waves and earthguake motions. Sweep excitation
and the excitation with a designated power spectrum density are also possible. The drive is cor-
rected, if necessary, by comparing the excitation with the expected input motion.

{5) Data Aquisition (figures 6, 9)

The data aquisition system has 32 channels for dynamic data and 128 channels for static data.
The data are stored in the disk system through the A/D converter and the digital computer. The data

are compiled and analyzed later to get the dynamic characteristics of the specimens.

DYNAMIC LCADING TEST FOR ESTIMATION OF JOINT STIFFNESS OF SUBMERGED TUNNEL SEGMENTS
PREFACE

For the further and efficient development of Tokyo and (lsaka Bay areas, the feasibility studies
of the arterial highway networks are being carried cut by the Ministry of Construction.

In these studies, the submerged tumnel method is considered to be the most feasible one in order
to cross shipping routes. The geological survey shows that the evaluation of the earthquake resfs-
tance of the tunnel, especially, that of the joints of tunnel elements is critical for the applica-
tion of the method., The axial force, bending moment, and shear force of the elements greatly depend
on the dynamic stiffness characteristic of the joints. Therefore, the modeling of the joints is
critical for the successful application of the computer simulation analysis.

The joint consists of the rubber gasket, PC cables, and the shear key, etc. The éxperiment was
performed by static and dynamic Toading tests to investigate the nonlinear dynamic response

characteristics of the rubber gasket.
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EXAMPLES OF SUBMERGED TUNNEL WITH RUBBER GASKET TYPE JOINT

Some of the tunnels which have the joints of this kind are the Daiba Tunnel on the Keiyo Line
(1973-1980, Tokyo), the Tokyc Harbor Tunnel (1971-1976, Tokyo), the Elbe Tunnel (1968-1973, Hamburg),
the Rotterdam Metro Tunnel (1960-1968, Amsterdam}, etc.

EXCITATION TESTS FOR ESTIMATION OF JOINT STIFFNESS OF SUBMERGED TUNNEL SEGMENT

(1) Model

A typical cross section and a flexible joint of the submerged tunnel planned in the Tokyo Bay
area are shown in figure 12. The basic shape of the rubber gasket used in the test was the Gina
type (figure 13). The model of the rubber gasket was determined through the preceeding tests to
have the Tength and the width of 30 cm and the height of 21 cm, which was a full scale model. The
hardness of the body was 60 degrees, and the gasket had a small projection on the top and the bottom.
(2) Test Apparatus

An actuator was attached to the movable wall as shown in figure 10. Moreover, in order to keep
the axis of the piston rod of the actuator, it was fixed horizontally and vertically by the supporter
as shown in figure 11.

{3) Excitation and Measurement

The excitation test was performed by compressing the gasket by the sinusoidal and trienguTar
exciting patterns after compressing the gasket to the predetermined height, 100 to 57.5 percent of
the original height, in 20 seconds. »

The static test was performed by loading the gasket by compressing to the same height as the
exciting test in 30 seconds. An unlcading test was also performed for the same duration.

The Toad and the deformation of the gasket were measured by a Toad cell and a transducer in the
actuator and recorded in magnetic discs in a mini-computer via an A/D converter. The dynamic and
static loading and unloading curves were made by the use of a graphic display. Figure 14 shows some
examples of the excitation patterns.

(4) Test Results

The dynamic hardening ratio is defined by equation 1.

Rk =%§_ (1)
where, Kd is the dynamic spring constant (t/mm}, and Ks is the static spring constant (t/mm) as
defined in figure 15. |

Figure 16 shows the static Toading and unloading curves. As shown in this figure, the first

loop was a little different from the following Todps which seemed to be indifferent to the repetition
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of loading and unloading. Therefore, we used the loops after the second loading in the calculation
of Ks.

Figure 17 shows Ks for the compression (height decrease) of 25, 30, 35, 40D percent, etc. It is
noted that the static spring constant increased as the compression increased. Figure 18 shows the
hysteresis curves and figure 19 shows the dynamic spring constant, Kd. Table 3 shows the spring
constants and the dynamic hardening ratio, Rk. It is noted from these results that in the cases of
displacement control tests, the dynamic spring constants were somewhat different between sinusoidal
and the triangular exciting patterns and ranged from 1.62 to 6.27. Effects of frequency of excita-
tion showed a small effect on the dynamic spring constant and the dynamic hardening ratio, a little
higher for 1.0 Hz than for 0.5 Hz.

In the case of the load control tests, the results showed the same tendency as the displacement
control tests, however, the difference of compression ratio gave a 1ittle higher value than those of
the displacement control test.

The changes of the dynamic spring control were shown in figure 19 and the corresponding dynamic
hardening ratios were shown in figure 20.

The principal parameters thch determine the dynamic spring constant were the compression ratio,
the amplitude of dyramic displacement and Toad, etc. The larger the compression or the smaller the
amplitude of dynamic load and displacement with the same compression, the greater the spring con-
stant. The dynamic hardening ratio had the same tendency as the spring constant.

The frequency had little effect on the dynamic spring constant and the dynamic hardening ratio.

The secant of the unloading curve for the static loading test gave approximately the same value
of the dynamic spring constant. [1,2]

Several possible evaluation methods for obtaining the dynamic spring constant could be obtained
from the test results as follows:

A: A method in which the constant is estimated from the expected compression ratio and the

amplitude of dynamic Toad and displacement.

B: A methed in which the constant is estimated from the dynamic spring constant and the dynamic
hardening ratio.

C: A method in which the constant is estimated by taking the secant on the unloading curve
obtained by the static test corresponding to the expected amplitude of load and displace-
ment.

Method A gave the best fit and methods B and C were almost as good. In the case of methods B

J

and C, the static loading and unleoading curves were approximated as
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P o= aebP,
where, P is load (tons), & is displacement (mm), and a, B8 are coefficients of the approximation curve.
o and B were obtained as values of 0.97~5.47 x 10-6 and 3.71~4.19 as shown in figure 21. The values
of the dynamic spring constants evaluated by methods A, B, and C are shown in table 4. It is

considered that the method B is the most effective.

REFERENCES
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[2] Eiichi Kuribayashi et al., "Evaluation Method of Joint Stiffness Property of Submerged Tunnel
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REVERSED CYCLIC LOADING TEST OF REINFORCED CONCRETE BRIDGE PIER MODELS
It is desirable to consider the non-linear characteristics and ductility of a reinforced
concrete bridge pier in its earthquake-resistant design.
The following describes the results of model loading tests of a reinforced concrete bridge pier

to investigate its seismic behavicr to the ultimate state.

QUTLINE CF THE EXPERIMENT

Reversed cyclic loading tests of the models of a Ban-no-su Bridge pier in Kojima-Saka-ide Route
of Honshu-Shikoku Bridge were conducted. Ban-no-su Bridge is a double deck bridge for a highway and
a railway, and its pier columns are divided intc upper and lower columns as shown in figqure 22. For
this kind of a structure, detailed studies on seismic behavior of the upper column subjected to
earthquake excitations in the transverse direction are needed in the earthquake-resistant design.

For this reason, model loading tests of the upper coiumn of the reinfaorced concrete pier were
conducted.

Scales of the models used in the experiment were 1/(4vZ) for six specimens and 1/4 for one
specimen. Conditions of the models were determined as shown in table 5 and figures 23~30 to investi-
gate seismic behavior of the actual bridge column and effects of the assumed structural conditions on
aseismic performances c¢f the column.

A lateral Toad was applied to the column models at the center of gravity of the superstructure.
The input was controlled by load up to the reinforcement yield point and by the displacement after
that. In the case of load-controlled input, load was increased step by step, and lead was returned
to zero for each step. In the case of displacement-controlled input, the input displacement was N
6g (6g: calculated yield displacement of the basic model, N =1,2,3,4,5), and the repeat of the
same displacement input was three times for No. 1 medel (one-directional Toading) and ten times for

other models (reversed loading). Figure 31 are the photes of the experiment.

RESULTS OF THE EXPERIMENT

Yield load, ultimate load, yield displacement, ultimate displacement, and potential energy of
the column models obtained by the loading tests are shown in table 6. Load-displacement curves
obtained by the one-directional {No. 1) and reversed (No. 3) loading tests are shown in figures 32
and 33. In the load-displacement curve of the basic medel (Mo. 3), load increased even after longi-
tudinal reinforcements had yielded, and it became maximum {ultimate load) when input displacement was
2~3 8g. The ultimate load of the basic medel was 20~30 percent larger than the yield load. After

that, load decreased to the level of yield load when input displacement was 4~5 85 (ultimate
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displacement). When Toading was repeated with the same displacement, load decreased remarkably by
the first loading cycle and did gradually by subsequent loading cycles. The stiffness at the yield
point decreased to 1/3~1/4 of the initial stiffness., The shape of the hysteresis loop was spindle-
shape at the initial stage and shifted to an inverse-S shape as the input displacement became Targe
and the cycle of loading increased.

Final destruction modes of each model are shown in figure 34. 1In the case of one-directional
Toading (Mo. 1 model), cracks occurred at the base of the column at first, but the specimen finally
failed in shear by the crack which developed diagonally frem the hunch, The specimen with large-
diameter longitudinal reinforcement and without side reinforcement (Mo. 4 model) also failed in
shear. Other models failed in bending at the base of the column.

Load-displacement envelope curves of the first Toading cycle (n = 1) are shown in figure 35.
Comparisons of aseismic performance of the column models are shown in figures 36~40.

The yield load and the ultimate Toad of the one-directicnal Toading model (No. 1 model) and the
reversed-loading basic model (No. 3 model) were about the ééme. But the ultimate displacement of No.
3 model was 40 percent of that of the No, 1 model, By reversed loading, displacement ductility ratio
{ultimate displacement 6 /yield displacement ﬁy) decreased to 1/2~1/3 of that by one-directional
loading (figure 36).

As for the effects of the hunch at the base of the upper column, the yield load and the ultimate
load of the model with a hunch (No. 3 model) were 20~30 percent larger than those of the model without
a hunch (No. 2 model). The ultimate dispiacement of both models were about the same. The dispTacement
ductility ratio of both the models in the hunch-comparison direction were about the same, tco. But
the displacement ductility ratio of the model with a hunch was 10~20 percent smaller than that of the
model without a hunch in the hunch-tension direction because of larger yield displacement of the
former model than the latter model {figure 37).

Comparing the test results of the model with large-diameter Tongitudinal reinforcements and
without reinforcement (No. 4 model) and those of the basic model {No. 3 model), the former failed in
shear at the upper part of the column, while the latter faiied in bending at the base of the column.
No. 4 model was about 10 percent smaller in yield load, about 20 percent smaller in ultimate load,
and about 40 percent smaller in displacement ductility ratio than the No. 3 model.

As for the effects of an axial load, the model with an axfal load corresponding to the dead Toad
of the superstructure (No. 7 model) was about 20 percent larger in yield Toad, about 10 percent larger
in ultimate load, but 10~20 percent smaller in displacement ductility ratio than the model without an

axial load (No. 3 model) (figure 38).
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Comparing the test results of the SRC model (No. & model) and the RC model (No. 3 model), the

~20 percent larger in yield and ultimate lcads than the latter. This is because the

actual strength of the steel frame was Targer than the nominal strength, while the SRC model was
designed based on the nominal strength, The SRC model and the RC model can be said to have had
similar aseismic performances after all (figure 39).

In the case of SRC models, the model with studs on steel frames below the base of the column
(No. 6 model) and the model without studs (MNo. 5 model) had similar aseismic performances {figure
40}. This is because of small influence of the pulled-out of steel frames.

Equivalent damping factors (h) obtained from the hysteresis loops were h = 0.02~0.04 at the

displacement amplitude of 84, h = 0.06~0.10 at 2§,, and h = 0.10~0.13 at amplitude larger than 33,.

ANALYTICAL INVESTIGATIONS

Calculated and méasured load-displacement envelope curves of n = 1 for the one-directional
loading model (No. 1 model) and the basic model (No. 3 model) were compared as mentioned below. The
following is the calculation procedure of a load-displacement curve.

Divide the upper column into m-elements in the axial direction. Calculate bending moment M¢,
My, My and curvature ¢c, ¢y, ¢, of each element at the cracking, yield, and ultimate states to obtain

M-¢ relationships as shown in figure 41. M, and ¢, can be calculated by equation (2).

MC = H(O‘bt + g_)
k (2)
b =
-
Ech

opt: bending tensile strength of concrete
N: axial load to the element
Ag. Ig: equivalent sectional area and equivalent moment of inertia of area
W: section modulus
Ee: Young's modulus of concrete

For the calculation of My, by, My, and ¢, divide each element into n-small elements and obtain
the strain of each small element assuming the stress and strain to be constant within the small
element. Using the obtained strain, obtain the corresponding stress by stress-strain curves as
assumed in figure 42 and the neutral axis satisfying equations {3} and (4)

n
Ioi "BAci + I 05i*MAgi (3)
1 i=]1 '

=
It
H =S

1
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n
seit Xivthet + T agiki-thss (4)

=
1]
™3

j=1
where,
N, M: axial load and bending moment to the element
oci» Ogi: stress of concrete and reinforcements in the small element
Mej, bAgit sectional areas of concrete and reinforcements in the small element
Xj: distance from concrete or reinforcements of the small element to the neutral axis

Calculate bending moment by equation (4) and curvature by equation (5)
- ECO (5)

where,

ec0:  extreme fiber strain

Xg: distance from the compressive edge of concrete to the neutral axis

Obtain My, ¢, assuming the &ield strain of reinforcements as eg = ogy/Eg (ogy: yield strength
of a reinforcement, Eg: Young's modulus of a reinforcement) and M, ¢, assuming the ultimate strain
of concrete as =. = 0.0035.

Calculate Tateral displacement caused by the bending deformation of the upper column by equation

(6).

7 S Lej+5j—l
8i = IO pdy = jiz—-zuu——.AyJ 1 .
. Toacto)
6j = [ ody e L
where,
§;: deflection of section-1 of yj-distant from the base of the upber column
855 sj_lz rotation angles of jth and j-1th sections from the base of the upper column

ij_lz distance between j-1th and jth sections from the base of the upper column

Rotation at the base of the upper column was measured in the experiment. Analytic models as
shown in table 7 were used for the calculation of a P-§ curve to take the rotation into consideration.
Estimated load-displacement curves at the loaded point of the column by the analytic models

above mentioned are shown in figures 43~46 where measured ones are also represented.
In Case A in which the upper column was fixed at the base, the estimated yield displacement was
45 percent of the measured one in the hunch-compression direction and 40 percent of that in the hunch-

tension direction. Displacement caused by the rotation at the base of the upper column was 35 percent
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of the measured total displacement in the hunch-compression direction and 30 percent of that in

the hunch-tension direction in the experiment. This indicates the importance of taking the rotation
into consideration in the estimation of the displacement. When the estimated displacement was
corrected by the measured rotation, it became 80 percent of the measured total displacement in the
hunch-compression direction and 70 percent of that in the hunch-tension direction. Estimated load-
displacement. curves after the yield point differed from the measured ones. The estimated ultimate
displacement of the basic model (No. 3 model) is about a half of the measured one (figure 43).

In Case B in which the hunched column was extended to the footing, the estimated yield dis-
placement was small in the hunch-compression direction and large in the hunch-tension direction as
compared with the measured yield displacement. In this model, members below the base of the upper
column yielded before those at the base of the column did by the hunch-tension load (figure 44). In

Case C and Case D, the estimated rotation angle 8 subjected to the one-divectional load and
28 considering the effect of reversed lcading were used to estimate the displacement. As for a load-
displacement curve, Case D (+0) in the hunch-compression direction and Case D {-20} in the hunch-
tension direction gave good agreement with the measured curve (figures 45, 46).

For a more precise estimation, it is necessary to consider shear deformation and the effect of
the concentration of cracking in the calculation of displacement. Moreover, 1t is necessary to
investigate the stress-strain relationship of concrete and reinforcement, bending moment-curvature
relationship, and effects of side reinforcement and confining reinforcement to estimate a load-

displacement curve after the yield point more precisely.

CONCLYUSIONS
The following results were obtained by the model loading tests of an upper column of the

Ban-no-su Bridge pier of Honshu-Shikcku Bridge,

(1) Stiffness of the reinforced concrete column decreases by the cracking. Stiffness at ﬁhe yield
stage is 1/3~1/4 of the initial stiffness.

{2) Maximum strength of the column is 10~3C percent larger than the yield strength,

{3) Displacement ductility ratio (ultimate displacement/yield displacement) of the column is 10
when subjected to one-directional (hunch-compression direction) loads and 4 when subjected to
reversed Toads. Reversed loading makes the ductility ratio decrease to 1/2~1/3 of that by
one-directional loading.

(4) In the case of reversed cyclic loading with the same displacement, Toad decreases remarkably by

the first cycle of Toading and decreases gradually by the following cycle of loading.
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(5)

(7)

(8)

(10)
(11)

(12)

(13)

(14)

The shape of the hysteresis loop is spindle-shaped at the initial stage and shifts to an
inverse-$ shape as the input displacement becomes Targe and the cycle of Teading increases.

The equivalent damping factor of hysteresis damping of the column is h = 0.02~0.05 at the yield
stage and h = 0.10~0.13 after the yield of reinforcement.

The load-dispiacement envelope curves until the maximum Toad in the case of one-directional
loading and reversed loading are almost the same. After the maximum Toad, the Toad decreases
more remarkedly in the case of reversed loading than in the case of one-directional loading as
the input dispTacement increases,

A hunch at the base of the upper column makes the yield load and the ultimate load 20~30
percent larger than those of the column without a hunch. The hunched column was destroyed by
bending~-failure in the experiment, but it should be noted that the possibiTity of shear-failure
becomes large by the hunch.

The column with large-diameter longitudinal reinforcements and without side reinforcements
failed in shear at the upper part, and its strength and ductility were rather small.

When an axial load corresponding to the dead Toad of the superstructure is applied, yield load
and ultimate Toad increase 20 percent and 10 percent respectively, and ductility becomes 10~20
percent lTess than those without an axial Toad.

Aseismic performance of RC and SRC columns are almost the same.

Effect of studs at the base of the upper column teo prevent pull out of steel frames was small
in the experiment.

Rotation of the upper column by the pullout of longitudinal reinforcement at the base of the
column was observed. This rotation caused 35 percent of the displacement at the top of the
column in the hunch-compression direction and 30 percent of that in the hunch-tension directicn
in the experiment.

Difference between estimated and measured values of the yield load and the ultimate Toad was
within 15 percent of the measured values for the first cycle of leading, Further investigations
are needed to consider the effects of reversed loading and an axial load.

A Toad-displacement envelope curve up to the yield point can be estimated by the method
described under Analytical Investigations with the assumption of rotation at the base of the
column. But a load-displacement envelope curve after the yield point can not be estimated
precisely by the method. Further investigations are needed on stress-strain relationship of
concrete and reinforcement, effects of confining reinforcements, axial loads, and reversed

cyclic loading, etc.
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Table 1. Experiments Using the Dynamic Structural Testing Facility
Fiscal Year Experiment
(1) Dynamic Loading Test for Estimation of Joint Stiffness of Submerged Tunnel

Segments

Scale of the
Input

Model : 1/1

: Sinusoidal waves

1980 -
(2) Reversed Cyclic Loading Test of Reinforced Concrete Bridge Pier Models
Scale of the Model : 1/(4/2), 1/4
Input : Statically-reversed cyclic loading
{3) Dynamic Loading Test on Seismic Behavior of Water Supply Pipes
Scale of the Model : 1/1
Input : Sinusoidal waves
1981 )
{(4) ODynamic Loading Test of Reinforced Concrete Bridge Pier Models

Scale of the
Input

Model : 1/4~1/6

: Sinusoidal waves
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Table 2.

Main Specifications of the Actuator

Ttem

Performances

(1) Maximum Excitation £ 125 t/1 Actuator
(2) Maximum Stroke + 125 mm

(3) Maximum Speed * 1 m/sec

(4) Frequency Range DC 30 Hz

Excitation Motions

Sinusoidal Waves
Triangular Waves
Rectangular Waves
Ramp Waves
Earthquake Motions

(6) Maximum Excitation Time 10 sec (At Maximum Velocity)
(7) Control of Input Motions | Analog Control and Digital Control
(8} Ccntrol Item Acceleration, Velocity or Displacement
{9} Exciter Electro-hydrauTic Servo System
;;6) Hydraulic Power Supply Main Pump 300 /min x 2 with 200 /10 sec x 6 Accumulators

(3 Accumulators/l Actuator) x 2
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Table 3. Dynamic Spring Constant and Dynamic Hardening Ratio

T |
Displacement Control 'l }
| | [ i | ]
\ | Oynamic | | 1
Input | Compression | Displacement! Kda R¢ [ Note {
Motion | Ratio | Amplitude | T ] Il |
| (%) | {mm) | O.5Hz ] 1.0Hz ]| 0.5 Hz | 1.0 Hz | |
| | | | Kd: pynamic |
! I {fon/mm} T{ ton/mm) | Spring Con- |
i | 42 1.970 | 2.103 1.79 1.91 | stant |
| | | |
| 30.0 | 8 1.621 1.659 | 1.47 1.50 | Rg: Dynamic }
| 1 | Hardening |
! 1 2 | 1.960 | 2.000 { 1.50 1.54 | Ratio |
| | | I
i 32.5 | 8 1,742 1.821 1,34 1.40 | i
Sinusoidal | | | i
Wave | | 2 3,140 3.240 1,74 1.80 | |
| | | }
i 35,0 J 8 | 2.627 | 2.663 1.46 ]| 1.48 | ]
{ 1 T 1 ] | |
| | 2 | 4,085 | 4.306 1.41 | 1.48 | |
1 T T f | J
1 37.5 8 2.866 | 2.863 | 0.99 | 0,99 | |
| T | |
{ 40.0 2 5.995 6,445 1.87 2.01 ll
i
| 2 2.004 2.065 1,82 2,02 I
1 | |
| 30.0 8 1.618 1.630 1,47 | 1,48 | E
| | |
| 2 2.004 2.154 1.52 1.66 | |
| I
| 32.5 8 1.810 1.872 1,40 1.4 I
Triangular | T |
Wave | 2 3.215° | 3.40% 1.79 1,89 | |
| | T | I
{ 35.0 8 2,149 2.320 | 1.19 1,29 | ]
| | { |
] | 2 4.313 4.453 | 1.49 1.54 | }
| I } ]
i 37.5 8 2.799 2,858 | 0.97 0,99 | }
| [ !
| 40.0 | 2 | 5.874 | 6.269 | 1.84 | 1.96 | }
!
Load Control E t
i ! i 1 | |
| | Dynamic | | i }
input | Compression |  Load ! Kq ] Ry 1 |
Motion |  Ratio | Amplitude | ] ] j ]
I (%) 1 (ton) | 0.5Hz | 1.0Hz | 0.5 Hz | 1.0 Hz | |
| | ] I
I (ton/mm) [{ton/um] ] I
| 30.0 18 1,679 | 1.676 | 1,44 1.48 §
I’ I (
| 8 2.986 2.984 | 1.66 1.66 | |
Sinusoidal | 35.0 T | |
Wave | 16 2,458 2.576 1 1.36 1.43 }
| 1 1
i i g 8.497 8.303 2.66 2.59
40,0 |
} 16 7.219 7.442 2.26 2.33 | I
T
30.0 ] 8 1.601 1.696 1.46 1,54 |
Triangular T |
Wave 35,0 | 8 2,892 1 3.167 1.66 1,76 | :
! ! }
| 40.0 { 8 8,260 | 8.648 2,88 [ 2.70 ¢ |
i | 1 | } | I
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Table 4.

Dynamic Spring Constant Estimated by Each Evaluation Method

Dynamic Spring Constant

| |

| f

Compression | ;

Ratio | | | | Note
{%) { Evaluation Method l Evaluation Method { Evaluation Method {
A B C

| | |

| | |

30 | 1.6 | 1.8 | 1.4 i

| | |

| I |

32.5 | 1.7 | 2.3 | 1.7 ]

| | | |

[ [ | |

35 | 2.6 | 2.9 | 2.4 |

| | | |

I 1 1 |

37.5 | 3.9 | 3.6 | 3.0 :
| | |
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Table 5. Test Cases

Model Test Conditions

No. 1 1/(4¥Z) one-directional loading model | One-directional loading, other conditions are

the same as basic model

No., 2 1/(442) without hunch model Without hunch, other conditions are the same

as basic model

No. 3 1/(4¥/Z) basic model Same structural conditions as the actual
bridge {main reinforcement - D13, reversed

cyclic loading)

No. 4 1/14/7) large-diameter reinforcement,
without side reinforcement

Large-diameter reinforcement and without side
reinforcement (main reinforcement - D29,
reversed cyclic loading)

No. b 1/(4v2) SRC - without stud model | SRC without stud (CT shape steel + D13 rein-
| forcement, reversed cyclic loading)

No. 6  1/(4/7) SRC - with stud model SRC with stud (CT shape steel + D13 rein-
| forcement, reversed cyclic loading)

No. 7 1/4 model | Same structural conditions as the actual
f bridge {main reinforcement - D13, reversed
{

cyclic loading)

Note: Axjal load of 118 t corresponding to the dead load of the superﬁtructure was applied to
1/4 model, but no axial load was appliied to 1/(4/7) models.
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Table 6. Results of the Experiment (p = 1 P-g Envelope Curve)

Loading Direction

Hlunch-tension

Hunch-compression

No. T Wo. 2 No.'3 Na. % No. 5  No. & No., T Wo. 1 "No. ¢ HNo. 3 Wo. 4 No.5 No. & Wo., 7
One- With- Basic Large-diameter SRC SRC 1/4 Dne- With- Basic Large-diameter SRC SRC 1/4
directional out modeY  reinforcement, without with model directional aut mode)  reinforcement, without with model

loading hunch without side stud  stud Toading hunch without side stud  stud

reinforcement reinforcement

Yieid Load P'y(t) - -55 =75 -69 -72 -79 -175 15 61 72 66 80 85 177
Uitimate Load P, (t) - -69 -89 -73 -94 -96 -187 92 73 89 68 100 101 200
Pu/Py - 1.25 1.19 1.06 1.31 1.22 1.07 1.23 1.20 1.24 1.03 1.25 1.19 1.13
Yield Displacement & (cm) - -2.3 -2.6 -2.6 -2.2 -2.3 -4.1 2.0 2.1 2.1 2.3 1.9 2.2 3.2
Ultimate Displacement &, {(cm) - -7.8 -1.8 -4.5 -8.5 -8.3 -9.6 19.6 7.6 7.9 4.9 8.5 7.6 10.9
8u/sy - 34 2.9 1.7 1.9 3.6 2.3 9.8 36 3.8 2.1 4.5 3.5 3.
Potential energy E, (t.cm) - 354 44z 201 529 540 1,190 1,610 366 407 210 579 606 1,430
salsy - 0.78 0.69 0,69 6,82 0.78 0,63 0.90 0.86 0.86 0.78 0.95 0.82 0.81

Notes: Py: Load applied at the top of the column at

Py Maximum load in n = L P-§ envelope curve

.the time of yield of outer reinforcements.

L Pisplacement at the top of the column correspending to Py

6yt Pisplacement corresponding to Py after Sy in n = 1 P-5 envelope curve

Ey:  Integration of P-5 envelope curve up to the ultimate displacement.
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Table 7  Analitic Model for the Estimation of & P—5 Curve

Case Case A Case B Case C Case D
Modet
o —— -e=-- --==
.
L
yrerebermrrr
P L "

Loading Hunch-compression,|Hunch-compression, . . ; -
Direction Hunch-tension Hunch-tension Hunch-compression Hunch-tension Hunch-compression Hunch-tension

Rotation is con-

sidered by the

deformation of

the extended part

of the column. -

T 2 ~—%o| 03
Consideration p—
of Rotation £ %A
h 4 cm
=70
& and 20 # and 24 9 and 26

Remark Column is fixed Hunched cotumn

at the base.

is extended to
the footing.

Rotation is considered by the pulled-out of

reinforcements.
As bl

p= 2 %
U“rhs

Rotation is considered
by the extension of
reinforcements below
the base of the column
to the footing.

Rotation is considered
by the pulled-out of
reinforcements.
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Fig. 11 Loading State
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Fig. 24 Dimensions of 1/4 Model
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No. 1 {one-directional loading)
after n = 3 of +115,
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after n=10 of £+b&,
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Fig. 34 Final Destruction Modes of Specimens
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REPORT OF THE URAKAWA-OKI EARTHQUAKE OF MARCH 21, 1982
Tomomitsu Yasue, Toshio Iwasaki, Yasushi Sasaki,
Hideya Asanuma and Takeo Nakajima
Public Works Research Institute
Ministry of Construction

ABSTRACT

On Sunday morning, March 21, 1982, a severe earthquake of magnitude 7.3 on the Richter Scale hit
Urakawa-cki, off Urakawa, the southern part of Hokkaido Island in Japan. This report briefly
describes an outline of the earthquake and damage to civil engineering structures due to the

Urakawa-oki Earthquake of March 21, 1982.

QUTLINE OF EARTHQUAKE

From the report of the Japan Meteorological Agency (JMA){11, the outline of the earthguake is
summarized as follows:

1) Date and Time: 11:32 a.m., Sunday, March 21, 1982

2) Magnitude (Richter Scale): 7.3

3) Epicenter: 20 km off Urakawa, 150 km south-east from Sapporo, 42.1°N, 142.6°C

4)  Depth: 10 km

5) JMA Intensities: 6 - Urakawa

4 -~ Tomakomai, Sappore, Otaru, Iwamizawa, Hiroo, Kuchan, and Obihiro
3 - Kushiro, Asahikawa, Muroran Hakodate, Aomori, and Morioka

Figure 1 illustrates the epicenter and JMA intensities at various locations reported by the JMA.
Figure 2 is a detailed map showing epicenters of aftershocks, as well as the main shock epicenter,
obtained from a densely instrumented network of the Science Department of Hokkaido University [2].
From figure 2 it is seen that the epicenter is located off Mitsuishi about 15 km west from Urakawa,
and the depth is about 3C km. _

Strong-motion accelerographs recorded accelerations at several Tocations. Table 1 tabulates
typical values of peak accelerations on grounds and structures. The locations and peak accelerations
are also shown in figures 3 and 4. Unfortunately, no record was available near the epicenter. The
largest acceleration (about 3C0 gals) was triggered at Hiroo, about 60 km east from the epicenter.
At Horcman Bridge located about 40 km east from the epicenter, the peak value was only about 80 gals
{uncorrected value obtained from SMAC-B2 type accelerograph). Peak accelerations at Sapporo City

were also about 70 gals.
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DAMAGE STATISTICS
Table 2 indicates the general damage statistics to persons and various facilities. It is seen
from this table that no one was killed, 21 were seriously injured, and 146 were slightly injured.
Most injuries were caused by the overturning of furniture and scalds due to the overturning of
kettles containing boiling water. As for public facilities, damage to highways, bridges, ports, and

water supply systems were comparatively severe.

DAMAGE TO HIGHWAYS

The National Highway Route 235 connecting between Tomakomai and Erimo sustained rather heavy
damage. Landslides of mountain sides on highways took place at five Tocations between Shizunai and
Higashi (east) - Shizunai, Shizunai town, shown in photos 1-3. Retaining walls of sea sides of the
highway overturned and failed at Koshiumi Area, Mitsuishi town, as shown in photo 4. Settlements of
highway embankments were observed at a number of locations. Photo 5 shows an example of the embank~
ment settlements. A1l of those damages were quickly repaired by temporary repaiv works, and all
portions (except Shizunai Bridge described in the next section) were open to public traffic in 3
days after the occurrence of the earthquake. It will take a few months, however, to completely

finish the repair work.

HIGHWAY BRIDGES

The Shizunai Bridge, spanning the Shizunai River in Shizunai town, was severely damaged. The
bridge is Tocated in the north end of the focal area as seen in figure 2. The generé] drawings of
the bridge are illustrated in figure 5. This bridge has 9-span steel plate girders, 2 abutments and
8 piers. Foundations of most of the piers (PT to P7) are opeﬁ caissons with a diameter of 6 m and a
depth of 16 m. The foundation of P8 is a footing foundation. Soils are rather soft near the surface
in the right-bank and the central part, as shown in figure 5. Each pier has a circular reinforced
concrete column with a diameter of 2.2 m. The superstructure has 9 spans (3 of 3-spans continuous
steel plate girders). Three pier columns of P2, P3, and P6 sustained heavy cracks. Column P3 was
especially seriously cracked, as shown by photos 6 to 8. Photos 9 and 10 show the damage to P2 and
P6, respectively. Three other pier columns of P4, P5 and P7 sustained 1ight cracks, as shown in
photos 11, 12, and 13, respectively.

Temporary repair work to P2, P3 and P6 were finished by the middle of April, and this bridge was
reaopened to light traffic (less than 5 tons) on April 15.

The Ministry of Construction and the Hokkaido Development Agency are now investigating the

causes of the damage to the bridge columns and the procedures for permanent repair.
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Several bridges sustained minor damage, such as small cracking of reinforced concrete pier
columns and reinforced concrete girders, Settlements of back fills of abutments were observed at

many bridge sites, as usually seen in past, strong earthquakes.

RIVERS, COASTS, DAMS, AMD SLOPES

Dyke protection made of concrete block were damaged. A water gate located shortly down from the
right-abutment of the Shizunai Bridge had differential settlements of about 30 cm at its back fills.
The water gate and piers did not sustain any damage.

Dykes suffered from cracking (5 cm wide, 50 cm deep or more, and 5 m Tong) at the downstream
from the right-abutment of the Shizunai Bridge.

Coastal retaining walls siid, inclined, and even overturned at the Koshiumi area of Mitsuishi
town, as shown in photo 4.

Although one dam (Niicappu Dam) recorded peak acceleration of 136 gal at the crown, no damage
to the dam was observed.

A few steep slopes slide in Shinzunai and Urakawa towns. In Urakewa town, one steep sTope which

was reinforced by slope profection facilities did not sustain any damage.

WATER SUPPLY SYSTEMS
Water supply systems sustained rather severe damage, an interruption of water supply was reported
at 14,088 houses in 11 towns. In Urakawa town, 165 locations had pipeline damage. It took about ten
days to repair and reopen the system at the town. Damage to the water supply systems affected
people's daily lives most seriously. The water pipeline systems in Urakawa town have one valve at

every 200 m length. This facilitated the discovery of damaged portions and repair work.

OTHER FACILTIES
Telephohe lines were broken at 530 locations, and electricity was shut off at 10,400 homes.
These interruptions were repaired very quickly, and within 24 hr at the most.,
Japanese national railways also sustained heavy damage to railway bridges, slopes, and embank-
ments at a total of 156 locations. The railways reopened early in April to Urakawa, and on April 14
to Samani, the east terminal.

No fires were reported.

LESSONS LEARNED FROM THE URAKAWA-OKI EARTHQUAKE
1.  Earthquake resistant design methods of reinforced concrete pier columns should be examined,
in view of the damage to pier c61umns of the Shizunai Bridge. Alsc, quick repair methods

should be prepared in advance.
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(1]

Back fills should be strengthened (well compacted} as settlements of back fills approaching
bridges and water gates were frequently observed.

Important portions of slcpes should be strengthened as natural soil slopes are vulnerable
to earthquake shaking.

It tock a long time to assess the extent of damage to underground water pipelines.
Technology to judge the extent of damage to pipelines should be developed.

Although bridge substructures sustained heavier damage, bridge superstructures did not
have any serious damage, as seen in past earthquakes.

Water supply pipeline systems which have many valves are very efficient.in finding damaged
portions and in repairing.

Assessment of the degree of damage to various civil engineering structures was rather
difficult. Simple procedures of damage assessment should be prepared for practical
purposes.

Fires can be avoided during and after an earthquake, if precautions are taken. Daily

earthquake drills were not realistic in anticipation to large earthquake shaking.
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Table 1. Peak Accelerations from Strong-Motion Measurements

Location [Ground Acceleration (gal)|(Structural Acceleration (gal)
Direction
Station A(km) H-A H-B Vert. H=A H-B Vert. Instrument
1. Horoman Br. 40 53 76 25 80 73 35 SMAC-B2
2. Hiroo Br, 62 247 207 69 175 170 63 SMAC-Q
3. Tokachi 62 151 263 78 - -- - ERS
Port
4. Hiroo 62 206 297 69 - -- - SMAC-B
JMA,BRI
5. Tomakomai 26 63 64 21 - - -- SMAC-B?
Port
6. Nishikioka g5 77 58 25 107 67 40 SMAC-B2
Br.
7. Shimamatsu- 105 115 95 38 - -- -- SMAC-Q
zawa Br.
8. Chiyoda Br. 112 48 53 10 (P) 53 95 15 SMAC-B2
(A) 43 46 15
9. Sappore 130 (274) (318) (51) (299) (377) {92) SMAC-Q
1.C. Br.
10. Sapperao 130 72.5 66 30 - - - SMAC-M
Hokkaido Y.
11. Muroran 130 138 169 a4 . - -= SMAC-B2
Port
12. Ishikari 151 35 43 15 83 48 15 SMAC-B2
Estuary Br.
13, Otaru Port 168 15 18 4 -- - - SMAC-B2
14. Otanoshike 170 18 .14 3 - - - SMAC-B2
Br. [

Notes: (1) & denotes an epicentral distance equal to the distance between an observation station
and the epicenter, the center of the octagon of the main shock is shown in figure 2.

(2) Records are taken by Hokkaido Development Bureau, Port and Harbour Research Institute,
and Building Research Institute.

(3) Accuracy of Sapporc I.C. Br. Instruments s under study.
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Table 2. Damage Statistics (Hokkaido)
) As of April 2, 1982
Damage Damage Cost T
Damages To Quantity (Million Yen) Remarks
Fatality 0 _—
Inhabitants Serious Injury 21
S1ight Injury 146
Collapse 13 95
Residential Half Collapse 30 123
Houses Partial Failure 670 185
Non-residential Lollapse 14 68
Houses Half Collapse 8 10
Agriculture Facilities 113 482
and Cattle )
| River 49 470 (
Highway 33 726
Bridge 5 358
PubTic Works
Coast 10 155
and Facilities
Port 24 1,015
Slope 2 1,118
City 2 13
Fishery 33 23
Forestry 73 121
Sanitary, FaciTities 29 85 Including
| Water Supply
Commercial, Industrial Facilities 1,433 1,437
School 127 141
Social Welfare 18 14
| _Telephone 9 100
Railroad (JNR) 156 850
Electricity 142 33
Others 37 140
Grand Total 3,102 7,762
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Photo. 2 Damage to Slope along National Highway
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Photo. 9 Damage to Pier 2 of Shizunai Bridge, seenn from
Up-stream of Pier 1 side.

Photo., 10 Damage to Pier 6 of Shizunai Bridge, seen from
Fraw I,
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Pheto. 13

Damage to Pier T of
Shizunai Bridge,
Iight Horizontal
Cracking is Seen.
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LINEAR VERSUS MONLINEAR BEHAVIOR OF CABLE STAYED BRIDGES
John F. Fleming
Associate Professor of Civil Engineering
University of Pittsburgh
Pittsburgh, PA
ABSTRACT
The first modern cable stayed bridge was constructed in Sweden in 1955, Since that time over
100 major bridges of this type have been built throughout the world. One of the major difficulties
which many designers must face, when confronted with the task of designing a structure of this type,
is a Tack of knowledge of how they behave under static and dynamic design loads. It is well known
that cables exhibit a nonlinear force-elongation relationship due to the change in sag with axial
load. The purpose of this paper fs to describe the results to date of an ongoing investigation into
the effect of nonlinear behavior upon the overall static and dynamic response of cable stayed
bridges. Mathematical models representing several actual or proposed bridges, under a variety of

static and dynamic loads, were considered in the study.

NONLINEAR STATIC ANALYSIS

The static displacements for a linear structural system can be easily computed by solving the
set of linear simultaneous stiffness equations:

(k1 {D} = {w} (1)
in which [X] is a matrix containing the stiffness influence coefficients for the structure, {D} are
the joint displacements and {W} are the static joint Tcads. The terms in the matrix [K] can be
computed by summing the stiffnesses of the individual members at each joint in the structure. The
terms in [K] are constants which do not change as the linear structure deforms.

For a nonlinear structural system the stiffness of the structure changes as the structure
deforms, therefore, the terms in the matrix [K] change as the load is applied. This greatly compli-
cates the analysis of the structure since it is usually not feasfbie to algebraically solve the set
of nonlinear simultaneous stiffness equations corresponding to egquation {1). For most structures it
s necessary to resort to some sort of numerical solution to determine the displacements.

Several approaches may be used to obtain a numerical solution for the static displacements and
stresses in a general nonlinear structural system. Two procedures which are well suited for applica-
tion to complex multi-degree of freedom systems are an Incremental Approach and an Iterative

Approach.
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In an Incremental Apprecach the total load is applied in small increments, assuming that the
stiffness of the structure remains constant during the application of each load increment. The
stiffness of the structure is recomputed corresponding to its deformed shape at the end of each load
increment. The total displacements are cbtained by adding the values which occur during a load
increment to the values at the beginning of the load increment. If the total Toad fs applied in a
large number of increments, so that the change in stiffness over any load increment is relatively
small, this approach can give an acceptable engineering solution. A graphical representation of this
procedure is shown in figure 1. It can be seen that the error accumulates for each step. If the
total number of increments is sufficiently large, however, the accumulated error can be well within
the Timits of acceptable engineering accuracy.

In an Iterative Approach the total lecad is applied in one increment. The displacements are
initially computed using the tangent stiffness of the undeformed structure, however, the stiffness is
then recomputed corresponding to this deformed shape before the member end loads are computed. Since
the final stiffness used to compute the wmember end Toads differs from the fnitial stiffness used to
compute the joint displacements, equilibrium will not be satisfied and unbalanced loads will exist at
the joints. These unbalanced loads must next be applied as a new set of joint Toads, with the
corresponding change in displacements being computed using the stiffness corresponding to the new
deformed position of the structure. The final solution can be cbtained by iterating until the
unbalanced forces at the end of a Toad cycle are smaller than an acceptable tolerance limit. A
graphical representation of this procedure is shown in figqure 2. This approach is very similar to
the classical Newton-Raphson Method for solving nonlinear equations.

In the static analysis procedure used in this investigation, a Combined Approach was used, in
which the unbalanced loads were applied incrementally during each iteration cycle. This results in

faster convergence.

SOURCES OF MONLINEAR BEHAVICR

Under normal static design Toads the material in a cable stayed bridge can be considered to
remain elastic, however, the overall load-deformation relationship may be nonlinear. Three sources
of nonlinear behavior have been proposed by previous investigators. These are: the nonlinear sag
tension relationship for the inclined cables; the interaction of the bending deformations and high
axial forces in the towers and longitudinal deck members; and the overall changes in geometry which
occur in the structure under normal design lcads.

It has been shown in an investigation at the University of Pittsburgh [1, 2, 31, using

mathematical models representing actual or proposed bridges, that under normail static design loads
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the effects of both the change in geometry of the structure and the axial-bending interaction in the
towers and deck members is negligible. The primary source of nonlinear behavior is the sag in the

cables, therefore, only this effect will be considered in the remainder of this discussion.

COMPUTATION OF STRUCTURAL STIFFNESS
In order to use the Combined Approach to compute the displacements and member end Toads, it is
necessary to compute the structure stiffness matrix, [K], corresponding to the deformed shape of the
structure after each load increment is applied. Since [K], for any structural system, 1s obtained by
adding the individual member stiffnesses at the joints, it is therefore necessary to express the

stiffness of the individual members in terms of the deformed shape of structure.

STIFFNESS OF CABLES

When an axial tension force is applied to the ends of a cable, the ends will move relative to
each other along the axis of the cable., For other types of tension members this relative movement is
usually due entirely to the elongation of the member resulting from the strain in the material. For
a cable, the relative end movement is the result of three distinct actions in the cable. First,
there is a change in strain in the cable material. This change in strain can be considered to vary
YTinearly with stress, under normal static design loads, and is governed by the modulus of elasticity
of the material. Second, there is a change in the sag of the cable, exclusive of material strain.
This change in sag is strictly a geometric effect and is governed by the length of the cable, the
weight of the cable, and the tension farce in the cable. The sagged shape of the cable is a
catenary, for which equations are given in many elementary mechanics textbooks. This change in sag
varies nonlinearly with the change in the tension force in the cable. Third, there is a rearrange-
ment of the individual wires in the cable cross section under changing Toad. This deformation is
known as constructional stretch. Part of this deformation is permanent, and is usually eliminated
by the cable manufacturer by prestretching the cable to a load greater than the working load during
the manufacturing process. The nonpermanent part of this deformation, which results from untwisting
of the helically wound wires under applied load, can be compensated for by using a reduced effective
modulus of elasticity of the cable material. For example, ASTM Specification A536 states that the
effective modulus of elasticity for prestretched helical strand should be taken as 23 to 24 million
pounds per square inch, depending upcn the diameter of the strand. The actual material modulus is
approximately 29 million pounds per square inch., This effective modulus is assumed to be independent

of the tension in the cable.
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The total apparent change in length of a cable is a result of the sum of the three previously
described effects. Therefore, since the sag varies nonlinearly with the axial tension force in the
cable, the axial stiffness of the cable will also vary in a nonlinear manner. A convenient method
for considerinQ the nonlinearity in the inclined cables is to consider an equivalent straight chord
member, as shown in figure 3, with an equivalent modulus of elasticity which combines both of the
gffects of material and geometric deformations. An expression for this equivalent modulus, as
“derived by Ernst [4] is:

) Eeq = Eef/[14[ (wH)2AEef/1273]] (2)
whe(e Eeq 1s the eguivalent modulus, Eef is the effective modulus of the cable incTuding stranding
effécts as described previously, w is the weight of the cable per unit length, H is the horizontal
projected length of the cable, A ¥s the cross section area, and T is the tension force. This equiva-
Tent modulus can be used to express the stiffness of any cable member, [Kmlc, in the local member
coordinate system shown in figure 4 in the form:

AEeq/Lc -AEeq/Lc
-Abeq/Lc AEeq/Lc}

[kmlc =

where Lc is the chord length of the cable member.

Stiffness of Bending Members

The stiffness of a typical three-dimensional frame bending member, [Kmlb, can be expressed as a

12 by 12 member stiffness matrix, in the Tocal member coordinate system shown in figure 5 in the

form:
(K(1,1) k(1,2) ... Kk1,12)]
k(2,1)  k(2,2) ... k(2,12)
[kmlb = . . . (4)
K(12,1) k(12,2) . . . K(12,12)]
in which
k(1,1) = k(7,7) = -k(1,7) = -k{7,1) = AE/L | (5a)
k(2;2) = k(8,8) = -k(2,8) = -k(8,2) = 12EIz/L3 ‘ (5b)
k(3,3) = k(9,9) = -k(3,9) = -k(9,3) = 12E1y/13 ‘ (5¢)
k(2,6) = k(6,2) = k(2,12) = k(12,2) = -k(6,8) |
= -k(8,6) = -k(8,12) = -k(12,8) = 6EIz/L2 (5d)

k(3,5) = k(5,3) = k(3,11) = k(11,3) = -k(5,9)
= -k(9,5) = -k(9,11) = -k(11,9) = 6Ely/L2 (5e)
k(4,4) = k(10,10) = -k(4,10) = -k(10,4) = GKt/L ~ (5F)
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k{5,5) = k(11,11) = 4Ely/L / (59)
k(6,6) = k(12,12) = 4E1z/L (5h)
k(5,11) = k(11,5) = 2Fly/L {51)
k(6,12) = k(12,6) = 2Ez/L (5§)

where E is the material modulus of elasticity, L is the member Tength, A is the cross section area,
Iy and Iz are the moments of inertia of the cross section about the local principal y and z axes,
respectively, and Kt is the torsional constant for the cross section. The bending stiffness is

assumed to be independent of the Toad on the members, as described previously.

STATIC ANALYSIS COMPUTER PROGRAM

A computer program which uses the analysis procedure just described has been developed on the
University of Pittsburgh DEC PDP-10 Computer System for analyzing three-dimensional cable stayed
bridge structures under static dead and live load and user specified initial cable tensions, The
Combined Appreach is used to reduce the unbalanced loads in the system to an acceptable user speci-
fied level. The overall stiffness matrix for the system is recomputed at the beginning of each load
increment in order to account for the nonlinear behavior of the system. Extensive studies, using
mathematical models representing several actual or proposed bridges, have shown that it is usually
sufficient to divide the unbalanced load into three increments during the first iteration cycle and
then to apply the remaining unbalanced load in one increment for each succeeding cycle. The program

has been developed so that the user can specify the number of Toad increments to be used,

NONLINEAR DYNAMIC ANALYSIS
The equations of motion for a Tumped mass system subjected to a set of concentrated dynamic
loads can be written in the form:

Te1{A} + [CI{v} + [KI{D} = {W(t)} (6)
where [M], [C], and [K] are the mass matrix, the viscous damping matrix, and the stiffness matrix of
the system; {D}, {v}, and {A} are the displacements, the velocities, and the accelerations corres-
ponding to each dynamic degree of freedom at the mass points; and {W(t)} are the externally
applied dynamic loads. If the variation of the loads is known with time, the displacements can be
computed by solving the set of differential equations represented by equation (6). It will be found,
nowever, that for most dynamic Toads which are considered in the design of bridge structures, such
as wind or seismic ground motion, it is not feasible to obtain an exact algebraic solution for the
displacements., In a cable stayed bridge the solution procedure is further complicated by the

changing stiffness of the cables, as described previously, thus, resulting in a variation of the
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stiffness.matrix [K] as the structure deforms. The only practical approach is to use some type of
numerical procedure to solve the equations of motion.

Many different numerical procedures have been presented in the literature. Several popular
methods, which have been shown to give acceptable results for the solution of structural dyramics
problems are: the Average Acceleration Method [5]; the Newmark Beta Method [6]; and the Wilson Theta
Method [7]. Each of these is a single step forward procedure, therefore, the change in stiffness of
the structure can be easily considered by recomputing the stiffness matrix [KJ] corresponding to the
deformed shape of the system at the beginning of each time step during the solution process. The
change in the stiffness of the cables can be considered by using the equivalent modulus given

previously in equation {2). This process has been used in the investigation reported here.

BEHAVIOR OF CABLE STAYED BRIDGE STRUCTURES
In order to investigate the behavior of cable stayed bridges, under static and dynamic loads, a
number of analyses have been performed for several mathematical models with properties simiTar to

actual or proposed bridges.

STATIC BEHAVIOR

The first results which will be presented correspond to & set of analyses designed to
investigate the static behavior of cable stayed bridges under normal design loads. Figures 6 and 7
show the variation of the normalized vertical deflection at center span, with the static uniform
deck load, for the mathematical modeTs shown in figures 8 and 9, respectively. The mathematical
model shown in figure 8 has the cables acting in two planes on either side of the roadway and has
properties similar to the Luling Bridge located in Louisiana. The bridge represented by the mathema-
tical model shown in figure 9 has & single cable plane in the center of the roadway and has proper-
ties similar to the proposed Weirton-Steubenviile Bridge across the Ohio River. The individual
curves in figures 6 and 7 correspond to different values of the initial cable tensions, ranging from
0.25 to 2.0 times the full design values for each cable.

These curves show that the load-displacement re]ationsﬁip is nonlinear for low values of the
uniform deck load, however, as the load is increased up to a maximum of five times the full dead
load, the relationship becomes more 1inear. For loads equal to the full dead Toad, or ¢reater, the
relationship s essentially linear for all initial cable tensions considered. For long span bridges
the majority of the static design Toad is usually the dead load of the structure, therefore, the
maximum loads considered in these analyses are much larger than any loading which might be expected

under normal operating conditions. The nonlinear effect also decreases as the initial cable tension
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is increased. Similar results were obtained for the cther mathematical models which were considered
in the investigation for other computed quantities, such as: the horizontal displacement at the top
of the towers; the moments in the deck or the towers; and the final cable tensions [2].

The results of these analyses lead to the conclusion that a cable stayed bridge structure does
behave in a nonlinear manner for Taow Toads, however, after the full dead load deformed position has
been reached, the structure can be considered to behave linearly. The tension in the cables appar-
ently reaches a value such that the equivalent modulus, given in equation {2), can be considered to
remain constant. This indicates that the stiffness of the structure, which is represented by the
slope of the curves shown in figures 6 and 7, can be considered to be constant for static or dynamic
live loads. This means that 1inear analysis techniques, such as influence Iines for static loads
and the Response Spectrum Method for dynamic Toads, are applicable to this type of structure, start-
ing at the dead load deformed peosition. However, if an accurate solution is to be achieved, the
nonTinear behavior of the structure under the initial dead load should he considered to arrive at

the correct stiffness to be used in the linear analysis.

DYNAMIC BEHAVIOR

In order to investigate the dynamic behavior of cable stayed bridges, several time history
analyses were performed, for a mathematical model representing an actual bridge, for several dif-
ferent dynamic loadings [8, ¢]. One of the loadings which was considered was the ground motion due
to the vertical component of the May 18, 1940, El Centro, California Earthquake. The purpose of the
time history analyses was not toc investigate the Tevel of stress produced in the structure, but
rather to investigate the degree of nonlinear behavior. It was assumed that the material in the
bridge remained elastic during the dynamic response. The only source of nonlinear behavior which
was considered was the cable sag.

The mathematical model considered for the time history analyses was a single load bearing plane
of the Norbruke Bridge in Dusseldorf, Germany as shown in figure 10. The mathematical model con-
sisted of 22 nodes and 31 members; The mass was assumed to be Tumped at the nodes and only the
translational degrees of freedom were considered.

In order to perform a dynamic time history analysis, the stiffness of the structure must be
known for any deformed position of the structure during the response. It was assumed in the analyses
reported here that the structure started at rest in the dead load deformed position. Therefore,
before a dynamic analysis could be performed it was necessary to perform a static analysis to compute
the stiffness of the structure under the static dead load., The static analysis procedure described

previously was used.
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Three distinct types of analyses were performed consisting of the following combinations of

static and dynamic analysis; Tinear static analysis to compute the structure stiffness in the static
"dead load deformed position and linear dynamic analysis, in which the stiffness is assumed to remain
constant, hereafter denoted as Linear-Linear; nonlinear static analysis and linear dynamic analysis,
hereafter denoted as Nonlinear-Linear; and nonlinear static analysis and nonlinear dynamic analysis,
in Which the stiffness is recomputed corresponding to the deformed shape of the structure at the
beg%nning of each dynamic time step, hereafter dencted as Nonlinear-Nonlinear. The combfination of
Tinear static analysis and nonlinear dynamic analysis was not considered.

Figure 11 shows the variation of the undamped vertical displacement of the deck at center span,
for the three types of analyses just described, for the E1 Centro ground moticn. It can be seen that
the Nonlinear-Linear and Nonlinear-Nonlinear analyses gives almost identical results, which vary
considerably from the Linear-Linear analysis. SimiTar results were obtained for the variation of the
tension in one of the cables as shown in figure i2. Again, the plotted points for the Nonlinear-
Linear and Nonlinear-Nonlinear analyses fall almest on top of each other and are dist%nctly different
than the Linear-Linear analysis. The results of these analyses, and several other analyses which
were performed for both a simulated dynamie wind leading and a moving traffic load [8], indicate that
although a nonlinear static analysis is required to obtain the stiffness of the structure in the dead
load deformed position, a 1inear dynamic analysis will suffice starting at this position. This is an
important conclusion since a linear time history dynamic analysis is much simpler and more economical
to perform than a noniinear analysis. Also, this permits the use of strictly Tinear analysis
techniques, such as the Response Spectrum Method. The application of this procedure to the dynamic
analysis of cable stayed bridges is presently being investigated in the research program being

performed at the University of Pittsburgh.

SUMMARY AND CONCLUSTIONS
It has been shown that even though a cable stayed bridge does behave in a nonlinear manner under
applied toad, it can be considered to be a Tinear system for static or dynamic Tive Toads. The
stiffness of the system increases as the 1oad.Ts increased until it reaches essentially a constant
value under the action of the full dead Toad. Starting at the dead load deformed position linear
analysis procedure can be used to determine the response of the bridge under static or dynamic Tive

1oads.
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