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PREFACE

Research, design and construction activities in the repair and retrofit of structures
for earthquake resistance both in Japan and the United States have been increasing
rapidly over the last decade. One way to maximize the benefits of research and
experiences of others is to share them at an early stage of development and discuss
alternative approaches and techniques. This was the purpose of the US/Japan Co-
operative Research Program in Earthquake Engineering on Repair and Retrofit of
Structures sponsored by the National Science Foundation through grant number
CEE-7816730 to The University of Michigan.

A series of three seminars (May, 1980 in Los Angeles; May, 1981 in Sendai and
Tsukuba, Japan; and May, 1982 in San Francisco) were held to share and discuss
research results and field experiences. The Proceedings of these three seminars have
been published in three volumes. A fourth volume contains an English translation of
several Japanese reports on evaluation of earthquake resistance of existing buildings
prepared for Shizuoka Prefecture as port of their Earthquake Hazard Reduction
Program.

The financial support of the National Science Foundation, and the personal efforts
by Dr. John B. Scalzi, NSF Program Manager, in establishing this program; the
contributions of Mihran S. Agbabian ond James Warner in organizing the Los An-
geles meeting and field trip; and the contributions of Loring A. Wyllie, Jr. and Oris
H. Degenkolb in organizing the San Francisco meeting and field trip are sincerely
appreciated. The meeting and field trip in Japan was organized by Dr. Makoto
Watabe and by Dr. Masaya Hirosawa who receive the sincere thanks and appre-
ciation of all US participants.

The opinions, findings, conclusions and recommendations expressed in these vol-
umes are those of the individual contributors and do not necessarily reflect the views
of the NSF or other private or governmental organizations.

Robert D. Hanson
Ann Arbor, Michigan
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L Sunday, May 17, 1981
: 9:00 a.m. - TLeave Hotel

9:00-12:00 m. - Visit to Tohoku Institute of Technology
(Micro bus) (Explanation by slides and dis-
cussion at T.I.T.)

12:00~ 1:00 p.m. - Group Lunch

1:00-4 p.m. - Visit to Izumi High School {Micro bus)
5:19 p.m. ~ Leave Sendai (Express "Tokiwa 1le&")
10:08 p.m. -~ Arrival at Tsuchiura (Micro bus)

10:50 p.m. ~ Arrival at Tsukuba Hotel {(Xenshu Kaikan)

Schedule for Seminar at BRI, Tsukuba

Monday, May 18, 1981
9:00 a.m. - Opening Session - H. Takebayashi, R. D. Hanson

9:10 a.m.=-12:30 p.m. - Session I Co-Chairmen: M. Hirosawa,
R. D. Hanson

Development of Retrofit Guidelines for Highway Bridges
by J. D. Cooper

Introduction to an Earthguake Evaluation Test for
Effects to Retrofit of Reinforced Concrete
Bridge Pier Elements by S. Kobayashi

Considerations for Retrofitting Bridges by
Q. H. Degenkolb

Development of Post-Earthquake Measures for Buildings
and Structures Damaged by Earthgquakes by
E. Kuribayashi
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Criterion on the Evaluation of Seismic Safety of
Existing Reinforced Concrete Buildings by
M. Hirosawa

Seismic Resistance of Interior Partitions by
M. S. Agbabian

Experimental Studies on Retrofitting Reinforced Concrete
Structural Members by Y. Higashi

Epoxy Repair Concrete Components under Fire Exposure
by J. M. Plecnik

Discussion

Lunch

1:00 p.m. - Visit to Test Laboratory (S. Okamoto)
Full-scale test specimen of seven—-storied

building US-Japan Cooperative Research
Program
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INTRODUCTION

The second joint meeting of the US/JAPAN Cooperative Research
Program in Barthquake Engineering on Repair and Retrofit of Structures
was held in Sendai and Tsukuba, Japan from May 16 through May 18,
1981. This meeting was held immediately preceding the Thirteenth
UJNR Panel on Wind and Seismic Effects meeting in Tsukuba. This -
schedule permitted the attendance of more US governmental represen-
tatives than would be possible for a separate meeting.

Fourteen US members and five Japanese members participated in
the study tour to Sendai on May 16 and 17, 1981l. The tour schedule
is summarized later as part of the PROGRAM. Two retrofitted bridges
{Sendai~Ohhashi, Abukuma-Chhashi) and two retrofitted schoel build-
ings, which were damaged by the 1978 Miyagi-ken-oki earthguake, were
studied and detailed explanations were given by the persons concerned
with the repair and retrofits.

a. Both Sendai-Ohhashi and Abukuma~Ohhashi were strengthened by an
increasing sectional area of piers with reinforcing bars,
injecting epoxy adhesives in the cracked sections and strengthen-
ing damaged supports with additional concrete.

b. Building No. 6 of Tohhoku Institute of Technology was strength-
ened by reinforcing damaged columns, disconnecting spandrel
walls at the columns, by constructing steel cross braces in
the longitudinal direction, and by constructing new shear walls
in the transverse direction.

¢. Buildings of Izumi High School were strengthened by reinforcing
damaged columns and by constructing new shear walls.

Nineteen US members and twenty-six Japanese members attended
a one day technical seminar held at the Building Research Institute
in Tsukuba on May 18, 198l1. Sixteen papers were reported and
thoroughly discussed as detailed in the PROGRAM.

PROGRAM
Schedule for Field Trip to Sendai
Saturday, May 16, 1981
7:30 a.m. - Leave Hotel for Ueno Station
8:33 a.m. - Leave Ueno (Super Express "Hatsukari 3")
12:48 p.m. - Arrival at Sendai

12:50 p.m. - Visit to Abukuma-Ohhashi and Sendai-Ohhashi
(Explanation by slides and discussion at Tohoku
Bureau, Ministry of Construction)

5:00 p.m. - Arrival at Hotel (New City Hotel)

7:00 p.m. -~ Group Dinner
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Tnformation exchange through the seminar is considered to be

very important to maximize our knowledge within limited

budgets.

The next meeting of this cooperative exchange should be

scheduled for Hawaii in 1982.

PARTICIPANTS

List of Participants to the Second Joint Meeting

{ U.S.A. )
M.S.Agbabian
V.V.Bertero
J.D.Cocper
0.H.Degenkolb

G.F.Fuller

R.D.Hanson

L.F.Kahn
H.S.Lew
R.D.McConnell
J.M.Plecnik
J.Warner
L.A.Wyllie

L.Lund

C.W.Pinkham
L.G.Selna
R.N.White
J.B.Scglzi

L.Wang
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Agbabian Associates

University of California at Berkeley
Federal Highway Administration

Highway Department, State of California
Department of Housing and Urban Development
University of Michigan

Georgia Institute of Technology

National Bureau of Standards

Veterans Administration

California State University at Long Beach
Consulting Engineer. Member of EERI
H.Degenkolb and Asscciates

Department of Water and Power, City of Los
Angeles

S.B.Barnes and Associates

University of California at Los BAngeles
Cornell University

National Science Foundation

University of Cklahoma
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2:00 p.m. = Session II Co-Chairmen: J. D. Cooper, S. Okamoto

Guidelines for Retrofitting of Existing Reinforced Concrete
Buildings by S. Sugano '

Repair and Strengthening of Masonry by L. F. Kahn

Strengthening Effect of Eccentric Steel Braces to Exist-
ing Reinforced Concrete Frames by S. Kawamata

Seismic Evaluation and Strengthening of Existing
Multistory Residential Buildings by G. R. Fuller

4:00 p.m. ~ Session IITI Co-Chairmen: V. V. Bertero, ¥. Higashi

Retrofitting of Medium-Rise Reinforced Concrete Housing
Structures by M. Hirosawa

Strengthening Existing Concrete and Masonry Buildings
for Seismic Resistance by L. A, Wyllie, Jr.

Earthguake Damage at Izumi High School in 1978
Miyvagi-ken-cki Earthquake and Methods of Repair
and Strengthening by H. Imai

Soil Modification to Reduce the Potential for Liquefac-
tion by J. Warner

Veterans Administration Seismic Correction Program
by R. D. McConnhell

Effects of Infills in Seismic Resistant Buildings
by V. V. Bertero

6:20 p.m, - Closing Session - R. D. Hanson, M. Hirosawa

6:30 p.m. - Group Dinner at Ushiku Chateau

SUMMARY

Thorough discussions followed each presentation to expand
and clarify the reported material. It was recommended that the time
for the technical sessions be expanded in corder to more fully
explore common areas of interest in more detail. Because the
closing session was no short no formal resolutions were proposed
or approved. However, the following specific ideas generated from
the meeting were noted.

a. Most structures damaged by recent earthguakes had been
repaired and strengthened with or without related analyses.
However, most of these works were executed without using
standard guidelines.

b. Many existing weak or important structures have been or will
be repaired and strengthened according to proposed guide-
lines.
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DEVELOPMENT OF RETROFIT GUIDELINES
FOR HIGHWAY BRIDGES

James D. Cooper
Federal Highway Administration
Washington, U. C.

Richard V. Nutt
Ronald L. Mayes
Applied Technology Council
Berkeley, California

ABSTRACT

Much recent attention has been given to the development of seismic gesign
guidelines for highway bridges. Unfortunately most existing bridges in the
United States have not been designed to resist potentiaily devastating earth-
quake induced ground motion. Those existing bridges designed by then state-
of-the-art seismic design methods have weaknesses which may require strengthening
or retrofitting to reduce the susceptibility to seismically induced damage.
Although limited retrofit information is available in the literature, a con-
certed effort is being made to develop general retrotit guidelines applicable
for use in the United States.

This paper highlights vulnerable details associated with ex1§t1ng bridges
and presents general retrofit concepts developed to date. A summary of retro-
it philosophies developed by several organizations is presented. Finally,
issues which must be resolved and will form the basis for the development of
retrofit guideiines for existing highway bridges are discussed.
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INTRODUCTION

Significant earthquake engineering research has been initiated by many

organizations during the past three decades. Structural analyses, designs,

building codes, and specifications have been refined and updated to provide

the engineer with the necessary tools to design and construct medern build-
ings to resist the forces developed during periods of strong earthquakes.

. While research had been conducted to better understand building pertormance,
'ﬁé little research had been conducted in the United States prior to the 1971
San Fernando earthquake to insure the satisfactory seismic performance of

i e

highway structures. Since 1971, researchers have focused their attention on
the conduct of studies to improve the seismic resistance of both new and
existing highway bridges.

The highway network is a vast, sprawling, existing system which forms
necessary and vital links between cities and towns across the country. The
interstate system of roads extends approximately 41,000 miles and has about
47,000 bridges in the network. Added to that is another 89,000 bridges on
the primary system. With very few exceptions, existing highway bridges in
the United States have not been designed to resist motions and forces that
may be generatea by the occurrence of earthquakes in the surrounding areas.

L e ke

As a result, many bridges may be expected to fail in some major way during
their remaining 1ife if subjected to strong motion seismic loads. Cbviously,
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the exposure ot the network of roads and bridges to seismic hazards varies
greatly across the country. Specifically, bridges form the critical Iinks

in the road network and are most susceptible to seismic induced damage. They
also represent the greatest economic risk if destroyed or damaged.

Two approaches can be taken to improve the seismic resistance of the
highway network. One approach requires an investment of time to upgrade
seismic resistance while the other regquires large sums of money. First,
design standards can be upgraded as more knowledge is gained about the
response of these specialized transportation structures to seismic activity.

New standards can be applied as older bridges are removed from service because
they are either structurally unsound or functionally obsolete. f[his approach,
although time consuming, is economically feasible and should be pursued.




The second approach involves identifying those existing bridges which
are important to the network and are susceptible to significant damage or
coliapse in the event of an earthquake. Those structures could be strengthened
or retrofit to enhance their response to seismic activity. This approach
might prove quite costly and consequently economically infeasible.

What is requireg is a balanced approach to harden the highway system
against seismic attack. This can be accomplished by upgrading those
structures which form critically vital links in the network and are vulnerable
toc damage while at the same time imposing new seismic design standards on
bridges which are being replaced.

Specifically this summary paper is intended to focus on the proposed
development of a set of retrofit guidelines for use on highway bridges.
‘Vu1nerab1e bridge details are identified. Retrofit concepts previously
developed are highlighted and are available in other reports and publications
listed in the references. Published retrofit philosophies develioped and
used by several organizations and countries are summarized.

VULNERABLE DETAILS
Site investigation following earthquakes which cause structural damage

and failure has become a necessity to gain insight into failure modes of highway
bridges. Based on past earthquake damage investigation and analysis, rational
retrofit procedures have and can be developed to insure the structural integrity
of the highway system during periods of ground motion. Investigation of
numerous earthquakes has pointed to the following general types of damage that
most often occur to bridges during seismic attack.

. displacement and tilting of piers

. displacement, cracking and dislodging of supérstructure girders

. displacement, settlement and tilting of abutments

. concrete crushing at the supports

. bearing anchor bolt pullout or shearing deformations

. settiement, sliding and tilting of wingwalls

. bearing instability and failure

. expansion joint damage

. settlement of approach slabs
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The general types of damage to conventional bridges to be expected in
future earthquakes can be grouped into two categories which lead to bridge
failure. They are substructure failures (column, pier, or abutment) which
lead to loss of support capacity, and superstructure collapse due to
axcessive relative motion at supports. Both types of failure result from
the types of damage documented above. Structural failure and damage to
bridges may also be caused by inadequate foundation strength or load-bearing
degradation during the course of seismic loading. Soil liquefaction is an
example of this failure mode.

Specific retrofit details have been developed based on the observed
failure modes mentioned above. Specific details are available in other
reports but general concepts developed to date are presented below.

RETROFIT CONCEPTS
Specific retrofit concepts must be based on feasibility and practicality.
It is important to emphasize that seismic and structural considerations are

not the only ones that need to be considered in the overall bridge retrofit
decision process. Other decision factors entering the process are the
importance of the bridge to the given locality based on the type of highway,
traffic volume and accessibility of other crossings, and replacement or
repair costs based on estimated damage including lost time.

A brief summary of some retrofit measures are given below.

. Restrict longitudinal, vertical, and lateral relative displacements
of the superstructure at expansion joints and bearing seats, by means
of cables, tie bars, shear keys, extra anchor bolts, or metal stoppers.

. Restrict rigid body motion of the superstiructure by connecting it with
high strength steel cables to a supporting or an-adjacent foundation
or pier cap, enlarging bearing areas, or placing stoppers at edges of
bearing areas.

. Reduce induced vibrations by instaliation of energy absorbing devices
such as elastomeric bearing pads at bearing seats, or adaptation of a
"shock absorber" type of damper which allows slow movement such as
displacement due to creep, shrinkage, and temperature change with
negligible resistance but develops a large resistance in the event
of a rapid displacement.




. Strengthen substructure elements cuch as increasing the strength of

an existing column by adding longitudinal and spiral reinforcement

to the exterior of the columns, then bonding the added reinforcement

with a new layer of higH strength concrete using pressure grouting

procedures and/or gunite. The added longitudinal reinforcement could

also be exiended into the cap and the footing thus increasing the

flexural strength of the column-to-cap and column-to-footing connections.
There are many variations in detail when actually implementing the retrofit
concepts identified above. The designer must be given general guidelines to
adapt the concepts to the specific structure in question.

SUMMARY OF
BRIDGE SEISMIC RETROFIT PHILOSOPHIES AND EXPERIENCE
There is a very limited amount of published material available that is

directed specifically toward the problem of seismic retrofitting of bridges.
The California Department of Transportation (CalTrans) has been a leader in

the area of bridge retrofitting and is the only State to carry out an extensive
construction program. The IIT Research Institute has conducted research on
bridge retrofitting for the Federal Highway Administration and two countries,
Japan and New Zealand, have published material describing their approaches to
the retrofit problem. The following paragraphs summarize the philosophies of
each of these four organizations and countries.

California Depariment of Transportation

Following the 1971 San Fernando earthquake, CalTrans undertook a program
to strengthen seismically deficient bridges. Many structures were deficient and
it was not economically feasibile to strengthen all of them to new design
standards. Efforts were directed toward the most cost effective retrofit
concepts, These retrofit concepts consisted of elastic restrainers designed
to prevent separation of the sections of a bridge structure at the expansion
joints. These restrainers were relatively inexpensive and prevented failure
by reducing the chances of support loss at the expansion joints. and by dis-
tributing forces more uniformiy to the columns.




In selecting bridges for retrofitting, a prioritizing system was
developed, but final retrofitting decisions relied heavily on engineering
Jjudgment. Initially structures on major lifeline routes within densely
populated areas were strengthened. Second to be retrofit were those
less critical structures iocated.within the same densely populated areas.
Finally, those seismically deficient bridges in less populated areas will
be retrofitted.

Restrainers are designed to resist a minimum force level based on the
weight of the lightest member being restrained. Higher force levels are
used if predicted by a dynamic analysis. In many cases several dynamic
analyses are performed with different parameters and the results tempered
with judgment to obtain the correct design forces. Physical tests were
performed to determine the capacity of the restrainers most commonly used
by CalTrans.

Column retrofitting to increase availabie ductility is being considered

by CatTrans although no construction has taken place. The schemes under

consideration are designed to increase concrete confinement in the area

of plastic hinges. Inadequate bond length of main reinforcement is also a
problem with some CalTrans structures, Oetails have been developed but have
not been implemented.

11T RESEARCH INSTITUTE

The I1linois Institute of Technology Research Institute conducted a
study on bridge retrofitting for the Federal Highway Administration. In this
study three steps of the bridge retrofit decision process were identified and
studied. These steps include:

1. A determination of the susceptability of the existing bridge to a
critical failure resulting from an earthquake loading.

2. A determination of the level of importance of the bridge to-the given
locality. _

3. A determination of the type of retrofit measures to employ.

To determine the relative degree of vulnerability of a bridge to failure,
preliminary assessment of critical structural factors is proposed. Bridges



which have. a predetermined structural factor value require further analysis
to more accurately establish their vulnerabiiity. A simplified analysis
method was developed and subsequently modified du%ing the course of the
project. This method reduces a bridge to an equivalent single degree of
freedom system. Limit states are defined which represent catastrophic
failure so that the results of this analysis can be systematically inter-
preted to establish the vulnerability of the structure. ,

A method was developed fcr establishing the criticality or importance
of a bridge. A numerical value is assigned to each bridge to reflect its
relative importance in terms of administration/transportation systems effects;
social/survival effects; security/defense effects; and economic/personal
effects. The criticality of a bridge is compared with its structural integrity
to determine if the bridge warrants retrofitting.

In determining the type of retrofit measures to be used, the type of
failure modes and damage experienced by highway bridges in previous earthquakes
was considered. Failures are categorized as either loss of substructure
strength and/or stability of excessive relative movement at the bearings.

Eight retrofit measures were identified. The analytical determination of
forces to be used in the design of these retrofit measures was not covered in
the study. In an actual design it was proposed that these forces be determined
from a seismic analysis.

JAPAN
The Japanese propose a probabilistic approach to the design of retrofit
measures. Bridges are selected for retrofitting based on physical and socio-
economic conditions relating to the bridge. It is proposed that these bridges
be strengthened to have a reasonably small probability of failure but not to
the extent that costs become excessive.
To determine the probability of failure the structural resistance is
assumed to be totally deterministic (i.e. there is no variation in dimension
or material properties that could cause a probable distribution of resistance
levels}. Resistance is assumed to deteriorate at a known rate with the
increased age of the structure. Therefore, at any point in time, the probability
of failure depends only on the probability of a seismic loading that will exceed
the resistance level.




Excessive costs will result if retrofit design is based on force levels
and failure probability used for new bridges. Therefore, it is proposed to
use force levels which will result in a probability of failure consistent with
the remaining service Tife of the structure.

NEW ZEALAND

The draft New Zealand Seismic Design Code for Bridges has a sectien on
the strengthening of existing bridges for seismic loads. This section states
that the need for seismic retrofitting should be established by comparing the
seismic risk with other risks by any one of several techniques such as a cost-
benefit analysis.

The importance of a bridge is established and retrofitting priorities set
by considering several socio/economic factors relating to the bridge. New
Zealand design force levels are described elsewhere in the code and are
dependent on an earthquake return period based on the structure life and
importance. .The design force levels for retrofitting existing bridges are
determined in the same manner as for new bridges except that the remaining
economic life is used in place of the new structure life.

Design for smaller force levels are allowed if it is not cost effective
to strengthen the structure to the full force level. Designers are cautioned
to be aware of the overall behavior of the structure during an earthquake and
the effect strengthening measures might have.

Retrofit measures should conform to the same principles of capacity design
used for new structures. Design details are not specified, but the designer
is instructed to select appropriate details after an adequate site inspection,
review of the design calculations and construction drawings, and an analysis.
Certain methods used to retrofit bridges are summarized.

DEVELOPMENT OF RETROFIT GUIDELINES
The existing highway system has many bridges which either have not been

designed to resist earthquake induced ground motion or have been designed

by older, inadequate seismic design standards. Thus it is necessary to focus
attention on the seismic protection of those existing siructures which are
known to be vulnerable to seismic attack. To accomplish that objective,

the Federal Highway Administration awarded a contract to the Applied Technology



Council (ATC) to develop seismic retrofitting guidelines for highway bridges.
Representative segments of the bridge design and construction profession form
a Project Engineering Panel (PEP), Appendix A, and are participating in the
development of the guidelines.

Seven issues have been raised by the ATC staff and are to be considered
by the PEP to define the scope and general formai of the proposed retrofit
guidelines. Summaries of the seven issues follow. They include a question
foliowed by a brief discussion of the issue. Answers to the guestions have
not been finalized and are presented herein for the purpose of stimulating
additional thought and discussion. Undoubtedly additional issues wiil be
raised throughout the development of the guidelines.

ISSUE 1 - What aspects of the bridge retrofit problem should be addressed by
the guidelines?

The bridge retrofitting problem can be divided into twoc major areas of
concern. The first deals with the evaluation of the seismic resistance of
existing bridges and the selection of bridges to be retrofitted. Since it
may not be economically feasible to retrofit all seismically deficient bridges
to provide earthquake resistance equivalent to new bridges, the selection
process is important if the best use of resources is to be realized. The
second major area of concern is the design of improvements to increase the
seismic resistance of bridges. Because many possible methods of retrofitting
are unproven or excessively expensive, partial strengthening should be con-
sidered. Selection of the appropriate Tevels of seismic performance for
partially strengthened bridges may depend on the evaluation of the existing
bridge. Therefore, it may be difficult to write guidelines that adequately
address the design of retrofit measures without including some method of
bridge seismic evaluation.

ISSUE 2 - What should be included in the guidelines in relation to the evaluation
of existing bridges?

The proper evaluation of the seismic resistance of a bridge depends on
the availability of accurate information about the characteristics of the
bridge, its location, and seismic exposure. Certain information will be required
if a specific evaluation system is to be used. It would be appropriate if the
guidelines were to specify the type of information required.
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Because a large number of bridges exist in the highway systems of some
Jurisdictions, it is impractical to perform a thorough investigation, jnciuding
dynamic analysis, of all bridges in that system. A preliminary screening
method is needed to select only the bridges which have the highest potential
for failure during an earthquake. A method of performing preliminary screening
has been used by CalTrans in their retrofit program. An alternate approach
has also been recommended by IIT Research Institute as a part of their inves-
tigation of the bridge retrofit problem. A method of utilizing concepts
developed by ATC to accomplish the preliminary screening could use the seismic
performance category of the bridge to establish importance and seismicity plus
the characteristics of structural deficiency developed by CalTrans or IIT Research
Institute.

A method of quantitatively rating the seismic hazard of existing bridges
could be used as the basis for a benefit to cost analysis for establishing
final retrofit priorities or for determining the merits of retrofitting a
given bridge to various levels of seismic resistance. In addition, the rating
system could provide a method for considering the remaining life of a bridge.
One possible rating system would first require an analysis to be performed to
determine the effective peak acceleration of a damaging earthquake. The
probability of an earthquake of this magnitude occurring at the bridge site
within the remaining 1ife of the structure could be obtained from peak acceler-
ation maps and probalistic relationships already developed. The importance of
the bridge would be established in terms of a lifeline classification taken from
a table similar to a method used to establish the occupancy potential of existing
buildings in ATC-3-06 {(Tentative Provisions for the Development of Seismic Regu-
lations for Buildings). By multiplying the probability of a damaging earthquake
by the lifeline classification, the relative seismic hazard rating of the
bridge is obtained. This rating can then be used to make retrofitting decisions.

ISSUE 3 - What type of retrofit concepts should be addressed by the guidelines?

Although many retrofit concepts have been presented in the literature,
virtually all retrofit construction to date has dealt with providing elastic
restraint at bearings to prevent instability or loss of support. Such
restraint also tends to distribute seismic forces in the columns more uniformly,
and can thus prevent column failures. Restraint of this type can be a cost-
effective method of retrofitting.
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Column retrofitting requires complicated details, invoives difficult
construction procedures, and the relative effectiveness of various retrofit
concepts has not been demonstrated by physical testing. Smail-scale physical
tests of a column retrofit concept using steel banding to increase concrete
confinement has demonstrated an increased available ductility but may prove
less effective on full-scale bridge columns. Increasing};o]umn yield levels
for moment may overload the foundation or cause serious column shear faiiures
thus resulting in more harm than good. It would appear that not enough is
known at this time to gauge the effectiveness of column retrofitting concepts.

Special energy dissipating bearings and other similar devices have been
used extensively in New Zealand and Japan but are virtually nonexistent in
the United States. One of the primary reasons for this is the lack of
availability of analytical tools to determine the response of structures
fitted with these devices. If the analytical tools are made available, the
use of these special devices could open up a whole new area in seismic
resistant bridge design.

ISSUE 4 - What type of analysis procedures should be used for evaluation and/

or design?

To date, retrofitting of existing bridges has consisted mostly of fitting
expansion joints with elastic restrainers to prevent separation and loss of
support at these joints. The primary modes of vibration that can cause this
type of failure are longitudinal and include both in-phase and out-=pf-phase
vibration of adjacent sections of the bridge. The analysis procedures do not
consider different ground motions at various supports or the rotation of the
columns due to surface wave effects. Little research information %s currently
available at this time, but approximate analyses are available.

The use of special energy-dissipating and isolating bearings has great
potential in the retrofitting of deficient bridges. These devices, in many
cases, rely on their nonlinear behavior to modify the forces and displacements
in the bridge. Many of these effects may be difficult to determine with an
elastic analysis. Nonlinear analysis computer programs are available, but are
difficult and expensive to use. To overcome the need for nonlinear analysis
the New Zealand Ministry of Works and Development has developed design charts.
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ISSUE 5 - What method of design and evaluation should be specified in the

retrofit guidelines?
Seismic design guidelines developed by ATC allow both load factor and

working stress methods for design. In evaluating existing structures, however,
the ultimate strength of the structure is the principal concern. By using an
ultimate strength approach, a more reliable evaluation of the relative danger
of structural collapse can be made.

In evaiuating existing structures it will be necessary to define the
1imit states which will represent loss of support or serious structural damage.
In the case of structures with substandard confinement in the columns, for
example, it will be necessary to account for the reduced available ductility.
At bearings, where excessive movement can result in loss of support, a method
of accounting for effects such as ngnuniform support motion that are not
considered in the analysis should be included. The newly developed ATC guide-
lines use a minimum support length concept based on superstructure length and
column height to account for unknown displacement effects. This concept may
be inappropriate for evaluating existing bridges. The use of special analysis
methods or response modification factors to account for increased displacements
and reduced available ductilities may be the best way to approach the problem.

ISSUE 6 - How shall the guidelines address the design of spec1f1c seismic
strengthen1ng measures?

The design of retrofit measures has problems similar to the design of any
type of modification to an existing structure. The designer is restricted in
what he can economically accomplish by the characteristics of the existing
bridge. In addition, he must be aware of the effect any construction will have
on the normal cperation of the bridge. To a certain degree, each retrofitting
design 1s unique. Standardization of details can be accomplished only to the
extent that the original structural details are standardized. Some standardi-
zation has been possible in California, for example, in the design of retrofit
measures for intermediate expansion joints in concrete bridges.

Presentation of details, whether standardized or not, is useful since it
provides the bridge designer concepts to which simple modifications may be
possible.
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It is necessary that the designer be given criteria on which to base
his design. In the case of expansion joint restrainers, for example, there
may be a trade-off between force in the restrainer and displacement of the
joint. Allowable capacities should be specified in the guidelines. JSince the
design of certain retrofit measures may involve a trial-and-errgr solution,
a preliminary design procedure would also be heipful to obtain a realistic

first try.

ISSUE 7 - What force Tevels should be used for the design of retrofit measures?
Based on seismic design guidelines developed by ATC, new structures are

designed to resist force levels that have a 10% chance of occurring in 50 years,
the assumed economic life of the new structure. Retrofit measures could be
designed to resist the same force levels as new structures, but if the remain-
ing useful life of the existing structure is less than 50 years, then the
probability of the structure being subjected to these loads is less than that

of a new siructure. To design the retrofit measures based on equal probability
of failure requires that a reduced force level be used for structures with
remaining lives of less than 50 years.

From an economic point of view, designing to a specified force level may
not be cost effective. For example, in the case of expansion joint restrainers,
very 1ittle additional cost may be required to increase the capacity of the
resirainers to new design standards. On the other hand, there may be a
practical Timit as to how much additional earthquake resistance expansion
joint restrainers can provide. To require design to standards for new
structures, or even to a force Jevel based on an equivalent probabjlity of
failure may require column strengthening which can have a much smalier
bernefit-to-cost ratio than joint restrainers. Therefore, it may be justifiabie
to strengthen several structures to resist smaller force levels than to spend
" an equivalent amount to strengthen one structure to new standards.

Once the above issues have been resolved, an initial draft of retrofit
guidelines will be prepared. They will be refined and updated as more infor-
mation becomes available and wiil eventually form a supplement to the seismic
design guidelines for new bridge construction developed by ATC.

-13-




E
¢
iy
5

q

3
T
§

REFERENCES

Degenkolib, Oris H., "Retrofitting of Existing Highway Bridges Subject to
Seismic Loading - Practical Considerations," Proceedings of A Workshop
on Earthquake Resistance of Highway Bridges, Applied Technoiogy Council,
January 29-31, 1979, pp. 343-359.

Longinow, A., Robinson, R. R., and Chu, K. H., "Retrofitting of Existing
Highway Bridges Subject to Seismic Loading - Analytical Considerations,"
Proceedings of A Workshop on Earthguake Resistance of Highway Bridges,
Applied Technology Council, January 29-31, 1979, pp. 362-389.

Longinow, A., Robinson, R. R., and Chu, K. H., "Seismic Retrofit Measures
for Highway Bridges - Training Course Materials," IITRI Report J6364,
I1linois Institute of Technology Research Institute, June 1977.

Longinow, A., Robinson, R. R,, and Chu, K. H., "Seismic Retrofit Measures
for Highway Bridges - Design Reference Manual for Retrofitting Bridge to
Withstand Earthquakes," IITRI Report J6364, I11inois Institute, June 1977.

Mayes, R. L. and Sharpe, R. L.,"Design Guidelines for Highway Bridges,"”
FHWA Report FHWA/RD-81/08%, June 1981.

McGuire, J. F., Fisher, R. W., Stanford, P. R., and North, P. J.,
"Seismic Design of Bridges - Section 12 - Strengthening of Bridges for
Seismic Loads," New Zealand Minisiry of Works and Development - Advance
Copy, August 1980,

Ohashi, M., Fujii, T., Kuribayashi, E., and Tazaki, T., "Inspection and
Retrofitting of Earthquake Resistance Vulnerability of Highway Bridges -
Japanese Approach," Proceedings of A Workshop on Earthquake Resistance
of Highway Bridges, Applied Technology Council, Januwary 29-31, 1979,

pp. 391-407.

Robinson, R. R., Privitzer, E., Longinow, A., and Chu, K. H., "Structural
Analysis and Retrofitting of Existing Highway Bridges Subjected to Strong
Motion Seismic Loading," FHWA, Washington, D. C., Report No. FHWA-RD-75-94,
May 1975. :

-14~



APPENDIX A

ATC Project Engineering Panel

Prof. Helmut Krawinkle
Board Representative ®
Applied Technology Council
Berkeley, California

Dr. Ronald L. Mayes
Executive Director
Applied Technology Council
Berkeley, California

Mr. Oris H. Degenkolb
California Dept. of Transportation
Sacramento, California

Mr. Gerard Fox
Howard, Needles, Tammen and
. Bergendoff

New York, New York

Mr. James H. Gates
California Dept. of Transportation
Sacramento, California

Mr. Velde M. Goins
Oklahoma Dept. of Transportation
Oklahoma City, Oklahoma

Mr. Robert C. Wood
Federal Highway Administration
Washington, D. C.

Mr. James D. Cooper
Federal Highway Administration
Washington, ‘D. C.

Mr. Richard V. Nutt
Associate Director
Applied Technology Council
Berkeley, California

Mr. Roland L. Sharpe
Managing Director

Applied Technology Council
Berkeley, California

Mr. Robert Kealey
Modjeski and Masters
Mechanicsburg, Pennsylvania

Mr. Felix Kulka
T. Y. Lin International
San Francisco, (alifornia

Dr. Art Longinow
IIT Research Institute
Chicago, I1lincis

Dr. Walt Podolny -
Federal Highway Administration
Washington, 0. C.

Prof. Alex Scordelis

University of California
Berkeley, California -

~15-




INTRODUCTION TO AN EARTHQUAKE EVALUATION TEST FOR EFFECTS

TO RETROFIT OF REINFORCED CONCRETE BRIDGE PIER ELEMENTS

by

Eiichi Kuribayashi
and
Shigetoshi Kobayashi

Public Works Research Instituts

Ministry of Construction

1. Introduction .

This paper bréefly dﬁécribes an evaluation test for effects
to retrofit of reinforced concrete bridge pier elements conduct-
ed at the Public Works Research Institute in the past.

In order to increase strengthes of the existing concrete
structurses there are many kinds of methods in the design and
construction procedures as follows,

1). BStrengthening using steel plates
2) . Strengthening employing Prestress Forces
3). Strengthening casting additional sectional area
of reinforced concrete
and 4) . Strengthening using additional members of rein-
forced concrete

In this paper authors introduce an =xample which evaluated
the method 1. and method 3. of the above.
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2. Experimental Study
2.1 Specimen Details

Five kinds of test ;pecimens were designed to meet the ob-
jectives of this program. Table-l. and Fig.l show the datails
and dimensions of the specimens.

Specimen R is 30cm wide, 30cm deep and 2m high original
reinforced column member.

Specimens RR-1,RR-2,RR~3 and RS are retrofitted members.

The method to strengthen for RR's is additional casting
of 10cm deep reinforced concrete on both tension and compression
sides of the original member R. The differences among RR-1,RR-2,
and RR-3 are the method of the pretreatment on the surface to
which additional concrete is casted. Details are shown in Table-
1.

The strerigthening methed used for RS is to adhere 6mm thick
steel plates on both the tension and compression sides of the

original member.

2.2 Material Properties

Material properties used for the specimens were as follows.

Concrete: Ready mixed concrete with high-early portland cement,
crashed rock coarse aggregate 20mm in maximam size

and river sand was used. The mix proportion of the
concrete 1s shown in Table-2,
The strength of concrete is shown in Table~3.
Steel: Deformed bars used for reinforcement were SD30(JIS
Degignation) of 13mm nominal diameter.
Steel plates used for strengthening RS are S$S541(JIS
Degignation) of 6mm thick. :
Adhesive agent: Epoxy resin was used for sticking steel plates,
for fixing anchor bars and for spreading on the joint
surface of RR-2 and RR-3. Mechanical properties of the

resin is shown in Table-5.
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2.3 Casting of Specimens
Original column: 10 original columns were fablicated. Concrete
was casted continuously being compacted with inner
vibrators,

Retrofit 8 columns of original ones were retrofitted with the
methods shown in Table-l and Fig.l.
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2.4 Testing Procedure

For giving both the axial force and the bending moment
eccentric longitudinal lcoads were applied by a 1000t compression
test machine. The distance of the eccentricy is shown in Table-6.

The load was not increased monotoniocusly but repeated load-
ing and unloading several times as shown in Table-8 until it

reached at the ultimate state. The loading speed was 10t/min. (for
R ) or 20t/min. (for others). Strains of concrete,reinforcement

and steel plates, and the deformation of each specimen were

measured during the test. '

3. Test Results

3.1 Load-Strain Relations
The relation between the applied load and observed strain of
each specimen is shown in Fig.2 and Fig.3. Calculated values in
the figures are given by the elastic design method assuming

that the ratio of Young's modulus of steel to concrete and the
cross sectional area of members are as shown 1n Table-7.

The relationship between loads and strains of the specimen

which was strengthen by additional casting of reinforced concrete

is similar to the calculated value when the strength of the loac
is around the level as usually allowed. In other words the
concrete member which casted later is working as a part of the

member.

: The difference of the treatment of the joint surface select~
S ed in this program scarcely affected to the strength of the

- retrofitted member.




The load-strain relation of the specimen strengthen with
steel plates is also similar to the elastically calculated value
when the load is such low as the stress of concrete is arcund

the allowable stress which is 100kg/cnf in this case. But when
the load exceeds the value, strains of the specimen exceed gradu-

ally to the caluculated value and they appecach to the values
which were caluculated negrecting the strength of compression of

the steel plate.

3.2 Failure Pattern

Typical examples of failure are shown in Fig.4. In the case
of RR type, tention cracks appeared first to the tension side,
then vertical cracks were cbserved in the additional concrete
subjected to tensile stresses and lastly a long crack extended
along the joint of the compression side.

In the case of RS type, the steel plate on compression Side
was partly separated from the surface by buckling when the com-
pressive stress of the steel plate reached to around 1300kg/cm’,
When the load reached a level at 120t, suspected shear cracks
appeared at the end of the steel plate subjected to tensile stress-
es. The load decreased after the compressive failure was observed,
when the load reached 140t.

3.3 Bearing Capacities of Ioads

The comparison of the observed bearing capacity with calcu-
lated one is shown in Table-8. Calc. A is given by the working
stress method. Calc., B is given by the ultimate strength method.
In case of RS, the strength of the compressive steel was neglect-
ed as it had buckled before the maximum load was applied.

The reason that the observed strengths of case RR's were
lower than calculated ultimate strengths is that the calculation
of strength was carried out assuming that concrete was homogene-
ous and the strength of the original concrete was assumed as the
same strength to additional one although the strength of the
original concrete was weaker than the post casted one.

-19-




4. Conclusions
Conculusions through the tests and analysis are given as
follows.

1) . 7The concrete column member retrofitted by additional cast~
ing of reinforced concrete behaves like as a composite struc-
ture and its effect is seemed to be reliable.

2). For evaluating the effect of the retrofit by above method,
the working stress method can be comprehensively, used.

3). There was little difference on the effect of pretreating
of the joint surface among the three methods selected in
this program.

4). The retrofitting method to adhere steel plates may cause
buckling of the compression steel plate if the compressive
stress is subijected. Then,

5). It is recommended to neglect the effect of steel plates as

the compression member.

Those taests were carried out under the one directional static
load. It is recommendable that the necessity to do more other tests
which apply the reversible load for examining whether the con-
clusions are reliable or not to the bridge pier which would be
subjected to such strong reversible load as earthquakes.
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Table-1 Specimens

[ i
Specimen Retrofitting Steel Concrete Strength Space of | Number
Type Method Origi.| Ret. Origin. Ret. tie bar
. No.l}No.2 {cm)
R Original SD30 - 384 1273 - 15 2
Member, D13
RR-1  |Chipping. SD30 KD30 | 384 |273 | 458 15 )
Anchor bar. D13 D13
Additional cast
of R.C.
RR-2 Chipping & resin|SD30 |SD30 | 384 {273 458 15 2
spread. Anchor D13 D13
bar. Add.cast of
R.C. ;

RR-3 Grinding & resin|{SD30 ({SD30 ) 384 1273 458 15 { 2
spread. Anchor D13 | D13 :

bar. Additional
cast of R.C.

RS Grind. & resin |SD30 | sS4} 384 | 273 | — 15 o2
spread. Sticking} D13 .
steel plates.

Table-2 Mix Proportion of Concrete

Max. Agg. Size | Slump W/C S/a{ Amount in lm° (kg)

{mm) (cm) (%) (Z)‘ W i C !s G

20 842 62 | 44 ’ 175 ] 282 l841 1091
|

Table-3  Strength and Young's Modulus of Concrete

Comp. Streggth | Young's Madulus
(kg/em”) (_kgrem’”)
Original | No.l 384 2.6 x IOS
Conerete | y, o 273 2.1 x 10°
Addition. Concrete! 458 2.9 x 105
[ !
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Table-4 Mechanical Properties of Steel

Steel Yield. Streng. | Ultimate,Streng.| Elongation
kg/cm kg/cm 4
§D~30 D13 3460 5160 25
8841 3060 4770 25
Table-5  Mechanical ProOperties of Epoxy Resin
Use for Spreading Fixing Sticking
Factor on Joint Anchor bar Steel Plate
Spgific Grav. 1.29 1.22 1.17
Flex. Stiength 523 - 780
kz/cm
Comp. Strength 1219 1031 1946
kg/cm2
Young's Modul. 24900 26500 27800
kp/om?
Tensile Streng. 266 - 473
kg/cm2
Table~6 Loading Process
Specimens| Eccentricity | Stress | Load Repetition
' cm kg/cm? ; t n
%100 | 40 1
R 12 " 150 60 1
" 300 80 3
£ 100 60 1
RR 15 " 150 150 4
" 200 210 5
= 100 60 1
RS 12 " 200 80 6
™ 300 120 4
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Table-7 Assumptions for Calculationm

Specimens|{ Young's Modi Assumption
Ratio
; R 9.0
:
: Strengthes of the concrete are equal ro
i RR 7.0 L
; the additional concrete.
s RS 9.0 Calue.l Compressive strength of steel plate
i is effective,
i Caluc.2? Compressive strength of steel plate
l is ineffective.
L
Table-8 Bearing Capacities
Specimen Observed Calcu. A Calc. B
t t t
R No.l 110= 9g 124
No.2 97 71 95
RR-1 | No.1l 268
No.Z 250
RR-2 | No.l + 210%
RG.2 260 247 295
RR-3 | Ro.1 260 .
NC.2 260
RS {No.l 140 123 149
No.2 140 , 88 113
A.: The Working Stress Method.
B.: The Ultimate Strength Method.
*x .

Locally failed at the loading point.

In all of the cases,the compressive side yielded
first.
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CONSIDERATICNS FOR RETROFITTING BRIDGES
Oris H. Degenkolb

May 1981

Introduction

The San Fernando earthquake of February 9, 1981 was the only event
to cause any significant amount of damage to any of California’'s
bridges. The total amount of earthquake damage to bridges
experienced before that time was minor and was generally ignored.
Five small earthqguakes since 1971 have caused some minor damage and
the collapse of two spans of one four span bridge. The Knowledge
gained by studying that damage gives an insight into how structures
react to seismic shaking and what can be done to mitigate the damage
expected from the larger earthquakes that are certain to occur in
the future.

Studying the damage from minor earthquakes is valuable because it
demonstrates the stages of failure and it is not necessary to
speculate on the segquence of events as might be dene when conducting
a post-mortem on a completely collapsed structure. Although there
is a wide variety of bridge details used in California and in other
countries, there is a consistency in the seismic damage experienced.

Even though bridges can be retrofitted to increase their resistance
to totzl collapse in the event of a major earthquake, they will still
experience minor damage from smaller seismic events.

Most of the retrofitting done to date has consisted of tying units of
the superstructure together and to their supports. Although this
directly solves only the problem of the spans dropping off of their
supports, it partially alleviates some of the other seismic
deficiencies.

The California bridge most seriously damaged since the 1971 earth-
gquake would have sustained relatively minor damage rather than lesing
two spans if it had been retrofitted with restrainers.

Retrofitting Philosophy

The gcal of retrofitting is to increase the seismic resistance of a
bridge to minimize the probability of total collapse.

Retrofitting should eliminate or reduce the hazard to human life as
much as possible.

If practical, critical bridges should be able to carry emergency
vehicles after being damaged.

It is not practical or economically feasible to retrofit a bridge so
that it will have the same seismic resistance as a new structure
designed to current specifications.

-28-



Retrofitting is generally not recommended if the only expected
deformation is a small probable maximum vertical displacement

(£ 6") and some traffic can be accommcdated by ramping the Vertical
offset with dirt or other readily available material until permsnent
repairs can be made.

Main spans of Pedestrian Overcrossings that could drop on vehicular
traffic should be retrofitted. Other spans need not be retrofitted
unless they can be done at a low cost when the main spans are done
or unless there is a considerable amount of school or other high
volume pedestrian traffic that could be injured.

Considerations for Retrofitting

It is not possible to formulate simple rules to determine whether or
not a structure requires retrofitting to improve its performance

during an earthguake or, if so, what type of retrofitting it requires.
In addition to the geological and seismological conditions at a
particular site, any one of a combination of two or more of the follow-
ing physical features of a bridge could determine whether or not retro-

fitting is advisable.

. Type of construction
. Physical condition of the bridge

. Length

. Width

. Ratio of length to width
. Skew

. Curvature
. Number and location of joints

- Type of bearings and hinges

. Abutment type and height

. Bent type and height

.  Number of spans

- Restraining devices (shear blocks, curtain walls, etc.)

. Type and degree of failure anticipated if not retrofitted.
. Column reinforcement details

. Lifeline requirements

. Sociolegical considerations

. Utilities carried

The following figures illustrate some of the different conditions that
should be considered in determining whether or not a bridge should be
retrofitted and the type of retrofitting that is required. It should
be remembered that adverse geological conditions may complicate many

of these situations.
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Figures 1 & 2 As a rule, single span square structures should not
require retrofitting. Although they may sustain some damage, they
should be serviceable unless they cross a fault, If they do cross
a fault, it is not likely that retrofitting will be effective.
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Figure 3 Skewed bridge spans have a natural tendency to rotate even
when not shazken. Longitudinal seismic shaking produces transverse
components of force which tend to rotate the span each time it moves
back and forth. Transverse seismic forces cause one end of the span
to bear against one abutment while the opposite end tends to swing
free -- in the natural direction of rotation. If the bearings,
curtain walls or other means of restraining rotation fail, the span
can rotate excessively. In some cases the span may drop only a few
inches and the bridge can be used with minor inconvenience and easily
restored to its pre-seismic condition. If the supporting seats are
very narrow, the span can drop and the bridge will be a total loss.

Figure 4 If a bridge is very wide in relation to its length, it may
be locked between its abutments so that the rotation described in
Figure 3 is negligible. Longitudinal shaking may cause insignificant
damage. Transverse shaking may damage the bearings, shear keys or
curtain walls, but there is much less probability for the more serious
damage that might be expected with a longer, narrower structure.

PLAN

ELEVATION

Figure 5

Figure 5 Long, non-skewed, continuous bridges with diaphragm type
abutments and without intermediate hinges or joints need not be
retrofitted. Bridges with bearings at the abutments may require
transverse restrainers at the abutments if it is determined that
there is insufficient restraint provided by bearings, curtzin walls,
shear keys or other restraining features.
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Figures 6 & 7 Long, continuous, skewed or curved bridges without

intermediate hinges or joints are more prone to seismic damage than
similar square bridges. Due to the nature of the details, they will
probably require additional transverse restraint at the abutments
for a lower seismic level of shaking than a similar square bridge.

=32~



Inadequately

estrcined hinge
NS

S /

PLAN

Figure 8

Figure 8 Segments of a superstructure which aren't adequately
restrained act independently and may tend to fly apart when shaken.
If the bearings or other means of transverse restraint fail,
longitudinal restrainers (if installed) may act as tension members i
a large horizontal beam. Restrainers should generally be placed

as close to the edge of the structure as possible so they can offer
the maximum amount of resistance for this condition.

PLAN

Figure 9

Figure 9 Sharply curved bridges which have seismically inadgqgate
bearings at an abutment and very flexible or seismically deficient
columns may require additional restraint at the abutments. Abutment
restraint, in cases such as this, may alleviate some column weaknesses.
One common problem, however, is that the abutments may not be cgpable

of resisting the anticipated forces. Many abutments are very 11gh?~.
weight and the shear resistance of the soil or piles may be insufficient
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Figure 10 Long continuous reinforced concrete slab bridges, as a
general rule, need not be retrofitted with hinge restrainers.  This
is based on the assumption that if the suspended span becomes unseat-
ed, the dead load of the resulting cantilever will not be sufficient
to make it fail. Long span non-standard slabs should be checked for
this criteria. Retrofitting should be required if there are two
hinges in the same span or if the unseating of any hinge will lead

to a dropping of any or all spans with dead load only. It is assumed
that those unsupported ends will be quickly recognized and reseated,
temporarily strutted, or traffic barricaded f£rom using the bridge
before any serious accident occurs.

% &' or &' steel angles
1
l

Figure 11

Figure 11 Any bridge with 6" or 8" steel angle hinges, or equivalent,
should be retrofitted regardless of what seismic area it is in. Due
to shrinkage, seasonal varaticns, and other factors, many of these
hinges have marginal seating length under even normal conditions. any
seismic shaking could cause them to become unseated.
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FPigures 12 & 13 A non-skewed, straight, continuous bridge with only
one hinge or a non-skewed straight bridge with two simple spans may
be designed for the minimum of 25% (33% for LFD) of the dead load

of the lighter segment of superstructure comnnected. This would be
consistent with the rough assumptions made for the resistance and
action of the earth behind the abutments.

The influence of the earth behind abutments becomes relatively less
important if the superstructure is curved or skewed. The equivalent
static force method or dynamic analysis should be used for designing
restrainers for these structures if they are skewed or curved.
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Figure 14 & 15 A dynamic analysis should be made for any bridge
with two or more hinges or three or more simple spans.
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Figure 16 Connecting the ends of girders together in adjacent spans
may be satisfactory for short structures with only a few spans and
wide bent caps where it seems certain that the ends of girders wen't
drop off the bents. This detail can also be used where it is
considered that the additional longitudinal forces produced by con-
necting the girders to the bent caps (see Figure 17) may fail the
columns. Although the bearings will probably fail, the superstructure
will not fall very far and the bridge will not be completely out of
service.
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Figure 17 This detail is generally preferred to the one illustrated
in FPigure 16 with the spans butting against each other. The restrain-
ers must be able to resist the force produced by both spans supported
on that pier and possibly adjacent spans as well. Vertical clearances
under the structure should be considered. ‘

K.Suspended span

ELEVATION
Figure 18

Figure 18 Suspended spans are particularily vulnerable to seismic
shaking. Curved and skewed alignments greatly increase their
vulnerability.
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Figure 19
Fiqure 19 It can generally be assumed that any seat type hinge used

with steel girders will need additional transverse, longitudinal,
and vertical restraint in even moderately severe seismic areas.
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Figqure 20 Hanger type hinges generally have more seismic resistance
than the seat type shown in Figure 19, but are still subijiect to

seismic damage. These hinges ofen have steel bars or angles that

bear against the opposite web, or lugs attached to the flanges, which
were designed to keep the girders aligned transversely for wind forces.
Those devises are usually structurally inadequate and are too short to
be effective with even moderate seismic shaking. Consideration should
be given to replacing them or adding supplemental transverse restrainers.

Displaced superstructure

8
I ﬁI I

Figure 21

?1gure 21 Very few older bridges have bearings that will not fail
in a mode;ate or greater earthquake. It should be anticipated

that a br1§ge superstructure can be displaced transversely. If the
exterior_glrder of a multi-girder bridge is moved beyond the end of
a bent, it is likely that that side of the bridge may be severely
damaged and the use of a shoulder or lane will be lost, but traffie
can be routed over a portion of the bridge with few or no emergency
repairs. This is considered to be an acceptable risk.

FPigure 22

F%gure 22 TIf the superstructure of a two or three girder bridge is
displaced transversely so that one line of girders loses its support,

the entire bridge may collapse. Adequate transverse restraint should
be provided.
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Figure 23 1In most locations it is generally not practical to
restrain longitudinally the superstructure at an abutment. Supple-
mental supports can be provided to prevent the superstructure from

dropping excessively. This same principle may also ke applied at
bents in certain circumstances.

2295

Figure 24

Figure 24 Numerous types of steel bearings used on various types of
steel and concrete bridges have been damaged by relatively minor
seismic shaking. It should be assumed that they will fail in areas
where the maximum credible bedrock acceleration is 0.3g or greater.

If the failure of any type of bearing will result in the superstructure
dropping 6" or more without falling off of the pier or abutment,

consider replacing the bearings with a modern type or adding bolsters
that will minimize the drop.
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3 Figures 25 & 26 The rigidity of piers and bents can control the
S direction of movement of a structure. Restrainers will be more
o effective if they are oriented in the principal direction of movement.

-40-




Restrainer Reguirements

Hinge and bearing restrainers should have redundancy. There is
always a chance that a single unit has a defect (due to faulty
material, fabrication, installation, adjustment, maintenance, etc.)
and will fail sooner than expected. Additional units or other
devices should be capable of doing their Bhare of the job if one
unit fails prematurely.

Restrainers should fail in a ductile rather than brittle manner
when subjected to ultimate loading. They should not fail before
the structure as a whole fails.

Restrainer brackets and connections should be at least 25% stronger
than the cables, rods or primary restraining devices. They should
be designed so that they will not fail or cause failure of the
portion of structure they are attached to if some component part or
parts of the unit are misadjusted or fail prematurely.

The following ultimate strengths should be assumed for designing
connections and determining the adequacy of supporting members:

3/4" cables (6x19, Federal Spec. RR-w-410c)
F, = 53 kips

u
1%" H.S. rods (ASTM A-722 with Supplemental Reguirements)
F,;, = 188 kips

(use 53 x 1.25 = 66,2 kips and
188 x 1.25 = 235.0 kips per cable
and rod, respectively)

Bolted Connections shall be designed as a
bearing type: T

H.S. Bolts Allowable Shear Allowable Tension
(A325) (Fy=0.6 F,, & 3.) (Fr = ¢ Eu)
3/4" 20.1 kips 34.1 kips
7/8" 27.7 47,1

1- 36.3 61.8

1 1/8" 45.8 68.1

Combined Tension and Shear:

Fye= | (F)2 = (0.6 £4)2
Where: Fvc= Allowable shear per bolt for combined
shear and tension

g = Reduction Factor = 0.85

Fy = Allowable shear per bolt (kips)

fi = Applied tension per bolt (kips)

Ar = Area of bolt with threads in shear plane
Fy = Ultimate tensile strength (kips)
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The following allowsble stresses should be used for designing
ASTM A-36 steel brackets for ultimate conditions:

Tens. or Comp.
Shear

36,000 psi
22,000 psi

it

Bearing Iéig‘d or 3.0 F, whichever is smaller

Fu = 58,000 psi

L = Distance in inches measured in the line
of force from the centerline of bolt to the
nearest edge of the hole for an adjacent
bolt or to the end of the connected
part toward which the force is directed.

4d = Diameter of bolt in inches.

F, = The lowest specified minimum tensile
strength of the connected parts.

1./d4 shall not be less than 1.5

36,000 psi
26,000 psi

Groove welds
Fillet welds
Bearings:

i

One of the primary seismic weaknesses of older bridges is that the
spans are not connected to each other or to the bents and abutments.
Bearings usually provide the only connection between these units.
Experience has shown that the seismic resistance of bearings is often
overrated and they are damaged by relatively minor shaking.

When seismic shaking becomes more severe or prolonged, damaged bear-
ings offer no restraint and allow the spans to fall off their
supports.

As a general rule, a designer should be very cautious about assuming
that bridge bearing anchor bolts, keeper bar bolts or welds and
similar details have any significant effect in keeping a bridge super-
structure on its supports during a major earthguake. The following
shortcomings of bridge bearings should be considered:

1. All of the bearings at the end of a span probably are not
subjected to identical forces simultanecusly. Because keepers
or other devices are not set with exactly the same clearances,
only one half, or fewer than one half, of the bearings will
initially resist a horizontal force in one direction.

Rotation of a span in a horizontal plane puts unequal loads
on the bearings., It is not uncommon for bearings at one end
of a span to be damaged to varying degrees by an earthquake.

2. Grout pads under bearing masonry plates have traditionally
given trouble during and after construction and have been
one of the main sources of trouble in minor quakes. Failure
of a grout pad will allow the bearing assembly to move and
subject the anchor bolts to combined bending and shear.

3. The common detail of a girder seated on an elastomeric pad
will subject anchor bolts to combined bending and shear.

4. Anchor bolts are frequently threaded below the top surface
of the pier or abutment seat. This gives a reduced area for
shear and minimal resistance to bending before failure occurs
due to notch sensitiveness at the root of thread.
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5. Although it is less common, some anchor bolts are too
close to the edge of the bearing seat, have inadeqguate
reinforcement around the bolts, and will spall off the
concrete when subjected to horizontal loads.

6. Keeper bars allow movement between the sole plate and
bearing bar or rocker. 8Sliding takes place on this surface.
Sliding obviously does not start until the horizontal force
exceeds the vertical load times the coefficient of friction.
When this happens, does it result in an impact on the keeper
bar and anchor bolts? If so, it can increase the calculated
force considerably.

7. Bridge bearings may not be what they are represented to be
on "As Built" plans or maintenance records. Adjustments to
keepers or other details are occasionally made after
construction is completed and the details or workmanship may
be inferior to the original.

Earthquake restrainers should be considered if the strength of the
bearings is less than twice the calculated seismic force on them,

after taking due consideration of the above deficiencies and uncertain-
ities.

Columns

Many older bridges have seismically deficient columns as well as
inadeguate bearings. The deficiencies may be due to an insufficient
amount of longitudinal reinforcement: too few, too small or improperly
detailed ties or spirals; improperly located lap splices; or inadequate
anchorage or confinement of longitudinal steel in footing or caps.
These deficiencies are much more critical for structures with single
columns than those with multi-column bents. The problem is so
extensive and costly to correct that most structures with seismically
deficient columns (especially those with multi-column bents) will
never have those deficiencies corrected., 1In some of those cases the
calculated forces required for hinge restrainers may be greater than
the columns can resist. If it is obvious that deficient columns will
not be retrofitted, consideration should be given to limiting bearing
restrainer forces to approximately 25 percent greater than what is
required to fail the columns.
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DEVELOPMENT OF POST-EARTHQUAKE MEASURES
FOR BUILDINGS AND STRUCTURES DAMAGED BY
EARTHQUAKES

by

E. Kuribavashi
M. Hirosawa
T. Murota

PURPOSE OF THE PROJECT

Japan which locates in the Circum Pacific Seismic Belt is
one of the famous earthquake-hazardous countries in the world
and suffered from major seismic disasters many times in history.
Those disaster experiences have urged the development of aseismic
engineering for buildings and structures.

The dramatic development in recent years has enabled us
to construct gigantic structures such as long-span bridges and
high-rise buildings,

In addition, a research project "Development of New Aseismic
Design Methods for Buildings and Structures" performed by the
Ministry of Construction from 1972 to 1976 based on the lessons
obtained from Tokachi-Cki earthquake in 1968 and San Fernando
earthquake in 1971, has led the aseismic design method for build-
ings and structures to a higher level.

As a result, major damages to buildings and structures such
as total collapse have decreased and correspondingly human life
has become to be kept in safe. However, those minor damages or
partial failures as observed in recent earthquakes, i.e., Izu-
Oshima earthquake or Miyagi-0Oki earthquake, have yet been expected
to occur in future earthquakes. The measure to be taken for those
buildings and structures is a matter of significant concern to
government jurisdictions.

In El-Asnam, Algeria earthquake and South Italy earthguake
occurred continually on Octcber and Wovember of 1980, there were
observed the aftershock damage to buildings the resistance of
which had been weakened by the initial shock and also observed
the magnification of disaster caused by the delay of urgent helps
or post-earthgquake inspection and repair. These facts suggest
the importance of appropriate post-earthquake measures.

Based on the background, the purpose of this project is to
present post-earthquake measures by developing inspection methods,
agsessment methods and repair and strengthening methods for
buildings and structures damaged by earthquake.
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OBJECTIVES
This project starts in 1981 fiscal year and scheduled to end
in five years. The objectives are as follows:

1. Development of inspection methods.
A. Measurement of structural performance,

The objective of this section is to present a manual for
field measurement of residual structural performance of buildings
and structures subjected to earthquake damage by utilizating
the preceding technics.

B. Inspection methods

The objective of this section is to provide guidelines for
the earthquake resistance inspection to make an immediate and
appropriate decision to repair, strengthen, demolish a building
or place off-limits.

2. Development of repair and strengthening methods
The objectives of this chapter are listed below:

a. To provide criteria for aseismic performance levels
concerning rigidity, strength, ductility, etc. which
have to be provided by buildings and structures to be
used or occupied after the earthguake.

b. To develop the repair and strengthening methods suitable
for various modes and extents of failure including
expreimental examination.

c. To present guidelines for repair and stengthening.

d. To perform experimental examination on the earthquake
earth pressure in slopes, £ill grounds and retaining
walls corresponding to soll and topographical conditions.

e. Tc provide guidelines for repair and strengthening of
slopes, f£ill grounds and retaining walls based on the
experimental examination on the effectiveness against
future earthquakes and rains.

3. Development of assessment methods
A, Factors in assessment

The objective of this section is to list up and analyse
the factors in considering a repair or strengthening program
such as aseismic performance to be provided, period and work-
ability of repair works, functional damage during the period,
spectacles imparied by repair works, repair costs and other
economic benefits.

—-45-




B. Methods of assessment

The objective of this section is to provide the methods
for evaluation of earthquake resistance restored by repair and/cr
strengthening and also to develop a guide for determining ap-
propriate repair and strengthening methods based on the con-
sideration of factors referred in 3A.

-46-



R

(I

uof3Iowaq

poyisn
buyusyjzbusiyg
pue xteday

aanseal

axenbyjaexg-3sogd

poyiIsy
JUSWS SIS BY

snopaezey

JuawWsSOSSY

2TqeadIAlSs

poyjzen
uotjvadsug

uot3oadsur

soyenbyzxes Aq pebeuweg soInioniis

pue sburpiIng I03j saInsesl oyenbyjied-3sod Jo jusudoraasd

-47~




L uoraeatTrqeysy |
T
|

saon

uoT3IedoTdAv —m——>

puw xjeday

bujusy3lbusris | - — m — ]

_ :oquqdosma_

i
.
|
Bujuyybusxys R
pue Ifjedea ¥ . _ xpedeox
0] Jjusuwssassy Azexodusy

™
|

r - |
|

_

-4

_Eaummn juaussassy ()]

2

JuUsWSE3EEE

T

- —— - —
i
|

mw:waavﬂaa
Bujuayjbusays pue xjedsy (§)

pays{iowsp aq o3

1abueq punos

“ 3
__|

uojyoadsuy

T

CEECERS§ LLLCE
89 03 821IN3IBNAIE

spoyjew UOFIeIFIIqeleX 3O
80}38}1330Ra9Y0 Jo sysdfeuy (})

pue sBuUypIINg

103 aoupilsfsex
ayenbyiaes jo
jaaay peiagsad ()

03 ps3jRysx
8103593 jo

u0332938s (F}

spoyzau
uOjIENTRAS SOUBR3EFEIT
ayenby3aed (g)

1

= JuandoTasag PUe yax

uoyjvuwex? rdweg

Kanans aanjzeas3zjpl (1)

SPOYIOH JUBWEESSBY ‘III

1

lllllll aoueysyssal | "I53sesTP
ayenbyjxey ajenbizxed
Sl b Aabitet b bt 5. gt
I
—_— e b
r _
_ |
_ _
! ]
i
eTIBTIAD

:oHuommu:a (L)

uofyosdsur (p)

]

IS PR =
am.,.,ﬂﬂ_

aoue3sfsax eyenbyjzzws jo

UoFIRdTI1a04A
103 yoimssax

UOT3ROFFJI2A jrjuswmiiadxy (g)

§UO]3ONI3BUOD [vRusWjIodxa
pue spoyjsw uojjeljriqeyex
jepou jo uop3oatas (z)

)

uojjeufwexs aydues
3
KAeaans eanjeiolfl_(1l

spoy3ay Bujueyizbusxls puw ajedey "II

joaloagd aysz Jo 3aeyd MoTd

auuu:uemuwmxm {9)

[Goj30adsu] p1oTy
30 poylan (¢}

[

i gaet 1)

abewep

3o
buijed (s)

swa3| uofyoedsuf
30
uof3de(es (g)

1

1,

UoOFIRUTY

KAanans

spoy3

ex3 ajdues
]
@anjeaa3}l (1)

9 uoy3ydedsur -1

~48-




CRITERION ON THE EVALUATION
OF SEISMIC SAFETY OF EXISTING REINFORCED CONCRETE BUILDINGS

MASAYA HIROSAWA

Director, Testing and Evaluation Depertment
Building Research Institute

Ministry of Constructiom
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1. Introduction

This report describes the outline of "Criterion on the Evaluation
of Seismic Safety of Existing Reinforced Comerete Buildings" which was
compiled by the joint committee chaired by Dr. H. Umemura, Prof. of
Tokyo University, with commition from Ministry of Construction, Japanese
Govermment.

The buildings which this criterion covers are low-and medium—rise
reinforced concrete buildings by ordinary construction method and items
for evaluation are not only super structure itself but noun-structural
elements such as exterior finish elements. Further, these evaluation
methodologies are consisted of three steps from the simple first screening
to the complicated third screening.

The result of evaluation is expressed by the continuous numerical
value but the result shall be judged by the engineer who uses this
criterion considering individual and socizl impact caused by the presumed
damage.

Morgover, the applied results on damaged and un~damaged buildings
in the Tokachi-Oki Earthquake, 1968 are shown as the refference for the
judgement.

In the following, several features and the whole text of the

-

criterion are described.

2. Several Features ¢f Criterion
2.1 Adoption of Seismic Index of Non-structural Elements

The seismic safety of buildings should be examined not only from a
viewpoint of the safaty of structural elements from collapse, but also
from the viewpoint of the safety of non-structural elements such as
finishing materials of exterior walls directly facing to streets from

their fall. Because that reinforced concrete buildings in Japan have
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relatively large lateral strength, the structures, itself seemed to
seldom fall down instantaneously even under the strong earthquake
motioms. Actually, in the experience of past earthquake damages, most
.

of buildings survived from the catastrophic destruction. Even in
cases of buildings which were unfortunately destroyed and fell down,

- the residents of the buildings had encugh time to escape from the
buildings.

Therefore, it becomes important to protect people from injury of
the fall of the non-structural elements such as finishing materials of
exterior walls.

Though there is no sufficient experimental and empirical information
concerning about the performance of non-structural elements under
earthquake loads, the safety evaluation of non-structural elements by
IN—index is attempted in this criterion taking into account of the
relative flexibility of structure itself and non-structural elements.
2.2 Adoption of Screening Method

The structural safety evaluation considered in this criteriom
consists of a sequence of steps from lst to 3rd evaluation: i£is
procedure is repeated in successive cycles, the assumptions and details
of the caleculations being refined in each successive cycle when necessary
for a reliable estimate of structural performance. The repetitive
procedure is called "Screening'”, and is believed to be the fastest and
the most practical method for reasonably evaluating the structural
adequacy of a large number of buildings subjected to strong earthquake
motions.

2.3 Evaluation and Judgement of Seismic Safery

The evaluation cof the seismic safety in a broad sense is taken more

precisely in the two following senses:

1) Evaluation of seismic safety; to express the seismic safety of
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structures with continuous quantity such as seismic index proposed in
this criteriou.

2) Judgement of sesimic safety; to judge the adequacy of buildings
for seismic saferty taking account of variocus conditiouns such as their
use, their importance and their age, based on the seismic index
obtained by the evaluatico of seismic safety.

This criterion aims to evaluate the seismic safety as defined above
and the judgement ig left to the engineers who use this criterion.

The applied resulrs of this crirerion on damaged and un-damaged
buildings in Tokachi-Oki Earthquake of 1968 are summaized in the appendix
of this criterion. These results will be helpful in performing the
judgement of the seismic safery.

2.4 Adoption of Seismic Sub-indexes, SD’ T, and G to Seismic Index, IS

Seismic sub~indexes, 5. and T which represent the quality of

D
structural design and time dependent deterioration respectively, are
taken into account in this criterion as the sub-indexes of synthesis

index representing seismic safery, I. in addition to the seismic sub-

5
index of basic structural performance Eo which related to the lateral
load carrying capacity and the deformation capacity of structures. 1In
this criterion, the quantitative evaluation of such sub-indexes are
attempted using check list system. Moreover, seismic sub-index é%
representing the intensity of input ground motions to the base of a
building, which depends ou the seismicity of its location an on the
relationship between its dynamic characteristics and the kind of soil

is defined as G in this criterion. The standard value of this sub-index
is taken as equal to 1.0 and decreasing value with increase of the
earthquake danger in the locarion is assumed. However, G-index is

fixed to 1.0 in this criterion because of the difficulty of the

evaluation of the earthquake danger at present.
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2.5 Consideration of Seismic Sub-index of. Ductility, F to Seismic Sub-
index of Basic Structural Performance, EO.

In the basic sub-index representing the earthquake resistant abiliry
of structures, EO, not only strength but also deformation capacity are
considered as follows.

1) Critical conditions defined by the failure of brittle members.

The lateral load carrying capacity of a building depends on the

failure of brittle structural members provided that the building is
consisted of structural members with various deformation capacity
and, therefore, is not always the sum of the ultimate lateral strength
of every structural members. In general, critical displacements at
the ultimate strength of brittle structural members are small because
of their high stiffness, and then the ductile members which, have
relatively low stiffness might not reach their ultimate strength at
the critical displacements.

Moreover the brittle members show significant reduction of load
carrying capacity after they reached their ultimate s;rqutbr

Therefore, the failure of brittle structural members becomes one
of critical conditions for evaluating the seismic perfo%mange of
buildings. 1In this criterion, such critical conditions are expressed
in Eq. (2), (3) and (5). 1In these equations, ¢ means one of the
reduction factor of the strength for ductile members considering the
compatibility of the displacement at the failure of brittle members.
The value of a which is taken as 0.5 to 0.7 in these equation is
derermined empirically, based on many test results on the yield
displacements.

On the other hand, the failure of brittle members causes often

the local collapse of buildings because that they become ineffective

to sustain vertical loads. Therefore, in this criterion, the failure
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of brittle members is considered to be one of the critical conditions
on the safety of buildings even if the lateral load carrying capacity
of the buildings as a whole is not affected by it. Such a critical
condition is considered in Egq. (3} or (3).

2) Critical condition of buildings consisted of the structural members
which have various deformacion capacicy.

It is not always easy to evaluate the seismic safety of the
buildings consisted of the structural members which have various
deformation capacities. In case of a building consisted of structural
members which have almost same deformation capacity, it is possible
to evaluate its earthquake resistant, based ou the assumption of the
equal energy concept proposed by Blume et al, which implies that the
potential energy stored by the elastic system at maximum deflection
is the same as that stored by the elastoplastic system at maximum
deflection. In case of a building consisted of, for example, some
brittle shear walls and ductile columns, its seismic resistant ability
changes with change of the ratio of the load carrying capacity of
walls to that of columns or change of deformation capacity of framing
members. For evaluating the seismic safety of such type of structures,
Eq.(4) is proposed, based on the many non-linear dynamic analyses of
combined structures of brittle shear walls and ductile frame responding
tc ground motions recorded during severe earthquake.

3) Relation between required ductility factor of non~linear system,
and seismic sub-index, F.

Non-linear dynamic analyses of structures respondiug to earthquake
motions have shown that the required ductility factor of the elasto-
plastic systems whose yield shear factor, is Cy may be estimated from
the elastic spectral response acceleration, CE' Blume et al, for

example, has shown that the required duccilicy facter of reinforced
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concrete structures is given by the following equatiom;

E

where C_ ; yield shear factor of elasto-plastic system.

»

= -1
C /Cy Y2U

C.. ; spectral response acceleration of elastic system.
U ; required ductility factor of elasto-plastic system.

This equation is based on the equal energy concept as mensioned
in the Article 2). Comparing the above equatibn with results obtained
from dynamic analyses on single degree of freedom systems with elasto-
plastic and degrading stiffness load-deflection relatiomnship, it is
evident that the above equation may be an‘upper bound.

For determining the seismic sub-index, F given in Eq.20, the same
approach as mensioned above has been applied, based on the nonlinear
dynamic analyses responding to the gound motions recorded during
severe earthquake carried out on the single degree of freedom
oscillator having degrading tri-linear load-deflection relatiounship
which seemed to be a typical load-deflection relationship of
reinforced concrete structures.

The reciprocal of the seismic sub-index, L1/F in this criterion
is one of the upper bound of the ratio of the yield shear factor of
degrading tri-linesar system to the elastic spectral response
acceleration.

4) Determining the required ductility factor of structural members of
multistory frames from the reponse ductility factor obtained from
non-linear dynamic analyses of one mass system.

The ductility demand obtained from the non-linear dynamic
response analyses on the one mass system'cannoc be claimed to give an
accurate assessment of the ductility demand of each structural'members
of the multistory frame responding tc nom-linearly to strong

earthquakes. In this criterion, however, it is supposed that the
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ductility demand of each structural members assumed to be the same
as the response ductility factor obtained by the non-linear dynamic
analyses of one mass system. N

Many experimental studies have been carried out recently on the
ductility behaviour of the flexural yield type structural members.
However, there is a lack of information concerning about the
quantitative estimation of allowable ductility in accordance with
structural details of the members. The equation (22) is proposed
provisionally for estimation of the allowable ductility of flexural
columns with some restrict conditions in which ductil behaviour can
not be expected.

In cases of walls, even the experimental studies on the ductility
behaviour have not been performed sufficiently. Therefore, the F~index
is directly given by Eq. 24 for walls for safe side estimation instead
of the estimation of F-index from the allowable ductility factor as
in the case of columns.

2.6 Recommendation for repairs to improve the earthquake resistant‘
characteristics of buildings

When insufficient seismic safety of buildings comes into question
as the results of the application of this criterion, appropriate repairs
may be required for improving the earthquake resistant characteristics
of the buildings. The recommendation for repairs are also provided for
this purpose. This recommendation deal with the procedures of repairs
in accordance with strength requirements or ductility requirements
of the structural members. The mathod of the evaluation of the seismic
safety of the repaired buildings, some attention for the practice of
repairé, and some design details for repairs are also provided in this

recommendacion.
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1. General Rule

1.1 Basic Plan and Scope

This criterion is applged to low or.medium-rise existing reinforced
concrete buildings ( they are called RC buildings for short hereafter )
in the case of evaluating the seismic performance of them briefly, and
it is composed of three evaluation methods. Each method has a different
level from ome anther, and is respectively named for the first evaluation
method, the second evaluation method, and the third evaluation method.

In addition, this seismic evaluation is an expression of seismic
capacity of a building by the continucus index. The decision on the
result shall be performed according to the judgement standard that is

established elsewhere.

1.2 Preliminary. Investigation

Before applying this criterion, in accordance with a proper
preliminary investigarion, it is necessary to decide whether this v  ’ -_%
criterion may be applied or not. The preliminary investigation is an - E
approximate investigatién about whether the structural plan, type and
time-dependent condition of the building have much difference from

those of normal buildings.

2. Definition of Seismic Index
The seismic safery of buildings is represented in the following two
indexes, and the higher value of each index means the higher seismic
safety,
Is : Seismic Index of Structure

IN : Seismic Index of Non-Structural Elements
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They are in principle independent, however, their relations are a little
considered. For instance, the relation between ductility of structure
and ductility of noo-structural elements is used for the culculation
of IN.
3. Calculation of Seismic Index
of Structure, IS

3.1 General

(1) Index of structure, Is, is calculated by Eq.(l) about the longitu-
dinal and ridge direction at each floor of a building. However, G-index,
T-index and S_-index in the firsrc evaluation method are not related to

D

the floor location and the direction.

IS = EO XGX SD Xt ‘ {1)
where, Eb ¢ Seismic Sub-Index of Basic Structural
Performance (Section 3.2)

G 1 Seismic Sub-Index of Ground Motion (Sectiou 3.3)
S, ¢ Seismic Sub-Index of Structural Profile
{Structural Design) (Sectien 3.4)
T ¢ Seismic SuB—Index of Time-Dependent Deterioration
(Section 3.5)

(2) In calculating I_-index, any one of three methods may be used (the

5
first, the second and the third evaluation method). The generalization
of each method is as follows. The larger the number of merhod is, the
more detailed the calculation is and the higher the reliability is.

i) The First Evaluation Method

Eo-index is caleculated by the ultimate strength that is
approximately calculated from the ratio of wall and column sectional
area to sum of floor area. SD—index and T~index are calculated

roughly on the same level with the caleulation of EO. This method

is suitable for the building that has a lor of walls, and may
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underestimate the building that has few walls.
ii) The Second Evaluation Method
Based on the assumption that the strength of beams is sufficient-

1y large, E.-index is calculated by the ultimare strength of walls

o]
and columns (which is calculated by a little more detailed equations
than those of the first evaluation wmethod), failure mode, ductiliry
and so oun. SD—index and T-index are a little more detailed than those
of the first evaluation method, too. Because ductility together with
strength is reflected in EO-index, the value of Eo—index of the build-
ing, that have ductile framing structure, may be higher than the value
calculated by the first evaluation method. Furthermore, the standard
value for safety judgement in the case of the second evaluation method
may be lower than the case of the first evaluation method as the
reliability of the calculation by the former is higher than that of
the calculation by the latter. The above mentioned matter is also
true in the relation between the third evaluation method and the
second.
iii) The Third Evaluation Method

When Eo—index is calculated, the type of yielding mecyanism, the
rotation of foundation under wall and etc. are taken under consider-
ation. SD-index and T-index are calculated in the same way as the
second evaluation method. The seismic safety of buildings is investi-

gated more minutely and the reliability of calculations is higher as

compared with the second evaluation method.

3.2 Seismic Sub-Index of Basie Structural Performance, E

0
3.2.1 Calculation of EO-Index

Based on the assumption that the other sub~indexes are 1.0, EO—

index shows the seismic performance of buildings by the ultimate
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strength, the type of failure mechanisms and the ductility. The
larger the strength is and the higher the deformation ability is
because of the ductile failure type, the higher the value of Eo-index
is.

By combining strength index €, failure type (Section 3.2.2),
ductility index F. (Section 3.2.3) and others, E,-index at the i-th
story of n-storied building is calculated as follows by each method.

(1) The first Evaluation Method
In the first evaluation method, vertical members of buildings

are classified into three categeries (Table 1), and E. -index is

0

calculated as follows.

Table 1. Classification of Vertical Members

for the First Evaluation Method

Mame Definition

column independent column (ho/D >2)
extremely short column independent column (ho/D22)

wall including the wall not surrounded by

framing members
notes : ho : clear height of column ; If there is upper or lower

wall, ho becomes short. (Figure 1)

D : depth of column section
i
e sl
% beam
collmn
upper wall
~ ~
e .
> (“' B h%);\;'\eﬂ
z ™ Z1 __opeaning

lower wall

ol 'y Lo K ol

LI I

Figure 1. Clear Height of Column, ho
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i) EO—Index of Buildings without Extremely Short Columns
Eo—index is obtained by Eg.(2) in the case that there is no

extremely short column.

n+ 1

el (Cw + al'Cc) X Fw (2)
where, n : total number of stories of the building
i : the number of the story under investigation; 1 is

used at the first story, and n is used at the top story.
Cw : strength index for walls by Eq. (7)
Ce : strength index for columns by Eq. (8)
¢, : (sum of the lateral shear forces sustained by coclumns
corresponding to the displacement at the ultimate
strength of walls) / (sum of the ultimate strength of
columns) ; 0.7 may be used for this value, however,
it is 1.0 in the case of Cw = 0.
Fw : ductility index of walls (ductility index of columms in
the case of Cw = 0) ; 1.0 may be used for this value.
ii} EO~Index of Buildings with extremely short Colgmng
In the case that there are some extremly short columns, Eo-
index is the higher value which is obtained by Eq. (3) or by Eq.(2)
neglecting extremely short columns.
However, if the extremely short column is the secondary seismic
element, Eq. (3) should be used. The secondary seismic element is
the member which is permitted to fail by horizomtal load and has no

elements arround to support the vertical load that is sustained by

the member at the failure.

n+ 1

Eo = o+ (Csc + uZ-Cw + a3-Cc) X Fsc ' (3
where, Csc : C-index of extremely short columns, calculated by
Eq. (9)
Cw : C-index of walls, calculated by Eq. (7)
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Cc : C-index of columns, calculated by Eq. (8)
(sum of the lateral shear forces sustained by walls
corresponding to the displacement at the ultimate
strength of extremely short colummns) / (sum of the
ultimete strength of the walls) ; 0.7 may be used
for this value.
(sum of the lateral shear forces sustained by columns
corresponding to the displacement at the ultimate
strength of extremely short columns) / (sum of the
ultimate strength of columns) ; 0.5 may be used for
this value.
Fsce + ductility index of extremely short columns;
0.8 may be used for this value.

{2) The Second Evaluation Method

In the second evaluation method, first, we determine the failure
type (Table 2) and ultimate shear force (3.2.2 (2), ii), iii)) of each
vertical member at the objective story by the process shown in Section
3.2.2 (2), and we calculate the ducﬁility index of each member by the
process shown in Section 3.2,3, Next, we classify vertical members
into three or less groups so that the members of which the failure
tipes and ductility indexes are near each other are in one group, and
then we calculate the structural indexes by Section 3.2.2 and the duc-
tility indexes by Section 3.2.3 about the groups. Failure types are
shown at Table 2. Verrical members classified into three or less
groups are named for the first, the second and the third group accord-
ing to the order from the lowest F-index. Lastly, Eo-index is calcu-
lated by combining the structural indexes C and ductility indexes F of

each group as follows.
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Table 2. Classification of Vertical Members by

Failure Types for the Second Evaluation

Method

failure type Definition : !'
' 1 column that flexural vielding precedes
flexural column !
! 1 shear failure ]
i 1]
! | i i
: ! 3 ieldi d
fFlexural wall | wall that flexural yielding precedes !
' ! shear failure
’ column that shear failure precedes
;shear column flexural yielding ; However, extremely

i

i brittle column is excluded.

ishear wall

wall that shear failure precedes

flexural yielding

i
|
§

extremely brittle

column that ho/D is less than or equal

to 2.0 (extremely short column), and
column

shear failure precedes flexural yeilding

i) Eo-index of Building without Extremely Brittle Columns

In the case that there is no extremely column, E.-index is the

0
higher value which is calculared by Eq. (4) or by Eq. (5). However,

if there are some shear columns which are the secondary seismic

elements, Eq. (5) should be used.

B P (4)
EO Py E1 + F_2 + E3 :

where, E, ¢ Cl X F,
E, = C, X F,
E3 : C3 X F3
Cl : C-index of the first group (F-index is lowest)

C2 : C-index of the second group (F-index is middle)

C3 : C-index of the third group (F—index is highest)
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F, :

F, s

E:O = n +

where, az :

o+l

F~index of the first group
F~index of the second group

F-~index of the third group

1

T {C, + °‘2'C2 + a3-c3) X Fl (3

1
(sum of the lateral shear forces sustained by the
secoud group members corresponding to the displacement

at the ultimate strength of the first group members)/

(sum of the ultimate strength of the sacond group

"members) ; It may be taken as the values shown in

Table 3.
a3 i+ (sum of the lateral shear forces sustained by the third
group members corresponding to the displacement at the
ultimate strength of the first group members) [/ (sum of
the ultimare streagth of the third group members)
It may be taken as the values shown in Table 4.
Table 3. o, in Eq. (5)
“‘\ng\fiifj\?rOUP extremely brittle shear column,
the second group ~— 1 column L shear wall
flexural column 0.5 0.7
flexural wall 0.7 1.0
shear column, 0.7
shear wall :
Table 4. Uy in Eq. (5)
[~~~ __the first group
! extremely brittle shear column,
i . - column shear wall
Lwthe third groﬁﬁ*w::?5\‘
i flexural column 0.5 0.7
- -
: flexural wall 0.7 1.0
g .- - PR
i shear column, 0.7
! shear wall *
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ii) EO—Index of Buildings with Extremely Brittle Columns

In the case that there are some extremely brirtle columns, EO-
index is the highest value wihch is calculated by Eq. (4) and (5)
neglecting extremely brittle columns or by Eq. (5) considering
extremely brittle columns. In the case thatr extremely brittle
columns are not considerd, the vertical member’s group, of which the
ductile index is secondly least, rises to the first group, and the
number of groups goes up in order.

However, if the extremeiy brittle columns are the secondary

seismic elements, E.-index shall be the value by Eq. (5) considering

0]
extremely brirtle ¢olumns. In addition, even if the extremely

brittle column is not the secondary seismic element, in the case
that there are some shear columns which are the secondary seismic

elements, E.-index is the larger value which is obtained by Eq. (5)

0
considering extremely brittle columns or by Eq. (5) neglecting
extremely brirtle columns.
iii) Exception

In the case that eccentricity ratio defined in Section 3.4 for
the calculation of SD-index is more than 0.15 because of unbalancedly

distributed walls ete., E.-index is the smaller one of the following

0
two .

a) Neglecting the vertical members by which the eccentricity
is caused, Eo—index is calculated by the method mentioned in
Paragraph i) and ii).

b) Not considering the eccentricity, E_-index is obtained by

v}
Eq. (5), however, the vertical members by which the eccentricity is
caused is taken as the first group, and the group of which F-index

is smaller than the first group is neglected.
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(3) The Third Evaluation Method
f”é The third evaluation method is performed in the same way as the
second evaluation methed and further the following matters are added
considering the strength and ductility of beams and the rotatiom of
foundation under wall.
i} As failure types, three other types shown in Table 5 are added to

five types shown in Table 2.

ii) Eo-index is calculated in the same way as the sacond evaluation
method, however, Eo—index may be modified as follows in only the case
that the flexural yielding of beams or the overturning capacity of walls

controls the seismic capacity of the building.

2n 4+ 1 (6)

- - 2
E0 - E0 K 3 X n+ 1

where, n : total number cof stories of the building

Table 5. Classification of Vertical Members by

Failure Types for the Third Evaluation Method

failure type Definition

flexural column

flexural wall

shear column by definition in Table 2

shear wall

extremely brittle column

column controled by the beam that
beam yield type column flexural yielding precedes shear

failure

column controled by the beam that

beam shear failure .
shear failure precedes flexural

1
type column yielding

wall that overturning capacity

overturning type wall precedes flexural yielding or

shear failure




3.2.2 Strength Index, C
This section is used for calculating C-index of vertical members
at each story of buildings for the first, the second and the third
evaluation method.
(1) The First Evaluation Method
In the case of the first evaluation method, using the sectional
area of walls and columns, strength index C is approximately calcula-

ted as follows.

Cw = Eﬂ X aw; + vz X awy; + I¥s X aws (7)
w w w
= Tc :
Cc = p X ac (8)
CSC = IE.S;- X asc (9)
- w

where, Cw : strength index of walls

Cc

‘e

strength index of columns
Csc : strength index of extremely short columns
Twi : average shear stress at ultimate strength of wall
{wall with colummns on both ends) ;
30 kg/cm? may be used for this value.
Twz : average shear stress at ultimate strength of wall
(wall with a column on one end) ;
20 kg/cm® may be used for this value.
Twsz : average shear stress at ultimate strength of wall
(wall without surrounding columns) ;
10 kg/cm? may be used for this value.
Tc : average shear stress at ultimate strength of column ;
10 kg/cm2 may be used for this value, however, 7 kg/cm2

shall be used if ho/D is more than or equal to 6.
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TSC

aw

awz

aws

AW]

Aws

Awj

..

.

average shear stress at ultimate strength of extremely
short column ; 15 kg/cm® may be used for this value.
ratio of wall sectional arez to sum of floor area
(wall with columns oun both ends) = Aw,/IAf (em?/m?)
ratic of wall sectional area to sum of f£loor area
(wall with a column on one end) = Aw,/IAf {ecm®/m?)
ratic of wall sectional area to sum of floor area
(wall without surrounding columns) = Awi/ZAf (cm®/m?)
sum of the effecrive wall sectional area in the
direction at the story investigated (wall with columns
on both ends) (cm?)

sum of the effective wall sectional area in the
direction at the story investigated (wall with a column
on one end) (cm?)

sum of the effective wall sectional area in the
directiom at the story investigated (wall without

surrounding columns) (cm?)

However, wall sectional area is defined by Figure 2.

ac

asc

Ac

Asc

ratio of column sectional area to sum of floor area

= Ac/IAf ‘(cxnzlmz)

ratio of extremnely short column sectional area to sum
of floor area = Ac/TAf (em?/m?)

sum of independent column sectional area at the story
(ecm?) ; The column surrcunding the wall which is used
for the calculation of Aw; or Awz shall not be
accounted to Ac.

sum of extremely short column sectional area ac the

STOTY (em?)
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taf : sum of the flocr area of which the story is higher
than the story calculated (m?)

w 1 sum of the weight of each story which is higher than
the story under consideration (dead load + live load
for calculation of lateral load) /ZIAf (kg/cmz) ;
1,200 kg/cnm® may be used for this value if the

calculation is not especially needed.

neglecting neglecting
It
@ Aw, = t X 1wy
e 1wy e
neglecting
'it
—T Awy = t X 1lws
=,
1 i 1wy If (lw, - D) is less than 45 cm,
neglecting 4 neglecting the wall, it may be
T £ regarded as independent celumn.
L]
| g 1wy >
:fk: Awy = t X lws ,
. ] If 1wy is less than 45 cm,
L, g it is neglected.

Figure 2. Calculation of Wall Sectional Area

(2) The Second Evaluation Method

In the second evaluation method, based on the assumption that the
strength of beams is in principle sufficiently large, C~index is
calculated by the ultimate strength of vertical members (columns and

walls) against horizontal load.
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i) Process

Structural index for the second evaluation method is calculated in

the following process.
a) The ultimate shear strength, Qsu and the shear force at ultimate
flexural strength, Qmu of each vertical member are calculated, and
then the failure types are determined by the comparison of these

two values. Ultimate shear strength, Qsu and ultimate flexural

strength, Mu are calculated by Eq. (10) - Eq. (15) im Paragraph ii),

and shear force at ultimate flexural strength is calculatad by Egq.

{16} and Egq. (17) in Paragraph iii).
b) Ductility index F of each vertical member is decided by the
failure type and the ductility capacity in the way of Section 3.2.3.
¢) Vertical members are classified into groups (less than or equal
to 3), and the structural index of each group is calculated.
Classification into groups is shown in Paragraph iv), and
calculation of structural index is shown in Paragraph v).
ii) Calculation of Ultimate Strength
Ultimarte flexural strength and ultimare shear streagrh of a member
are calculated by Eq. (10) - Eg. (15).
The specified compressive strength for compressive strength of

concrate {Fc), 3,000 kg/cm2 for tensile yield strass of round bars and

(specified tensile yield stress + 500 kg/cm?®) fcr temsile yield stress

of defromed bars may be used respectively. However, in the case thar
remarkable time-dependent deterioration are observed by preliminaly
investigation or there are data about wmaterial strength from detailed

investigation, the values in the actual condition should be used.

a) Ultimate flexural strength Mu of a rectangular column is obtained

by Eq. (10).

-T2
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Nmax 2 N > 0.4 b-D-Fc¢

Nmax -~ N )
Nmax - 0.4b-D-Fe

Mu = (O.Sat'Gy-D + 0.12b-D%.Fe) (

C.4b*D-Fc 2 N > 0

Mu

. R S
O.Sat-cy-D + 0.58°D (1 - =552 ) %(10)

0 > N 2 Nmin :
]

0.8a ‘o ‘D + 0.4N-D J
t 'y

Mu
where, Nmax : ultimate strength of the column under axial
compression = b+D-Fc + ag'oy (kg) . .
Nmin : ultimate strength of the column under axial
tension = -ag'cy (kg)
N : axial froce of the column (kg)
a_ : total area of tension bars (ecm?)

a : gfoss area of bars in the column (em?)

: width of the column (cm)
D : depth of the column (cm)
c_: tensile yield stress of bars (kg/cm?)

b

Fc : compressive strength of concrete (kg/cm?)-

b) Ultimate flexural strength Mu of a column with wing walls is
calculated by Eq. {(11). However, in the case that the wing wall is
on only one side of the column and flexural moment acts in the
direction that the wing wall is tensile, the column with the wing
wall is treated as & rectangular column and is calculated by
Eq. (10).

N & | O.Sae(O.Q + B8) - 13p.]b-D-Fe

Mu = (0.9 + B) a;-0y-D + 0.5N-D [ 1 + 28 -

N ay 0.
amoE (LR 21 an
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o " If N is more than [0.5ae(0.9 + 8) - prt]b'D-Fc ,
: Mu is calculated by substituting [O.Sae(0.9 + B) - prt]b'D~Fc
into N of Eq. (11).
where, P, * tension reinforcement ratio = at/(b-D)
o, ¢ ZA/(lw'b)
LA : total sectional area of the column with wing
walls (cmz)

i total horizontal length measured out-to-out of

wing walls (cm)

g : (length of wing wall on compression side) / D
f& (cmz)
/. t —r
- b
. 4
| ke D o BD*'
i 1w t

Figure 3. Column with wing walls

c¢) Ultimate flexural strength of a wall with columns ou both ends is
obtained by Eq. (12). If there are columns in the middle of the
wall, rthe longitudinal bars of the column is regarded as vertical

reinforcemencs of the wall.

Mu =a g 1 + 0.5Z{a rc_) 1 + 0.5M-1 (12)
t 'y w w oWy w W
where, a, @ total area of longitudinal bars in the column on the
tensile side of the wall (cm?)
'vﬁ g_ tensile yield stress of loungitudinal bars in the
column on the tensile side of the wall (kg/cm?)

a = area of vertical reinforcements in the wall (cmz)
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o : tengile yield stress of vertical reinforcements in
the wall (kg/em?)
lw : length of the wall, measured center-t?-center of
columns (Figure 5) (cm)
d) Ultimate flexural strength of a wall with a cﬁlumn on one end or
a wall without colummns is calculated by Eq.(10), Eq.(11l) or Eq.(12)

according to the shape and arrangement of reinforcing bars.

e) Ultimate shear strength of a rectangular column is calculated by

Eq.(13).
_ . 0.053pc 0-023 (180 + Fo) .
@su = [ =7 v 0.12 * 2.7/Py Oy + 0-10, 1b-]
(13)
however,
1 52M/(Q-d) £3

where Pt : tension reinforcement ratio (%)

P : shear reinforcement ratio ; In the case of P, 2 0.012,

0.012 shall be used for Pw'

sOWy tensile yield stress of shear reinforcamént‘(kg/cmz)
o, : axial stress of the column (kg/cm?) ;
In the case of o, > 80 kg/em?,
80 kg/em® shall be used for Og-
d : effective depth of the column section ;

(D - 5em) may be used for d.
M/Q : shear span ; ho/2 may be used for M/Q.
ho is the élear height of the column.
j : distance between the center of temsile stress and that
of compressive stress of the column section ;

0.8D may be used for j.
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by Eq.(l4).

sy °

ho

.

IA

as

lw, ts

 % fellows.

where aﬁ

1

Qsu = 0.5/Fc¢ (

calculated by Eq.(13).

f) Ultimate shear strength of a column with wing walls is obtained

1y . £(1w~D)
T YZA + O’S[PW'GWY + ps-Gsy 5.0 15D + 0.1N

(14)
shear reinforcement ratic of the column
tensile yield stress of shear reinforcements (kg/cm?)
lateral reinforcement ratio of the wing wall = a,/{(t-s)
a, (cmz) is area of a set of lateral reinforcements
and s (cm) is the spacing of lateral reinforcements.
tensile yield stress of lateral reinforcements (kg/cm?)
axial force <{(kg)
clear height of the column (cm)
total sectional area (cm?)

and D is in Figure 4.

]
b
b D
l [
— v —

Figure 4. Column With Wing Walls

g) Ultimate shear strength of a wall with columns on both ends is

However, the parameters are substituted as

In addition, if the wall has an opening, Eq.{(13) is mulci-
plied by reduction ratio (y) of Eq.(l3).

pt : 100 X a./(be‘l) %

total area of longitudinal bars in the column on the
tensile side of the wall (cm?)

total length of the wall (Figure 5) (ecm)
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be : equivalent thickness of wall = ZA/1 (em)
YA : total sectional area (cm?)
P : equivalent holizoutal reinforcement ratie of the

wall = a,/(ve-s)

where &, : areaz of a set of lateral reinforcements (cm?)
s : spacing of lateral reinforcements (cm)
Scwy : tensile yield stress of reinforcements of the wall
(kg/cm?)
g, : IN / (be-1)

where IN : total axial force (kg)
j ¢ 1, or 0.81 may be used for this value.
b : It is replaced by be.

D : It is replaced by 1.

d :; It is replaced by 1.

M/Q : wMu / wQmu calculated by Eq.(17)
[ L 1 F
L1 L 5
L 1w 4
N !

Figure 5. Wall with Columns on Both Side

reduction ratio by a opening of the wall :
Y = 1 - (equivalent opening peripheral ratio) (15)

where equivalent opening peripheral ratio :

ogenlng area
b X L,

h : height of the story

-77-




e e

RPIRER P T  YE T

SRR S

h) Ultimate shear strength of a wall with a columa on one side or
a wall without columns is calculated by Eq.{(13) or Eq.{(14) according

to the shape and arrangement of reinforcing bars.

iii) Calculation of Failure Type and Shear Force at Ultimate Strength
Uding ulrimate flexural strength and ultimate shear strength in
Paragraph ii), the failure type of vertical members and shear force ac
the ultimate strength are obtained as follows.
a) Column
Calculating shear force CQMu at ultimate flexural strength by

Eq.(16), and comparing cQMu with ultimate shear strength cqu’ the

failure type and the shear force .Q, at ultimate strength are obtained.

1) In the case of <

u ¢ Qsus failure type is flexural column.

Q= Q)

2) In the case of Q. 2 Q failure type is shear coluamn.

su’
(cQu - CQSU)
However, in shear columns, the column, that hO/D is less than or

equal to 2, is especially treated as extremely britcle column.

(M)T + (Mu)B
cQMu = ho (16)

where (gMy)T : ultimate flexural strength at the top of the column
(cMy)B : ultimate flexural strength at the bottom of the
column

hy : clear height of the column

b) Wall
Calculating shear force wQMu at ultimate flexural strength by
Eq.(17), and comparing _Q, with ultimate shear streagth Qs The

failure type and the shear force wQu at ultimate strength are obtained.
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c)

3) In the case of [ Quy < Qsu, failure type is flexural wall.

G = wQMu)
4) In the case of _Qu, 2 wQsu, failure type is shear wall.
(G = Qs’
wQMu = Z.WMU /hw (17)
However, in the case of the top story of a multistoried wall
(including a single storied wall), the coeffeicient 2 of right side
in Eq.(17) is replaced by 1.
where M ultimate flexural strength of the wall at the story
under coansideration
h, : toral height of the wall measured from the floor

considerd to the top

By the above calculation, the failure type of each vertical member

is any one in Table 6.

Table 6. Failure Types and Ductility Index

(The Second Evaluation Method)

failure type - F-index (Section 3.2.3)

1) flexural column calculated from ductility factor U
at ultimate strength (1.27 -3.2%)

2) flexural wall calculated from the ratio of shear
strength to flexural strength
(1.0 =2.0)

3) shear column 1.0

4) shear wall 1.0

5) extremely brittle

0.8

column

* There is the case that F-index is equal to 1.0 according to

the particular condition as shown in Eq.(23).
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iv) Classification of Vertical Members

Sy
-:z
]
3
]

Based on the failure types decided in the above Paragraph iii) and
the values of F-index calculated in Section 3.2.3, vertical members are
classified into three or less groups, each group is named for the firsrc,
the secoud and the third group.

In this case, the following matters are important.

a) Collecting the members of which the F-index are near each other

into one grbup, the number of groups shall be reduced as possible.

In this case, the minimum value of the F-indexes of the members in

the group is used for the F-index of the group.

b) Extremely brittle columns should be an independent group.

v) Calculation of Strength Index
Strength index Ci of each group is obtained by Eq.(18).
Ci = (sum of the shear force at ultimate strength of the vertical
members belonging to the i-th group) /IW (18)
where IW : sum of the weight of which the story is higher than the

story under consideration (dead load + live load for

calculation of lateral load)

(3) The Third Evaluation Method

i) Process :
Structural index for the third evaluation method is calculated in

the following process.
a) Ultimare flexural strength Mu and ultimate shear strength Qsu of
columns, walls and beams are calculated according to the way shown
in Paragraph ii).
b) Using the result of a), failure type of each member and ultimate

moment of each nedel point is determined, and then, failure type and

lateral shear force of vertical member are calculated by a nodal
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limit analysis. However, walls are calculated by an approximate limit
analysis assuming the distriburion of lateral load and the failure
mechanism.
¢) In the same way as the second evaluation method, vertical members
at each story are classified into three or less groups, amd strength
index of each group is calculated.

ii) Calculation of Ultimate Strength of Members
a) Ultimate flexural strength and ultimate shear strength of walls
and columns are obtained by Eq.{10) -Eq.(15) in the same manner as
the second evaluation method.
b) Ultimate flexural strength and ultimate shear strength of ‘beams
are calculated by Eq.(10) -Eq.{(15) respectively substituting N=0
or G,=0 into these equations. However, for the calculation of
ultimate flexural strength of beams, the following Eq.(19) is also
applicable. In addition, the &ffect of the reinforcements arranged
in slabs and the effect of the bars at the middle depth of beams may

be considered.

Mu = 0.9a -oy-d (19
where, at : total area of tensile bars (cm?)
o, * tenmsile yield stress of temsile bars (kg/cm®)

; effective depth of a beam cross-section {cm)}-

iii) Determination of Failure Type and Lateral Shear Force at Ultimate
Strength
a) columns
Considering the case that the lateral capacity of columns
depends on the ultimate strength of beams, failure types and lateral
shear force of columns at ultimate strength are determined by nodal

limit analysis.
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1) Failure types cf beams and columns are determined in the same way
as the second evaluation method, and the end moments of members at
the nodal points are calculated.

2) According tec Figure 6, comparing the sum of the end moments of
beams with that of columns at each nodal point, if the sum of the
end moments of beams is less than that of columns, each half of it
is used for the ultimated end moment of the upper and lower column
at the nodal point. If the sum of the end moments of columns is less
than that of beams, they are used for the ultimate end moments of
columns as they are. In thiscase, the failure type and F-index of
the member that controls the ultimatre condition of the nodal poimt
are used for the failure type and F—inéex of the nodal point.

3) After calculating failure types and ulrimate end moments about
all nodal points, the failure type and lateral shear force at ulti-
mate strength of a column are determined as follows.

Failure type of column : the failure type of the nodal point of
which F-index is lower comparing the two nodal points at top and
bottom end of the column.

Laceral shear force Qy at ultimate strength of column :

0 = {sum of ultimate moments at top and bottom end of the column)/

c*u

{(clear height of the column)

note 1) In the case of cuMc +
. B > (M + M),
LB
“lv e %(LMB + gMp) is used for
e ff‘T’qi,r””ﬂ’ each ultimate end moment
PMﬂ; of columns at the nodal
point. The failure type
Figure 6. Failure Type of of beams is used for the
Nodal Paint failure type of the nodal
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point.
note 2) In the case of (gMg + nMe) h (LMB‘+ RMB), e and pMe are
used for ultimate end moments of columns at the nodal point
as they are.
note 3} UMC, DMC’ LMp and gMp are calculated considering the effect
of the rigid zone.
b) Walls
As shown in Figure 7, multi-storied wall is idealized by cutting
off from the other framing members at the mid-span of connecting beams.
The lateral load applied to the idealized wall may be taken as the
least value of the following three laterzl loads determined uner in-
verse triangular distribution of lateral loads ; the lateral load by
which the wall reaches to their flexural yield strength, shear failure
strength or overturning capacity. Lateral shear force at ultimate
strength of the wall at each story is calculated from the above lateral
load, and this failure type is used for the failure type of the wall

at each story.

lateral load wall

& Z///;
7
.
7/7/// j

ib

i
In

I

i
It

13

1T

i

Figure 7. Multi-Storied Wall
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1 The wall which is not multi-storied is treated in the same way as
multi~storied wall, based on an assumption of the failure mechanism

that is as actual as possible.

By the abeove calculation, the failure type of each vertical member

is any one in Table 7.

Table 7. Failure Types and Ductility Index

{The Third Evaluation Method)

failure type F-index (Sectiom 3.2.3)

1) fle#ﬁral ¢olumn

2) flexural wall )
3) shear column ¥-index in Table 6
4) shear wall

5) extfemely brittle column

i 6) beam yield type column 3.0

: 7) beam shear failure type 1.5
column -

4 8) overturing type wall 3.0

iv) Classification of vertical members based on failure types and

ductility indexes, and calculation of strength indexes of the groups

R
.
i
i

H
-
i
.
b
:

are performed in the same manner as the second evaluation method.

3.2.3 Ductility Index, F
1) Calculation of F-index
F-index of vertical members 1is calculated as follows according to
the number of the evaluation method and failure type of the member
determined in Section 3.2.2.

i} The First Evaluation Method

Following the classification of vertical members shown in Table

1, F-index shown in Table 8 is used in the first evaluatiou methed.
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Table 8. Ductility Index

(The First Evaluation Method)

g name F-index
I

; column {(hy/D > 2) . 1.0

| extremely sheort celumn 0.8

! (hg/D £ 2)

! wall 1.0

ii) The second Evaluation Method

Following the classification of vertical members shown in Table
2, F-index shown in Table 9 is used in the second evaluation method.
H?re, F-indexes of flexural columns and flexural walls are obtained
respectively by Eq.{20) and Eq.(21) because of their well ductility.
However, F-index of columns with wing walls is taken as equal to 1.0.

a) flexural columns

F=¢20 -1 (20)
where, g : ultimate ductility factor, calculated by Eg.(22)
1

¢ FT5(L + 0.050
b) flexural walls

Qsu / Qu =1.3 ; F=1.0
1.3 € Qg / Qu € 1.6 5 F=-12.0+10 X (0., / Q) (21)
1.4 £ 0ay / o ; F=2.0

where, (Qg, @ ultimate shear strength of the wall

~Q, ¢ shear force at ultimate strength (at ultimate flexural

strength) of the wall

iii) The Third Evaluatiom Method
In the same way as the second evaluation method, F~-index is
determined according to Table 9. However, following the classifi-

cation shown in Table 5, the latter articles of Table 9 are also
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applied,

Table 9. Ductility Index (The Second and The Third

Evaluation Method)

[‘_ failure type F-index evaluation method
‘Elexural column calculated by Eq.{(20) second, third
! 1.27 - 3.2%
1 ,
' flexural wall calculated by Eq.(21) o
i 1.0 - 2.0
| shear column 1.0 "o, "
shear wall 1.0 "o, "
extremely brittle 0.8 " "
column * ’
beam yield type 3.0 third
colimn
beam shear failure "
1 1.5
type column
overturning Cype 3.0, o

l ‘ wall

* There is the case that F-index is equal to 1.0 according

to the particular condition as shown in Eq.{23).

(2) Determination of Ultimate Ductility Factor Y of Flexural Columns
Ultimate ductility facror u of flexural columns is obtained by
Eq.(22). However, if any ome of the conditions described in Eq.(23)
is correspounded, the value of F-index should be 1.0.
M=o -k - ke LEuss (22)
where po = 10-(cQy, / Q, - V)
ki = 2.0 (k; may be zero provided that shear reinforcement
spacing is less than eight times the diameter cf longitudinal
bars.)
ctu

kg=30(F—--0.1)§0
c

-86~



Qsu ultimate shear strength of the column
¢Qu ¢ lareral shear force of the column at the ultimate
condition
etu  : Q,/(b3)
b ¢ width of the column
j : distance beween the center of tensile stress and
that of compressive stress of the column section;
0.8D may be used for it.
Fc : compressive strength of concrete

Conditions in which F-index should be taken as 1.0 ;
N/ (bDFp) > 0.4 )
cTu/f F. > 0.2

>
P > 1% (23)

<
h0/ D= 2 J
where, Ng ' axial force of the column at the failure mechanism
pr : tensile reinforcement ratie of the column section

h, : clear height of the column

3.3 Seismic Sub-Index of Ground Motion, G
G-index may be taken as equal to 1.0 at present.

3.4 Seismic Sub-Index of Structural Profile, SD
3.4.1 General

This index quantitatively represents the effect of the structural
profile, the distribution of stiffness etc. on the seismic safety of
buildings, and is used to modify E _-index.

SD-index is determined for two method, the first and the second

evaluation method, according to the required accuracy.
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3.4,2 Judgement Items
Items applied in each method are as follows.
(1) Items in The First Evaluation Method
i) Items Concerning Floor Plan Profile
Irregurality of Plan, length-width ratio in plan, dent in
plan, clearance of expansion joints, presence of open hall (the
size and eccentricity) and other special profiles in plan.
ii) Items Concerning Sectiounal Profile
Presence of underground stories, uniformity of story height,
presence of piloti and other special profiles in section.
{2)1tems in The Second Evaluation Method
In the second evaluation method, the following items are examined
in addition to the items considered in the first evaluation method.
i) Items Concerning Horizontal Rigidity
Eccentricity berween the center of gravity and the center of
rigidity in plan.
ii) Items Concerning Sectional Rigidity
Weight-stiffness ratio of a story to that of the immidiately
above story.
3.4.3 Calculation of SD—index
The influence factor qi, which represents the degree of influence of
each judgement item, is calculated using the grading factor Gi and the
adjusting factor Ri for the range of the influence. Then S _-index is

D

obtained by the mutual multiplication of qi as shown in Eq.(24) aﬁd
Eq.(25}).

The degree of influence is adjusted according to the classification
shown in Table 10, using raspectively R1i and R21i in the first and the

second evaluation method.
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(1) Equation To Be Used in The Caluculation of SD-Index

i) SD—index for The First Evaluation Method

SD = q, X 4p ) IR X 95 (24}

where, 9y = [ 1 - (1~ @Gi) X Rli ]

—
[
b

= a,bac:dseafngiajak)
=[ 1.2 - (1 - Gi) X Rli ]

h)

—
He
1]

Sp = gy X agy, X oo X gy (25)

where, ay; = [1-(-6Gi) X R2i ]

(i =a,b,c,d,e,f,g,i,j,k,1,m,n,0)
954 = [ 1.2 - (1 - Gi) X RZi ]
(i = h)

iii) SD-Index for The Third Evaluation Method
SD-indexes for the second evaluation method are used for the

third evaluation as they are.

Sp3 = Sp2

(2) Classification of Irems
The classification of items and the values of G-factors

and R-factors are shown in Table 10.
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Notes concerning Table 10;

a

1

.

The plan is almost symmetric about each direction, and the area of
a lump is less than or equal to ren percent of the floor area.

Lumps are considered in the case of 1/b Z1/2.
k- P

~
__I_L_. ot

The plan is more irregular than that of as and the area of a lump
is less than or equal to thirty percent of the floor area in the
plan of L-type, T-type, U-type and others.

The plan is more irregular than that of a5, and the area of a lump
is more than thirty percent of the floor area in the plan of L-
type, T-type, U-type and others.

b = (length of the long side)/(length'of the short side) ;

In the plan of L-type, T-type, U-type and others, 2-1 is used for

the length of the long side.

— ] =]

e 1 b —o -1

T ‘:ﬁj
1'%o
DoI ip

This is applied to the buildings which have expansion joints.

d = (clearance of expansion joints)/(height of the part connected
by expansion joints)

e = (area of open hall)/{area of the floor imcluding the area of
open hall) ; However, a stair hall surrounded in reinforced
concrete walls is not regarded as an open hall.

fl = (distance between the center of the plan and the center of

the open hall)/(length of rthe short side)
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N

f2 = (distance between the center of the plan and the center of the

open hall)/(length of the long side)

h (area of basement floor)/(building area)

B

i (height of the immediately above story)/(height of the story
under consideration) ; When the top story is examined, the immedi-
ately above story in this equation is replaced with the immediately
below story.

In the case that the floor is supported by only piloti, moreover,
the distribution of piloti is eccentric, it is treated as eccentric

distribution. When the building is complete flaming structure,

however, it is not cousidered as piloti.

1 =E//B* + 12 F- B =

.8

EjI . G

S : center of gravity

o [ i

G : center of rigidity

Here, horizontal rigiAity of each plan may be obtained by

[ Z{column sactional are#) + a X £ (wall sectional area)]*4 of each
plane.

n = [(weight-stiffness ratio of the immediately above story)/
(weight—stiffness ratio of the story under consideration) X 8 ;
When the top story is examined, the immediately above story im this
equation is replaced with the immediately below story.

Where, (weight-stiffness ratio) = {rigidity at the story under
consideration)/(sum of the weight at the higher étories than the
story under consideration), (rigidity at the story) = [ I(column
sectional area) + L(wall sectional area) X a]/(height of the story),
8 = (N - 1)/N.

the number of the stories above the story under consideratiom,

B = 2.0 at the top story.
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#1 : In the case that expansion joints are utilized in the build-
ing, each part divided by expansion joints is considered as
one unit.

%2 : This item is used in the case that the plan is remarkably
special profile.

#3 : This item 1s used in the case that the section is remarkably
special profile.

%4 : The value of ¢ is variable according to (heighr of the wall)/

{length of the wall).

]
h/1 wall surrounded by wall not surrounded
framing members by framing members
3.0 £ n/1 1.0 0.3
2.0 £ h/1 < 3.0 1.5 0.5
1.0 £ w/l < 2.0 2.5 0.8
h/1 < 1.0 3.5 1.2
gﬁﬁ/Zfﬁ T
., 4 n
Z//»/.rz// __,l

1

3.5 Seismic Sub-Index of Time-Depended Deterioratiom, T
3.5.1 General

T-index aims to evaluate the effect of the structural defects, such
as cracks, deflections, superannuations and others on the seismic safety
of buildings. Therefore, determination of T-index should be performed
essencially according to the detailed site investigation. However,
considering the conveniency of this evaluation method and the acecuracy

about the other sub-indexes (E,~index, S_~index and others) used in the

D
calculation of seismic index of structure, 1s' investigation method is

classified into three steps, namely the first investigation, the second

investigation and the third investigation. T-index is determined in

-G 3~




principle according to these investigaticns and is respectively used at
the calculation of Is—index in the first, the second and the third
evaluation method.
3.5.2 The First Evaluation Method

T-index for the first evaluation method is determined following the
resulc of the first investigation shown in Table 1l. The minimum value
of the T-values in C column of Table 11 is used for T-index of the firsc
evaluation method.
3.5.3 The Second Evaluation Method

T-index for the second evaluatioun method is calculated by Eq.{26) in

accordance with the resultant of the second investigation shown in

Table 12.
T= (T +Ta+ Ty + rrormrrrnmees +TN)/N
(26)
Ty = (1 - Pg0(Q = Pey)d
where Ti ¢+ T-index of i-story
N : number of stories examined
Pgy ¢ sum of the demerit points at i-story concerning about

structural cracks and deflections. However, it may be
taken as equal to zero if the investigation is not needed.
P,y ¢ sum of the demerit points at i-story conéerning about
deterioration and superannuation. However, it may be taken
as equal to zero if the investigation is not necessary.
3.5.4 The Third Evaluation Method
In the third evaluation method, the same value of T-index as the
value determined in the second evaluation may be used in principle.
However, in the case that C-index is calculated using the result of

detailed investigation, T-index may be taken as 1.0.
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3.5.5 Investigation of Buildings

(1) The First Investigation

The first investigétion is performed about the checking items
shown in Table 1l according to the explanation by the building man-
ager and the site observation by the investigator.
(2) The Second Investigation

The second investigation is in principle examined on the follow-
ing matters according to the observation of the building surface and
brief measurement by the investigators. However, in accordance with
the degree of the cracks and deterioration, the following matters
are investigated after takingvaway.a part of finished materials.
i) the degree and extent o% structural cracks and deflections
ii) the degree and extent of deterioration and superannuation. This
investigation is in principle performed about the degree and extent
of several items shown in Table 12 at each story. However, the story
impossible to be examined is neglected.
3) Detailed Investigation

In the case thét drawing and specification have the defecrts,
detailed investigation is performed about the following items con-
cerning columns, beams and walls. In order te gain the information
for the modification and supplement of the data that is necessary to
calculate E -index, test pieces are extracted from the structure, a
part of finish materials is taken away, a part of concrete is chipped
and so on.
i) strength and elastic modulus of concrete
ii) confirmation about arrangements and sections of reinforcements
iii) reestimation of the sectional capacity of members considering

the construction condition, cracks and loss
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iv) reestimation of the strangth of marterials considering the

neutralization and superannuation of concrete and the rust of

reinforcements
Table 11, Calculation Table of T-Index in
The First Investigation
A B C T-value D icems
checking items degree mark the related to
} correspond- | the second
| ing matter | investigation
!
; The building is in-
( clined, or unequai 0.7
{ settlement has arisen )
¢ undoubtedly.
i
| The site is reclaimed
i ground or rice field 0.9
: before. structural
d '
eflection . The deflection of cracks and
: beams and colummns is 0.9
! visible with the - deflection
§ unaided eye.
| The above matters do
' not correspond to ! 1.0
- the building :
| The leakage of rain
water is observed
and reinforcement is 0.8
in rust.
The inclined cracks of structural
columns are clearly cracks and
visible with the 0.9 deflection
cracks of unaided eve.
walls and ; There are numbers of
+ cracks in the external 0.9
columns i wall.
}
! The leakage of rain
3 water is observed, but 0
! reinforcement is not i -9
i in rusc. i
i The above matters do f
! not correspond to the ! 1.0

buildine

G-




fire damage

usage

years elapsed

condition
of finish

materials

There is the trace of
fire damage.

no experience

Chemicals were or
have been used.

The above matter
more than or equal
to thirty years

more than or equal
to twenty years

less than twenty
years

The separation of

ig remarkable

0.7
The building was dam-
aged by fire, but the 0.8
trace is not clear. j
i.
1.0
0.8
does not correspond. ; 1.0
0.8
| 0.9
:
i 1.0
L
external finish mate- i 0.9
rials is remarkable )
by the superannuation
The deterioratiom or
separation of inter- 0.9
nal finish materials )
1
There is no particular 1.0

trouble

structural
cracks,
deflection,
deterioration
and

superannuation

deterioration
and

superannuation .

deterioration
and

superannuation ’

deterioration

and

superannuation
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b
2
4

i
B

1
R
-

Table 12. Sum Up Table of Demerit Points in The Second Investigation

{(floor)
note : Mark the corresponding matters and then sum up them.
items structural cracks and deflection

a b e
1. cracks following . deflection of 1. brief strucrural
uneven settlement slabs and beams cracks not
\ interfering with corresponding
2. shear cracks or X
\ . non-structural with a or b
degree inclined cracks lement :
of beams, walls ® s 2. deflection of
and columns . shear cracks or slabs and beams
clearly visible inclined cracks not corresponding
with the unaided of beams, walls with a or b
eye and columns not
clearly visible
with the unaided
eye
. flexural cracks
or vertical
cracks of beams
and colvmms
.clearly wvisible
with the unaided-i
mem-- eye Ct
bers Extent\l
i 0.017 0.005 0.001
I
floor ii 0.006 0.002 ¢
iid 0.002 0.001 0
11 i 0.050 0.015 0.004
beam ii 0.017 0.005 0.001
i rde
(gzz) 111 0.006 0.002 0
I1T i 0.150 0.046 0.011
vall, | 44 0.050 0.015 0.004
cloumn
iii 0.017 0.005 0.001
sub-
sum of a1
demerit !
O' t T b2 =
points Otd.l! ps

i, ii, iii denotes more than 1/3 of total number of floors,
from 1/3 to 1/9 and less than 1/9, respectively.
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deterioration and superannuation

a

b

[od

1. expansion cracks 1. melt of rust on 1. remarkable dirt
of concrete by reinforcement by or stain by
the rust leakage water leakage water and
reinforcement . . chemicals and
2. neutralisation of o on
2. corrosion of concrete to the s
reinforcement place of rein- 2. brief separation
3. cracks by fire forcement or sgp§rannuat10n
of finish
. s 3. remarkable separa-
4. deterioration of : . materials
tion of finish
concrete by X
s materials
chemicals and
so on
0.017 0.005 0.001
G.006 0.002 0
0.002 0.001 .0
0.050 0.015 0.004
0.017 0.005 0.001
0.006 0.002 0
0.150 0.046 6.011
0.050 0.015 0.004
0.017 0.005 0.001
P, =
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4, Calculation of Seismic Index of Nom-structural Index, IN

4.1 Geuneral Rule

o Seismic Index of non-structural elements, L is an index evaluating
the safety against the injury of non-structural members, especially
considering the injury thar the separation and fall of finish materials
on external walls by earthquake injure people directly or disturb their

refuge.

'3 ; The evaluation is composed of the first, the second and the third
't]é evaluation method, and Iu—index is calculated about each wall surface at
each story ian all methods.
4.2 The First Evaluation Method
4.2.1 General
In the first evaluation method, IH—index'is obtained by Eq.(27)
about each wall surface at each story of buildings.
IN = 1 -B-d {27)
where, B : sub-index of structural type
H : sub-index of degree of influence
For B and E-~index in Eq.(27), the values of the rectangular part includ-
ing the structural type that will be destroyed earliest (B-index is the

highest) at the wall surface under consideration are adopted.

4.2.2 Sub-Index of Structural Type, B

:'ié B-index is obtained by Eq.(28) using sub-index of flexibilicy, £
and sub-index of actual consition, t.
B=f+(1L-£)-¢t (28)
o (1) Sub-Index of Flexibility, £
f-index is gained by Table 13 using grade of flexibility of

structures, gg and grade of flexibility of non-structural elements,

gN'

~100~



&g and gy are shown respectively in Table 14 and 15.

Table 13. Sub-Index of Flexibility, f

\\\ structure rigid —-——o g, — flexible
non-structural 1 1
elements
rigid
! I 0.5 1.0
!
{ 0] 0.5
flexible I
Table 14. Grade of Flexibility of Structures, gs
B condition of structure
rigid I Ductility capacity is low. For instance,
i the building with many short columns.
flexible II Ductiliry capacity is high. For instance,
the building with little walls.
Table 15. Grade of Flexibility of Nom-Structural
Elements, By
By non-structural elements
Deflection capacity is low. For instance,
concrete block, glass block, fixed sash window,
rigid I . . , I
stone facing, tile facing, mortar nlastering,
ALC boad and soc on.
Deflection capacity is high. For instaunce,
flexible TII metal and PC curtain wall, movable sash, stray
and placing tile, naked concrete and so on.

(2) Sub-Index of Actual Condition, t

t-index is obtained by Table 16 in accordance with the existance

of trouble experience.
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Table 16. Sub-Index of Actuzl Condition, t

: trouble experience g t i
E e e e = e e : i '
i " 1 ;
: exist or unknown § 1.0 ;
1 H
I .
. no ; 0.5

4.2.3 Sub-Index of Degree of Influence, H

‘H~index is obtained by Table 17 according to the envircmment

directly below the wall surface and the existance of suppression mattars
such as eaves, set back and orhers.

Table 17. Sub-Index of Degree cf Influence, H

: suppression mMALTers

: environment e .

: : exist ¢ ne

b road (including private road, ;

B 1.0 . 0.3 :
: public. square and others) : i
= the others 0.5 E 0.1 :

4.3 The second Evaluation Method

jfé 4.3.1 General

In the second evaluation method, IN-index is calculated by Eq.(29)

about each wall surface at each story of buildings.

I, =1~ J—————ZBj e e e (29)
S N oL
3 i3
where, Bj : sub-~index of structural type
Wj : sub-index of wall surface area

H., : sub-index of degree of influence
Li : length of unit of wall surface
In the application of Eq.(29), the wall surface is devided into
units (rectangular parts) in the horizontal directica. The total sign
£ in Eq.(29) represents the total of these units.

In addition, in the case that a unit consists plural structural
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types, the structural type considered to be destroyed earliest (B-
index of it is the highest) stands for the unit.
4.3.2 Sub-Index of Structural Type, B
B-index is obtained by E;.(BO) usiné sub-index of flexibility, f and
sub-index of actual condition, t.
B=f+(1- D)t (30)
(1) Sub-Index of Flexibility, f
f-index is obtained by Table 18 using grade of flexibility of

structures, g and grade of flexibility of non-structural elements,

gN'
8 and gy are shown respectively in Table 19 and 20.
Table 18. Sub-Index of Flexibility, £
\\\\ structure rigid &— B, — +flexible
non-structural elements 1 2 3 4
rigid i 0.3 | 0.8 8.9 1.0
T 2 a 0.3 0.8 0.9
g
3 o 0 0.3 0.8
flexible 4 0 0 0 0.3
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flexible

Ductility capacity is rather high.

Table 19. Grade of Flexibility of Structures, 8

approximate
F-indexn

condition of structure

e m—— . i i e e a m a e - ————

Ductility capacity is low. TFor
instance, the building that extreme-
ly brittle columns nearly determine 0.8

the seismic capacity.

Ductility capacity is rather low. i
For instance the building that '
sh?ar columns or shear walls nearly ? 1.0

determine the seismic capacity. :

For instance, the building that i
flexural columns or flexural walls 1.3
nearly determine the seismic

capacity.

o e pgmp st s mmeem e

Ductility capacity 1is high. For
instance, the building that f£lexural
walls nearly determine the seismic 3.0
capacity and that is especially

ductile.
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Table 20. Grade of Flexibility of

Non-Structural Elements, gN

non-structural elements (examples of walls,

&y

openings and external finish materials)

Deflection capacity is low ; wet system

rigid 1 concrete block, fixed sash window | stone facing

A glass block (steel sash)

Deflection capacity is rather low ; dry system

2 ALC boad fixed sash window| tile facing,
mortar plas-

tering

Deflection capacity is rather high ; elements
monolithic with walls placing in site ;

prefabricated elements

metal or PC movable sash spray or

curtain wall i placing tile

There are no elements which easily separate or

fall ; sufficient consideration against earthquake

flexible 4
monelithic wall (no openings) no finish

in site ‘materials

(2} Sub-Index of Actual Condition, ¢
t-index is obtained by Table 21 in accordance with the
combination of By and By By and gy are respectively grade of the

trouble histery of nonestructural elements and grade of years passed.
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Table 21. Sub-Index of Actual Condition, t

Passed years and the grade, 1 2 3

gY less than {3 - 10 |more than

trouble history 3 years years 10 years

and the grade, gH

The building has an experience of

féj 1 trouble, but it is not repaired. 1.0 1.0 1.0

'f% The trouble history of the

building is unknown.

The building has no experience of
3 trouble, or it was repaired 0 0.2 0.3

entirely.

4.3.3 Sub-Index of Wall Surface Area, W

W-index is calculated by Eq.(31).

h.
W=a+bot (31)
s
where, a = 0.5
b = 0.5
hj : height of éorresponding structural type
hs : standardized height = 3.5 m

4.3.4 Sub-Index of Degree of Influence, H
H~index is gained by Eq.(32) using sub-index of enviromments, e and
sub-index of the arrest of falls, c.
H = EeK'cK (32)

In the application of Eq.(32), ey and ¢, are gained from every hori-

K
zontal surface which is inside of the influence angle (the angle between
the wall surface and the inclined plane with inclination of 1/2 from the
top of the wall), and they are sumed up. However, when the kinds of e

or c, are more than two in a horizontal surface, the maximun value of

them is used in the surface.
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(1) Sub-Index of Enviromments, e
e-index is obtained by Table 22 in accordance with the -
environment {the possibility of people's being there) directly blow

the wall surface.

Table 22. Sub-Index of Environment, e

enviromments €

public road 1.0
private road, road in site, corridor, public

0.7
square, veranda
open space where people may come, plantation 0.2
open space where people may not come,

0

adjacent building

(2) Sub-Index of The Arrest of Falls, c
c-index is obtained by Table 23 according to the existance of
suppression matters such as eaves, set back and so on or the other

conditions.

Table 23. Sub-Index of The Arrest of Falls, c

suppression matters c
the case that the influence angle is entirely
intercepted by eaves, set back and so on 0
the pojected horizontal surface directly below
the eaves that partially intercept the ]
influence angle
the horizontal surface at the same story as that
of the walls considered g-3
the others 1.0
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4.4 The Third Evaluatiou Method

In the calculation of sub-index of structural type, the practical
investigation about the actual condition of the structural type (detail,
state of construction, degree of superannuation and so on; they influence
the deflection capacity) is performed, and then based om the resultant,

the way in the second evaluation method is applied.

5. Syunthetic Evaluation of Seismic Safety

Using the above mentiocuned Isﬂindex and IN—index, the seismic safety
of buildings should be evaluated synthetically.

Based on the result of the evaluation, in addition, taking account
of various conditious such as the use, importance and age of buildings,
judgement of seismic safety of buildings are performed according to the
judgement standard that is established elsewhere. Therefore; it is
desirable to make the evaluétion list (the karte) clearly sta-ed the

number of the evaluation, the items of IS and I_-index, the opinion about
L .

N

the result of evaluation and others.
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. SEISHIC RESISTANCE OF INTERIOR PARTITIONS

PRESENTED BY
M.S., AGBABIARN

1. INTRODUCTION

The primary targets of seismic hazard reduction measures in
Los Angeles are unreinforced masonry buildings that normally have
a high occupancy load, such as apartment houses, hotels, nursing
homes, and office buildings. A common characteristic of these
facilities is the extensive use of floor-to-ceiling interior walls
required to partition off floor space. The capacity of these
partitions to function as shear walls is recognized in Division &8
of the new Los Angeles Municipal Code (Ref. 1) in that "existing
materials including wood shear walls may be used as part of the
lateral load resisting system provided that the stresses in these
materials do not exceed (specified) values." However, there is
concern that the contribution of these interior building parti-
tions may be more significant than presently allowed by the new
ordinance. Research that justifies increased allowable stresses
for shear walls would be a significant factor in reducing the
costs of strengthening when increased seismic resistance is

required.

Independent of the development of the City Ordinance, and
following a schedule that overlapped the adoption of the ordinance,
a study was undertaken by Agbabian Associates under a grant from
the National Science Foundation (Ref. 2) to investigate the effec~
tive participation of wood-framed interior shear wall partitions
when determining the ultimate resistance capacity of two- and
three-story masonry buildings to seismic loading. Wood-stud
partition framing was stressed because (1) it is the type
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normally found in the older buildings that are especially
susceptible to earthquake damage and (2) research directly
applicable to this type of partition construction is very limited.

2. SCOPE OF RESEARCH PROGRAM

The study combined testing and analysis to investigate the
in-plane shear load resistance characteristics of various combina-
tions of lath and plaster materials commonly utilized for interior
partition wall construction in pre-1934 unreinforced masonry
buildings and assessed the influence cf interior partitions on
the safety of these buildings.

A series of static tests were conducted on four types of
partition construction to investigate strength and rigidity to
in-plane lateral forces, ultimate strength, and failure mode
characteristics. The four types of partitions included:

Specimen A. Wood studs with 5/8-in. gypsum wallboard
{horizontal joints)

Specimen B. Wood studs with 5/8-in. gypsum wallboard
(vertical joints)

Specimen C. Wood studs with 3/8-in. gypsum lath and plaster
Specimen D. Wood studs with wood lath and plaster

The latter type was common in the construction of pre-1934
buildings. The test panels were analyzed using finite element
techniques; predicted load vs. deflection relationships were
correlated with test data to obtain material properties of
strength and stiffness. The effectiveness of interior wall
partitions was then assessed by including them in the analysis
of typical mascnry buildings with interior partitions of wood
lath and plaster construction.
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3. SUMMARY OF TESTS

Test panels were 4 ft high by 8 ft long constructed of 2 x 4
studs spaced at 16 in. on center (see Fig. la). Two panels were
prepared for each partition type and boelted together, as shown in
Figure 1b prier to applying the facing material. Details of the
four types of facing material tested are shown in Figqure 2.

The assemblies were then tested as simple beams, as shown in
Figure 3. This method of testing results in an almost pure shear
loading in each panel. Deflections were measured at the center
and guarter points as loading was applied by a hand-pumped
hydraulic jack. Care was exercised to ensure that load was
transmitted to the wood framing members directly and not the

facing material.

The progress of the cracks in the plaster was marked as the
loading increased. A load vs. displacement curve is shown in
Figure 4 for each specimen. Test results are summarized in Table 1.
In Table 2, the shear per linear foot is given for each panel
assemblage as measured at first cracking, at a noticeable break
in load/deflection curve, and at failure. A comparison of test
shear values with allowables in the City Ordinance show substantial
factors of safsty for wood studs with wood lath and plaster and
reasonable factors of safety for wood studs with gyﬁsﬁm lath and
plaster. Tests conducted to determine the lateral strength of
nailing between wood lath and studs indicated that the lateral
resistance of the nails is adequate to transfer the measured
shear loads between the partition framing and wood lath and

plaster facing material.

It must be noted that these tests were exploratory and that
further studies are reguired to substantiate the preliminary
conclusion that the resisting capacity of interior partitions

is higher than what the City Ordinance acknowledges.
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1t should be noted that both the City Ordinance and the
tests presume that the partitions are attached to joists or
rafters in such a manner that the connection transfers the
applied loads without failure.

4. PARAMETERS FOR ANALYSIS

The test panel assemblages were analyzed by using a finite
element model using beam elements for studs and plane stress

elements for wall facing materials. The material properties to
represent each type of material are given in Table 3. A typical
comparison of calculated and measured load/deflection curves is
shown in Figqure 5. It is noted that the analysis considers
elastic properties. These analyses are exploratory, and further
investigation is needed before generalizations can be made.

Finite element models may be considered appropriate in
determining natural frequencies of interior panels and in dynamic
analyses of the response of building/interior partition systems

to seismic motions.

5. EFFECTIVENESS OF SHEAR WALL PARTITIONS

An evaluation was made of the effectiveness of wood~framed
shear wall partitions in resisting the lateral lcads imposed on
two- or three-story masonry apartment/hotel buildings where
extensive use has been made of floor-to-ceiling interior walls
to partition off floor space. These structures normally use
wood jolsts and sheathing for the floor and roof systems.

Figure 6 shows the layout of apartments and arrangement of parti-
tions. assumed for a typical flcor. For the purpose of the analyses,
it was assumed that the exterior masonry walls and interior parti-

tions are adequately connected to floor and roof diaphragms.
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Calculations were made for the equivalent static case where
the horizontal shear force is equal to 107 of gravity load.
This corresponds to a medium risk building as defined in the
City Ordinance. The maximum shear in transverse partitions
was developed for two-story and three-story buildings based on
tributary area assumptions. The shear loads were then compared
with the shear wall values determined by tests of wood lath and
plaster construction. The results are tabulated in Table 4.

The factors of safety for 10% of gravity indicate a reason-
able margin against building failure. However, this observation
may be premature since it is based on the results of only one
test and depends cn the factor of safety to be assigned for
wood lath and plaster facing material.

6. RECOMMENDATIONS FOR FURTHER STUDY

Additional testing of wood lath and plaster partitions have
been recommended. These tests would include racking tests of
8 ft by 8 ft panels using static cyclic loading to determine
strength and stiffness characteristics and degradation due to
shear stress and deformation under load reversal.

An investigation should also be made of construction
practices that were used prior to the 1930's to atﬁach pértitions
to floors, ceilings, and cross walls and of the manner in which
seismic loads are transferred to lateral-resistance structural
elements or éystems through, these connections. A program for
testing existing connections should be included in the investiga-
tion. Methods for strengthening existing connections should also
be developed and tested as part of this effort.

REFERENCES

1. Los Angeles Municipal Code. "Earthguake Hazard Reduction in
Existing Buildings," Ordinance No. 154807, Approved Jan 7, 1981.

2. Anderson, R.W., Investigation of the Seismic Resistance of

Interior Building Partitions, Phase I, R-8110-5205. El Segundo,
CA: Agbabian Associates, Feb 1981.
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TABLE 1. SUMMARY OF TEST RESULTS

First Cracking Effective Yield Ultimate
Specimen
Load, Deflection,; Load, Deflection,| Load, Deflection,
1b in. 1b in. 1b in.
A 1,800 0.27 2.300 0.3 3,800 1.8
B 2,250 0.20 4,000 0.4 6,300 1.1
C 4,050 0.12 6,000 0.25 9,225 i.1
D 8,300 0.1¢9 10,000 .25 14,900 0.65
TABLE 2. SHEAR WALL VALUES PER FOOT
Test Results Factor of Safety
Specimen Allovinies
lst . € 1st
Crack | Yield | Ultimate Crack | Yield | Ultimate
A 112 144 238 - - - -
B 140 250 400 - - - -
C 253 375 575 200 1.3 1.9 2.9
D 518 625 930 100 5.2 6.3 9.3

AA1Q825
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TABLE 3. MATERIAL PROPERTIES FCR FINITE
ELEMENT MODEL

Modulus of Shear Poigson's
Elasticity E, Meodulus G, Ratio,
Material psi psi Y
Wood Stud 1.6 x 10° 0.4
Gypsum Wallboard 2,400 1000 0.2
(BEorizontal Joint)
Gypsum Wallboaxrd 4,800 2000 0.2
(Vertical Joint)
*Gypsum Lath and 12,500 : 5200 0.2
Plaster
*Wood Lath and ‘ 17,000 7100 ° | 7 0.2
Plaster i

*Combined Moduli
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FIGURE 1. TEST PANEL CONSTRUCTION
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(a) Specimen A — gypsum wallboard (horizontal joint)

FIGURE 2. TEST PANEL DETAILS
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FIGURE 2,

(CONTINUED)
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Specimen B — gypsum wallboard (vertical joint)
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PLAN VIEW

FIGURE 3. TEST SET-UP
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18,000 | T - T T T T

16,000~

SPECIMEN D
14,000}~ RN

12,000

P 1b

. 10,000
SPECIMEN C\
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6000}~
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| [ il ] !
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3 Experimental Studies on Retrofitting of

g Reinforced Concrete Structural Members

Y. Higashi*, T. Endo** and Y. Shimizu***

Introduction

In the earthquake countries, the reinforced concrete building must be
provided adequate strength, ductility or both of these factors against large
response earthquake force. Recently, some of the reinforced concrete build-
ings, especially those built more than 10 years ago (when Reinforced Concrete
Structural Standard of Architecture Institute of Japan was revised) were
evaluated as not always secure in shearing force of column at severe earth-
quake in Japan. Therefore, the reliable, easy and short-term strengthening
methods for existing reinforced concrete buildings are necessary and the
development of these methods is desired in our society.

Following two basic policies would be considered as strengthening the
existing reinforced concrete buildings;

1} increasing the ultimate strength of the reinforced concrete build-
ing.

2} increasing the ductility of the reinforced concrete building in
absorbing earthquake energy by plastic deformation.

In this paper, considering these policies, eleven types of strengthen-
ing method are adopted. The existing single-bay, single-story frames and
single-bay, three-stories frames with poor web reinforcement celumns are
infilled with precast concrete panels, steel bracing, steel frame and so on,
and the effects on them are investigated through the tests under static,
lateral cyclic leading reversals. Then the behaviors of all specimens are
analysed by using inelastic frame models.

* professor of Tokyo Metropolitan Uniwversity, Dr. Eng.
** Associate Professor of Tokyo Metropolitan Univerxsity, Dr. Eng.

*** Agsistant of Tokyo Metropolitan University, M. Eng.
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1. Test Specimen

Fourteen models of single-bay, single-story reinforced concrete frames
(77 and 78 series/about cne-third scale), and eight models of single-bay,
three-stories reinforced mortar frames (79 series/about one-eighth scale),
which had columns with relatively poor web reinforcement (reinforcement

ratio of hoops; P, = 0.11%), are strengthened with the following methods;

1) Infilled reinforced concrete wall cast in place (77 -No. 2,
79 ~No. 2) °

2) Precast concrete wall panels filled in frame

a) two precast concrete walls simulated as side walls
{78 -No., 3, 79 -No. 3)

b) two precast concrete walls with door open (78 -~ No. 4)

¢) three precast concrete walls (77 -No. 3)

d} three precast concrete walls with cotter (77 -No. 4)

e} four precast concrete walls (78- No. 5, 79 - No. 4)

f) four precast concrete slit walls (74 -No. 6, 79 - No. 5}

3) Reinforcement with steel

a) steel bracing (78-No. 7, 72 - No. &)

b) steel inside frame (78~ No. 8, 79 - No. 7)

¢) steel truss (78 -~ No. 9)
4) Web reinforcement in the column with steel plates (78 - No. 2)
Eleven types of strengthening are adopted, and twenty-two specimens

including three pure frames and two monolithic walls are provided as shown
in Table 1.

Three series (77, 78 and 79 series) of tests are done in 1977, 1978
and 1979. The details of the specimens are shown in Fig. 1. The details
of the connection between wall panel and frame are shown in Fig. 2. The
physical characteristics of materials used in the tests are shown in Table 2.

2. Test Procedure

To investigate the cyclic behavior of strengthened frames, each speci~
men is subjected to similar sequences of reversed cycle deflections as
illustrated in Fig. 3. The axial load N is kept constant, which is

N 11.8 x 10" N (12 ton) ; 77 and 78 series

N =2.95 x 10" N (3 ton) ; 79 series

for each column {corresponding to J, = 2.24 MP5 (30 kg/cmz) compressive
stress) .
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Fig. 4 shows the complete test set-up for the specimen 77 -No. 3 and
79 - No. 1.

At the top of the ground floor, the horizontal deflection from the
fixed base block are measured. The strains of the reinforcing steel bars
and the widthes of the cracks are also measured:.

3. Test Results

Initial stiffness, the lcads and the deflections at the critical
peints (the yielding point, the maximum and ultimate point), and C; factor
{(mentioned in the latter part of this paper) of each specimen are summarized
in Table 3. Fig. 5 shows the lcad-displacement curves of the fourteen
specimens. The crack patterns of all specimens at the ultimate state are
shown in Pig. 6. The idealization of load-deflection relations at positive
side leoading and the schematic comparison of the effect of strengthening
are illustrated in Pig. 7.

According to the Newmark's study, non-linear earthguake response analy-
ses of structures shows that the reguired ductility factor (U) of the elasto-
plastic systems, whose yield shear factor is ., can be estimated from the
elastic spectral response acceleration Cp, by the following equation [28}.

Cg = Cy' J 24 - 1

This equation is based on the equal potential energy.

Considering possible plastic deformation together with strength, Cp
factor defined in the following formula is adopted as an index of antiseismic
capability, in order to estimate test results in this report.

Cp = () - T

in which Qu and ¥ denotes the ultimate shear strength and the axial load
which is simulated gravity force respectively, and | is the ductility Ffactor
obtained from the test.

4. BAnalysis

The behaviors of the all specimens are analyzed by using inelastic
frame models. This analytical technique consists of the simplified routine
methed and is widely used to design of reinforced concrete buildings [35].
The outline and results of the analysis are as follows.
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1) Analytical Model

Each model of these specimens is shown in Fig. 8. The columns and
beams are considered as the rigidly jointed elements. The wall panel is
idealized as compressive bracing or, compressive bracing plus tensile
bracing. Then the both ends of these bracing are simuldted as pin joints.
Some joints aré simulated those with springs, and the others are not.

The steel truss is considered as the member of truss with springs, and
the steel frame is considered as the members of columns and beams with
springs.

2} Load-Deflection Relation of Members

The moment-rotation relation at the end of members in the frame and
the stress-strain relation of the additional walls are assumed to be
polylinear. The load-deflection relation of spring, and the axial force-
strain relation of the steel bracing are assumed as bi-linear, which are
shown in Fig., 9.

3) Frame Analysis

Pirst, the stiffness matrix of an individual member is derived from
basic principle of the direct stiffness matrix method [35]. 2and, the
stiffness matrix of an assemblage is obtained from superimposing the
stiffness matrices of the individual members. Having obtained the total
structure stiffness matrix, the solution stems from a routine set of
matrix calculation applied to the stiffness equation. The analyses are
performed with load incremental method, and the concept of a stress
matrix is used in calculating the internal forces.

4) Results of Analysis

The calculated load-deflection relation is compared with the experi-
mental load-deflection hysteresis curves in Fig. 10. The experimental
load-deflection hysteresis curves in Fig. 10 are the skeleton curves of
the positive side on cyclic loading. The shear force to holizontal dis-
placement curve obtained from the analysis agrees comparatively well with '
that from the test for every specimen, although this analytical technique
consists of the simplified routine method.

5. Conclusion

Based on the experimental and analytical results on the strengthened
reinforced concrete frame tests reported herein, several conclusions may be
deduced as follows:

1) The specimens with precast concrete panels without opening or with
reinforced cancrete infilled cast-in-place wall showed high strength.
The specimens strengthened by steel bracing and steel frame have large
factor as much as these precast concrete walls. On the other hand the
specimens strengthened by adding two precast concrete walls with side

"
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openings and those with steel truss have the smaller C; factor.

2) In regard to the single-story specimens, many of them have a tend-
ency to fail in shear, but the three-stories specimens have a tendency to
fail in bending,

3) The nen-linear analysis technique reported in this paper will be
efficient for design of strengthening on actual buildings, althcugh this
technique consists of the simplified routine method.

Thus the methods of strengthening and the analytical technigue re-

ported in this paper will be useful to prevent or decrease the earthquake
disaster of the existing buildings.
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Table 1. Specimen

No. 1 Fl Pure frame
77 No. 2 W pPost casted shear wall
eri
series No. 3 C3 adding 3 precast concrete walls
No. 4 c3c adding 3 precast concrete walls with cotter
No. 1 F2 pure frame
No. 2 sp Column web reinforced with steel plates
No. 3 c2a Adding 2 precast concrete walls simulated as
side walls
No. 4 c2B Adding 2 precast concrete walls with door
opening
78
. No. 5 c4 adding 4 precast concrete walls
sexries
No. 6 c40 adding 4 precast concrete slit walls
No, 7 - SB Adding steel bracing
No. 8 SF Adding steel frame
No. 9 ST adding steel truss
No.1l0 - FW Monolithic wall with frame ] I
No. 1 3F Pure frame
No. 2 3PW Post casted shear wall
Ne. 3 3C2a | Adding 2 precast soncrete walls simulated as
cside walls
79
. No. 4 3c4 aAdding 4 precast concrete walls
geries
No. 5 3C40 | Adding 4 precast concrete slit walls
No. & 38B adding steel bracing
No. 7 35F Adding steel frame
No. 8 IFW Monoclithic wall with frame
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Table 2-b

1
Mortar CGB
Specimen 14.1
P (144)
, . 24.1
Fill-in mortal (246}
Steel Bar sz «%m
26 247 330
(2520) (3370)
44 410 476
(4180) (4850)
363 544
Do
(3700) (5550)
378 552
p1o (3850) | (5630)
Steel soy sGm
348 496
H -6
{3550) {5060)
363 491
E-19 (3700) | (5010)
399 529
L~ 30 x30
X393 1 4070) | (5390)
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ABSTRACT

The strength properties and other important parameters
regarding the behavior of epoxy repaired concrete walls during
fire exposure were experimentally determined, Both ASTM E-119
and the SDHI time-temperature "pseudo"” fire exposures were
considered in evaluating the fire ratings of epoxy repaired
concrete walls. Conclusions are provided regarding the inter-
relationship between fire performance and wall thickness, crack
width, duration and intensity of fire exposure and the type of
epoxy adhesives. '
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INTRODUCTION

Epoxy adhesives have been used extensively in the repair and
rehabilitation of concrete, wood and masonry structures damaged by
wind or earthquakes and deterioration‘ﬁroduced by aging, environ-
mental exposure or a variety of other causes. Excellent adhesion
bonding characteristics and low shrinkage during the curing process
are two primary reasons for utilizing epoxy adhesives for such repair
and rehabilitation work. Since a variety of epoxy adhesives are
commercially available, optimum material properties and application

techniques may be chosen for different repair or rehaibilitation

jobs (5, 6, 7).

The behavior under room temperature environments of epoxy repaired
concrete, both under laboratory and actual field conditions, is well
documented in Jiterature (8,10,11,13). However, experimental data has
not been previously available on the behavior of epoxy repaired structural
components during and after typical fire exposures. Ref.'l_prgsented
experimentally derived strehgth properties of pure epoxy adhesives subjected
to elevated temperatures. These results indicated, as shown in Fig. 1,
that above 400°F, the hot strengths are negligible for all organic epaxy
adhesives currently utilized in the repair and rehabilitation of structural
components. Ref. 1 also presented a theoretical finite element analysis
of the expected strengths of epoxy repaired concrete components subjected
to pseudo-fire exposures. This paper will present additicnal experimental
test results on epoxy repaired concrete components in conjunction with

the experimental and analytical studies described in Ref. 1.
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Concrete beams, columns and walls have been repaired or rehabiti-
tated with epoxy adhesives for nearly 30 years in the United States.
Many concrete structures transfer lateral wind or seismic loads through
bearing or non-bearing shear walls. The experimental results described
herein pertain to the strength properties of epoxy repaired concrete
shear walls during and after “"pseudo-type" building fire exposures. The

specimens were fabricated in three different sizes as indicated in Fig. 2

and labelled as small, intermediate and large-scale specimens. A1l
experiments presented herein have been conducted at the Structures
Laboratory of California State University, Long Beach and the University
_f of California, Berkeley. Before discussing these experimental studies

» on epoxy repaired concrete shear walls, a brief summary of the strength
properties of pure epoxy adhesives at elevated temperatures is presented.

S STATIC STRENGTH PROPERTIES OF EPOXY ADHESIVES AT ELEVATED
e TEMPERATURE

A series of experimental tests were conducted on pure epoxy
adhesives subjected to elevated temperatures as described in Refs. 1 and
2. An electric convection oven was used for uniform temperature control

and all loads were applied statically. Relative to the experimental

studies described in subsequent sections, only compression tests are
f=;@ describad. For compressive strength tests, the test prccedure including
the loading rate and specimen geometry {cylinders with 1/2" diameter and
1" length) was obtained from ASTM D-695 "Test for Compressive Properties
of Rigid Plaétics“, with the following exceptions. FEach cylindrical
specimen was placed in the pre-heated electric oven for a period of one
hour at a specified uniform temperature. For the "hot test”, the

specimens were removed from the oven and immediately subjected to a
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static compressive load. Curve I in Fig. 1 illustrates the "hot test”
results for static compressive strength. Beyond 400°F (204.4°C), the
"hot" compressive strength is negligible due to cracking and rubber-like
behavior of the specimens which results in reduced strength properties.
The "residual test" specimens for static compressive strength were also
subjected to a one-hour temperature exposure, cooled under laboratory
conditions for about seven days, and subsequently tested in pure com-
pression at room temperature. Curve II in Fig. 1 provides the “residual
test” results for static compressive strength. For temperature exposures
of up to 300°F (149°C) the "residual compressive strength" did not change
appreciably. Beyond 400°F (204.4°C) temperature exposures, the specimens
usually cracked and became rubber-Tike resuiting in lower “"resjdual®
compressive strength properties. Since these compressive tests on pure
epoxy adhesives utilized laterally unconfined specimens, the "residual"
strength properties of structural epoxy adhesives confined within thin
cracks may be considerably different from those indicated in Fig. 1

especially at temperatures near and above 400°F (204.4°C).

Curve I in Fig. 1 also illustrates a drastic change in the mechan-
ical properties in the temperature range of 200°F (93.3°C) to 250°F (121.1°C).
Due to the sudden drop in the "hot" strength properties at a temperature
of about 230°F (110°C), this temperature is herein defined as the strength
transition temperature, T, Curve II also shows that the maximum residual
strength is achieved at temperatures near the strength transition tempera-
ture (230°F)(110°C) rather than the heat distortion temperature (136°F)

(57.8°C). These results are substantiated by the thermodynamic concepts
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of cure or polymerization which state that the optimum post cure

temperatures are above the glass transition temperature.
EPOXY CONCRETE SPECIMEN PREPARATION

Fig. 2 provides the dimensions for all small (14 in. x 18 in.),
intermediate (34 in. x 40 in.) and Targe (90 in, x 102 in.} scale
specimens., The most important specimen parameters studied include wall
thickness, h, and crack width, w. The specimens were constructed with
wall thickness of 6 in. {15.24 cm), 8 in. (20.32 cm), and 10 in. (25.4 cm).
The crack widths studied included 0.05 in. (1.27 mm), 0.30 in. {(2.54 mm),
and 0.25 in. (6.35 mm).

The specimens were fabricated from ready mixed éoncrete using a
6 bag mix. Rounded aggregate with a 3/4 in. (19.1 mm) maximum size and
Type I Portland Cement were used for the construction of all specimens.
Control cylinders were prepared and tested in accordance with ASTM C39
"Standard Method of Test for Compressive Strength of Cylindrical Concrete
Specimens". The average 28 day compressive strength of the control
cylinders was 4.15 ksi (28.6 MN/mz) with a standard deviation of 0.36
(2.5 MN/mZ] ksi. Fire surface protection, such as plaster, is not con-

sidered herein but is discussed in Ref. 2.

A1l wall specimens were cured for approximately seven days prior
to the formation of the crack. To simulate actual crack surfaces of con-
crete shear walls, each wall specimen was broken as a beam at an angle 8
equal to 45° as shown in Fig. 2. Since compression Toads were applied to
the top and bottom surfaces (ABFE and CDGH in Fig. 2), this crack con-

figuration provided maximum shear stresses within the epoxy repaired

~160-




crack. The concrete shear wall specimens, having been brokgn into
halves, were cured for a minimum of at least 90 days prior to epoxy
injection. The cracked specimens were cured under Taboratory conditions,
that is, temperature of 70°F (21.1°C) and relative humidity of 50%.

After the 90 day curing period, the specimens were injected with

appropriate epoxy adhesives as described in the following sections.
MOISTURE CONTENT STUDIES

Due to the significant effect of moisture on fire studies of con-
crete components (9, 12) moisture contents were determined for all
specimens. A1l moisture contents were obtained by weight at a tempera-
ture of 200°F (83.3°C) for a period of approximately 10 hours (ASTM D-2016).
The moisture contents were generally obtained within 3 days prior to
fire exposure. The small-scale specimens were cured in a laboratory
environment (70°F (21.1°C) and 50% relative humidity) for total time
periods not less than 140 days but not more than 180 days prior to fire
exﬁosure. The moisture content of concrete in small-scale specimens varied
from 1.4% to 1.8%. The intefmediate and large-scale specimens were con-
structed and cured under laboratory conditions for a period of about 90
days. Subsequently, the specimens were transported to UC Berkeley Richmond
Field Station by truck. These specimens were placed outside of the
laboratory and covered with polyethlene film and plywood. Despite this
protection, several rain storms resulted in extensive absorption of moisture
by the concrete. The moisture content in concrete varied from 2% to 3% in
the intermediate scale specimens. For the large-scale specimens, the

moisture content in concrete varied from 2.5% to 3.3%.
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EPOXY ADHESIVES USED IN THE EXPERIMENTAL PROGRAM

Six different structural epoxy adhesives were considered in this
research program as described in Ref. 2. All six epoxy adhesives are
considered thermosetting resins derived from the oil refining intermediate
products; epichlorhydrin and bisphenol A. Fillers were nct added to the
epoxy adhesives either before or during the injection of the adhesives
into cracks. These six epoxy adhesives were chosen because their chemical
and physical properties are representative of most epoxies that have been
or are being used for the repair of damaged structures since the 1971
San Fernando Earthquake. Based on technical data provided by the manu-
facturers of these six epoxy adhesives and additional experimental work on
the physical properties of these epoxy adhesives at the Structures
Laboratory, all six epoxy adhesives have been divided into two groups:

Tow viscosity and.high viscosity epoxy adhesives. The range of mechanical

properties for low viscosity epoxy adhesives are as follows:

Viscosity (cps) o 300 - 500
Compressive Strength at 70°F (21.1°C)(psi)(MN/m2) 12,000 - 17,000
' (82.8 MN/m) (117.3 MN/m
Tensile Strength at 70°F (21.1°C)(psi)(MN/m%) 7,000 - 12,000
: 2 (48.3 MN/m?) (82.8 MN/m
Pot Life (Minutes) 20 - 40

Heat Distortion Temperature (°F)(FC)' 120 - 145
_ . (48.9) (62.8)

Strength Transition Temperature (°F){°C) 220 - 240
. {(104) (116)
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The range of mechanical properties for high viscosity epoxy

adhesives are as follows:

Viscosity (cps) . 12,000 - 17,000

Compressive Strength at 70°F (21.1°C) 13,000 - 16,100
(psi){MN/m?) (89.7) (111.1)
Tensile Strength at 70°F (21.1°C) 6,500 - 7,800
(psi){MN/m) (44.9) (53.8)
Pot Life (Minutes) 30 - 50
Heat Distortion Temperature (°F)(°C) 115 - 135

(86.1) (57.2)
Strength Transition Temperature (°F) 230 - 245

(110) (118.3)
Considerable variation in the strength and viscosity of the high and
1ow'viscosity epoxy adhesives did not affect fire test results because
the heat distortion and the strength transition temperatures were
similar for both types of epoxies. In this paper, the fire test results
for both the Tow and high viscesity epoxy adhesives are averaged into
a single group of test results. However, Ref. 2 provides separate fire

test results for the low and high viscosity epoxy adhesives.
EPOXY INJECTION PROCEDURE AND EPOXY CURING

The epoxy resin and hardner for all epoxy adhesives were mixed

together in proportions specified by the respective manufacturers. The
hardner and resin were mixed together in quantities of up to 12 oz. {340.2 gm)
with the aid of a high speed drill. The epoxy was either injected into
the cracks at preséﬁres below 200 psi (1.4 Mn/mz) or simply poured into

the crack whenever possible. A1l cracks were sealed with reinforced
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plastic tape and casting plaster which were both complietely removed
when the epoxy adhesive had cured. Since the cracked surfaces for all
concrete specimens were formed as described earlier, cleaning of the
cracks was not required. At the time of the epoxy injection, all cracks
were dry. Prior to any type of experimental testing, all epoxy adhesives
were aT]owed to cure for a minimum of seven days.‘ Visual observations
accompanied by hardness tests for some specimens were used to insure
proper curing of the epoxy adhesives.
DESCRIPTION OF ASTM AND SDHI FIRE EXPOSURES: HOT STRENGTH AND
RESIDUAL STRENGTH

The epoxy repaired shear wall specimens described in Fig. 1 were
subjected to "pseudo-fire" exposures designed to simulate two different
types of building fires. The two-hour duration ASTM E-119 fire exposure (4)
for shear walls attempts to model a long duration fife with constantly
increasing temperature, so that the cool down behavior is not represented.
A short duration high intensity (SDHI} fire which peaks at about 0.2 hours,
has a rapid tehperature drop for a period of 0.4 hours and is followed
by a s]dw cooling to room temperatdre. This SDHI time-temperature curve
has been proposed by Professor Boris Bresler of U.C. Berkeley and others
(Ref. 3). Both the ASTM and the SDHI time-temperature curves are provided
in Fig. 3. As indicated by the results in subsequent chapters, the ASTM
E-119 type fire exposure is far more severe than the SDHI type on the
fire rating of epoxy repaired structures. Temperatures were recorded on
the unexposed face EFGH with results provided in Ref. 2 and summarized in

the following sections.

During fire exposure, the small-scale specimens were not subjected
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to any type of external toads. However, upon compietion of the fire
exposure, "hot strength" and "residual strength" compression tests were
conducted. “Hot strength”" type of tests refer to epoxy repaired concrete
shear wall specimens which were subjected to ultimate compression loads
about 10 minutes after the end of fire exposure. "Residual strength" tests
refer to epoxy repaired specimens which were subjected to prescribed

fire exposure, allowed to cool in a laboratory environment (70°F (21°C)

and 50% relative humidity) for a period of seven days, and then subjected
to ultimate compression loads. As indicated later, "residual strengths”

of epoxy rebaired shear walls were signficantly higher as compared to "hot
strengths". The strength properties of pure epoxy adhesives at elevated
temperatures as given in Fig. 1, provide the explanation for the lower

"hot strength” as compared to "residual strength" test results. The
"residual strength” tests are designed to evaluate the strength properties
of epoxy repaired shear walls after the building fire and the "hot strength"

tests during the building fire.
EXPERIMENTAL TEST RESULTS FOR SMALL SCALE SPECIMENS

The following sections provide a brief explanation of the individual
test procedures and test parameters followed by test results. The sub-
sections are divided according to type of fire exposure and the nature
of the compression test, that is "hot" or "residual". 1In a future
article, the effects of fire surface coatings such as plaster, on the

behavior of epoxy repaired shear walls during fire exposure will be presented.
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Description of Test Procedure

A1l small-scale fire tests were conducted in the natural gas
furnaces at California State University, Long Beach. After the speci-
mens were fully prepared, that is, the injected epoxy had been cured
for a minimum of seven days, the specimens were placed in the furnace

with only surface ABCD in Fig. 2 exposed to the fire.

During the fire exposure, bearing Toads were not applied to the
small-scale specimens. Immediately after the fire exposure, the speci-
mens were removed from the furnace and subjected to the ultimate com-
pression load until failure in the case of "hot strength" tests. The
depth of epoxy burnout or pyrolysis within the crack was determined for
each specimen immediately after the specimen Had failed under compression
loading. The "residual strength" tests were conducted according to the
test protedure described earlier for compression tests on pure epoxy
cylinders. A1l of the following stress data is given in terms of the
applied load divided by the gross cross-sectional area of plane ABEF in
Fig. 2. For the small-scale specimens, the average depth of concrete
spalling adjacent to the epoxy repaired crack varied from about 0.6 in.
(1.3 cm) to 1 in. (2.54 cm) for both the two-hour ASTM E-119 and the one-

hour SDHI fire exposures.

Small-Scale ASTM E-119 Hot Strength Compression Tests

This section provides a summary of test results for small-scale
specimens whose dimensions and load application are described in Fig. 2.
A1l test specimens were exposed to the standard two-hour ASTM E-119 fire

exposure for walls. Primary test parameters studied in this section
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include crack widths of 0.05 in. (1.3 mm)}, 0.10 in. (2.5 mm) and 0.25 in.
(6.3 mm}. A1l specimens were subjected to ultimate compression loads
about 10 minutes after the end of the two-hour fire exposure. This loading
procedure yields the lowest strength values for epoxy repaired shear walls
as indicated by the test results for intermediate and large scale specimens
in later sections. Figs, 4 and 5 provide the test results for average
ultimate compressive strength and depth of epoxy burnout as a function of
wall thickness and crack width. The failure pattern for all specimens,
including 6 in. (15.2 cm), 8 in. (20.3 cm) and 10 in. (25.4 cm) shear wall
specimens, consisted of shear failure in the epoxy since the temperatures
within the specimens during the compression‘tests were above the heat
distortion temperatures. Ultimate compressive stress is a function of
crack width due to the development of higher frictional forces resulting
from aggregate interlock in the case of smaller crack widths. Depth of epoxy
burnout is approxiately 3 inches and not significantly affected by crack
width. Note that the ultimate compressive stress is not significantly
increased by increasing wall thickness from 6 in. to 10 in. as indicated

in Fig. 4.

Smali-Scale SDHI Hot Strength Compression Tests

This section provides a summary of test results for small-scale
specimens whose dimensions and load application are described in Fig. 2.
A1l test specimens were exposed to the standard one-hour SDHI fire exposure
with time-temperature curve given in Fig. 3. Primary test parameters studied
include crack widths of 0.05 in. (1.3 mm), 0.10 in. (2.5 mm), and 0.25 in.

(6.4 mm) and wall thicknesses of 6 in. (i5.2 cm), 8 in. (20.3 cm), and
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10 in. (25.4 cm). A1l specimens were subjected to ultimate compression

loads about 10 minutes after the end of the fire exposure.

Figs. 6 and 7 provide the test results for average ultimate
compressive stress and depth of epoxy hurnout as a function of wall
thickness and crack width. Ultimate compressive stress as in the previous

section, is a function of crack width due to the development of higher

frictional forces resulting from aggregate interlock in the case of
smaller crack widths. Depth of epcxy burnout is about 1 inch and is not
significantly affected by crack width. The failure pattern for the 6 in.
(15.2 cm) thick wall specimens consisted of shear failure in the epoxy
since the temperatures within these specimens during the compression tests
were generally above the heat distortion temperature. The failure pattern
for most 8 in. (20.3 cm) and 10 in. (25.4 cm) shear wall specimens generally
consisted of combined shear failure within concrete and epoxy in regions
where the epoxy was not burned out. Note that the depth of epoxy burnout
for the SDHI fire is much less than for the ASTM fire. However, the
compressive strengths are not significantly different when comparing

Figs. 4 and 6.

Smali-Scale ASTM E-119 Residual Strength Compression Tests

This section provides alsummary of test results for Smaﬂ—sca]ea
specimens whose dimensions and load application are described in Fig. 2.
A1l test specimens were exposed to the standard two-hour ASTM E-119 fire
exposure for walls. Primary test parameters studied in this section
included crack widths of 0.05 in. (1.3 mm), 0.10 in. (2.5 mm), and 0.25 in.
(6.4 nm) and wall thicknesses of 6 in. (15.2 cm), 8 in. (20.3 cm), and
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10 in. (25.4 cm). A1l specimens have been subjected to ultimate com-
pression loads seven days after the two-hour fire exposure. Loads were

not applied during fire exposure.

Figs. 8 and 9 provide test results for average ultimate compress-
ive stress and depth of epoxy burnoht as a function of wall thickness
and crack width. Compressive strength is extrapolated for 10 in. thick
walls. Depth of epoxy burnout is about 3 in. and is not significantly
affected by crack width. The failure pattern for the 6 in. (15.2 cm) thick
wall specimens consisted of a combined shear failure in epoxy and concrete.
For the 8 in. (20.3 cm) thick wall specimens, the failure pattern con-

sisted primarily of a shear Tailure in concrete.

Fig. 10 provides a pictorial view of a small-scale 6 in. (15.2 cm)
thick shear wall specimen exposed to a two-hour ASTM E-119 fire and
subjected to a "residual” compressive strength test, The right side is
the fire exposed face. The light region, approximately 1 in. (2.54 cm)
wide adjacent to the fire face, represents primarily concrete spalling
during the fire exposure. The black region approximately 2 in. (5.1 cm)
wide, represents the charred epoxy region where complete pyrolysis of the
epoxy had occurred. The Tight region adjacent to the unexposed or the
back face represents shear failure in the concrete. The dark transverse
line near the middle of this last region represent the epoxy which had
not been pyrolyzed during the fire expasure. Note that the failure was

primarily through the concrete not the époxy in this last region.
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Smali-Scale SDHI Residual Strength Compression Tests

This section provides a summary of test results for smail-scale
specimens whose dimension and load application are described in Fig. 2.
A1l of these test specimens were exposed to the standard one-hour
duration SDHI fire exposure for walls. Primary test parameters studied
include crack widths of 0.05 in. (1.3 mm), 0.10 in. (2.5 mm) and 0.25 in.
(6.4 mm)} and wall thicknesses of 6 in. (15.2 cm), 8 in. (20.3 cm) and
10 in. (25.4 cm). A1l specimens have been subjected to ultimate com-
pression loads seven days after the fire exposure. Loads were not applied

during the fire exposure.

Figs. 11 and 12 provide the graphical summary of average test
results including average ultimate compressive stress ahd depth of epoxy
burnout as a function of crack width and wall thickness. The failure
pattern for all specimens consisted of shear failure in the concrete.
Compressive strength is extrapolated for 10 in. thick walls. Depth of
epoxy burnout 1s not significantly affected by crack width and is approxi-

mately 1 in. as in the corresponding "hot strength” tests in Fig. 7.
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INTERMEDIATE AND LARGE-SCALE SPECIMENS AND THEIR TEST RESULTS

Eight intermediate size and‘two large-scale spgcimens were fabri-
cated and experimentally tested under fire exposure as in the case of
the small-scale specimens described ip the previous sections. The
properties of epoxy and concrete were identical to those for small-scale
specimens. Fig. 2 jllustrates the specimen geometry and Tablie 1 pfovides
a partial test matrix and test results. The primary purpose of this
expensive intermediate and large-scale testing program was to investi-
gate the effect of specimen size on fire test results. Table 1 does
not inciude four specimens that were fabricated with fire protective
coatings incTuding plaster and both organic and inorganic thin fire

protection coatings.

A1) specimens in this section were tested for "hot" compressive
strength properties at the University of California, Richmond Field
Station, Fire Test Laboratory. The fire tests were conducted according
to ASTM E-119 test procedure or the SDHI time-temperature curve given
in Fig. 3. Except for the presence of nominal bearing loads and speci-
men size differences of height and width, all other test parameters
and test procedures were identical to those described in the previous
sections for small-scale specimens. In Table 1, large-scale specimens
are labelled G-9 and G-10 and the remaining specimens are of intermediate

size.

The tabular matrix shown in Table 1 provides the specimen number

and specimen thickness in the first two columns respectively. Crack
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widths of 0.10 in. and 0.25 in were tested since the effects of fire on
the 0.05 in. wide epoxy repaired cracks were less severe as indicated

in the smail-scale test results. Both the two-hour ASTM E-119 and the
one-hour SDHI time-temperature curves were utilized to model “"pseudo"
building fires as noted in column 4 of Table 1. The applied compressive
stress during fire exposure on side ABEF (see Fig. 2} is given in

column 5. These stress values were chosen primarily on the basis of

the loading capacity of the testing frame. Time of failure is provided
in ¢olumn 6 relative to.the starting of the fire exposure. No failure
in column 6 indicates that under the applied compressive stress given

in column 5, the wall specimen did not fail structurally during or after
fire exposure. The maximum unexposed face temperature recorded during
fire exposure was measured according to ASTM E-119 test procedure and

is shown in column 7. Average depth of concrete spalling adjacent to the
epoxy repaired cracks is given in column 8. The extent and depth of
such spalling is affected significantly by the moisture content in the
concrete as verified by a comparison of moisture contents for the

small, intermediate and large-scale specimens.

Fig. 13 provides a cross-éectiona] view of the epoxy repaired crack
after the fire éxposure. The extent of concrete spalling and the depth
of epoxy burnout are illustrated by the indicated nomenclature provided
with this figure. The depths of spalling and epoxy burnout are uniform
along the cracks except for minor edge effects at the ends of the cracks.
Fig. 13a pertains to the large-scale specimen G-9 which was subjected to

a two-hour ASTM E-119 fire exposure. Fig. 13b shows a cross-sectional
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view of the epoxy repaired crack after a one-hour SDHI fire exposure
for intermediate size specimen, G-4.

COMPARISON OF TEST RESULTS FOR SMALL, INTERMEDIATE AND
LARGE-SCALE SPECIMENS

9

Comparison of Strengths

A1l small-scale tests were conducted with ultimate loads applied
about 10 minutes after the end of fire exposure ("hot strength tests")
or more than seven days after the end of fire exposure (“"residual
strength tests"). The intermediate and large-scale specimens were sub-
jected to a compressive stress of 220 psi and 110 psi respectively during
and after the end of fire exposure with times of failure provided in
Table 1. If failure did not occur during fire exposure, the lowest
strengths were obtained between 5 to 15 minutes after the end of fire
exposure as indicated by specimen G-2. Based on the times of failure
and the ulitimate strength values provided in Table 1 and in previous
graphs, the small, intermediate and large-scale specimens yield very

similar strength results.

Comparison of Epoxy Burnout

Table 1 provides average total depth of epoxy burnout for inter-
mediate and large-scale specimens. Comparison with small-scale speci-
mens, the burnout depth for the two-hour ASTM E-119 fire exposure is
generally about 3 inches and about 1 inch for the one-hour SDHI fire
exposure. Note that the epoxy burnout is not significantly affected

by wall thickness or crack width.
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Comparison of Thermal Gradients

E-119 type fire exposures for walls theoretically generate thermal
gradients only through the wall thickness. Hence, the temperature on
the unexposed face of the walls are independent of the specimen length
and width dimensions. As discussed in a previous section, the moisture
content in concrete can significantly affect the temperatures within

the wall and on the unexposed face. The moisture contents for the

small-scale specimens were generally lower than fof the intermediate
and large-scale specimens. Hence, the maximum temperatures on the
unexposed face of the small-scale specimens were from 5% to 10% higher

than for the intermediate and large-scale specimens given in Table 1.
CONCLUSTIONS

The following conclusions are based on test results given in
previous sections for smail, ihtermediate, and large-scale epoxy repaired
wall specimens illustrated in Fig. 1. These‘conCIusions are generalized,
for more sﬁecific detaf}s refer tb appropriate graphs and tables in
Ref. 2. Definitions for "hot" and "residual" strengths, along with

other terms, are provided in earlier sections.

1. Good to excellent comparison was obtained for test results of small,
- intermediate and large-scale specimens. Therefore, the cheaper
small-scale specimens can be effectively used to study the behavior
and mechanical properties of epoxy repaired concrete walls subjected
to fire exposure rather than the expensive full-scale specimens

described in ASTM E-119 specifications.
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2. The mechanical properties of all epoky adhesives currently used
for the repair of concrete structures are very similar at tempera-
tures about 100°F above the heat distortion temperatures (110°F
{43.3°C) to 150°F (65.6°C)). éincg the thermal gradients in walls
up to 10 in. (25.4 cm) thick generate temperatures above 200°F
(93.3°C) throughout most of the wall thickness, the behavior and
strength properties of various epoxy adhesives in epoxy repaired
concrete walls during and after fire exposure are very similar.

- 3. Crack width, wall thickness, type of fire exposure, type of stresses
applied on epoxy repaired crack, and the presence or lack of presence
of fire protection coatings are the primary parameters affecting the
strength properties and behavior of epoxy repaired cracks in concrete
walls during and after fire exposure.

4, The duration and intensity of fire exposure has great significance
on the strength and behavior of epoxy repaired concrete walls both
during and after fire exposure. In this research program, the standard
two-hour ASTM E-119 and the one-hour SDHI fire exposures (see Fig. 3)
were used to investigaté the significance of duration agd 1ﬁtéﬁsity.
For unplastered specimens, the compressive strength propertieg for
the SDHI fire were about two times greater than for the ASTM fire
(compare Figs. 8 and 10). Similarly, the depth of epoxy burnout was
about three times greater for ASTM fires in comparison to SDHI fires.

5. For a two-hour ASTM E-119 or the one-hour SDHI fire, "hot strength"

properties of epoxy repaired concrete walls from 6 in. (15.2 cm) to

10 in. (25.4 cm) thickness {except for thin epoxy injected cracks

subjected to pure compressive stresses) are reduced to levels far
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below the original design stress levels., For example, for an

8 in. (20.3 cm) thick concrete wall with epoxy injected diagonal
cracks as in Fig. 2 from 0.05 in. (1.27 mm) to 0.25 in. (6.35 mm) wide
and subjected to a two-hour ASTM E-119 fire, the compressive "hot
strength” will vary from 200 (1.38 MN/mz) to 600 psi {4.14 MN/mZ).
The direction of the epoxy repaired crack in relation to the appiied
stresses has significant effect on the strength properties of epoxy
repaired components during fire exposure. For thin epoxy repaired
cracks subjected to normal compressive stresses, strength reduction
is minimal. Epoxy repaired cracks subjected to parallel shear
stresses may suffer total loss of strength depending on the thermai
gradients, crack width and extent of aggregate interlock.

In conjunction with Conclusioﬁs 5 and 6, the lgads which an epoxy
repaired concrete component must transfer during a fire need to be
carefully considered. For shear walls, the simultaneous occurrance

of a fire and a severe earthquake or wind load is not realistic.

Thus, the investigation for the strength properties and behavior of

epoxy repaired concrete walls during a fire should consider only the

presence of dead loads and live loads other than severe lateral wind
or seismic loads.

Most "residual strength” properties of epoxy adhesives subjected to
elevated temperatures (but not burned or pyrolyzed) are increased
more than 50% (see Fig. 1). Therefore, the unburned epoxy adhesive
remaining in the crack after a fire exposure will possess higher

strengths than prior to a fire exposure.
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9. The lowest strength properties of epoxy repaired concrete walls
do not occur during fire exposure but rather five to fifteen
minutes after the end of both the E-119 and SDHI fire exposures
(See test results for intermediate-scale specimens in Table 1).
This phenomenon is due to (1) the presence of thermal gradients
causing increasing temperatures at and near the unexposed face
after the end of fire exposures, and {2) rapidly decreasing strengths
of epoxy adhesives at temperatures above 230°F (110°C) with near

zero strengths at temperatures above 400°F (204°C).
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Fig, 10: View of 6 in, Thick Shear Wall Specimen
after a "Residual" Strength Compression Test

-185~




4.0
—
Rlond
w — NPT |
= 4 — —— 3
B —
‘3 @ =T
X P - — -
o Pap—— -
: o b 1’.—--""—
o v
d
coa r— 2.0
B 7
] v
o [V
E ~
o =
i ].0
o
1 42
o
L =
W y-
o + —_—
i 5 —— s = e

e ' Wall thickness (inches)

Fig. 11 : Average "Residual" Compressive Strength as a Function of Wall Thickness
for Small-Scale SDHI Fire Exposure

4.0
NOMENCLATURE
0.05 in. crack width
-~ 0.10 in. crack width — — —
@ 0.25 in. crack width —.—.—
i
G 3.0
£
FE]
=
(]
£
5 2.0
o0
oy
2
L .
G
11.0 P e et - S R T S e R e S T e
.z — —— 3
e
3
! 0
| 6 8 10

Wall Thickness {inches)

Fig. 12 : Average Depth of Epoxy Burnout as a Function of Wall Thickness for
Small-Scale SDHI Fire Exposure

-186-



Distance along crack length (inches)

L UL L L L B
8 _] SRS A e T B e S 0D s i AV, A L 1S
cE A T T T T s
: '.,..'--'f--.'-,‘:""_'j' oL R : RSN
ﬁ — P . .. A
g
e

(a) View along half of diagonal crack for large-scale specimen G-9

"y

QD

=

[#)

£

=

)

(a3

QO

[ou]

Distance along crack lenath (inches) .

lT]l?li[li{[]II|13TI{IIT1TT17111I!lll]llilT{{ T
0 5 10 15 20 25 30 35 40 45

Spalled concrete region
Epoxy burnout region

Undamaged Epoxy

(b)| Yiew along diagonal crack for Intermediate scale specimen G-4

Fig.13. Cross-sectional view along Epoxy Repaired Concrete Wall specimens
after Fire Exposure

-187-




*9ZLS 91PLPaUUIIUL JO 3ue SUBYLO Y3 sudwioads ajess-abuae| ade Q-9 pue -9

~-188-~

L€ gt L9 08 oLt WLSY Ge'o 8 *oﬁ-w
0°¢ 0"t 88 0S oLL WLSY G2°0 9 K29
Le §2°0 LY | sunyyey o 022 WLSY 010 8 g-9
0"l 9°0 0¢ dunited ON 02¢ IHAS oL'o 8 t-9
6" G°0 Lt sJanited oN 022 IHaS 0L'o 8 €-9
9°2 0°L 13 PAR R 0¢2¢ W1SY 62’0 ot ¢-9
]
sayou]) 3no sayour) (Do) @oes (seyouy) !
i oy | suliss do | petogiaun | (M) | (1s0) ssaas | w00l | gy
10 yadsg yadaq raanyessdwa), s4niied aALsU ;aa 103 AnjeJadue] Youl) 91340uU0) u _nu d
abedany abeuany wnwL X ey J0 Ll patiacy ouLL UIPLN 3R] | BULUION HaUILO9aS

r‘-“..».n.-_"

SNIWIJ3dS 3TVIS-394YT ANV JLYIQIWHILNT Y04

SL1ns3ay 1S3l

L

3navl




@

GUIDELINE FOR SEISMIC RETROFITTING (STRENGTHENING,
TOUGHENING AND/OR STIFFENING) DESIGN OF EXISTING REINFORCED

CONCRETE BUILDINGS

by
5. Sugano

PREFACE

This note describes the outline of the "Guideline for Seismic Retro- s
fitting (Strengthening, Toughening and/or Stiffening) Design of Existing
Reinforced Concrete Buildings' which was proposed by the advisory
committee (Chairman, Professor H. Umemura, University of Tokyo) for the
Ministry of Construction, Japanese Government, on March, 1977. The
guideline was published in Japanese by the Japan Building Disaster

Prevention Association.

The guideline was translated into English by K. Yagishita (Toda
Kensetsu Co., Ltd.), and the material was compiled and arranged by S.

Sugano as his supplemental lecture mote for the "Seminar on Seismology

and Earthquake Engineering" at Building Research Institute, Tsukuba, on
March 13 - April 12, 1980. The commentary for the guideline is not
included herein, however, some of the important figufes shown in the
guideline or in its commentary are attached at the end of each chapter
for reference. Foot notes are also provided in each chapter for the

convenience of reffering the figures.
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1. GENERAL

1.1 Scope

This guideline is applied to the seismic retrofitting (stremgthening,
toughening and/or stiffening) design and construction of existing
reinforced concrete buildings and their non-structural elements.*
In the case of design based on a special investigation or research,
this may not be applied, The matters not described herein, however,
shall follow the "Standard for Design of Reinforced Concrete Structures"
of the Architectural Institute of Japan (AIJ) and the ''Japanese

Architectural Standard Specification (JASS)" of AILJ.

1.2 Aim of Seismic Retrofitting Design
In the seismic retrofitting design, the aim of seismic capacity shall

X2 %3
be distinctly established. ™’

1.3 Preliminary Investigation
The seismic retrofitting design shall be based on sufficient

investigation of the objective building.

1.4 Plan of Retrofitting

In the seismic retrofitting design, the basic plan should be shaped
and the adequate construction method should be selected on the basis of
synthetic discussions on results obtained from the evaluation of the
seismic safety and from the preliminary investigation, on the change of
function within the building by the retrofitting, and on the feasibility

#*4,
of the construction.

1.5 Evaluation of Retrofitting

The evaluation of seismic capacity of retrofitted structural e2lements
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is in principle performed in accordance with the methods shown in each
section of Chapter 2. The Evaluation of the effect of retrofitting on
the overall behavior of the building is in principle based on the
"Criterion on the Evaluation of Seismic Safety of Existing Reinforced
Concrete Buildings". The influence of retrofitting upon unstrengthened
structural parts should be alsc examined.

For the cases with retrofitting methods not described herein, those
shown in Section 2.4, and those with particularly detailed connections,
the calculation and evaluation of retrofitting should be accomplished
in principle on the basis of adequate experimental informations

following the philosophy of this guideline.

1.6 Construction for Retrofitting
The construction of seismic retrofitting is performed in accordance

with the methods shown in each section of Chapter 3.

*]1 The flow chart of design and construction of seismic retrofitting
is shown in Fig.l.1.
%2 The following values are recommended as the aim of seismic capacity.
i) RIS,g: 1.2 ISO
i) C 2 0.3
where, RIS : "Seismic Index of Structure' after retrofitting
T : Minimum value of "Seismic Index of Structure" for the

50
judgement that the building does not need retrofitting.
C : Coefficient of lateral force capacity after
retrofitting (the sum of "Strength Index C" of
structural members in each direction)
%3 The concept of the aim of seismic retrofitting and the type of
earthquake resistance of buildings are shown in Fig.l.2.

%4 Retrofitting techmiques are illustrated in Fig.1.3.
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2. GUIDELINE FOR SEISMIC RETROFITTING DESIGN

2.1 Strengthening by Infilled Shear Walls

2.1.1 General

Infilling existing open frames with walls and thickening existing
walls are appropriate methods to improve the lateral force capacity of
a building which lacks adequate earthquake resistance. The stress
between an additional wall and an existing frame should be sufficiently
conveyed by using connecting element such as dowel reinforcement or shear
cotter, or by developing wall reinforcement into the framing members or
welding wall reinforcement with the existing reinforcement.

When these infilling techniques are selected for the design, it should
be taken into account that the shear strength of an additional wall is-
not fully developed when the whole flexural strength of the system
including surrounding frames or the overturning strength of the wall is
less than the ultimate ghear strength of the wall, Foundations and the
supporting ground should be safe enough against the increased vertical
load caused by additional.walls and the change of vertical forces during
an earthquake associated with the change of failure mechanism of a whole

structural system due to the strengthening.

2.1.2 Aim of Seismic Capacity
(1) Capacity of Infilled Walls

Infilled shear walls should have sufficient strength so that they may
increase the lateral force capacity of an unstrengthened building up to
the required capacity by the design or more. However, when the adequately
increased strength is not expected because of the failure mode in which
the capacity of the total structure is controled of by the flexural

capacity of a whole wall-frame system or overturning strength of walls,
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the walls should have adequate ductility capacity.

The ultimate strength of an additional wall is expressed in terms of
the average shear stress along the clear length of the wall panel. The
design average shear stress of a wall without opening is less than or
equal to 30 kg/cmz, and that of a wall with opening may be reduced

according to the location or the area of openings. The ductility index

F of a wall is classified as follows in accordance with the failure mode.

1) shear failure type .....c.cuiiinaan 1.0

2) whole flexural failure type ......... <2.0

3) overturning failure type ............ 3.0
(2} Capacity of the Total Building

The aim of strengthening by infilled shear walls is to improve the
lateral force capacity of the building so that it may resist acting
lateral forces as "strength resistant type building” by its sufficient
force capacity. However, as previously described in paragraph (1), the
increased lateral force capacity of the building may not necessarily be
so sufficient as expected. 7TIn such a case, the aim of strengthening is

to provide adequate amount of flexural strength as well as sufficient

energy absorption ability by post-ylelding displacement as "ductility

resistant type ‘building".*l

2.1.3 Plan of Strengthening
(1) Objective Buildings

The buildings to which the infilling technique is effectively
applied are those of which the latersal force capacity is low or those
of which the seismic capacity is controled by shear failure type
members. However, when the ultimate strength of additional walls is
determined by £he flexural or overturning strength of the wall-frame
system, the technique is effectively appliéd to buildings of which

the seismic behavior is controled by the flexural resistant type
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members, however, the capacity is Jow, utilizing their ductility
capacity.

The usage and function of the building may be disturbed by placing
new walls since the interior space is subdivided and natural lighting
is disturbed. Therefore, the building sﬁguld be allowable above matters
‘to apply the infilling technique. Furthermore, additional walls may
result in considerable increase of dead load, and may result in the
change of axial forces during lateral loads associated with the change
of resistant mechanism. For that reason, the building is desired to
have sufficient strength of the foundation.
(2) Configuration of Additional Walls

Taking into consideration of the limitation of usage of the building,
additional walls should be arranged under well—balance-in both plan and

elevation from the structural view point.

%
2.1.4 Construction Type and Structural Details z

In accordance with the connecting methods between an additional wall
and an existing frame, the type of construction is classified as follows.
The structural detail common to each type is shown in the last paragraph
(5).

(1) Dowel Connection ‘I‘ype*3

Wedge anchors are placed in the predrilled holes of the existing
frame, and the shear stress between the wall and the existing frame is
conveyved by the dowel action of the anchors.

Structural details:

1) Wedge anchors shall be placed within.the width of concrete core of
existing framing members.

2) Sufficient reinforcement against splitting shall be arranged
around the dowel reinforcement in the additiomal wall.

3) The space of wedge anchors shall bhe as follows:*4
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pitch : > 7.5Dd and £ 30 cm

gage 5.0pd

v

edge distance: > 2.5Dd
where, Dd is the outside diameter of bolts at theﬂconnected face.

4) Wedge anchors may be placed only on the upper and lower faces of
beamsg.

5) The embedded length of a wedge anchor shall be in principle more
than or equal to 5Dd and not less than the covering thickness.

(2) <Chipped Cotter Connection Type’k5

In this comstruction method, cotters which are formed by chipping the
existing concrete transmit the shear stress between the wall and the
existing frame.
Structural details:

1) Standard value of the ratio of the length to depth of a cotter is
5 : 1. The length shall be not less than 15 cm, and the width shall be
not more than the wall thickness.

2) Anchor reinforcement with the diameter more than 10 mm (PL0) shall
be arranged within cotters in two layers.

3) The space of cotters shall be caiculated based on the ratio of the
strength of concrete of additional wall to that of existing frame and on
the length of cotters. Cotters shall be arranged in equal spaces.

" 4) The number of cotters on each connecting face is desired to be more
than or equal to five.
{3) Adhesive Cotter Comnection ‘I‘ype*6

Precast concrete or mortar cotters are attached on the existing frame
with epoxy resin adhesive material. The shear stress between the wall
and the existing frame is transmitted by the cotters. Because of

insufficient test data on the durability of adhesive materials, attention

must be paid to this point in the design.
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Structural details:

1) Standard value of the ratio of the length te thickness of a
precast cotter is 5 : 1.

2) Adhesive parts shall be protected by the coveriné concrete with
the thickness more than 30 mm.

3) Precast cotters shall be reinforced by using steel bars with the
diameter more than 6 mmd.

4) Anchor reinforcement thicker than D10 shall be arranged in two
layers in new concrete part placed between precast cotters.

5) In the horizontal connected face, dowel reinforcement having the
steel ratio more than 0.25 per cent to the area of connected face shall
be arranged in addition to cotters.

6) The number of precast cotters on each connected face is desired
to be more than five.

(4) Other Connection Types
The following types are available besides the above mentioned
connection types.

1)} Welded dowel with existing reinforcement,

2) Welded dowel with mechanically anchored plate.

3) Hooked dowel on existing reinforcement.

In applying these types, careful construction is necessary in order to
obtain the reliable structural capacity.
(5) Common Struétural Details

The structural details common to each connection type are shown as
follows.

1) The thicknéss bf an additional wall shall be more than 1/4 the
width of a column, more than 15 cm, and less than the width of z beam.

2) The shear reinforcement ratio of an additionmal wall shall be not

less than 0.25% and not mote than 1.2%. When the thickness of the wall
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is more than 18 cm, the shear reinforcement shall be arranged in two
layers.

3) Additional reinforcement of 2-D13 shall be arranged along the
periphery of the shear wall in addition to the needed shear reinforcement.

4) The specified compressive strength of concrete of the walls shall
be not less than that of existing frame.

5) When openings are provided in the wall, the peripheral reinforcement
along the opening shall be designed corresponding to the required
strength of the wall.

The method to provide walls may be either of the following two;
1) cast-in site method (conventional casting method or press-in
method)

ii) to place precast concrete wall within the existing frame.

2.1.5 Design Caleculations
(1) Process of Calculation

The process of design calculation for Infilled shear walls is as
follows.

1) To examine the structural capacity of the objective building.

2) To determine the design policy, in another words, to determine
the type of earthquake resistance of the building, that 1is, strength
resistant type, ductility resistant type, or their combination.

3} To establish the aim of strengthening in accordance with the design
poliey.

4) To assume the design stress of walls and the specified strength of
materials.

5) To caleculate the required wall length assuming the thickness of
walls, and to determine the configuration of walls.

6) To caleulate the required amount of shear reinforcement of each

wall, and to design connection elements,
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7) To calculate the ultimate strength of each wall.

8) To judge whether or not the aim of strengthening is satisfied.

When the aim of strengthening is satisfied and the strengthening is
feasible, this calculation process is completed. However, when the aim
is not satisfied or the designed strengthening is not feasible, the
calculation is repeated returning to 5) or 6).

(2) Calculation of Ultimate Strength of Members
1) The ultimate strength of an infilled shear wall is the minimum value
of the following i), ii) and iii).

1) Ultimate shear strength; It takes the smaller value of the follow-
ing i. or ii.

3. 80% of the ultimate shear strength calculated as that of a
monolithic wall cast with surrounding columns and beams.

i1. The integrated strength of the following individual strength
considering the deflection mode, that is, ultimate shear strength of
connection elements, punching shear strength at the end of a column, and
the ultimare flexural or shear strength of a column.*7

ii) Ultimate whole flexural strength of a wall-frame syéteﬁ iﬁéluding
the surrounding frame.

1ii) Ultimate overturning strength of a wall-frame system inciuding
the surrounding frame.

2) Each type of ultimate strength of a member and system specified
above is obtained as follows.

1) Ultimate shear strength of a monolithic wall; Eq.(13) showﬁ in
Section 3.2.2, (2), g) of "Criterion on The Evaluation of Seismic Safety"
‘is applied.

ii) Ultimate strength of an infilled shear wall; Considering the flow
of forces in comnection elements, wall and columns, it is calculated by

the following equation.
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wQsu = minimum {(«Q'su + 2-Qc-a),

(Qj + pQc + Qe-0)] (2,1.1)
where; wisu : ultimate shear strength of the framed wall (t)
w'su: ultimate shear strength of the wall panel (t)
Q3 : sum of the ultimate shear strength of connection

elements along the length of the beam (t)

IR TR

plc punching shear strength at the top of a column (t)
Qe : the lower value of the ultimate flexural or shear

strength of the other column

] o : reduction coefficient relating to the deflection of a
% column

é 1.0 — for shear failure of a column

E 0.7 — for flexural failure of a column

When there is a opening in the wall the strength obtained by i) or ii)
l::? is reduced based on "Standard for Design of Reinforced Concrete
Structure"” of ALJ. When the area of opening is larger than the specified
value in the AIJ Standard, the strength iIs calculated as that for a
column with wing walls.

1i1) Ultimate flexural strength of the wall; Eq.{(12) shown in Section

3.3.2, (2), ¢) of “"Criterion on The Evaluation of Seismic Safety" is
used. However, when a wall and beams are connected by wedge anchors,
the strength of wall reinforcement should be less than or equal to that
4 determined by the ultimate pull-out strength of anchors. In addition,
no strength of wall reinforcement is evaluated for the case with cotter
connection.

iv) Ultimate overturning strength of the wall; It is calculated in

s i S A L R e e 2 e

accordance with the method shown in Seetion 3,2.2, (2) of "Criterion on
The Evaluation of Seismic Safety”.

v) Ultimate frexural and shear strengths ¢f a column, a column with
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wing walls, and a beam; They are calculated in accordance with the method
shown in Section 3.2.2, (2) of "Criterion on The Evaluation of Seismic
Safety".

vi) Ultimate punching shear strength of a column; It is calculated by

the following equation.

1+ 90 (2.1.2)

Qe = —— . f..b.D
P ctt 4 oft

1
1.5
where; cft = 1.8J£;1

Fo1 :  compressive strength of concrete (kg/cmz)

b :+ width of the column (cm)
D : depth of the column (cm)
0g : axial stress (kg/cm?)

vii) Ultimate strength and space of connecting elements;
i. Wedge anchors
a. Ultimate shear strength; Ultimate shear stress of an anchor is
obtained by the following equation.
Td = minimum (Umax/Véu, O.AJEélt%Li) (2.1.3)
where; Opgx : tensile strength of a wedge anchor

Fel : specified compressive strength of existing concrete

v

(kg/cm?)
Ec1 : modulus of elasticity of existing concrete (kg/cmz)

Ultimate shear strength per wedge anchor g4 is

q4 = Td.ad (2.1.4)
where ag is the shear section area per wedge anchor (cm2)
When the serew part is involved in the shear section, the effective area
is reduced to 80%.

b. Ultimate pull-out strength; Ultimate pull-out strength of an

anchor is obtained by the following equation.

~205-




Pq = minimum [Omax-ag,

0.45 22 . (12 4 1).F g, (2.1.5)
where 2,4, D, and a, are the length (em), outside diameter (cm) and area
(em?), respectively, cof the embedded part of the anchor in the concrete
of existing frame.

ii. Chipped cotters; Ultimate shear stress of a cotter is obtained
by‘the following equation.

Te = 0.20-Fey  (kg/cm?) (2.1.6)
where F.o is the specified compressive strength of new concrete
(kg/cm2), The space of cotters is determined by the following
equation.

R'a = Ra-Foo/Fe1 (2.1.7)
where %c is the length of a cotter {(em). Therefore, the pitch of
cotters pec is as follows.

Pe = L + 2'¢ | (2.1.8)

iii, Adhesive cotters; Ultimate shear stress of a cotter
{(¢Te) is obtained by the following equation.
¢Te = minimum (0.25-Fcl, 0.20-.F.) (2.1.9)
where, oFq is the specified compressive strength of precast concrete
cotters (kg/cmz). The ultimate shear stress of a concrete cotter formed
between adhesive cotters is obtained by Eq-(2.1.6) replacing Fop with

Fc1- The space of adhesive cotters is determined by the following

equation.
T .
Lo =0,.55 (2.1.10)
Te2
where; Lo - length of a precast cotter (cm)
Teyp . ultimate shear stress of a placed concrete

cotter (kg/cm?)
The pitch of adhesive cotters is obtained by Eq.(2.1.8).

viii) Design of walls
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3. The thickness of wall is determined so that thé average shear
stress of the wall (Ty) may be less than or equal to 30 kg/cm? under the
design shear force.

Ty = Qu/ (ty-Is) < 30.0 (2.1.11)
Ow : design shear force (kg)
ty : thickness of the wall (cm)
Ly : clear length of the wall (cm)

ii. For the shear stress T, above, the shear reinforcement ratio
is calculated by the following equatiom.

Py 2 (Ty = 282 / (0.5:0 (2.1.12)

PN wy)
where; Pw : shear reinforcement ratio of wall and
0.0025 < pg < 0.012)

Uwy : yield strength of shear reinforcement and 3000 kg/cm2
may be taken for plain bars and the specified yield
stress + 500 kg/cmZ may be taken for deformed bars.

(3) Evaluation of The Seismic Safety

Evaluation of the seismic safety of the building after strengthening

is based on Section 1.2 and 1.5,

%1 See Fig.l.2.

*2 The type of construction in accordance with the connecting methods of
additional walls and existing frames is shown in Fig.2.1.

*3 See Fig.2.1.1(a). '

%4 See Fig.Z2.1.2.

%5 See Fig.2.1.1(b).

*6 See Fig.2.1.1(c).

*#7 The idealized flow of lateral forces carried by each structural

element and the connection is illustrated in Fig.2.1.3,.
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2.2 Strengthening by Wing Walls

2.2.1 General

This strengthening technique is applied to improve the strength of
columns by placing slender wing walls which are not considered be shear
walls so that the lateral force capacity of a building can be
sufficiently increased. However, it must be taken into consideration
during the design that the lateral force capacity of the building may
be determined by the strength of existing beams even if the strength of
columns is improved by using the technique above., Particicularly, this
method should not be applied to the building in which the column span
is narrow in order to avoid the shear failure of beams because

additional wing walls considerably reduce the clear span of beams.

2.2.2 Aim of Seismic Capacity
(1) Aim of Capacity of a Total Building

The aims of earthquake resistance of a total building are already
described in the section 1.2. 1In the case of strengthening of columns
by wing walls, the following two meéhods may be applied for the
previously described aims, that is, 1) to improve the strength index
C in order to make the building "strength resistant type'", and ii)
to form "beam yield type'" mechanism by the strengthening in order to
improve the ductility index F.
(2) Aim of Capacity of Columns with Wing Walls

In the ;ases of both "strength resistant typé" and "ductility
resistant type', the aim of strengthening by wing walls is to improve
the strength of columns providing sufficient length and thickness of

walls.

2.2.3 Plan of Strengthening

(1) Objeective Buildings
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This strengthening technique is applied to buildings in which shear
failure type columns predominate and beams are strong enough, in another
words, buildings of which lateral force capacity can be significantly
improved when the strength of columns increase. 1In addition, the
technique is also applied to buildings in which flexural failure type
columns predominate, however, sufficient ductility is not expected, or
to buildings in which excessive inelastic displacement is predicted even
when the ductility of columns is improved, however, the earthquake
resistance may be significantly improved when the failure mechanism is
transformed into the "beam yield type".

The clear span of existing beams is reduced by wing walls. Hence, the
technique is suitable generally for buildings having long span of columns
because the flexural yielding should be expected to beams even under the
reduced clear gpan.

(2) Strengthening Members

1) Because the aim of this method is to improve the strength of columns,
the most columns of the building generally must be strengthened.
Therefore, it is important to arrange wing walls so that.str;ct;rally
well-balanced both plan and elevation may be provided., The configuration
cf wing walls which may lead to exfremely eccentric distribution of
stiffness and/or strength of members in a story and/or between adjacent
stories should be avoided.

2) When the beam yielding type mechanism is desired, the ratio of
the clear span of a beam %5 to the depth of the beam D (f,/D) should be
more than or equal to 4.0 (Fig. 2.2.1). However, this limitation may not
be applied if further investigation confirms the flexural yielding of
beams.

3) It is not desirable to apply this method to the captive columns of

which the clear height is extremely short. An adequate investigation is
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needed when applied.

2.2.4 Type of Construction and Structural Details
(1) Monolithically Cast Wing Walls

As shown in Fig. 2.2.2, it is possible to monolithically cast wing
walls with the existing column after chipping a part of existing concrete
and sufficiently arranging the lateral reinforcement of wing walls,

In this method, wing walls are eccentrically connected with the
existing column since one side of the lateral reinforcement is arranged
through the column as shown by Fig. 2.2.2. Hence, this method is
possible only when beams are also eccentrically connected with the column.

Careful attention must be paid to the anchor of vertical and horizontal
reinforcements of wing walls into existing concrete in order to avoid the

out-of-plane deformation of walls. It is desirable to weld reinforcements

of walls with existing transverse reinforcements. Attention must be also

paid to the waterproofing at the connection when walls are used as
external walls.
(2) Wing Walls Coﬁnected by Dowels

In this construction method, the existing column and wing walls are
connected by dowels with wedge anchors or by other type of dowels, and
shear forces are transmitted by the dowels., As shown by Fig. 2.2.3, wing
walls are formed by cast-in-place concrete or by placing precast concrete
grouting the connection.

It should be considered during the design that the structural behavior
of the column with wing walls constructed by this method may be
considerably different from that of the other type of column because the
connection Is not so monclithic as the other type of connection described
in (1).

Dowels should be placed within concrete core of beams and columns, and

it is desirable to place walls so that the centers of walls and a column
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will be consistent.
(3) Structural Details

It is desirable to accomplish the construction of strengthening by
wing walls in accordance with the following requirements cr recommenda-—
tions.

1) Wing walls shall be in principle symmetrically placed at both sides
of the column.

2} In the method described in Section 2.2.4 (1), the length of a wing
wall on one side L shall be more than 1/2 the depth of the column D and
more than 50 cm, and the thickness of the wall t shall be more than 1/3
the width of the column b and more than 20 em.

3) In the method described in Section 2.2.4 (2), the length of the wing
wall on one side L shall be more than 80 cm, the ratio of L to the clear
height hg, L/hp, shall be more than 1/3, and the wall thickness t shall
be more than 15 cm.

4) Vertical and lateral reinforcement ratios of wing walls, Pgy and Pgh,
respectively, shall be more than 0.25%.

5) The pitch (the intérval along the direction to the heiéht”and length i ; ;_ |
of the wall) of wedge anchors shall be more than 7.5 times the outside | :
diameter of the bolt D4 and less than 30 em, and the gage (the.interval
along the direction to the thickness) shall be more than 5.0 times Dg.

6) The embedded length of a wedge anchor bolt shall be more than 5.0

times the outside diameter at the shear face and more than the covering

thickness.
7) Anchor reinforcement shall be adequately arranged around the dowel

reinforcement of wing walls in order to prevent splitting of concrete.

8) The depth of cover concrete of wing walls shall follow "Standard
for Design of Reinforced Concrete Structure' of AIJ, and in case of

the method mentioned in Section 2.2.4(1), the chipped part of the
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existing column is desirable to be thickened as shown in Fig. 2.2.2.

9) In the merhod described in Section 2.2.4 (1), the end of the
vertical reinforcements near by the outside of wing walls shall be
adequately welded with existing stirrups, and the non-spliced lateral
reinforcements shall also be welded with existing hoops at the interval

less than or equal to 50 cm.

2.,2.5 Design Calculations
(1) Process of Calculations

The process of calculations for the design of strengthening by the
wing walls is as follows.

1) To establish the aim of strengthening referring the result of the
evaluation of seismic safety.

2) To select the counstruction method of wing walls and to determine
the structural details.

3) To calculate the ultimate strength of columns with wing walls and
beams connected by columns.

4) To compute Ey~index of the strengthened building based on the third
evaluation method 6f "Criterion on the Evaluation of Seismic Safety"
considering the failure type of the strengthened frame.

5) To caleculate the seismic index of the-strucﬁure rIg, and to judge
whether or not the aim of strengthening is satisfied. When not
satisfied, to recalculate returning to the process 3) after increasing
the strengthened part or changing the method of construction and
structural details.

(2) Seismic Capacity of Strengthened Members

1) Columns with monolithically cast wing walls*l

The ultimate strength of the column with additional wing walls
mentioned in Section 2.2.4 (1) may be smallér value of the following

shear force at the ultimate flexural strength QMy or the ultimate shear
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strength

QMu

My

where, Qg

QSu

%2

Qsu.
= é' ZMu/hO ~
= (0,9 + B).ar.0y.D + O.5N.D {} + 28 -

\
N at,9y 2\
oe.b.D.Fo1 ¢ N + 1)_(

(1 + 20.8)/(1 + 2B)

o and B are shown in Fig. 2.2.4

: reduction ccefficient ( = 0.8)

: clear span of the column (cm}

: gross area of tension reinforcements of the

column (cmz)

: vield stress of longitudinal reinforcement

of the column (kg/cm?)

: axial force of the column (kg)

..

where, &y :

LA

Pw-Uwy

PSh . GSY H

specified compressive strength of existing
conerete (kg/em?)
width of the column (cm)

depth of the column (em)

' r
é [0.8{1«*cl (%% Ia + 0,5 ﬁ?w.cwy + P5HE£%¥%2%>b.D

+ 0,1N]

(2.2,1)

(2,2,2)

(2.2.3)

total depth of the column with wing walls (Fig. 2.2.4) (cm)

total sectional area of the column with wing walls (cmz)

product of the steel ratio and the yield stress of the

transverse reinforcement of the column (kg/cmz)

product of the steel ratio and the yield stress of the

lateral reinforcement of the wing wall (kg/cm?)

thickness of the wing wall (cm)
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2% Columns with wing walls connected by dowels*

i) The ultimate strength Q, of the column with wing walls described
in Section 2.2.4 (2) is caleulated by Eq.(2.2.4) assuming the lateral
shear force Qr carried by the incliined compression members, which are
idealized as the model of wing walls, and the lateral shear force Q.

*
carried by the existing column. 4

Qu = Qr + Q¢ (2.2.4)
ii) The lateral shear force Qr carried by the truss model takes the
minimum yalue among the lateral force Qpj at the ultimate compressive
strength of the inclined memberg, the ultimate shear strength of the
connection Qrg at the top and bottom of the wing walls, and the ultimate

shear strength of wing walls QT3, which are obtained by the following

equations (2.2.5) through (2.2.7).

Qpp = 20g.t2.8.(L1/Ly) £ 2(N + 2g.%%) (L, /H) (2.2.5)
Qry = smaller value of the following two
ﬂzAd.amax J{3) + 0.2505.t2. fc (H/1L2)
' (2.2.6)
aL(o.a PAg[Ec.Fe1) + 0.250p.t2.f (H/Ly)
Qr3 = IAG(fg + 0.5Pgy.0gy) (2.2.7)

where, ap ! effective width ratioc of the inclined compression
. member and may be 2.0, except when it is determined
by a specilal investigation.
ag.0oy : product of the gross area and the yield strength of
the longitudinal reinforcement of the column (kg)
H : story height (cm)
E~ : modulus of elasticity of the existing concrete (kg/cmz)
fo = 0.85 F; (kg/cm?)
TAj : sum of the sectional areas of wedge anchor bolts placed
ar the horizontal counection of wing walls (sum of the

area in walls at both sides)} (cmz)
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Umax : tensile strength of a wedge anchor bolt (kg/cmz)

YAy : horizontal sectional area of the wing walls at both
sides (em2)

: product of the steel ratio and the yield stress of the

PSh‘Gsy‘

horizontal reinforcement, where Pgp < 1.2%.
fg : allowable shear stress of concrete of the wing wall (kg/cmz) H
it 1s based on "Standard for Design of Reinforced Concrete
Structures" of ALJ.
iii) The shear force Q. carried by the existing column is obtained
by the following equation.

Qe = minimum (6.0, > ®2-Qsu) (2.2.8)
where, Quy and Qg, are the shear force at the ultimate flexural strength
and the ultimate shear strength, respectively, of the existing column,
and they are calculated by the equations used in the third evaluation
method of "Criterion on the Seismic Safety'. However, the axial force
N used for the calculation of Quy and Qgy may be
N = N{long-time)- %I(%I) » or zero for N< 0. The symbols u] and @p
are the reduction coefficient of the shear force of the'exi;tgﬁg column
at the failure of the wing walls. They may be respectively 07 = 0.7 and
0y = 1.0 considering the compatibility of the deflection.

3) Ultimate strength of existing beams
The ultimate strength of existing beams is calculated by the equations

in the third evaluation method of "Criterion on The Evaluation of Seismic

Safety".
4) Ductility index of the column with wing walls
The ductility index F of the column with wing walls may be 1.0.

However; when the beam yielding type mechanism is formed after the

construction of wing walls, F-index may be 3.0 for columns with wing

walls.
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(3) Evaluation of the Seismic Safety

The seismic safety of a strengthened building 1s evaluated based on

Section 1.2 and 1.5.

%1 The dimension of a column with monolithically cast wing walls is
shown in Fig.2.2.4.

%2 The calculated ultimate strengths by the proposed equations are
compared in Fig.2.2.6 with experimental results.

*#3 The dimension of a column with wing walls connected by dowels is
shown dn Figs.2.2.3 and 2.2.5.

*4 The analytical model is illustrated in Fig.2.2.5, and the calculated
ultimate strengths by the proposed equations are compared in

Fig.2.2.7 with experimental results.
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2.3 Strengthening of Columns

2.3.1 General

The aim of this strengthening is to improve the earthquake resistance
of a building upgrading the seismic capacity of columns by means of one
of the following methods, or by their combinations, that is, to improve
the ductility of columns avoiding shear failure, to equalize the
stiffness of columns, and to increase the flexural capacity of columns.
Although it is desirable to strengthen all the columns which lack the
sufficient ductility or in which the stiffnesses are considerably
unequal at the story under consideration, it should be recognized during

the design that there is a limit to increasing the ductility of columms.

2.3.2 Aim ;f Seismic Capacity
(1) Capacity of Strengthened Columns
The aim of the strengthening is to make columns ductile, that is,
to increase the ductility index F. Even in the case of strengthening
to increase the flexural strength, the aim is to increase the index F
as well as the strength index C.
(2) Capacity of a Total Building
The flexurél_failure precedence type is aimed as the earthquake
resistance of a strengthened building. In another words, the earthquake
resistance of the building is upgraded improving the ductility index F

by preceding the flexural fallure of columns.

2.3.3 Plan of Strengthening
(1) Objective Buildings
The buildings to which this strengthening technique may be applied are
classified into the following three groups when both the strength and
the ductility of beams are sufficient.

1) Those having few amount of shear walls, in which the ultimate shear
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strength of columns is lower than the ultimate flexural strength.
The strengthening method to improve the ductility of columns is
effective to such buildings.

2) Those in which the distribution of lateral forces carried by
columns is significantly uneven due to the existence of spandrel walls.
The method to equalize the stiffness of columns is effective.

3) Those havings few shear walls of which the lateral force capacity
is considerably low while the ductility is sufficient. The method to
increase the flexural strength of columns is effective.

(2) Location of Strengthening
Although it is desirable to strengthen all the columns which lack the
sufficient ductility at the story under the consideration, it should be

recognized that there is a limit to improving the ductility of columns.

2.3.4 Type of Construction and Structural Details
(1) Strengthening to Improve the Ductility of Cc'lumns’kl
1) Type of Construction
i) Method to increase the column size adding additional reinforcement
of welded wire fabrics adjacent to the existing column.
ii) Method to increase the column size adding additional reinforcement
of welded ties adjacent to the existing column.
i1i) Method to encase the existing column with rectangular or ecircular
steel sections.
iv) Method to encase the existing column with steel straps.
In any cases above, any voids are grouted to fill with conecrete or
mortar.
2) Structural Details
i) When the aim of strengthening is to improve the ductility alone,

any types of construction method described above are accomplished by

providing gaps of 3 cm at both the top and bottom of the column.
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i1) In the case of strengthening by additional reinforcement of
welded wire fabrics, the type of the lapped splice in E:j -shape is
easier in the ceonsgtruction than that in TQ -shape. The lapped length
measured by that between outermost crossing wires of each fabric sheet
shall be more than the space of crossing wires plus 10 cm, and more than
20 c.m."c2
4111i) In the case of strengthening by steel straps, both the space
and the width of straps are desired to be around 10 cm.
4v) In the case of strengthening by steel sections or steel straps,
the thickness of steel shall be more than 3,2 mm.
(2) sStrengthening to Equalize the Stiffness of Columns
1) Type of Coustruction
i) Removal or separation of spandrel walls
2) Structural Details
i) It is desirable to apply this technique together with that
described in (1) above, when the shear failure'of columns is still
expected even after the increased clear span of columns.
i1) The gap between columns and spandrel walls shall be greater than
3 cm. The separated spandrel walls shall be safe enough against the
out-of-plane deformation.
(3) Strengthening to Increase the Flexural Capacity of Columns
1) Type of Construction
1) Enlargement of the column size
2) Structural Details
1) The additional iongitudinal reinforcement which is taken into
account as a part of the flexural reinforcement of the ceolumn should
be arranged penetrating the slab so that it may be sufficiently

anchored.

ii) The additional shear reinforcement shall be adequately arranged
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against the increased flexural capacity of the column.

2.3.5 Design Calculations
(1) Calculation Procedure
The design calcglations for the strengthening of columns are
accomplished along the following procedure. ¢
1) To select appropriate construction method referring the result of
the evaluation of seismic safety, where the strength of beams should
be sufficiently discussed. The calculation process for each type of
construction method is separately described in the following items 2)
through 4).
2) Calculation process for the strengthening to improve the ductility
i) To discuss whether or not the strengthening is possible on the
basis of Eq. (2.3.5) shown later on.
ii) To approximate the required ductility index F.
iii) To calculate the required ductility factor U corresponding to
the F index.
iv) To determine the required shear reinforcement ra;io'sz‘
corresponding to the oBtained ductility index u. L ;
v) To judge whether or not the aim of the strengthening is satisfied.
The process is completed if the strengthening is feasible as well as
the aim is satisfied. Otherwise, recalculation is needed returning to

the step 1i).

3) Calculation process for the strengthening to equalize the stiffness

i)} To assume the clear height of columns after the removal or

separation of spandrel walls.

ii) To obtain the ductility and strength indices F and C,
respectively, by computing both the flexural and shear strengths of
columns.

iii) Teo judge whether or not the indices F and C are satisfactory
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to the aim of the strengthening, and to discuss, if not satisfactory,
the combination with another type of construction.

4) Calculation process for the strengthening to increase the flexural
strength

i) To approximate the aimed values of F and C indices.

ii) To determine the amount of flewural reinforcement corresponding
to the flexural strength of éolumns which satisfy the aimed C index.

iii) To determine the shear reinforcement ratic sz corresponding to
the aimed F index.

iv) To judge whether or not the aim of strengthening is satisfied.
The calculation is completed if the strengthening is feasible as well
as the aim is gatisfied, Otherwise, the process is repeated returning
to the step 1i).

(2) Seismic Capacity of Strengthened Column

The seismic capacity of strengthened columns is evaluated by the
following items 1) and 2), when the limitations described in item 3)
are satisf:f.‘ed.j"3
1) Ultimate flexural strength of columns

The ultimate flexural strength of columns is calculated by the

Eq. (10) of "Criterion on the Evaluation of Seismic Safety" shown

as below.
_ , N
My = 0.8a¢.0y.D + 0.58.D(1 - mb.D.Fcl) (2.3.1)
My = %My/hy (2.3.2)

where, ay : sectional area of tension reinforcement (em?)

oy * yield stress of flexural reinforcement (kg/cmz),
and may be 3000 kg/cm? for plain bars and the
specified yield strength + 500 kg/cm? for

deformed bars.

b : width of the existing column (cm)
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D : depth of the existing column (cm)

N : axial force of the existing column (kg), and shall be
0<N < 0.4b.D.Fp1
Fo1 ¢ compressive strength of existing concrete (kg/cmz)

hy @ clear height (cm)
0 : o is in principle obtained by a detailed calculation,
however, it may be 2,0 for approximation.
The strength of columns with additional fiexural reinforcement is

calculated by the following equation (Fig. 2.3.1).

N
MLI = at.Oy.g + atz‘UYZ'gZ + 0.5N.D2(1 - bz-Dz-Fcl) (2.3.3)
where, g : distance between the centroids of temsion and

compression reinforcements of the existing column (cm)
g2 ;imilar distance to that above, but for additional
flexural reinforcements (cm)
ayp ¢ sectional area of additional temsion reinforcement (cm?)
y2 ¢ yield stress of the additional reinforcement
(kg/cmz), and may be 3000 kg/cm? for plain bars and
the specified yield strength + 500 kg/cm? for
deformed bars
by : width of the column after strengthening (cm)
Dy : depth of the column after stremgthening (em)
2) Ultimate shear strength of columns

The ultimate shear strength of columns is calculated by Eq. (13)

of "Criterion on the Evaluation of Seismic Safety" shown as below,

~

10.053p,.,9-23(180 + Fq)

QSU =< ‘
L Q.d, :
1
N :
+ 0.1 o 08650, . (2.3.4)
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where, 1 < M/(Q-d;) £ 3, and
Pro : tension relnforcement ratio to the area of the increased
column section (%)
P : shear reinforcement ratio for existing reinforcement to the
increased column section
P,z ¢ shear reinforcement ratio for additional reinforcement
to the increased column section, and the wvalue of

(P, + Py2) shall be 0.012 when the sum exceeds 0.012.

Owy vield stress of the existing shear reinforcement
(kg/cm2)
Ouy2 * yield stress of the additional shear reinforcement,

(kg/cmz) and o_., and Owy2 may be 3000 kg/cm2 for

wy
plain bars and the specified yield strength + 500 kg/cm?
for deformed bars

do : effective depth of the increased column section (cm)

M/Q : it is obtained, in principle, by detailed calculation,
however, it may be h,/p for the approximation
3) Structural limitations for desirable ductility

The columns which require high value of F-index should satisfy the

following limitations.

70 Py + 04 £ 37.5 ho/D (2.3.5)
where, P. : tension reinforcement ratio (%)
g axial stress (kg/cm?)

hy : clear height (em)
D : depth of the column (cm)
(3) Seismic Capacity of Strengthered Building

The seismic capacity of the strengthened building is evaluated as

described in Section 1.2 and 1.5.
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*1
*2

%3

See Fig.1l.3 for construction methods.

The lapped length of welded wire fabrics is illustrated in
Fig.2.3.2.

Experimental results of the ultimate strength of strengthened
columns are shown in Fig.2.3.3: and the increased ductility factors

of strengthened columns are shown in Fig.2.3.4,
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2.4 Other Strengthening Methods

2.4.1 General
In this section, basic matters for strengthening methods by buttresses,

braces, additional columns and others are described.

2.4.2 Method by Buttresses
(1) General
The objective of this strenpthening method is mainly to increase
the lateral force capacity of the building by providing buttresses
outside the building.
(2) Aim of Seismic Capacity
For the strengthening by'buttresses, the aim of the capacity should
be clearly established. TIn addition, it should be investigated that
each part of the buttress, the connection between the buttress and
the existing building, and the foundation have adequate strengths,
(3) Plan of Strengthening
This strengthening method is beneficial to buildings of which the
overturning strength and the lateral force capacity are iow énd“which
have sufficient free ground around them. Buttresses are in principle
connected with the structural frames of the building, and shali be
provided in good distribution through the stories on both sides of
the building.
(4) Construction and Structural Details
1) When this method is applied, the following items must be
investigated.
i) Ultimate resistant moment considering the ground or piles,
ii) Stress in each portion of the additiomal footings under the
above mentioned moment.

iii) Flexural and shear strengths of buttresses.
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iv) Strength and details of conmnections for buttresses and existing

columns
2) The construction is desired to follow the structural details shown

below.

i) Buitresses have columns and beams at their periphery and at the
floor level respectively, .

ii) The longitudinal bars, at least corner bars, of beams of the
battress are adequately welded with the longitudinal bars of the
existing beams.

1i1l) The foundation of the buttress has continuous footings which

have adequate size of the section.

2.4.3 Method by Braces
(1) General

The objective of this strengthening method is mainly to increase the
strength capacity of the buillding adequately providing braces within
structurally important existing frames.
{(2) Aim of Seismic Capacity

Even if the cross-X type braces are used, the compressive braces
alone shall be in principle considered effective. Braces shall he
adequately provided so as to aveid significant deterioration of
structural property of existing structures,'mainly of beam—column
connections.
(3) Plan of Strengthening

This strengthening method is beneficial to buildings of which the
beam-column joints have adequate strength and in which appropriate
arrangement of braces 1s possible.

In this method, the arrangement of braces shall be well balanced,
and especially, the smooth transmission of stress from the upper story

to the lower story should be désigned considering the distribution of
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the rigidity in the building.
(4) Construction and Structural Details

1) When this method is applied, the following items should be
investigated.

i) Compressive strength and buckling strength of braces.

ii) Additional stress of the main structural members and the
foundation of frames where braces are arranged.

iii) Beam-column joints commecting with braces.

2) The construction is desired to follow the structural details
shown below.

i)} Braces should be arranged so that their center lines pass through
centers of beam-colummn joints.

ii) The ends of braces are designed and constructed so that they are
connected with the existing frame at their faces.

iii) The connections between braces and existing portions are
designed so as to transmit the ocut—of-plane shear force corresponding
to the weight of braces.

iv) In the case of compressive braces of concrete, the iongitﬁdinal
reinforcement ratio shall be more than 0.8% and the shear reinforcement
ratio shall be more tharn 0.2%.

v) Braces should be arranged so continuously that the transmission

of stresses through the stories may be smooth.

2.4.4 Other Methods

In other types of strengthening such as that by additional columns,
that for beams, and that for the improvement of stiffness distribution,
the effect of strengthening shall be in principle verified on the basis

of experiments.
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2.5 Strengthening of Foundations

2,5.,1 General

It is desirable that the plan of strengthening is established so as
not to need the strengthening of foundations. Toundations may be
strengthened in principle only in the cases where the strengthening can
be accomplished by convenient methods, the construction is technically
and economically feasible, and significantly improved earthéuake

resistance of the building due to the strengthening is possible.

2.5.2 Aim of Strengthening

(1) The aim of strengthening of foundations is to make the
strengthening of the upper structure effective so that the required
seismic capacity to the total structure can be satisfied.

(2) Foundations must be able to support the long-term loads of
structures after the strengthening.

{3) When it is presumed that the subsidence of the ground, the negative
friction of piles or the liquefaction of sand layer during an earth—
quake may occur and result in undesirable effects on the structural
capacity of the building, such effects should be avoided by improving

the ground based on a proper construction method.

2.5.3 Estimatioﬁ of Bearing Strength and Subsidence

(1) The bearing strength of the ground and piles, the subsidence of

the ground, the negative friction, and the lateral force resistance

of piles are calculated in accordance with the "Standard for Design of
Foundation Structures" of AILJ,

{2) The bearing strength of the ground and piles after the strengthening
shall be in principle the same as those in general case. The allowable
bearing strength against seismic loads, however, may be the ultimate

bearing strength.
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2.5.4 Estimation of Bearing Strength of Strengthened Foundations
The bearing strength of additional foundations may be added to that

of the existing foundation except special cases.

2.5.5 Structural Details

(1) Additional foundations should not be constructed eccentrically

in principle.

(2) TFoundations should not be used, in principle, together with those
of defferent type.

(3) Connections between additional foundations and existing portions
should be comstructed so that as closer strength and stiffness as
possible to those of monolithic construction can be obtained.

(4) The construction of additional foundations should be performed

so as not to harm existing foundations.

(5) 1In the selection of construction methods for additional foundatioms,
the safety during the construction and the feasibility shall be

sufficiently investigated.

2.6 Strengthening and Repair of Non-Structural Elements

2.6.1 General

The aim of strengthening and repair of non-structural elements is to
prevent the separation and fall of such elements as external finish
materials during an earthquake. The matters and methods described
herein are concerned with only external walls and, in addition,
concerned with the security of human life associated with the cases
in which the separation and fall of elements may directly injure the

people, and shut up the escape passages.
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2,6.2 Aim of Capacity
(1) Capacity of Elements

The most essential aim of repair and/or strengthening of existing
non-structural elements by appropriate methods is to prevent the fall
of such elements during an earthquake, in order to secure the human life,
The aim of the capacity of elements depends on the site condition of
the building, the type of structural system, the characteristics of
materials, and others.
(2) Capacity of a Total Building

The structural capacity of the building after the repair and/or
strengthening should not be different from that before the retrofitting.
When the structural capacity of the building may be changed by the
retrofitting, the investigation from several view points should be

needed.

2.6.3 Plan of Retrofitting
(1) Elements which Need Retrofitting
Non-structural elements which may need retrofitting are those shown
in the following items.
1) External walls of concrete blocks and glass blocks, and
curtain walls.
2) Window frames and glasses of external walls.
3) External finishing materials such as stones and tiles.
4) Signboards and lighting equipments on external walls.
Although comparatively large lamps on the roof floor are important,

they are out of the object herein,

2.6.4 Retrofitting Methods
The retrofitting methods which can increase the value of seismic

index of non-structural elements IN calculated in the evaluation of
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seismic safety of the building may be selected in principle. The

methods are shown as follows.

(1) FExternal Walls, Openings of External Walls and External
Finishing Materials

1) To avoid dangerous conditions of the fall of materials by improving
the deflection capacity replacing materials of external walls and
finishings.

2) When the same materials as those before the retorfitting are used,
the methods in which the deflection capacity or the one body condition
with thé base members are considered should be selected.

3) To provide stoppers for falling elements such as eaves.

(2) Signboards and Lighting Equipments on External Walls
1) To remove signboards and lighting equipments.
2) To reconstruct the connection of signboards and lighting

equipments.
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3. GUIDELINE FOR CONSTRUCTION OF RETROFITITING

3.1 General

(1) Scope

This chapter is applied to the construction of strengthening
methods described in the previous Sections 2.1 through 2.5. The matters
not mentioned herein should follow the standard specification "JASS"
of ALJ.

(2) Plan of Construction

The plan of constructioﬁ should be established so that the effect
of retrofitting expected during the design can surely be actualized.
in the plan of construction, careful attention should be paid
understanding the use condition of the building so that disturbances
assocliated with the noise, dust and éontamination during the
construction can be minimized and so that the safety of users of

the building and the safety during the construction can be secured.

3.2 Materials

(1) Materials for Mortar and Concrete

1) Cemeqt

The following types of cement may be used, that is, normal, high-
early-strength or extremely high~early-strength portland cement
specified in JIS R 5210 (portland cement), or A type cement specified
in JIS R 5211 (blast-furnace-slug cement), JIS R 5212 (silica cement)
or JIS R 5213 (fly-ash cement),

2} Aggregate

Sand, gravel or gravel pebble shall be used for aggregate., The
nominal maximum size of the coarse aggregate may be specified in

accordance with the placing portion., The fine aggregate used for
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the mortar for the strengthening of columns shall be that of I or II
class specified in JASS 5.3.3.

3) Air—eqtraining admixture

Air-entraining admixture or Air-entraining water reducing
admixture is generally used.

4) Admixture

Only for the case with normal portland cement, fly-ash may be used
when necessary. The fly-ash, however, shall be that specified in
JIS A 6201 (fly-ash), and the dosage shall be less than that for A
type cement specified in JIS R 5213 (fly-ash cement).

5) Expansive admixture

Expansive admixture may be used when required.,
(2) Materials for Grout Mortar

1) Cement

Cement described in Section 3.2 (1) 1) 4is used.

2)‘Aggregate

Fine aggregate of I or TT class specified in JASS 5.3.3 is used.

3) Admixture - o

Surface active agent for concrete may be used as the admixrure.

4) Expansive admixture ’

Expansive admixture must be used for grout mortar. The foamy
material, however, such as aluminum powder must not be used.
(3) Reinforcement

Reinforcing bars shall be in principle the standard materials
specified in JIS G 3112 (steel bar for concrete reinforcement) and
shall be normally deformed bars. Welded wire fabrics shall conform
te the standard in JIS G 3551 (welded wire fabric), and the diameter
of wire shall be more than 4 mm.

Wedge anchors of which the quality and capacity are adequately
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verified shall be used, and the nominal effective shear diameter shall
be 13 mm through 22 mm.
{4) Steel

Steel shall conform to the specification JIS G 3101 (general
structural rolled steel) and the thickness of steel plate shall be not

less than 3.2 mm.

3.3 Removal of Finishing Materials and Chipping of Concrete
(1) Removal of Existing Finishing Materials

Before retrofirting, interior finishing materials and the finishing
materials on concrete members such as plaster and mortar are removed.
(2) Treatment and Chipping of Existing Concrete

The connecting surface of concrete with new mortal or concrete are
properly roughened or chipped. For the case with chipped shear cotters,
the constructed dimension shall be as close to that shown by the design
drawing as pogsible and shall not be less than that designed. The
chipped surface shall be as even as possible. In addition, the
retrofitting method in which the chipping work is minimized should be

selected.

3.4 Reinforcement Work

(1) In the construction to place new reinforced concrete members, new
reinforcing bars shall be anchored into the existing members or into
their main reinforcements by effective methods.

(2) When new reinforcements are anchored to existing members by means
of wedge anchors, the space of anchors shall be more than 7.5 times
their effective diameter at the shear face along the direction of shear

force, and more than 5 times the diameter along the perpendicular

direction to the shear force.
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Wedge anchors shall be provided more than 10 cm apart from the end of
concrete, and shall be provided between longitudinal bars. The embedded
length of anchors shall be more than 5 times their effect diameter of
the shear face and more than the covering thickness.

(3) When additional reinfercements are anchored with reinforcements

of existing frame, new reinforcements shall be hooked with the bent

mere than 135° or welded with existing reinforcements.

(4) 1In the case of strengthening by welded wire fabrics for improving
the ductility capacity of columns, the length of the lapped splice of
welded wire fabrics which is measured by the distance between outermost
crossing wires of each fabric sheet shall be more than the space of

the crossing wires plus 10 cm and more than 20 cm.

(5) 1In the case of anchorage of new reinforcements by welding with thé
existing main reinforcements, careful attention must be given considering
the welding ability of steel bars seo that the mechanical characteristics
of the reinforcements may not be changed by welding. The welding by
different posture shall be performed by experienced welders who have
licensed for each welding posture specified in JIS Z 380i (tésging
method and judgement criterionm for the examination of welding technics)
or by those who have qualified by the Japan Welding Institute or by

other associations.

3.5 Concrete Work
(1) Plan of Concrete Work

1) General attention

As the concrete work for retrofitting construction is accomplished
ordinarily by casting concrete little by little into different portions
of the building, the comstruction plan shall be determined so as to

obtain the required quality of concrete under the given conditions.
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2) Selection of ready-mixed concrete plants

When the ready-mixed concrete is used, the concrete plant shall be
selected so as to finish placing within the required time from mixing
considering the time necessary to place concrete at the site.

3) Division of placing

Division of placing concrete shall be determined so as not to yield
overwork for the planned working flow considering the conveyance method
of concrete in the building, the time necessary to place and consclidate
concrete at each placing part, the possible placing volume in a day,
and the limit to the time from mixing to finishing of placing.
(2) Proportion

1) Specified compressive strength

Specified compressive strength shall be more than that of existing
concrete.

2) Required slump

Required glump shall be less than 18 cm In principle, and as small
as possible within the limit to placing.

3) Maximum value of water-cement ratio

The maximum value of the water-cement ratio shall be 65%.

4) Minimum value of unit cement quantity

The minimum value of the unit cement quantity shall be 300 kg/m3.
(3) Preparation of Placing

1) Before placing, the chipped faces of existing concrete members
shall be cleaned up by compressed ailr, absorption machine, clieaner and

water or others.
2) Before placing, the faces to touch new concrete, such as those of

sheathing boards and existing concrete faces, shall be adequately damped

by water.

(4) Placing and Consolidation

1) Concrete is in principle placed from the opening of the slab of
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upper story provided for placing.

2) When additional members or portions must be monolithically placed
with existing portions of the upper story, two steps of placing or
grouting shall be performed in principle leaving the space of
16 ~ 20 cm at their upper parts.

3) Concrete shall be sufficiently consolidated by vibrators, and
supplementarily by tamping and beating.

(5) Curing

Particularly careful wet curing of comncrete of additional portiomns
is necessary. Concrete shall be kept in wet condition over seven days
when the expansive admixture is used.

(6) Forms

1) Forms shall be carefully comnstructed so as to keep the accuracy of
the position and the size of additional members or porticns. Care must be
paid so that the leakage of mortar or others may not occur at the
connecting parts between existing members and forms.

2) In the case of strengthening of columns by steel plates, attention
must be paid so that the overhang of steel plates by lateral pressure

of concrete may be prevented.

3.6 Mortal Work

(1) Scope

This section is applied to the work for mortar used for strengthening
of columns.
(2) Proportion of Mortar

1) Compressive strength of mortar shall be more than the specified
compressive strength of existiné concrete.

2) Consistency shall be as stiff as possible in accordance with the

placing portions and placing methods.
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3) Standard proportion may be selected as shown in the following table
in accordance with the mortar consistency examined by flow tests

specified in JIS R 5201 (physical test methpds of mortal).

flow (mm) cement : fine aggregate
(weight ratio)

less than 180 1:3
more than or equal to 180, 1:2.5
and less than 240

more than or equal 12
to 240

(3) Placing or Spraying of Mortar

1) In the case of placing of mortar into forms or into strengthening
steel plates, the mortar is placed from the upper part or pressed-in
from the lower part so that the placed mortar ﬁay be even and dense.

2) The spray work of mortar follows JASS 15,

3) Before placing or spraying, the surfaces of existing comcrete and
sheathing boards shall be in sufficiently éaturated condition with
water.

{4) Curing

Mortar is cured in the same way as concrete.

3.7 Grout Work
(1) Scope

This section is applied to the grout work for connecting portions
between existing concrete members and strengthening members such as
those of upper parts of additional walls.
(2) >Proportion

1) Compressive stxength of grout mortar shall be more than the
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specified compressive strength of concrete of strengthening members.

2) Consistency shall be determined according to the portions and
methods of pouring.

(3) Production and Cénvéyance

1) Grout mixers by which even grout mertar is obtained shall be used.

2) Grout mortar shall be conveyed by‘the method which does not
result in excessive separation of mortar.

{4) Pouring and Press-in

1) Grout mortar shall be placed by pouring or press-in.

2) Before the pouring or press-in, the surface of existing concrete
and sheathing boards shall be in sufficiently saturated conditon with
water.

3) Grout mortar shall be poured or pressed-in with adequate pressure
without interruption,

4) Providing air vents, it shall be checked that grout mortar comes
out through vents.

(5) TForms

1) Forms shall be constructed so as not to yield the leakage of grout
mortar.

2) Forms must have the rigidity by which they may sufficiently
resist the pressure associated with pouring or press-in of grout mortar.
In addition, they shall adequately restrain the expansion pressure of
grout mortar.

3) Forms shall be removed after grout mortar becomes adequately stiff
and the restraint to the expansion pressure becomes unnecessary.

(6) Curing
Curing follows Section 3.5 (5), and partiéularly careful wet curing

is necessary when the expansive admixture is used.
i
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3.8 Plaster Work

(1) This section is applied to works for finishing plaster after the
strengthening of structure.

(2) 1In the strengthening of columns by means of steel plates and filled
mortar, adequate backing is needed in order to protect the separation of

mortar when mortar cover finishing 1s provided on the steel plates.

3.9 Exterior and Interior Finish Work

(1) Waterproof finishing shall be provided for the exterior construction
joint of new and old concrete.

(2) After retrofitting works, exterior and interior finish works are

performed according to special specifications.

3.10 1Inspection and Management of Quality

Lé The inspection and management of the quality of materials and
products are in principle in accordance with the standard specification
"JASS™ of ALJ. However, the lots for inspection and the number of
pulling-out tests shall be determined so as to adequately indicate

the quality of materials and products to be used.
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REPAIR AND STRENGTHENING OF MASONRY

Lawrence F. KahnI

SUMMARY

An epoxy cement and high-slump Portland cement grout are used to re-
pair cracks and to fill voids imn masonry structures. Unreinforced masonry
walls and columns typically are strengthened with a surface application
of shotcrete or plaster reinforced with vertical and horizontal bars and
tied to the existing masonry with short dowels. Tying floors-to-walls and
adjoining walls together with added connectors and exterior reinforcements
increases a masonry building's seismic resistance.

STATE-OF~-THE-ART

Practicing structural engineers and constructors innovate new repair
and strengthening techniques for masoenry structures with each job, for
each building. The practitioners in North America and throughout the world,
rather than academics and research engineers, have been the ones most
involved in structural retrofit and its development. Those practioners
write little concerning the procedures used for repair and strengthening
“and of their success, partly because they are so busy doing the engineering
and partly because they do not want to bring attention to the distressed
structure, Determination of the state-of-the-art, therefore, is based on
few publications relative to actual retrofit construction and on a limited
number of research studies.

In general, repair and strengthening techniques applied to brick
masonry have been equally applicable to stone and concrete block construc-
tion and vice versa. In a series of shaking table tests on masonry houses,
Gulkan et al. (12, 13) found that brick and concrete block structures re-
sponded similarly to seismic forces and that a surface bondlng repalr and
strengthening method performed well on both brick and block."

Further, retrofit techniques for reinforced concrete structures are
often the same as those for masonry. The special considerations for stone,
block and clay products are the bond characteristics between lime/portland
cement mortars and the masonry units, the typical multiple wythe construc-
tion of load bearing masonry, and the architectural use of the structural
materials for load bearing and non-loading walls, infilled walls and
veneers. The architectural considerations often place restrictions on the
repair and strengthening procedures of masonry structures.

IAssistant Professor, School of Civil Engineering, Georgia Institute of
Technology, Atlanta, Georgia 30332
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Following sections of this paper will present methods which have been
used for masonry repair and strengthening and which have been investigated
in laboratory research efforts.

' REPAIR

Cracked masonry walls typically are repaired by filling the cracks
with a masonry grout or with an epoxy cement. The masonry grout combines
portland cement, lime, and water into a high slump mixture. The grout
rather than epoxy is used where cracks are wider tham 1/8 inch and where
economy 1s important. Cracks are sealed with a gel epoxy or with a dry-
pack mortar. The masonry grout is then pumped under a low pressure into
the cracks and voids in the structure. Considerable amounts of material
flow into cavities between wythes of bricks and into existing voids be-
tween masonry units, The high slump is necessary to allow the grout to
flow into the cracks and to sustain sufficient water in the grout for
cement hydration after the bricks or blocks have absorbed much of the
water from the grout.

Injection of low viscosity epoxy has been used successfully to bond
cracks only 0.005 inch wide. But epoxy bonding is expeusive for repair
of wmasonry structures because the epoxy flows into voids and cavities be-
tween wythes as well as into the cracks. This flow requires large amounts
of the costly epoxy (21).

Warner (27,28) has developed an expansive structural epoxy-ceramic
foam which has high bond and compressive strength and which fills small
cracks. Because of the foaming nature, less epoxy is required; and be-
cause of rapid set, leaking of the material through unsealed cracks is
minimized.

In general, the repair of a damaged structure is designed to restore
the structure's original strength. Benedetti and Costellani (4) showed
that grouting existing stone masonry walls nearly doubled their lateral
strength. 1In masonry such grout repair may result in strengthening be-
cause the grout fills voids and improves the bond and interaction between
the masonry units., Sheppard and Tercelj (25) found similar strength im-
provements for pressure grouted stone masonry, whereas such repair of
concrete block masonry only restored without increasing the original
strength of test wall panels. -

STRENGTHENING

Brick masonry industrial and multi-story buildings strengthened using
simple techniques resist earthquake forces much better than similar, un-
strengthened structures. Yaoxian and Xihui (29), Yuxian (31) and Guoliang
(11) report that many brick structures were strengthened prior to the 1976
Tangshan, China Earthquake and that "...strengthened low-quality buildings
behaved much better than those unstrengthened good-quality buildings" (11).
Strengthening techniques include application of & reinforced shotcrete
surface, reinforced plaster surface treatment, external reinforcing and
post tensioned bars, reinforced concrete pilasters and bond beams, and
improved floor and roof-to-wall connections.
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It is difficult to determine to what degree an unreinforced masonry
structure needs to be strengthened for improved earthquake resistance.
A secientific understanding of the seismic response of masonry buildings
is still being developed (18). Therefore, exactly how much steel and con-
crete reinforcement that is required to strengthen an existing building
is not able to be quantified. Yet engineers have recognized some qualita-
tive goals for seismic retrofit: to create redundancy and multiple load
paths, to tie the building together so that it acts as a whole, to develop
tensile capacity particularly for out-of-plane flexure in walls, and to
develop ductility by keeping the masonry units together after the mortar
joints have cracked. As the strengthening techniques are discussed in the
following sections, these retrofit objectives should be remembered.

Reinforced Shotcrete

Application of a layer of shotcrete reinforced with vertical and
horizontal bars is the recognized method for strengthening load bearing
and non-structural masonry in North America. One example of its use was
the seismic strengthening of the California State Capitol (16). The
exterior brick load bearing walls were 84 ft. high and as much as 36 inches
(8 wytheg) thick. These were strengthened by first removing two interior
wythes of brick, drilling holes into the remaining wall and anchoring steel
dowels in them, placing reinforcing bars, and shooting a 12-inch thickness
of concrete onto the interior surface (Figure 1). The new shotcrete wall
was anchored to the existing concrete footing and to a new mat foundation.
A second example of the use of shotcrete was the strengthening of the brick
facade and the reinforced concrete elements of a six-story warehouse
building in San Francisco (8). As Figure 2 shows the existing wythes of
brick were anchored to the shotcrete by core drilling 8 in., diameter holes
in the brick, embedding #4 bars, and filling the holes with dry-pack mortar.
The masonry surfaces were sandblasted; after locating reinforcing steel,
the shotcrete was applied in a 4-in.to 6-in. thickness.

In these two examples and others (3, 10, 14, 17, 20, 24), maintaining
the architectural character of the structure was important. Application
of the shotcrete to only the inside face of the masonry wall accomplished
this requirement. The author has found no experimental research where this
method of strengthening has been investigated. ’

Surface Treatments

Guoliang (11) reported that brick walls were strengthened after the
Tangshan earthquake using reinforcing fabrics followed by a l-in. to 2-in
layer of mortar. When the Ninghe earthquake occurred, most of the strength-
ened buildings survived.

Schneider and Dickey (23) reported on tests of brick wall panels (3-
wythes thick) which were strengthened with layers of wire mesh plus 1-in.
thickness of plaster applied to each face. The mesh was either 0.10-in.
or 0.06-in. diameter wire with 2-in. spacing vertically and horizontally.
The shear strength of the strengthened specimens was more than twice that
of the unstrengthened walls regardless of mesh size.
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Jabarov, et al. (13) reported use of a similar strengthening techni~-
que and concluded that the l-inch reinforced mortar layers increased the
lateral strength of the masonry by a factor of 2.9,

Tso, et al, (26) used expanded metal sheets plus a thin layer of
portland cement mortar to strengthen test specimens made using concrete
block masonry. The first structure was reinforced with mesh on both sides;
1/4-in. diameter bolis passing through the wall held the mesh to the
blocks and resulted in a "sandwich" construction. This first specimen
showed a lateral resistance nearly three times greater than an uarein-
forced wall; reversed cycle deflections over increasing deflections re-
sulted in constantly increasing energy dissipation. A second specimen
strengrhened with mesh on only one side was about twice as strong as the
unreinforced specimen. But the second structure was far less ductile
than the first; the two-sided strengthening confined the ruptured masonxry
and prevented deterioration with increasing deflection cyecles. A third
specimen was tested and failed prior to strengthening, it was then strength-
en with mesh and mortar identically to the first, Retesting showed a
lateral strength about two-thirds that of the first, but it sustained
reversed cycle deflections and showed ductility similar to the first.

Sheppard and Tercelj (25) strengthened concrete block walls on each
side with a l1-in. layer of cement plaster reinforced with 1/4-in. dia-
meter wires at 6-in. centers vertically and horizontally. The sandwich
layers were joined together with 1/4-in diameter stirrups passing through
the wall, spaced about 12-in. on center each way. The in-plane strength
of the walls was twice that of unstrengthened structures.

A one-eighth inch thick layer of "Surewall", a proprietary material,
was found to double the lateral strength of unreinforced concrete block
walls. "Surewall" is a surface bonding cement made of portland cement,
sand and alkali resistant glass fibers. A similar glass fiber reinforced
plaster was used to repair and strengthen unreinforced concrete block
walls of one-story structures which were subjected to shaking table tests
(12). Walls were plastered with a 1/8-in. thick layer of the material
after cracking had occurred at lateral accelerations of 0.28g. The re-
paired structures resisted further accelerations to 0.49g without failure.
Gulkan et al. state, "the repair method restored the strength of both the
in-plane and out-of-plane walls so that they were capable of resisting
base motions significantly greater than those that caused the original
damage" (12). ‘

Altogether, surface treatments using lightly reinforced thin mortar
layers have been shown to improve the lateral load capacity and the duti-
lity of unreinforced masonry walls. Further, the bond between fairly low
siump mortars and masonry seems sufficient to develop the strength of the
steel reinforcement. Confining the existing masonry with surface treat-
ments on both sides of the wall and with ties between each reinforced mor-
tar face definitely was superior for increasing the strength and ductility.
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External Reinforecing

Prestress and non-prestressed reinforcing bars mechanically at-
tached to the exterior of existing masonry walls have greatly improved
their lateral load resistance and ductility., Benedetti and Castellani
(4) strengthened stone masonry structures with vertical tendons, hori-
zontal tendons and with both (Figure 3). Structures were tested under
monotonic, lateral loads.

About twice the lateral strength of unstrengthened walls was found
for struectures with vertical steel distributed aleong the length of the
wall and for structures with vertical bars at the corners plus horizon-
tal bars near the roof line and the base. The vertical tendons (,l4-in,
area) were prestressed to 3,300 lbs to give a nominal vertical prestress
of 14 psi.

2

Other experiments on masonry walls and piershave shown that a super-
imposed bearing load on the structures increased their shear resistance;
for bearing stresses less than 250 psi, the ductilities were increased
also (18). Application of prestressed vertical bars seems to provide the
same strength increases as these bearing stresses. External horizontal
steel bands were used to repair and strengthen a single wythe brick wall
in a shaking table test experiment (13). This retrofit permitted repeat-
ed shaking tests with effective peak accelerations near 0.5g; the bands
maintained the structures integrity.

The connection between exterior and/or interior walls framing togeth-
er has been improved with external bars as illustrated in Figure 4. The
improved connection forces the walls to act together in resisting the
earthquake (22).

Reinforced Concrete Frame Elements

Masonry structural walls have been "'tied together" using reinforced
concrete elements built within and adjoining the existing structure. At
Stanford University, Holmes (14) carved our areas in existing 24-in. thick,
3 story high unreinforced brick walls and then used shotcrete to place re-
inforced pilasters in the cavities. Churayan and Djahua (7) used a simi-
lar technique where they removed vertical sections in brick walls, placed
reinforcement and cast in concrete made with crushed brick as aggregate;
the connection of these pilasters to the brick was achieved by maintaining
an irregular, saw-tooth surface in the remaining brick wall. Lee, et al.
(16) cast a reinforced concrete bond beam at the top of the brick walls
for the California Capitol, which was also strengthened with a shotcrete
surface (Figure 1). And Jin Guoliang (11) stated that one Chinese strength-
ening method for brick walls was casting "reinforced concrete columns which
are securely connected to the walls."

Reinforced bond beams are normally used in new construction to join
the exterior load bearing walls and to provide a good connection to the
wall-to-roof diaphram. Casting such a member to provide structural con-
tinuity in existing walls is a standard procedure (10, 22}.
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Improved Connections

Secure connections between fleors or roof diaphrams and load bearing
masonry walls greatly improve the seismic resistance of masonry buildings.
One such connection uses a joist anchor as showm in Figure 5. Joist
anchors were used to strengthen brick masonry buildings in Los Angeles,
California area prior to the February 9, 1971 San Fernando earthquake.
Abel (1) points out that walls so strengthened generally remained standing
while similar unstrengthened wall collapsed during the 1971 event,.

Briasco (5) found that nc walls with joist anchors separated from the
floor or roof during the San Fermando earthquake.

Guoliang (11) writes that several months before the Tangshan earth-
guake the connections between infilled masonry walls, columns and roof
trusses were strengthened by bolts. As a result, none of these structures
collapsed, and few infills were broken,

Improving connection details to force walls to move with the floor
and roof diaphrams seems a low cost method which greatly increases a build-
ings' seismic resistance. Roofs have conllapsed because the load bearing
walls on the opposite sides of a building moved in opposite directions
during the earthquake (5). Securely connecting each wall to the roof
forces the walls to deflect in similar directions, thus the walls remain
under the roof structure and collapse is prevented.

CURRENT RESEARCH EFFORTS

Ewing and others (9) are conducting a significant experimental effort
to determine the response of masonry structures. Tests will examine dia-
phrams, out-of-plane and in-plant response of walls and anchorages. After
initial tests, the full-scale specimens will be repaired and strengthened,
then retested. Dr. Russell Brown at Clemson University is experimentally
investigating anchorages in masonry walls, including the use of joist an-
chors for seismic retrofit. The author is studying the bond characteris-
tics between shotcrete and brick walls (Figure 6). Tests will determine
the degree of composite response between the shotcrete and masconry and
the extent to which the reinforced shotcrete strengthens brick elements.

CONCLUSTION

In general the various repair and strengthening techniques attempt to
bond the masonry units together better and to provide steel reinforcement
for tensile resistance and for ductility. Pressure grouting masonry where
the mortar has cracked and deteriorated results in strengthening the wall
structure. Surface treatment seems to double the in-plane strength of
brick and block walls; typically for such surfaces, small quantities of
thin steel wire fabric are bonded to the surface of walls with less than
a one-inch coat of cement plaster. Where unreinforced masonty walls have
been tied together with extra joist anchor connections, extearnal rods,
bond beams, pilasters, or some surface treatment, the walls and buildings
have resisted seismic forces. Similar structures not so strengthened have
collapsed.
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STRENGHTENING EFFECT OF ECCENTRIC STEEL BRACES
TO EXISTING REINFORCED CONCRETE FRAMES

T x
Shigeya Xawamata and Masaaki Ohnuma

SUMMARY

One of the main buildings of the Tohoku Institute of Technology in
Sendai, which was damaged by the '78 Miyagi-ken-oki earthquake, was re-
stored. The eight storied reinforced concrete frame construction was
strengthened in the longitudinal direction by means of steel cross braces
which were installed with eccentricity in both facades from outside
of the building.

In this paper, the scheme of the bracing is described and the results
of experimental works on the behavior of the eccentric cross braces,
strength of brace~tb~frame connection and on spandrel weakening deviecz are
presented. Also, the aseismic effect of the bracing system to the buillding
is evaluated.

INTRODUCTION

Two of the main bulldings of the Tohoku Institute of Technology in
Sendai, Japan, ware seriously damaged by the Miyagi-ken~oki earthquake of
June 12, 1978 [1]. Cne of them, Building No.3, four storied reinforced
concrete frame construction, was judged irrecoverable, demolished and
being reconstructed. The other, Building No.5, which was eight storied
R.C. frame construction { Figs.l and 4 ) was repaired, strengthened and
resumed its service in ten months after the earthquake.

The damage to both the buildings is characterized by the same mode of
faflure, i.e, shear and bending-shearing failure of columns in the north
side frame under the action of horizontal forece in the longitudinal direc-
tion { Figs.2 and 3 }. One cause of the destruction is supposed to be the
deficiency of ultimate strength of the frames, none of or very few shear
walls existing in this direction. Another and more important factor is the
influence of in~fill spandrel wall. The walls, being cast-in-place only in
the north frame as shown in Fig.l, made the stiffness of the frame about
four times greater than those of the other two frames and gave rise to
concentration of shearing force , thus resulting the brittle shear failure
of the columns.

The latter factor had been ignored in the design of buildings until
the dangerous effect of in-fill spandrel walla was drastically recognized
by the destruction of Hachinohe Technical College in 1968 Tokachi-oki
earthquake {2],[3] ( the Buildings Ne.3 and No.5 were built in 1566 and
1968 respectively ).

For the Building No,5, not only the failed and cracked columns,
beams, walls and slabs were repaired, buz the strengthening of the original
frames together with the weakening of the spandrel wall was done to improve
the resistance against big earthquakes expected In the future.

Strengthening of the building in trhe transverse direction was made by
inscalling addirional R.C. shear walls as shown in Fig.4. As the
strengthening in the longitudinal direction, steel cross braces were at—
tached to both .faces of the building from outside. Rigid connectian between

I : Professor, IL: Assistant ; Tohoku Institute of Technology, Sendaf,
Japan
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Fig. 4 Repaired columns and added shear walls ( plan of 3F )
steel braces and the existing R.C, frames was secured by a kind of post-
tentioning technique. Further, the ends of the in-£ill spandrel wall were
continuously perforated by core horing so that the columns may not encoun-
ter any more shear failure,

The aucthors were in charge of the restoration works as the members
of a committee set in the Institute, and as such strengthening of existing
R.C, frames by steel braces was a new technique which had not been experi-
enced, a serles of experiments was needed to verify the aseismic effect of
the system.

In this paper, the design of the bracing system is described and re-
sults of tests on the behavior of braces, brace~to-frame connection and
the weakened spandrel beams are presented. Basing on the experimental data,
the strengthening effect of the bracing system is evaluated.

1. DESIGN OF STRENGTHENING BRACE SYSTEM
Basic Concept Though the installation of shear walls is the most com-
mon practice as aseismic strenghening for R.C. frame comstruction, a
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system of steel braces was adopted in the restoration work. The advantage .
of the system can be summarized in three polnts: a) natural lighting through .
windows is not intercepted, b) installation is approached from outside, thus

facilitaring the work and not making any obstacle in the interior of the

building, and ¢) wiform distribution of braces is possible so that no con-

cencration of shearing force occurs.

Brace to frame contection As .shown in Fig.6, brace members were fastened

by friction bolts to steel bases which were set against the R.C. beam face

and, after filling the gap with cement mortar, post-tentioned by prestress—

ing steel rods dinserted through bored holes. 5-2 prace
Brace Members H-section { H-200x200x8x%12,mm ) o )
of weathering steel ( JIS SMA41A, 0% =35kg/mr® and £
0y =49kg/mm?} was used with coating of a rust 50
stabilizing agent because the braces were to face S F T }__{
the open air, Pt bl
In each brace member, the outer flange was ti?ﬁ
cut at the nodal point, as shown in Fig.6, in order 450
to derive fully eccentric property. Further, as Unit: s
shown in Fig.7, in B-3 braces used fovr 4th and A5 0-1 2race
5th stories, the neck section having narrowed soi [ m#

inner flange and perforated web was formed. B-2
braces for lst to Jrd stories had narrowed o
inner flange and B-l braces for B3 to Bl stories gl j; P—{
had not the neck section. These necks were for i
accelerating the yielding under axizl forces.
Amount of Steel Used and Period of Execution Fig. 7 Brace necks

The total amount of steel sections and plates used for the bracing
system was about 50 tous. Four months were needed for the fabrication and
the installatiom.

2. HYSTERETIC CHARACTERISTIC OF CROSS BRACES

One third scale models were uséd in order to investigate the hystere-
tic behavior of the units of cross braces of the three different types.
Brace section of 75mm=x75mm was built upfrom &,2mm thick sheet (U?=32kg/mmz :
and (g =48kg/mm?) for the flange and 3.0mm thick sheet (07 =25kg/mmf and ‘
03=34kg/mn*) for the web. t

As shown in Fig.8, alternate horizontal load was applied rhrough
a hinged rigid frame., The specimens were brought to their ultimate state
by 9 to 10 cycles of loading with monotonically incrasing amplitude. Fig,9
shows the lead- horizontal displacement curves for the point E in Fig.8.

mow)  pAlcernace Loading
Lot

T
o011 qack Crosd _E 3 ®>

Cell

- o

e
[] 1=
] i

L

pecimen

Reaceion
Buttress

- g Brace Neck e—m——=>

4 [ 5
T g i

Fig. 8 Test setup for 1/3 scale models of cross braces
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The behavior of the braces are characterized by the eccentrie nature
in the action of axial forces. As shown in Fig.l0, the eccentricity is esa-
pecially dominant in the neck sections ( sectious A and D in Figs.8 and 10}
In the consequence of the eccentricity, the elastic stiffness to the later-
al force was reduced to about 40% of the case in which the same members
were subjected to concentric action of the axial force.

Yielding both in tention and compressicn initiated from the inner
flange in the neck section because of the eccentriecity, and gradually propa-
pagated outward up to the outer extreme of the web, the outer flange remain-
ing almost stress free or well in elastic range even in the ultimate starte,

The ultimate bearing capacity was determined by the buckling of rhe
inner flange and web in the neck section. However, the reduction of the load
level was very small as can be seen in Fig,9. This is due’'to the localizad
nature of the buckling. The estimation of ultimate loads Pult, which were
obtained under the assumption that imner flange and web in the neck were in
the stress level of teneile strength/yleld stress in tension members and
of yileld stress in compression members, outer flange being assumed to be
atress free, is in gocd coincidence with the experimental values.

The property of the braces i3 summarized in Table 1.

¥.P.4 Yialding of Innar Flange ln Neck Sactionm

_L.B.4 Initiaclon of Local puckling in Meck Fectlon

Yo ! - ]1 Fedasdemizigz p [
T

N il A

92 ARACEK
Sectiona ] c o

-2 =81 ———— 109 1
-118 33
-3e t3)

S CT R 1Y o 232 1100
P~ 4 con (elaseic}

9 =533 ass 1414

] [ Ly P

Pwl9. 8tco [mizimm joed)
xled
{puckled) Caoitr 1079

Fig.10 Mezaured axial strain

Fig.l1l Buckling of Fig.l2 Fracture of
Neck (3-2) Neck (B-2)
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Table 1 Summary of Experimental Results of Cross Braces

i £33
l Initi;I Initial Yielding Max . Ultimate State
Specimen [Stiff~ | Load |Displace-|R =8y /H [Load [ Load |[Displace-|R =6uwyH
mess ment 43*3 ment 3 %3
x Py, ton| by, mm 10 rad | ton | Pum ton| 6wt ,.mm 10 rad
T14, 2.1 29.3 28.4 5.8
B-1 37 i | re.3y | 183 (255) | (31.2 8.4
8. 1.3 19.8 19.0 10.8
B-2 40 leany 1 g3lgy | 1-09 181y | ¢32.4) 9-3
6. 1.0 18.7 15.6 10.4
B3 40 l¢say | ¢3.0y | ©-86 (156) | (29.4 ) 82
(----) : Figure converted for the corresponding prototype braces
*1 : Lateral stiffness divided by theoretical stiffness for the case
of concentric cross braces
*2 : The first yielding of inner flange iIn the neck section
*3 : H Is the height of story

3. STRENGTH OF BRACE-TO-FRAME CONNECTION

The strength of brace-to-frame connection is governed by the shearing
capacity of the junction of steel base and R.C. beam face under the exist-
ence of the transverse prestress. In order to prove the reliability of the
joint, a series of slip tests was carried out. Scale of the specimens was
1/2. Fig.13 shows the test setup. The tests were performed under two kinds
of loading: the loading in the direction parallel to the axis of base and
the one perpendicular to the axis. .

Fig.l4 shows a load-slip displacement curve for a specimen loaded
longitudinally. The junctions behaved very well both in strength and in
ductility in virtue of the prestress. In the ultimate stave, the coeffi-
cient of friection with respect to the induced prestress reached to 1,6~
2.0 in the cases of longitudinal loading and to 1.l in the cases of trans-
verse loading. In the context of the prototype, the maximum hrizontal
force which can be trans-
mitced from frame te brace
is estimated to be 120ton

A TS LT T I B
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- - total rrestrasaing rorca:l§t -
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Fig.13 Slip test of steel base Fig.1l4 Load-slip displacement curve
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: in each of the general nodes ( 2 prestressing rods ) and 240ton'in the end
i anchorages ( 4 prestressing rods ), which mean enough resistance in view of
A the ultimate capacity of braces indicated in Table 1.

4. BEHAVIOR OF WEAKENED SPANDREL WALL - e hiae L e z6e
In order to observe the perform- ! :
ance of the spandrel walls whaose ends .o i of c,,,m,,LN ,_...[E
were weakenend by bored holes, a pure  in Spandrel waly . Ja-5 0|
beam and beams having spandrele with a !
and without the holes were subjected
to alternate bending moment and shear
in the form of simple beam test. Scale__
of the specimens was 1/3 ( Fig.l7 ).

Fig.1l5 shows load-deflection
eurve of the beam with weakened span—
drel{ A-2 ) compared with the back-
bone curves of the other two.

For the bending woment in which
the spandrel wall was in compression,
the resistance of the weakened span-
drel beam was reduced to about 1/3
of the unweakened one as the result
of crushing of concrete remaining
between the holes.*l

In the context of the framed
configuration, it can be proved
that the level of horizontal force
corresponding to the spandrel crush-

ing is well under the level of the A SRR ) :
ona of the shear failure of the AL i
column, thus enabling us to avoid the T ' bl
latter. Fig. 15 load-deflection curve
o - P
“ B . 5 1 o o
e gt T - i I
. . o s 250 k- i
. . FERN S . ~ [ I
. A H i A
v L . ' A-1 Specinen } L—! 4-nl2¢
S ‘ ﬂ} 116 l
v o ' |
KE ) 1000 } 1000
Pl LT ¥ P UL © o
Ao o 0y Noles 384 . i
) ; (e R ¥ a2 T
LA R Je s R . l f— Spandrel Q o I
. LA . s 320 wall Q o |
nt il Py . SO TIL Bt Q Q
. 620 i— o o 1 5-D104
. ‘ . t3
SECIEEI ‘e . 5. Beam | I
gﬂm\ SO [ @ i 2[0 j ! T
~ ST . A 3.2 cpacinen ; h‘l o108 A
S PR
-t b L B . ","4__,,.'.; 1000 { 1000 ;
Fig. 16 Crusu..., =~ -"=nrrete A-] Specimen is the same as A-2 but without holes
around holes Fig. 17 Test specimens

2] The wall concrets bwiween holes was grooved with only outmost Jayer of lcm thick { }om in procotyye ) being laft.
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5. EVALUATION OF STRENGTHENING EFFECT OF BRACES : CONCLUSION
Table 2 shows the variation of natural period of vibration of Building
No.5 before and after the earthquake obtained from Y. Abe's microtremor
measurements [4]. The stiffness of the building in the long{tudinal direc-
tion, which was once reduced to 40% of the original value, was almost
totally recovered. Shortening of the period from 0.49sec in Feb. 1979 to
0.35sec in Apr. 1979 means that the R.C. frame stiffnegs became twice by
installing the steel bracing system.
As the ultimate deformability of braces of about 1/100 of the story
height is probably similar te the one of the R.C. frames, the summarion of

strength of the frames and Table 2 Fatural Period of Building Na.$

braces seems to be reason-

able. As shown in Table 3, Date of Observarion Blrecetos
the ultimate shearing force ! L
coefficients also became Apr.. 1995 0.39 | 8-34
twice by the bracing. Feb.22, 1978: after an earthquake of scale IV 0.39 | 0.44
This level of earth- June 28,1978: after Mlyagi-hen Dki earthquake 0.43 | 0.53
quake responce will hardly Feb.13, 1979: after restoration of columma 0.36 | 0.49
be reached in view of such Apt. , 1979: after installation of braces 0.36 | 0.35
large capacity unit: sec T : Traoaverse, L : Longitudinal

of energy dissi-

Table 3. Eetimstion of Ultieate Shesriog Force : Longitudinal Direction
pation of braces

as exhibited in Story Velight %:::;;TTE:%?;EJan"-\f!egr::::ngche??l:gs Coeff.
the experiments. W, t LW, t * | Oc. t 3| k¢ "3 ] Or, ¢ *5| 08, € ( OrtQp J Tk T
5 1,593 1,979 1,550 | 0.78 1,648 1,092 2,740 | 1.39
4 1,417 3,396 1,710 § 0.50 1,755 2,496 4,251 1 1.25
3 1,440 4,836 1,899 | 0.39 2,131 2,534 4,665 | 0.96
2 1,447 6,283 2,414 | 0,38 2,456 2,896 4,012 0.8a
1 1,820 &,103 1,962 | 0.37 2,962 2,53 | 5,498 | 0.88

41 ineluding wvelghe of penthouses

#7 sheariog force to whole bulldiong corresponding to shear fallure of
porth frame columns, including resistsnce of shear walle

*3 kew Qe/ LW, * k= (Ot Q2w

44 ashear failure of coluzns assumed not ro occur
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ABSTRACT

In 1976 the U.S, Department of Housing and Urban Development {HUD) issued a
contract to develop a methodelogy for seismic evaluation of existing
multistory buildings. This methodolegy was based on a procedure previously
developed by the National Bureau of Standards (NBS), and reported In NBS
Building Science Series, BSS61l, January 1975. HUD requires an evaluation of
earthguake hazard and seismic resistance of all buildings located in Seismic
Zone 3 (Uniform Building Code). This paper briefly describes the application
of the Methodology for evaluating the seismic resistance of three typical
multistory buildings in California (seven to twenty-seven stories high), and
also the strengthening techniques used to rehabilitate the structures,
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INTRODUCTTON

In January 1975 the National Bureau of Standards (NBS) published a study
"Natural Hazards Evaluation of Existing Builldings (388—61)" by Charles G.
Culver and H.5. Lew of MNBS, Gary C,. Haft of J.H. Wiggins Company, and
Clarkson . Pinkham of S.B. Barnes and Assoclates [1]. This study
presented a methodology for evaluation of damage to both structural and
nonstructural puilding components resulting from extreme natural environments
such as earthquakes, hurricanes and tornadoes, Three sets of procedures
were presented: (1) Qualitative determination of damage level on the
basis of data collected in field survey of a building; (2) Determination
of damage level as a function of behavior of critical elements based on

a structural analysis of a building; and (3) Determination of damage level

based on a computer analysis of the entire structure,

Based on the second procedure presented by NBS, the U.S. Department of

Housing and Urban Development (HUD) in June 1976 awarded a contract to

S.B. Barnes and Associates to develop a methodology for seismic evaluation

of existing buildings. This resulted in a three-volume manual, "A Methodology
for Seismic Evaluation of Existing Multistory Residential Buildings" by
Clérkson i7. Pinkham of S.B. Barnes and Associates and Gary C, Hart of

J.H. Wiggins Company, which was published by HUD in November 1973 [2].
Contained in the manual are methods of structural analysis, strengthening

and repalr of existing structures, cost analysis of remedial methods,

and examples which illustrate both a simplified and nore complex (computer)

evaluation of stress distribution of different types of multistory buildings.
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The HUD Methodology was limited to evaluation of seismic resistance of
residential type buildings, but it also expanded the BSS-6l procedures by
adding strengthening and repair as well as cost analysis to the scope.

In additicn, a unique computer analysis program was develcped, This HUD
Manual and its application were previously presented by Mr. Fuller at the
wWorkshop on Earthquake-Resistant Repair and Retrofit of Buildings during

the UINR Twelfth Joint Meeting in Los Angeles on May 16 - 17, 1980 [3].

Two examples of buildings evaluated using the methodology [2] were discussed

by Mr. Fuller.

if% At present, HUD requires an evaluation of earthquake hazard and seisgmic
resistance of structural components for all buildings located in Seismic
Zone 3 {Uniform Building Code, 1973 Edition [4]) in accordance with

HUD Handbook 4940.4, Minimum Design Standards for Rehabilitation for

Residential Properties, February 1978 {5]. See Figure No. 1 for Seismic

7one 3 locations in the United States.

EVALUATION AND STRENGTHENING
Several major cities in the U.S. other than Los Angeles and San Francisco,
Caiifornia are located in Zone 3, such as Boston, MA; Buffale, Ny;
Charlesten, SC; Memphis, TN; Salt Lake City, UT; Reno, NV; and Seattle, Wa.
Therefore, HUD has required an analysis of seismic resistance of several
existing buildings intended for conversion to residential use under HUD
programs. Most of the puildings have been in California; three of these

are described herein.
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Figure No. 1

SEISMIC RISE MAP Puerto Rico and Virgin

Islands ... Zone 3

Oakland Hotel, Oakland, California

This was formerly a 400-room hotel which was to be converted to housing for

the elderly. It is an eight-story building constructed in 1912 of steel and

2).

reinforced concrete (see Figure No.
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It was determined by the Structural Engineer that critical elements in this
case were first-floor columns, The Critical Stress Ration (which is the
indicator for evaluating the seismic vesisting capability of the structure)
was 3.6 (28% with respect to UBC '73). The optimum Critical Stress Ratio is
1.0; therefore, the building would be overstressed by 3.6 times its capacity
if subjected to a maximum credible earthquake. To remedy the situation
reinforced concrete shear walls, 8" to 12" (10.32 - 30.48 cm) thick, were
installed on all floors; and a footing supporting three columns was enlarged

to prevent overturning.

After remodeling, 315 units of subsidized elderly housing were created. The
Cafe, Club Room, Dining Room and Ball Rocm were retained for use by the
residents., Both evaluation and construction have been completed, and the
building is fully occupied, The cost of rehabilitation was $14,400,000

{$1,280,000 for the structural work).

Young Women's Christian Association (YWCA) Building, San Prancisco

This seven-story reinforced concrete building was constructed in 1931 as a
YWCA dormitory. Evaluation.of this building using the Methodology revealed
that critical elements were first-floor columns and corridor walls. The
Critical Stress Ratio was 3.1 (32% with respect to UBC '73). To increase re-
sistance to earthquakes, the exterior walls were strengthened by pneumatically
applied concrete, 4" to 8" (10.16 - 20.32 am) thick. This strengthening
brought the building up to 100% compliance with UBC '73 (Critical Stress Ratio

equal to 1.0).
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During removal of corridor walls on all floors, large reinforced concrete
trusses were uncovered, which indicates that the original designer was aware

of the necessity for the building to be capable of vresisting lateral forces.

The YWCA building is now fully occupied as housing for the elderly with
98 units. The total remodeling cost was $4,6060,000 ($1,200,000 for

structural work, including a special soil investigation).

William Taylor Hotel, San Francisco, California

The third building evaluated by the HUD Methodology is the old William Taylor
Hotel located at 100 McAllister Street, This 27-story steel frame building
with in-fill brick walls was constructed in 1929, For many years the
puilding was used for government offices, but it is now being renabilitated

into a student dormitory for Hastings College of Law.

By making a conservative assumption - disregarding the resistance provided

by brick walls but taking into account their weight, the Structural

Engineer established the Critical Stress Ratio in beam-column connections

as 4.5 (22% with respect to UBC '73). Beam~column connections located at

the 14th floor and above were identified as the critical elements. It was
recommended that framing ét the 14th, éist and 25th £loor vertical offsets

be reinforced by installing additional steel f£loors and by providing collector

elements,

Evaluation of the building has been completed and demolition work has

just started, but the total constructicn price has not been determined.

-276-



CONCLUSIONS
The HUD Methodology is based on a procedure which determines actual
damage level as a function of behavior of critical elements. Then
recommendations and cost estimates are made to bring the structures up
to 25%, 50%, 75% and 100% compliance with the Code. The procedure outlined
in the BUD methodology provides the evaluator with the information necessary
to arrive at appropriate decision., The final decision as to the extent of
rehabilitation must weigh the risk of loss of life, damage to property
and importance of the project against cost of rehabilitation., Structural
engineers experienced in the design and analysis of structures capable of
resisting seismic forces can use their own approach. However, . the primary
purvose of the HUD méthodolegy is to provide a tool to structural engineers
not necessarily familiar with aseismic analysis. The fact that some of the
most experienced engineers applied the basic concepts of the HUD methodology

underscores its value and usefulness.
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ABSTRACT

In this paper, aseismic safety of two existing medium-rise R.C.
housing structures which have the soft lst story is discussed. This type
of structures generally has a possibility that excessive local stress
concentration is produced at the lst story and that the structure col-
lapses due to this stress concentration during strong earthquakes, if the
structure is not désigned under due consideration for structural irregu-
larities on the whole structure.

Based on the Criterion on the Evaluétion of Aseismic Safety of Ex-
isting Reinforced Concrete Buildings and on dynamic analyses, it was
found that degree of aseismic safety of these buildings was very poor at
especlally the 1lst story. In crder to retrofit thesz buildings, prepa-~
ration of additional resisting walls and wing walls, and also strengthen-
ing existing columns themselves using metal meshes were planned at the
lst story. First the method and details of the retrofitting applied to
these buildings are introduced, and then, evaluation of structural char-
acteristics of the buildings before and after the retrofitting, and
finally, dynamic analyses to examine their aseismic safety during strong

earthquakes are carried out in this paper.
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1. INTRODUCTION

Buildings in which a volume of resisting walls at the lst story is
very poor compared with that at the other higher stories generally have
a tendency to bring excessive local stress concentrafion to the soft
lst story during earthquakes. If these buildings are not designed under
due consideration for structural irregularities along their heights,
these buildings will collapse due to this stress concentration during
strong earthquakes.

The authors had a chance to evaluate aseismic structural performance
concerning this type of eleven existing R.C. housing structures in Tokyo.
Based on the evaluation and dynamic analyses, ten of the eleven buildings
were found to be unsafe against strong earthquakes. Retrofitting at the
soft lst story of these ten buildings was planned to improve aseismic
capacity on the soft story. Then evaluation of aseismic structural per-
formance and dynamic analyses of these buildings retrofitted were carried
out to examine their aseismic safety as the whole building.

In this paper, the method and details of the retrofitting applied to
these buildings are first introduced in Sectionm 3 using typical two
buildings, the Buildings-A and -B, which are four and six story rein-
forced concrete housing structures, respectively. Then, evaluation of
structural characteristics of the buildings before and after the retro-’
fitting and finally dynamic analyses to examine their aseismic safety
during strong earthquakes are carried ocut in Sections 4 and 5, respective-
ly.

Retrofitting all the eleven buildings was planned for only the soft
1st story because of difficulties to let the residentiary remove during
retrofitting works, even if the upper stories also had peor aseismic
capacity. The retrofitting at the lst story was hence carefully carried
out uynder due consideration concerning structural balance through all
the stories so that new stress concentration was not developed at the

other certain story.

For easy understanding, the Bulildings-A and -B after their retro-
fitting will be distinguished as the Buildings-Ag and -Bg, respectively

in the following sections,
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2. OUTLINE OF BUILDINGS

The Building-A which was constructed in 1973, as shown in Figs.l and
2 and Photo 1, is a four story housing with four and one spans in the
longitudinal (X) and transverse (Y) directions, respectively, and is
directly supported by continuous foundations. The Building-B which was
constructed in 1968, as shown in Figs.3 and 4 and Photo 2, is a six story
housing with five and one spans in the longitudinal and transverse di-
rections, respectively, and is supported by R.C., piles with 17 meters in
length.

Staircases are lccated at the both longitudinal ends cf both the
buildings. However volumes of resisting walls at the lst story in both
the directions are very poor compared with those at the other stories on
both of the buildings. No fire and no major earthquakes have been re-

ported in the history of these buildings.
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3. METHOD AND DETAILS OF RETROFITTING

3.1 Aseismic Safety of the Buildings before Retrofitting

Aseismic safety of the Buildings—A and -B is discussed in detail in
Section 4. Main points, which are common to both of the buildings,
derived from the section are summarized as follows;

a. A volume of resisting walls at the lst story is very poor compated
with that at the other stories (which generally leads a soft first
story type of buildings). Shear capacity of cclumns at the lst
story is not high enough compared with flexure capacity of the
columns. Thinking collectively, degrees of aseismic safety at the
lst stories of tﬁese buildings are insufficient.

b. In the longitudinal direction at all the stories except the lst
story, there are many walls which were neglected when structural
designs of these buildings were carried out. Therefore, actually,
aseismic strengths of the stories of these buildings are compara-
tively high. However deformation capacity is not sufficient,

c. Volumes ¢f resisting walls in the transverse direction at all the
stories except the lst story are sufficient enough and, consequent-

ly, degrees of aseismic safety at the stories are excellent.

3.2 Policies on Retrofitting

Policies on retrofitting the Buildings -A and -B were decided as
follows after evaluation of their aseismic safery.
a. Retrofitting is restricted to be carried out at only the lst story,
because;
i. These buildings are residential except the lst story and re-
moving the residentiary during retrofitting works is difficult.
ii. Great improvement on aseismic safety of these buildings can be
expected by retrofitting the lst story.
iii.There is at present no settled way for retrofitting effectively
the 2nd story and higher in the longitudinal direction.
b. Retrofitting the lst story is planned to be carried out considering
balance on structural characteristics, such as aseismic strength

and rigidity, through all the stories of the buildings.
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a.

o 3.3 Method of Retyofitting

The following items concerning retrofitting works were chosen to

solve problems which were found in the Buildings-A and -B.

Additional resisting walls in the longitudinal (X) direction were
prepared at the lst story of these buildings so that a shape of
rigidity distribution along the height of the buildings was improved
and an aseismic strength at the lst story was increased., Similarly,
additional resisting walls in the transverse (Y) direction were pre-
pared at the lst story of the Building-B.

Wing walls which were adjoined to columns were prepared instead of
preparing resisting walls without opening at the north side of these
buildings sc that a f[ailure mechanism at the 2nd story, which was
expected to be a flexure failure, was not changed to shearing one.
Columns located at the lst story were planned to be strengthened with
metal meshes so that shearing failure due to longitudinal horizontal

forces and shearing-compression failure due to axial compressicn

" stress by transverse horizontal forces were not taken place at the

columns which were disconnected with the additional resisting walls.
Slits with enough space were prepared at top and bottom of columns
when metal meshes were put on the columns so that flexure failure was
taken place ahead of shearing failure.

Mechanical anchors were prepared between a beam and an additional

wall to connect with each other.

Arrangement of additional resisting walls and wing walls planned

based on the items mentioned above are shown in Figs.. 5 and 6.

3.4 Details of Retrofitting

Structural details were designed based on the Design Guide Lines

for Aseismic Retrofitting of Existing Reinforced Concrete Buildings (2).
Details on retrofitting columns are shown in Fig. 7 and those on ad-
ditional resisting walls and wing walls are shown in Figs. 8a and 8b,

respectively.
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A, EVALUATION OF STRUCTURAL CHARACTERISTICS

4.1 Rigidity, Strength and Ductility

4.1.1 Rigidity

Longitudinal and transverse horizontal rigidities at each story of
the Buildings-A and -B were evaluated considering flexure, shearing and
rotating deformations based on elastic rigidities of resisting elements
including walls with opening (which had been neglected in original
structural design of these buildings). The rotating deformation was
evaluated based on elastic deformations of soils or supporting piles.
Horizontal rigidity distributions evaluated based on the criteria des-
cribed here are shown in Fig. 9. The main features in Fig. 9 are as
follows for both of these buildings;

i. Longitudinal horizontal rigidities of walls with opening at the 2nd
story and higher are very large compared with those of columns, so
that there is a big difference in the rigidities at the lst story
and the other stories.

ii. Transverse horizontal rigidities at the lst story are somewhat
smaller than those at the other stories due to a smaller volume of
resisting walls at the lst story.

iii. Transverse horizontal rigidities through all the stories are small
compared with corrésponding longitudinal ones because of large

rotating deformations in the tramnsverse direction.

4.1,2 'Strength

Horizontal capacity at each story of these buildings, in both the
longitudinal and transverse directions, was evaluated considering
flexure, shearing and rotating capacity of columns, beams and walls based
on both the Criterion on the Evaluation of Aseismic Safety of Existing
Reinforced Concrete Buildings (1) and the Design Guide Lines for Aseismic
Retrofitting of Existing Reinforced Concrete Buildings (2). The formula
to evaluate the (equivalent) capacity is briefly introduced in Section
4.1.4. The results are shown in Fig.l0 in the form of shear coefficients

(called Ce-Index).
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4.1.3 Ductility

Ductilities at each story of buildings, in both the longitudinal and
transverse directions, were evaluated in the form of‘the equivalent Fe-
Index which was synthetically obtained using F-Index values of all re-
sisting elements at the story based on a method described in the litera-
tures {1,2). Figure 1l shows the final results in which main features
are;

i. Values of the Fe-Index at the lst story of the Building-A in both
the directions and the Building-B in the longitudinal direction are
smaller compared with those at the other stories.

ii, Values of the Fe-Index at the 2nd story and higher of the Building-B
in the transverse direction are large. Those values were cbtained

from an overturning~type failure machanism.

4.1.4 Eguivalent Strength and Ductility

The method to evaluate horizontal capacity of a building has not yet
established in case the building is composed of both ductile and britcle
resisting elements. For this purpose, a method‘has been proposed in the
literature (1) in which the Basic Structural Performance Index, Eo, is
used to evaluate overall capacity of a building having ductile and
brittle resisting elements which have independent sfrengths and ductili-
ties. Using the Eo-Index, the following ways to evaluate horizontal
capacities and ductilities at each story of the Buildings~A and -B were
prepared in this paper, that is;

i. A larger value in the values, Ce; and Cej, which are obtained in the
following two items, 11 and iii, are chosen as an equivalent shear
coefficient, Ce, at each story of a building. On the other hand, a
smaller value in the values, Fe] and Feg, which also are obtained
in the following items are chosen as an equivalent Ductility Index,
Fe, at each story of a building.

ii. The values of the Indexes Cej and Fe) are evaluated as follows in

case a building is mainly composed of ductile resisting elements,

Ceq = T - S

(1
e = Eo n + i
Fel = Cel n+ 1
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iii. The values of the Indexes Cep and Fej, are evaluated as follows in

case a building is mainly composed of brittle resisting elements.

F.o+ 0.7F
_ 8 B
Cep = m
(2)
Fon = Eo . n + i
- Ces n + le
The symbols, FT, FB’ FS, W, n and i, in the above items, ii and iii,

denote the following, respectively, that 1s;

FT: total strengrh of all resisting elements
FB: total strength of bending-type resisting elements
FS: total strength of shearing-type resisting elements
W sum of weights from the i-th story to the top story
n: number o©f stories

and
i: story number counted from the top story to lower

4.2 Seismic Performance of the Buildings

According to the Criterion (1), overall aseismic safety of buildings

is evaluated based on the Aseismic Structure Index, IS, that is;

IS =Eo , G . SD . T (3)

where
Eo: Aseismic Sub-Index of Basic Structural Performénce
G: Aseismic Sub~Index of Ground Motion ‘
SD: Aseismic Sub~Index of Structural Prefile

and
T: Aseismic Sub-Index of Time-Dependent Deterioration

Values of the Index, IS’ of the Buildings-A and =B, which are evaluated
based on Eq. 3, are shown in Fig. 12. 1In this Figure, the value of the

symbol I is a standard value which was proposed as a threshold for

judging chismic safety of buildings subjected to ground mothions which
are as strong as the Tokachi-0Oki Earthquake in 1968. As seen in Fig. 12,
the Tg values at the lst story of the Buildings—AR and—BR which were
strengthened were greatly improved, however, the values at the Znd to

S5th stories of the Building-B (and also the Building—BR) were smaller

than the standard valuc symbolized with IQO'
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4,3 Effects of Retrofitting

e
:
i
¥
q
.
;

The Building-A

In the longitudinal (X) direction, a resisting wall without opening

4 and four wing walls were newly prepared at the lst story, and also all
' the columns located at the lst story were reinforced using metzl meshes
to prevent shearing failure. Consequently, the Ce-Index value at the
lst story was doubled from 0.4 vo 0.8, However, the Fe~Index value at
the lst story was not changed in spite of improvement on ductilities of
columns, for a failure mechanism of the additional resisting wall was
shearing failure one.

In the transverse (Y) direction, no additional resisting walls were
prepared because of existence of two resisting walls. The Ce-Index values
in this case were slightly changed. However the Fe-Index value at the
1st story was greatly increased due to large improvement on ductilities

of columns by retreofitting with metal meshes.

Finally, the IS values at all the stories topped the standard value

130.

The Building-B

In the longitudinal (X) direction, two resisting walls without

cpening and two wing walls were newly prepared at the lst story, and
also all the columns located at the lst story were reinforced for shear-
ing failure, After the retrofitting the Ce-Index value was approximate-

ly doubled from 0.3 to 0.6. On the other hand, the Fe~Index value was

slightly increased, because some additional walls had shearing failure
mechanisms.

‘ In the transverse (Y) direction, two resisting walls were newly
prepared at the lst story in addition to two existing walls. The Ce-
Index value was changed by retrofitting from 0.3 to 0.4. The reason why
the value was not greatly improved by retrofitting is because of over-
turning-type failure mechanisms on all the resisting walls. On the
contrary, the Fe-Index value was increased up to 3.0, for failure mecha-
nisms on all resisting walls were changed to ductile failure ones and
also ductilities on all the columns were greatly improved by retrofitt-

ing with meral meshes.
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Finally, the IS values at the lst story topped the standard value

ISO' However the values at the Znd to 5th stories in the longitudinal
direction were smaller than the value of ISO'

SD - Index values were improved a little bit. To confirm aseismic

safety of this building, especially in the longitudinal direction,

At these stories, only

dynamic analyses are carried out in the following section.
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5. DYNAMIC ANALYSIS

5.1 Outline of Analysis

Structures

Dynamic analyses of the Buildings-A and =B, which were idealized as
both a linear and a bi-linear lamped mass system supported on a rigid
base, were carried cut. The damping constant, h, taken through the
analyses was 5% as a fraction of critical damping.

The slope angle of the second line in bi-linear hysteresis curves

was evaluated as the value of 10% of the initial slope angle.

Earthquake Ground Motions

Two accelerograms, that is the El Centro Earthquake (NS-Component)
recorded during the Imperial Valley Earthquake in 1940 and the Hachinohe
Earthquake (EW-Component) recorded during the Tokachi-Oki Earthquake in
1968, were applied to the dynamic analyses. The maximum accelerations
of these accelerograms were normalized to 225 gals and 450 gals for a
lipear and a bi-linear respouse analysis, respectively. The magnitudes
of the maximum accelerations were determined based mainly con statistic
analyses concerning seismic intensity expected in future earthquakes
and on éxperimental studies concerning the maximum ground motions. The
two magnitudes, 225 gals and 450 gals, correspond to those for the re-
turn period of 25 and 100 years, respectively, in Tokyo.

Time histories and acceleration response spectra of these two ac-

celerograms are shown in Figs. 13a, 13b, l4a and 1l4b in order.

Natural Pericds and Mcdes

Natural periods of the buildings before and after their retrofitting
are listed in Table 1. The fundamental natural periods generally be-
come shorter by the retrofitting. DNatural modes of the buildings befcre
and after their vetrofitting are shown in Figs. 15a and 15b. Discon-
tinuity of modes can be seen, in these figures, at the lst story of the
buildings before retrofitting in especially the longitudinal (X) di-

rection. It can be recognized, however, that after the retrofitting the
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discontinuity is almost disappeared and that mode shapes become smooth

through all the stories.

5.2 The Maximum Responses

The Building-A

The maximum values of linear responses, such as accelerations, shear
forces, shear coefficients, deflections relative to the base, story de-
flections and angles of deflections are shown in Figs. 16 and 17 for the
Buildings -A and -Ag in both the directions,respectively, and the cor-
responding values of non-linear responses including ductility factors
are shown in Figs. 18 and 19 . Differences in these responses between
the Building-A (before retrofitting) and the Building-Ap (after retro-
fitting) are summarized as follows;

(1} Responses in the longitudinal (X) direction

i. Deflection distribution discontinuity at the lst story was
greatly improved after the retrofitting in both the responses
to 225 gal and 450 gal ground motions.

ii. TFor 450 gal ground motions, ductility factors at the lst story
were decreased from 2 - 3.5 to 1.0 after the retrofitting. On
the contrary, the corresponding ductility factors at the 2nd
and the 3rd story were increased from 1 - 2 to 2 - 3.

iii. However, the values of story deflections at the 2nd and the
3rd story of the Building-Ag are still less than 0.5 cm which
corresponds to 1/600 in the angle of deflection.

(2) Responses in the transverse (Y) direction

i. Differences in responses between the Buildings-A and -AR are
small. This is a natural result, because nec additional walls
were planned in this direction.

ii. For 450 gal ground motions, ductility factors at the lst
story are in the range 2 - 3 which corresponds to 1/200 -~ 1/150
in the angle of deflection.

iii. The corresponding values at the 2nd story and higher are all

less than half of the values at the lst story.
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It can be recognized under synthetical judgement concerning above
items that the Building-A has sufficient aseismic safety in both the
directions against even 450 gal ground motions after the retrofitting

was carried out.

The Building-B

The maximum values of linear responses are shown in Figs. 20 and
21 7or the Buildings-B and -Bp in both the directions, respectively,
and the corresponding values of non-linear responses are shown in Figs.

22 and 23, Differences in the responses between the Buildings-B and

Bp are summarized as follows;

(1) Responses in the longitudinal (X) direction

i. Deflection distribution discontinuity at the lst story was
greatly improved after the retrofitting in both the responses
to 225 gal and 4530 gal ground motions.

ii, TFor 430 gal ground motions, ductility factors at the lst
story were decreased from 4 - 8 to 1.0 after the retrofitting.
Oﬁ the contrary, the corresponding ductility factors at the
2nd to the 4th stories, after the retrofitting, were almost
doubled to the range of 3 - 6 from 1,5 - 4,

iii. However, the values of story deflections at these stories, the
2nd to the 4th stories, of the Building -BR are still less than
0.8 cm which approximately corresponds to 1/400 in the angle
of deflection,

(2) Responses in the transverse (Y) direction

i. For 225 gal ground motions, the maximum story deflectioms
through all the stories, which were produced at the lst story,
were decreased from 1.2 - 1.7 cm (1/300 - 1/200 in the angle
of deflection) to 0.8 cm (1/400) after the retrofitting.

ii  For 450 gal ground motions, large discontinuity on response
distribution was produced at the lst story of the Building-B,
and this discontinuity was not greatly improved on the Building

~BRr.

111 The values of the corresponding story deflections at the lst

story of the Building-Bp are in the range of 3 to 4 cm which
approximately corresponds to 1/150 - 1/100 in the angle of

deflection.
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It can be recognized under synthetical judgment concerning above
items that the Building-B has suificient aseismic safety in the
Jongitudinal direction against even 450 gal ground motions, after
the retrofitting was carried out. However, in the transverse di-
rection, somewhat large story deflections are still expected at the
lst story against 450 gal ground motions, even if the retrofitting
was carried out. Strengthening the lst story in this direction a

little more is desirable.
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&. CCNCLUSIONS

Investigation on aseismic safety and retrofitring design of two
typical existing medium-rise R.C. housing structures in Tokyo which have

soft lst stories was introduced,

The (four story) Building-4A in the longitudinal (X) direction had
extremely small aseismic capacity at the lst story and had enough ca-
pacity at the other stories. Aseismic capacity in the transverse (Y)
direction of the building was poor at only the lst story. It was con-
firmed after the investigation that retrofitting of the Building-A gave
sufficient aseismic capacity to the lst story and also to the whole

structure.

On the other hand, the (six story) Building-B in the longitudinal
direction also had extremely small aseismic capacity at the lst story
and had poor aseismic capacity at the other stories except the top story.
Aseismic capacity in the transverse direction of this building was poor
at only the lst story. Due to poor capacity through all the stories
except the top story in the longitudinal direction, retrofitting is
needed not only for the lst story, but also for the other stories having
the poor capacity. However buildings under investigation are resi-
dential except the lst story. Due to difficulties to let the resi-
dentiary remove during retrofitting works, retrofitting had to be planned
for only the soft 1lst étory even if the upper stories also had poor
aseismic capacity. Unbalance on structural characteristics through a
structure gives local stress concentration and forces the structure
to collapse during an strong earthquake., Therefore retrofitting on the
soft lst story must be carefully carried ocut under consideration about

structural balance through all the stories of buildings.

Retrofitting concerning the lst story of the Bﬁilding—B was planned
based on the consideration about the structural balance mentioned above.
It was confirmed based on the Third Evaluation Method in the Criterion
(1) and on dynamic analyses that aseismic characteristics of the lst
story of this building in the longitudinal direction was greatly im-—
proved. On the contrary, the maximum story deflections at the 2nd to

the 4th stories, when subjected to 450 gal ground motions, were almost
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doubled after the retrofitting, however, the values of the deflections
were less than 0.8 cm which approximately corresponds to 1/400 in the
angle of deflection. Even if ductility facters at these stories were
increased from 1.5 - 4 to 3 - 6 in this case, the magnitude of the angle
of deflection, 1/400, is very small compared with a value of a limit
;ngle of deflection which will restrain failures on the resisting ele-
ments having some amount of reinforcing bars which is needed under regu-
lations concerned. Therefore, the Building-B in the longitudinal di-
rection is considered to be safe through all the stories against strong
earthquakes.

On the other hand, aseismic characteristics in the transverse di-
rection of the Building-B was not greatly improved even after the retro-
fitting. The values of story deflections at the lst story in this case
were in the range of 3 ~ 4 em (1/150 - 1/100 in the angle of deflection).
Strengthening the lst story in this direction a little more is desirable
in dynamic point of view. However, the Aseismic Structure Index, Ig, at
the 1lst story of this building in this direction is,as shown in Fig. 12,
considerably greater than the standard value, Igg, which was proposed as
a threshold for judging aseismic safety of buildings subjected to ground
motions which are as strong as the Tokachi-Oki Earthquake in 1968. Seo
no majfor critical damages are expected on the Building-B in the

transverse direction under the retrofitting considered in this paper.

As mentioned above, aseismic capacity at a certain story musg, if it
is poor, be carefully improved under consideration concerning structural
balance through all the stories of a building. Strengthening excessively
a certain stery having poor capacity without due consideration yields a
possibility that stress concentration is newly developed at the other
certain story, and hence that no contribution is expected for improving

entire aseismic safety of a building.
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SUMMARY

This paper outlines wvarious methods currently being utilized for strengthening
buildings for improved seismic resistance. 1t considers buildings damaged in
earthquakes as well as buildings where voluntary considerations or mandatory
regulations result in a strengthening program to improve potential seismic
performance, Technical and non-technical aspeects are discussed, as both are
essential to any successful application of the goals of seismic strengthening.

INTRODUCTION

Strengthening existing buildings properly for improved seismic resistance is

a difficult task involving many areas of study. “The existing building must

be thoroughly analyzed so the engineer is familiar with the strengths and
weaknesses of the original lateral force resisting system. He must appreciate
the functional usage of the buillding as well as its aesthetics since his
strengthening scheme will impact on both, He must assess strengthening schemes
utilizing different structural materials working in comjunction with the
original structure. He must assess the impact of the strengthening scheme

on the final strueture to insure that new areas of dynamic weakness are not
created. Finally, he must develop this scheme within the economical realities
of coustruction considering the impact of the recomstruction on finishes,
mechanical and electrical systems, etc., It is a complicated task to challenge
the knowledgeable engineer.

There are three basic reasons why buildings are strengcthened for improved
seismic performance., First is to strengthen a building damaged in an earth-
quake and to improve its performance in future events. Secondly, many Building
Codes or regulations, at least in the areas of high seismicity of the United
States, require older buildings to be strengthened to the current code's seismic
regulations when the usage of the building is changed to increase its occupancy
or potential hazard., Finally, an increasing number of knowledgeable and con-
cerned building owners are voluntarily strengthening selected buildings based

on a concern for the safety of their employees and the protection of their
financial investment.
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This paper will outline some of the considerations appropriate to
strengthening buildings for improved seismic performance. It will
survey methods and techniques currently used in the United States to
strengthen existing concrete and masonry buildings for added seismic
resistance strength.

STRENGTHENING EARTHQUAKE DAMAGED STRUCTURES

Strengthening a damaged structure must be separated from repairing the
damage, although the two are frequently considered together, Repairing
the damage is the attempt to return the structure to its original strength,
Strengthening the structure is judiciously increasing its strength and/or
stiffness to improve the building's performance in future earthquakes,

The first step in strengthening any earthquake damaged structure is deter~
mining exactly how the structure performed. This requires a detailed
inspection of the building and a listing of all damaged elements and
members. It may be necessary to open concealed areas to permit a thorough
investigation and insure that hidden damage does not remain undetermined.

The engineer must then amalyze the structure and thoroughly understand why
the damage occurred. He must satisfy himself of the force resistant paths
in the building and why certain members failed or cracked while other mambers
were essentially undamaged. He must determine if members failed dwe to shear,
compression, tension, flexure, bar anchorage, etc. He must consider the
effects of non-structural elements such as walls and parapets. This analysis
is essential before any repairs can be designed.

Once the damage is documented and understood, the repair of individual
members can be designed to return the original or desired strength to the
member, Such repairs usually consist of epoxy injection, partial replace-
ment or occasionally, complete replacement of the damaged wember.

The engineer then needs to consider how tc minimize such damage in the
future. He may decide to strengthen selected members which failed and
make them considerably stronger. He may decide to add shear walls to
stiffen a frame structure. He may replace damaged non-structural walls
with structural bracing walls.

The force level to be used in designing the strengthening scheme will
generally be greater than that used in the original design. Frequently,

the engineer will have to use his judgment in establishing the force level
for the strengthening. He may select the current local ccde or another
modern code which is acceptable to the local officials, He may use a site
response analysis or strong motion data from local earthquakes to establish
design levels for the reconstruction. Buildings with high degrees of torsion
or strength or stiffness discontinuities should be given special consideration
to overcome those potential areas of dynamic weakness, possibly even doubling
up systems in the area of weakness. Th exact criteria selected should be
appropriate for the damaged building and consistent with its uncalculated
strength, inherent stability or lack of stability and its redundancy.
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STRENGTHENING UNDAMAGED STRUCTURES

Strengthening the undamaged structure can frequently be a professional
challenge. The structure has genmerally not been tested by a damaging
earthquake so its actual performance is unknown. It most likely does
not conform to the current building regularions. Frequently, a building
in this category has a lateral force resisting system which is no longer
permitted by code and considered acceptable, such as unreinforced brick
walls, non-ductile conventional concrete frames or a discontinuous shear
wall system.

Criteria for strengthening the undamaged building will generally be the
current building code. This is particularly true of buildings with
changing occupancies or usage where the strengthening is required by the
Building Code. However, when the strengthening work is not required by

‘ ordinance ¢y building regulation and is voluntary by the owner, other

B criteria may be more appropriate. TFor example, a building with a2 well

' proportioned shear wall system which is discontinuous in a single story
can be strengthened in the discontinuous story only even though the shear
strength of the original walls is somewhat less than current code.

o When buildings are strengthened to mitigate selected structural deficiencies
L without bringing the building into full cowpliance with curreant code, several

: factors should be considered. First, reliance on structural systems proven
inappropriate for seismic resistance must be eliminated, although these

systems strengthened or braced may remain in the strengthened structure. . An
appropriate force level must be selected, either the original design force

Co level or another suitable criteria. The proposed criteria and strengthening

i scheme should be reviewed in detail with the owner, as the strengthening te
force levels less than current code is most likely saving the owner consider-
able money while hopefully preventing a collapse in a future earthquake but it
may result in greater damage in that future quake than a structure strengthened
to full current code value. The owmer should share in this criteria decision,
and understand that his strengthening investment is a form of insurance but not
a guarantee to a damage-free building. The engineer should clearly explain the
alternatives and his opinions of anticipated performance so the owner can
intelligently share the decision with the professionals as well as the con-
sequences. In this case of a voluntary strengthening not dictated by regulatioms,
the local building official will usually be agreeable to the selected approach,
although he should be contacted for concurrence.

METHODS OF STRENGTHENING STRUCTURES

Many methods are available to strengthen existing concrete or masonry buildings.
What is appropriate for one building will be inappropriate for another. The
methods selected must be consistent with aesthetics, building function, the
original structure and its strength, ductility, stiffness and redundancy.
Continued occupancy cof the building during strengthening when required will
have a major impact onthe scheme selected. The vertical continuity of
strengthening elements is extremely important and may rvequire gignificant
changes in functions on certain floors. The following paragraphs outlire the
usual methods for strengthening concrete or masonry buildings.
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An apparently simple method is to add new cast-in-place reinforced concrete
shear walls. When adding new walls, it is frequently desirable to locate
them near but off the original column lines so good vertical continuity can
be achieved at floor levels which is often difficult at column lines where
heavy beams frequently exist and so new foundations can be added between
existing footings to support the added weight of the walls. 1In taller
structures, overturning may become a problem i1f the walls are too slender.
It will also be necessary to emngage existing columns for lcads to counterx
uplift tendencies. Floor systems must be checked for diaphragm strength and
chords or collectors may have to be added for proper stress transfers at each
level. When all facets are considered, this method is not always as simple
as it first appears.

The addition of new reinforced shear walls by shotcrete or gunite is a
frequently used technique, especially for masonry buildings or frame buildings
with masonry infill. This is particularly suitablie for historic or elegant
older structures where the aesthetic appearance of the building is to be
maintained. The gunited wall should be well bonded to the original wall and
cantain through bolts or epoxied anchors to achieve a composite action of the
old and new walls., The gunited section should contain sufficient reinforce-
ment for the strengthening desired and holes must be cut or cored through the
floor and possibly original columns to pass reinforcing steel. The gunite
section must have sufficient strength and stiffness to span between fleors
for forces perpendicular to the wall which frequently requires chases to be
cut in the original wall or the addition of pilasters, which might also serve
to provide space for vertical trim reinforcement at window jambs. For such
reinforcing systems, it 'is essential to carefully detail at large scale the
exact location of reinforcement at all levels as holes must be cut in the
structure to pass significant reinforcing steel which must be placeable

in the proper location.

Another scheme which the author has recommended for several structures is

the strengthening of existing frames to develop reasonable shear wall systems.
This approach is particularly suited to buildings with perimeter framing
systems of slender columns and deep, stiff spandrel beams which were a popular
form of construction in California in the 1950s and 1960s. Experience has
shown that buildings of this type with strong beams and weak columns lead to
column failures with building instability and potentially hazardous conditions,
Strengthening can be similar to Figure 1, with the celumns strengthened to a
point where they are compatible with the beams and will perform satisfacterily
as a shear wall system. Holes must be cut in the floor system to pass new
vertical reinforcement and great care must be taken to enhance the integral
working of the original and new concrete, The greatest concern with this

type of strengthening is insuring that the old and new concrete will behave

in a monolithic condition.

Strengthening concrete or masonry buildings with concrete is not always the
proper solution. Frequently, the most appropriate solution is with new
structural steel framing, most likely a braced steel frame. A major advantage
of using structural steel systems is the negligible addition of weight to the
structure, thus preventing a significant increase of mass and resulting lateral
forces as well as minimizing potential foundation strengthening for increased
gravity loads which can prove to be very expensive. Generally, the steel
bracing will be in the form of a braced steel frame along a portion or all of
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the building's perimeter. The pattern of the bracing is usually selected

to be compatible with the window and doorway locations as well as providing

a pleasing aesthetic appearance when exposed. Braced frames with eccentric
brace locatilons, as has been shown by experiment to provide excellent energy
absorption for earthquake resistance, can also be used to provide more adapt-
ability of the bracing scheme to suit the window and doorway pattern of the
building, Figure 2 illustrares several possible bracing schemes,

'Moment resisting steel frames can also be utilized to brace concrete buildings
where the diagonal members of the braced frames are found cbjectional to the
functional or aesthetic considerations of the building. The moment resisting
frames can be simple bents placed within the concrete framing with appropriate
details at the floors to transfer shear and overturning forces. The structural
steel weight required for this type of bracing can be significantly higher than
for braced frame systems.

One consideration important to the concrete or masonry structures being
strengthened with a2 structural steel system is the relative rigidities of
the original concrete or masconry structure and the new steel bracing.
Generally, the original concrete or masonry structure will be many times
more rigid yet we are relying on the new, relatively flexible steel system
for strength, stability and ductility, In an earthquake, we must expect
cracking in the original concrete or masonry structure, and after sufficient
cracking has occurred, the new steel system will have comparable stiffness
and be effective. Designs of this type are completely valid as crack widths
can generally be accepted in the original structure. If the original structure
contains totally non-ductile materials like unreinforced masonry, additionmal
measures may be necessary to maintain integrity during this cracking phase.

For all steel bracing schemes, the most important design considerations are

the transfer of forces between the steel bracing and the concrete structure.
This involves both the horizontal input at each floor level to the steel bracing
as well as transferring vertical uplifts back into the concrete columns to con-
trol overturning tendencies of the lightly loaded steel. Chords and collectors
for the horizontal diaphragm often must be added. It is the author's opinion
that the steel bracing should provide a complete system, consisting of hori-
zontal steel members at the floor level to collect the seismic forces, continuous
steel members (probably adjacent to existing columns) to resist overturning
forces, and diagonal members in between to resist the shears. Connections
between the new steel and original concrete require special consideration -
epoxy bolts, conservatively designed expansion anchors in shear, or new concrete
encasing the steel and well bonded to the original concrete.

Fireproofing of the added steel bracing must be considered and reviewed with

the local Building Official or Fire Marshal., As part of a fireproofed structure,
the steel bracing would generally require fireprocfing consisting of approved
materials. However, the fireproofing of such bracing is really beyond the state
of the art of structural fireproofing and the likelihcod of a fire being in
progress at the time of an earthquake is extremely remote. Since the steel
bracing is added for seismic resistance alone and not vertical load stability,

a case can be made that the steel bracing need not be fireproofed. However, if
the earthquake starts a fire in the structure, the steel bracing should maintain
its inregrity so it can resist aftershocks. This appears to be an ares of needed
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research with fire protection engineers working in concert with structural
engineers to reach a reasonable solution., Most likely, steel bracing on

the building’'s exterior surface has an inherent fire resistance while interior
bracing solutions may require appropriate fire protection.

Concrete frame structures can and have been strengthened for seismic forces
by strengthening the concrete frames. Depending on the proportions of the
frames, ¢clumns have been strengthened by a new jacket of concrete containing
added vertical reinforcement as well as closely spaced ties. Beams can be
strengthened with new confined beams with continuous reinforcement and closely
spaced ties each side of the original beam or a new beam replacing one that
has been removed., This type of system has seldom, if ever, been used in the
United States since the resulting structure should comply with the "ductile
concrete” frame provisions of American codes. However, this approach has
been used in various parts of the seismically active world and should provide
reasonable protection to occupants with appropriate details and sound engi-
neering judgment accempanying the engineering solution.

Another approach to strengthening buildings for seismic resistance, completely
divorced from the previous schemes,is the addition of external buttress
structures. These buttress structures must be located adjacent to the original
structure and generally contain massive shear wall systems around their perimeter,
They must be thoroughly connected to the original structure. Although this may
be a more expensive system, it provides additional area to the building which

may offset the added cost. Figure 3 illustrate< this approach to this streng-
thening problem.

GENERAL CONSIDERATIONS

Regardless of the strengthening scheme selected to satisfy the structural
requirements, there are other related factors that must be cousidered in the
process. This section of the paper attempts to ocutline those considerations.

Any building must be a pleasant one to occupy if it is to be a successful
building. The occupants of the building must feel confidence in their sur-
roundings and be happy in their environment. When a building is damaged in
an earthquake or is declared potentially hazardous by a structural engineer,
the occupants become apprehensive and lose confidence in their surroundings,
Thus, an important part of any seismic strengthening procedure is a public
relations effort with the building's occupants to establish a confidence in
the strengthened building. If the occupants are not satisfied, all technical
efforts are lost and the project becomes a failure,

Aesthetics is another important consideration, If the strengthened building
looks like a bunker on some military front, it will never gain acceptance by
the using public and the end product will become an economic failure, As
structural engineers involved in strengthening buildings, we must consider the
human aspects, work with our architect colleagues, and create pleasant environ-
ments for future generationms,
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The structural strengthening must also consider the entire structure and
potential consequences. It is a waste of money and effort to strengthen
a weak link in a structure only to transfer peotential failure to the next
weakest link. The following two examples illustrate this situation.

The first example involves the Colegio Teresiano on the outskirts of Managua,
Nicaragua. The building is a three-story concrete frame school building of

a long rectangular plan, similar to schools built throughout the world. A
small earthquake of magnitude 4.6 in 1968 was centered quite close to the
building and caused cracking and structural distress to the columms in the
first story. The building was repaired by adding a stiffened concrete wall
"element in the first story between classroom doors and extending up to the
second floor balcony rail height. This new wall element can be seen in
Figure 4. The destructive Managua earthquake of December 23, 1972, caused
considerable damage to this building, but only in .the second and third floors,
where considerable column damage resulted. Figure 4 was taken afrer this
second earthquake. The new wall elements in the first floor prevented damage
in that floor, but permitted the earthquake forces and motion to travel upward,
causing the observed damage. The repairs had not considered the effect on the
remainder of the structure. Had these or stronger walls extended to the roof,
much of this damage might have been prevented,

A second example shows a three-story classroom building at the Agricultural
University in the La Molina area of lLima, Peru. There are four identical
buildings of concrete construction. The first story was originally framed
without structural walls and only columns for support and bracing. Con-
siderable wall panels and masonry partitions were present in the upper two
stories. A magnitude 7.5 earthquake on Oectober 17, 1966, caused significant
damage to the first story columns, so concrete shear panels were introduced
to stiffen and brace this first story. A second earthquake of magnitude 7.6
affected these structures oun October 3, 1974. Figure 5 shows the end of one
of these buildings after that earthquake. There was little damage in the
first story due to the previous strengthening, but that increased stiffness
caused considerable damage in the upper two floors which had not been
strengthened after the 1966 earthquake.

Seismic strengthening schemes must consider all their consequences, and provide
an acceptable solution without merely transferring potential distress to the
next weakest link of the building. This 1s a most important counsideration for
the structural sngineer responsible for the redesign., He must fully appreciate
the consequences of his redesign and competently satisfy the purpose of the
strengthening effort.

One final consideration in any strengthening scheme which is of particular
importance to the owmer is the length of time required to complete the
strengthening as well as the condition of the building during the process.
In this day and age of high interest rates, shortage of usable space and
environmental considerations, it may be essential to the owner that full or
partial occupancy be maintained during the reconstruction for seismic
strengthening. Such considerations become a primary factor in any solution
scheme, generally requiring work on the building's perimeter, probably with
premium wages being paid for noisy work at non-peak hours. These factors
will frequently dictate the strengthening scheme, and will require full con-
sideration by the stuctural engineer early in his efforts.
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CONCLUSIONS

This paper has attempted to survey the methods of strengthening of existing
buildings for seismic considerations. The methods are applicable to buildings
damaged in earthquakes as well as buildings being strengthened to mitigate
potential hazards discovered by routine review. Non-structural factors, such
as the need to partially occupy the building during the reconstruction, must
be given prime consideration and may dictate the actual strengthening scheme
selected.

Various seismic strengthening schemes are outlined in this paper. These

include mew concrete cast-in-place shear walls, new shear walls by the shot-
crete or gunite process, conversion of existing non-ductile frames to an
acceptable shear wall system and strengthening solutions incorporating structural
steel bracing, either by braced or moment resisting frames. Buttress additions
to the building are also considered.

Whatever strengthening system is selected for technical reasons, it must be
compatible with aesthetics, the building's environment and the functional
requirements of the building. In a technical sense, it must not provide
strength only in isolated areas while transferring potential severe damage
to other weaknesses in the structural fabric. Seismic strengthening to
existing buildings is a complicated, multi-disciplinary task involving the
maximum dedication and attention of the design profession.
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Figure 4. Colegio Teresiano in Managua, Nicaragua, after
1972 earthquake. Tirst story stiffening wall, which can
be seen projecting outward from second floor beam, pre-

vented first story damage but increased upper story damage.
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Figure 5. <{Classroom building at Agricultural University
after 1974 earthquake. Stiffened first story had little
damage due to added concrete wall panels, but upper
stories had increased damage in this earthquake,
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EARTHQUAKE DAMAGE AT IZUMI HIGH SCHOOL IN 1978 MIYAGI-KEN-OKI EARTHQUAKE
AND METHODS OF REPAIR AND STRENGTHENING

M. YokoyamaI and H. ImaiII
SUMMARY

The paper describes earthquake damage at Izumi High School and
methods of repair and strengthening. Damage was concentrated in the ridge
direction which did not have shear walls, and especially at the first floor
where columns were short due to the existence of spandrel walls the
columns suffered severe shear failure. Fairly demaged columns were
repaired by grouting epoxy resin while the most severely damaged columns
vere demolished and new concrete was placed. ©Shear walls were newly pro-
vided in open frames to strengthen the building against future earthquakes.

§1. INTRODUCTION

The Miyagi-~ken-oki Earthgquake which occurred on June 12, 1978 caused
damage to a large number of buildings ecentered at the city of Sendai,
Japan. Reinforced concrete school bulldings suffered fairly heavy damage.
The Izumi High .School building was the only one severely damaged among
buildings designed according to the current standards of Japan. The
scheol was situated on hard ground, but since there were no shear walls in
the ridge direction of the structure, columns sustained severe shear
failure in the ridge direction.

Repairs on the building consisted mostly of work done on damaged
columns. In order to systematically carry out repair work, all columns
were classified according to five levels of damage with methods of repair
using epoxy resin proposed according to degree of damage. Columns damaged
to the greatest extent were demolished and new concrete was placed.
Further, in order to be prepared against future earthquakes, shear walls
‘were newly provided. The repair work was completed in the spring of 1979
and the building is presently being used in the same manner as before the
earthquake.

§2. OUTLINE OF BUILDING

This high school building, as shown in Figs. 1, 2 and 3, consists of
three 3-storied blocks, A, B and C, and two 2-storied connecting corridors,
and these are separated structurally by expansion Joints at four locations.
The plan of each block is typical of Japanese school buildings being in a
straight line with ordinary classrooms at the south side, a corridor on the
north side, and special large classrooms at both ends of the block. Be-
cause of this, there are many reinforced concrete walls between classrooms
in the span direction, but no shear walls at all in the ridge direction.

I. Director, Technical Research Laboratory, Mitsui Construction Co., Ltd.,
Tokyo, Japan
II. Lecturer, Institute of Structural Engineering, University of Tsukuba,
Ibaraki, Japan
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The structural design of the building was in seccordance with current
calculation standsrds for reinforced concrete by the Architectural Insti-
tute of Japan. The seismic coefficient was k = 0.18, strength of ordinary
concrete was Fe = 180 kg/cmz, and reinforcement consisted mostly of de-
formed bars. The building wes constructed during August 1972 to March 1975
adding blocks in the order of A, B and C. °

§3. RESULTS OF DAMAGE SURVEY

The features of the damage were as described below.

(1) Damage to columns in the ridge direction was severe in all blocks

whereas damage in the span direction was slight.

(2) Shear failure of north-side first-story columns was severe,
followed by failure of south-side first-story columns, while
interior columns were almost all undamaged.

) Damage to beams end spandrel walls was slight in both directions.

) Damage to expansion joints was also slight.

) On the whole, damage to Block C was heavier than toc A and B.

) No demage was recognized at the foundation of the building and
surroundings.

Since structural damage was mostly concentrated at columns, all of the
columns were disgnosed in order to carry out repair work systematically,
and damage was classified asccording to the five levels indicated in Table 1.
As showvm in Fig. 4, the damage was worst at the north-side first story of
Block C. Examples of diagnosed damage are shown in Photo. 1 and 2.

The results of tests on reinforeing bars and conerete cores (diameter
100 mm, height 200 mm) taken from the building during repair work are given
in Tables 2 and 3. The test results for reinforcing hars are normal, but
the compressive strengths of concrete cores from Block C are low agreeing
well with the features of earthquake damage.

§4. REPATR AND STRENGTHENING METHODS

The columns of the various damage levels were repaired by the methods
indicated below.

Damage Level O (No Damage)
(1) Surface finish is applied.

Damage Level 1 (Siight Bending Cracks, See Fig. 5)
{1) Portions of spalled mortar are fixed with lock pins.
(2} Cracked portions are taped together after which sealant is
applied.
(3) The tape is removed and epoxy resin is injected successively
from the bottom. ‘
(L) BSurface finish is applied.

Damage Level 2 (Small Shear Cracks or Large Bending Cracks, See Fig. 6)
(1) Mortar at spelled portions is chipped off.
(2) After providing injection holes cracked portions are sealed.




(3) Epoxy resin is injected successively from the bottom.
(4) The base course is finished with epoxy mortar and surface finish
is applied.

Damage Level 3 (Severe Shear Cracks, See Fig, )

{1) Mortar and cover concrete are chipped off.

{2) After providing injection holes the entire surface is sealed
with epoxy mortar.
Epoxy resin is injected successively from the bottom.
Epoxy resin for making construction joints is applied.
Formwork is erected and non-shrink mortar is pumped in.
Surface finish is applied.

P T T
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Damage Level 4 {Severe Shear Failure, See Fig. 8)
T (1) Window sashes and spandrel walls are removed.
: {2) Temporary supports are installed eround columns to hold up upper

floors.

(3) Column concrete is demolished and part of the main reinforcement
is cut.

(L) After replacing reinforcement, high-early-strength concrete is
placed.

(5) HNon-shrink mortar is pumped into the geps at the tops.

(6) Spandrel walls are placed and window sashes are installed.

{(7) The base course is finished with mortar and surface finish is
applied.

After repairing damage to columns, in order to increase horizontal
strength in the ridge direction, shear walls were newly provided mainly
in the north-side planes as shown in Fig. 9 and according to the principles
below.

{1) Wall thickness is increased in order that ultimate horizontal
strength will not be determined by shear failure of shear walls.

{2} The quantity of wall reinforcement is increased in order that
widths of shear cracks will not become large.

(3) Reinforcing bars are anchored in columus as shear connectors in
aiming to make columns and walls integral.

Shear walls were added auv described below based on the above princi-
ples (see Fig, 10).

{1} Substrate mortar of columns to be adjacent to walls was chipped
off.
(2) Deformed bars were fixed with adhesive anchor at columns connect-
ing to both sides of walls and beams above and below the walls.
)} Wall reinforcement was placed followed by placement of concrete.
} Non-shrink mortar wes pumped into the gaps between the walls and
beams above.
(5) After finishing the base course of mortar the surface finish wes
applied. :

(3
(4
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§5. HORIZONTAL STRENGTH PQOSSESSED BY BUILDING BEFORE DAMAGE

Since the structure in the ridge direction was & pure frame with no
shear walls, it was assumed that inflection points would be produced at
ni d-portions of beams when subjected to horizontal forece, and as shown in
Fig. 11, the columns were separated at the middles of beams to determine
the horizontal strengths possessed. 1In calculations of strengths of beams
against flexure and shear it was considered that spandrel walls would be
structurelly effective. However, in case of & doorway 1o & balcony on the
south side, it was considered there was no spandrel wall for half of a span.
The strengths of materiasls were taken to be the values in the results of
investigations of samples shown in Tables 2 and 3.

According to the results of analyses, north-side columns yield in
shear failure at the first story because there are spandrel walls. The
horizontal strengths possessed at the first story obtained by simple sum-
mationlof ultimate strengths of all columns were 0.56x, 0.5Tx and 0.48x
the weight of the building at Block A, Block B and Block C, respectively,
as shown in Table 4. Of these, north-side columns yielding in the form of
shear failure comprised approximately one half. That the strength of
Block C was relatively low was due to concrete strength being low.

Because there were tall spandrel walls at north-side columns, the
stiffness of north-side columns against horizontal force was greater than
for south-side and interior coclumns, and the maximum strength was reached
at a small deformation angle. In case it is assumed that the ratios of
stiffnesses of the varicus planes against horizontal forces until the
north-side planes attein the above maximum strengths are the same as under
elastic conditions, the north-side columns would reach maximum strength at
approximately 0.80x of the horizontal strengths possessed previcusly
described.

§6. HORIZONTAL STRENGTH POSSESSED AFTER REPAIR AND STRENGTHENING

It was assumed that inflection points would be produced against
horizontal forces at the middles of boundary beams on both sides of 3-
storied and l-storied shear walls, and analysis models were made separsating
them at these points. With the analysis models, shear walls were .consid-
ered to be the same as columns as shown in Fig. 12, and taking into consi-
deration 1lifting up of the foundation, flexural strength was provided for
support under the walls. Columns repaired through injection of epoxy resin
were calculated as being completely recovered from damage.

According to the results of analyses, the failure mechanism of a
structure containing a shear wall is that of yielding of boundary beams
with meximum strength ultimately reached with lifting up of the foundation
and the shear wall not failing in shear.

The horizontal strength possessed determined by simple summation of
the ultimate strengths of shear walls and columns is approximately 0.75x
the weight of the building at the first story as shown in Table 4., Of this,
approximately 60% is that of the north-side structural plane containing
shear walls.
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§7. CONCLUSICNS

i The methods of repair and strengthening of the Izumi High School

U building which suffered heavy earthquake damage have been described. Re-
pair methods using epoxy resin in accordance with the degree of colimn
demage were proposed and actually practised, Shear walls were newly
provided in preparation against future earthquakes.

o According to the results of analyses, the horizontal strength possessed
B at the first story before earthquake damage was approximately 0.5x the

] weight cf the puilding and columns at the north side of large stiffness
against horizontal force would fail in shear under smaller earthquake force.
The horizontal strength possessed.at the first story after repair and
strengthening was approximately 0.75x of the weight of the building. The

! failure mechanism is that of bending yield of boundary beams and shear
: ,; walls do not show shear failure. Consequently, strength reduction after
,é reaching maximum strength would be small.
§

The Izumi High School bBuilding sustained severe damage in the Miyagi-
ken-oki Earthquake, but it is believed it has been repaired and streng-
thened to be adequately earthguake-resistant.
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Table 1. Classification of Damage Levels of Columns

g:::ﬁe Description of Damage

0 No damage.

1 Slight bending cracks.

2 Large bending cracks or small shear cracks, crack widths not
more than 3 mm.

3 Severe shear cracks, finish mortar completely spalled, crack
widths more than 3 mm.

4 SBevere shear failure, core concrete also failed, capability of
carrying vertical load greatly reduced.

Pnoto. 1.
Damage Level L

Damage Level
0 o
1 @]
2 KR
3 K
Block B
y N

Fig. 4. Distribution of Column

Damage at First Story

1.Illlﬂi‘lﬂllillllllll
Block C "

TE TR
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Table 2. Test Results of Steel Table 3. Test Results of Concrete
' Yielding | Tensile Floor Compressive
Block |Diam. | Stress Strength Block or | Member | Strength
(t/cm?) {(t/em®) Story (kg/cm?)
JD22 3.70 5.63 1st Column | 239
. 2nd Beanm 255-284
%Z;n b.08 6.21 A 3rd Beam 236-256
3.64 5.70 Roof | Bemm 223-236
A g [3-30 4.76 lst | Column | 363
2nd Beanm 230-239
Hoop | 3.33 b.78 B |3ré |Beam | 209-239
3.23 h.69 Roof Beam 334352
Each denotes the average lst Column 218
of three pieces. o 2nd Beam 166-177
3rd Beam 195-204
Roof Beam 202-217
Broken Bond
/ Crack

Sealed location

Finish - 1t~ Lock Pin }
30 Window Sash ~ Epoxy Mertar
- {‘1‘813,,, A4l Finisn -
1 Adhesi o Windowy
TN esive Sash
~ Mortar
. 49 .1 30..
Sealed AN
Location Epoxy Mortar

Fig. 5.

Cover Concrete

) Chipping Epoxy
Repair Method Injection Hole
for Damage Level 1 Fig. 6. Repair Method
for Damage lLevel 2
Demolished
Finish ¢olumn Beam
Non~shrink -—w— .
) orter < B LI T 47 Teaporery
-~ ; Window Sashi gy - ﬁupport
] -Support PR I
J— é V7 $ N
N ‘ [ |
- 1st FL. | Demolishe
Window Sash  Non-shrink { Frmopee Columa
Mortar .
@ Foundation

Pig. T.

Repair Method
for Demage Level 3

Fig. 8.

Repair Method
for Damage Level L
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SOIL MODIFICATION TO REDUCE THE POTENTIAL FOR LIQUEFACTION

by

James Warner

Consulting Engineer

Mariposa, California
INTRODUCT iON

A frequent contributor to damage or failure of structures during
seismic events results from liquefaction of the soll materials un-
derlying the foundation elements. To be subject to liguefaction,
the s0il must be submerged, and generally of a granular structure.
Low density soils are the most sensitive te the phenomenon and the
ligquefaction potential generally decreases with an increase in

density.

Because the potential for liquefaction is a function of the pro-
perties of the soil, reduction of such potential requires modifica-
tion of the adverse soil properties. Because it is seldom possible
to reduce the groundwater level, mitigating measures are generaliy
limited to inhibiting the groundwater flow, increasing the soil
density, or both. Recent experiences in the United States have
utilized both Compaction Grouting and Vibroflotation to densify
existing soils in place, and Chemical Grout Solidification to in-

hibit water flow through the soil.

Compaction Grouting

Compaction Grouting involves injection of stiff, mortar-like
grout into previously drilled holes in the soil in a closely con-
trolled manner. As the mass of grout increases, under pressure, the
soil is densified through compaction. (figure 1) When the diameter
of the grout column or mass is relatively small, the pressures are
essentially radial and therefore horizontal. However, as the size
of the mass increases, ctonsiderable up-lift force develops. 1t is
surface movement caused by such upward force that generally control

the quantity of grout placed at any given point. Masses of grout
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Figure 1. Typical ''Growing'' Grout Mass.
with cross sections of three feet or more are not uncommon.

The shape of the grout mass is usually spherical or cylindrical
depending upon the amount of grout hole open during any given in-
jection seguence. In uniform soils, the shape will be quite regular
whereas extensive irregularities will prevail in non-uniform soils.
The size of the resulting colum will be affected by the existing
soil density, moiéture, and other properties, surface restraint

conditions, and the injection pressure, rate, and other elements.

One of the principal advantages of compaction grouting is that
its maximum effect is in the weakest soil_zones, It is limited to
sofls and is most frequently used in materials finer than a medium
sand. The process may be used in clays providing that adequate
drainage is provided. Where drainage is limited to the extent that

high pore pressures develop, much slower pumping rates are r?quired
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and in extreme cases, the procedure is not applicable.

Compaction Grouting is particularily suitable to retrofit work

“in that it can be readily performed inside structures and other
confined spaces, and its execution results in only minor interfer-
ence in other operations as large equipment is not required in the
immediate injection area. Although its most extensive use is in
connection with settlement correction, it has been used specifically
for densification of in situ soils to reduce the liquefaction poten-
tial. Amongst such projects have been the San Fernando Juvenile Hall

repair following the San Fernando Earthquake of February 9, 1971.

Mechanics of Injection - The principal controlliing factor in
compaction grouting is the grout pressure behavior. It is usually
monitored at both the grout pump and point of injection. Pressure
behavior at the point of injection should be continuously monitored
and recorded. This is unually done manually with a record entry
) o being made at each significant change of pressure, however some
J work has been done in which continuous pressure recorders have been

employed.

As aforementioned, injection is generally continued until a
surface disturbance is noted. The pressure at which this will occur
cannot be determined in advance and, in fact, it will vary widely
between different holes of any given project. The key controliing

criteria for the grout injection is to not permit too rapid a pressure

build-up. The pressure level is eadily controlled by adjusting the

grout injection rate. On most projects the initial injection rate

will be on the order of 0.7 to 1.0 cubic feet per minute. |If the

pressure build-up is fairly slow the rate can be slowly increased.
However, as the total wvolume of grout injected in the hole increases,
the rate is generally lowered so as not to exceed the 'optimal!
pressure which has been determined for the specific job during the
initial injection, Typical average injection rates will be on the
order of 1.25 to 1.75 cubic feet per minute. Typical maximum pressure

values will vary from less than 100 psi to 500 psi at the point of

injection.

~344-



A great deal can be learned about the in situ conditions by the
pressure behavior. Where the build-up is consistent, a relatively
uniform soil is indicated. Where large fluctuations prevail, a very
non-uniform condition is indicated. A sudden loss of pressure may
be indicative of break~through into a void,*such as might result
from buried rocks or trash within a fill. A sudden loss may also be
indicative of an impending surface disturbance, escape of the grout
into an underground pipe or other substructure, or loss of lateral

restraint such as might be provided by a retaining wall.

Grout Holes - Grout holes are usually about two inches in dia-
meter. The spacing varies and must take into account structural
restraint as well as soil conditions. Normally, holes are placed on
about eight to twelve foot centers each way. As a rule, alternate
"primary'' holes are first grouted and thelir completion is followed
by injection of the intermediate 'secondary' holes. The holes are
generally progressed in vertical stages of five to eight feet, work-

ing from the top down.

In practice, an oversized hole is drilled from the surface to
the point at which stabilization is to begin, or a minimum of about
four feet. A two- inch i.d. steei casing is then solidly cemented
into the hole. The hole is then extended, working through the casing
as required and the first stage grout injection made. At.a‘later
time, usually the next day, the hole will be extended through the
same casing, for the next stage. This sequence is then repeated

until the full depth has been reached.

As the compaction grouting process results in densification and
therefore in considerable increase in weight of the treated soil, it
is crucial to extend all holes to a very competent soil or rock zone.
Attainment of such can be confirmed by extending an occasional hole
an extra stage or two followed by injection. |[f indeed competent
material has been reached, these extra stages should have very low

grout takes and relatively high injection pressure.
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The necessity for working from the top down has often been
questioned, due to the greater expense involved by the increased
drilling required. However, extensive experience and research has
proven this to be a pertinent method. Because grouting of the upper
stages increases their strength as well as density, their restraint
capability is improved allowing greater pressure to be used in suc-
ceeding stages. There are occasions, however, in which it might be
desirabte to grout in a single stage from the bottom up. Such would
be particularly appropriate when working at considerable depth in a

fairly thin faulty layer.

Rotary drilling is the most common method utilizing either air
or water to remove the cuttings. |f the holes tend to close in,
rotary mud can be used; however, it should be avoided if possible
as any residual mud will act as an uncontrollable lubricant when the
grout is injected. In some cases the holes are pre-treated immedi-
ately prior to grout. injection, The most freguent Such case would
be injection of water where dry soils are involved. Such wetting ...
will usually weaken the soil to be grouted facilitating its den-

sification.

Grout Mixtures - Commonly used stiff, mortar-like grouts consist
of fine "“'dirty" sand, portland cement, and water. The gradation of
the sand materials is critical. If this componint is too coarse or
the grains sharply angular, a harsh mixture will result. Under
pressure, such a mixture would tend to have some of the water and
cement pushed out and ahead of the remaining constituents resulting
in high back-pressure and probable blockages. Too fine a sand mater-
ial will result in an unstable grout. Optimum gradation for the sand
material is indicated in figure 2. Sharp, angular sand shouid be
avoided and well graded, rounded material favored. High clay contents,
especially colloidal ¢lays should be avoided as they will reduce the
stability of the grout and may affect its durability when submerged.
Admi xtures though seldom used may be included where desired. The
most common admixture is pozzolan which will reduce harshness if

suitable sands are unavailable.
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A very commonly used grout mixture contains about 12% cement
and will provide an unconfined compressive strength on the order of
four to six hundred psi which is more than adequate for most appli-
cations. Although such grouts have often been referred to as ''no
slump'' grouts, 1t has become fairly acceptable to limit their slump
to one inch using the standard concrete slump test ASTM C-143. In
actuality, slumps of less than one and one half or two inches are
probably acceptable. A good rule of thumb, however, is ''the stiffer,
the better." '

'
3
3
L
4
-

“ Equipment ~ Because of the very stiff, relatively immobile
characteristics of the grout material, special equipment is required
for its handling. Conventional grout mixers and pumps used for

""pourable' mixtures are not suitable.

Mixers generally are of the horizontal batch type with blades

oriented to provide a chopping type action. Continuous mixers can

be used but where employed must be provided with a metering supply
system for the grout ingredients, in order to enable posftive and
uniform control of the grout consistency. Pump hoppers shouid be
provided with an agitator which will force-feed the pump suction in
order to prevent cavitation. The pump must be capable of handling
the very low slump grout materials utilized. It should be capable
of working at pressures in excess of 600 psi and preferably 1000

psi or more. Perhaps its most important requirement is the ability

to operate at varying rates of displacement. Pumping rate must be
“ff controllable while continuously operating from virtually zero to

: about 2.0 cubic feet per minute. -1t also should be provided with
some means of measuring the quantity of grout injected at any par-

ticular time.

Grout hoses are usually one and one half inch or two inches in
diameter. Valves must provide a full flow opening. Any bends should
be of a long sweep type in order to prevent major disruption of the
grout flow. As with any type of grouting, suitable gage savers must

be provided for the pressure gages which are usually located at both
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the pump and the point of injection. A two-way phone system or

other communication medium should be provided.

Injection Control - As aforementioned, injection is usually
continued until a surface disturbance is noted. Once surface movement
has started, very little improvement will be made with continued
grout injection and serious damége to the dver]ying, restraining
soils can occur. Therefore, injection in any stage should cease
immediately upon detection of minute surface movement. [t is there-
fore imperative to carefully and continuously menitor the ground
surface and any improvements thereon. When performing compaction
grouting, personnel should give top priority to detection of surface
movements and should employ any means or devices that will aid this

detection.

A number of different devices are used for control. Perhaps
the simplest and oftentimes most effective is a common string-line.
Surveyors levels, laser instruments, multi-station manometers are
other commonly used examples. The methods available to the engineer

to monitor surface movements are virtually unlimited.

Records - As previously discussed, a great deal can be deter~
mined about the existing sub-surface conditions by careful evalua-
tion of the grout behavior. Additionally, much information can be
determined during the hole dritling. in order to be useful, how-
ever, such data must be systematically recorded. Specific import-
ant data which should be recorded includes the drilling method,
length of casing, length of the grout stage, unusual driliing con-

ditions such as encountering rock or organic materials.

During grout injection it is important to record the injection
sequence of the hole stage, and sequential times, quantities, and
pressures. Of particular importance is to note any drops in pressure
during injection and, obviously, any surface disturbances should be
noted in detail. The grouting records should be frequently evaluated

in order to detect changes in the injection program which might be
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in order. Nearly all compaction grouting programs are designed as
the work progresses and retrieved data evaluated; therefore, the

importance of keeping good records cannot be overstressed.

Vibroflotation

Vibroflotation consists of achieving controlled densification
. of the so0il through pre-planned sequenced penetration of the Vibro-
fﬁ flote probe. The Vibroflote probe, (figure 3) is usually suspended
E from a large crane and is lowered so as to penetrate the soil while
| simul taneously vibrating and injecting water. A surface settlement
crater results which is continwusly filled with a granular soil
material as the penetration continues. With proper performance,
the settlement crater seldom becomes larger in plan than a few
feet greater than the probe in diameter, and its prompt filling as

created, prevents widespread areal settlement.

The primary limitations of the method for repair and retrofit
work is the inability to use it inside most structures and the dan-
ger of damage to the structure due to the localized settlement
that is inherent to the procedure. Where applicable however, it
often offers cost advantages over grouting solutions, and is some-
what faster to perform. The procedure was successfully used immedi-
ately adjacent to an underground utility tunnel at Port Hueneme,
California in 1981, wherein reduction of ligquefaction potential of

loose sands was required.

Chemical Soi! Solidification

Chemical grout injection for the purpose of strengthening or
impermeableizing soil has been practiced for over fifty years and
in fact applications dating back into the 1800's have been reported
in the literature. The procedure is applicable to the reduction
of liquefaction potential and like compaction grouting has the ad-
vantage of being applicable inside structures or other confined

locations. It was used in retrofit of Balbua High School in San

Francisco, California in 1974. In this instance, the work was

carried out from within a basement area with severely limited
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Figure 3 - Vibroflote Probe
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headroom. The main limitation to use of the procedure are its
applicability limitation to fairly clean sands only, and its very

high cost.

The strength potential of a chemically grouted mass is dependent
upon the type, and proportions of chemical grout used. Some chemical
grouts when used in proper proportion wiil provide an essentially
permanent mass, whereas others will begin to loose strength some
time after injection or exposure to the elements. Also it is impor-
tant to note that many factors effect the strength of the grouted
mass and in most cases, the actual usable strength value is consider-
able less than indicated by standard test methods such as the un-
confined compression test. Because of the above, conservative

design and the use of high factors of safety are always appropriate.

In addition to the grout materials chemistry, the strength
of a grouted mass is infiuenced by a number of different, although
often controllable factors. This subject was extensively discussed
by Warner (4) wherein the results of an extensive laboratory and
field research program were reported. Some of the more important

factors therefrom are summarized as follows:

Curing Enviroment - Most chemically grouted masses attain appre-
ciably higher strengths when the grouted specimens are allowed to
dry out. It is therefore important to perform any strength evalua-

tion tests at the natural meisture content of the mass.

Incremental Loading - The rate of loading has an effect upon the
strength that a grouted mass will obtain. In general, slow incre-

mental loading will result in appreciably higher obtained strength.

Effect of Continuous Load - Most chemical grouts are subject
to creep and therefore exhibit far lower strengths under contin-
uous loading. The load at which a specimen can withstand without
further strain is usually referred to as the '"fupdamental' strength.
I't is usually less than 50% of the ultimate strength determined
by the relatively rapid loading of the standard unconfined com-

pression test. Figure 4, indicates the ultimate and fundamental
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strengths of solidified specimens utilizing five different chemical
grouts. Therein, the G.V.S., Siroc Mix 7, and Modified Earthfirm
all utilized sodium silicate as the base material and each contained

50% by volume thereof.

Wet and Dry Cycles - Only limited data is available upon the
effect of wet and dry cycles on chemically solidified masses. How-
ever, based upon available data, most chemically grouted masses

loose strength under such envitomental conditions,

Stress-Strain Relationship - All chemically grouted masses are
subject to strain upon loading. The rate and manner of loading
(uniform or incremental) both influence the total amount of strain.
In data presented in (4), creep strain with a magnitude of 4% to 9%
were experienced with silicate based grouts. This compares to nearly

20% for Acrylimide grout.
CONCLUSIONS

Repair or retrofit efforts in order to prove effective in fu-
ture seismic events must provide for stable foundations, When the
particular structure is located on a soil material that is subject
to liquefaction, modification of that soil must be made in order to

reduce the potential to an acceptable level.

Recent experience in the United States has involved use of
compaction grouting, vibroflotation, and chemical soil solidifica-
tion in this regard. Compaction grouting has the advantage of being
used inside structures and other confined locations. It also can be
used where occupancy of a structure must continue as it involves
minimum disruption during progress. lts main limitation is lack of
applicability in c¢lean medium or coarse sands. Vibroflotation is
faster and less costly than grouting, however it cannot be performed
from inside or under most structures, and damage can result from the
probe settlement craters, if the structure lacks sufficient rigidity.
Chemical soil solidification is the most costly method, however it is
effective in clean sands and like compaction grouting can be per-
formed in congested areas and with a minimum of disturbance to other

activities,
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VETERANS ADMIMISTRATION
SEISMIC CORRECTION PROGRAM

*
Richard D. McConnell
Summary '

Following the San Fernando Earthquake of February 9, 1971, when two patient
occupied buildings of the Veterans Hospital at that site collapsed killing U6
persons, the VA was required to undertake a full seismic program. This program
included the appointing of an Advisory Committee, preparation of a seismic code
and a program to update all VA Facilities to prevent such a recurrence. To
implement these directives, a program of site evaluations to determine the
predictable seismic levels was undertaken at 68 hospital sites. Following the
site evaluations, most of those sites were then investipated as to the adequacy
of the structures at those locations to withstand the predicted level of
possible seismic events. As a follow-up phase to the first building studies, a
subset of the structures investigated, which had been found to be deficient,
were studied as to alternate means for adequate hardening to bring them to the
required seismic strength, In the years following that San Fernando
Farthguake, VA has undertaken alterations to harden deficient structures at
many of these sites. 1In addition, buildings were demolished or occupancy
changed where deemed necessary. The VA Seismic Code Standard H-08-8 has been
used for the past seven years for the design of all new hospital structures and:
is the criteria for all retrofit. Aan instrumentation prceram was intrcduced
and studies were undertaken and requirements issued concerning
nonstructural details; post-operational utility provisicns; control of
Furniture, Equipment and Supplies; and related studies such as masonry festing,
soil stability, ete.

Introduction

The San Fernando Earthquake of February 9, 1971, destroyed or severely
damaged four major hospitals, including two patient-occupied buildings of
VAH, San Fernande, that collapsed, killing 46 persons. The VA buildings were
desighed and constructed prior to the development of seismic design codes. The
other non-VA hospitals were of relatively recent construction and were designed
to resist earthquake forces. None of those hospitals could be salvaged.

A House of Representatives Subcommittee on VA Hospital Disaster held
formal hearings on February 22, 1971 and received testimony from the Deputy
Administrator, other VA officials familiar with the disaster, and several
technical experts. In an Interim Report dated March 18, 1971, the Subcommittee
made several recommendations. One key recommendation was the following:

"The Veterans Administration should immediately identify all
structures in the VA hospital system located in hazardous
zones to determine what must be done to make them safe. IT
modernization of these facilities to meet latest seismic and
other safety standards is not considered feasible, either
replacement structures should be built or patients relocated
in safe structures at other hospitals."

*Director, Civil Engineering Service, Veterans Administration, Washington, DC
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The Veterans Administration appointed a Committee of consultants who
developed new requirements for earthquake resistant design of VA hospital
facilities. In December 1973, an Advisory Committee on Structural Safety of VA
Facilities was appointed, as required by Public Law 93-82, to recommend
standards for fire, earthguake and other natural disaster-resistant
construction. The Advisory Committee formally recommended the earthquake-
resistant design requirements developed by the earlier Committee and they have
been adopted.

VA Seismic Code

The Committee decided that the VA design code should be based on the
Earthquake Regulations of the Uniform Puilding Code, but with some major
modifications. Those UBC Earthguake Regulations are the most widely accepted
such code in the country and are revised on a regular basis by the Seismology
Committee of the Structural Engineers Association of California. The principal
modifications we made were:

1) We are not using code level forces. We evaluate our sites for
geologic and seismic hazards, and design new facilities to resist
the strongest ground shaking that can be expected at the site.
Existing structures were evaluated in terms of the maximum ground
shaking that may reasonably be expected during the planned life of the
facility.

2} The Uniform Building Code did not include at that time the effects of
soils on earthquake motions, although, these effects may be important.
We retained Professor Matthiesen, University of California at los
Angeles, (now with USGS), and Professor Scott, California Institute of
Technology, to prepare short summaries of present knowledge in (a)
amplification of strong ground motion due to soil layering, (b) soil
structure interaction, (c) soil liquefaction, and (d) slope stability
and the design of retaining walls.

3) Considered ductility/damping factors for different types of structures,
L) Modal method dynamic analysis for certain classes of structures.

5) The Uniform Building Code required reinforcing of all masonry that
resists seismic forces. This is quite reasonable for the West Coast
areas where both the level of ground shaking and the freguency of earth-
quakes are high. However, masonry in the great majority of existing VA
structures in other areas of the country was not reinforced. We
asked the Bureau of Standards to: (a) investigate tests of
failure of masonry induced by earthquake loading, and (b) propose test
methods for determining the strength and stiffness properties of
existing masonry. Out of this, we hoped to develop safe lower bounds
of masonry strength that could be used to evaluate our existing
structures realistically.

Masonry Testing

In the beginning of the masonry testing program, sampling and testing of
the wall specimens were conducted generally in accordance with the National
Bureau of 3Standards recommendations. This entailed cutting a wallette
approximately 1-1/2 foot square out of the existing building walls and testing
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pplying a compressive leoad across the diagenal, The cost per sample was
approximately $2,000 including the sample cutting, testing and patching of the
hole. It should also be mentioned that such an operation almost necessarily
causes some disruption in hospital operations.

It was decided that something less expensive and less disruptive was
necessary. For this we turned to cylinder cores taken from the walls. A
problem is encountered here because the results of cylinder tests do not quite
correlate with the resultls of wallette tests.

Testing Engineers, Inc., undertock to examine this problem. In the test
program which was run by Mr. F. R. Preece, shear strength values were obtained
from wallette samples and from cylindrical core samples. Mr. Preece found that
close agreement between the two methods was reached by including the influence
of internal friction.

The cylinder core sample has two big advantages over the wallette type
sample, First, the cylinder core costs only approximately $200 per sample
versus the approximately $2,000 cost per wallete sample. Second, a cylinder
core can be taken and the hole repaired relatively quickly, with a minimum of
disruption of hospital functions, whereas cutting and replacing a wallette
sample is disruptive.

The values of ultimate tensile and shear stresses are translated into
allowable stresses (via the NBS approach, which has been incorporated as part
of the VA's Standard H-08-8). These allowable stresses then determine whether
an existing wall must be reinforced or whether it is a viable structural
element. (shear wall) which is capable of resisting shear forces.

The results of the Veterans Administration program of testing wall cores,
to no one's surprise, can be characterized as extremely varied, Shear
ultimates ran from almost zero to well over 300 psi. These included sample
results from brick, concrete block and clay tile. The samples were from all
over the country and represent almest the full range of age and workmanship
that can be found in unreinforced masonry.

During the progress of the seismic program, the VA has found that walls
that might look at first to have no strength and thus no influence on building
reaction to earthquake forces are, in fact, quite strong and therefore
constitute major load paths.

Tne VA also found that even when the walls are understrength, a
strengthening procedure that has come to be known as the Roise method (building
ancther wall on the outside of the old one) can economically ($15 to $30/ft.2)
strenthen old buildings.

Program Description

Sixty-eight of the existing VA Hospitals are in geographical areas where
moderate or major earthquakes have occurred. Most of the 68 hospitals have
some unreinforced mascnry, The buildings in these hospital centers range in
age from 6 or 8 years old to well over 70 yvears. The total money investment is
in the billions of dollars and, of course, the replacement cost would be many
times the original cost. Consultants were retained to study the seismic and
geologie hazards at each site. These reports were reviewed by the U. S,
Geological Survey and NOAA to confirm the evaluation of the seismic risk.
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It was decided that the deficient VA hospitals would be strengthened %o
withstand any earthquake that might be expected in their areas in the next 100
years. This involved a structural evaluation of many of the A8 hospitals, and
each hospital usually has many buildings. Other consultants evaluated the
ability of the buildings to withstand earthquake foreces and provided alternate
procedures with corresponding cost estimates for those buildings found to be in
need of strengthening.

All substandard buildings essential to the operation of medical centers in
areas of high seismicity have been or will be corrected as necessary., Some
have been demolished. It was decided that, in areas of moderate seismicity,
only substandard bed patient buildings would be corrected. Also, correction of
nonstructural deficiencies that present potential life hazards or threats to
facility operations would be included in these projects.

Seismic construction projects have been programmed along with other
necessary corrections to maintain a balanced annual construction program within
available resources and consistent with other svstem-wide priorities.

In addition to basic design standards, the VA has developed seismie require-
ments for utility services, architectural components, and equipment and
furniture.

The Veterans Administration has had a Strong Motion Instrument Program for
ten years. This program involved the purchase of 66 instruments which were
placed at 56 stations around the entire country. These instruments were
installed by NOAA and USGS and maintenance is funded by the VA and performed by
USGS. It is interesting to note in this regard that the Jan. 24, 19R0
Livermore earthquake which sustained significant damage in facilities other
than Veterans Administration had only one set of instrument records which could
be used for post-analysis. These records were obtained at the Veterans
Administration Hospital at Livermore. Those records, incidentally, showed peak
values of .17g at the basement level and .64 at the roof level.

Accomplishments to Date

The most serious problems encountered by the VA were in California. It was
evident after receiving reports on the conditicn of the buildings and the cost
of required reinforcement that the agency had no choice but to evacuate
potentially hazardous facilities at Wadsworth, Menlo Park, and Livermore. A
large percentage of buildings at these West Coast Hospitals were constructed
before 1935, when no seismic design requirements were in general use, and were
found to be unable to withstand earthquakes if high intensity. The inspection
of all 22 buildings at the San Francisco hospital indicated no need for
relocation of patients, although minor alterations would be made in some of the
buildings, and the boiler house was relocated.

Of the 82 buildings at Menlo Park Division of the Palo Alto Hospital, 18
were deemed structurally unsatisfactory in event of a major earthquake in the
area. But of those 18, only one was actually occupied by patients.

At Livermore, 13 of the U8 buildings were pinpointed as potentially
hazardous, including the largest patient-occupied building on the station.
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Of the 236 buildings at the West Los Angeles complex, 30 were graded
potentially hazardous, including eight patient-occupied structures.

The remaining four VA hospitals in California -- as well as the Palo Alto
Division of the two-hospital operation at Palo Alto -- are of more recent
construction, and were judged to be of satisfactory seismic construction,
However, a new review of some buildings at these sites is now in progress.

In the face of such circumstances, the VA acted immediately to vacate the
weaker buildings and to start the improvement of those which had to be
continued in service. An extensive program was necessary to relocate patients
and staff from the weaker existing buildings to new and converted facilities at
a number of other hospitals. Replacement hospitals at Los Angeles and Loma
Linda provide modern facilities for those destroyed by the earthquake or
evacuated because of structural weaknesses. Another major building to replace
seismically deficient units is programmed for Palo Alfo. Fvaluaticn and
strengthening of other facilities is continuing where necessary.

To this date, the Veterans Administration has spent more than 250
million dollars in the total seismic correction program including site studies
(site prediction and review of buildings), demolition, structural and non-
structural hardening, temporary facilities and procedures for the post-
earthquake California reloecation plan, and three replacement hospitals.

The Veterans Administration Program for seismic deficient facilities is
confronted with numerous concerns and problems which may not be evident to all
at first.. One of these is the requirements by Historical Preservation Groups
at various goverrment levels. This has been most significant in correction
programs which have involved modifications to exterior walls at a number of
our sites.

Another major concern is disruption. This becomes a severe problem for VA
hospitals where occupancy and functions must be sustained.

More recently,. and in direct response to geologic evidence that a major
earthquake has a better than 50% probability of occurring within the next
decade, the VA has begun programs to: (1} anchor major mechanical and
electrical equipment so it will not be dislodged and disrupted during an earth-
quake; (2) instzll an emergency radio network to facilitate direct
communication between any VA facility in California and any other in the United
States; (3) provide for emergency utilities, especially water and electrical
power, in all VA medical centers; (U4) provide heliports at all existing medical
centers for emergency use; (5) install special earthquake provisions for
equipment, furniture, and suopplies to assure that VA Medical Centers can
function as a community resource in the post-earthquake period; and (6) conduct
earthquake drills,

Examples

The following two page Table presents a recap of 13 stations which are
recent projects for seismic hardening under design or construction. Tnis Table
indicates the munber of buildings, cost, the current status and a brief
statement of the method of hardening projects. Selected details for 6 of these
sites follows. The purpose of these details is not primarily to show
specifics such as dimensions in all cases, but to present the variations of
types of hardening used and also provide a qualitative deseription, by way of
the details, to indicate some of the problems and how they are resolved.
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In general, two of the stations, Boise and Salt Lake City principally used
what we now classify as the "Boise Method" in that the exterior shear walls are
new concrete placed on the outside of the existing exterior wall and new face
brick placed on that concrete,

In contrast the shear walls on Charleston on the exterior are to have
shoterete and shaping such that the concrete will be exposed.

.On American Lake and Walla Walla, mest of the shear walls were exterior
shotcrete applied and essentially left without face brick.

Prescott was distinet in that it used U" shotcrete on the inside of the

exterior masonry walls due to Historic Preservation objections to any exterior
alterations.

Fort Harrison used interior reinforced concrete shear walls.

Fresno will use a2 combination of interior steel K bracing, concrete and
steel shear walls as well as some exterior shear walls. In addition to these
generalizations, there were some variations of interior/exterior types in
various projects.

It should be pointed out that in all cases every effort was made to
minimize disruption by accounting for the lateral strength required by
incorporating as few interior shear walls as possible in the plan. Most of
these western stations had difficulties meeting historical. preservation
requirements in regard to finish.

It can be noted on the Salt Lake City and Foise details that the so called
"Boise Method" incorporated the use of shear keys imbedded into the existing
masonry in conjunction with reinforcing ties to both the existing masonry and
the new outside wythe.

Originally at Salt Lake City, the intention was to peel awayv.the outer
face brick and then proceed with the concrete shear portion and a new outer
wythe. Tt was found however, that there were two problems. One was the

substantial bond in the masonry and the second was the factor of heisht of some
of the buildings.

The Ft. Harrison details show a means of adding stiffness to the columns
and also indicate the steel bracing.

The detail for the exterior walls on American Lake shows the type of "Key
Pocket" as it is called and alsc shows the outside stuco plaster finish on top
of the concrete shear portion.

The details of Prescott are uniquely interesting because that was timber
existing construction.

Although there are no details for it shown in this section, the hardening
at West Roxbury Center is distinet in contrast to the examples shown here in
that it provides new wings which will be stitched to the existing buildings
thereby buttressing the entire combined unit for lateral forces.
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For the Charleston project, steel cross bracing and the use of end towers
were dismissed for various reasons and, ultimately, four types of shear walls
were developed: one story reinforced concrete shear walls in the pipe
basement; exterior reinforced concrete shear walls; interior reinforced
conerete shear walls; and interior steel shear panels.

As is noted in Figures 7 and 10, walls above the third floor in the
longitudinal directicn are exterior reinforced concrete while those in the
transverse direction are interior steel shear panels. BRelow the third floor,
the exterior walls become interior reinforced shear walls on the South side.

Figure 8 shows a transverse section through the building after new shear
walls will be added. In contrast to the "Boise Methed", on this project, the
outside brick and insulation are to be removed before installation of the
concrete shear wall.

Figure 9 shows a typical cross section of the existing and modified
exterior wall. The use of the steel shear panels was to minimize construction
disturbances, they either to be built in place or prefabricated as units and
commected in place. Since they are to be located asainst existing walls, these
new steel shear panels were designed so that all welded connections are to be
made on one side only, Figures 11 and 12 show the steel walls.

The following hardening costs are on a square foot of gross area basis and
are indexed to April 1981 dollars:

Boise 822 psf
Salt Lake City - Bldgs 1 thru 5 £15.30
Salt Lake City - Bldgs 6 thru 9,27 and 28 $19.60
Charleston $22.23

The cost per square foot of wall arez on Salt Lake City, Ruildings 1
through 5, (indexed to April 1981) was $17.70.
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EFFECTS OF INFILLS IN SEISMIC RESISTANT BUILDING

. 2
Vitelmo Bertero}l)F. ASCE, and Steven Brokken( )

INTRODUCTION

'STATEMENT QF PROBLEM

Enalysis of building performance during earthguakes has shown that
numerous building failures have resulted because the building's basic bare
resisting structural systems are designed neglecting the structural modifi-
cations introduced by the addition of infills. Recognition that the dynamic
characteristics of the bare basic structural system are significantly changed
by the incorporation of infills has led te the formulation of two building
design philosophies in seismic resistant design. One philosophy requires
that the infills be effectively isolated structurally from the structural
system so that their structural effects can correctly be neglected. The
second considers the infills to be tightly placed, and, therefore, their inter-
action with the structural system to resist the effect of all kinds of excita-
tions should be properly considered in the design, detailing, and construction.

The first philosophy is conceptually attractive since it awecids the need
to predict the interacting behavior of the infills, which at present offers
great uncertainties. It is not surprising, therefore, that some countries
have seismic codes which encourage the application of this philosophy, although
the effective structural isclation of the infills presents serious practical
problems, particularly in predicting and preoviding the required gap and in
achieving effective flexible connection details. The authors believe that
the second philosophy offers more conceptual and practical advantages, par-
ticularly if the basic structural system is moment resisting fraﬁe. This 1is
because a main principle for seismic-resistant design is: "Avoid unnecessary

masses," and, "If a mass is necessary, use it structurally to resist selsmic

(1) Professor of Civil Engineering, University of California, Berkeley

(2) Design Engineer, URS/John A. Blume & Associates, Engineers
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effects"[3]. Thus if walls and partitions are needed and the econcmical
material is masonry or concrete, attempts ghould be made to use these infills
as structural elements. The proper use of infill elements can be of great
practical value in strengthening and stiffening the usually very flexible
moment resisting bare frame. The connection details between infill and frame
are also simplified, but because of the interacting effects, the infills can
be subjected to deformations and stress beyond their elastic resistance and
produce brittle types of failure when masonry panels are used. This is not a
serious disadvantage with respect to isolated panels, however, because it is recom-
mended that the infill panels contain adequate reinforcement even in this case [10].
When the panel infills are tightly placed in the frame, the problem of

avoiding premature failure raises the questions: (1) How should these panels
be reinforced; and {(2) How should they be connected to their surroundings? A
.E comprehensive review of the literature available on these problems to 1974

[3] revealed the need for further research, and so an integrated experimental

investigation was initiated in 1974 at the University of California, Berkeley.

OBJECTIVES AND SCOPE

_f The ultimate objective is to research the hysteretic behavior of infilled

frames under actions similar to those caused by severe earthquake ground

motions in order to cbtain reliable data to formulate procedures for design,
detailing, and construction. Integrated experimental and analytical work

has concentrated on seismic-resistant buildirgs whose structural system con-
sists of R/C frames infilled with masonry panels. Results obtained to 1978
have been reported in Refs. 2, 5, and &, A second series of experiments on
a 3-1/2 story and 1-1/2 bay subassemblage of an ll-story apartment building

(shown in Fig. 1} have been recently completed. This subassemblage was built
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to one-third scale, instrumented and tested. A total of 18 tests were con-
ducted to investigate the relative performance of various types of infilling
materials and constructicn technigues. The effects of infills on the seismic
resistant R/C construction was studied analytically and have been reported
in detail in Ref. 4.

The authors believe that the results and techniques used to reinforce
the infill and to connect the panel to the frame can be of interest to the
profession, and, therefore, this paper is presented with the following
objectives: (1) To summarize the experimental investigation and the results
obtained; (2) To evaluate these results and to assess the practical use of
infills in sites located in regions with differing seismic risk; (3} To formu-
late recommendations for the design of new seismic-resistant buildings with
infilled frame'structural systems, and for the retrofitting of existing build- __ i
ings having R/C moment resisting frames as a structural system; and (4) To

point out research needs.

DESCRIPTICN OF EXPERIMENTAL INVESTIGATION AND RESULTS

SPECIMENS

Quasi~static cyclic load tests were performed on 18 specimens. The speci-
mens were similar to those used in the first series of studies [5,6]. As
illustrated in Figs. 1 and 2, these specimens consisted of 1/3-scale model
subassemblages of the lower 3-1/2 stories of an ll-story, 3 bay-frame with

infills in the 2 outer bays. The design of the prototype and model, as well

as the construction of the specimen, are described in detail in Refs. 5 and
6. Four different types of infills were used. Two infills consisted of hollow-
unit masonry: clay (Fig. 2(b)) and concrete block, The characteristics and

«construction of these infills are given in Refs. 5 and 6. The third
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type of masonry infills used consisted of split brick with exterior welded
wire fabric (WWF) reinforcement (Fig. 3{a)). Split bricks were laid in mortar
infilling the frame opening. Cross ties were left in the mortar bed as a pro-
vigion for holding the welded wire fabric mat flat for subsequent construction
stages and to basguet the bricks. The panel was allowed to sit undisturbéd
o for at least 24 hours; two mats of welded wire fabric were then attached to
o it, one on each side, with care taken to tie the mat flat at a distance of
1/8 in. from the brick face using the cross tie already in position. The
wires of the WWF mat were spliced to dowels left anchored in the confined re-
g gions of the bounding frame members (Fig. 3) so that the panel was firmly
B attached to the bounding frame. Banding agent was then applied to both sides
of the panel to assure good bonding between the mortar cover and brick. A
mortar cover 5/8 in. thick was aéplied in two layers at each side of the masonry
e infill. The technique, based on pneumatically applied mortar, can be used
advantageously to place the cover. The fourth type of infill was lightweight
e concrete panels.

REPAIR, STRENGTHENING AND RETROFITTING OF SPECIMENS -

Repair Method. BAfter an infilled frame loading program was completed, it

was found that severe panel damage was generally confiined to one level and so
panel replacement was necessary at only one level. The damaged panel was
removed with care taken to retain the reinforcing steel (or WWF) protruding

from the frame which had been cast in place for panel reinforcement anchorage.

Cracks in the beams and celumns were repaired by epoxy injeetion. If c¢rushing
of concrete had occurred, all loose concrete was removed from the frame members
leaving only sound concrete. The frame members were then reformed and the con-

crete recast. After the frame member forms were stripped, infilling proceeded

S with new panel reinforcement, lap spliced as reguired toc the frame anchorage

steel.
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Strengthening Method. During some tests the spiral transverse steel was

observed to fracture in critical inelastic regions of the columns in the
first story, causing immediate brittle shear failure at that location in the
column. Any type of repair became difficult and rendered this story level
useless in subsequent testing. It was, therefore, decided to strengthen this
story so that panels in other stories could be tested. Strengthening was
achieved by placing a rather substantial amount of reinforcing steel in the

panel opening and casting this story solid (5-in. thick) in concrete.

Retrofitting Method. To retrofit infill panels into an existing bare

frame,'this frame was drilled to attach an anchorage system for the panel rein-
forcement. This anchorage system consisted of steel plates attached to the
beams with anchor bolts at 8 in. 0.C. (200 mm) and to the columns with bolts
.at 4 in. 0.C. (100 mm). Wedge anchors were used in the columwns and the third-
story beams. The first- and second-story beams were drilled completely through,
threaded rods were inserted, and nuts were secured to plates on both sides of
the beam to secure anchorage plates for welded wire fabric reinforcement
anchorage (see Fig. 4).

TESTING OF SPECIMENS

The specimens were tested heorizontally. Reference 6 discusses in detail
the test set up. The models were loaded as shown in Fig. 2(a).

The ratio between the lateral force and corresponding overturning moment
was calculated by a dynamic elastic analysis of the entire frame. Analyses were
conducted on both the bare frame and the infilled frame. Overturning moment
from stories above the subassemblage, as calculated from analysis, was applied
automatically using a preset transfer between the horizontal and column jacks

through a servocontrol system.
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TEST RESULTS

During the first series of studies reported in Refs. 5 and 6 four tests
were conducted. In this second series a total of 18 tests have been performed.
The main results are summarized in Table 1 and some typical load-deformation
relaticnships for the different types of specimens tested are illustrated in

Figs. 5-10.

EVALUATION OF TEST RESULTS AND THE INPLICATIONS ON
DESIGN AND RETROFITTING OF SEISMIC-RESISTANT BUILDINGS

INTRODUCTORY REMARKS

B detailed evaluation of test results obtained in the two series of tests
conducted at Berkeley are given in Refs. 4 andé. This evaluation, as well as
analyses of results obtained by other researchers, have shown clearly that the
infill significantly affects the stiffness (Table 2), strength (Table 1),
damping, and deformation capacity (ductility) and conseguently the energy
absorption and dissipaticn capacities of the bare frame. All these effects
result in changes in the dynamic characteristic of the building in which the
infill is used, and, practically, the question is how the infill will affect
the seismic response of the buildings and how these effects should be con-
sidered in design and retrofitting procedures.

This is not easy tc answer, because the degree to which the infill affects
the above mechanical characteristics of the structure depend upon: gquality
control of the infill materials, workmanship of the infill, and how the infill
is reinforced and anchored or connected to the bare structure of the building.
The infills not only modify the available (supplied) stiffness, strength
{yielding and ultimate), damping, hysteretic behavior and deformation capacity

of the building structure, but these changes also introduce modifications in
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the'demands cf these same response parameters to any given earthquake ground
motion.

The addition of infills brings an increase in the building mass. This
increase in mass has two main effects: (1) The reactive masg, M, is increased;
and (2) The period, T, of the structure is increased. While the increase in
reactive mass brings a direct increase in the inertia forces that will be
developed for any given acceleration to which this mass will be subjected,
the effect of a relative increase in the period T on the response of the
structure depends on the interacting dynamic characteristics of the building
and the ground motions. Furthermore, while the addition of the infills by
virtue of its mass increases the period T, it also introduces an increase in
stiffness and thus decreases the T. These opposite interacting effects and
the changes in the effective viscous damping and in the mechanisms of dissi-
pation of energy (because of changes in the coverall pattern and amount of local
inelastic deformations) make conclusions difficult regarding the final effects
of the infill for general cases. However, an attempt to arrive at some con-
clusion for the particular case under consideration is believed worthwhile so
as to provide trends to apply in the general case. Consequeﬁtlf, an evalua-
tion of the effects of infills on most of the above parameters for the building
considered in the Berkeley investigation is presented considering £he two sides
of the design equation, i.e., the effects on the demandsas well as on the

supplies.

EFFECTS OF INFILL ON THE SUPPLIED LATERAL STIFFNESS, K, AND ON THE PERIOD, T

The lateral stiffness of the subassemblage tested, based on the interstory
drift, is given in Table 2. Because the initial tangential stiffness de-
teriorates very guickly at the service lateral load, an effective interstory

lateral stiffness, Ki, at service load level has been evaluated and introduced.
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In interpreting the significance of these values regarding the lateral stiffness
of the prototype frame, K?, it has to be considered that the interstory lateral

stiffness of the model frame K? can be considered as twice that measured in the

tests of the subassemblage and that the K? is equal to the K? multiplied by
the length scale Ls' i.e.,

po_ M - 5

KI KI LS 2 KI LS . (1)
This interstory lateral stiffness Kﬁ will be used as representative of the

lateral stiffness of the prototype.

Lateral Stiffness of Infilled Frames vs. Bare Frame. Comparing the values

given in Table 2, it can be seen that considering average of Ki for infills of

the same type, the smallest of all lateral stiffness of infilled frame, (x?)if'

(obtained for the solid brick panels reinforced with welded wire fabric) was
4.66 times that of the bare frame (K?)bf. The largest of all the (K}i?)if corres-
ponding to the reinforced lightweight concrete was 10.94 times the (K?)bf and in
D ; D
the average the (KI)if was 6.31 times the (KI)bf.

Effect of (KII)):.Lf on Period, T, of Building. Although in general the addi-~

tion of an infill decreases the period, T, the specific amount of decrease de-
pends upon how the total mass of the building, M, changes relative to the
stiffness with the addition of infill. Depending on the assumption of how the

M changes, the different yesults are summarized in Table 3, where two bounds
regarding the changes in M héve been evaluated. Upper bound, where all 11 frames
of buildings of Fig. 1 are infilled, and lower bound, where only 4 of the 11
frames are infilled (considered to be the %mallest desirable number of structur-
ally stiffened frames [1]}. For each of these two bounds two cases were con-
sidered, one in which the M is assumed the same as when the structure

is considered as a bare frame, and the other in which the infill adds mass.
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Analysis of the results obtained reveals that any of the infill, even the
softest, will produce significant change in the T of the building. Further-
more, the effect of the added mass due to infills on the T, is very small
and can be neglected.

Period of the Prototype Building, TF. To have the values of ™ in secs

for the prototype building, it is necessary to estimate its period where a
bare frame structure building is used. This ™ can be analytically ‘computed
or estimated from the experimental results. The analytically computed value
was 1.30 secs [6]. Using the experimental stiffness of the subassemblage and
applying Eg. (1), considering as the prototype mass the estimated one of 23144
kips (102945 KN), the Tgf results to be equal to 1.01 secs. Using these two
values as an estimation of the period of the bare frame building, it is
possible to compute the period for the infilled frame building. These values

are given in Table 3.

EFFECTS OF INFILIL ON THE SUPPLIED STRENGTH TO THE BUILDING

These effects are again evaluated cn the basis of the results obtained in
the test specimens (model subassemblages), making different assumptions re-
garding the number of frames that are infilled in the real building. The
evaluation of the strength is based on the estimation of the base shear
strength, Vn, that the model of the building could have resisted. .This esti-
mation in turn will be based on the measured lateral resistance of the specimen
tested, (Vn)s, which is egual to the maximum lateral force H plotted in the

diagrams of Figs. 5 through 10 and summarized in Table 1.

Base Shear Strength of Bare Frame,(Vn}bf. Considering that the maximum
measured lateral resistance H of the spe?imen in Test 15 was 12.5 kips (55.6 KN},
the total lateral resistance of the model of the complete building, if the only
resisting structural element were the 11 bare frames, would amount to 275 kips

(1224. EKN).
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Base Shear Strength of Infilled Frames, (Vn)i . As summarized in Table 1,

the measured H varied from a minimum of 35.3 kips (157. KN) to a maximum of

100 kips (445. KN}.

In evaluating the supplied strength to the prototype building or its model
from the results obtained in the test of the model subassemblages, it is neces-
sary to distinguish the two bounds considered previously, i.e., an upper bound
based on the assumption that all 11 frames are infilled, and a lower bound
assuming that only 4 of the 11 frames are infilled. The final results obtained
from this evaluatlion are summarized in Table 4. When the 11 frames are infilled,
the supplied lateral strength of the building, Vn, is directly proporticonal to

the results obtained on the specimen tested, i.e.,
s 2
V = (V) L = [(V) x 21 L (2)
n = n s

When only 4 of the 11 frames are infil;ed, the determination of Vn reguires
analysis of the load~deformation relationship of the infilled frames, and that
of the bare frame (Figs. 5-10), and an assumption regarding the in-plane flexi-
bility of the floor system {diaphragm). To simplify the discussion, it will

be assumed that the diaphragm is rigid and that no torsion is developed.

As illustrated in Fig. L1, the infilled frame reaches its peak "elastic"
strength at a displacement (interstory drift) somewhat smaller than the one at
which the bare frame reaches its maximum lateral strength. Thus the elastic
strength of the building cannot be obtained adding the peak strength of the bare
frame to that of the infilled frame. TFor each different type of infill it would
be necessary to analyze the load-deformation of the infilled frame together
with that of the bare frame. From inspection of the results obtained, it has

been concluded that a lower bound of the strength can be obtained by considering
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that when the infilled frame reached its peak "elastic" strength, the bare

frame had developed equal to half of its maximum strength, i,e., that the

=2x {1/2 (V)°

m
LV e n bf

D BE 8 ) pax

As shown in Table 4, although the unreinforced masonry infill resulted in

} = 12.5 kips (55.6 KN)

the lowest lateral resistaqce, it still was 2.82 times thf resistance of the
base frame when 11 frames were infilled, and 1.34 times when only 4 of the 11
frames were infilled. The largest increase in lateral resistance was cbtained
for the reinforced lightweight concrete infill, amounting to on the average,
672 and 212 percent increases, depending on whether 11 or only 4 of the frames

were infilled.

ESTIMATION OF DEMANDS: EFFECTS OF CHANGE IN T

The dynamic response depends not only on the dynamic characteristics
of the building (T, &, Vn and Y), but also on the dynamic characteristics of
the ground motions. The easy way to obtain a clear idea of what the effects
can be of the changes in T over the response, is to analyze the response spectra
of the critical ground motions. 1In doing so the following two cases have to be
distinguished: 1linear elastic and inelastic response. BRefore discussing these
two cases, it is necessary to define the mass of the building, the Period of
the bare frame building, and to adopt an effective viscous damping ratio, E.

Masg, M, of the Building. Because the two main effects of the change in mass

are small for this particular building, it will be assumed that the mass is the
k

same 23144 5'(102990 EE-) whether the structure of the building is considered

as bare frame or infilled frame.

Period, T, of the Bare Frame Building. To illustrate how the initial stiffness

of the bare frame can affect the influence of infills, the two following periods
of the bare frame will be considered: the Tgf estimated from test results eguals

1.01 secs,; and the one obtained analytically, i.e., 1.30 secs.
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Damping Ratio, &, Although the addition of infills may introduce consider-

able change in &, usually increasing it for large deformations, (values of

£ = 12% have been measured) for simplicity's sake, the £ for the infilled frame
building is assumed to be the same as for the bare frame building under strong
ground motions, i.e., £ = 5%,

Linear Elastic Response. A linear elastic response spectra as suggested

by Newmark and Hall [8], for a maximum effective peak acceleration of 0.5 g

(Fig. 12), has been selected for discussion.

Effect of Changes in T on Seismic Force Demands, ng. Table 5 summarizes
this effect. Because of the decrease in T induced by the effect of the infills
from 1.30 to 0.39 sec (in the case of the largest decrease), when all the frames
are infilled the demands in design seismic forces increase about 141%. Figure
12 illustrates this increase., For simplicity it is assumed that the total seismic
force demand is directly given by the first mode response, i.e., the respense of
the structure is considered as that of a single degree of freedom having the
total mass M of the building and the periods computed in Table 4. In the case
that Tgf = 1.01 sec, the addition of infills changes this walue toc 0.40, 0.46,
and 0.30 secs for the average, lowest, and highest decreases. This change causes
an increase in seismic force demands of 86%. Table 5 shows the estimated increase
when only 4 of the 11 frames are infilled; the minimim increase is 56%. Increases
in seismic forces of the order of 56% to 141% are very significant and cannot be
neglected. It is clear that for the type of ground motions represented in the
selected elastic response spectra, the more flexible the bare frame, the larger
the increase in the seismic forces attracted by'the addition of the infill.

Effect of Changas in T on Deformation Demgnds. Figure 12 illustrates how
g g

the maximum displacement decreases in 82% when the be of 1.30 secs is reduced
by the addition of the infill to a TiF of 0.39 secs. Table 6 summarizes the

decrease in demands for all the different cases of infilled frames of the buildinc

considered above. It shonld be noted that even when only 4 frames are infilled,
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the decreases vary from 33% to 60%. These decreases in deformation are

very significant and have beneficial effécts: The smaller the deformation the
smaller the damage, either to the structural or nonstructural components, and
the smaller the P-A effects, .which are two of the main drawbacks in thé use of
just bare moment resisting frame.

Overall Effect of Infills on Strength Demand and Strength Supply: Intensity

of Motions that Infilled FPrame Building Can Resist Flastically. Based on the

results summarized in Tables 4 and 5, the following observations can be made
regarding the cverall effect of infill on strengths, when the behavior remains
in the "elastic" range.

1. When all the bare frames of the building are infilled, the increase in
supplied strength considerably exceeds the increase in strength demands.

2. In cases where only 4 of the 11 frames are infilled with panels having
ap 2 0.4%, the increase in supplied strength is laréer than the increase in
demanded strength.

From the standpeoint of "elastic” strength, it appears that the use of all
types of infills (considered in the Berkeley investigation), when properly rein-
forced with p > 0.4%, is advantageous, in comparison to the behavior of bars frame
buildings. This is only correct, however, when it is possible to guarantee that
the building will be able to supply the elastic strength demanded. Therefore,
it remains to estimate what intensity of ground motions the supplied elastic

strength will be capable of resisting. The main results of this estimation are

summarized in Table 7. ¥rom comparison of results obtainad between infilled

trames and bare frame buildings, the following observations can be made.
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(1) Case where all frames are infilled. Unreinforced masonry infills

could be used advantageously (i.e., elastic strength supplied larger than
elastic strength demands) in seismic regions in which the peak effective accel-
eration aep ig € 0.12 g, which, according to the ATC recommendations [1], is for
most of the U.8. {areas 1, 2, and 3). In the case of reinforced lightweight
concrete infills, these infills could be used without the danger of any signifi-
cant damage in seismic regions in which aep < 0.32 g, which means they could be
used in regions of very severe earthquake ground motions. The maximum value
specified by ATC [1] for aep is 0,40 g.

{2) Case where only 4 of the 11 frames are infilled. Unreinforced masonry

T could be used in seismic regions where the aep < 0.07 g, i.e., in regions loca-
ted in the U.S. area classified as 1 and 2 in the map area classification recom=-

l”j mended by ATC [1]. The solid split bricks reinforced with welded wire fabric

could be used advantageously with respect to bare frame in regions where aep

< 0.14 g {i.e., for all 1, 2, and 3 areas according to ATC map area classifi-

cation), without danger of suffering serious damage. Similarly, reinforced
hé lightweight concrete infill could be used in areas where aep < 0.17 g, i.e.,
\E ATC areas 1 through 4.

7t can be concluded that infilling moment resisting frames with properly
reinforced panels offers advantages when designed so that the frames would remain
in the elastic range during the most severe earthguake ground motion that can

occur. But what would happen if these infills were subjected to deformations

larger than those corresponding to its maximum "elastic" strength? Can the in-
filled.frame survive such deformations without severe damage? In attempting to

» answer it is necessary to analvze the inelastic behavior of infills in the infilled
frames, and how this behavior affects the performance of the frames.

Effect of Infill on the Inelastic Response of the Building. In the analysis

of this effect it is convenient to distinguish the following cases:

1. Ductile moment resisting frame infilled with unreinforced masonry.
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Under cyclic loading [Fig. 7bl as soon as the panel reaches its maximum

strength (which occurs with very small amounts of inelastic deformations, approxi-
mately 1.5 times that which will correspond to linear elastic behavior, given a
displacement ductility ratio, Ué
a value that is close but somewhat higher {10%) than that observed in the experi-
ments conducted with a first soft story frame (Specimen ¢, Fig. 6) about 23 kips
(102 XN), and then an increase up to a value of about 30 kips (133 KN) up

to a Hg of about 39, It should be noted that after a UG of 2.5, some

portions of the unreinforced infill started to spall out. If an analy-

sis using inelastic response spectra similar to those shown in Fig. 13, but for
u5 = 2.5 is conducted, the increase in strength demand due to the decrease in T
from 1.30 secs to 0.52 secs is found to be 138%, while the experiments show that
the increase in the supplied strength is 182% for u6 up to 2.5. Therefore,
regarding strength, it appears that ductile moment resistant frame with unrein-
forced infills can be used advantageously in regions where aep'is < 0,26 g if

all the 11 frames are infilled, or aep < 0.22 g if only 4 of the 11 frames are
infilied. The real problem with this kind of infill is not initial stiffness or
strength, but that with panels having large dimensions, as those under study, as
soon as maximum strength is reached the masonry units can shatter and large por-
tions of the infill spall out. In earthguake response, this is like an explosive
failure with shedding of large portions of unreinforced masonry all around. This
type of explosive failure with shedding of large portions of unreinforced masonry
all around. This type of explosive failure of unreinforced masonry infills has
been tvpically observed after moderate to severe earthquake ground motion. In
general it is inadvisable to use unreinforced masonry infills except in cases
where the response demands will not exceed the elastic range, and where out-of-
plane failure of the infills can be restrained.

2. Nonductile moment resisting frame infilled with unreinforced masonry.

This case is similar to the previous one but even more dangerous because the
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explosive type of failure of the infill leads the infilled frame to behave like
one soft story frame with very large demands in shear and plastic rotations in

the columns and/or the beams or beam-column joints adjacent to the failed infilled
panel. BAs these elements have not been designed to resist such demands, the
explosive failure of the unreinforced masonry usually will lead to the collapse

of the frame. Thus this system should not be used except for cases where the
building can resist elastically the effect of the most severe earthquake ground
motion. Therefore its use should be limited to regions of very low seismic risk
level, i.e., regions where aep < 0.12 g if all the frames are infilled or

a __ £ 0,07 g if only 4 of the 11 frames are infilled.

ep =

3. Properly designed ductile moment resistant frame infilled with reinforced

masonry or concerete pcnels.

(1) Reinforced masonry infills, Experiments conducted on these types of
infills show that maximum strength is reached at a deformation which can be
considered as being at least two times the deformation which would result if a
linear elastic behavior with an initial effective stiffness occurs., Thus it can
be assumed that UG at the average peak strength of the reinforced masonry infill,

w )"

o i’ is at least equal to 2. Therefore, the reinforced masonry infilled frame

building on the average can resist seismic ground motions (of the types given a
design response spectra as that of Figs, 12 and 13) having the following peak

accelerations: If all 11 frames are infilled aep = 0.40g for T = 0,52 secs and

aep = 0.38g forT= 0.40 secs; If 4 of the 11 frames are infilled aeP = 0.26 g for
T = 0,75 secs and aep = 0.18 g for T = 0.54 secs.

In the case where the infill consisted of solid split bricks reinforced with
two layers of WWF--since the infilled frame can develop a Mg = 4,2 with a reduction

of only 14% in strength (Figs. 10 and 11), it becomes evident that this type of

structural system can resist earthguake ground motions having the following aepz

If all 11 frames argéépfillgé_aep = 0.77 g for T = 0.60 secs and aep = 0.59 g

for T = 0.46 secs; If 4 of the 11 frames are infilled aep = 0.55 g for T = 0.84 secs
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and aep = 0.44 g for T = 0.66 secs.

In the case of a building with bare ductile frame--for a be = 1.30 secs

it would require developing a 1. .> 6.1 to be able to resist a ground motion with
d s

an a 0.55 g, and for a T = 1.01 secs it would reguire a ”d >5.6 to resist

ep bf

i

an a

ep 0.44 g. ©Since experiments have shown that the bare frame structure

can develop a g™ 6.1 without any significant loss in strength, it would appear
that there is no advantage in using infills except when the majority of the
frames are infilled. 'However, it should be recognized that for a bare frame
structure to develop a “5 = 6,1, it would have to undergo lateral displacements
considerably larger than that needed for an infilled frame building to develon
”5 = 4,2. Furthermore, while in the case of the infilled frame, most of the
damage will be developed in just cne or two stories where the inelastic deforma-
tions are concentrated; in the case of the bare ductile moment resisting frame,
the damage will spread throughout the whcle height.

In the case of solid split bricks reinforced with WWF, the specimens were
deflected, producing an interstory drift of 2.4 in. at the story where inelastic
deformation was concentratéd. fThis drift, which means an interstory drift ratio
of 0.07, was achieved without any significant spalling of debris. This inter-
story drift, when translated in ductility displacement, means a Mg = 14 which
was attained with a reduction of strength of 32 percent (see Fig. li). Therefore,

this specimen could resist the following aep without danger of failure (collapse):

If all 11 frames are infilled aep = 2.05 g for T = 0.60 secs and aep =1.54 g

for T = 0.46 secs; If 4 of 11 frames are infilled Bep = 1.62 g for T = 0.84 secs

and aep = 1.31 g for T = 0.66 secs.

The interstory drift ratio of 0.07 is very large, demanding large rotations
in the columns. The columns of the specimen were capable of developing these
rotations because of their special design and detailing. Actually the columns

were capable of inducing an interstory drift index of 0.12 without losing flexural

-393-




strength. HNonductile R/C columns cannot develop the plastic rotations reguired
to obtain such an interstory drift ratio. Note, if an ll-story frame develops
a complete collapse mechanism through plastic hinges at the beams, the inter-
story drift regquired to achieve the same displacement as the one with a soft
story requiring an interstory drift index of 0.07, would be approximately
0.7/11 = 0.006.

In conclusion it can be stated that the use of specially designed moment
resistant frame infilled with reinforced masonry, particularly solid split bricks
with W.W.F., can be used advantageously for even the most severe seismic regions
of the U.S.; provided the number of stories is limited to, say 11. This limita-
tion is necessary because the inelastic deformation in this type of structure is
usually concentrated in one or two stories, the larger this number of stories of
a building the larger will be the demand in the story in which this inelastic de=-
formation is concentrated. Furthermore, the frame has to have very ductile mem-
bers because the inelastic demands at the story in which the inelastic deforma —~
tions concentrate, would be very large. This problem has been discussed by

Park and Paulay [9], who show that the required column curvature ductility factor

¢uci/ ¢yci’ can be typically expressed as ¢uci/ ¢yci = 12,54 r - 3,2 where r is

the number of the story tc the top of which the deflections are to be measured.
(2) Reinforced lightweight concrete infills. This type of infilled frame

is capable of dissipating energy with a ductility somewhat larger than 2 without
any loss in strength. However, for a ]..&(S just larger than 3 the strength reduces
rapidly to a value somewhat higher than the strength corresponding to the soft
story frame. Considering a us = 2, it has been estimated that buildings with

this type of infilled frame can resist ground motions with the following aep

by
for T = 0.30 secs; If 4 of 11 frames are infilled aep £0.31 g for T

If all 11 frames are infilled L < 0.54 g for T = 0.329 secs and a_, % 0:54 g

1
Q
o
=t
0
®
0
0

and a, £ 0.25 g for T = 0.47 secs. Although there is a significant reduction
in lateral strength after reaching its maximum value, the filure is far from
being sudden or brittle (Fig. 9). TFor example, for a reduction in strength of

24.5%, the s £ 4,3, Consideration of these values leads to the following
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estimated aep for the prototype buildings: If all 11 frames are infilied

aep < 0.68 g for T = 0.39 secs and aep 2 0.64 g for T = 0.30 secs; If 4 of

the 11 frames are infilled aep = 0.53 g for T= 0.6l secs and aep =0.41 g
for T = 0.47 secs. Considering the value at which strength appears to be
stabilized, 42 kips (187 KN), which is considerably higher than the 27.4 kips
(122 KN) which is the maximum lateral resistance of a bare frame soft story;

and that the inelastic deformation at this level gives a u6 = 6.6, the fol-

lowing values of aeP can be cbtained: If all 11 frames are infilled

aep < 0.64 g for T = 0.32 secs and aep < 0.48 g for T = 0.30 secs; If 4 of

the 11 frames are infilled aeP < 0.37 g for T = 0.6l secs and aep 2 0.28 g
for T = 0.47 secs.

From analysis of the above results it can be concluded that R/C bare frame
buildings of the type investigated can be advantageously infilled with rein-‘
forced lightweight concrete for even the most severe seismic regions of the U.s.
if all the frames are infilled, and for the ATC map areas 1, 2, 3, 4, and 5 if
only 4 of the 11 frames are infilled.

4. Nonductile Moment Resistant Frame Infilled with Reinforced Panels.

In general this type of construction is not advisable if significant inelastic
deformation is expected. In infilled frames the inelastic deformation is con-
centrated within a few stories, usually the lower ones, so ductilit& demands on
the frame members of these stories can be very large, conseguently these members
should be ductile. Because of this type of behavior a designer could be tempted
to design as ductile only the members of the story or stories in which inelastic
behavior of the infill is expected. To design in this manner appears logical

and economical, however, the designer must be aware that the results

obtained in this investigation, as well as in others, clearly show that for such
a design to work it must be assured that the inelastic deformation will actually
concentrate in the weakest spot, i.e., the story that is designed as ductile.

This is not an easy task. The uncertainties involved in predicting the critical
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seismic response of buildings are so large that conservative precautions should
always be taken. Furthermore, the strength, stiffness and deformation capacity
of masonry infills are very sensitive to quality control of the materials and
workmanship. To believe that it is possible to control "exactly” where inelas-
tic deformations can occur in a real building is too optimistic.

CONCLUDING REMARKS REGARDING THE USE QOF INFILLS IN THE SEISMIC-RESISTANT DESIGN

AND RETROFITTING QOF BUILDINGS

The evaluation of results and the observaticns made above were assessed re-
garding their implications to the design of new buildings and retrofitting of
existing ones. The implications arrived at are stated under conclusions. A more
detailed discussion is given in Ref. 4. It should be emphasized that most of
the evaluations have been made through approximate numerical analysis which have
been conducted to obtain tfends or guidelines and not to represent or to obtain
accurate predictions of actual behavior. Therefore, while the specific values
may be questioned, it is believed that the trends and guidelines, and subse-
quently the conclusions given below, are valid.

CONCLUSTIONS AND RECOMMENDATIONS

INTRODUCTORY REMARKS

Several observations and conclusions have been formulated in evaluating the
experimental results and the effects of infills in the design and retrofitting
of seismic £esistant buildings whose structural systems are based on moment re-
gisting space frames. In view of the relatively small amount of experimental
data on which these conclusions are based, and the idealizations, simplificaticns,
and assumptions made in the numerical analysis conducted, it is convenient to
clearly recognize the constraints surrounding the wvalidity of the conclusions so
tha£ they will not be misused. These limitaticons are summarized regarding the

following parameters:

1. Type of Frame. A specially designed R/C moment resisting space frame

of 3 bays and 1l stories.
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2. Type of Infills. Unreinforced and reinforced masenry units (hollow

and solid bricks, and concrete blocks) and lightweight reinforced concrete.

3. Quality Control of Materials. Although the masonry units used in con-

struction were carefully selected and the grout, mortar, and concrete carefully
designed, mixed, placed, and cured, considerable variations in the mechanical
characteristics of these materials were observed. The results indicated that
the behavior of the infill is very sensitive to variations in the gquality of
material and, therefore, good gquality contrcl of all material is a must for
infills, particularly masonry infills.

4. Workmanship. Some weaker, stiffer, and premature types of inelastic
behavior and pattern of cracking and/or crushing were attributed to lack of
uniform workmanship in laying the masonry units and in the anchorage of the in-
fill to the frame; thus excellent workmanship is required.

5. Infill Panel Arrangement. The two external bays of the 3 bay frames

were fully infilled, i.e., without any opening, and formed what could be

called a “"coupled infilled frame."

6. Type of Building Considered in the Assessment of the Implications of

Results Obtained. Regular buildings having a rectangular plan consisting of 11

frames of 3 bays and of 11 stories high where the frames are fully infilled, as
described in item 5, and the locations of these iﬂfilled frames are such that
no significant torsional forces are induced during the seismic response of the
building. The importance of this limitation cannot be overemphasized.

7. Idealization of the Actual Lateral Load-Deformation Relationships of

the Bare and Infilled Frames. The analytical assessment of the implications of

the experimental results regarding behavior of the building have been made ideali-
zing the actual experimental relationship by a linear elastic-perfectly plastic

model using different yielding strengths and ductility levels.
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8. Dynamic Characteristics of Building Site and of Ground Motions. It

is assumed that the building is on firm ground and a "rigid foundaticn" can be
constructed, and that all the ground motions that can occur have dynamic char-
acteristics similar to those included in the derivation of the smoothed linear
elastic and inelastic design response spectra suggested by Newmark and Hall [8]
and illustrated in Figs. 12 and 13. The importance of the limitations imposed
by these assumptions in conjunction with the idealization pointed out it item

7 should be emphasized, particularly where significant inelastic behavior is
involved in the response. The effects of ground motions containing severe accel-
eration pulses (high aep) of long duration should be investigated before the
conclusions from these results are applied to the design of new buildings and/or
to retrofitting of existing buildings. The interacting effects of the observed
significant deformation softening after reaching peak lateral resistance, with
long acceleration pulses input, can lead to deformation demands considerably
higher than those predicted by a linear elasti-perfectly plastic idealization. [7)

9. Reliability of the Analytical Results. In view of all the assumptions,

idealizations, and uncertainties involved in the conducted analyses, the numerical
values obtained should be considered as approximate and indicating trends, rather
than an exact representation of what can be expected in specific cases.
CONCLUSIONS

Conclusions Regarding Overall Behavior of the Infilled Specimen Tested.

1. The addition of either unreinforced or reinforced infill to moment
resisting frame increases significantly the lateral stiffness and lateral resis-
tance of the frame.

2. &As soon as cracking occurs, which happens very early, at service lateral
load level, the initial tangential lateral stiffness decreases significantly, up

to 80 percent, to a value that remains practically constant for a long range of
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lateral locad. To represent this behavior an effective interstory stiffness
at lateral service load has been defined.
3. The lateral stiffness and strength depends on the history of loading.

Under monotonically increasing load these two characteristics depend on the

type of infill, the highest being for the lightweight concrete and the lowest for
the brick. These characteristics do not depend upon how the panel is reinforced
but they are sensitive to the guality control of the materials and to how well
the infill is made, particularly to the workmanship along the interfaces of the
infills and the boundary frame elements,

4, Hysteretie behavior depends upon the type of infill, the amount and

arrangement of reinforcement, and the way that the panel is attached (anchored)

to the frame. The cyclic locading of unreinforced infills leads to considerable
deterioraticon in stiffness and strength when compared with the values cbserved
under monotenic loading. This deterioration is due to propagation of infill

damage that usually concentrates in one story. The peak strength under cyclic
loading, which is smaller than that obtained under monotonically increasing

load, deteriorates as the severity of deformation and number of cycles increases,
but remains somewhat larger than the strength of a frame witﬁ a éofg story corres-—
ponding to the story in which damage of the infill concentrates. Excellent hyster-
etlc behavior has been obtained with the use of salid brick masonry infills extern-
ally reinforced with welded wire fabric covered with cement mortar.

5. Although the interstory displacement ductility under peak strength is
small, about 2, large values are obtained under reduced strength. In the case of
s0lid brick externally reinforced with welded wire fabric, this ductility was
4.2 under 86% of the peak strength, and reéched the wvalue of 14 under 68% of
peak strength. |

6. Except for very few specimens (Specimen 18 and one reported in Ref. 6)

whose failure mechanisms involved two stories, in all other specimens the damage
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concentrates in one story, consequently the final mechanism of failure is
what can be defined as "a somewhat strengthened soft story frame." Thus the
energy dissipated by an infilled R/C frame should be larger than a bare soft
story frame.

7. PFailure of unreinforced masonry infills was accompanied by production
of substantial debris containing hazardously large pieces of masonry. The
amount of debris in reinforced infills was smaller and most was contained in
the plane of the infill, particularly in solid brick masonry reinforced extern-
ally with welded wire fabric,

8. The effective viscous damping coefficient of the virgin specimens is
smaller than 2 percent. As soon as cracking develops the value of this damping
coefficient increases up to 12 percent.

Conclusions from Comparison of Behaviors of Infilled Frames and Bare Frame

1. The initial tangential interstory lateral stiffness of the virgin in-
filled frames was more than 10 times the similar stiffness of the bare frame.

2. The effective interstory lateral stiffness of virgin infilled frames
was 5.3 to 11.7 times the lateral stiffness of the bare frame depending on the
type of infill, the smallest being for the c¢lay brick and the largest for the
lightweight concrete infill.

3. In case of repaired infills and retrofitting of repaired frames, the
effective interstory lateral stiffness of the infilled frame was at least 3.4
times that of the virgin bare frame.

4. The maximum lateral resistance of virgin infilled frames was 4.8 to
5.8 times that obtained for the hare frame. TFor cases of repaired infills and
retrofitting of repaired frames the maximum lateral resistance was 2.8 to 8.0
times that of the bare frame. The maximum increase has been obtained with light-
welght concrete infills and the minimum with clay bricks.

5. The interstory displacement ductility ratio of the infilled frame is

smaller than that of a bare frame but larger than that of a bare soft story
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frame. For what can be considered a maximum acceptable interstory drift index,
say 0.02 or even for values of this index up to 0.07, the hysteretic behavior
of the solid brick masonry externally reinforced with welded wire fabric was
superior (large energy absorption and energy dissipation capacities) to that
of the‘bare frame.

6. The addition of infills introduces significant changes in the dynamic
characteristic of the bare moment resisting frame. It modifies significantly the
periods, modes of vibration, and the damping of the specimens. In the linear
elastic range the fundamental period is decreased more than 54%, while the mass
is increased in not more than 10%. The effective viscous damping coefficient is
increased considerably, up to 500%. In the inelastic range the pattern of lateral
deformations changed fundamentally because most of the significant inelastic def-

ormations concentrate in one, or at the most, two stories.

Conclusions Drawn from Assessment of the Implication of Experimental Results

Obtained Regarding the Seismic Resistant Design of Buildings

1. The addition of infill into the moment resisting frames of a building
introduces significant changes in the dynamic characteristics of the building which
should be considered in its design. These changes depend upgn éheihumber of
frames that are infilled as well as the location of these frames.

2. The mass is increased, however, even when all the transverse frames of
the building under consideration (Fig, 1) are infilled; the increase with res-

pect to a bare frame building is only about 10%. This increase in mass has two

main effects. First, it induces a change in the period of the building which is
about 5%, therefore, it can be considered negligible in front of the uncertainties
which exist in estimating the values of other main parameters. Secondly, the
increase in mass increases directly the reactive mass, in 10% at the most, thus

it increases the inertia forces that are developed during the seismic response.

3. The stiffness of the building is increased significantly in

the case where all the frames are infilled, the increase varies from
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366% to 994%. TIf only four of the frames are infilled the increase wvaries
from 136% to 353%.

4. If the 11 frames are infilled the decreases in the fundamental period
varies from 54% to 70%. If only four frames are'infilled, the decrease varies
from 35% to 53%.

5. The value of the effective viscous damping ratio for the whole
building incrcases when compared with a bare frame structure and, therefore,

will result in a decrease in its seismic response.

6. Strength Supply. Addition of infills to the frames increases the

available (supplied) strength of the bare frame building significantly., If all
the 11 frames are infilled the lateral strength in the transverse direction of
the building is increased in 182% up to 700%, depending upon the type of infills.
In the case where only 4 of the 11 frames are infilled, the increase varies from
34% to 255%, The smallest increase corresponds to the unreinforced masonry in-
fills and the largest is produced by the reinforced lightweight concrete.

7. Strength Demands. For linear elastic behavior the addition of infills

to the bare frame increases the strength demands in 86% up to 141% when all the
frames are infilled, and in 56% to 141% when only 4 of the 11 frames are infilled.

8. Supplied Strength vs. Demanded Strength in the Case of Elastic Behavior.

From comparison of values given in the above conclusions 6 and 7, it can be con-
cluded that, except for cases of unreinforced infills in which only 4 of the 11
frames are infilled, the increase in supplied strength is larger than the increase

in the demanded strength, thus from the viewpoint of strength it is beneficial to

add infills.

9. Deformation Demands in the Case of Elastic Behavior. The addition of
the infills decreases the demands on maximum displacement with respect to that
corresponding to the bare frame building. The decreases vary from 56% to 85%
in cases where all the frames are infilled, and 33% to 60% in cases where only

4 of the 11 frames are infilled. This decrease in displacement demand is a
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significant advantage .in the use of infills.

10. From conclusions 8 and 9 it is obvious that if it is possible to
design the building to remain in the "elastic" range, then it is advantageous
to add any of the types of infills, even unreinforced masonry, if all the frames
are infilled and aep 5“0.12 g. In cases where only 4 of the 11 frames are
infilled, it is advantageous to add any type of infills reinforced with p » 0.4%
that have been considered in this study. While a bare frame building can resist
elastically ground motions similar to those considered in the derivation of the
response spectra of Fig. 12 with an effective peak acceleration of aep = 0.10 g,
the addition of infills of solid bricks reinforced externally with wire welded
fabric allows the building to resist an aep = 0.21 g, i.e., an increase in 110%
in intensity of ground motions if all the frames are infilled. If only 4 of the
11l frames are infilled it can resist an aepl= 0.14 g, i.e., an increase of 40%.
By infilling all the frames with reinforced lightweight concrete it is possible
to resist elastically ground motions with an aep < 0,32 g, which means that
they can be used in all the seismic regions of the U.S. except those classified
as area 7 in the ATC map area classification.

11. For buildings which can resist the extreme ground ﬁotion-éxpected at
the site through large inelastic deformations, the use of infills like that of
solid bricks reinforced externally with welded wire fabric offers/;onsiderable
advantage over the use of just bare frame. Because these infilled frames can

develop an interstory displacement ductility p_ = 4.2 with a reduction in strength

8
of only 14%, the building can resist ground motions with an aep % 0.44 g even if
only 4 of the 11 frames are infilled. To be able to resist a similar ground

motion the bare frame building will need to develop aua 2 5.6 with significantly
larger displacement, and consegquently more damage throughout the whole structure.

In the case of infilled frame the damage will concentrate in just one or two

stories.
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Conclusions Drawn from Assessment of the Implication of Experimental

Results Obtained Regarding the Repair and Retrofitting of Existing Buildings

1. For bare frames that haverbeen damaged {cracking and spalling of
unconfined concrete} due to considerable yielding, developing interstory dis-
placement ductility of four, the following repair technique gives gocd result:
removal of any crushed and loose concrete and recasting of it, and injecticn
of cracks with epoxy. |

2. Undamaged, or damaged bare frames after their repair, can be effectively
retrofitted for seismic resistant purposes by the addition of reinforced infills
that are properly attached (anchored) to the frame. Of all the infills studied,
the one that offers the greatest potential to retrofit stiffness, strength and
energy dissipation capacity to existing buildings is the one based on use of
solid bricks reinforced externally with welded wire fabric covered with cement

mortar and anchored tc the frame, as illustrated in Fig. 4.

RECOMMENDATIONE FOR FUTURE RESEARCH

1. To investigate further the behavior oﬁ masonry infills which are
externally reinforced with welded wire fabric and then covered with cement mortar
or concrete, The use of soft hollow bricks or concrete blocks and of the shot-
crete technique for applying the cover, should be studied.

2. New methods for attaching (anchoring) the infill panels to the frame in
the case of retrofitting these panels to existing bare frames, should be investi-
gated.

3, The values of the effective viscous damping ratio in bare frame and
infilled frame building should be studied. The variation of this ratio as damage
increases in the infills should also be investigated further.

4. Review the reliability of present analytical methods to predict strength,
stiffness, and deformation capacity (energy absorption and energy dissipation
capacities) of infilled frames and to develop new, simpler, and more reliable

methods.
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5, To conduct integrated analytical and experimental studies (using
earthguake simulators) on the seismic response of buildings with infilled frames
when they are subiected to different types of ground motions, partieunlarly %
those including severe acceleration pulses of long duration.
6. To study effects of partial infilling as well as infill with openings.
7. To investigate the feasibility of using infills for taller buildings
by studying ways of infilling (particularly the type of anchoraging) that will

permit the spread of significant inelastic deformations to more than cne story.
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p=, 6%
i3 L Cyclic Ho Panel ¥o Panel No Panel 12.4
14 5 Cyelie Split Brick Split Briek | Split Brick {T70.7 56.6%*
50° =0,L% 90° =0, L% 90° =047
1T 5,BL {Wonotonic | Sniit Brick Split Brick | Split Brick 41,3 LQ, 0%+
90° =047 90° =0.4% 20° =0.L¥
8 .01 Tyelic Split Brick Split Brick | Split Brick [57.3 55.8%#] ceriines
LEY =0.L% Lg® =0, 47 L5° =0, L7 Mephanisn
*3
*
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TABLE 2 MAXIMUM INTERSTORY LATERAL STIFFNESS OF TEST SPECIMENS

MAXIMUM INTERSTORY LATERAL STIFFNESS
TEST
SPECIMEN INITIAL TANGENT EFFECTIVE STIFFNESS RELATIVE
(K/in)}* AT SERVICE LOAD LEVEL, K STIFFNESS
3 & s
(K/in)# KI/be
1 1090 206 5.89
2 1090 236 6.74
3 585 212 6.06
b 920 187 5.3L
5 195 195 5.57
6 271 238 £.80
T T80 195 5.57
8 725 250 7.1k
9 103 60 1.71
10 990 358 10.23
11 1500 k09 11.69
12 Lok 167 £.77
13 178 176 5,03
1k 203 210 6.00
15 €5 35 1.00
16 1250 292(234) 8.34{6.69)%*
17 83k 118(9k) 3.37(2.6g)#*
18 960 203(162) 5.80(L,63)¥x
. 2.0 in
* - 13 ————
1 K/in = 0,175 KN/mm Factored by Z: in
TABLE 3 EFFECTS OF INFILLS ON THE PERICD, T, ..
OF THE PROTOTYPE BUILDING
DEGREE OF " UPPER BOUWD LOWER BOUND
CHANGES ALL 11 FRAMES ARE INFILLED ONLY & OF THE 11 FRAMES ARE INFILLED
INFILL INFILL
T s
AND TYPE AME MASS ADDS MASE SAME MASS ADDS MASS
™ - - -
OF TNFTLL Tig// T* in secs T{y// T%;// TS in secs Tii//
be'* for be {secs) be Tor| for be {secs) Tor
1.30 1.01 1.30 1.01
LOWEST
(Solid Brick 0.L6 0.60 0.46 0.hg 0.€5 0.8k 0.66 C.66
with WWF)
AVERAGE
(Hollow 0.k0 .52 0.40 0.h2 0.58 0.75 0.59 0.59
Massonry)
MIGHEST :
(Lightweight 0.30 0.39 0.30 0.32 0.4y 0.61 0.47 0.48
Concrete)
*be is the Period of the Prototype Building with Bare Frame Structure
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TABLE 4 EFFECTS OF INFILLS OF SUPFLIED MAXIMIM STRENGTH
OF THE FROQTUZYPE BUILDING, ”-:) e

CCMPARISON OF (vn)i ¢ WITH THE SUFPLTED MAXTMUM STRENGTH OF THE BUILDING BART FRAME
(v s
(v )., BASED ON THE MEASURED STRENGTH OF THE SPECDMENS, i.e., -L;—f BEING (vn){‘)f = 12.5 kips
- 5
“n)bf
UPPER BOUND LOWER BOLRD
ALL 11 FRAMES ARE INFILLED ONLY 4 OF 1l FRAMES 4RT INFILLED
TYPE OF INFILL s s s Inerease {7V 1S +k(v )F . Tnerease
AND Valie (vn)if/(vn)bf adie | of Strengtn 2}31‘___.“_5;11_ (Vodis {or strength
REINFORCEMENT {o 1n#)] (kips)* kips in ¢ ll(Vn)bf kips in %
UNREINFORCED | 0. Lower 35.3 z.82 6589 182 Highest 1.66 L1y 66
MASONRY Lowest 1.3h 3329 3k
0,15 Lower 39.0 3.1k 1722 21b Highest 1.78 L383 78
Lowest L.46 3596 kb
Lowest 46,7 3.74 g2h7 278 Highest 2,00 L3y 100
Lewest  1.68 4150 €8
' REI}‘?FORSEDE 0.60 [ Average 65.0 5.20 12870 k2o Highest 2.53 | 6295 153
HOLLOW MAZONEY Lowest 2.21 | 5468 121
Highest 83.0 6,64 1643k 56h Highest 3.05 7551 205
Lowest  2.73 676k 173
Lawest 5T7.3 ) 11345 358 Highest 2.30 5701 130
SOLID BRICK Lowest 1.39 491k o8
RETNFORCED 0.40 [Average63.1 5.05 12h4gh Los Highest 2,47 6118 147
WITH WWF Lowest 2.1} 5330 118
Hghest 70.7 5.65 13599 465 Highest 2.69 ABES 169
Lowest  2.37 5878 137
REINFORCED Lower 92.7 T.42 18335 6h2 Bigest 3.34 g2k9 23k
LIGHTWEIGHT 0.60 Lowest 3.02 Ths2 202
CONCRETE Higher 100.0 §.00 19800 700 Highest 3.95 8775 255
Lowest 3.23 7088 223
*] K= L. L5 KN
TABLE 5 INCREASE IN LINEAR FLASTIC SEISMIC FORCE DEMANDS, vif.,
DUE TC CONSIDERATICN OF INFILLS AS STRUCTURAL ELEMENTS
COMPARISCN OF vi;’ WITH SEISMIC FORCE DEMANDS
BASED ON THE BUILDING BARE FRAME STRUCTURE, Vh?’ AND FOR SAME MASS
DEGREES Tr UFPER BOUND LOWER ECUND
OF CHANCE [I, " ALL 11 FRAMES ARE INFILLED GNLY L OF THE 11 FRAMES ARE INFTLLED
I8 T, - D D - L
AND TYPE sees Tif'in secs Vin/vbi‘ Ing;e:se Tir in secs Vin / e Inz;e;se
OF INFILL ’ !
LOWEST 1.30 0.60 2,41 1Ly Q.84 1.56 56
(Solid Brick |[1.01 0 1.8 e 0,5 1.57 ST
with WWF)
AVFRAGE [|1.30 g.52 2.4 1 0.75 1.76 75
(Hollow ||1.01 0.40 1.66 T 5.5k 178 B8
Masonry)
HIGHEST {11.30 Q.39 2.4 b 0.61 2.1 141
{Lightweight [|1.01 g.30 1,86 “Ba TR 1.88 86
Concrete)
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TABLE 6 DECREASE IN LINEAR ELASTIC DISPLACEMENT DEMANDS, :Si?,
DUE TO CONSIDERATION OF INFILLS AS STRUCTURAL ELEMENTS

COMPARISGN OF Gi? WITH THE DISFLACEMENT DEMANDS
BASED ON THE BUILDING BARE FRAME STRUCTURE, Gb?_

®
DEGREES TPf UPFER BOUND LOWER BOUND
OF CHANGE <§ ALL 11 FRAMES ARE INFILLED ONLY b OF THE 11 FRAMES ARE INFILLED
IN T, AND] * . D // D ) D D
TYPE OF secs Tji,ll'l sees 6in 6bf‘ De;:e;se T]_i_ln secs 6in /6bi‘ De;;e;se
INFILLS
LOWEST 1.3¢ 0.50 0.Lk 56 0.8L 0.66 34
(8c1id Brick 1.01 0.46 0.3 (13 0.60 0.67 33
with WWF)
AVERAGE 1.30 0.52 0.3k4 66 0.75 0.60 Lo
{Hollow 1.01 0.540 0.2 76 0.5% 0.49 51
Masonry)
HIGHEST 1.30 0.39 0.18 8z 0.61 0,46 5L
(Lightweight 1.01 0.30 0.15 B85 G.47 0.50 60
Concrete)
(v )
TABLE 7 BUILDING SEISMIC RESISTANT COEFFICIENT, C = —2
AND EFFECTIVE PEAX ACCELERATION, Sep? THAT IT CAN RESIST ELASTICALLY
UPPER BOUND LOWER BOUND
TYPE OF INFILL ALT, 11 FRAMES ARE INFILLED ONLY 4 OF 11 FRAMES ARE INFILLED
AND
RETNFORCEMENT i . S
CEN (o inB. n c T a, /e vn c T a_ /g
{luips )* (secs) T (kips)* (secs) ] °F
NONE 2475 0.11 |1.30 0.10 } 2b7s5 0.1 [1.30 0.10
BARE FRAME '
UNREINFORCED 0.% 6989 0.30 |o.52 0.12 § 3329 0.14 jo.75 0.07
MASONRY (L)

REINFOTICED 0.15%| 7762 0.34 jo.52 0.13 | 3610 0.16 [ 0.75 0.08

HOLLOW (L)
MASONRY 0.6% 1?870 0.56 {0.52 0.22 § 5héd 0.2 [0.75 0.13
Av)

SCLID BRICK
REINFORCED 0.4% [1249h 0.5k 0.60 0.21 § 5330 0.23 [ 0.8k 0.14

WITH WWF (Av)

REINFORCED

LIGHTWEIGHT 0.6% 9107 0.83 ] 0.39 0.32 || 7735 0.33 | 0.61 0.17
CONCRETE (av)

*] kip = L.Lh5 KN
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APPENDIX ITI,

NOTATION

The following symbols are used in this paper:

U =
A =

Subscripts
bf =
ep =
I =
if =

rif =

uci =

vecl =

acceleration

lateral stiffness

length

mass

axial load

nurber of the story to the top
period

base shear strength

percentage of main reinforcing_steel
curvature

effective viscous damping ratio
ductility ratio

lateral displacement

bare frame

effective peak

interstory

infilled frame

reinforced infilled frame

scale

ultimate curvature at section i
yielding curvature at section i

displacement
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Superscripts

D = demands

m = model frame

P = prototype frame
S = specimen
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