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PREFACE

In 1971 the San Fernando earthquake in California
demonstrated the inadequacy of many highway bridges to withstand
the dynamic effects of seismic ground motion. The damage which
occured to bridges during this earthquake ranged from minor
spalling of concrete on some structures to partial or total
collapse of others. The repair cost for the freeway system was
estimated at that time to be about 15 million dollars. The total
cost was several times this number when the delays caused to
individual businesses and the inconvenience to the public are
also considered. Fortunately, there was no major threat to
public safety, due to disruption of the transportation network,
in this particular instance. However, this is a factor which
must be considered, in any seismic event, since the access of
emergency vehicles, to areas damaged by an earthquake, is vital.
In the event of fires or large numbers of injuries, any delays in
providing help can be disastrous.

The San Fernando earthquake represented a major turning
point, in the United States, in the development of seismic design
criteria for bridges. Considerable research has been performed
since then on the seismic evaluation and design of highway.
bridges by a number of different investigators. At the same
time, important research has also been performed in several other
countries, particularly Japan. Unfortunately, there has been a
serious lack of interaction between researchers in these
countries with very little exchange of ideas or findings. If
this research is to be of maximum value it must be properly
disseminated. The purpose of this publication is to bring
together into one volume a collection of papers prepared by
prominent researchers in the United States and Japans By reading
these papers it should be possible to quickly become familiar

--with the present status of bridge research in these two
countries. These papers have been obtained from two sources: the
Proceedings of the Joint Meetings of the United States-Japan
Cooperative Program on Natural Resources (UJNR) Panel on Wind and
Seismic Effects; and the Proceedings of the US-Japan Seminars on
the Repair and Retrofit of Structures.

The UJNR Panel Meetings are held yearly to discuss mutual
topics of interest, dealing with wind and seismic effects, and to
promote cooperative research efforts between the United States
and Japan. The meetings have been alternated between locations
in the United States and Japan, with the two most recent being
the 15th Joint Meeting, which was held at the Public Works
Research Institute in Tsukuba Japan in May 1983, and the 16th
Joint Meeting, which was held at the National Bureau of Standards
in Gaithersburg, Maryland in, May 1984. The delegates to the
meetings consist of the permanent panel members, who are
representatives of various government agencies, and temporary
members from both the academic and private industry sectors. A
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SEISMIC RESISTANT BRIDGE DESIGN IN CALIFORNIA

by
James H. Gates

Structural Mechanics Engineer
California Department of Transportation

Office of Structures Design

INTRODUCTION

The design of seismic resistant bridges in California made a
dramatic turn in February, 1971. The heavy damage in San
Fernando was unprecedented in the history of bridge design in
California (4). In fact California had seen less than $100,000
in earthquake damage to bridges in the 40 year history
preceeding 1971. This earthquake created an increased effort to
improve the evaluation and design of seismic resistant bridges.
A comprehensive program was started immediately to evaluate and
improve both the design specifications and details.

In 1973 a new criteria was implemented which considered the
fault activity in California and the soils at the bridge site as
well as the vibrational properties of the bridge itself (5,6).
The California Department of Transportation criteria departed
from the traditional seismic design criteria and presented for
the .first time:

• Site specific response spectra based on active
faults in the region.

• Specified reductions for ductility and risk.

• Modular arrangement of variables for future
adjustment.

In 1975, The California Department of Transportation criteria
was modified and adopted by American Association of State
Highway and Transportation Officials for national use in (8).

This paper will describe some of the developments in the design
of seismic resistant bridges in the period since 1975. In
addition to criteria developments, improved column and
foundation design procedures, improved retrofit analysis
procedures and the instrumentation of bridges for strong-motions
will be discussed.
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FACTORS CONSIDERED IN THE SEISMIC DESIGN CRITERIA

A primary requirement in the development of the criteria was to
permit future flexibility. The criteria must be easily modified
as new developments ~re made in earthquake engineering. Each
component of the criteria was designed to represent the
independent influence of a different discipline of earthquake
engineering. The folloWing factors, which affect the response
of a structure to seismic forces, are included in the criteria:

The location of the bridge in relation to active
faults.

The efffect of a maximum credible earthquake on an
active fault.

The dynamic responses of the bridge to the strong
ground motion.

The reduction in force level for ductility and
risk considerations.

The four componants of the criteria (A, R, Sand Z) are briefly
defined as follows:

A The peak rock acceleration,
determined from seismological studies
of fault activity and attentuation
data gathered from historic events.

R The acceleration spectra for rock
based on actual recorded data.

S The soil amplification factor, based
on both computer studies and actual
recorded data.

z The ductility and
factor; is based on
plus computed and
determined data.

risk reduction
observed damage

experimentally

The product of the first three factors CARS) results in an
elastic response spectra curve for the site that would result
from a maximum credible event on the closest fault.

Division by the factor Z, after the distribution of the ARS
forces, gives a design force for the portion of the structure
under consideration. The factor Z is component dependant, thus
the design force depends not only on the seismicity and site
conditions, but on the structural component being designed.
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RECENT CRITERIA DEVELOPMENTS

Recent criteria development for the design of seismic resistant
bridge structures has been dominated by the Applied Technology
Council project ATC-6. (13) This project, funded by the Federal
Highway Administration and the National Science Foundation, was
started in 1977 and was completed in 1981. The guidelines were
developed to be applied the United States on a national basis
and are the composite recommendations of a team of nationally
recognized experts, composed of consulting engineers, university
personnel, state bridge engineers and Federal representatives
from throughout the United States. The guidelines contain
several new concepts which are significant departures from
previous design provisions :

• Four seismic performance categories are defined on the basis
of expected acceleration levels at the bridge site,
determined from a previously developed map (14).

• Different degrees of complexit¥ and sophistication of
seismic analysis and design are specified for each of the
four seismic performance categories.

• Uncertainty in the direction of loading is accounted for by
combining loads in two orthogonal directions by adding 30%
of one direction loading to 100% of the loads in the other
direction.

• Column spiral reinforcement in plastic hinge zones is
specified based on work in New Zealand by the University of
Canterbury (11).

• Bridge bent analysis is performed by the distribution of
overstrength plastic moments in the bent.

The' ATC-6 Seismic Design Guidelines (13), have been adopted by
the American Association of State Highway and Transportation
Officials as a guide specification, effective 1 March 1983. The
guide specification may be utilized in lieu of the current
American Association of State Highway and Transportation
Officials Design Specifications for Highway Bridges for the
seismic design of highway bridges 1n all parts of the United
States and Puerto Rico.

The current California Department of Transportation seismic
bridge criteria (1), is generally a modification of the Applied
Technology recommendation (13). The California Department of
Transportation has incorporated the reinforced concrete portions
(including the distribution of plastic hinge moments) into their
criteria but are retaining the seismic force level philosophy
from previous versions of their criteria (5,6).
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CALIFORNIA DEPARTMENT OF TRANSPORTATION FOUNDATION DESIGN
---------------------------------------------------------
Both the ATC-6 criteria (13) and the current California
Department of Transportation criteria (1) require the
foundations to be designed to carry the plastic moment developed
in the column. This moment is increased from the nominal value
to obtain a realistic value for the actual moment qeveloped.

The following excerpts from the California Department of
Transportation criteria (1), show the. major specifications
utilized in the seismic design of the foundations.

EXCERPTS FROM SPECIFICATIONS (1)

1.2.20 - SEISMIC FORCES

•• (F) Seismic Design of Bent and Pier Foundations.

Bent or pier foundations should be designed for the
lesser of forces resulting rrom the seismic plastic
hinging (Article 1.2.20(G~) or dead loads plus
elastic ARS EQ forces. (Elastic ARS forces are
unreduced for ductility and risk.)

Ultimate soil or pile capacity shall be used for
resisting seismic foundation loads.

• • ( G) • • • ( 1) Mo men t

The column moment shall be the probable plastic
moment as specified in Article 1.5.33(0).

1.4.6 - FOOTINGS

.• (A) ••••.• Bent and Pier footings shall be designed by the
Load Factor design method •

•• (0) (3) For Load Factor Design the strength reduction
factor, ¢, shall be as follows:

Group Loads I through VI Group VII (Seismic)

Soil bearing pressure
Pile capacity

r/J :: 0.50
9 :: 0.75

¢. = 1.00
~ = 1.00

•• (G) (5) The minimum top flexural reinforcement for bent or
pier footings shall be the greater of one half the
bottom flexural reinforcement or 96 at 12 in each
direction.
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.• (H) ••• The mlnlmum shear reinforcement for column footings
shall be vertical #5 bars at 12 inch spacing in each
direction in a band between "d" of the footing from the
column surface and 6 inches maximum from the column
reinforcement. Shear bars shall be hooked around the
top and bottom flexure reinforement in the footing •

•• (J) (7) The (column) bars shall be terminated in the footings
with a standard hook. Lap splices shall not be used.

1.5.33 - COMPRESSION MEMBERS WITH OR WITHOUT FLEXURE

.. (0) Probable Plastic Moment

The probable plastic moment is defined as the maximum
moment which can be expected to actually develop in a
well confined column section at yield.

For well confined sections with axial loads below Pb
(P Balance) the probable plastic moment may be assumed
to be 1.3 times the nominal moment. For loads above Pb,
a more detailed anlaysis shall 'be performed.

SEISMIC RETROFIT OF BRIDGES

Current activities in the United States are two-fold. The
California Department of Transportation has, since 1971 been
involved in the retrofit of existing highway bridges. On a
national level, the Federal Highway Administration is currently
funding a research project with the Applied Technlogy Council to
develop retrofit guidelines for bridges on a nationwide basis.

The California retrofit program began almost immediately after
the 1971 San Fernando Earthquake. Projects which were under
construction were modified where possible by contract change
order to meet increased seismic requirements. This effort was
extended to include bridges in the design phase.

The California Department of Transportation has identified about
1250 bridges (out of about 13,000) which are primarily deficient
in seat width. These unrestrained joints represent the prime
focus of the Departments retrofit program. To date about 750 of
these bridges have been retrofit at a cost of $27.5 million.
Current budget allocations will permit completion of all 1250
bridges by 1990 at a total cost of $60 million.

The average California retrofit project consists of the addition
of steel restrainer cables at hinge and expansion joints to
prevent spans from collapsing (3). It is expected that the
potential for collapse can be minimized even though extensive
damage is experienced.
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The California design details for restrainer units have evolved
to the point where reliable and economical systems are
performing satisfactorily under service conditons in the field,
athough none have yet been tested by an actual earthquake.

Selection of structures for retrofit in California is currently
based on a priority system (9). This system takes into account
the expected accelerations at the site, the estimated cost to
retrofit the structure, the cost of replacement in the event of
loss, the length and availability of d~tours and the average
daily traffic as well as other factors which reflect the
importance of the bridge in the transportation system.

The Applied Technology Council retrofit project (ATC 6=2) is
expected to be completed in 1983. The project objectives are to

.review the current retrofit methodologies being used worldwide
and draft a set of guidelines for the retrofit of United States
bridges. The project has defined the following scope:

• Provide a preliminary screening process for the initial
selection of bridges to be retrofit.

• Provide a methodology to evaluate the seismic capacity of
existing bridges.

• Provide a subjective criteria for the determination of
retrofit details for existing bridges.

• Present examples of various retrofit measures.

SIMPLIFIED RETROFIT ANALYSIS

Current retrofit development in California is aimed at
simplfying the analysis procedures to determine failure modes
and retrofit requirements.

California has been developing a simplified restrainer analysis
procedure which attempts to consider many of the non-linear
features of multi-hinged bridges, such as expansion joint gaps
and the impacting of the superstructure against the abutment
fill. The procedure described on the following page describes a
tentative analysis procedure which appears to have merit. The
procedure is currently being tested on actual designs and should
be formally implemented into the California design process in
the very near future.
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TENATIVE CALIFORNIA LONGITUDINAL RESTRAINER ANALYSIS PROCEDURE
--------------------------------------------------------------
1. Compute the maximum permissible restrainer deflection and

compare with available seat width to verify seat capacity.

2. Assuming an unrestrained condition, compute the longitudinal
seismic deflections of the superstructure moving away from
the joint.

3. Determine the number of restrainers required to reduce the
smallest superstructure deflection (from step 2) to the
permissible restrainer deflect~on (from step 1).

4. Verify the deflections of the restrained system and revise
the restrainer and/or column assumptions if required.

5. Repeat steps 1
deflection is
deflection.

to 4
equal

if necessary until the restrained
to the permissible restrainer

Simplified Restrainer Analysis -- Notes and Assumptions

• Assume one end of the restrainer is fixed and the mass of
the superstructure is moving away from the joint.

• Two separate analyses are required to evaluate the
restrainers at a particular joint, one for the
superstructure on each side of the joint. The
superstructure is assumed to be moving longitudinally away
from the joint. Usually the lighter of the two
superstructures will be the governing analysis, but if one
segment is heavier and significantly stiffer it may require
fewer restrainers. In this case the analysis which requires
the fewer number of restrainers will govern.

• The longitudinal stiffness of the structure/restrainer
system is computed by mobilizing the longitudinal -stiffness
of no more than one adjacent superstructure segment in
addition to the longitUdinal stiffness of the portion of
superstructure under consideration.

• Consideration should be given to gaps in the system and a
reduced stiffness assumed .to model this effect.

• The stiffness of abutment soils should be considered if it
is expected that the abutment can be mobilized as the
superstructu~e moves toward the abutment.
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AMBIENT VIBRATION TESTING OF BRIDGES

The Federal Highway Administration funded a 3.5 year research
project (7), which was completed by The California Department of
Transportation in 1982. The project recorded vibrational data
on 57 typical bridges and compared these results with current
elastic analysis procedures. This was the first time such a
large sample of data was gathered for bridges.

This study was aimed primarily at obtaining a large amount of
basic data on typical California bridges and correlating that
with the current computer models being used by California bridge
designers. All bridges currently instrumented to record
strong-motions were included in this study.

System identification techniques were utilized to determine
superstructure properties and boundry conditions for three of
the bridges instrumented for strong-motions.

The bridges in this study were excited by wind and traffic with
the maximum velocity on the structure in the range of 0.0001 
0.01 in/sec. Application of the results to seismic analysis
must be made with care because of the non-linearity of the
bridge foundations.

SIGNIFICANT RESULTS

• The approximate fundamental frequency of an average bridge
may be be estimated using the charts presented in the
report.

• For reinforced concrete bridges the moments of inertia of
the superstructure were determined to vary as follows:

IX (Torsion) --------- Equal to the gross value.
IZ (Normal Bending) -- 40-60% of the gross value.
IY (Transv. Bending) - 60-80% of the gross value.

• For prestres~ed concrete bridges the moments of inertia of
the superstructure were determined to vary as follows:

IX (Torsion) --------- 200% of the gross value.
IZ (Normal Bending) -- 120-140~ of the gross value~

IY (Transv. Bending) - 100-120~ of the gross value.

• The stiffness of skewed supports was not affected by the
skew. The effect of increasing the stiffness of skewed
column members to model out-of-plane bending was not seen.
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STRONG MOTION INSTRUMENTATION

The California Department of Conservation, Division of Mines and
Geology has been involved in the development of data on the
characteristics of earthquake-generated strong motions for about
ten years. A legislative statute brought the Division's Strong
Motion Instrumentation Program into being on January 1, 1972.
This statute gave the Division the role of procuring and
installing strong motion instruments on representative
structures (including bridges) and in various geologic
environments throughout the state. The Statute has since been
expanded (January 1, 1977), to mandate the instrument
maintenance and record processing. The Division has been
collecting data and archiving records since September 1976.

Funding for the California Strong Motion Instrumentation Program
comes from a tax on building permits and currently amounts to
about $750,000 annually.

Current instrumentation consists o~ approximately 300 ground
response stations, 56 building stations, 21 dam stations, 4
bridge stations and 1 tunnel station.

A catalog of strong
Motion Instrumentation
available.

motion records
Program up to

recovered by the Strong
January, 1982 (2), is

Three California bridges are currently instrumented under the
program:

Meloland Road Overcrossing (E1 Centro area)

Route 154/101 Separation (Hollister area)

Painter Street Overcrossing (Eureka area)

Yincent Thomas Suspension Bridge (Los Angeles area)

The Meloland Road Overcrossing is a 2 span continuous reinforced
concrete bridge over Interstate Route 8 located about 0.5 km
southwest of the Imperial fault. The bridge is currently
instrumented (5/83) to record 26 channels of data including 3
ground locations. (10, 12) The bridge was undamaged in the 15
Oct 79 Imperial earthquake but accelerations up to 0.5g were
recorded on the bridge.

The following page contains information about the data recorded
at the Meloland Road Overcrossing.
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SIGNIFICANT RECORDS RECORDED AT MELOLAND RD. OC from (2)

TRIGGER
DATE

16 Mar 79
16 Mar 79
unknown
unknown

13 Oct 79
13 Oct 79
15 Oc t 79
15 Oct 79
15 Oc t 79
15 Oct 79
15 Oct 79

"15 Oct 79
15 Oct 79
15 Oct 79
14 Jan 80
14 Jan 80
14 Jun 80
14 Jun 80
01 Aug 80
01 Aug 80
03 Nov 80
03 Nov 80
05 Jun 81

D M G
RECORD NUMBER

01336-C0164-79166.01
01336-C0165-79166.01
01336-C0164-79290.01
01336-C0165-79290.01
01336-C0164-79290.03
01336-C0165-79290.03
01336-C0164-79290.04
01336-C0165-79290.04
01336-C0164-79290.05
01336-C0165-79290.05
01336-C0164-79290.06
01336-C0165-79290.06
01336-C0164-79290.07
01336-C0165-79290.07
01336-C0164-80015.03
01336-C0165-80015.03
01336-C0164-80281.01
01336-C0165-80281.01
01336-C0164-80281.03
01336-C0165-80281.03
01336-C0164-81117.01
01336-C0165-81117.01
01336-C0165-81322.01

Max Ace (g)
(On Structure)

<.05
• 12

<.05
• 18

(.05
.08
.50
.50
.10
.05
.05
.09
.09
.05

(.05
.17

<'05
.13

<.05
.20

<.05
."22
.15

Max Ace (g)
(On Ground)

<.05
<.05
<.05
<.05
<'05
<.05

.44

.38

.09

.09
<.05
<.05
<.05
COS
<.05
<.05
<.05
<.05
<.05
<.05
<.05
<.05
<.05

Notes-- Records COt64 and C0165 are 13 Channels each, they are
tied together with common time and common trigger. A
few instrument stalls occurred on the C0164 record
during the 15 Oct 79 earthquake.

Magnetic tape and microfiche copies of the data
recorded from the 15 Oct 79 Imperial Valley Earthquake
are available for reproduction and handling costs.

Send to:

" California Division of Mines and Geology
Office of Strong Motion Studies
2811 '0 I Street
Sacramento, CA 95816
USA
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FUTURE NEEDS AND DEVELOPMENTS

Design and Criteria

There is an increasing need for a simplified design technique
for small bridges. Bridges in which the abutments play an
important role in the response of the overall structure. The
small two and three span bridge makes up about 75 to 80
percent of the total worldwide inventory of bridges. The
development of both simplified design techniques and
standardized, reliable abutment and bent. details could greatly
reduce earthquake damage in high seismic zones.

A unified criteria appears to be somewhat a reality, but there
are a lot of unknowns and speculations in current versions.
The non-linear effects of both the soils and the plastic
hinging in columns should be explicitly addressed in the
criteria rather than built in implicitly.

Retrofit

As bridges are being retrofit around the world to improve
their seismic resistance, there is an increasing need to
establish a data bank of retrofit case histories. This data
could include information about any tests which were performed
on the bridge as well as the costs of the retrofit.

Methods to evaluate the seismic resistance of existing bridges
taking into consideration their age, structural configuration
and vulnerable details need to be developed in order to
facilitate the inventory of the thousands of existing bridges
located on highly seismic areas.

Reiearch and Testing

Full-scale testing is probably the only way to definitely
answer questions about the ability of critical portions of the
bridge to withstand heavy seismic attack. There is an urgent
need to pool research money from a number of sources and
develop a full-scale testing facility which can test a number
of complete bridges to destruction. Even retrofit techniques
could be evaluated at such a facility.

Better definition of the ground motions and force levels close
to faults is needed to permit a more reliable estimation of
the overall structural response.

The amount of out-of-phase displacement present over distances
comparable to the length of a long bridge is currently
unknown. Even more important is the design problem of dealing
with these displacements once they become known.
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ABSTRAcr

This paper briefly discusses the history of seismic design provisions for highway

bridges in Japan, and introduces the new specifications (Japan Road Association, 1980) for

earthquake-resistant highway bridge design.
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INTRODUCTION

Since the Kanto Earthquake of 1923 Japan has experienced a number of severe

earthquakes, and the incidence of damage to highway bridges is considerable. Stemming from

the damage caused by the Kanto Earthquake, seismic forces were first taken into account in

highway bridges design in 1926. The seismic coefficient method in the practical design of

structures was developed and introduced at that time. After experiencing severe damage

during consecutive strong earthquakes, seismic regulations were reviewed and amended several

times. In view of the damage caused by the Niigata Earthquake of 1964 the amended specifi

cations for earthquake-resistant design of highway bridges were issued in 1971 by the Japan

Road Association. Much work has been done to establish more rational seismic criteria for

highway bridges. This includes recent advancements in earthquake engineering associated

with bridges, the damage experience due to' the Miyagi-ken-oki Earthquake of 1978, and the

new specifications which were completed in March, 1980. This paper briefly describes the

history of highway bridge seismic design codes in Japan, and introduces the new specifica

tions (JRA, 1980) for highway bridge seismic design.

HISTORY OF EARTHQUAKE RESISTANT DESIGN PROVISIONS FOR HIGHWAY BRIDGES IN JAPAN

The Ministry of Home Affairs stipulated, in 1926, the "Specifications for Design of

Road," which are parts of the "Road Laws." In the specifications, seismic forces were

first taken into account in the design of highway bridges, since several highway bridges

sustained substantial damage 'during the 1923 Kanto Earthquake. The specifications provided

that highway bridges be designed using the seismic coefficient method, in which horizontal

seismic coefficients were taken from 0.1 to 0.4. The values of the coefficients were depen

dent on areas and ground conditions. For bridges to be constructed in Tokyo and Yokohama,

seismic coefficients of 0.3 or more were recommended. This seems due to the substantial

damage to bridge structures in the areas during the Kanto Earthquake.

The Ministry of Home Affairs issued, in 1939, "Specifications for Design of Steel

Highways," which took place of the earlier specifications. The new ones stipulated both a

horizontal coefficient of 0.2 and a vertical coefficient of 0.1.

The specifications were revised again in 1964 by the Japan Road Association, with a

commission from the Ministry of Construction. The revised specifications specified that
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both a horizontal coefficient of 0.1 to 0.35 depending on areas and ground conditions, and

a vertical coefficient of 0.1 shall be considered in the aseismic design.

In view of extensive damage to bridge structures from the 1964 Niigata Earthquake, the

Japan Road Association, also with a commission from the Ministry of Construction, drew up

in January 1971, comprehensive specifications [1,2] exclusively for earthquake-resistant

design of highway bridges. In the 1971 specifications, two methods are provided for a seis

mic design. One is the conventional seismic coefficient method for rigid structures, where

the horizontal coefficient ranges between 0.1 and 0.24 depending on areas, ground conditions,

and importance. The other is the modified seismic coefficient which considers structural

responses for comparatively flexible .structures, where horizontal seismic coefficients vary

from 0.05 to 0.3 depending on fundamental natural periods in addition to the three factors

above.

During these years after the 1971 specifications were issued, technological

advancements in bridge engineering and earthquake engineering have been remarkable. Espe

cially comprehensive research works were executed in the New Aseismic Technology Develop

ment Project of the Ministry of Construction from 1972 through 1976. The results of the

investigations achieved in this project were put into a unified form of provisions on earth

quake resistant design for civil engineering structures and building structures, and "A

Proposal for Earthquake Resistant Design Methods," was issued by the Ministry of Construc

tion in March, 1977 [3,4]. Also, the Miyagi-ken-oki Earthquake of June 12, 1978 caused

extensive damage to numerous bridges [5]. In view of the results of the above investiga

tions and the damage features, the Japan Road Association amended the 1971 specifications

and stipulated, in March 1980, new specifications for earthquake resistant design of highway

bridges [6]. The new specifications became a part of "Specifications of Highway Bridges,"

which consist of five parts, Part I General Specifications (1972), Part II Steel Bridges

(1972), Part III Concrete Bridges (1977), Part IV Substructures (1980), and Part V Earth-

quake Resistant Design. The new specifications (Fart V Earthquake Resistant Design) will

be outlined below. [6,7,8]

Further, characteristic criteria was proposed, between 1966 and 1968, tentatively for

the aseismic design of highway bridges relating to specific projects administrated by the

Japan Highway Public Corporation (JHPC), the Metropolitan Expressway Public Corporation

(MEPC), the Hanshin Expressway Public Corporation (REPe) and the Honsyu Shikoku Bridge
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Authority (HSBA). The Japanese National Railways (JNR) stipulated in 1968, and revised in

1979, its own criteria for aseismic design of railway bridges.

Table 1 lists briefly this history of design loads (primarily seismic loads) for

highway bridges in Japan. [9)

NEW SPECIFICATIONS (JRA-1980)

Outline

Efforts to revise the 1971 specifications into the form of Part V. of the

Specifications for Highway Bridges have been underway by the Earthquake Resistant Design

Subcommittee from 1977 to 1980, and the new specifications were issued in April. 1980. The

contents of the new specifications are presented in Table 2. They apply to the design of

highway bridges with span lengths not longer than 200 meters.

The specifications basically stipulate using seismic coefficient methods and provide

two methods in determining design seismic coefficients. One is the conventional seismic

coefficient method that applies to the design of relatively rigid structures. The other is

the modified seismic coefficient method which considers structural respQnses that apply to

the .design of relatively flexible structures. Provisions on seismic motions in dynamic

analysis, and seismic coefficient in ductility analysis, were newly introduced.

The principal features and improvements of the design methodology in the new

specifications are described as follows:

Seismic Coefficient Method

(1) In the seismic coefficient method for relatively rigid structures, the horizontal

design seismic coefficient (kh) shall be determined by

(1)

where kh ~ horizontal design seismic coefficient,

ko • standard horizontal design seismic coefficient (a 0.2),

VI • seismic zone factor,

v2 • ground condition factor,

v3 • importance factor.
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The values of v1' vZ. and v3 are shown in Tables 3, 4 and 5, respectively. The minimum

values of kh shall be taken as 0.1.

(2) The vertical design seismic coefficient may generally be considered as zero,

except for special portions. such as bearing supports.

(3) The horizontal design seismic coefficient for structural parts, soils, and water

below the ground surface may be considered as zero.

(4) Hydrodynamic pressures and earth pressures during earthquakes are specified in the

specifications.

(5) Special attention is paid to very soft soil layers and soil layers vulnerable to

liquefaction during earthquakes. The bearing capacities of these layers were either

decreased or neglected in the design, in order to assure high earthquake-resistance for

structures that are built in these layers.

(6) Special attention is also paid to the design of structural details, because of

damage preViously experienced on bridge structures. Provisions are specified for bearing

supports and devices to prevent bridge girders from falling.

(7) Increases in allowable stresses of materials may be considered in the

earthquake-resistant design, magnitudes of increases for various materials are specified

in several related specifications.

The increasing rates are as follows:

concrete in reinforced concrete structures: 50%

reinforcements in reinforced concrete structures: 50%

structural steel for superstructures: 70%

structural steel for substructures: 50%

concrete in prestressed concrete structures subjected

to compressive forces:

foundation 80ils:

Seismic Zoning Map

The newly developed seismic zoning map illustrated in Figure 1 was adopted. The map is

based on the Proposal for Earthquake Resistant Design Methods [3,4} is intended to unify

seismic zoning maps currently applied to civil engineering structures and buildings. Slight

modifications were introduced to the proposed original map out of administrative considera-
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tions. The values of vI' are 1.0. 0.85 and 0.7 for A, B, and C zones, respectively, as

shown in Table 3.

Classification of Ground Conditions

In the previous specifications. the classification of ground conditions was determined

in accordance with geological conditions. However. since subsurface ground responses during

earthquakes would generally be more largely affected by the predominant period of the ground,

it is considered more reasonable to classify grounds into groups in terms of the period of

the ground. Consequently in the new specifications, the ground conditions are classified

into four groups according to Table 4, in which the characteristic value of ground, Tg • is

stipulated to be principally calculated by the following equation:

(2)

where Tg • Characteristic value of ground (second)

Hi • Thickness of i-th subsoil layer (m)

Vsi • Shear wave velocity of i-th subsoil layer at low strain (around 10-4 percent)

As for shear wave velocities, it is recommended that it be directly measured through

site investigation. Shear wave velocities may be assumed from N-values of standard penetra-

tion tests by

100 N1/3 (1 ~ N ~ 25) for cohesive soils
80 N1/3 (1 ~ N ~ 50) for sandy soils

The baserock for calculation of Eq. (2) is stipulated to take on the soil layer that

has a shear wave velocity at low strain equal to 280 m/sec or higher and is not underlaid

by materials having significantly lower shear wave velocities.

(3)

The characteristic value Tg implies a natural period of subsurface ground at low strain

levels. The classification of Tg shown in Table 3 was proposed from numerical seismic analy=

sea of variousty'pes of subsurface grounds. Such analyses revealed that the natural period

Ts of subsurface ground at high strain levels which would be expected to occur during strong

earthquakes can be approximately obtained by the folloWing equation.

(4)
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It was also found that ground conditions could be adequately classified into four

groups by taking Ts as Ts < 0.25 seconds, 0.25 , Ts < 0.5 seconds; 0.5 < Ts < 0.75 seconds

and Ts ) 0.75 seconds. The characteristic values Tg presented in Table 4 were thus obtained

by substituting the above mentioned Ts into Eq. (4).

Figure 2 is one of representative results of analyses showing a re1ation~hip between the

characteristic values Tg and the thickness of soil deposits. It is apparent from the result

that the classification of ground conditions determined by the characteristic value Tg as

shown in Table 4 can also be approximately estimated by the thicknesses of alluvial and

di1uvia1 layers. It is therefore recommended to use this relation to classify the ground

condition when Tg cannot be obtained.

Figure 3 shows a comparison of the ground classifications which were provided in the

1971 specifications and in the new specifications. It is understood from the results that

some ground areas which are evaluated as Groups 1 and 2 in the current specifications turn

into Groups 2 and 3, respectively, in the new specifications.

Liquefaction of Sandy Soil Layers

In the 1971 specifications, it was stipulated that saturated sandy soil layers that are

within 10 meters of the actual ground surface, and that have a standard penetration test

N-va1ue less than 10, a coefficient of uniformity less than 6, and also a D20-value on

the grain size accumulation curve between 0.04 rom and 0.5 mm, shall have a high potential

for liquefaction during earthquakes, and that bearing capacities of these layers shall be

neglected in design.

After the Niigata Earthquake, comprehensive studies were conducted to assess the

vulnerability of saturated sandy soils. Based on these studies, the provisions for lique-

faction are improved in the new specifications as follows:

(1) Sandy Soil Layers Needed to be Checked for Liquefaction -- Saturated alluvial

sandy layers which have a water table within 10 meters from the ground surface, and have

DSo-va1ues on the grain size accumulation curve between 0.02 and 2.0 mm, are vulnerable to

liquefaction for the depth between 0 and 20 m, and liquefaction potential of these layers

shall be estimated according to item (2).
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(2) Estimation of Liquefaction -- For those soil layers which are judged to be

vulnerable for liquefaction, liquefaction potential shall be checked based on liquefaction

resistance factor, FL, defined by the following equation.

(5)

where FL ~ liquefaction resistance factor

R • resistance of soil elements to dynamic loads, and

(6)

Rl and R2 shall be determined in accordance with Figures 6 and 7, respectively.

L - dynamic loads to soil elements induced by earthquake motion

rd - 1.0 - 0.015z

z • depth from the actual ground surface (m)

(7)

(8)

ks • seismic coefficient for evaluation of liquefaction, and shall be determined by

the following equation:

(9)

Vl,v2,v3 • seismic zone factor, ground condition factor, and importance factor, provided

in Tables 3, 4 and 5, respectively.

kso • 0.15

• total overburden pressure (kg/cm2)

• effective overburden pressure at the static condition (kg/cm2)

Soil layers having a liquefaction resistance factor FL smaller than 1.0 shall be judged

to liquefy during earthquakes. Figures 4 and 5 are graphic illustrations of the first term

Rl and the second term RZ represented in the following equations. which were proposed based

upon the results of laboratory dynamic triaxial tests on soil specimens taken from several

sites 1n Japan [10,11].
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(0.02 mm ~ D50 ~ 0.05 mm)

(0.05 mm < DSO ~ 0.6 mm)

(0.6 mm < DSO ~ 2.0 mm)

(3) Treatment of Soil Lavers which were Judged to Liquefy -- For those soil layers

which are judged to liquefy by the above estimation and are within 20 meters of the actual

ground surface, bearing capacities and other soil constants' shall be either neglected or

reduced in the seismic design by multiplying the original bearing capacities by reduction

factors DE which are determined in accordance with FL-values and tabulated in Table 6.

Modified Seismic Coefficient Method

In the 1971 specifications, the modified seismic coefficient method was provided to

apply to bridges which have flexible piers and fundamental periods longer than 0.5 seconds,

such as those with piers taller than 25 meters above the ground surface." Accounting for

seismic responses, magnification factors (a) for the modified seismic coefficient method

were stipulated. However, it has been pointed out that fundamental natural periods some-

times exceed 0.5 seconds even for those bridges with piers lower than 25 meters above the

ground surface. Using experimental data on the relationship between fundamental natural

periods and pier heights, it is modified in the new specifications so that the modified

seismic coefficient method shall apply to bridges which have flexible piers and long funda-

mental periods, such as those with piers higher than 15 meters above the ground surface.

In addition to the above change, the following two modifications were also introduced:

(1) The magnification factors (a) are modified as shown in Table 7 and Figure 6 so as

to avoid a sudden change of a-value at a period of 0.5 seconds.

(2) In the 1971 specifications, the effects of subsoil conditions were not considered

in estimating fundamental natural periods. Since the effects of subsoils would be predomi-

nant in calculating fundamental natural periods, especially for bridges with short piers,

it is stipulated in the new specifications that the effects of subsoils shall be taken into

account for those bridges which are constructed in the soft ground. It is recommended that

the fundamental natural period for the individual system consisting or each substructure
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and the part of superstructures $upported by it be estimated using the following

equation.

T 2.01 f,5 (11)

where T : Fundamental natural period in seconds of the system consisting of a substructure

and the section of the superstructures supported by it.

o : Maximum horizontal displacement (in meters) of the pier when subjected to the dead

weight of the section of superstructure supported by the substructure and also to

80 percent of the dead weight of the substructure above the ground surface assumed

in earthquake resistant design.

Seismic Motions in Dynamic Analysis

In the 1971 specifications, it is stipulated that dynamic earthquake response analyses

shall be adopted for those bridges for which detailed investigations are required. In the

new specifications, an article is introduced concerning the seismic motions to be utilized

in dynamic response analyses. The principal provisions are as follows:

(1) Dynamic response analyses may apply to those bridges which are designed either by

the seismic coefficient method or the modified seismic coefficient method, in order to

investigate precisely the earthquake resistivity of bridges in terms of ductilities and

maximum bearing capabilities. Dynamic analyses are needed for those bridges having struc

tural systems which are significantly different from those assumed in the seismic coeffi

cient method or the modified seismic coefficient method, those bridges having new structural

types for which the experience of damage accumulated from past earthquakes cannot be ade

quately extended, those bridges which are constructed on extremely soft soil deposits and

are expected to deform considerably during earthquakes, and those bridges for which detailed

investigations on requirements of ductility of structures are needed.

(2) Two types of dynamic earthquake r~sponse analyses, i.e., response spectrum

analyses and time history analyses can be used.

(3) Input motions used for the time history analyses shall be selected from

strong-motion acceleration records which consider the dynamic characteristics of bridges

--and the characteristics of the records.
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In determining input seismic motions. two procedures are proposed. One is to estimate

expected intensities at the side based on the life-time of the bridge and the recurrence

period of earthquake events. Another procedure is to estimate the expected ground motions

by assuming the locations and the magnitudes of specific earthquakes around the site. In

the second. ground motions can be evaluated either by the theory of seismic gaps or the

statistics of the past historical earthquakes. It is also recommended that the input seis

mic motions be selected according to the objectives of the earthquake response analyses.

It states that bridges shall maintain their functions for those motions which are expected

to occur two or three times during the bridge lifetime. and they shall survive those motions

which are expected to occur once. or rarely, at the site.

(4) In utilizing seismic ground motions recorded on soft soil deposits which have

appreciably different ground conditions compared to those at a planned construction site.

it is recommended such effects be taken into account in the analyses. For such purposes,

earthquake response analyses based on the baserock motions are recommended.

(5) Input earthquake response spectra used for the response spectrum analyses shall be

determined using the response spectra calculated from strong-motion accelerations. In an

appendix to the new specifications. the results of statistical analyses of strong-motion

acceleration records are presented. Some of the representative earthquake response spectra

and relations between maximum horizontal accelerations and epicentral distances are

presented in Figures 7 and 8. respectively (12).

Seismic Coefficient in Ductility Analysis

In order to avoid brittle failure during earthquakes. it is extremely important that

reinforced concrete structures have adequate ductility. A provision that stipulates the

seismic coefficient used for the design of reinforced concrete piers with ductility is

introduced. It stipulates that the seismic coefficient in ductility analysis shall be

determined using the following equation.

(12)

where khd· seismic coefficient in ductility analysis

v4 • structural characteristics factor (greater than 1.3)

kh • horizontal design seismic coefficient provided in Eq. (1).
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Table 8 shows maximum ductilities of ordinary RC bridge piers which were analytically

determined to account for deformation due to bending of piers and deformation of reinforce

ment pulled out from footings, in which the critical strains of concrete were assumed as

0.35 percent. It can be recognized from these results that the maximum ductilities of

bridge piers normally designed by the seismic coefficient method can be taken as approxi

mately 6. However, since values for maximum ductilities are derived from analytical calcu

lations for a half cycle loading, it is considered desirable to take maximum design ductili

ties to be smaller than 6. Considering the fact that concrete pier ductility decreases

significantly under alternatingly repeated loading conditions [13], one third of the values

tabulated in Table 8. which lead to about 2, is recommended as the ductility factor for

design purposes.

CONCLUSIONS

Earthquake resistant highway bridge design criteria in Japan is briefly described with

emphasis given to improvements and modifications in the new specifications (JRA-1980). In

view of the history of the earthquake resistant design of highway bridges. it is considered

necessary to concentrate a comprehensive investigation on the following subjects in the

future •.

(1) Analysis of the Effects of Soil-Structure Interactions

Bridge construction on deep. soft soil deposits has increased recently. From the

evidence of past. extensive earthquake damage. it is well recognized that the influence of

surrounding subsurface soils are very important for the seismic responses of substructures,

especially for substructures which are embedded in deep soft ground. Consequently. consi

derable interest has been focused on the soil-structure interaction effects on such struc

tures by model experiments and theoretical analyses. However, very limited research has

been undertaken to investigate the seismic response of actual substructures during strong

seismic excitations. Investigations of the effects of soil-structure interaction which

utilize strong-motion records obtained at actual bridges are encouraged. For this purpose,

it is recommended that strong motion observations. especially simultaneous observations of

both the bridges and the surrounding subsurface grounds. be extended.
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(2) Analysis of Seismic Behavior of Substructures in Liquefied Soil Layers

Due to the comprehensive research conducted after the 1964 Niigata Earthquake,

determining the vulnerability of saturated sandy deposits and judging in situ liquefaction

potential became both possible and practical. However, further investigation of the seismic

behavior of substructures in liquefied layers is needed, as is the development of suitable

earthquake resistant design procedures for bridges under such conditions.

(3) Experiments on Ductilities of Bridge Piers

Seismic damage to bridges were most commonly caused by pier and foundation failures.

It is, therefore, extremely important to prevent brittle failure to substructures. Up to

the present, only very limited experimental studies have been conducted on the hysteretic

behavior of bridge piers under cyclic loading. Such a lack of data on the hysteretic

response of piers is one of the major obstacles to introducing limit design to bridges to

account for the ductility of members. It is recommended that extensive efforts be devoted

to accumulating such experimental data.

(4) Design Details of Bearing Supports and Connections

For providing highway bridges with adequate resistance to seismic disturbances, it is

very important to give special attention to the design details o.f connections between super

structures and substructures, to preventing girder fall, and to avoid severe damage which

is caused by bearing support failures.
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Table 1 History of Design Loads for Highway Bridges in Japan

(Primarily Seismic Loads)
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Table 3 Seismic Zone Factor vI for Highway Bridges

Zonel ) Value of vI

A 1.00

B 0.85

C 0.70

Note: 1) Zones A. Band C are illustrated in Fig. 1.

Table 4 Classification of Ground Conditions and Value of v2

Group Characteristic Value Tg (second) Value of v2

1 Tg < 0.2 0.9

2 0.2 ~ Tg < 0.4 1.0

3 0.4 ~ Tg < 0.6 1.1

4 0.6 , Tg 1.2

Table 5 Importance Factor v3 for General Highway Bridges

Group Definitions Value of v3

Bridges on expressway (limited-access highways),

general national highways and principal

1 prefectural highways. LO
Important Bridges on general prefectural high-

ways and municipal highways.

2 Other than the above 0.8

Note: The value of v3 may be increased up to 1.10 for special cases

in Group 1.
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Table 6 FL-DE Relation

FL Depth, Z(m) Reduction
Factor, DE

Z , 10 0
FL~0.6

10 < Z ~ 20 1/3

Z ~ 10 1/3
0.6<FL~0.8

10 < Z ~ 20 2/3

Z ~ 10 2/3
O.8<FL~1.0

10 < Z ~ 20 1

1.0<FL - 1

Table 7 Magnification Factor B for Modified Seismic Coefficient Method

G. C. ( a-value

a • 2T a • 1.25 a • 1.40/T B • 0.50
Group 1

0.5 , T ~ 0.625 1.12 , T ~ 2.80.625 ~ T ~ 1.12 T ~ 2.8

Group 2
B • 2T a • 1.25 B • 1.75/T a • 0.50

0.5 ~ T ~ 0.625 0.625 ~ T ~ 1.4 1.4 ~ T ~ 3.5 T ~ 3.5

B • 2T a • 1.25 a • 2.10/T B • 0.50
Group 3

0.5 ~ T ~ 0.625 0.625 ~ T ~ 1.68 1.68 ~ T , 4.2 T ~ 4.2

B • 2T B .. 1.25 a .. 2.50/T S .. 0.50
Group 4

0.5 ~ T ~ 0.625 0.625 ~ T ~ 2.0 2.0 ~ T ~ 5.0 T ~ 5.0

Table 8 Maximum Ductilities from the Analyses of RC Bridge Piers

Section Maximum Ductility Number of
Piers Examined

Circle~Shaped Column 6.4 '\0 8.1 6 Specimens

Hollowed-Circle Shaped Column 5.8 '" 6.8 6 Specimens

Longitudinal 5.6 '\0 10.5 6 Specimens
2-Rectangular Column

Transverse 5.7 '" 8.6 4 Specimens

OVal-Shaped Column Longitudinal 5.3 '" 7.3 . 3 Specimens
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Note: Ogasavara Islands:Zone C

P. : wm3
B:~

C : CJ

Seismic Zoning Map .
(New Specifications)
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Fig. 7 Response Spectrum Curves a in case of 7.5 ~ M ~ 7.9
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Fig. 8 Relationship Between Maximum Horizontal Acceleration (Amax) and
Epicentral Distance (~) Obtained by Statistical Analyses of
Strong-Motion Acceleration Records
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ANALYTICAL PROCEDURES USED FOR THE
SEISMIC DESIGN OF HIGHWAY BRIDGES

by

R. A. Imbsen
Engineering Computer Corporation

and

J. Penzien
University of California, Berkeley

1.0 INTRODUCTION

During the past decade, the government and engineering
communities have increased their efforts to further the
state-of-the-art relating to the se1smic design of highway'
bridges. Most of the renewed interest In this sUbject was
generated by the many spectacular bridge failures during the 1971
San Fernando, California earthquake. Many of the recent
advancements in the state-of-the-art, however, have taken place
so rapidly that they have not yet been implemented into design
practice. This is especially true in geographical areas other
than the west coast of the United States.

One of the most complicated tasks a bridge engineer is faced with
in applying the latest. principles of seismic design is the
dynamic analysis of the structural system. This is a problem
facing most bridge desiqners today~ whether they use the current
AASHTO (American Association of State Highway and Transportation
Officials) design specifications [1] or the newly adopted ATC-6
Seismic Desiqn Guidelines for Highway Bridges [2]. The
introduction of structural dynamics to the bridge design process
requires that bridge designers learn both the basic principles in
dynamics and how to use computer programs having dynamics
analysis capabilities. This also implies introductory training
in the art of mathematical modeling.

Because of the new concepts introduced in the AASHTO and ATC-6
design specifications, a continuing effort is needed to train
practicing bridge engineers in the latest principles of seismic
design of highway bridgese This training must encourage
immediate implementation of these priciples and tools. In
addition, it must stimulate the interest of the profession as a
whole, thus broadening the base from which even further
advancements in seismic design can be madee
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Although the application of structural dynamics to the bridge
engineering field is somewhat in its infancy, it has become
apparent that certain types of bridges may be idealized so as to
be more easily analyzed mathematically. Penzien and Imbsen
developed the Single Mode Spectral Method (SMSM), presented in
the ATC-6 guidelines, in an effort to simplify the task of
implementing structural dynamics within the field of bridge
eng ine eri ng (3) •

The SMSM is used to calculate the seismic design forces of a
bridge th~t can be characterized as having its major dynamic
response 1n a single mode of vibration. This method, although
quite rigorous, reduces a complex dynamics analysis to the
performance of just two statics analyses. The first static
analysis is conducted to obtain the structure period, the second
to apply inertial forces consistent with the displaced shape.

The SMSM, as formulated, can be applied to many types of bridges,
including bridges with either continuous or discontinuous
superstructures. Boundary conditions at the abutments and piers
can be modeled to incl~de the effects of the foundation. A
bridge engineer can readily apply the SMSM by using hand
calculations and conventional static structural analysis
procedures. For the more complex bridges in the higher seismic
zones, the seismic design guidelines recommend the Multimode
Spectral Method (MMSM), which is a response spectrum analysis.

The computer program, SEISAB (SEISmic Analysis of Bridges),
currently funded by the National Science Foundation, was
developed by Imbsen et. al [4,5] specifically to help bridge
designers conduct seismic analyses. The SEISAB program has both
SMSM and MMSM capabilities. In addition, elastic time-history
analysis capabilities have been recently incorporated into the
program, allowing the designer to conduct more detailed analyses
or correlation studies in which the structure remains within the
elastic range. With a minimum amount 0.£ input data, this program
can generate a structural model for a dynamic analysis of almost
every type of deck-girder bridge.

2.0 SINGLE DEGREE OF FREEDOM MODELING OF A CONTINUOUS SYSTEM

Bridges are generally continuous systems made up of many
components, each having distributed mass and elasticity,
contributing to the overall response of the system. The response
displacement of continuous systems, such as the one in Figure la,
can be shown at any point in time to be a linear combination of
the individual modes of vibration. Restricting the number of
modes to one and recognizing that the true vibration shape is
unknown results in the following displacement approximation for
transverse displacements:



v(x,t) = vs(x)v(t)

= Vs (x)Asin(wt-$)
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1

where vs(x) is the assumed vibration shape, vet) is a generalized
coordinate representing the amplitude, 'AI is an arbitrary
scaling factor and w is the circular frequency. Since the true
mode shape is unknown, the best approximation to it should be
obtained.

The process of selecting the closest possible approximation of
the shape function, such as the one shown in Figure lb, can be
facilitated by taking advantage "of the fact that the free
vibration displacements result from inertial forces. Since
inertial forces are proportional to the mass distribution, a
transverse distributed load proportional to "the mass should
produce a good approximation of the true mode shape. Because the
mass is usually distributed uniformly in bridge decks,
application of a uniformly distributed load, Po' shown in Figure
lc, will displace the bridge deck into the approximate shape of
the mode. This method of obtaining an approximating shape
results in Vs (x) being consistant with t"he support condition and
intermediate expansion joints in the deck.

2.1 DETERMINING THE PERIOD OF THE ASSUMED MODE SHAPE

The vibration period associated with the assumed mode shape can
be determined by using Rayleigh's Method. Rayleigh's Method
consists of equating the maximum strain energy with the maximum
kinetic energy. The maximum strain energy is the stored internal
energy resulting from the application of the load po. The
maximum strain energy is equal to the work done on the system in
displacing the bridge deck into the displaced shape, vs(x), which
can be expressed mathematically as

where,

3
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The kinetic energy, K, is expressed as

4

while w(x) is the weight distribution along the deck. Equation 4
will be at its maximum when cos~wt~~) is equal to one (1), or

Kmax

where,

2
~y
2g

5

6

Equating Equation 2 and Equation 6 and noting that, T=2TI'/w ,
results in:

T = 7
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2.2 PSEUDO INERTIAL LOADING

The maximum value of vet} can be obtained by applying the
response spectrum method. The equation of motion for a
continuous system approximated by a single generalized coordinate
is found by using Hamilton's principle, which states that the
first variation of (K-V), where K is the kinetic energy and V is
the strain energy, plus the first variation of all
non-conservative forces, Wnc , is equal to zero (O).
Mathematicaly, calculating the first variation of:

I = l iz

. (K-V) dt
~

1
t:

+ W dt
t nc,

8

will produce the equation of motion. It can be shown (6] that
calculating the first variation of Equation 8 will result in

m*v (t) + c* V(t) + k* v ( t ) - p* ( t ) = a 9
eff

where,

m* =1: m(x) [ Vs(X)r dx

. L

P*eff = -vg(X,t)~o m(x)vs(x)dx

E*I*(x) is the equivalent bending stiffness
Vg(X,t) is the horizontal ground acceleration~

9 by m*, noting that c*/m* is 2~tll Q k*/m* is

10

11

12

13

of the deck and
Dividing Equation
w2 , and de fin i ng :



:3 = f: w( x ) vs ( x )dx

results in:
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= -Vg(x, t) 8
y

14

15

Using the standard response spectrum method with a desired
acceleration spectrum, noting that Sd= Sa/w2 and given that Cs =
Sa/g , v(t)max is calculated by the following equation

Iv( t) I max = 16

Substituting Equation 16 into Equation 1, v(x,t) becomes:

v(x,t)max
=

17

Equation 17 defines the maximum spectral displacements of all
points on the bridge deck due to_ an assumed acceleration
spectrum. The pseudo inertial load, Fr ,which is associated with
this displacement and which approximates the inertial effects, is
found by not ing that Sa = w2 Sd :: w2

V (x, t)max :

FI = m(x)a

= m(x)Sa

= m(x) w2Sd

= m(x)w 2v(x,t)max



Cs Sw(x)= Vs(X)
y

45

18

The inertial load defined by Equation 18 is then applied to the
deck as a uniformly transverse distributed load, as shown in
Figure Id, and the resulting static forces become the pseudo
seismic forces.

2.3 PROCEDURE

Step 1

Apply a uniformly distributed load, ~ , transversely to the
bridge deck and calculate the displacements of the deck. The
displacements will define vs(x).

Step 2

Using vs(X), calculate a., y and S using Equations 3, 6 and 14,
respectlvely.

Step 3

Calculate the period of the approximating vibration shape by
using Equation 7.

Step 4

Select an acceleration spectrum wi th damping ratio, C; I and
compute the dimensionless seismic coefficient, CSt associated
with the period calculated in Step 30 Use Cs to compute the
pseudo inertial load by using Equation 18.

Step 5

Apply the pseudo inertial loading transversely to the bridge deck
and compute the displacements and forces for design.
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2.4 SINGLE MODE-RESPONSE SPECTRUM COMPARISONS

The applicability of the SMSM 'is demonstrated by analyzing a
bridge with two different sets of constraints at the abutments
for seismic forces in the transverse direction. The results
obtained by using the SMSM are compared to results obtained by
using the MMSM. Response spectrum results are presented both for
a single transverse mode and for more than one transverse mode.
The number of transverse modes included in the analysis of each
bridge is noted.

The computer program SEISAB was used to-perform both the SMSM and
the MMSM. The program fits cubic splines through the displaced
nodes on the superstructure in order to solve the various
integrals in the SMSM. In addition, the equivalent nodal forces
resulting from the application of the pseudo inertial loading are
obtained through use of the cubic splines. See Appendix A for
deta 11 s of how to use cubic spl ines in the SMSM.

2.5.1 Test Case 1 - South Turlock Overcrossing

The South Turlock Overcrossing, a two-span, single-column bent
bridge, is shown in F'igure 2. Both abutments allow long i tud inal
superstructure movement but not transverse movement. The SMSM
coefficients, obtained by evaluating Equations 3, 6 and 14, are
shown with other pertinent data in Table 1.

2.5.2 Test Case 2 - South Turlock Overcrossing with Abutment
Foundation Springs

The bridge analyzed in Test Case 1 is again analyzed, but
test takes into consideration the soil flexibility at
abutments in the transverse direction. Spring coefficients
1.Oxl04 kips/ft are applied at each abutment. Table 2 shows
comparisons between the SMSM and the MMSM.

this
the
of

the

3.0 A TOOL FOR IMPLEMENTING SEISMIC ANALYSIS PROCEDURES

The SMSM will yield good approximations for the seismic design
displacements and - forces as long as the bridge derives most of
its dynamic response from the assumed mode shape. As noted, this
requirement will be satisfied for many bridges. Bridges that
receive their dynamic response from several modes of vibration
must be analyzed by the MMSM or some other method that retains
more than one mode. The MMSM is the most popular method used
today because of practical and economic considerations0
Unfortunately, most computer programs that implement the MMSM are
cumberso.me to use because of their input requirements.
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The need for a computer program with MMSM capabilities written
specifically for bridge designers resulted in the development of
SEISAB. A complete, lumped parameter structural model is
generated wi,th only a few free-form input commands. The use of
SEISAB will be illustrated by performing a response spectrum
analysis on a six-span curved bridge. An ATC-6 acceleration
spectrum will be used for the dynamic loading.

3.1 DESCRIPTION OF THE BRIDGE

A sketch of the reinforced concrete box girder bridge is shown in
Figure 3a. The prismatic superstructure is continuous with the
exception of Span 3 which contains an intermediate hinge. The
hinge is outfitted with earthquake restrainer units to provide
longitudinal restraint. Shear keys at the hinge provide
transverse restraint between the two superstructure sections.

The seat-type abutments are radially oriented
abutment-to-superstructure shear connections
restraint provided by restrainer units. The
single column bents are founded on pil~ groups.

3.2 MODELING AND PROGRAM INPUT DETAILS

with transverse
and longitudinal
radially-oriented

To perform the response spectrum analysis, the physical model of
the bridge requires a mathematical representation. As is
conventionally done, the SEISAB program models bridges by lumping
properties at discrete locations along the superstructure and
columns, as shown in Figure 3b. The correct ordering for the
input data blocks in SEISAB is shown in Figure 4.

3.2.1 Initiating a Response Spectrum Analysis

The user directs SEISAB to perform a response spectrum analysis
by specifying a single command In the SEISAB Data Block. In
addition, the number of intermediate node points to be used on
the superstructure and columns (i.e., the degree of accuracy of
the analysis) may be specified. Because of the curved geometry,
coupling effects will be experienced and the default number of
three (3) nodes on the superstructure will be increased to four
(4) •

The input in the SEISAB Data Block is shown below:

SEISAB 'RESPONSE SPECTRUM ANALYSIS, 6-SPAN CURVED BRIDGE'
RESPONSE SPECTRUM
SUPERSTRUCTURE JOINTS 4



48

3.2.2 Describing the Horizontal Geometry

To develop the most accurate model, the location of the bridge
centerline must be correct. This information is supplied to
SEISAB in the ALIGNMENT Data Block. Alignment information may be
taken directly from bridge plans and used as input to SEISAB.
The alignment of the bridge is shown in Fig'ure 5 and the input
for the ALIGNMENT Data Block is shown below:

CURVE INFORMATION
10000.0
R 600.0
N 66 16 20 E

ALIGNMENT
C
STATION
COORDINATES
BEARING
C
BC
RADIUS
BEARING

INITIAL
100 + 0.0
N 500.0 E 250.0
N 0 E

REFERENCE POINT INFORMATION

3.2.3 Superstructure

The stiffness and mass characteristics'of the superstructure are
obtained from its cross-sectional properties, which are included
in Figure 3a. The spans are prismatic, so only the properties of
Span 1 are input. The torsional moment of inertia is calculated
by using expressions based on thin-walled enclosed regions.

The input to SEISAB for the superstructure is shown below:

SPANS
LENGTHS
AREAS
III
I22
I33

100.0,
86.0

862.0
13000.0

360.0

143.0, 3*117.0, 100.0
$ PROPERTY GENERATION WILL BE
$ USED FOR SPANS 2-6. ALSO,
$ PROGRAM DEFAULTS WILL BE USED
$ FOR THE MODULUS AND DENSITY.

3.2.4 Defining the Structural Members

One time-saving feature of SEISAB is that any structural member
that can appear at more than one location in the bridge is
described once in the DESCRIBE Dat.;! Block and then placed at the
appropriate locations. The structural members in the six-span
bridge that need to be defined are the bent columns and the
longitudinal restrainers. Because the five columns are identical
in cross-section, only one need be defined.

The input in the DESCRIBE Data Block is shown below:
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DESCRIBE
C
COLUMN 'TYPE l' "TYPICAL PRISMATIC COLUMN"
SEGMENTS 1
AREA 33.0
III 146.0
I22 73.0 $ PROGRAM DEFAULTS WILL BE USED FOR THE
I33 143.0 $ MODULUS AND DENSITY
C
RESTRAINER 'TYPE l' "GALV. H.S. ROD·
LENGTH 5.0
AREA 3.068E-03
E 2.010E+06
C
RESTRAINER 'TYPE 2' "GALV. STEEL CABLE"
LENGTH 20.0 $ PROGRAM DEFAULTS WILL BE USED FOR THE
AREA 0.01 $ MODULUS

3.2.5 Abutment Information

The modeling of the two abutments is accomplished through the
ABUTMENT Data Block. Both the abutment and the longitudinal
restrainers are shown in Figure 6a. The connectivity between the
superstructure and the abutment will be assumed to offer
translation constraint in the transverse and vertical directions
and rotational constraint about a horizontal axis perpendicular
to the centerline of the abutment. The shear keys will provide
the translational constraint and the width of the superstructure
will provide the torsional constraint.

The input in the ABUTMENT Data Block is shown below:

ABUTMENT STATION
ELEVATION
WIDTH NORMAL
RESTRAINER NORMAL

100 +
152.5
35.0

LAYOUT

0.0
155.5
$ GENERATION

'TYPE 1 i 8.0,
IS USED FOR ABUT 7
8.0 'TYPE l' AT 1,7

3.2.6 Bent Information

The number, type and spacing of bent columns are specified in the
SENT Data Block. In addition, the user may also input the type
of connectivity to the superstructure, the column end conditions
and the locations of restrainers.

The bridge under consideration has only single~column bents with
the columns oriented radially to the superstructure. The column
end conditions are fixed at both ends.

Many program defaults in the BENT Data Block have been utilized
for this bridge. The required input is shown below:
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TOP 153.0, 153.5, 154.0, 154~5, 155.0
25.0 $ HEIGHTS GENERATED FOR OTHER BENTS

'TYPE l' AT 2 3 4 5 6

BENT
ELEVATION
HEIGHT
COLUMN

3.2.7 Foundation Information

Modeling the connection of the columns and abutments to the
foundation may be accomplished either by assuming complete fixity
or by allowing for a flexible support. Complete fixity is a
program default and allowing movement of the column bottoms
and/or abutments is done by modelling soil as uncoupled springs.
The soil springs are input in the FOUNDATION Data Block.

The direction of the springs, shown in Figure 6b, is normal and
tangential to the centerline of the bent. The specific values
for the spring constants are also shown in Figure 6b.

The input in the FOUNDATION Data Block is shown below:

FOUNDATION
AT BENT 2 3 4 5 6

KF1 4.084E+08
KF2 4.084E+08
KMI 2.704E+IO
KM2 1.292E+10
KM3 2.220E+IO

3.2.8 Span Hinge Information

Discontinuities in the superstructure between bents (expansion
joints) are input in the HINGE Data Block. The mathematical
modeling of the exansion joint or hinge is done by using a
special zero-length element that has the unique property of being
able to release the moment along the centerline of the hinge.
Translational connectivity is specified for a horizontal axis
perpendicalur to the centerline of the superstructure at the
location of the hinge. In addition, longitudinal restrainers may
be placed across the hinge.

The expansion joint in the bridge under consideration is shown in
Figure 6c. The joint has transverse shear keys; thus the
transverse force condition is input as fixed. Longitudinally,
the only restraint offered is that of the restrainers. The width
of the bridge is sufficient for transmitting torsional moment
across the hing p •

The input in the HINGE Data Block is shown below:
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HINGE
AT 3 102.00 $ HINGE IS IN SPAN 3; 102 FT FROM BEGIN.
WIDTH NORMAL 33.5
TRANSVERSE FIXED
REST NORMAL LAYOUT 'TYPE 2' 4.5,4.0,4.0,4.5 'TYPE 2 AT 1

3.2.~ Earthquake Information

The last data block, the LOADINGS Data Block, specifies
information about the loads applied to the bridge. The required
loading for a response spectrum analysis is an acceleration
spectrum. The program has the ATC-6 spectra stored away;
therefore, because the default does not apply here, the only
input needed to define the acceleration spectrum is the soil
type. Soil Type 3 (30 ft. or more of soft-to-medium stiff
clays) is present at the bridge site.

Two loading cases are desired: one along an axis connecting the
two abutments (in a chord or longitudinal direction), the other
transverse to that axis. Because these two loading cases are
required by ATC-6, they are included in SEISAB as a program
default and no input is needed.

The input to the LOADINGS Data Block is shown below:

LOADINGS
RESPONSE SPECTRUM
SOIL TYPE III

3.2.10 T~rmination of the Input File

The input file is completed by specifying the word 'finish' as
the last piece of input:

FINISH

3.2.11 Summary

The complete input data file that directs SEISAB to perform a
response spectrum analysis using the ATC-6 accleration spectra on
a six-span curved bridge is shown below, in Figure 7.

4.0 CURRENT RESEARCH ON SEISMIC ANALYSIS OF BRIDGES

Two of the current projects funded by the Federal Highway
Administration that were initiated to improve seismic analyses of
bridges include: (1) Evaluation of Improvement of Energy
Absorption Characteristics of Bridges Under Seismic Conditions,
and (2) Improved Mathematical Ideal izations to Include Foundation
Effects on Seismic Response of Highway Bridges. As part of the
first project, Imbsen and Penzien extended the computer program
NEABS (!'!onlinear !arthquake ~nalysis of !!ridge ~ystems) [8,9, 10J
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.
to include the ability to model energy-absorbing devices at
intermediate expansion joints and strain-hardening effects on
yielding, reinforced concrete columns. As part of the second
project, Liu and Penzien continued to enhance NEABS by including
the specification of a compliance function at the boundaries that
includes the effects of radiation damping and the stiffness of
the foundation. As a result, more detailed correlation studies
can be conducted by using the NEABS capability to accurately
model the dynamic characteristics of a "bridge subjected to
seismic excitations large enough to cause yielding of the
component members. This capability is needed to assess newly
developed strategies for seismic resistance.

5.0 CONCLUSIONS

Previous efforts to implement seismic design of bridges by Imbsen
et. ale, (7) indicated that there was a need to develop
simplified methodologies and computer programs to assist the
designer in this task. An initial pilot workshop was given to a
group of experienced bridge engineers from the California
Department of Transportation on SEISAB. The overwhelming
acceptance ~f the proposed methodology and the computer program
SEISAB by these seasoned engineers indicates that the developed
methodology will assist in implementing the newly developed ATC-6
seismic design guidelines for bridges.

Development of these methodologies
the continued research at the
analytical procedures and verify
physical testing.
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Appendix A

SINGLE MODE SPECTRAL METHOD USING CUBIC SPLINES

The Single Mode Spectral Method (SMSM) requires the evaluation of
three (3) integrals and the computation of equivalent nodal
forces resulting from an application of a pseudo inertial
loading. The integrands of the integrals contain an expression
for the displaced shape of the superstructure caused by the
application of a uniformly distributed transverse and
longitUdinal load on the superstructure. The expression for the
displaced shape may be obtained by several methods, but one very
convenient method is to fit a cubic spline between each
superstructure node point. The result of using cubic splines is
that the integrals may be obtained in a closed-form solution
without using numerical integration. In addition, the splines
provide a smooth representation of the displaced shape.

The procedure for fitting cubic splines through the displaced
superstructure node points begins by obtaining the normal
d isplacemen t at each node po int. The normal displacement at Node
n in Figure A.la is given by:

where Xn and Zn
the angle the
Equation A.I is
superstructure.

are the global displacements of Node nand ¢n is
normal at Node n makes with the negative Z-axis.
applied to the N+l node points that define the

The general form of a cubic spline is given by:

A.2

where,

and x' is the arcl ength coord inate of the beg inn ing of the nth
cubic spline. The coefficients i Anthrough Dh' are calculated by
solving a system of equations obtained from cubic spline theory.
Spline n is defined between x'n and x'n+l. Thus the displaced
superstructure is divided into N cubic splines.
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The SMSM· coefficients may be evaluated
coefficients, An through on, have been
coefficient, (l, is calculated by:

after the
determined.

spline
The SMSM.

=

N

L
n=l

=

The SMSM coefficient, 6 , is calculated· by:

B :::/L w(x')v (x' )dx'
o S

N

= I
n=l m=l

N M

::::: I I Wm { An (' I Rn
n=l m=l Xm+1 -Xm)+2 [(x. -x'l'-(x'-x'l']m+l n m n

C
+ ..Jl [ex' -x'l'-(x'-x'lJ E.n [ex~+l-X~) '-(~-x~) ,]}3 +ffi+l n m n 4 A.4
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where, w(x') is the weight per unit length along the super~

structure between x'n and X'n+l. Since. w(x') may vary along the
superstructure, the integral must be divided into M parts where M
is the number of different values of w(x') between the two end
points defining the spline.

The SMSM coeffic ient, Y I is calculated wi th an expression
similar to Equation A.3, except that the splines are fitted to
the square of the nodal displacements. The period of the assumed
vibration shape is calculated by using Equation 7:

A.S

The equivalent nodal loads reSUlting from applying the pseudo
inertial load, ~I I defined by Equation 18, may be calculated by
considering the potential energy, r I of the inertial load:

x~+l

r =f
x'n

=

_n "
F (x I ) W ( x I ) dx II .

4

I
k=l

s =m

X' x'm- n
X~+l_X~

x' x'
m+l- n

"where, we x') is the transverse displacement approx ima t ion for a
superstructure element and is given ~y (in a local variable, s):

4

;(s) = L M*k(s );k
k=l A;7
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0<5<1

The local variable s, is related to the variable Xl by:

Xl = (l-S)x~ + 5X~+1

and

A.a

A.9

See Fiqure A.1b for the definitions of the local displacements,
w. The equivalent nodal loads resulting from applying FI over a
given superstructure element are defined in Figure A.2 and are
obtained by calculating the partial derivative of Equation Ao6
with respect to the node point unknowqs, w. Thus,
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A.IO

The resulting expressions for Fl through F4 are

+ K3(s~+1-s~) + K4(S~+1-s~)

5 6

A.II

ar
=

A.12
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where,

K1 = C L2 _ 3An K6 = 2An BnLn -

K2 = DnL 3
- 3BnL + 2An K

7 = 2B nL-An =Cn L2

K3 = ·2Bn L - 3C L2

2CnL2-BnL-DnL3n KS =

K4 = 2C L2 _ 3D L3
Kg '" 2DnL 3=CnL2n n

K = 2D L 3

KIa '" 3BnL~2An5 n

A.13

A.14
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B L-An n

A.14 are
resulting

nodal loads

The equivalent nodal loads defined in Equations A.Il -
applied to each superstructure element. The
displacements and forces caused by these equivalent
are the pseudo seismic quantities needed for design.
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x
--- (b)

r(X)

x.---- (c)

-t&m-~#~(d)

I

FIGURE 1 - a) Typical Bridge Configuration,
b) Displacement Function, c) Mode Shape
Due to Uniform Static Loading, d) Psuedo
Inertial Loading
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SUPERSTRUCTURE PROPERTIES
L • 694.0 If
A • 66.0 lIZ

11-1 • 862.0 ff4

12-Z • 13000.0" 4

13-3 • 360.0 If 4-

R • 600:f!

SUBSTRUCTURE PROPERTIES
L"'5.0ff
A" 33.0 11 2

II-I' 146.0 tl 4

12'2" 73.0 11 4

13'3' 143.0 fl<4

BENT 2ABUT. I
El.EV.152'·6·

BENT 3

STATION 100+00
"-~--l N 500

E 250

1\7.0

BENT <4

BENT 5

BENT Ii

( a)

ABut l'
EbEV.155'06"

ZERO LENGTH HINGE ELEMENT

(b)

FIGURE 3 - a) Physical Model, and b) Mathematical Hodel
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FIGURE 4 - Correct Ordering of Input Data Blocks in
SEISAB
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B.C. 100 +00

N 500
E 250

FIGURE 5 - Horizontal Alignment
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11/." GALV. H.S. ROOS
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5 • 3/~ " OIA.
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/
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FIGURE 6 - a) Abutment Details, b) Bent Foundation Spring Details,
and c) Expansion Joint Details
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FIGURE A.I - a) Obtaining Normal Displacements of Superstructure
Nodes, and b) Definitions ·of Local Displacement
Approximations and Integration Limits for a Non
prismatic Superstructure Element
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RESPONSE OF CABLE STAYED BRIDGES
TO

STATIC AND DYNAMIC LOADS

John F. Fleming
Department of Civil Engineering

University of Pittsburgh
Pittsburgh, Pennsylvania 15261

ABSTRACT

The· static and dynamic response of cable stayed bridges is
discussed. Several sources of nonlinear behavior are considered.
Analyses of a number of different bridge geometries has shown
that a cable stayed bridge can be analyzed as a linear system
under the action of static and dynamic live loads. Nonlinear
behavior should be considered, however, in computing the
stiffness of the structure in the dead load deformed position.

INTRODUCTION

In a cable stayed bridge the roadway is supported by
inclined cables which are attached to tall towers. One of the
main differences encountered in their analysis and design,
compared to more conventional structures, such as continuous
girder bridges or rectangular framed buildings, is the
possibility of nonlinear behavior under static and dynamic design
loads. Most design engineers lack experience in dealing with
nonlinear systems and therefore might be hesitant to undertake
the task of designing a structure of this type. The purpose of
this paper is to discuss the response of cable stayed bridges to
s~atic and dynamic loading to establish techniques which are
applicable for their analysis.

NONLINEAR STATIC ANALYSIS

The displacements for a
easily computed by solving
stiffness equations

[K](D} = (W}

linear structural system can be
the set of linear simultaneous

(I)

in ~hich [K] is a matrix containing the stiffness influence
coefficients for the structure, {D} are the joint displacements
and {\v} are the applied joint loads. The terms in the matrix [K]
can be computed by summing the stiffnesses of the individual
members at each joint in the structure. The terms in [K] are
constants which do not change as the structure deforms.

Preceding page blank
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For a nonlinear structural system the stiffness of the
s~ructure changes as the structure deforms, therefore, the terms
in the matrix [K] change as the load is applied. This greatly
complicates the analysis of the system since it is usually not
feasible to algebraically solve the set of nonlinear simultaneous
stiffness equations corresponding to Equation (l). For most
structures it is necessary to resort to some sort of numerical
solution to determine the displacements.

There are basically two ways in which the stiffness of a
nonlinear system may vary' with .displacement, as shown in
Figure 1. Figure la corresponds to a situation in which the
overall stiffness of the structure decreases with increasing
deformation,'while Figure Ib represents the opposite case where
the stiffness increases. It will be shown later that the overall
behavior.of a cable stayed bridge corresponds to this second
case.

Several approaches may be used to obtain a numerical
solution for the static displacements and stresses in a general
nonlinear structural system. TWo procedures which are well
suited for application to complex mUlti-degree of freedom systems
are an Incremental Approach and an Iterative Approach. In an
Incremeatal Approach the total. load is applied in small
increments, assuming that the stiffness of the system remains
constant during the application of each load increment. The
displacements and member end loads which occur during the
application of the first load increment are computed using the
initial tangent stiffness of the undeformed structure. The
stiffness of the structure is then recomputed using the member
end loads and deformations corresponding to the deformed shape of
the structure at the end of the load increment.' This new
stiffness is then used to compute the displacement increments
which occur during the next load increment. The general form of
the equations, which must be solved during the application of
load increment i, are

[K]i{b.D}i = {~W}i ( 2 )

in which [K]i is the stiffness matrix corresponding to the
loading state at the beginning of the load increment, {~D}i are
the joint displacements which occur during the application of the
load increment and {b.W}i are the joint load increments which are
applied. The total displacement? and member end loads at the end
of the load' increment are obtained by adding the values which
occur during the load increment to the values at the beginning of
the load increment. If the total load is applied in a
sufficiently large number of increments, so that the change in
stiffness over any load increment is relatively small, this
approach can give an acceptable engineering solution. A
graphical representation of this procedure is shown in Figure 2.
It can be seen that the error accumulates for each step. If the
total number of increments is sufficiently large, however, the
accumulated error can be well within the limits of acceptable
engineering accuracy.
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Figure 1
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Deformation

Incremental Approach

Figure :2
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In an Iterative Approach the total load is applied in one
increment. The displacements are initially computed using the
tangent stiffness of the undeformed structure, however, the
stiffness is then recomputed corresponding to this deformed shape
before the member end loads are computed. Since the final
stiffness used to compute the member end loads differs from the
initial stiffness used to compute the joint displacements,
equilibrium will not be satisfied and unbalanced loads will exist
at the joints. These unbalanced loads must next be applied as a
new set of joint loads, with the corresponding change in
displacements being computed using the stiffness corresponding to
the new deformed position of the structure. The final solution
can be obtained by iterating until the unbalanced loads at the
end of a load cycle are smaller than an acceptable tolerance
limit. A graphical representation of this procedure is shown in
Figure 3. When the total load is applied during the first
iteration cycle the displacements are computed using the initial
tangent stiffness of the unloaded structure, as represented by
the straight line extending from the origin to point A. These
computed displacements actually correspond to loads on the true
load-deformation curve denoted by point B. The unbalanced loads
correspond to the distance AB. By reapplying these unbalanced
loads and using the stiffness of, the system in the deformed
position, a new deflected positi9n. denoted by point C, can be
computed. By repeating this process a sufficient number of
times, a solution may be obtained to any accuracy desired. This
approach is very similar to the classical Newton-Raphson Method
for solving nonlinear equations.

In the static analysis procedure used in this investigation
a Combined Approach was used. in which the unbalanced loads were
applied incrementally during each iteration cycle. This results
in faster convergence.

\
\

Sources of Nonlinear Behavior:

Under normal design loads the material in a cable stayed
bridge can be considered to remain elastic, however, the overall'
load-deformation relationship is nonlinear. Three primary
sources of nonlinear behavior have been proposed by previous
investigators. These are: the nonlinear sag tension
relationship for the inclined cables: the interaction of the
bending deformations and high axial forces in the towers and
longitudinal deck members: and the overall changes in geometry
which occur in the structure under normal design loads. All of
these effects combine to result in the overall nonlinear behavior
of the system.

Computation of Structural Stiffness:

In order to use the Combined Approach to compute the
displacements and member end loads, it is necessary to compute
the structure stiffness matrix Q [K]. corresponding to the member
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end loads and the deformed shape of the system after each load
increment is applied. Since (K], for any structural system, is
obtained by adding the individual member stiffnesses at the
joints, it is therefore necessary to express the stiffness of the
individual cables and bending members in terms of the member end
loads and the deformed shape of the structure.

Stiffness of Cables - When an axial tension force is applied
to· the ends of a cable, the ends will move relative to each other
along the axis of the cable. "For other types of tension members
this relative movement is usually due entirely to the elongation
of the member resulting from the stain in the material. For a
cable the relative end movement is the result of three distinct
actions in the cable. First, there is a change in strain in the
cable material. This change in strain can be considered to vary
linearly with stress in the cable material and is governed by the
modulus of elasticity of the material. Second, there is a change
in the sag of the cable, exclusive of material strain. This
change in sag is strictly a geometric effect and is governed by
the length of the cable, the weight of the cable and the tension
force in the cable. The sagged shape of the cable is a catenary,
for which equations are given in many elementary mechanics
textbooks. This change in sag varies nonlinearly with the change
in the tension force in the cable. Third, there is a
rearrangement of the individual wires in the cable cross section
under changing load. Part of this deformation, which is known as
constructional stretch, is permanent. This permanent deformation
is usually eliminated by the cable manufacturer by pre-stretching
the cable to a load greater than the working load during the
manufacturing process. The non-permanent part of this
deformation can be compensated for by using a reduced effective
modulus of elasticity of the cable material. For example, ASTM
Specification AS36 states that the effective modulus of
elasticity for pre-stretched helical strand should be taken as 23
to 24 million pounds per square inch. The actual material
modulus is approximately 29 million pounds per square inch. This
equivalent modulus is assumed to ,be independent of the tension in
the cable.

The total apparent change in length of a cable is a result
of the sum of the three previously described effects. Therefore,
since the sag varies nonlinearly with the axial tension force in
the cable, the axial stiffness of the cable will also vary in a
nonlinear manner. A convenient method for considering the
nonlinearity in the inclined cables is to consider an equivalent
straight chord member, as shown in Figure 4, with an equivalent
modulus of elasticity which combines both of the effects of
material and geometric deformations. An expression for this
equivalent modulus, as derived by Ernst (1), is

2 3
Eeq = Eef/[l+[(wH) AEef/12T ]J ( 3 )
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Figure 4
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where Eeq is the equivalent modulus, Eef is the effective modulus
of the cable as described previously, w is the weight of the
cable per unit length, H is the horizontal projected length of
the cable, A is the cross section area and T is the cable
tension. This equivalent modulus can be used to express the
stiffness of any cable member, [Km]c, in the local member
coordinate system shown in Figure 5, in the standard form

[Km]c =
[

AEeq/Lc

-AEeq/Lc

-AEeq/Lcl

AEeq/L:J
(4)

where Lc is the chord length of the cable member.

Stiffness of Bending Members - For most structural systems
the bending and axial deformations in the members can be
considered to be independent. However, for flexible bending
members sUbjected to high axial loads, the interaction of the
bending and axial effects can have a significant effect upon the
stiffness of the member. This interaction can be considered in
the analysis of the system by modifying the stiffness of the
member with factors known as stability functions (2,3). The
stiffness of a typical three dimensional frame bending member,
[Km]b, can be expressed as a 12 by 12 member stiffness matrix, in
the local member coordinate system shown in Figure 6, in the form

[Km]b =

k(l,l) k(1,2)

k(2,1) k(2,2)

k(l,l;)l

k(2,12)

( 5 )
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k(2,6) = k(6,2) = k(2,12) = k(12,2) = -k(6,S)
:2

= -k(8,6) = -k(8,12) = -k(l2,8) = S2z(6Elz/L )

k(3,5) = k{5,3) = k(3,11) = k(11,3) = -k(5,9)
2

= -k(9,5) = -k(9,11) = -k(11,9) = S2y(6Ely/L )

k(4,4) = k(lO,lO) = -k(4,lO) = -k(lO,4) = GKt!L

k(5,5) = k(ll,ll) = S3y(4EIy/L)

k(6,6) = k(12,12) = S3z(4EIz!L)

k(5,11) = k(11,5) = 54y(2EIy/L)

k(6,12) = k(12,6) = 54z(2Elz!L)

(6d)

(6e)

(6f)

(6g)

(6h)

(6i)

(6j)

where E is the material modulus of elasticity, L is the member
length, A is the cross section area , Iy and Iz are the moments
of inertia of the cross section about the local principal y and z
axes respectively, Kt is the torsional constant for the cross
section and the quantities 51 through 55 are the stability
functions.

The stability functions can be expressed
me~ber axial force, P, and member end moments
and z axes, as defined in Figure 7. For a
force, the stability functions 51z through S4z

3
Slz = (QL) sin(QL)/12Rc

2
S2z = (QL) [1-cos(QL)]/6Rc

S3z = ()L)[sin(QL)-(QL)cos(QL)]/4Rc

S4z = (QL)[(QL)-sin(QL)J!2Rc

where

1/2
Q = (p/EIz)

in terms of the
about the member y
compressive axial
are

(7a)

(7b)

(7c)

(7d)

(8)
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Rc = 2-2cos(QL)-(OL)sin(QL)

while, for a tensile axial force

3
51z = (OL) sinh(QL)/12Rt

2
52z = (QL) [cosh(QL)-1]/6Rt

53z = (QL)[(QL)cosh(QL)-sinh(QL)]/4Rt

54z.= (QL)[sinh(QL)~(QL)]/2Rt

where

Rt = 2-2cosh(QL)+(QL)sinh(QL)

(9 )

(lOa)

(lOb)

(lOc)

(lOd)

(11)

and Q is the same as defined previously in Equation (8). The
stability functions Sly through 54y can be determined in the same
manner by merely replacing Iz by Iy in Equations (7) through
( 11 ) .

For a compressive axial force the stability function 55 can be
expressed as

3 2
55 = l/[1+EA(Rcmy+Rcmz)/4P L J

where

2 :2 :2
Rcm = (QL)(Ma +Mb )[cot(QL)+(QL)cosec(QL)]

:2
-2 (Ma+Mb)

+(MaMb)[l+(QL)cot(QL)][2(QL)cosec(QL)]

while, for a tensile axial force

3 2
55 = 1!Cl-EA(Rtmy+Rtmz)!4P L ]

(12 )

(13 )

(14)
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where

222
Rtm = (QL)(Ma +Mb )[coth(QL)+(QL)cosech(QL)]

2
-2 (Ma+Mb)

+(MaMb) [1+(QL)coth(QL)][2(QL)cosech(QL)]

(15)

To compute Rcmy from Equation ·(13) the moments May and Mby should
be used and Q should be computed from Equation (8) using the
moment of inertia Iy. To compute Rcmz the moments Maz and Mbz
should be used and Q should be computed using Iz. The values of
Rtmy and Rtmz can be computed from Equation (15) by the same
procedure.

Computer Program:

A computer program which uses the analysis procedure just
described has been developed on the University of Pittsburgh DEC
PDP-10 Computer System for analyzing three dimensional cable
stayed bridge structures under static dead and live load and user
specified initial cable tensions. A combined incremental and
iterative approach, as described previously, is used to reduce
the unbalanced loads in the system to an acceptable user
specified level. The stiffness matrix for the system is
recomputed at the beginning of each load increment in· order to
account for the nonlinear behavior of the system. Extensive
studies, using mathematical models representing several actual or
proposed bridges, have shown that it is usually sufficient to
divide the unbalanced load into three increments during the first
iteration cycle and then to apply the remaining unbalanced load
in one increment for each succeeding cycle. The program has been
developed so that the user can specify the number of load
increments to be used. (A listing of the FORTRAN source program
is available, to anyone requesting it. No facilities are
available for supplying the program on tape.)

NONLINEAR DYN~~IC _~ALYSIS

The equations of motion for a lumped mass system, sUbjected
to a set of concentrated dynamic loads, can be written in the
form

[M](A} + [C](V} + [K](D} = (wet)} (16)

where [M], [C] and [K] are the mass matrix, the viscous damping
matrix and the stiffness matrix of the system; {D}, {V} and {A}
are the displacements, the velocities and the accelerations
corresponding to each dynamic degree of freedom at the mass
points: and (wet)} are the externally applied dynamic loads. If
the variation of the loads is known with time, the displacements
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can be computed by solving the set of differential equations
represented by Equation (16). It will be found, however, tha~

for most dynamic loads, such as wind or seismic action, which are
considered in the design of bridge structures, it is not feasible
to obtain an algebraic solution for the displacements. In a
cable stayed bridge the solution is furthur complicated by the
changing stiffness of the structure, as described prevously, thus
resulting in a variation of the stiffness matrix [K] as the
structure deforms. The only practical approach is to use a
numerical approach to obtain a solution to the equations of
motion.

Many different numerical procedures have been presented in
the literature. Several popular methods, which have been shown
to give acceptable results for the solution of structural
dynamics. problems, are: the Average Acceleration Method (4):
the Newmark Beta Method (5): and the Wilson Theta Method (6).
Each of these is a single step forward procedure, therefore, the
change in stiffness of the structure can be easily considered by
recomputing the stiffness matrix [K] corresponding to the
deformed shape of the system at the beginning of each time step
during the solution process.

STATIC BEHAVIOR

As described previously, three primary sources of nonlinear
behavior have been proposed by previous investigators for cable
stayed bridge structures. In order to investigate the .importance
of each of these, a number of static analyses have been
performed, for several mathematical models with properties
similar to actual or proposed bridges. A typical mathematical
model, in which the cables are in two parallel planes on either
side of the roadway, is shown in Figure 8. Various geometries
for the cables and towers were studied. Several cases were also
considered in which the cables were in a single plane in the
center of the roadway.

Effect of Geometry Change:

For most structural systems it can be assumed that the
geometry changes which occur, due to the applied loads on the
struc·ture, are small and therefore the original unloaded geometry
can be used to compute the member lengths, member slopes, moment
arms and other geometric quantities used in the analysis. In a
cable stayed bridge the displacements under normal design loads
can be large, therefore, the question arises whether the changes
in geometry can have a significant effect upon the structural
behavior.

The effect of the changes in geometry were incorporated in
the analysis by revising the geometry of the mathematical model
after each load increment was applied. The structural stiffness
was then recomputed using the revised geometry. The structure
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was considered to be sUbjected to a uniform deck load and a set
of initial cable tensions. A wide range of initial cable
tensions and deck loads were investigated. Figures 9 and 10 show
the results of two typical sets of analyses for the mathematical
model shown in Figure 8. Figure 9 shows the variation of the
normalized vertical deflection at center span with the uniform
deck load, while Figure 10 shows the variation of the normalized
horizontal deflection component, along the longitudinal axis of
the bridge, at the top of one of the towers. The solid lines
show the results obtained when the effect of the change in
geometry is neglected while the dashed lines include the geometry
change. For both sets of analyses the cables were assumed to be
tensioned initially to their full design values, and the uniform
deck load was considered to range from essentially zero to a
value corresponding to five times the full dead load of ~he

structure. This load is.much larger than any loading which might
be expected under normal operating conditions since, for long
span bridges, the majority of the design load is usually the dead
load of the structure. The results of these particular analyses,
and other analyses performed on mathematical models representing
other bridges, indicate that the effect of the change in geometry
of the structure is small, for normal design loads, and can be
neglected without significantly a~fecting the computed behavior
of the structure.

Effect of Axial-Bending Interaction:

The effects of the change in the stiffness of the bending
members in the structure, due to axial-bending interaction, were
incorporated in the analysis by introducing stability functions
into the individual member stiffness matrices, as described
previously. A number of analyses were performed, for several
different mathematical models, for a wide range of deck loads.
For all cases considered, the computed stability functions varied
by less than three percent from a value of 1.0, and for most
c~ses the variation was less than one percent. A value of 1.0
for the stability functions corresponds to no change in the
stiffness. It can therefore be concluded that eventhough the
longitudinal deck members and towers are subjected simUltaneously
to high axial forces and bending moments, the effect of the
interaction of these quantities upon the overall stiffness of the
structure is small. In order to simplify any future analyses
their effect can be safely neglected.

Effect of Nonlinear Cable Stiffness~

The final nonlinear effect to be considered is the overall
change in stiffness of the structure due to the variation of the
stiffness of the cables as the tensions in the cables change
under the applied load. Figure 11 shows the variation of the
normalized vertical deflection at center span with the uniform
deck load I f~r the mathematical model shown in Figure 8. The
individual curves correspond to different values of the initial
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cable tensions, ranging from 0.25 to 2.0 times the full design
values for each cable.

These curves show that the load-displacement relationship is
nonlinear for low values of the uniform deck load, however, as
the load is increased, the relationship becomes more linear. For
loads equal to the full dead load or greater, the relationship is
essentially linear for all initial cable tensions considered.
The nonlinear effect also decreases as the initial cable tension
is' increased. Similar results were obtained for the other
mathematical models which were considered in the investigation
for other computed quantities, such as: the horizontal
displacement at the top of the towers; the moment in the deck or
the towers; and the final cable tensions (7).

DYNAMIC BEHAVIOR

In order to investigate the dynamic behavior of cable stayed
bridges, time history analyses were performed for several
different dynamic loadings (8,9). One of the loadings was that
caused by the ground motion due to the vertical component of the
May 18, 1940 El Centro, California earthquake. The purpose of
these time history analyses was not to investigate the level of
stress produced in the structure, but rather to investigate the
degree of nonlinear behavior. It was assumed that the material
in the bridge remained elastic during the dynamic response.

The mathematical model model considered for the t~me history
analyses was a single load bearing plane of a bridge with a
geometry similar to that shown previously in Figure 8. The mass
of the structure was assumed to be lu~ped at 22 node points.
O~ly translational degrees of freedom were considered. The
structure was assumed to start at rest in the dead load deformed
position with stiffness corresponding to this loaded state.

Three types of analyses were performed, which consisted of
the following combinations of static and dynamic analysis:
linear static analysis to compute the structure stiffness in the'
static dead load deformed position and linear dynamic analysis,
in which the stiffness is assumed to remain constant, hereafter
denoted as Linear-Linear; nonlinear static analysis and linear
dynamic analysis, hereafter denoted as Nonlinear-Linear; and
nonlinear static analysis and nonlinear dynamic analysis, in
which the stiffness is recomputed corresponding to the deformed
shape of the structure at the beginning of each dynamic time
step, hereafter denoted as Nonlinear-Nonlinear. The combination
of linear static analysis and nonlinear dynamic analysis was not
considered.

Figure 12 shows the variation of the undamped vertical
displacement of the deck at center span, for the three types of
analyses just described, for the El Centro ground motion. It can
be seen that the Nonlinear-Linear and Nonlinear-Nonlinear
analyses give almost identical results, which vary considerably
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from the Linear-Linear analysis. Similar results were obtained
for the variation of the tension in one of the cables as shown in
Figure 13. The results of these analyses, and several other
analyses which were performed for both a simulated dynamic wind
loading and a moving traffic load (8), indicate that although a
nonlinear static analysis is required to obtain the stiffness of
the structure in the dead load deformed position, a linear
dynamic analysis will suffice starting at this position. This
conclusion agrees with the results described previously for the
static analyses.

CONCLUSIONS

The results of the static and dynamic analyses, Which have
been described, lead to the conclusion that a cable stayed bridge
structure does behave in a nonlinear manner for low' loads,
however, after the full dead load deformed position has been
reached; the structure can be considered to behave linearly.
Therefore, the .stiffness of the structure, which is represented
by the slope of the curves shown in Figure 11, can be considered
to be constant for static or dynamic live loads. This means that
linear analysis techniques, such ,as influence lines for static
loads and the response spectrum method for dynamic loads, are
applicable to this type of structure, starting at the dead load
deformed position. However, if an accurate solution is to be
achieved, the nonlinear behavior of the structure under the
initial dead load should be considered to arrive at the correct
stiffness to be used in the linear analysis.
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SEISMIC VULNE~A8ILITY OF
PRESTRESSED CONCRETE SEGMENTAL BRIDGES

by

Walter Pocto1ny, Jr.
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Office of Engineering
Federal Highway Administration

Washington, D.C.

ABSTRACT

RJr the most part, in the United States, prestressed concrete segmental

bridges have been constructed in zones of zero or low seismic vulnerability.

However, this method of constructing bridges is now being considered in zones of

medium to high seismic activity. This then raises the question of how bridges

constructed in this manner behave or respond to dynamic loads generated during

a seismic event.

We are aware of only one segmental bridge that has been subjected to a

seismic event. This was the Incienso Bridge during the 19i6 Guatemala Earthquake.

Although this bridge did not suffer any distress as a result of the 7.5 Richter

Magnitude event, there are nevertheless concerns as to the potential for damage

or failure resulting from dynamic earthquake loads.

With regard' to the performance of segmental bridges during a seismic event,

this paper raises concerns relative to segment joints, anchorage details, bond

transmission length, external tendons, redundancy and pull-out of horizontally

curved tendons. The intent of this paper is to point out research needs to

alleviate engineering design concerns.

Key Words: Bridge, prestressed concrete, segmental construction, joints. anchorages,

horizontal curvature, vertical curvature, external tendons.
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Introduction

Prestressed concrete segmental bridge construction began in' 1950 in Germany

when Ulrich Finsterwalder applied the cast-in-place, balanced cantilever method

to a bridge crossing the Lahn River at Balduinstein. Wide acceptance of this system

of constructing bridges was rapidly gained in Germany, after construction of a

bridge crossing the Rhine River at Worms in 1954 .Concurrently, precast segmental

construction was evolving during this period. The first major application of match

cast, precast, segmental construction was the construction of the Choisy-le-Roi

Bridge crossing the Seine River south of Paris, France. These concepts have been

refined and have spread from Germany and France to many other countries throughout

the world, including Japan and the United States.

Within approximately the last ten years, this method of constructing bridges

has gained acceptance in the ~ited States and there are currently over 150 such

bridges that are completed, under construction or in design. For the most part,

in the United States, segmental bridges have been constructed in zero or low

seismic vulnerability areas. However, this method of constructing bridges is now

being considered in areas of medium to high areas of seismic activity.

This then raises the question of how bridges constructed in this manner behave

and respond to dynamic loads generated during a seismic event. To the author's

knowledge, the only segmental bridge, thus far, to experience a seismic event was
1

the Incienso Bridge during the 1976 Guatemala Earthquake which was a Richter

Magnitude of 7.5, Figure 1. The three main spans were twin segmental, precast,

prestressed concrete box girders with spans of 203. 400 and 203 feet (62. 122 and

62 m) constructed by the balanced cantilever method, Total deck width is 82 feet

(25 m). The main span is supported on reinforced concrete piers 262 feet (80 m)

and 230 feet (70 m) in height. Although there was evidence of some minor distress

in the prestressed I-girder approach spans. the three main segmental spans suffered

no visible damage. Perhaps our Japanese colleagues can provide us wit~ their
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experience and/or data regarding the response and behavior of this type of bridge

to a seismic event, if any exist.

Segment Joints

Aside from the global response of tile structure, the local behavior at the

segment. joints is of interest. The capacity of a joint to resist shear and flexural

stresses is a function of the prestressing force normal to the joint, development

of friction on the joint face and the presence or absence of shear keys.

The joints in cast-in-place segmental construction are similar to a construc

tion joint in conventional cast-in-place on falsework construction. The joint face

has a roughened surface, to a depth of 3/8 inch (10 mm), to provide an interlock"

with the next segment to be cast and in addition to the prestress tendons, conven

tional reinforcement crosses the joint.

Joints for precast segments are match-cast and thus have no conventional

reinforcement across the joint, only the prestress tendons cross the joint. For

shear transfer, as well as for allignement purposes, there are two options,

either a large single key or a small nultiple-key arrangement, Figure 2. In addi

tion, the joint may contain an epoxy adhesive between the faces of the joint.

Occasionally, no epoxy is specified in the joints between the segments; that is,

the design is based on a dry joint. This means that there must be permanent

compression along the plane of the joint, i.e., no tension. These joint planes

must be checked to insure that they are non-sliding.

This requirement of non-sliding is expressed by the criterion

TIN ~ 0.3

where T denotes the shear force in the section and Nthe normal force. The coeffi

cient of friction of concrete on concrete is assumed to be a minimum of 0.6 which

provides a factor of safety in excess of 2 for sliding in the above equation.

From a design point of view, it would be of interest to have a comparative

evaluation of the various joint configurations, with regard to the dynamic forces
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imparted during an earthquake, as to ductility, shear capacity, slip or displace

ment in the joint. and if the joints open·up, is there a impacting of the segments

on each side of a joint that will cause degradation of the joint. In other words.

the behavioral characteristics and failure modes.

Post-tensioning anchorages

Contemporary segmental bridge construction utilizes a blister detail for the

anchorage of post·tensioning tendons, Figure 3. In most instances the blisters are

located at the juncture of a flange and web. In some cases a tendon anchorage may

be located at'some intermediate point between the webs or flanges and may then be

an isolated blister block or a continuous buttress between the webs or flanges.

The curved tendon not only produces a uniform radial pressure but also a

longitudinal and transverse component with respect to the flange or web. The

longitudinal component not only produces tension in the web or flange behind the

blister but also a moment by virtue of its eccentricity with the centerline of

the web or flange. The stresses in the blister and in the flange or web in the

vi~inity of a blister are complex and require careful evaluation. Again the concern

to be expressed for these details is if the blister will have a tendency to pull

out or rip away from the flange or web as a result of dynamic loading produced

during an earthquake event.

External tendons

In recent years. external post-tensioning tendons in conjunction with the

span-by-span method of segmental construction has been utilized for bridge

construction in the .United States. A typical installation is illustrated in

Figure 4. The tendon profile is similar to that of pretensioned I-girders with

two harping or hold-down points. Each tendon is one span in length and anchored

into the segment diaphragm located at each pier. ~djacent span tendons are over

lapped at the pier diaphragms to provide continuity.

There are many advantages to this method of construction. Since the tendon
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is external to the cross section and located inside the cell of the box; there is

reduced congestiqn in the webs of the box, reduction of web thickness. reduced

fabrication time and manpower, all of which translate to an economic advantage.

There is also a relatively high rate of erection with this method. On one project,

with 135 foot (41 m) spans, an average rate of erection was one span per day.

However, the structure must be designed such as to be serviceable with

minimal damage after an earthquake. This then raises a number of concerns. Is

there a potential for resonance between the external tendons and the superstructure?

There is also the question of redundancy under seismic loading. If the pier

diaphragms or tendon anchorages were to fail as a result of seismic loading the

prestressing would be lost with a subsequent collapse of the structure.

To alleviate, to some extent, these concerns the following measures have

been suggested for incorporation into a recent design of this type located in

a seismic area:

- tendons be continuous for a two span length and staggered such that

there is at least one continuous tendon (per web) at each pier diaphragm,

Figure 5.

the horizontal portion of each tendon profile is encased in concrete in

a subsequent construction operation after tensioning, Figure 6.

- conventional reinforcement is placed in the tendon encasing concrete

such that it is continuous across the segment joints, Figure 6.

- provisions are made for future additional tendons to be placed in each

span. Figure 5.
,

.Thus. the assumptions are as follows:

- the bottom straight tendons bonded to the cross section for the full span

length remain fully effective for their total length.

- partially bonded tendons anchored in the pier diaphragm lose their
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prestressing force in the inclined unbonded portion of the profile and

are only effective in areas where bond may develop, i.e., the horizontal

portion of the profile that is encased in concrete.

- the inclined portion of the tendon profile that is continuous at the pier

would be considered effective.

It is hoped that research on this problem would at least touch upon the following:

- is the concern valid.

- if so, are the above precautions adequate and sufficient.

- if not, what other requirements are necessary to make this construction

method acceptable.

- bond transmission length of large multi-strand tendons when the anchors

are lost (not all of the individual strands are encapsulated in the grout).

- are there any other areas of concern regarding this system when subjected

to seismic loading.

Vertically curved tendons in soffit flanges

Tendons for continuity or positive moment prestress in segmental bridges may

not, or even should not, always be located in the fillet between web and bottom

flange, They may be located in the bottom flange proper. When a variable-depth

member is used, the bottom flange has a curvature in the vertical plane, which

must be followed by the prestress tendons. Unless careful consideration is given

to that fact at the concept and detailed design stages, difficulties are likely

to develop; this is indicated in Figure 7, which shows the free-body diagrams of

stresses in the bottom flange due to the curvature. Curvature of a tendon induces

a downward radial load, which must be resisted by transverse bending of the
2

bottom flange between the webs.

Longitudinal compressive stresses in the bottom flange similarly induce an

upward radial reaction in the flange 9 counteracting at least in part the effect

of the tendons. Unfortunately, when the f~11 live load and variable effects, such
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as thermal gradients, are appli.ed to the superstructure, the longitudinal stresses

vanish and consequently the partial negation of the effect of tendon curvature is

lost. Therefore. the effect of tendon curvature adds fully to the dead-load stresses

of the concrete flange. The corresponding flexural stresses are four to five times

greater than the effect due to dead load only, and if sufficient reinforcement is

not provided for this effect, heavy cracking is to be expected and possibly failure.

Given this situation for static loading. what is the potential for tendon

pull-out and/or bottom flange failure resulting from inertia forces if there is

a seismically induced vertical mode of oscillation.

Tendon cull-out in horizontally curved girders

Aproblem has occurred relatively recently with small radius horizontally

curved, post-tensioned concrete box girder bridges. It concerns the lateral force

produced in the webs by the tensioning of horizontally curved longitudinal tendons.

As an example; a continuous, cast-in-place, post-tensioned concrete box girder

consisted of three spans of 176.234 and 176 feet (53.6,71.3 and 53.6 m) with

slightly over half of the eastern 176 foot (53.6 m) span aligned on a horizontal

curve with a 250 foot (76 m) radius, Figure 8. In cross section the bridge is a

two cell box, Figure 9. The bridge was post-tensioned with 12 draped tendons,

~hich were continuous throughout the entire length 0 fthe structure. Four bundled

tendons were placed in each web and all tendons were jacked from both ends at the

abutments.

Failure occurred during prestressing operations when the 12th and last tendon,

located in the riort~ web a!ong the inside af the curve, was near it~ full prestress.

A loud noise, described as a "bang," was heard and all four tendons in that web

broke away from the web for almost the entire length of the curved east span,

tearing the curved reinforced web along the profile of the tendons. Figure 10.

Two days later. the east quarter-span length of tendons broke out of the concrete

web, again making a loud noise.
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An immediate inspection of the structure indicated that the horizontally

curved tendons, "exerttng a ~dial horizontal pressure. had overloaded the rein

fOrced concrete webs. This overload had caused the concrete to fail. allowing the

tendons to straighten-out and pull away from the webs. Additional observations

indicated that the tendons continued to pull away from the webs. and the failure

progressed to the abutment and pier.

In this structure there was a combination of relatively sharp curvature, thin

concrete cover over the tendons and the bundling of a number of large size tendons

close together. This failure is somewhat unique in that the problem would not have

surfaced in the case of flatter curvature, thicker concrete cover over the tendons,

or adequate spreading of the tendons into individual ducts as versus bundled ducts.

The analysis of this type of failure and suggested design methodology and
345

details for this type of static loading are presented in Appendix A.' , The questiol

to be raised in this case is similar to that presented above for vertically curved

tendons. Will the dynamic loading imparted during an earthquake intensify the

radial pressure produced by a horizontally curved tendon? As the superstructure

oscillates laterally as a result of the earthquake input will there be a potential

pull-out failure of the tendons?

Summary

The author has presented a number of design concerns for prestressed concrete

segmental bridges as they relate to potential failures from dynamically induced

loading produced by an earthquake event. In some cases these concerns are equally

applicable to prestressed concrete bridges constructed by more conventional

methods. The intent in presenting these concerns is to hopefully generate interest

in researching these concerns to determine if they are valid. and if so, to

determine what proceedures and methods are required to alleviate these concerns.
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APPENDIX A

ANALYSIS OF
TENDON PULLOUT IN HORIZONTALLY CURVED,

POST-TENSIONED, BOX GIRDER BRIDGES

The analysis of tendon pull-out in horizontally curved post-tensioned girders

can be divided into three seperate actions which need to be considered in design,

Figure A-l.

1. The global or overall girder action of the bridge together with its

supporting piers and abutments.

2. Regional beam action of each web supported at the top and bottom flanges

as a beam.

3. Local slab action of the concrete cover over the tendons.

It is important from both the analysis and the design point of view to look into

all three of these actions and their effect on both the concrete and the reinforc-

ing steel in the webs of the boxes.

Global girder action should consist of a three dimensional analysis performed

for that part of the bridge under consideration as a whole. That is, between

expansion joints or other discontinuities and encompassing the curved portion of

the structure taking into account the loads from adjoining spans acting at the

tips of cantilevers (hinge joints in a span).

One point about the global action of the girder is the restraining effect

of the piers, and the bridge bearings. A curved bridge tends to shrink along

certain directions, depending on the flexibility of the piers while the movement

of the bearings may be restrained to take place along a different direction. thus

secondary moments in the horizontal direction may be produced in the girder.

From experience gained in the investigation of two such failures it has been

determined that such stresses are not a major factor. Thus, it is believed that

the global action. for both of the structures investigated, had only minor 'effects
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on the failures experienced, and were not quantitatively considered.

Regional beam action considers each web as a beam supported at the top and

bottom flanges, Figure A-2. This beam is acted upon by the radial force from the

tendons. The radial tendon force produces shear and bending in the web, as it span

vertically. The bending moment and shear in the web are also influenced by the

fact that the web concrete is under longitudinal compression from tendon prestress

This precompression has an arching effect which partly counteracts the radial

force from the tendons, thus reducing the bending moment produced by the tendon

force. In other words, the tendency to push radially inward by the curved tendons

is counteracted to some .degree by the tendency to push radially outward by the

concrete.

This is shown schematically in Figure A-3. This condition of equilibrium is

often taken for granted so that the local and regional effects of these forces are

not normally calculated, in spite of the fact that they may be far from being

balanced, depending on degree of curvature and amount of prestress tendon pressure

locally or regionally. The inward pressure from the tendons is often much higher

than the outward radial arch pressure from the concrete. Such a force imbalance

has been resisted without failure in thousands of structures that have been

constructed, although some of them may be on the verge of failure and not detected.

The stirrups in the beams are designed, as usual, to resist the vertical web

shear at the ultimate range. Generally, the webs of the box do not crack under

normal loadings and the stirrups are seldom called into action. On the other hand,

at ultimate load, where the beam webs do crack, then the stirrups are called into

full action. At that time the stirrups mayor may not have excess capacity to serVE

as the beam flexure reinforcement for the web in the vertical direction. It

appears that the stirrups should be provided to take ultimate web shear first and

to resist the web-beam action in addition. In one structure, where #5 stirrups at

12 inch centers were provided, they were overstressed in beam action alone, even,
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without their service as shear stirrups.

Local slab action is probably the most important item that actually caused

the failure in both of the structure failures investigated. The local slab action

can be studied in different ways, Figure A-4. First, consider the cover as a slab

two inches thick (reinforced with #5 bars along the inside face only) acting as a

two-span continuous beam with a central support furnished by the concrete between

the two sets of bundled tendons, as shown on the left in Figure A-4. lhis can be

analyzed as a plain concrete beam acting in shear and in flexure. However, there

is a tendency for concrete to shrink against the more rigid ducts. As a result,

the tensile strength of the concrete can be entirely lost, both in the support

area between bundled tendons and maybe in the two inch slab itself. Since it is

not considered good practice to design plain concrete to take tension, this

analysis has very little meaning.

The second analysis, shown to the right in Figure A-4, assumes that the

concrete has cracked and is unable to supply tension for the support area between

the bundled tendons. If this is the case, the slab will act as a single span fixed

at the ends, however, the reinforcement is in one plane on the inside face only.

This can offer very little resistance to the radial force from the tendons, both

in bending and in ~hear. The stresses are exceedingly high. ~ extraordinarily

high percentage of reinforcing steel would be required to resist such moments.

Unfortunately the tendons were tied to the stirrups on the inside of the curvature.

thus the stirrup reinforcement is in position next to the tendon ducts such that

it does not function to resist positiye moment produced by the radial forces.

Thus. the concrete cover essentially is a plain concrete s1ab and its resistance

is nil.

The order of magnitude of the stress produced by the three causes discussed,

when compared to the allowable stresses in concrete or its reinforcement is

approximately as follows'
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1. for global secondary horizontal stress

2. for regional bending stress

3. and for local slab bending stresses

1 to lm~

5 to 50%

10 to 300%

Of course, every case is different and could fall outside of these ranges. But

the percentages cited give an approximate order of magnitude.

Another important factor is the bundiling of the large tendons. It appears

that bundled tendons should not be used for horizontally curved bridges with a

radius under 700 feet, unless proper design considerations are implemented.

It therefore appears that, for both failures investigated, the local slab

action was the primary cause of failure, but the regional beam action could have

been a contributory cause, and could by itself have overstressed some of the

stirrups, even if not to the point of failure. The global action had a relatively
I

small effect upon these failures.

In design of curved post-tensioned concrete box girders the designer must

consider the lateral prestress force. In recognition of this problem the

California Department of Transportation (CALTRANS) has prepared and implemented

design guides. They have prepared charts and details to be used as a check of

girder webs for containment of tendons and adequate stirrup reinforcement to resist

flexural bending.

As an example, assume that the design of the girder requires a prestress

jacking force (Pj ) of 2900 kips per web, a radius of curv~ture (R) of 300 feet

and a vertical inside height of web (hc) of 6.83 feet. By dividing the jacking forCE

(P j ) by the radius (R), a lateral prestress force (F) of 9.67 kips per foot is

obtained. The first step is to enter the chart, Figure A-5, with this value (F)

on the horizontal axis of the graph and traveling vertically upward until the

ordinate (he) of web height is reached. The chart then indicates that a web thick~

ness of 12 inches, #5 stirrups at 9 inch spacing, and tendon placement detail "A"

as opposed to a "standard detail II is required. A similar set of curves, Figure A=6,
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has been prepared for #6 stirrups. In cases that specify final prestress force

(P f ) rather than jacking force (P j ), it may be assumed that Pj is equal to 1.25

Pf • Up to a value of lateral prestress force pressure (F) of 7.2 kips per foot,

indicated by the vertical dashed line, the charts indicate a "standard" tendon

placement, at this value and higher. detail "A" is required.

The "standard detail" indicated at the left"Qf Figure A-7. as the name

implies, is a standeard detail for bundled tendons. Detail "A", at the right of

Figure A-7. indicates that the tendons are stacked vertically and placed against

the outside stirrup with respect to curvature. This is done to provide a greater

thickness for local slab action and to put the inside stirrup in a position to

participate as active reinforcement in the slab action.

Further. tendon detail "A" requires #4 ties between the stirrups and adjacent

to the bundled tendons and a hoop around the bundled tendon hooked to the outside

stirrup. Figure A-B. This then mobilizes the outboard stirrup and the central

concrete area behind the inboard stirrup in participating in resisting the

pull-out of the tendons.

The application of these guides a~e based upon the following assumptions:

1. The girder web is assumed to be a beam with a length equal to the

clear distance between top and bottom flanges.

2. The lateral prestress force is assumed acting at mid-height of

the \'Ieb.

3. The moment is calculated by simple beam formula reduced 20 percent

for continuity between web and flanges with a. 1.0 load factor applied.

4. The shear and bending stresses in the web stirrups are addative.

However, for the purpose of these design aids the stirrups are

considered capable of handling these stresses independently for the

following reasons:

a) The ultimate moment is calculated for the maximum condition of
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the lateral prestress force (F) acting at mid-height of the web

span. This occurrs at only two points in a span due to tendon drape

b} The jacking force (P j ) is used in the calculations of ultimate

moment, and at the time Pj is applied, the structure is supported

on falsework. When the falsework is removed and vertical shear

forces act, the prestressing force has been reduced by losses.

It appears that these details should be incorporated in the design of horizontally

curved post-tensioned girders which have a radius of approximately 700 feet or less,
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BOX GIRDER BRIDGE HINGE RESTRAINER
TEST PROGRAM

ILawrence G. Se1na
2L. Javier "Malvar

SUMMARY

Full scale structural testing of bridge components with earthquake
inputs has been missing from experimental research programs in the USA.
Facilities that are required must be Substantial. but they can be developed
at University and National Laboratories. Bridge structural components have
geometric-size and strength capabilities that are comparable in magnitude
with full scale building components.

A structural test facility which accommodates full scale bridge com
ponent specimens has been constructed at UCLA. The initial experiments
conducted using the facility focus on testing the restrainers which are
used to retrofit box girder highway bridges. The restrainers are installed
so that hinge separation is prevented during eqrthquakes.

INTRODUCTION

Background

Post-earthquake investigations of box girder hig~way bridges after
the 1971 San Fernando Earthquake (Ref. 1) showed that the decks pulled
apart at the hinge and bearing seat locations. In 1980. two box girder
spans of the Fields Landing Overhead near Eureka. California dropped when
the hinge seats opened during t~e Trinidad-Offshore Earthquake (Ref. 2).

By the end of 1982 a significant amount of bridge strengthening or
retrofitting had been performed by the State of California. Department .of
Transportation (CALTRANS): The unrestrained joint seats represent the
prime focus of the CALTRANS retrofit program (Ref. 3). Six hundred
ninety bridges out of 1240 identified as deficient had joint restrainers
installed by that time.

Two types of longitudinal restrainers used for retrofitting are
favored by CALT~~S bridge engineers (Ref. 4): 1) the Type Cl Hinge
Restrainer consists of 7-3!4"r!f galvanized cables. bearing plates. and
drum. and 2) the restrainer bar is a l~"r!f high strength steel rod
satisfying ASTM A-722 (Ref. 5). Both types of hinge restrainers are
under investigation in experimental test programs (Ref. 6.7).

1. Professor. Department of Civil Engineering. University of
California. Los Angeles. California. USA

2. Research Assistant. Department of Civil Engineering. University of
California, Los Angeles. California, USA
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The structural configuration of the hinge region of a box girder
bridge is shown in Fig. 1. The box girder bridge is hollow and so it is
possible for workmen to enter existing construction for installation of
the restrainers. A cable installation is shown in Figs. 1 and 2. A rec
tangular cross section called' a bolster (Ref. 8) is'added to thicken the
hinge diaphragm (Fig. 1) so that punching shear failures are avoided.

A retrofitted hinge seat subjected to an opening displacement experi
ences a complicated distribution of stresses in the bolster, hinge dia
phragm, webs, soffit slab, and deck slab that are adjacent to the
restrainer. The restrainer carries a tension force which causes it to
lengthen. As the opening displacement becomes larger and the tension
forces increase then there is an increased likelihood of failure. CALTRANS
bridge engineers have selected the restrainer properties so that the fail
ure is likely to occur in the restrainer instead of the hinge diaphragm
or adjacent components.

Soon after the 1971 San Fernando Earthquake it was decided (Ref. 9)
that longitudinal hinge restrainers should be capable of resisting a mini
mum force equal to 25% of the weight of the lighter segment joined.
Bridge designs at the time were based on working stresses. The reduction
of force in the restrainers due to shears carried in the piers was neglec
ted in the design procedure.

llhen load factor design methods are used almost identical results are
obtained using 33% of the dead load (Ref. 6). Recently, CALTRANS bridge
design specifications (Ref. 10) have adopted use of the actual ground
acceleration at the site with a minimum 35% value. The loads based on the
controlling acceleration are applied to the bridge structure allowing the
columns to carry their share. Restrainers are designed to carry the
remaining forces at the joints.

The longitudinal restrainer design force values were established more
from judgement than from analysis. Dynamic analyses using linear and non
linear mathematical models have been performed (Ref. 11) on curved bridges
fitted with hinge restrainers, but there is some question concerning the
veracity of the results. The computer representations of the longitudinal
force-deflection properties of restrained hinge seats has not been verified
by a~perimental testing. Structural dynamic analysis computer programs
use the hinge seat force-deflection properties so that the effect of the
retrofitted hinge seat is represented in the ~odel. If the computer
representation of the force-deflection were confirmed then designers would
have greater confidence when using the structural dynamic idealization of
the bridge. The required longitudinal restrainer design force in terms of
dead load percentage could be established with a verified force=deflection
relation, and then used in subsequent bridge designs.

Objective

The objective of the present paper is to discuss the box girder
bridge restrainer test program. The development of the testing facili
ties, equipment, and specimens at UCLA is emphasized.
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FACILITIES A~ EQUIPMENT

Reaction Frame

A reinforced concrete reaction or loading frame composed of a test
bed and two reaction blocks is capable of resisting 1500 kips (6666 k!'l)
and is depicted in Figs. 1 and 2. A bridge specimen's anchor bars are
shown protruding through the west reaction block of the loading frame in
Fig. 3. Alternating tension-compression forces up to 1500 kips (6666 kN)
can be applied to full scale bridge components. The 4 ft (1.22 m) thick
reaction blocks have numerous 3 in. (7.6 cm) diameter pipe passages used
for tension anchors which restrain the actuators and components to be
tested. The 32 ft (9.75 m) clear distance between the reaction blocks
permit static and dynamic structural testing of components up to 22 ft
(6.71 m) in length.

The test bed section of the reaction frame extends 4 ft. (1.22 m)
below grade. At the location of the reaction blocks the test bed is
thickened to 6 ft (1.82 m) to provide sufficient anchorage distance for
the vertically oriented flexure reinforcement in the reaction blocks. The
test bed is extended 5 ft (1.52 m) outside of the reaction blocks so that
the longitudinal reinforcement of the test bed is sufficiently anchored.

Twenty-one "tie-downs", positioned in a 3 x 7 grid with 4 ft (1. 22 m)
intervals in both directions, are embedded in the test bed between the
reaction blocks. A 4 in x 8 in (10.2 em x 20.3 cm) rectangular cross sec
tion shaft extends 4 ft (1.22 m) deep into the bed. The shaft then
enlarges to a 12 in (30.5 cm) diameter and extends 15 in (38.1 cm) deeper
to a total depth of 63 in (160.0 cm). The top of the shaft is at grade
level while the top of the cavity is located below the test bed reinforce
ment. The "tie-downs" are used to hold actuators which in turn impart
vertical and horizontal shears to specimens. For example, a specimen with
one end anchored to the east reaction block can have its other end sub
jected to two components of shear in addition to an axial force component
generated by an actuator affixed to the west reaction block.

The test bed and reaction blocks were constructed as a class project
by undergraduate and graduate engineering students of the School of
Engineering and Applied Science, University of California, Los Angeles
between October 1982 and June 1983. Excavation necessary for the test bed
was performed by a private contractor.

Grade 60 reinforcing steel is used throughout the installation. Top
and bottom reinforcement in the test bed consists of 18 - #14 bars at both
elevations. Three 50 ft long cages with 70 - Y4 stirrup ties ~nd 10 or
11 - #14 bars in each cage were fabricated above grade. Before lowering
the cages into the test bed the tie-down forms were installed between the
longitudinal bars from below.

The flexure reinforcement for each reaction block consists of 36 - #9
"u" bars with the tails pointing downward. The ''U'' bar tails penetrate
through the horizontal #14 bars of the test bed. Horizontal cross ties
are used for shear reinforcement and for prevention of buckling of the
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#9 U flexure bars. Vertical shear reinforcement is also placed in the
reaction block. Transverse horizontal #9 bars are also placed on the wide
faces of the reaction blocks so that concentrated forces are distributed
to the, fl9 "U" bars.

The concrete was placed in two separate pours: 1) 100 yd3 of 7.5 sc~
stone concrete was cast against excavation for the test bed, and 2) 20 yd
of 7 scy concrete with superplasticizer donated by Conrock, Inc.,
Los Angeles, was cast in forms for the reaction blocks. Both concretes
reached 28 day compressive strengths in excess of 5000 psi.

Actuators and Controllers

One 18 in (45.7 cm) diameter by 12 in (30.5 cm) stroke actuator and
two 12 in (30.5 cm) diameter by 24 in (61.0 cm) stroke actuators are used
in the testing. They are controlled by Moog servovalves and controllers.
A 5 HP pump drives the system with a ~ax±mum speed of I in/min (2.54 cm/
min).

. SPECIMENS

Bridge Test Components

The hinge region of a box girder bridge in service is duplicated by
the components which are constructed for testing. All structural proper
ties that are used by CALTRANS (Ref. 10) including dimensions and material
properties are matched during the construction of the bridge components
for testing. .

The dimensions used in old construction are the same for most bridges.
Only the cross section depth is changed for different span lengths. The
thicknesses used in the test components are as follows: 1) webs or
stems - 12 in (30.5 cm); 2) hinge diaphragm - 10 in and 25 in (25.4 cm and
63.5 cm); 3) bolster - 9 in (22.9 cm); 4) soffit slab - 5.5 in (14.0 cm);
and 5) deck slab - 7.5 in (19.1 em). The bridge component length dimen
sion on each side of the hin8e is 10 ft (3.05 m) making a total length of
bridge that is represented equal to 20 ft (6.10 m). The bridge component
width used in the test is 10 ft (3.05 ~) which is equivalent to the dis
tance between webs or stems of an actual bridge. The height of the test
component is 4 ft (1.22 m). All except the height dimension are standard
ized box girder bridge dimensions.

The concrete proportions used in the bridge test components follow
the CALTRANS specifications in force during the 1950-1970 period, i.e.
the cement content is 6 sacks per cubic yard, 1~ in (3.81 cm) is the max
aggregate size, and the design slump is 4 in (10.2 em). The design f~ is
3250 psi (22.39 mP). The concrete is placed in three separate pours in
accord with CALTRANS procedure as follows: 1) soffit slab, stems, and
hinge diaphragm, 2) deck slab, and 3) bolster. The same forms are used
for the east and west test components.

Grade 60 reinforcement is used in the tested components. The rein
forcement configuration is shown in Fig. 4. For the cable restrainer test
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20 - #14 bars are used to anchor the west bridge component to the reaction
block (Fig. 3). The anchor bars are necessary because of the projected
750 kip (3,333 kN) cable strength. A similar number is used to join the
east bridge test component to the actuators (Figs. 1 and 2). The large
anchor bars are spread outward to the stems in the hinge region so that
only the standard reinforcement (Refs. 4,8,10) of the hinge diaphragm and
bolster remain at that location (Fig. 4). Therefore an accurate experi
mental representation of the hinge diaphragm is obtained.

Type C1 Hinge Restrainer

The Type C1 Hinge Restrainer (Ref. 4) consists of 7 - 3/4 in
(1.91 cm) ~ cables which lash the hinge diaphragms together (Figs. 1 and
2). The seven cables are anchored on the face of the west Dolster, pass
through both hinge diaphragms, wrap around a drum located on the face of
the east bolster, pass back through the second hole, and are anchored
again on the west bolster. The cables are swaged to I in (2.54 em) studs
which pass through a plate for the anchorage.

Restrainer Bars

Two 1.25 in (3.18 em) restrainer oars are installed through both
hinge diaphragms at two transverse locations. The ends of the bars are
threaded for anchorage nuts.

TESTING ARRANGEMENT

The test arrangement is -indicated in ~igs. 1 and 2. The west test
component is fixed to the west reaction block by the anchor bars which
have the ends threaded. The bars pass through the reaction block and are
held with washers and nuts. The east test component rolls on solid steel
round stock. The rounds bear on steel strip rails embedded in the test
bed and the east bridge test component so that frictionless motion occurs.
The strip rails were leveled (Fig. 5) so that gravity does not affect
measured test results.

The completed hinge seat and adjoining east and west bridge components
are shown in -Fig. 6. The anchor bars of the west component can be seen
protruding through the reaction block.

Servo-controlled actuators are~ounted to the east reaction block
(Fig. 7). Steel fittings join the actuators to the anchor bars of the
east test component so that the test component is~oved by the jacks.
Load cells are used to measure the jacking force. Three LVDT's are mounted
across the hinge joint in order to ~easure and assist in controlling the
opening displacement. The experiment is conducted so that the dis~lace

ment history of the opening is controlled at all times.

CALIBRATION

Displacement transducers are easily calibrated using dial gages, but
the force calibration is difficult. The 750 kip (3,333 kN) forces which
are present during the test to failure require the use of heavy steel
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shafts which connect the jacks to the east component of the specimen.
One 5in (10.2 em) and two 4 in (12.7 em) diameter shafts used for pulling
also serve as load cells. The load cells are calibrated while installed
but the specimen is left unloaded during the calibration. A temporary
reaction system consisting of 4 calibrated 2~ in diameter rods and pipe
joining two "strongbacks" mounted behind the pulling yoke (Fig. 7)
has been prepared. The jacks and shaft pull against the yoke which is
anchored by the "strongbacks". The 5 in diameter pipe and 24 in W beams
used in the temporary reaction system are shown in Fig. 8. After the
calibration is completed the temporary reaction system is removed and the
cable restrainer is installed in the specimen for testing.

CONCLUSION

The testing program for reinforced concrete box girder hinge restrain
ers is underway in the Department of Civil Engineering at the University
of California, Los Angeles. Full scale box girder bridge test components
and prototype restrainers used in the CALTRANS earthquake retrofit program
are subjected to cyclic loadings which represent seismic inputs.

A reaction frame capable of accommodating the large dimensions and
forces of the bridge test components and restrainers has been constructed.
The reaction blocks and test bed of the reaction frame can impart three
dimensional force distributions to full scale bridge components to be
tested.
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Fig. 5 - Strip Rails for
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ABSTRACT

An experimental research program on dynamic behavior of reinforced concrete bridge

pier columns using the dynamic structural experimental facility at the Earthquake

Engineering Laboratory of the Public Works Research Institute started in 1981. Following

preliminary tests conducted in 1981, reversed cyclic loading tests of reinforced concrete

bridge pier column models with different longitudinal reinforcement ratios were performed

in 1982.

The length scale ratio of the models to the prototype for a Japanese typical bridge pier

column was taken about 1/5. The longitudinal reinforcement ratios of the three. types of

model were PI = 1.79010, 0.87%, and 0.48%. Reversed cyclic displacements of ten cycles

with an amplitude of noy (oy: yield displacement, n = 1,2,3,4,5, .....) were applied to the

top of the column. The loading was static and dynamic (sinusoidal waves with a velocity

amplitude of 25 em/sec). The models were flexurally failed with concrete crush and

longitudinal reinforcement cut at the bottom of the column. Displacement ductility factors

JI. (= ultimate displacement/yield displacement) of the three types of column were about

JI. = 4 for PI = 1.79% (tensile reinforcement ratio: PI = 1.02%), JI. = 7 for PI = 0.87010,

(PI = 0.50%), and JI. = 10 for Pe = 0.48% (PI = 0.27%). The ductility factor increased as

the longitudinal reinforcement ratio decreased.

Preceding page blank
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1. OUTLINE OF THE EXPERIMENT

The setting of the specimen and actuator is shown in Fig. 1.1.

1.1 Specimens

Specimens of typical reinforced bridge pier column models used in the experiment are

shown in Fig. 1.2. The scale of the specimens was about 115 of the prototype bridge pier

column. Dimensions of the specimen columns were height of 2.4m, cross section of O.4m x

O.8m, and shear-span ratio hid of 6.9 (h = column height = 204m, d = effective depth of

the section in the loading direction = O.35m).

Three types of specimen with a longitudinal reinforcement ratio of Pt = I.7911lo

(P, = 1.0211lo, Type A), Pt = O.8711lo (Pc = O.5011lo, Type B), and Pt = 004811lo (PI = O.2711lo,

Type C) as shown in Table 1.1 and Fig. 1.3 were considered in the experiment. The tensile

reinforcement ratio of most bridge pier columns in Japan ranges from O.2511lo to I.Ol1lo.

Type B column represents a common bridge pier column. Type A column represents a

high-longitudinal reinforcement ratio bridge pier column, and Type C column does a low

longitudinal reinforcement ratio column.

1.2 Measuring

Measuring items are listed in Table 1.2. Lateral loads at the column top and lateral

displacements at the top and middle of the column were measured. Uplift and sinking

(rotation) of the column were measured at the column bottom where a plastic hinge was to

be formed. Strains of longitudinal reinforcements and hoops were measured at the bottom

of the column. In the case of static loading test, peak and residual crack widths were

measured. In the case of dynamic loading test, accelerations were measured at the top of the

column to estimate inertia forces for the modification of measured lateralloads.(Fig. 1.4).

1.3 Loading

Static and dynamic lateral loads were applied at the top of the column by an actuator.

load of superstructures acts on a bridge pier column, the axial load was not applied to the

125mm of the maximum stroke, and ± I m/sec of the maximum velocity with a frequency

range of DC-30 cycle/sec.

The loading history is shown in Fig. 1.5. Up to the yield of the column, the load was

increased step by step (10 steps). After the yield of the column, lO-cycle displacements with

an amplitude of oy (yield displacement), 2oy, 30Y, 4Oy, Soy, ..... were applied. In the case of

dynamic loading test, the input motion was sinusoidal waves, and the loading velocity

amplitude was 25 cm/sec. Though an axial stress of 5 Kg/crnZ - 20 Kg/crnZ by the dead

load of superstructures acts on a bridge pier column, the axial load was nOI applied to the

specimen column in the experiment.
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2. TEST RESULTS

2.1 Results of the Material Test

Results of the material test are shown in Table 2.1 and Table 2.2.

2.2 Failure Mode

Failure modes of the columns by the dynamic loading are shown in Fig. 2.1. The

figures show the state of the column after the 10th-cycle (n = 10) loading of each step. The

failure modes of the columns by the static and dynamic loading were similar. The develop

ment of a failure was as follows:

Type A: horizontal crack -diagonal crack (at 30Y) - cover concrete spalling (at 4oy) 

longitudinal reinforcement cut (at 4.5 oy, finally two reinforcements were cut at

4.5e5y)

Type B: horizontal crack - diagonal crack (at 50y) - cover concrete spalling (at 6oy) 

logitudinal reinforcement cut (at 7oy, finally two reinforcements were cut at 7Oy)

Type C: horizontal crack - separation between the column and footing (partial cover

concrete spalling) - longitudinal reinforcement cut (at 90Y, finally four reinforce

ments were cut at lOOy).

The damage (diagonal crack, cover concrete spalling, longitudinal reinforcement cut)

developed at the bottom of the columns. In the low-longitudinal reinforcement ratio column

(Type C), significant diagonal cracks and cover concrete spalling did not occur.

Until the spalling of cover concrete (crushing of concrete) following diagonal cracks,

Type A and Type B columns held strength larger than the yield load. After the cover

concrete spalling, longitudinal reinforcements were cut and the column strength decreased

remarkably. Type C columns held strength larger than the yield I~ad until the cut of

longitudinal reinforcements following the separation between the column and footing. After

the cut of longitudinal reinforcements, the column strength decreased remarkably.

Cover concrete spalling occurred in a region of 1.5D for Type A columns and that of D

for .Type B columns, where D is the column width (40 cm) in the loading direction, above the

column bottom. In Type C columns, cover concrete spalling occurred partially at the

column bottom. The cl?ver concrete spalling region (plastic hin"ge region) got wider as the

longitudinal reinforcement ratio increased.

2.3 Strength and Ductility

Load-displacement envelope curves obtained by the static and dynamic loading tests are

shown in Fig. 2.2. Performance of the columns is shown in Table 2.3 and Fig. 2.3.

The higher the longitudinal reinforcement ratio was, the larger the yield load, ultimate

load (maximum load), yield displacement, and ultimate energy were. The ultimate load was

10 - 300/0 larger than the yield load. Displacement ductility factors p, ( = ou/oy) were about

4 for Type A columns, 7 for Type B columns, and 10 for Type C columns. The lower the
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longitudinal reinforcement ratio was, the larger the displacement ductility factor was.

Though the results of the static and dynamic loading tests were almost the same, the

ultimate load, ultimate displacement, displacement ductility factor, and ultimate energy in

the dynamic loading test were slightly larger than those in the static loading test. The

difference between the dynamic and static ultimate loads was Sl1Jo for Type A column, 5%

for Type B column, and 4% for Type C column of the static value. That between the

dynamic and static ultimate displacements and displacement ductility factors was 14% for

Type A column, 8% for Type B column, and 0% for Type C column of the static value.

That between the dynamic and static ultimate energies was 19% for Type A column, 12%

for Type B column, and 2% for Type C column of the static value. Effects of the loading

velocity were larger when the longitudinal reinforcement ratio was high.

2.4 Rotation at the Bottom of the Column

Column rotations by the damage concentration and extension of longitudinal

reinforcements at the column bottom were measured in the loading tests. Fig. 2.4 shows

column top displacements by the rotation at the bottom of the column. In the loading tests

of Type A and Type B columns, bending deflections of the column were dominant before

the yield of the column. After the yield of the column, the displacement by the rotation

became large and was about 40% of the total column top displacement at oy and 70% of

that after 2oy. In the loading test of Type C column, most of the total column top displace

ment (about 80%) was by the rotation.

2.5 Hysteretic Damping

Hysteretic damping constants obtained from the load-displacement hysteresis loops are

shown in Fig. 2.S. The damping constants of Type A and Type B columns at the first-cycle

(n = t) loading were about 0.05 at oy and 0.2 after 2oy. That of Type C column was about

0.1 at oy, O.IS at 2oy, and 0.2 after 30y. Though the damping constants in the dynamic

loading test were generally larger than those in the static loading test, there was little

difference between them.

3. CONCLUSIONS

The following results were obtained by the reversed cyclic loading test of reinforced

concrete bridge pier column models with different longitudinal reinforcement ratios.

(1) Damage to a general reinforced concrete bridge pier column develops at the column

bottom as follows:

horizontal crack - diagonal crack - cover concrete spallmg - longitudinal rein

forcement cut

The column holds the strength larger than the yield load until the cover concrete

spalling (crushing of concrete) Occurs. In the case of a low-longitudinal reinforcement
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ratio (tensile longitudinal reinforcement ratio Pt ~ about 0.250/0) column, significant

diagonal cracks and cover concrete spaIIing do not occur.

(2) Displacement ductility factors 14 (= ou/oy) of the columns were 14 = 4 for the longi

tudinal reinforcement ratio PI = 1.79% (tensile reinforcement ratio Pt = 1.02%),

14 = 7 for Pe = 0.87070 (Pt = 0.50%), and 14 = 10 for Pe = 0.48% (Pt = 0.27%) in

the experiment. The ductility factor of a reinforced concrete bridge pier column

increases as the longitudinal reinforcement ratio decreases.. The plastic hinge region

(cover concrete spalling region) of the columns were 1.5D for PI = 1.79070, D for PI =

0.87%, ·and partial for PI = 0.48%, where D is the column width in the loading

direction, above the column bottom in the experiment. The plastic hinge region of a

reinforced concrete bridge pier column increases as the longitudinal reinforcement ratio

increases.

(3) Though the results of static and dynamic loading tests were similar, the ultimate

strength (maximum strength), ultimate displacement, ductility factor, and ultimate

energy in the dynamic loading were slightly larger than those in the static loading.

Effects of the loading velocity increased as the longitudinal reinforcement ratio

increased in the experiment.

(4) Bending deflections are predominant in the deformation of a reinforced concrete bridge

pier column when the damage is small. After the yield of longitudinal reinforcements

at the column bottom, the rotation of the column increases by the damage concentra

tion and extension of longitudinal reinforcements at the column bottom. Column top

displacements by the rotation were about 40% of the total displacement at oy and 70 

80% of that at larger displacements in the experiment.

(5) Hysteretic damping constants of a reinforced concrete bridge pier column were estimat

ed as h = 0.05 - 0.10 at oy and h:,. 0.20 at larger displacements.
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Table 1.I Specimen Types

Type A Type B Type C

Longitudinal reinforcement
1.79"7. (019) 0.87"7. (016) 0.48% (013)

ratio (S030) Pa

Hoop ratio Pw 0.08% 0.08% 0.08%

Spacing of hoop (SR24. 09) 20cm 20cm 20cm

Type B

l-- 0 0

0 •
0 0

0 0

0 0

0 0--- . .
I 300 I

l-- • ·· ·
· ·· ·
· ·

--- · ·I 100 I
50 unit: mm

TypeC

50

o
'"

5050

o
'"

Type A

•
•
o
•

~;J...._+r__~°rl

019 x 20
As = 57.3 em'
Pa = 1.79".

016 x 14
As = 27.8clII'
Pe = 0.87".

013 x 12
As = 15.2eOl·
Pa =0.48"1.

Fig. 1.3 Colullln Cross-Section of the Specimen

Table 1.2' Measuring Items

Load I point

Actuator

Displacement I point

Top displacement I point

Middle displacement I point

Column Uplift and sinking at the bottom 4 points

Top acceleration (dynamic loading test) 1 point

Crack width (static loading test)

Strain at the bollom of the column 4 points
Longitudinal

Reinforcement
Strain in the footing 6 points

Hoop Strain ncar the bottom of the column 4 points
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• Strain
gauge

Displacement
transducer

unit: mm ...L

Fig. 1.4 Selling of Instruments

6y - Yield displacement
36y(n - 10)

46y(n - 10)

Fig. 1.5 Loading History

Table 2.1 Compressive Strength or Concrele

Specimen for the static loading test

Specimen for the dynamic loading test

Table 2.2 Yield I'oint of Reinrorcement

290kg/crnZ

258kg/cm'

019 (Type A: P, = 1.79%) 3.804kg/CIT~ (!.y = 1.811 x 10-')

Longitudinal
Reinforcement DI6 (Type n : P, = 0.87%) 3,625kg/clT~ (!.y= 1,726 x 10:')

(5030)

013 (Type C : P, = 0.48%) 3,70lkg/crnZ (!.r = 1,762 x 10-')

Hoop (5R24) 09 3,302kg/cn~ (~.r = 1,572 x 10-')

\
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Table 2.3 Performance of Ihe Columns

Static loading Test Dynamic loading Tesl

Type A Type 0 Tl'PcC Type A Type 0 TypeC

Yield load Pv (t) 14.3 7.1 4.3 13.8 7.1 3.9

Ultimate load Pu'(I) 15.4 8.8 4.8 16.2 9.2 5.0

n,/Pv 1.08 1.24 . 1.12 1.17 1.30 1.28

Yield displacement hy (mm) 19.0 12.2 5.4 19.0 12.2 5.4

Ultimale displacement bu'· (mm) 69 80 55 79 86 55

~u/hy 3.6 6.6 10.2 4.2 7.0 10.2

Ultimalc energy 1;.". (1m) 1.87 1.25 0.49 2.22 1.40 0.50

I-'
0!>
N

Noles: • Pu : Maximum load on the load-displacemcnt envelope curve
•• h. : Column lOp displaccmcnl when the load decreascs to thc yield load

••• Eu = I:: P(h)db + !;.. P(h)dh
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PREFACE

In our country, bridge piers are subjected to strong motions due

to earthquake. Furthermore, size of bridge piers are strictly limited

in metropolitan highways and in monorails. High ductility and high

resistance is, therefore, required for bridge piers in Japan. In this

regard, use of concrete-filled steel tubes is examined.

Steel Tubes have pretty high resistance; however, steel tubes

are liable to yield local buckling and to lose ductility after yielding

local buckling. Concrete piers with adequate reinforcing have good

ductility; however, they are large-sized. Concrete-filled steel tubes

are thin steel tubes with concrete and shear connectos in the tubes.

When they are subjected to a strong motion, concrete prevents the local

buckling of thin steel tubes, steel tubes giving adequate reinforcing

to the concrete. Therefore, even small-sized concrete-filled steel

tubes have excellent ductility and resistance.

Sometimes, concrete-filled steel tubes were used for bridge piers

or building members. However, they were used just to increase the

rigidity of the members or to stiffen the steel tubes, and they were

not designed as composite ?tructures. In our report, concrete-filled

steel tubes are regarded as composite structures to expect higher

resistance and ductility. At present, many problems are not settled

to design concrete-filled steel tubes as composite structures, such

as provisions for shear connectors, plate thickness and so on. In

the report, these problems are examined in detail, based on the results

of full-size tests, and design recommendations are presented.

The following reports are coming in series.

Part I Compression Members

Part II Long Columns

Part III Bending Members

Part IV Beam Columns
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Bridge piers should be designed to resist earthquakes which are

expected during the lifetime of the structures. However, we cannot but

say that it is waste of national budget to construct the bridge piers

which can resist the severest earthquake. In this regard, the concept

of "minimum total cost" should be introduced.

On the other hand, admitting the above, brittle structures which

may cause disasters due to the collapse of the structures should be

avoided as far as possible. Ductile structures, which will not collapse

. even in the strongest earthquake, yielding some local failures, is

desirable for bridge piers. For example, Fig. r (a) shows the ductile

structures, Fig. 1 (b) showing the brittle s~ructures. Ductile structures

may yield some local failures, but they will not lose resistance even

in the region of large deformation.

p Elasticity. ..
Plasticity

•
p Elasticity

41 • Jill

Plasticity

L...~---------- O
(al (bl

Fig. 1 Ductile and Brittle Structures
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Steel tubes are ductile or brittle depen4ing on the Diameter 

Thickness ratio (D/t). Thin steel tubes are economical in the elastic

design, but they are usually brittle. Thick steel tubes are usually

ductile, but they are not economical in the elast~c design. Therefore,

it is very difficult to determine the adequate Dlt value for bridge

pier design.

In this regard. behavior of composite concrete-filled steel tubes

is excellent. Concrete prevent~ the local buckling of thin steel tubes,

steel tubes giving adequate reinforcing to the concrete. Therefore,

concrete-filled steel tubes have excellent resistance and ductility.

However, we do not have good design specifications to design the

concrete-filled steel tubes as composite structures. In the following

chapters. the behavior of the concrete-filled steel tubes is examined

in detail based On the full-size tests with 3000 ton testing machine

of the P.W.R.I. In this report. the teat results of the short

compression members are described.



CHAPTER - 2

150

DESIGN PROBLEMS OF CONCRETE-FILLED STEEL TUBES

As described in the Preface, concrete-filled steel tubes are some-

times used for bridge piers and building members; however, they are

,used to give th~ rigidity to the members or to stiffen the local

buckling of the steel tubes. Higher economy can be expected by designing

the concrete-filled steel tubes as steel-concrete composite structures.

In this regard, the following problems should be settled.

1. When steel and concrete are both elastic, Poisson's ratio of the

concrete (about 1/6) is much smaller than that of the steel (about

0.3). Therefore, under axial compression, concrete and steel will

separate from each other in a cross rection (Fig. 2). When steel

and concrete are connected by studs or something, steel will be

subjected to compression for hoop direction. On the other hand,

when steel and concrete are not connected, the both will behave

independently, and they will not be composite structures. So, how

to give enough bond between steel and concrete is a important

problem.

p

Natural bond may not be enough and studs may be required.

Without bond

~I I
I I

I :
I I
I I

. I I
I I
I •
• I
I I
I •

:....... : ..-: ... ,:
,,~' ., .,;)

... It ~ ,........... -...

p

with bond

(
Steel and concrete Will)
behave independently

Fig. 2 Behavior in Elasticity
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2. When steel and concrete are plastic, Poisson's ratio of the

concrete increases to about 0.5 which is much larger than that

of the steel. Therefore, steel tube will be subjected to

tension for hoop direction. At this time, steel and concrete

will behave together without the bond, and high resistance and

ductility is expected. These effects should be examined.

p

tension
steel tube

p

Fig. 3 Behavior in Plasticity

3. The behavior described above is affected by many factors such

as plate 'thickness, concrete strength, steel strength, arrangement

of studs and many others. These relations should be cleared up

and design specifications should be provided.

In this report, the above problems are examined. Meanwhile, the

following problems should be further settled to give complete

design specifications. These will be described in the coming

reports in series.

4. Under bending, concrete will be subjected to tension, and may

yield cracking. Resistance and rigidity of concrete-filled steel

tubes under bending should be, therefore, examined. At the same

time, arrangement of shear connectors should be examined.
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5. Under repeated loadings, the resistance of concrete-filled steel

tubes may decrease, due to the extension of cracking, the accumlation

of plastic strain. the stress concentration due to studs and so

on. Furthermore, the bond between concrete and steel may be lost.

These should be examined in detail.

6. The resistance of long columns composed of concrete-filled steel

tubes should be examined. The evaluation of slendarness ratio is

pretty complicated in composite structures.
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CHAPTER - 3 OUTLINE OF THE TESTS

In the compression tests, ten full-size specimens werefablicated.

We needed full-size specimens in order to provide studs inside the steel

tubes, and also to examine the bond problem in detail. The configu

lation of the specimens are shown in Fig. 4, the specifications being

shown in Table 1.

SECTiON A-A SECTiON B-B

~o
0",
00-... -
I U

0
;:

l!!. 22¢

~
i

700 175
10@-1400 (Ll 22

13;; ., 1 1;0'
850

1444 1050
• 00--

I
(stud)

22

Fig. 4 Configuration of Test Specimen

Table 1. Specifications for The Test Specimens

No. Diameter x plate Concrete Stud Yield strength Concrete Remarksthickness of steel strength

A-I 700 x 6 without without 4600 254

A-2 .. x 8 .. .. 4720 "
A-3 " x 8 .. " " .. for cyclic loading

A-4 .. xU .. " 4000 "
B-1 700 x 6 with with 4600 "
B-2 " x 8 .. " 4720 " for cyclic loading

B-3 " x 8 .. .. " ..
B-4 .. x 12 .. " 4000

8-5 " x 8 .. without 4720 ..
8-6 " x 8 .. with " 410
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Steel plate material is SM 50Y, which has nominal yield strength
2

of 3600 kg/em. Tensile strength of the material was tested by test

pieces taken from bent up steel tubes. The results are shown in Table 2.

Table 2. Yield Strength of Steel

Size Yield strength Breaking strength Elongation
(kg/cm2) (kg/cm2) (%)

4570 5700 23.4

tJ 700 x 6 4620 5750 23.0

4630 5670 22.1

average 4600 5700 22.8

4720 5650 25.8

tJ 700 x 8 4720 5660 26.0

4720 5620 25.7

average 4720 5640 25.8

4000 5710 22.4

tJ 700 x 12 4030 5770 22.1

3970 5770 21.6

averge 4000 5750 22.0

nominal 3700 up 5000'" 6200 15 up

The steel tubes are bent up as shown in Photo 1, and welded from

inside and outside as shown in Photo 2 and Photo 3. The welding was·

carried out as shown in Fig. 5 and Table 3. The studs were welded by

a stud-gun, as shown in Photo 4.
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Photo-l. Bending Process of Steel Tubes

Photo-2. Welding (Inside)

Photo-3. Welding (Outside)



156

CJPcis~t$S
-----l..-6HO· ~~ 1

-
Dimensions

- 4

Plate
bthickness a c

12 3 10 5

8 2 8 3

6 2 - -
Fig. 5 Welding Process

Table. 3 Specifications f~r Welding

Plate Place I V Velocitythickress

12 (mm)
Inside 560A 38V 37cm/ mm

Outside 580 36 30

Inside 430 35 50
8 Outside 580 38 45

Inside 370 32 85
6 Outside 580 36 60

Photo-4. Stud Welding
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Table 4. Specifications for Concrete

Nominal Unit Water Cement Fine Coarse
aggregate aggregate

a • 210kg/cm2 1 m3 l52kg 249kg 826kg 11l0kg

a • 400kg/cm2 1 m3 15lkg 357kg 650kg 1179kg

Concrete Strength

Nominal (1) (2) (3) Average

210 241 247 247 245

400 438 436 .429 434

The specifications for the concrete and the concrete strength

are shown in Table 4. After casting the concrete. the concrete will

yield shrinkage, which will prevent uniform loading of the specimen.

Therefore, non-shrinkage mortar was casted at the top and the bottom

of the specimen three weeks after casting the concrete. and then top

and bottom plates were welde~ to the specimen. Both top and bottom

plates were ground up by facing machines in order to obtain uniform

loading. (Pho to 5 - Phot 0 7)

Photo-5. Mortar Casting
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Photo-6. Bottom and Top Plate

Photo-7. Grinding of Top and Bottom Plate
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Specimens A-1 to A- 4 are steel tube specimens without concrete

in them. A- 3 is same as A- 2. but it is for cyclic loading.

Specimens B-1 to B - 6 are concrete-filled steel tubes. B-1 to

B- 4 are the same ones as A-1 to A- 4 respectively. except for the

concrete and the studs in them. B- 5 is originally same as B-2. but

it is not provided with studs. B- 6 is also same as B-2, but it has

high strength concrete in it.

In the tests, total deformation. strain of the steel tubes

(128 points) and out-of-plane deflection of the steel tubes (52 points)

were measured by automatic computer system. Fig. 6 shows the strain

gauges. Fig. 7 showing the measurement of out-of-plane deflection.

Photo 8 shows the testing machine and the "measurement system.
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Fig. 7 Measurement of Out-of-Plane Deflection

Photo-So Measurement of Out-of-Plane Deflection
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TEST RESULTS AND ANALYSIS

4.1 Resistance of concrete-filled steel tubes

The theoretical values and the test results of the resistance

of the specimens are listed in Table 5, where,

Table 5. Theoretical and Experimental Resistance

Theoretical Resistance

No. Experimental Sc(t) Sb(t) Sy(t) Sc+Sb(t) Sc+Sy(t) Experimental Experimental
Resistance Sc+Sb ---sc+sy-

A-l 540 - 567 602 567 602 0.95 0.90

A-2 753 - 786 821 786 821 0.96 0.92

A-3 760 - 786 821 786 821 0.97 0.93

A-I. 1087 - 1010 1037 1010 1037 1.07 1.05

B-1 1509 911 567 602 1478 1513 1.02 1.00

B-2 1730 900 786 821 1686 1721 1.03 1.01

B-3 1722 900 786 821 1686 1721 1.02 1.00

B-4 2230 879 1010 1037 1889 1916 1.18 1.16

B-5 1694 900 786 821 1686 1721 1.00 1.10

8-6 2663 1595 786 821 2381 2416 1.12 1.10

Sc resistance of the concrete, obtained from the cylinder

test result of the concrete.

Sb resistance of the steel tube, obtained from the local

buckling strength of the steel tube. Effects of

residual stresses and initial deffections are considered

in the following Donnell-Wan equations.

a == a ( N - J N
2

- a n la ) .•••••.•••••••. (1)cr y c... y

in which,

acr local buckling strength, where effects of initial

imperfections are considered.

a yield strength of the steely
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ac~ elastic local buckling strength of the steel tube,

which is obtained from

E t

R

E,v Modulus of elasticity and Poisson's ratio of the

steel.

R, t

N

radius and plate thickness of the steel tube.

constant obtained from

N

U measure of initial imperfections.

u. 0.001 is recommended in the Highway Bridge

Specifications in Japan.

S resistance of the steel tube, obtained from the
y

yield strength of the steel.

As shown in Table 5, the resis tance of the specimen A - 1 to A - 4

is sometimes lower than the theoretical values (Sb)' because the

effects of initial imperfections is significant in the thin plate

steel tubes.

The followings three cases can be considered about the theoretical

resis tance of the specimens B-1 to B - 6.

Case 1 ;

Case 2

wben the steel tube and the concrete behave indepen

dently, the resistance will be Sc + Sb'

When they are connected together, the concrete will

prevent the local buckling of the steel tube, then

the resistance will be S + S •
c y
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When the concrete is confined by the hoop tension

of the steel tube in plastic reyion, the concrete

strength will be higher than the cylinder strength,

then, the resistance will be higher than S + S .
c y

Table 5 shows that the resistance of the specimens B-1 to B-3

is about the same as S + S , because even in these thin-platec y
specimens, local buckling is prevented by the concrete. The

resistance of the specimen B- 4 is higher than S + S , becausec y
the thick steel tube confine the concrete and the concrete

strength is higher than the cylinder strength. Therefore, the

resistance of the Case 2 is expected in the thin plate concrete

filled steel tubes, the resistance of Case 3 being expected in

the thick plate ones.

On the other hand, the resistance of B- 5 is smaller than that

of B-2, and it is nearly same as the resistance of Case 1,

where the steel tube and the concrete behave independently.

Studs may be, therefore, needed to expect the resistance of

Case 2.

Finally, the resistance of the specimen B-6 is much higher

than S + S , that is, the resistance of Case 3 is obtained.c y
The steel tube of B- 6 is same as that of B-2, so, it is

rather thin plate. Actually, the resistance of B-2 was that

of Case 2.

Therefore, the status of the concrete is another important factor

in estimating the total resi'stance. That is, in B-2 specimen,

the concrete was broken into small blocks in plastic region, but

the high strength concrete of B - 6 specimen was not broken even

in plastic region. This is why high resistance was obtained in

B - 6 specimens. Therefore, high-strength or high-quality

concrete is needed to expect the resistance of Case 3.
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4.2 Ductility of concrete-filled steel tubes

The ductility of the specimens can be examined by load-deformation

curves, which are shown in Fig. 8 to Fig. 17.

Fig. 8 to Fig. 10 show that the thin plate steel tubes have

small ductility, and lose strength after attaining the maximum

strength, Photo 9 shows the local buckling of A- 2 specimen which

cause the loss of ductility. Fig. 11 shows that the thick plate

steel tube has good ductility. Thick plate steel tube will not

yield local buckling as shown in Photo 10.

Fig. 12 to Fig. 17 shows that even thin plate concrete-filled

steel tubes have good ductility.

Furthermore, the ductility is not lost in repeated loadings.

Therefore, concrete-filled steel tubes are good for bridge piers

as far as compression members are concerned. Even B - 5 specimen

without studs shows good ductility.
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Photo-IO. Specimen A- 4 After Loading

Photo 11 shows the B-2 specimen after loading. Concrete-filled

steel tubes are also subject to local bucklong as shown in the

photo, however, even in the plastic region the local buckling

did not spread out,a...nd the specimen did not lose the resistanc-e.

Phote 12 shows the B-3 specimen which was loaded to large

deformation region. At that time, pipe diameter was widened

significently at the center due to the hoop tension force.

But, it did not lose the resistance. Therefore, as far as hoop

tension action is expected, concrete-filled steel tubes will keep

their ductility.

In the previous section, it was described that high strength

concrete was required to expect the resistance of Case 3. It

depends on whether the concrete is broken or not. Photo 13

shows the concrete after loading, where no local buckling of the

steel tube is observed. Photo 14 shows the concrete where local

buckling is observed. In the Photo 14, the concrete is broken

in small blocks. It is reasonable to conclude that, if the

concrete is strong enough, the concrete will not be broken even
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in the plastic region, and therefore, the resistance of Case 3

can be expected, while if the concrete is not strong enough,

the concrete will be broken into small blocks in plastic region,

and at that time, the resistance of Case 3 cannot be expected,

the hoop tension not being enough. Ac tually, specimen B- 6

did not yield any local buckling, and showed the resistance of

Case 3(Photo·l5).

In the load-deformation curves shown in Fig. 12 to Fig. 17,

the rigidity of the specimens are somewhat lower than the theore

tical rigidity, where stress-strain curve of the concrete is

supposed as follows.

o ~ € ~ 0.002 ••••• (2)

In the equation, the ratio of the modulus of elasticity is 8.5

at € ~ 0, which may be reasonable for the concrete.

Photo-H.
Specimen B-2 After Loading

Photo-l2.
Specimen B-3 After Loading



Photo-l3.
Concrete After Loading
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Photo-14.
Concrete After Loading

Photo-15. Spe:imen B - 6 After Loading

I
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The followings can be considered· to explain the above.

1. The residual stresses due to the studs may bring about lower

rigidity. Actually, specimen B-S, which has no stud, shows

pretty high rigidity.

2. It is reported that the quality of the concrete cast and

cared in the airtight conditi~n in a pipe is not so good.

Therefore, the rigidity of the concrete itself might have

been lower than expected.

4.3 Behavior of londitudinal strain

Fig. 18 to Fig. 27 shows the behavior of the londitudinal strains

of the specimens. All the strain were measured at the surface

of the steel tubes. The figures shows the strains where local

buckling was observed. Therefore, local buckling behavior can

be observed from the figures.

Fig. 18 to Fig. 20 show that the local buckling of the specimens

is pretty elastic, because they are thin plate steel tubes,

while Fig. 21 shows that A-4 specimen did not yield local

buckling and showed only elasto-plastic behavior.

Fig. 22 to Fig. 27 shows a little disturbance of the strains

which may be caused by residual stresses due to studs. They

also show that the rigidity of the specimens is somewhat lower

than the thoretical values, which was described in the previous

section. But, besides these, no special problem can be observed.

The residual stresses due to studs may cause fatigue problems

if subjected to highly cyclic loadings, but as far as bridge

piers are concerned, we can neglect the problem.
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4.4 Behavior of hoop stain

As described in Chapter 2, the concrete and the steel tube of

a concrete-filled steel tube will separate from each other in

elastic region. Regarding the problem, the following theoretical

solution can be obtained.

First, when the steel and the concrete behave independently,

the hoop stains.of the steel tube and the concrete is expressed

by the following formulas.

(3)

(4)

where, £x means londitudina1 strain, and Vs and Vc means the

Poisson's ratio of the steel and concrete respectively.

When they are connected together by the bond stress oco, the

hoop strain of the steel is expressed by the followings (fig. 28).

- (Vs £x °co • R+ ---Es • t
............... (5)

where, Rand t is the radius and the thickness of the steel tube.

The hoop strain of the concrete is

£ hc (1- Vc ) oco
Ec ) •••••••••• (6)

If the concrete and the steel behave together, £hs must be equal

to £hc. Therefore, oco can be expressed as follows.

[(R/t) IEs + (1- V c) lEe]

and £ hs can be expressed as

£ X (7)
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(8)

Now, to examine the behavior of the concrete-filled steel tubes,

Where the maximum resistance is attained, let's assume that

Es/Ec = 15.0. Assuming that a y = 4000 kg/ cm2, the required

bond stress is expressed as follows.

a co = ."....,.--=:5::.3=:3-=--=
R/t + 12.5

2(kg/cm ) • •• • •• •• •••• •• • •• •• •• (9)

and the hoop stain is expressed as follows, assuming that

Es/Ec = 7.0 in this case

2 ) e:
l5{l + 5.83(t/R)] x

Concrete

steel tube

(10)

Fig. 28 Boad Stress
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If the concrete and the steel behave independently, the hoop

strain will be expressed by equ.(3), and if they behave together.

the hoop stain will be expressed by equ.(lO) , the required bond

stress being expressed by equ.(9).

When the bond is kept, the Poisson's ratio of the specimen is

not 0.3, but
( 0.3 - 15 [1 + 5.~3 (R/t) 1)

So, let's call this as modified Poisson's ratio. In Table 6,

the bond stress a co and the modified Poisson's ratio is listed.

Fig. 29 to Fig. 38 show the behavior of hoop stains. In the

figures, the theoretical curves. obtained from equ.(3) and equ.(lO)

are also shown. The hoop strains of the specimens A-1 to A- 4

are just same as the thoretical curves. The hoop strains of the

specimen B-1 to B- 4 and B - 6 are same as the thoretical values,

obtained from modified Poisson's ratio, however; the hoop staines

of the specimen B - 5 is rather like the theoretical values,

obtained from Poisson's ratio of 0.3. Therefore, it is concluded

that the natural bond between concrete and steel is not enough

to connect them together, and without studs, the concrete and the

steel will behave independently, while they will behave together

with adequate studs. Therefore, studs may be required to design

the concrete-filled steel tubes as composite structures.

Table 6. Modified Poisson's Ratio

of the Specimens

B-2

Specimen B-1
B-3 B-4
B-5
B-6

Rlt 58.3 43.8 29.9

a co (kglcm2) 7.5 9.5 12.8

lfodified 0.179 0.182 0.189
Poisson's Ratio
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The followings may be concluded about the behavior of concrete

filled steel tubes under compression.

(1) When studs are provided, the sum of the steel yield strength and

the concrete cylinder strength can be, at least, expected irrespec

tive of the steel plate thickness and the concrete strength. When

thicker plate is used, or high strength concrete is used, higher

resistance can be expected because of the hoop tension action of

steel'tubes.

On the other hand, when studs are not provided, the resistance

of concrete-filled steel tubes will be the sum of the buckling

strength of the steel tubes and the concrete cylinder strength,

because they behave independently.

(2) Concrete-filled steel tubes have good ductility, while steel tubes

themselves have usually small ductility. Steel tubes of the

concrete-filled steel tubes will yield local buckling and the

concrete inside will be broken if the plate is not thick, or if

the concrete is not strong, but it will not impair the resistance

and the ductility significantly. But in this case, hoop tension

effect cannot be expected.

(3) Judging from the hoop strain behavior, concrete-filled steel tubes

without stu~s cannot be designed as composite structures. Adequate

studs may be required for composite concrete-filled steel tubes.
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BEHAVIOR OF CONCRETE-FILLED STE~L TUBES

(PART 2; BENDING MEMBERS) ,

by

N. Narita*, S. Saeki** and M. Kanai***

ABSTRACT

Concrete-filled Steel Tubes are suitable for bridge piers, because
of their high resistance and good ductility. However, design specifications
for concrete-filled steel tubes are not well established, because their
behavior is pretty complicated.

Last year, we reported about the behavior of concrete-filled steel
tubes subjected to compression. In this report, the behavior of concrete
filled steel tubes subjected to bending is discussed in detail. The conclu
sions are as follows;

1. The resistance of concrete-filled steel tubes subjected to bending
will be more than the full-plastic bending moment due to the hoop
tension action of the steel tubes, on condition that the natural bond
between the steel tUbes and the concrete is secured.

2. The steel tubes and the concrete of concrete-filled steel tubes may
separate from each other, when enough amount of shear connectors are
not provided.

1. INTRODUCTION

Last year, the behavior of concrete-filled steel tubes was discussed

under compression. High resistance and good ductility of concrete-filled

steel tUbes were observed, because the local buckling of the steel tubes

was prevented and the concrete is triaxially compressed due.to the hoop

tension action of the steel tubes. However, shear connectors are sometimes

needed to secure the composite action of the concrete-filled steel tubes.

In this report, the behavior of concrete-filled steel tubes under

bending is discussed. Although the concrete-filled steel tubes are not

expected to be used as beams, bending tests are effective to know the

behavior of beam-columns. The beam-column tests are expected to be made

next year.

*
**

***

Director, Planning and Research Adm. Dep., P.W.R.I.

Head, Bridge Division, P.W.R.I.

Research Engineer, Bridge Division, P.W.R.I.
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2. OUTLINE OF THE TESTS

Six specimens were tested, the dimensions of which are shown in

Table 1. Specimens A-I to A-3 have diaphrams which are designed to satisfy

the Highway Bridge S~ecifications in Japan, The shearing forces between

the steel tubes and the concrete can be shared with diaphrams. A-I has 16

studs in every 15 cm section, which transmit the shearing forces and

prevent the local bucking of the tube. A-2 has no stud, th~ shearing forces

are transmitted by the natural bond of the steel tubes and the concrete.

A-3 has grease between the steel tubes and the concrete, which will remove

the natural bond.

Specimens B-1 'to B-3 have no diaphrams,B-l has enough studs to transmit

the shearing forces and to prevent the separation of the steel tube and the

concrete in elasticity. The separation occurs because the Poisson's ratio

of concrete is smaller than that of the steel tubes in elasticity. B-2 has

. studs only to secure the transmission of the shearing forces. B-3 has no

studs, the shearing force being transmitted by the natural bond only.

The test was performed using 3000 ton testing machine of the P.W.R.I ••

The strain of the steel tubes and of the concrete, and the deformation were

measured in the test (Photo-I,2).

3. RESISTANCE

The Load-Deformation curves of the specimens are shown in Fig. 3 - Fig. 8.

The theoretical curves are also shown, supposing gross section, net section

(reinforced concrete theory), and steel section are effective. The loadings

corresponding to the full-plastic bending moment (Pp), and to the tensile

yielding of the steel tube (Psyt) are also shown in the Figures. Concrete

filled steel tubes will not collapse even if the yielding of the materials

are observed, therefore, the resistance of the concrete-filled steel tubes

can not be evaluated by reinforced concrete theory. In this report, full

plastic bending moment is used as a measure to evaluate the resistance.

The tensile yielding of the steel tubes are indicated to show the biginning

of plasticity.

The full-plastic moment is evaluated supposing the following conditions.

1) Stress distribution is shown in Fig. 9, because local buckling of the

tubes and shearing failure of the concrete is prevented.

2\ The steel tube and the concrete will confine each other strictly.
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3) The hoop tension action of the steel tube and the triaxial compression

of the concrete are not considered.

4) The thickness of the tube is much smaller than the radius.

Then, the full-plastic moment (Mp) is evaluated as follows. First, the

location of neutral axis (d) is obtained by solving the follows.

(1 -I- 4 • t
r

(~ - a) -I- sina • cosa = ~
2 2 • ••• '" ••• (1)

d r • cosa • ••••••••• (2)

Then the Mp is obtained by the follows.

Mc -I- Msc -I- Mst • ••••••••• (3)

where, Mc indicates the bending moment due to the concrete and can be

estimated as,

Mc Ac . Yc • Gck •••• _ ••••• (4)

where Ac, Yc are given by

if a i? 11/4

r 2 (a - sina cosa) • ••••••••• (5)

2sin3a
. Yc = r (3 (a _ sina • cosa) - casa)

if a < 11/4

• ••••••••• (6)

Yc

~2a3(1 - O,2a2 -I- O,019(4 )

O,2Ra2 (1 - O,06l9a2 -I- O,OO27(4 )

•••••••••• (7)

•••• o ••••• (8)

and Msc and Mst denotes the bending moment of steel tubes in compression

and in tension, which can be evaluated as follows.

Mse = Ase . Ysc · Gy • • 0 0 •• 0 ••• (9)

Ase 2 . a . t · r ' •• 0.0 ••• (10)

Yse
(sina eosa)r -- - •• ' •• 0'.0 (Illa

l'Ist Ast -I- Yst · Gy 000" •• 0.(12)
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Yst

2 • a.' • t . r

sino.' ,
r (-0.- - coso. )
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••••••••• (13)

••••••••• (14)

Now, the following behavior of the specimens is observed from the

Figures, except for specimen A - 3•.

1) Gross section is effective at the first state of loadings, but after

that net section (obtained from reinforced concrete theory) is effective

due to the cracking of the concrete in tension.

2) Even after the yielding of the materials, the load bearing capacity of

the specimens increases steadly, finally exceeding the full-plastic

bending moment due to the triaxial compression of the concrete.

3) High ductility can be expected.

~fuile in specimen A - 3, the full-plastic moment cannot be expected and

poor ductility was observed because the natural bond of the steel tube

and the concrete was removed.

Therefore, as far as the resistance of the beams is concerned, high

resistance and good ductility is secured by the natural bond between the

steel tube and the concrete, and studs are not needed. However, the resist

ance will be reduced significantly when natural bond is impaired.

After the loading, local buckling of the steel tube and cracking of

the concrete were observed at the center span of the beam (Photo-3,4).

However, even after yielding local buckling, the resistance of the beam is

secured, because of the hoop tension action of the steel tubes. The

concrete in tension has many cracks (Photo-5).

4. STRAtN OF CONCRETE

Typical behavior of the strain of the concrete (specimen A-I) is

shown in Fig. 10. At the loading of 60 tons (about 2/5 of the maximum

loading), the strain of concrete in compression can be estimated conserva

tively by reinforced concrete theory. Of course, the strain of the con

crete in tension can be disturbed by the cracking.

At the loading of 150 tons, measured strains exceeds the theoretical

values because of the yielding of the steel and the concrete. However,

the location of neutral axis may be estimated by reinforced concrete

theory.

Therefore, the strain of concrete-filled steel tubes before yielding
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can be evaluated concervatively by reinforced concrete theory, whereas the

strain after yielding is pretty complicated. The resistance of the con

crete-filled steel tubes should be evaluated by plastic ~~eory.

5. STRAIN OF STEEL TUBE

The strains of the steel tubes in compression at the center span of

the beam is shown is Fig. 11 to Fig. 16. The strain in the right side

is compressive axial strain, the strain in the left side being hoop

tension strain. Two theoretical curves for the hoop tension strain are

shown in the Figures. Supposing that the steel tube and the concrete

will behave independently without bond, the strain is given by

•••.••••• (15)

where Eh denotes the hoop tension strain, Ex is the axial strain and Vs

is the Poisson's ratio of the steel tube. ,fJhile supposing that the steel

tube and the concrete will behave together, the strain will be given by

Eh
Vs - Vc

- (vs - t • Es) EX
1 + (1 - vc)~

••••••••• (16)

Now, the hoop strain of the specimen A-I shows that the strain

follows the curve (16}, where the bond between the steel tubes and the

concrete is supposed, and the steel tube and the concrete behave together,

because of the studs between them. However, the strain of A - 2 and A - 3

shows that the bond is not enough. Simularly, B-1 has enough studs to

secure the composite action of the steel tube and the concrete, whereas

the strains of B-2, B-3 indicates that the studs in B-2 and the

natural bond of B-3 are not enough for the steel tubes and the concrete

to behave together. As discussed earlier, even the specimens A - 2, B-2

and B-3 has high resistance and good ductility: however, the behavior is

doubtful when subjected to repeated loadings, because the steel tube and

the concrete do not behave together in elasticity. More research works

~re required in this regard.
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Table-l Dimensions of the Specimens-

r--··
I

, ---- -_.~
material stud t Ac As I1ck(kll/CIID 11 sy (kll/Clll)I specimen (mm) (cm2 ) (cm2 ),

A-I S S 41 with 4.4 4916 41 284 2800
--r---.-- ..

A-2 S S 41 without 4.4 4916 41- 284 2800
1------ -

-~~r
- _________.t.______

A-3 S S 41 grease 4.4 4916 41 284 2800
--- -. --~_. -- .. - . -.- --_. --_.__._-;------_. --_.'---_.~---_.__._-- .-

B-1 SM50Y with(768) 6.8 7642 212 249 4540
._-_. f- ..__.- -----_..._._ ..- ;- -- --'---'-

B-2 SM50Y with(2~) 6.6 7648 206 247 4400
--

B-3 SM50Y without 6.7 7645 209 247 4490

-

(Type A)

Loading Point

"" .n-

o;-~}--+- !
--;- - ~ ~I I

-~-l ~~---"""'--""""""'i"""-""--"--"",~
'~T I.~ t.;.

... I< 380~_. .._.__J
I

(Type B)

Ac

As

Loading Point

I
I

!
I

4500

(in mm)

'r
\
I

"'I



~

~

-.J

=i
(in nun)

•• Only A-I has studs

studs

4~ 1I~

I
B J!. .!!: U .!!. E 1 II 'J(- r

,

I
I

n ." if D 'ii 'iI'_ D ~? 'ii ~

I 200 i 1600 I 300 300 II! I

1125 9@150= 1350 125 4 @150 = 600 125 9@15O = 1350
I --

Fig.-l A-type Specimens
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(Location of studs in B- 1-)

I I I I I I II I I I III II I I I

! I
I I

:j

I

~ ~r--.3_o_o+1...3_oo_1r--. ?:l_@_1_ocl,_=_2_7_oo I~1.300.1. 300.H ko

(Location of studs in B-2)

I I I

!
. I

I

I
I

~. 450 I. 450 1_. ...;9:..:@::...:;30:.:.d_~..:2.:..:70:.:.0 -lI_....;4:.:.50:._,,+1,.....:.4:.;5°-lI....2;.:.50;..jl

(Cross Section of B-1) (Cross Section of B-2)

Fig.-2 B-type Specimens
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Fig.-4 Load-Deformation Curves (A-2)
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Fig.-5 Load-Deformation Curves (A-3)
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I
I
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I
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I
I

]
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100 I ,

!~
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Fig.-6 Load-Deformation Curves (B-1)
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.14" ,- ....,

100

10 20
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S.... Only
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Fig.-7 Load-Deformation Curves (B-2)
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100

Pp-'-:I62 t
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--~-- Nl:t ~tiun (H.e)

$h:t:1 Only

.0 i 20 :to
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40

Fig.-a Load-Deformation Curves (B-3)
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Fig.-lO Strain of Concrete (A-I)
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Loud (ton)

-1000 1000 2000 3000 .JGOO sooo

--J
100

without bond

wIth bond

Fig.-ll Strain of Steel Tube (A-l)

Load (ton)

200

(Axial Compresaion)

so

-,
--- Strain (x 10 )

- 1000 o 1000 3000 4000 5000

Fig.-12 Strain of Steel Tube (A-2)

-- Struln (,,: lU -Q)
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(Axial Comprcstiion)

-1000 o 1000 2000 3000 4000 SOOO
--Strf:lin(~10-li)

Fig.-13 Strain of Steel Tube (A-3)

4000 5000 -,
-Strain (, 10 )

300020001000

(Hoop Tcm:iion) (AXlUl CornlJr~6ion)

-1000

Without bond

With bonu

Figo-14 Strain of Steel Tube (B-1)
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\\'ithout

With bond

500

(Axiul Compr~sion)

4000-1000 o 1000 2000 3000 5000-.----Strain (x)O )

Fig.-lS Strain of Steel Tube (B-2)

Load (ton)

(Hoop

Without bond

With bond

-1000 o 1000 2000

(Axial Compre••ion)

3000 4000 5000

- Strain (x 10·0)

Fig.-l6 Strain of Steel Tube (B-3)
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Photo-l Loading Test
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Photo-2 Loading Test
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I

,,_.i4
Photo-3 After Loading

(Compression Side near Center Span)

Photo-4 After Loading
(Compression Side near Center Span)

Photo-S After Loading
(Tension Side near Center Span)
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BEHAVIOR OF CONCRETE-FILLED STEEL TUBES

(PART 3; BEAM-COLUMN MEMBERS)

by

S.Saeki*, K.Minosakti* , A.Takizaw;**

ABST~ACT

We reported the outline of test results of concrete-filled
-steel tube about compression and bending members respectively
at l4-th and l5-th UJNR Joint Meetings.

In this report, we continuously describe the outline of
test results of beam-column members.

Principal conclusions of this report are as follows.

l)The concrete-filled steel tubes have high capacity and
Bood toughness. It is proved that the ultimate capacity
of beam-column is nearly equal to the full-plastic
bending moment independent of the concrete strength and
the thickness of steel tube.

2)On the other hand, it is proved that the flexual rigidity
of concrete-filled steel tubes should be taken account of
the only flexual rigidity of steel tube in calculating the
horizontal displacement. because the concrete and the steel
tube do not behave together under the axially load.

1. INTRODUCTION

From the results of former two tests. it can be said that

the concrete-filled steel tubes have fully toughnes~ due to

the composite action between the concrete and the steel tube,

and do not lose high capacity even when a large displacement

produces.

This test is carried out to clear up the fact whether the

concrete-filled steel tubes have such high capacity and good

toughness as beam-column members.

Main purposes of this test are as follows,

l)In case of beam-column members. the second-order bending

moment must be considered. Calculating the second-order

* Head, Bridge Division. P.W.R.I.

~ Research Engineer. Bridge Division, P,W.R.I.

~* Research Assistant Engineer, Bridge Division. P.W.R.I.
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bending moment, the horizontal dis?lacement has to be

calculated. The method to calculate the flexual rigidity

must be established, which the condition of concrete and

the co~,osite d~~ree between the concrete and the steel

tube are taken into consideration.

2)From the former test on compression members, it is

ascertained that the concrete separates from the steel

tube due to the difference of Poisson's ratio of two in

the elastic region.

Therefore. it is feared that the concrete-filled steel

tubes as beam-column members would behave like the built

-up beam and lose their merits as composite structures,

when the bending moment subjects on them under the axially

load.

For these reasons. the behavior of concrete-filled steel

tubes as beam-column memebers must be made clear up

experimentally.

2. OUTLINE OF TESTS

1) SPECIMENS

Four specimens. type-A to type-D shown in Fig.-2 and

Table-l were fablicated for tests. All specimens were same

in diameter. 700mm. and in height. 3500mm.

Type-A. type-B and type-C have 6mm in the thickness of

steel tube and 27lkg/cm. 34lkg/cm, 436kg/cm in the concrete

strength respectively.

These specimens .were set to investigate the influence of

the concrete strength on the behavior of concrete-filled

steel tubes. The concrete strength of type-D was much the

same as that of type-A and the thickness of steel tube of

type-D was set12mm in order to investigate how the differece

of the thickness of steel tube influences on the behavior.

Shear connectors such as studs were not provided for

all specimens between the concrete and the steel tube. And

also specimens were stiffened with double panells in order

to fix the test machine by bolts o
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2) METHOD OF TESTS

Tests were carried out by using Large Structual Members

Bi-axial Test Machine of P.W.R.I ••

The loading process was composed of the only axially

loading .nd the bi-axially loading. In the only axially

loading, specimens were set at the fixed position of the

machine not to produce the eccentric load. And then the

axially load was increased till 700ton as SOton in the pitch

of the load. Photo-l shows the condition of specimens.

In the bi-axially loading, the horizontal load was

incresed till the load when bending cracks produce in part

of the tension side of the fixed edge. Continuously, the

repeative loading was carried out at ten times, which the

load was Oton to the cracking load. After that, the load was

incresed till the ultimate load.

3) METHOD OF MESUREMENTS

In tests, 2 directional strain guages on a surface of

the compression side of steel tube and 1 directional strain

guages on a surface of the tension side were put on to mesure

strains of steel tubes at every loading steps as shown in

Fig.-3. And also mould guages were set inside the concrete

of the compression side, the center of cross section and the

tension side as shown in Fig.-4.

Foremore, displacements in the vertical direction and

the horizontal direction were mesured at positions shown in

the same figure.

3. SUMMARY OF TEST RESULTS

1) PROPERTY AS COMPRESSION MEMBERS

Fig~-S shows the relationships between the load and the

displacement in the vertical direction of each specimen.

As shown in the same figure, all specimens show

proportional load and displacement relationships till 700ton.

The theoretical displacements bf each specimen versus 700ton

in the vertical load shown ~n Fig.~5 are got, taking account

of the ratio of Young's modulus between the concrete and the

steel tube. In the calculation, Young's modulus of concrete

is determined by the specified cylinder test. All mesured
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values are larger than theoretical values in comparison

with two values.

In each type, theoretical values of type-A and type-B

are about forty per cent lager than mesured va]ues and about

twenty per cent lager in type-C and type-D.

The difference of Young's modulus of concrete between

the concrete for the cylinder test and actual concrete may be

considered as the reason.

Fig.-6 ~o Fig.-9 show the relationships between the

vertical load and the axial strain of steel tube, and between

the vertical load and th~ circumferential strain of steel tube,

and between the vertical load and the axial strain of concrete,

and also theoretical lines of the axial strain versus the

vertical load. Theoretical lines are based on the following

assumptions.

~~O~2)
0.0035

O.~!ja..k

I
0.002

Stram ~ c-
Strees - strain
curve of concrete

: L. o(
,,,
J

01; --' 0.85 t7\.k x O~~2 (2
,

----------~----~~--~

if
'"

the stressasof Japan is used

material test.

(3) The strain distribution in cross section follows the

(1) The relationship specified by

the Highway Bridge Specification 0.H5

Ol-k

and strain curve of concrete.

(referrence on Fig.-l)

(2) The relationship of stress and

strain of steel tube is linear.

Young's modulus are set from the Fig. - 1

rule of plane preservation.

N = Ese As + 0.85 a ck O. ~02 ( 2- O. ~02 ) Ac ........................ (1)

where,

Ni vertical load

e; axial strain

Es; Young's modulus of steel tube

ack; concrete strength

As; cross sectional area of steel tube

Ac; cross sectiona~ area of concrete

In Fig.-6 to Fig.-9. two theoretical lines between the
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circumferential strain of steel tube and the vertical load

are indicated. One is got by the assumption of no bond between

the concrete and the steel tube, and the other is got by the

assumption of enough bond.

In case of no bond, the circumferential strain can be

calculated by the following equation.

........................................................................ (2)

where,

eh; circumferential strain

liS; Poisson's ratio of steel tube (0.3)

ex; axial strain

On the other hand, in case of enough bond, the

circumferential strain is as follows.

IIS-IIC
e h = - (II S - t Es) e x

(l+(l-lIc) REc
.............................. (3 )

where,

t; thickness of steel tube

R; radius of steel tube

IIc; Poisson's ratio of concrete

Es,Ec; Young's modulus of steel tube, concrete

From Fig.-6 to Fig.-9, the following results are

obtained as compression members of concrete-filled steel

tubes.

(1) The relationship between the vertical load and the

axial strain calculated by equation-(l) appears again

mesured values sufficiently. However, as shown in

type-B and type-C, the theoretical values obtained by

equation-(l) give small axial strains when the concrete

and the steel tube independently resist against the

vertical load.

(2) About the circumferential strain of steel tube, the

mesured values of type-A and type-D may agree well with
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the theoretical valdes obtained by equation-(3) based

on the assumption that enough bond is secured.

Alternatively, the mesured values of type-B and type-C

approach the theoretical lines for no bond.

The difference of concrete strength between type-A,D

and type-B,C may lead to the results, And a cast of

concrete and ncuring method of concrete and a curing

aays or concrete may De 1ntiuent on this results.

Further. a bond of type-B,C may be small due to a

shrinkage of concrete.'

(3) In comparison with the relationship between the vertical

load and the axial strain,and between the vertical load

and the circumferential strain, when the steel tube and

the concrete resist against the vertical load

individually, mesured values separate the previous

theoretical lines obtained by equation-(l).

3. PROPERTY AS BEAM-COLUMN MEMBERS

As mentioned in the beginning of this report, it is proved

that the concrete-filled steel tubes have high capacity and

good toughness in case of beam-column members.

Photo-2 and photo-3 show type-D during th~ loading and

after the loading, and photo-4 shows the situation of local

buckling of steel tube. Foremore,the state of concrete in the

compression side and the tension side are respectively shown

in photo-5 and photo-6.

As shown in these photos, a local buckling of steel tube

and a crush and a crack of concrete produce. However the

capacity dose not dr~p down even in the plastic region and

indicates enough toughness as described later due to the

composite action between the concrete and the steel tube.

Fig.-lO to Fig.-13 show the relationships between the

load and the displacement in the horizontal direction.

These figures indicate that all specimens may almost hold

the load corresponding to the full plastic bending moment(Pp).

In these figures, the mesured loads and the calculated

loads when bending cracks produce in the ·tension side of the

fixed edge are indicated. Foremore. the loads when the yield
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of steel tube produces in the compression side of the fixed

edge. It is assumed that bending cracks produce when the

tension stress of concrete becomes 30kg/cm • And also, two

theoretical lines which express the relationships between

the load and the displacement in the horizontal direction

are indicated. One is based on the assumption that whole

section is effective, taking account of the ratio of Young's

modulus as above mentioned. The other is based on the

assumption that the only steel tube resist against .the bending

moment.

From these figures, the relationships between the load

and the displacement in the horizontal direction are linear

till the load when the yield of steel tube produces in the

compression side of the fixed edge. Afterward, it is proved

that the displacements have the tendency which are getting

larger.

About the flexual rigidity of specimens, when the

thickness of steel tube is thin, that is, in case of type-A,

type-B and type-C, the flexual rigidity of concrete contributes

to whole flexual rigidity under small horizontal load, but the

ratio of Young's modulus should be taken a larger value

quantit1vely. When the thickness is thick, this tendency is

remakable. The flexual rigidity of concrete cannot be expected.

because the experimental lines n~arly equal to the theoretical

lines based on the assumption that the only steel tube is

effective.

On the other hand, it is proved that the horizontal

displacements under the horizontal loads corresponding to the

full-plastic bending moment nearly equal to the theoretical

displacements,supposing that the only flexual rigidity of steel

tube is effective.

Fig.-14 to Fig.-17 show the relationships between the

horizontal load and the axial strain, between the horizontal

load and the circumferential strain of steel tube, and between

the horizontal load and the axial strain of concrete.

In these figures, two theoretical lines which express

the relationships between the circumferential strain and the

horizontal load are drawn as above mentioned. One is based on
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the assumption that the steel tube and the concrete behave

individually, the other is based on the assumption that the

steel tube and the concrete behave together. The strains

corresponding to Oton in the horizontal load indicate the

strains after the only axial loading. From these figures, it

is proved that all specimens have similar load and strain

relationships.

Mesured circumferential strains of steel tube nearly

equal to the theoretical lines, supposing that the concrete

and the steel tube behave independently. And the axial strains

are graduately getting larger from the load when the yield of

steel tube produces in the compression side of the fixed edge.

4. FUTURE RESEARCH PROGRAM

From this test and former two tests, it could be well

known how the concrete-filled steel tubes behave.

From now on, the following items must be clear up in

order to apply the concrete-filled steel tubes to actual

structures.

(1) BEAM-COLUMN MEMBERS

The beh~vior of concrete-filled steel tube under the

repeative load.

(2) CONNECTOR

The structual detailing and connectors which can

effectively transmit high capacity and good toughness

of concrete-filled steel tubes to beam-members.



217

Table. - 1 Specification of Specimens

~I
'Thick- i Yield i Young'sDia- Height (mm) Concreteness of Strength I Modulus ofmeter
Steel Steel of Steel Strength Concrete
Tube (Span Length) (kg/em') (kg/em') (kg/em')

(mm) (mID!

A 700 6 3500 ( 2920 ) SM50Y 4400 271 2.59 x 10'-

S I 700 6 3500 (2920) SM50Y 4400 341 2.77 x 10'I

C 700 6 3500 ( 2920 ) SM50Y 4400 436 3.01 x 10'

D 700 12 3500 ( 2920 ) SM50Y 4000 264 2.57 x 10'

-~--------- -:,.----~~ .,:-..-...-:;:
, I

I
I
I

• • I
I
I
I
I
I
I

--.l t ~ 6, (12)
I
I
I Fi lied Conerele

A

L_

1-o----,-7!!!!.00- __.1
1400
ISllO

Section A-A

Pari of Fixed edge

Unit; mm

Fig.-2 Configuration of Specimen
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SEISMIC RESPONSE ANALYSIS OF THE ITAJlMA BRIDGE

THROUGH USE OF STRONG MOTION ACCELERATION RECORDS

Masamitsu Ohashi

Toshio Iwasaki

Kazuhiko Kawashima
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ABSTRACT

In analyzing the seismic behavior of highway bridges constructed on soft soil deposits,

it is important to take into account soil-structure interaction effects. In this paper, the

seismic response of a bridge pier-foundation 1s analyzed from earthquake acceleration records

taken simultaneously from the pier crest and the ground surface near the bridge. Four motions

were used in the analysis, i.e •• two were induced by two earthquakes with magnitudes of 7.5

and 6.6, and two by their aftershocks. In the former two earthquakes. the maximum accelera-

tions were 186 and 441 gals on the ground surface, and 306 and 213 gals on the pier top.

Analyses of frequency characteristics ,of the motions showed that the predominant frequencies

of the pier-foundation were always almost identical to the fundamental natural frequency of

the subsoil. Analytical models were formulated to calculate the seismic response of the

pier-foundation assuming the subsoil and pier-foundation to be a shear column model with an

equivalent linear shear modulus and an elastically supported beam on the subsoil. respec-

tively. Bedrock motions were computed from the measured ground surface motions and then

applied to the bedrock of the analytical model. The seismic responses of the pier-foundation

were thus calculated and compared with the measured records and produced a good agreement.

KEYWORDS: Bridge-pier foundations; bridge seismology; earthquake frequency characteristics;

ground surface accelerations; foundation structure response.

Preceding page blan1,
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INTRODUCTION

In the past, numerous highway bridges have suffered extensive damage due to strong

motion earthquakes. Seismic damage to bridges consisting of simply supported girders or

trusses rested on massive piers and abutments were commonly caused by foundation failures

resulting from excessive ground deformations and/or loss of stability and bearing capacity

of the foundation soils. As a direct result, the substructures often tilted, settled. or

sometimes overturned, and these large displacements of the supports caused relative shifting

of the superstructures, induced failures of t~e bearing supports, and even caused dislodging

of the spans from their supports.

It has been well recognized from these evidences that the influences of surrounding sub

surface ground are very important for the seismic responses of foundations deeply embedded in

the ground, and considerable interests were concentrated on the soil-structure interaction

effects of such structures through model experiments and theoreticsl analyses. However very

limited researches have been undertaken in studying seismic responses of actual foundations

during high intensity seismic excitations since little data have been available for such pur

poses. This investigation presents the results of observation of seismic motions on a bridge

pier and on the ground surface nearby with high accelerations which were 'measured during four

earthquakes, and also correlates the pier motions measured with the pier motions analyzed

using the ground surface acceleration records.

STRUCTURAL AND SITE CONDITIONS OF THE BRIDGE

The Itajima Bridge studied is a five-span simply-supported plate girder bridge as shown

in Figure l. The strong-motion acceleration observations have been conducted since 1966 at

a crest of one of the piers and on the free field ground surface located about 400 m apare

from the pier. Two SMAC-B2 type accelerographs are set at both sites to measure accelera

tions in the longitudinal. transverse and vertical directions of the bridge axis.

Cround surveys were performed at both sites and information on soil profile. N-value of

standard penetration test. and shear wave velocities were obtained. Figure 2 shows the soil

profiles and N-values at both si~es. It is recognized from the results that the ground con

ditions are essentially the same between the ~wo aitea, i.e •• the soil profiles consist of

upper soft alluvium loam to fine sand formations with the averaged N-value of approximately
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7 and lower stiff diluvium gravel formations with the averaged N-values of 30 or more. The

shear wave velocities of the upper and lower formations were estimated to be approximately

130 and 480 m/sec, respectively. Figure 3 shows the geological structures around the Itajima

Bridge. The stiff diluvial gravel formations are recognized to be underlaid by mesozoic cre-

taceous formation. According to Figures. 2 and 3 it can be recognized that the ground condi-

tions are continuous and almost identical between the two sites. The gravel formations were

assumed to be the bedrock at the sites in calculating seismic responses of the ground and

foundation in the following paragraph.

ANALYSES OF STRONG-MOTION ACCELERATION RECORDS

Strong-Motion Acceleration Records

Four simultaneous strong-motion acceleration records have been obtained at the Itajima

Bridge as summarized in Table 1 which were induced by four earthquakes, i.e., main and after

shocks of both the Hyuganada Earthquake of April 1, 1968 and the Bungosuido Earthquake of

August 6, 1968, which are designated herein as A, B. C and D Earthquakes,. respectively.

Figures 4, 5, 6 and 7 show the acceleration records thus obtained in the longitudinal and

transverse directions of the bridge axis. In the D-Earthquake, accelerations on the pier

could not be recorded, unfortunately, and only the maximum value of acceleration was

obtained. It should be noted here that although the seismic response accelerations devel-

oped at the pier crest were very high, superstructures and foundations of the Itajima Bridge

suffered no structural damages through any of these four earthquakes.

Figure 8 represents amplifications of maximum accelerations between the ground surface

and the crest of the pier. It can be recognized from this result that the amplifications of
,

maximum accelerations are very much different between the Hyuganada Earthquake (A- and B-

Earthquakes) and the Bungosuido Earthquake (C- and D-Earthquakes). i.e •• the amplification

factors are in the range of 1.1 - 1.7 in the case of A- ~nd B-Earthquakes.whereas they are

in the range of 0.4 - 0.6 in the C- and D-Earthquakes. The frequency characteristics of the

motions were than investigated. Predominant frequencies of the records are summarized in

Table 2, based on the power spectra presented in Figure 9.



232

Characteristics of Ground Motions

Based on Figure 9 and Table 2. it can be understood that the ground motions induced

during the A-Earthquake have the predominant frequencies of 1.5 Hz and 4.5 Hz in the longi-

tudinal motion, and 1.3 Hz and 4.0 Hz in the transverse motion. The frequencies of 1.5 Hz

and 1.3 Hz are the most predominant ones whereas the frequencies of 4.5 Hz and 4.0 Hz are the

secondary predominant ones. The ratio .between the most predominant frequency f 1 and secondly

predominant frequency f 2 are approximately 3.0 in both longitudinal and transverse motions.

The geological situation at the site consists of two formations with significantly different

stiffnesses, i.e., alluvium loam ~ silt formation and diluvium gravel formation. In such

case that subsoils with shear wave velocity Vs and thickness H are rested horizontally on the

stiff formation, the natural period Tn of the subsoils can be estimated by Eq. 1 for the

n-th mode of shear vibration.

1 • 4H
2ii=f V;;

(1)

The ratio between Tl and T2 (T1/T2) are always evaluated as 3.0 in such case, which well

explains the characteristics of ground motions developed during the A-Earthquake. It can be

understood therefore that the predominant frequencies observed in the ground motions would

represent the fundamental and second natural frequencies of the subsoils. Since there are

not any predominant frequencies beyond 1.3 ~ 1.5 Hz and 4.0 ~ 4.5 Hz in the ground motions, it

is considered that the incident motions in the bedrock themselves have these frequencies as

their predominant frequencies.

According to the ground condition presented in Figure 2. the fundamental natural period

T1 of the subsurface ground at the free field observatory can be estimated by Eq. 2 taking

the diluvium gravel formation as bedrock.

• 1: 4Hi
i Va!

4 (:..i.. + _4_ + _5_ + 3.5)
107 125 145 125

0.53 sec (2)

Consequently the fundamental natural frequency £1 of subsurface ground 1s estimated as 1.9 Hz

which is considered to be the natural frequency during low amplitude vibration. Assuming

that the difference.of fundamental natural frequency £1 between 1.9 Hz derived by Eq. 2 and
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the values shown in Table 2 depends on the strain dependence of soil modulus, the ratio of

shear wave velocity which would be developed during the A-Earthquake Vsi and that during the

low amplitude vibration Vso would approximately be estimated as follows.

0.68 '" 0.79 (3)

Consequently the ratio of soil stiffness during the A-Earthquake Gl and that corresponding to

low amplitude strain level Go can be estimated as follows.

~. (Vsi / _ 0.46 '" 0.62
G2 Vso

(4)

According to laboratory experiments conc~rning the strain dependence of soil stiffnesses,

such a reduction of soil stiffness is reasonable.

The explanation of ground motion characteristics for the A-Earthquake can also be appli-

cable for the ground motions of the B- and C-Earthquakes, i.e., the ground motions of the

B-Earthquake have predominant frequencies of 1.9 Hz and 5.1 Hz in the longitudinal motion,

and 1.5 Hz and 4.9 Hz in the transverse motion, which shows that the ratios between two pre-

dominant frequencies are approximately 3.0 in both directions. The ground motions of the

C-Earthquake have predominant frequencies of 1.4 HZ, 3.7 Hz. 4.2 Hz and 4.8 '" 5.2 Hz in both

the longitudinal and transverse motions. Although there are many apparent predominant fre-

quencies. it would be considered that the frequencies of 1.4 Hz and 4.3 Hz represents the

fundamental and second mode frequencies. respectively. which again shows that the ratio

between two predominant frequencies are approximately 3. The frequencies of 3.7 Hz and

4.8 '" 5.2 Hz are considered to be the predominant frequencies of the incident motions in the

bedrock.

Characteristics of Pier Motions

It is understood from the power spectra of Figure 9 that in the A=Earthquake the most

predominant frequencies of the pier motions are 1.5 Hz in the longitudinal direction and

1.3 Hz in the transverse direction. which are approximately equal to those of ground motions.

Also all of the four acceleration records during the A-Earthquake are narrow banded waves

with a single frequency predominant. It is also understood from Table 2 that in the a-Earth

quake the predominant frequencies of the pier motion are approximately 1.6 Hz in the
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transverse direction. which is very close to the predominant frequency of the ground motion

of 1.5 Hz. In the longitudinal direction, however, the pier motion has several predominant

frequencies. The most predominant one is approximately 1.8 Hz which is again very close to

the predominant frequency of the ground motion of 1.9 Hz. As is the case of A-Earthquake,

the acceleration records on the ground in both directions and the acceleration record on the

pier top in the transverse direction are narrow banded waves with a single frequency pre

dominant. On the other hand, the records during the C-Earthquake are somehwat different

from those for the A- and B-Earthquakes described as above. The most predominant frequen

cies of the pier motions are approximately 1.4 Hz in both the longitudinal and transverse

directions which are different from the most predominant frequencies of the ground motions,

i.e., approximately 3.7 Hz in both directions. It should be not~d here, however, that the

ground motions have a predominant frequency close to the 1.4 Hz although they are not the

most predominant.

It can be recognized from these results that the acceleration records of pier always

contain the motions in the range of 1.3 - 1.8 Hz as the most predominant ones in both the

longitudinal and transverse directions, which is considered to correspond to the lowest

natural frequency of the subsurface ground. The frequency response functions were then

computed between the pier motions and the ground motions 3S shown in Figure 10. It can be

recognized from Figure 10 that amplifications of the frequency response functions are rather

small for the range of frequency of 4 Hz or more because of low pass filter effects of the

foundation. The amplifications vary almost evenly between 0.5 Hz and 4 Hz although the

apparent natural frequency of the foundation is not evaluated.

It would be deduced from these considerations that the most predominant frequency that

is always contained in the motions of the pier 1s significantly influenced by the lowest

natural frequency of the subsurface ground so that the pier vibrates in accordance with the

motion of the subsurface ground nearby.

Nonsteady Vibrations of Pier and Ground

In order to investigate the time dependence of predominant frequencies of the pier and

ground motions, running power spectra were computed. One of the results is displayed in

Figure 11 for the A-Earthquake. Based on the running power spectra changes of predominant

frequencies of the motions in time domain were estimated as shown in Figure 12. For the
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A- and C-Earthquakes. it can be observed that the frequencies are rather low at the main

parts of the motion where a large amplitude of vibration occurred. For instance. in the case

of the transverse motion of the A-Earthquake. the predominant frequency is approximately 2 Hz

around 4 seconds in time. The predominant frequency then decreased to 1.3 Hz around 12 - 18

seconds. and again recovered to 1.7 Hz around 30 seconds. It should be noted here that the

predominant frequency developed at the beginning and ending of the motions are very close to

that estimated by Eq. 2 by employing the shear wave velocity of subsurface ground at low

strain amplitude.

It should also be noted here that the time dependence of the predominant frequencies

described as above are almost identically developed in both the pier and the ground motions.

Such characteristics of the time dependence of motions suggest that the nonsteady responses

of the foundation were not derived from degradation of the soil stiffness just around the

foundation but were caused by the nonsteady responses of subsurface ground nearby.

SEISMIC ANALYSIS PROCEDURE OF FOUNDATION

A discrete analytical model as shown in Figure 13 was formulated to calculate earthquake

responses of the pier foundation. The equation of motions of the system can be written as

where.

(~ + ~) ~p + .£p~ + !:p~ + .£e(~ - ~) + ~(!:p -~) ... 0

!!p • mass matrix of the foundation

~ • mass matrix of surrounding soils

.£p • damping matrix of the foundation

!p • stiffness matrix of the foundation

.£e • damping matrix expressing radiational dampings

(5)

!Sa • stiffness matrix expressing springs between foundation and surrounding soils

• • ,absolute displacement. velocity and acceleration vectors of foundation.!!.p. Bp• .B.p.
• absolute displacement and velocity vectors of subsurface groundE.g. !!g

in which the subsurface ground motions of ~g and E.g are assumed to be specified. Denoting as



M - !!p+!!e

C-Ep+fe

K • !p+!e

Eq. 5 can be written as
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(6)

( 7)

The vector ~p can be conveniently decomposed into a quasi-static displacement vector Eps

and a dynamic displacement vector ~pd' Le••

~p • .!!pd + .!:.ps

By definition of quasi-static displacement in the form as

(8)

! ~ps - Ke-!!g o (9)

~ps can be written as

E.ps • !-1~. - ~

Substitution of Eqs. 8 and 9 into Eq. 7 gives

(10)

(11)

Usually the damping term on the right hand sid~ of Eq. 8 is less significant when compared

with the inertia terms so that it can be dropped from the equation without introducing signi~

ficant errors. Then Eq. 11 can be written as

(12)

Eq. 12 can be solved by modal-superposition procedures provided that the damping matrix

on the left hand side of the equation is assumed to be triangularized in the same manner as

the mass and stiffness matrices in the form of the critical damping ratio.
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CALCULATION OF PIER MOTIONS

The pier motions were computed by using the analytical procedure described in the pre-

ceeding paragraph based on the measured ground motions for the A-' • B- , and C-Earthquakes,

and they were compared with the measu~ed motions.

-
The bedrock motions were computed from the measured ground surface motions by the

de-convolution procedure taking account of the strain dependence of the shear moduli and

hysteretic damping ratio of the subsoils as shown in Figure 14. The subsoils and foundation

were idealized by. a one-dimensional shear column model with equivalent linear soil properties

and one-dimensional elastic beam supported elastically by the surrounding subsoils, respec-

tively. The weight of a girder supported by the pier was idealized as an additional mass

lumped at the crest of pier. The lowest natural frequencies of the pier and surrounding

subsoils thus estimated are shown in Table 3.

The response accelerations of pier were then calculated based on Eq. 12 by applying the

bedrock motions at the bottom of the shear column model of subsoils. The comparative plots

of both the theoretical and measured accelerations at the crest of pier are shown in Figures

15, 16 and 17 .for the A- , B- , and C-Earthquakes, respectively. The damping ratios assumed

in the analyses are shown in Table 3. It is recognized from the results that fairly good

agreements are obtained for the motions in the A- and B-Earthquakes. However, the correla~

tion for the motion in the C-Earthquake is appreciably less satisfactory and further precise

investigations are needed to clarify the frequency characteristics of the foundation.

CONCLUSIONS

Based on the results presented, the following conclusions may be deduced:

1) Seismic responses of the deeply embedded foundation are significantly influenced by

the effects of surrounding subsurface soils. The most predominant frequencies which are

always contained in the motions of the pier crest are prescribed by the lowest natural fre-

quency of the. subsurface ground so that the pier foundation responses in accordance with the

motion of the subsurface ground nearby.

2) The nonsteady responses developed on the pier foundation are almost iden~tlcal with

those observed on the ground surface, which suggest that the nonsteady responses of the pier
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foundation are not derived from degradation of the soil stiffness just around the foundation

but are primarily caused by nonsteady responses of the subsurface ground nearby.

3) Seismic response accelerations of the foundation can be calculated with fairly good

accuracy by the analytical procedure presented herein frOm the free-field ground accelera-

tions measured near the foundation for earthquakes which induce ground accelerations at the

bridge site with the most predominant frequencies lower than the fundamental natural

frequency of the foundation.
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Table 1 Strong Motion Acceleration Records at The Itajima Bridge

-:- Richter £plc:entral _ .._.!!.a~1mull Accelerallon ( Cal I£<ilrthquake
Earthquake Date Pier Hotion Cround Surface Motion

No. "",nltude Olat.neel"'l Lon&ltudlnal Transeverse Lonsitudinal Tranllverst-

1 The Hyuganad.a EArthquake 1968.4.1.09:42 7.5 101 209 306 169 186

2
The Hyuganada Eart.hquake 1968.4.1.16:13 6.3 99 38 66 34 42

(Afterehock)

3 Tbe 8ungosuido Earthquake 1968.8.6.01:17 6.6 11 199 231 441 353

4
The lungo,uldo Earthquake 1968.8.6.13:21 5.3 19 100 63 227 172

(After.hoek)

\
Table 2 Predominant Frequencies of Strong Motion Acceleration Records

Measured on Pier Crest and Ground Nearby [Hz]

Earthquake Earthquake Lon itudinal Transverse
No. Ground Pier Crest Grounli Pier Crest

1 The Hyuganada Earthquake 1.5 1.5 1.3 1.3

2 The Hyuganada Earthquake
1.9 1. 8,2. 0,2. 3,3. 7 1.5 1.6(After shock)

3 The Bungosuido Earthquake 3.7 1.4 3.7,4.4 1.4

4 The Bungosuido Earthquake 4.2 - 4.4(Aftershock) -

Table 3 Lowest Natural Frequencies and Damping Ratio Assumed
in Seismic Analyses

Surrounding Caisson-Pier
Hystretic Damping RadiationalEarthquake Ground Foundation

1st 2nd 1st 2nd Ratio of Subsoils(%) Damping Ratio(%)

The Hyganada Earthquake
1:6 4.9 20l! 7.8 10 20(A-Earthquake)

The Hyuganada Earthquake
1.9 5.7 301 80.3 5 20(After Shock) (B-Earthquake)

The Bungosuido Earthquake 1.6 4.7 207 7.7 8 - 12 20(C-Earthquake)
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Fig. 9 Power Spectra of Acceleration Records at the Itajima Bridge
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REPORT OF THE InVESTIGATION ON EARTHQUAKE DAMAGE

TO SHIZUNAI BRIDGE

by

ABSTRACT

I
Nobuyuki NARITA,

II
Misato MURAKAMI,

I
~T

.L.~

Hideya ASANUHA

Shizunai Bridge is on national highway route 235 and spans the
Shizunai River at Shizunai-cho in Hokkaido. It sustained tremendous
damage during the Urakawaoki Earthquake which occured on the 21'st of
Harch,1982.

The damage to the other public facilities in the area was slight
and only that to the Shizunai Bridge was severe, with the failure
charateristics of the bridge piers being different from those of other
reinforced concrete structures. The Ministry of Construction organized
a group to investigate the earthquake damage on the Shizunai Bridge,
and conducted research to determine the cause o~ the damage. This is
the summary of its report.

1. INTRODUCTION

At 11:32, March 21'st, 1982, a large-scale earthquake now known

as the "1982 Urakawaoki EarthqUake", occured in the Pacific Ocean off

Urakawacho, Hokkaido. According to the reports of the Meteorological

Agency, the magnitude of the earthquake was 7.1 on the Richter Scale

and 6 on the Japanese scal~ of 7. Its epicenter was located at 143°36';1;01"

E logitude, 42°04';1;00" N latitude, and the depth of the seismic center

was some 40km. The distance from Shizunai Bridge to the epicenter was

about 30km. The maximun acceleration measured by strong motion accelerographs

in Hokkaido is shown in Table-I.

A set of strong motion accelerographs had been installed at the

depth of 2m and 40m in the ground adjacent to the Shizunai Bridge and

measurements had been carried out for a long time. However, they had

begun to malfunction and had consequently been removed for repairs four

days before the earthquake. Therefore, measurement for the earthquake

were not obtained for the site of the bridge. The closest observation

spot to the epicenter was the Horoman Bridge about 40 km away. The maximum

acceleration measured there was about 100gal. This bridge is about 60km

I. Director, Planning Department, Public Works Research Institute,
Ministry of Construction, Tsukuba Science City, Ibaraki-ken, Japan

II. Director, Structure and Bridge Department, ditto
III. Head, Foundation Engineering Division, ditto
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sou"theast of the ShiztL.'1.ai Bridge and opposite the bridge concerning

Mitsuishi-cho, a center of aftershocks.

Deposits around the Horoman Bridge consist of a 10m deep alluvial

layer with underlying bedrock. Although the ground subsurface differs

from that of the Shizunai Bridge, the earthquake data for Horoman Bridge

was used for the earthquake response analysis because of the proximity

of this bridge to the epicenter. Fig-l shows the records of the acceleration,

velocity and displacement at the Horoman Bridge during the earthquake.

2. DAMAGE TO SHIZUNAI BRIDGE

Shizunai Bridge was constructed in 1972 at the mouth of the Shizunai

River. It is a three-span continous plate-girder bridge of 406.5m in

total length. As to substructure, A-l abutment has a pile foundation,

piers P-l to P-7 have caisson foundations, and both pier p-8 and abutment

A-2 have spread ones. Fig-2 is a general view of the bridge.

Damage to the bridge during the Urakawaoki Earthquake was concentrated

on the piers with that to the super structure being very slight. Almost

all piers, with reinforced concrete columns of 2.2m in diameter, except

P-l and p-8 developed horizontal and/or diagonal cracks. In the case

of piers P-2, P-3 and P-6, part of the concrete spalled, resulting in

exposure of reinforcing bars. Since these cracks were mainly caused by

the force acting transversely to the bridge axis, it can be assumed that

a large earthquake force acted in this direction. Photographs I to 6

show the damage to the bridge piers.

After examining damage to the P-3 pier which suffered the heaviest

damage, the failure is thought to have occured as follows:

As a result of the large earthquake force acting transversely to

the bridge axis, bending moment cracks first appeared on the columns.

Next, the main reinforcement yielded, resulting in the development of

the cracking, to be followed by buckling of the reinforcing bars and

spalling of the concrete at the buckled portions. At this stage, and

for some reason, the shearing resistance capacity decreased and cracks

of a different nature gradually developed diagonally to the original

ones, resulting in the final .collapse along this shearing section. The

concrete of the failure part of pier P-3 completely disintegrated into

small blocks, and only the cage of main and hoop reinforcing bars prevented

it from falling off.
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30 OUTLINE OF THE INVESTIGATION

After an on-site inspection of the Shizunai Bridge was completed, the

group to investigate the damage to the bridge established the following

outline for the investigation in order to determine the factors which

caused the damage. The following are the points which were to be clarified

by the investigation.

1) Despite the comparatively strong seismic motion (of intensity

6 on the Japanese scale of 7), why was the Shizunai Bridge the only

structure whicH sustained heavy damage?

2) Why were some piers so completely destroyed beyond mere cracking?

3) Why did the damage charateristics of the ten piers differ so

much? In particular, why the damage to piers P-2, P-3 and p-6
especially heavy?

4) Were there any mistakes in the design ~d/or execution of the

piers.

The group decided to pursue the following themes:

1). To execute soil exploration at the Shizunai Bridge site to learn

the composition of deposits and various soil conditions for aseismic

design.

2) To estimate the ground tremor for the base deposit beneath the

Shizunai Bridge.

3) To conduct a dynamic response analysis.

4) To conduct experiments on a one-third scale model of the piero

5) To conduct strength tests on samples of material from the damaged

pier•.

4. RESULTS OF SOIL EXPLORATION AND MATERIAL TESTS

(1) Soil Exploration

In-situ and laboratorJ soil tests were conducted in order to determine

the input conditions for the dymanic response analysis and also to obtain

fundamental informations regarding the liquefaction of the ground. A

total of six borings were carried out to confirm the location of the

base mUdrock; while standard penetration tests, horiaontal load tests

in boreholes, seismic reflection survey and formation density logging

were also executed. In addition, undisturbed specimens of the soil at

pier P-2 were collected by a triple tube sampler and their laboratory

tests were conducted to confirm the dynamic deformation characteristics
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and the strength of the ground. Fig-3 shows the soil profile at Shizunai

Bridge. Other boring data obtained before the construction are also shown

in the figure. The test results are shown in Table-2, and the dynamic

deformation characteristics measured by dynamic torsional shearing test

are shown in Fig-4.

These data were used as the input data for the dynamic response

analysis. Regarding the liquefaction of the ground, the number of shaking

and the liquefaction resistance factor were obtained by means of tri

axial vibration test for both disturbed and undisturbed samples of the

ground. The liquefaction resistance factor was calculated using these

test results as shown in Table-3. It was found through these tests that

there existed a possibility that liquefaction had occured in the soil

arround the layers Ag-l and Ag··2.

On the actual site, small traces of s~~d bursts were found in the

Ag-l layer, so we can say that small scale liquefaction had occured in

the. Ag-l layer. However, since the crown of every caisson rests below

this layer, it can be said that the liquefaction of the Ag-l layer did

no~ have any adverse effect upon the stability of the foundation.

(2) Material Test

In order to confirm the quality of the reinforcing bars and the

concrete used in the piers, tension and compression tests were conducted

by using specimens ?f concrete core and reinforcing bar sampled from

the damaged piers:

The tensile and yield strength of the main reinforcing bars were

3,450kg/cm2 and 5,150kg/cm2 respectively. The compressive strength of

the concrete cores was 260kg/cm2 •

Consequently, the reinforcing bars and concrete of the piers were

proved to have enough strength provided in for the specification. We

can thus safely conclude that there were no problems resulting from the

qUality of the materials used.

5. EARTHQUAKE MOTICN ESTIMATION AND DYN;~C RESPONSE ANALYSIS

The shape of the seismic wave and the magnitude of the earthquake

should always be given in advance as input data in a dynamic response

analysis. However, in the case of the Shizunai Bridge, the set of strong

motin accelerographs which had been installed in the ground nearby the
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abutment had been removed for repairs several days before the earthquake

resuling in there being no availiable records of the actual earthquake

motion for the site of the Shizunai Bridge.

Therefore, the estimation of the maximum acceleration and the

seleccion of the input wave shape were careried out on the spot after

an extensive study of an analysis of the acceleration records for the

Urakawaoki Earthquake, the statistically analyzed data of Japanese

earthquakes as well as such observational information as the number of

overturned tombstones in cemeteries near Shizunai Bridge. The maximum

acceleration was estimated to be 300gal on the surface.

Concerning the input wave shape, the records for Horoman Bridge

which has a foundation condition very similar to that of Shizunai Bridge

in addition to being very close, were used. In addition, the Shizunai

Bridge records for another earthquake which topk place in the sea off

Hokkaido in 1981 and having a magnitude of 7,1 on the Richter Scale were

also used for the dynamic response analysis to form a basis for comparison.

Fig-5 shows the input earthquake motions used for the analysis.

Since the results of the dynamic earthquake response analysis are

reported in the theme 11-19 of this panel, we will not deal with them

here, The following are brief conclusions drawn from the analysis of

the behaviour in the direction transverse to the bridge axis.

1) When the selected wave shape of the earthquake was applied to

the ground with the maximum acceleration value of 300gal, strong

acceleration with the value of more than 400ga1 occures at the

top of piers.P-l through p-6. Subsequently, some reinforcing bars

are considered to have yielded due to the large bending moment.

On the other hand, at the piers P-7, p-8 and abutment A-2 which

are resting on a mudstone base rock, the maximum acceleration and

horizontal displacement were relatively small, Where the piers p

I through p-6 were constructed, the sustaining layer of mudstone

is deep, and the predominant period of the ground is estimated at

0.5 to 0.7 seconds by the dynamic analysis, In the case of the

ground where P-7 and p-8 are constructed, the bearing stratum is

located at a relatively shallow place, and the predominant period

is calculated to be about 0,2 seconds, The inherent period of the

bridge was found to be 0,5 to 0.6 seconds by the dynamic analysis

(for the 1st through 4th modes of vibration).
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Therefore, it is obvious that the response was amplified because

the inherent period of bridge was almost equal to the predominant

period of the ground.

2) In case of a continuous bridge like Shizunai Bridge, a seismic

force applied to pier tops in a transverse direction is not distributed

proportionally to the dead load of the super structure. The ratio

of the seismic force calculated by the dynamic analysis to that

of the static design, is largest fer piers P-3 and P-6as shown

in Fig-6, and this corresponds well to the actual failure situation

of the Shiz~~ai Bridge.

6 . MODEL TESTS

Among many bridges, only the piers of the Shizunai Bridge especially

the P-3 pier, sustained serious damage from the earthquake, so some doubts

concerning the design or execution of the piers were held. To investigate

this, model tests were conducted by using 1/3 typical specimens of the

P-3 pier. Research items are as follows:

1) Whether the pier had enough strength against the design seismic

force.

2) Whether the pier had enough deformation capacity against the

design value.

3) Effects of hoop reinforcement on the strength of the column.

4) Effects of vertical seismic coefficient on the strength

of the column.

Six typical specimens of the same main reinforcement ratio and

material strength as the actual pier were prepared as illustrated in

Fig-7. Details and characteristics of the actual pier and typical specimens

are described in Table-4 as ~ell. A two-directional loading apparatus

as illustrated in Fig-8 was used for this test. Applying a specified

vertical load, a test was conducted under the condition of reciprocally

increased horizontal loads until the main reinforcement yielded. Once

some main reinforcing bars yielded, the test was continued under the

confined displacement condition until the specimen fractured. The results

of the test are summarized as follow.

1) The f~acture mode of specimens in the test is very similar to

that of the actual P-3 pier as shown in Photograph-~ In case of these
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model specimens, some main reinforcing bars yielded at the transition

section of reinforcement at first when horizontal load increased to some

extent, and cracks were produced. As the l~ad increased still more,

extending up to the axis of the column, these cracks turned into

diagonal shearing cracks, until the column collapsed in the form of a

brittle rupture.

2) Although the load-displacement relation in elastic zone and

the yield strength in the model tests were the same as theoretical values,

the differnce between model tests and the theory became wider after the

load exceeded the yield point. And finally, the value of the horizontal

displacement measured at the loading spot turned out half the theoretical

value for instance.

That is, the theoretical analysis based on bending rupture could

explain actual rupture of the pier columns, but once main reinforcement

yields, it becomes impossible to be applied. This fact shows that the

rupture condition changed from bending rupture to a different rupture

mode (it seems to be the shearing rupture mode) after the yield of main

reinforcement.

3) With respect to the actual pier P-3, the bending moment for

the main reinforcement to yield was about 1.4 times larger than that

produced by the design seismic force at the upper reinforcement transition

section. Therefore, it is supposed that a seismic load more than 1.4
times as large as the design value acted on the actual pier P-3.

4) Using an average ultimate shearing stress obtained from the

experiments, the shearing strength of the actual. pier was calculated

to be 1.6 times as large as the design value. Therefore, from this point

of view, a seismic force more than 1.6 times as large as the design value

acted on the pier so as to break it in the mode of shearing rupture.

5) An additional model, details of which are almost the same other

than the enough anchorage of main reinforcing bars, abiding by the

"Specification for Highway Bridges, Part 4, Specification for Substructures

(May 1980)", was tested. Results showed that the specimen did not break

in a shearing fracture mode and that both the ultimate strength and

ductility of the specimen were excellent compared to those having an

insufficient anchorage length. (refer to Fig-9)

6) Two model specimens with half or twice the amount of hoop

reinforcement as the pier P-3 were prepared and tested. Through the
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tests, i~ was made clear that the amount of hoop reinforcement affects

neither strength nor ductility of a pier. Results of another model test,

that was carried out under a 20% increased vertical load condition,

showed that the ultimate strength might increase to some extent while

the capacity of deformation would decrease a little. Then, it may be

deduced that the fluctuation of vertical seismic coefficent hardly

affected the rupture mode of the pier. (refer to Fig-IO)

7. CONCLUSION

When a reinforced concrete bridge pier sustains serious damage as

seen on the Shizunai Bridge, there should exist several factors which

cause the damage. And among these factors, one single factor may happen

to be a both necessary and sufficient condition for the fracture, while

another factor is really necessary but. not sufficient. The latter one

would become the sufficent condition when it acts simultaneously with

some other factors.

As extensively reviewing results of the investigation, we have found

out that there is no single factor that caus~s the fracture sufficiently

by itself, but that the pier P-3 finally came to the serious fracture

as a result of the combination of following factors.

1) On the piers which support movable bearings of a continuous

girder bridge, the horizontal earthquake force in the transverse direction

surpassed the designed. values distributed proportionally to the vertical

reaction due to dead load of the super structure.

2) Since the predominant period of the ground was very similar

to the inherent period of the bridge, the seismic response of the bridge

was greatly amplified.

3) The shearing strength of a reinforced concrete member was so

reduced in accordance with the occurence of cracks, that the real shearing

strength became relatively low compared with the original design one.

The reason we have reached concerning the pier fracture is as

follows:

The horizontal seismic force applied to Shizunai Bridge transversely

to its axis by the Urakawaoki Earthqu~~e, had exceeded the design value

(design seismic coefficient was 0.2) as a result of combined effect of

the above 1) and 2) factors. Consequently, the main reinforcing bars
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yielded at the upper reinforcement transition section, so that the bending

cracks produced and developed around the sectiono As the cracks sufficiently

progressed, the shearing strength of the concrete decreased. And, when

the applied seismic force surpassed the shearing resistance of the pier,

the brittle shearing rupture finally occured.
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Table -1 Strong Motion Records of the Urakawaoki Earthquake

No.
Observed Point Maximum Acceleration(gal) Instrument

Proprietor(on the ground surface) NS EW Correction

1 Horoman Br. 95 100 after Hokkaido Devel-
correction opment Bureau

2 Hiroo Br. 266 209 " "
3 Shirnamatsuzawa Br. 1 21 108 " " -
4 Sapporo 1. C Br. 250 299 " "
S Chiyoda Br. 74 84 " "
(; Ishikari Estuary Br. 36 4 S " "
7 Nishikioka Hr. 77 Sll before

"correction

Tomakomai 79 93
after

II correction "
9 Muroran 173 III 9 " "
10 Tokachi Port 1 52 254 " "
11 Hakodate 47 35 " "
12 Hiroo Town Office 297 206

before Building Research
correction Institute

13 Otanoshige Br. 18 1 4
Hokkaido o.,vel·

" opment Bureau

14 Otaru Port 1 S 18 " "
15 Niikappu Dam 24 27

Hokkaido Electric
" Power Company

16 Higashi MUI'llran 249 166 "
Japan National
Railroads

17 Tomakomai 37 84 " "
III Chitose 36 4 II " "
19 Shinyubari 33 33 " I "



Table-2 Test Results

Standerd Penetration Modulus of Vp Vs GXIO' Ex 10' . KXIO'PILarer Test Deformation Ep • Remarks
INumber of Blow) (kg/"'i) g/CII m/sec m/sec kgf/Uli kg/w kg/ral

=
Alluvial Gravel Ag- I 20 90 2.20 ]340 170 0.065 0.492 0.19 4.02

Possibilitl' of liquefaction due 10

l.ayer earthquake should be examinL-d.

Allu\'ial Cohesive
Ac 8 50 1.79 1140 220 0.088 0.481 0.26 2.29 Ep was estimated by Ep=7N

Soil Layer

Alluvial Grave! .
Lal'er

Ag- 2 30 210 2.20 1570 250 0.140 0.490 0.42 5.33

Diiuvial Cohesive
Dc 1 4 80 1.84 1450 200 0.075 0.490 0.22 3.73

Diluvial Sand (f)s) considered
Soil Larer to be equh'alent to Dc.

Diluvial Gra\'el
Dg >40 290 2.27 2060 400 0.371 0.480 1.10 9.15

Lal'er

Mud,'lone Ms >50 450 2.03 2390 520 0.560 0.475 1.65 11.01

Table - 3 Liquefaction Resistance Factor

Condition of D)llamic Load to Soil Resistance of Soil liquefaction

lare~ Depth(m) Elements induced bl' Elements to Dynamic Reaistance Factor
Specimens Earthquacke Motion:L Load :R : F, =R/L

Alluvial Gravel Ag- 1 disturbed 1.35 1.96Ks 0.215 0.66Layer -I

Alluvial Gravel Ag- 2 disturbed 5.90 1.82Ks
0.270 0.90

Larer -2 (0.180 ) (0.60)

Alluvial Gra\'el Ag- 2 undisturbed 7.38 ].78Ks 0.310 1.06Layer -2

Dilu\'iai Cohesive
Dc undisturbed 9.33 1.72Ks 1.25

Soil Lal'er 0.355

Diluvial Sand
Dc undisturbed 11.95 1.64Ks 0.335 1. 24Layer

KSlhorizontal seismic coefficient on the ground surfacel=0.165

N
-..I
o



Table- <I Models of Test

Jleight Ceiling· off Main Steel Bar Hoop Steel Bar
Modd Amount of Steel Bar Steel Bar Test Condition and Characteristics of Model, etc

(m) Position (m) Steel Bars Ratio(%) Pitch(m) Ratio(o,i)
Botomn of 0 84- 025 1.12the Column
I st Transition 56- 025

013
Prototrpe 9.08 2 0.75 0.038Section etc 300

2nd Transition 4 28-D25 0.37Section
Botonm of 0 24-013 0.71 06

Modified Model of scale 1/ 3 with the same steel ratio and
the Column

1 2.36
I st Transition

0.039 colwnn height considering buried part of the column.
0.667 12- 013 0.35 etc 220 (Hoops with lap joint)Section

Botomn of 0 24- 013 0.71 06the Column
0.019 Amount of hoops is half of Mqdel·l.2 2.36

I st Transition 0.667 12-013 0.35 etc 440 -Section
Botoom of 0 24- 013 0.71 06the Column

3 2.36
1st Transition

0.078 Amount of hoops is 2 times of Model- I .
0.667 12- 013 0.35 etc 110

Section
Botomn of 0 36- 013 1.06 D6

Modified Model of scale 1/3 with the same stl'el ratio and
the Colwnn column height, but the location of CUlling-off is (d+ 30,!)4 3.027

1st Transition
0.039

1.622 24- Oil 0.71 etc 220 Iiigher than Model·l.(Hoops with hook)Section
Botomn of 0 24- D13 0.71 06the Column Axial force is 20% stronger than Model-I.

5 2.36 1st Transition
0.039

(Using the same model as Model-I)0.667 12-D13 0.35 etc 220
Section

Botonm 01 0 36- D13 1.06the Column
lsi Transition 26-013

D6
0.039 1/3 scale model of the real pier.6 3.027 0.667 0.71Section etc 220

2nd Transition 1.333 12- D 13 0.35Section

tv
--J
......

Material of test pieces;

cOllcrele "'''. =2111 kg/cm'
Steel bar···S035·013, u..=.3,700kg/cm'

for main steel bars, (S0301 06 for hoops.

Note:Applied Vertical Load

Models except Model·5 .. ·Ht
hfodel·5 .. ·54.4t
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Photo-l General Viet,;

Photo-2 P-2
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Photo-3 P-3

Photo-4 p-4
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Photo-5 P-5
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Photo-6 p-6



275





277

DYNAMIC RESPONSE ANALYSIS OF SHIZUNAI BRIDGE

DAMAGED BY THE URAKAWA.QKI EARTHQUAKE OF MARCH 21,1982

By

Toshio Iwasaki, Dr. Eng., Head

Ryoji Hagiwara, Research Engineer

Earthquake Engineering Division

Earthquake Disaster Prevention Department

Public Works Research Institute, Ministry of Construction

ABSTRAcr

On the morning of March 21, 1982, a severe earthquake of a magnitude of 7.1 on the

Richter scale hit Urakawa-okior off Urakawa, southern part of Hokkaido Island in Japan. It

is reported by the Japan Meteorological Agency <JMA)l) that the hypocentral depth was 40km

and the'highest JMA seismic intensity was 6 at Urakawa town. Shizunai Bridge, located near

the epicenter, sustained serious damages to 6 pier columns out of 8. Vcry heavy cracks oc

curred at 2 pier columns (Piers-3 and 6), and medium to minor cracks were observed at 4 pier

columns (Piers-2, 4, 5, and 7).

This paper briefly describes an outline of the Urakawa-oki Earthquake, damage features

of Shizunai Bridge, and results of a dynamic response analysis of Shizunai Bridge, which was

conducted for investigating the causes of damages to the bridge.

Two different analytical models are employed for the dynamic analysis. The first is a

model of the overall system involving the entire parts of the bridge, although the second is

a model of Pier-3 which was most seriousJy injured. In the both cases, structural responses to

seismic motions in the direction transverse to the bridge axis, are computed.

In an analysis for the overall model, two abutments, 8 piers, and 9-span, girders are con

sidered as a lumped mass-spring system. Surrounding soils above the bedrock are also included

in the system, and non-linear characteristics of soils are considered. All of structural parts

made of steel and. reinforced concrete are assumed as elastic members. From the analysis for

the overall model, it is concluded that responses (ratios of acting forces to design forces) of

Piers-3 and 6 (supporting two ends of continuous girders) which sustained heavy damages are

extensive comparing with those of the other piers, and that horizontal forces analyzed for

Piers-3 and 6 are higher than 2 times their design horizontal forces, respectively.

Next, in the analysis of Pier-3 model, non-linear characteristics of the reinforced concrete

pier column are c'onsidered. From the an:uysis, it is concluded that plastic state will extensively

develop at a section of 4.0m above the bottom of the column, which well explains the actual

behavior of Pier-3 during the earthquake.

-Pr~ceding page blank
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1. OUTUNE OF THE URAKAWA·OKI EARTHQUAKE OF MARCH 21; 1982

From the report of the Japan Meteorological Agency (JMA)I), the characteristics of the

earthquake are .outlined as follows:

I) Date and Time II :32 am, March 21, 1982

2) Magnitude 7.1 on the Richter scale

3) Epicenter 20km off Urakawa

142°36' E, 42°4' N

4) Focal Depth 40km

5) Seismic Intensities 6 - Urakawa

4 - Tomakomai, Sapporo, Otaru, Iwamizawa, Hiroo, Kuchan,

Obihiro

3 - Kushiro, Asahikawa, Muroran, Hakodate, Aomori, Morioka

Fig. I illustrates the epicenter and JMA seismic intensities at various locations. Fig. 2 is

a detailed map showing the epicenter of the main shock, epicenters of numerous aftershocks,

obtained from a densely instrumented network of Sci~nce Department of Hokkaido Univer

sity.2) From Fig. 2 it is seen that the epicenter (the center of the large octagon) is located off

Mitsuishi about 15km west from Urakawa.

Strong-motion accelerographs recorded time histories of accelerations at several locations.

The locations'and peak ground accelerations are shown in Figs. 3 and 4. The greatest accelera

tion (about 300 gals) was triggered at Hiroo, about 60km east from the epicenter. At the

surface of firm ground near Horoman Bridge located about 40km east from the epicenter, the

peak acceleration was about 80 gals from a SMAC-B2 type accelerograph (the corrected value

was about 100 gals).

An average value of peak accelerations at Sapporo city of epicentral distance of 15<Jkm

was about 70 gals.

2. DAMAGE FEATURES OF SHIZUNAI BRIDGE

Pier columns of Shizunai Bridge located near the estuary of Shizunai River in Shizunai

town, were seriously damaged.3).4) It is seen from Fig. 2 that Shizunai Bridge is sited at the

northern border in the focal area.

General views of Shizunai Bridge are illustrated in Fig. 5 and Photo I. The bridge, com

pleted in 1972, consists of 3 of 3-span continuous steel plate girders (9 spans totally), 2 abut

ments, and 8 piers.

Soil conditions at the bridge site are also shown in Fig. 5. Soil conditions at the bridge

site are indicated in Fig. 5. Soft soils are rather deep at the right-bank side (Abutment-l side)

and the central parts. Soft soils are very shallow at the left-bank side (Abutment-2 side). A

bedrock layer (mudston of tertiary era) is seen on the surface near the site of Abutment·2, and

Pier-8 and Abutment-2 have spread foundations resting directly on the mudstone layer.

Four piers (Piers-I, 3, 4, and 6) have well foundations of diameter of 6 meters and depth
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of 12 meters, two piers (Piers-2 and 5-fixed piers) have well foundations of diameter of

10 meters and embed~ent depth of 12 meters, one pier (Pier-7) has a well foundation of dia

meter of 6.5 meters and depth of 7 meters, and the Imal pier (Pier-8) has a spread foundation

of lOx 10 meters. Abutment-Ion the right bank has a pile foundation.

All of the eight piers have reinforced concrete circular columns of diameter of 2.2 meters

and height of 8.1 meters. As for Piers-2 and 5 diameters become greater at lower sections.

Due to the Urakawa-oki Earthquake, two pier columns (Piers-3 and 6) sllstained very
\

heavy cracks. Especially Pier-3 was almost failed as seen from Photos. 2 and 3. Photo 4 shows

a damage feature of Pier-6. The lower sections of the column under the water sustained

diagonal cracks similar to those of Pier-3.

Photos. 5 and 6 indicate medium damages to Piers 2 and 4, respectively. Separations of

concrete and cracks are seen at higher sections of the columns. Diagonal cracks are rather

minor for Piers-5 and 6.

Photos 7 and 8 show minor damages to Piers-5 and 7, respectively. Horizontal and diag

onal cracks are seen for Pier-5, and a horizontal crack is'seen for Pier-7.

Quick repairing works for Piers-2, 3, and 6 completed by the middle of April, and the

bridge temporarily reopened on April 15 for light traffic (lighter than 5 tons) with several

restrictions such as a speed limit. It took six months to completeiy repair all the damages, and

the bridge eventually reopened on October I, 1982 for all vehicles without restrictions.

3. EARTHQUAKE RESPONSE ANALYSIS FOR THE OVERALL ELASTIC SYSTEM OF

SHIZUNAI BRIDGE

3.1 Objectives

To 6btain ellrthquake response of each part of structural members of Shizunai Bridge,

a dynamic response analysis will be conducted for its overall system involving the superstruc

tures, substructures, and surrounding soils. In the analysis structural members are assumed to

be elastic, although the surrounding soils are assumed to have nonlinear characteristics. A

principal aim of the analysis is to compare the differences of response values for the eight

piers, and to grasp the causes of the difference of damage extents for the piers.

3.2 Input Seismic Motions at Bedrock

Two seismic bedrock motions were employed for the dynamic analysis. First one is the

acceleration record (peak value being 100 gal in the longitudinal direction of the bridge axis)

obtained on the ground surface at the site of Horoman Bridge (the epicentral distance of

36km) during the Urakawa-oki Earthquake of March 21, 1982. The second one is the accelera

tion record (peak value being 37 gal in the transverse direction to the bridge axis) obtained

under the ground (40 meters below surface) at the ,site of Shizunai Bridge (the epicentral

distance of 17km) during the Hokkaido Southern Coast Earthquake of January 23, 1982

(Magnitude of 7.1 and the focal depth of 130km). Fig. 6 (A) shows locations of the epicenters
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of the two earthquakes and the two recording sites. The wave form and response spectrum

curves of the second record (Shizunai Bridge record) are shown in Fig. 6 (8) and (C).

In the analysis accelerations are enlarged so that the peak surface motion become about

300 gal. The peak bedrock acceleration was adjusted to be 180 gals. A time interval is taken as

0.01 second in the analysis. Results of analysis for the Shizunai Bridge record will be described

in the following sections.

3.3 Earthquake Response Analysis of the Grounds

A non-linear analytical computer program, named "NON-SOILS) (developed by the

Ground Vibration Division, Public Works Research Institute, Ministry of Construction) using

Ramberg - Osgood models, will be employed for the analysis of the grounds at the site of

Shizunai Bridge.

The bedrock for the analysis is taken as the upper boundary of the Tertiary mudstone

with the shear wave velocity of 520 m/sec. From the results of soil ~urvey (measurement of P

wave and S-wave vdocities) conducted by the Hokkaido Development Bureau, a flat bedrock

line exist about 46 meters bel()w the surface at the right bank (Abutment-I) side the to Pier4.

On the other hand, from Pier-6 to Abutment-2, the bedrock line goes up near the surface. At

the left-bank (Abutment-2) side an outcrop of the bedrock appears on the surface.

In view of the above feature of the bedrock line, a seismic analysis will be conducted

for grounds between Abutment-I and Pier-7. Fig. 7 illustrates a classification of soil layers

grounds between Abutment- 1 and Pier-7. Fig. 7 illustrates a classification of soil layers

considered in the analysis. In the· figure, an analytical model for structural members is also

shown. Table 1 tabulates shear wave velocities of these soil layers. In the analysis, shear

moduli and hysteretic damping constants are determined as functions (non-linear character

istics) of strain levels;which are obtained from the results of dynamic torsional shear tests for

soil specemens sampled insitu.

As a result of the analysis, Table 2 shows predominant periods of vibration at several

ground points. Predominant periods for deeper soils af points between Abutment-l and Pier-4

are about 0.7 to 1.0 sec, those for shallow soils at points of Piers-S and 6 are about 0.5 sec,

and that of very shallow soils at Pier-7 is about 0.2 sec. It is estimated that predominant

periods at points of Pier-8 and Abutment- 2 are around 0.2 sec.

Fig. 8 indicates a distribution of response accelerations of grounds, when an input motion

of the Shizunai Bridge record is induced. The peak accelerations on the gound surface are 300

to 400 gal. The peak displacements on the ground surface (relative displacements to the bed

rock) are found to be 4.8 em at Abutment-I site, 3.1 cm Pier-I site, 3.3 cm at Pier-2 site, 2.6

cm at Piers-3 to 6 sites, and 0.5 cm at Pier-7 site. Furthermore, shear strains developed in

grounds are rather large in the diluvial clayey soils (Dc4ayer) at sites between Abutment- I

and Pier-6, and the peak strain level become about (3.4 to 4.9) x 10-3 • In this analysis, shear
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moduli of soils become smaller for high shear strain, according to the results of laboratory soil

test conducted for insitu soil specimens. Shear moduli for the shear levels described in the,

above are only 10 percent of the original value of shear moduli (Go =pVS 2 for 'Y = 10-6).

3.4 Earthquake Response Analysis of the Bridge

A response analysis for the overall system of Shizunai Bridge will be c~nducted in the

transverse direction of the bridge axis, with use of a linear computer program "DAST-M"

(developed by the Earthquake Engineering Division, Public Works Research Institute, Ministry

of Construction), in which multiple-points motions given from the results of the analysis of.
the grounds (described in 3.3) can be considered as input motions to the bridge structural

points, and a model for the overall system is shown in 'Fig. 7. As shown in Fig. 7, for the most

piers the effects of grounds only below the top of the well foundations are considered. The

effects of grounds above the top of the well foundations are also included for Piers-I and 2,

because of the rather deep embedment of soils near the two pier sites.

In modeling bearing supports connecting girders and pier crowns, rotations with respect

to the longidudinal axis of the bridge and lateral displacements in the transverse direction will

be assumed to be identical at the both ends of the connections. In other words, the conditions

of the bearing supports will be completely fixed for the rotations with respec~ to the bridge

axis and the transverse displacements. '

On the other hand, rotations with respect to the vertical axis will be assumed fIXed at the

fIXed bearing supports (Piers-2, 5 and 8), and free at the movable bearing supports (Piers-I, 3,,
4,6 and 7).

In the analysis, masses of girders, pier columns, and well foundations, torsional'inertia

of girders along the bridge axis, and rotational inertia of pier top beams along the bridge axis,

are considered. An equivalent viscous damping ratio of 20 percent to critical is assumed,

accounting for the various different damping effects.

From the eigenvalue analysis for the overall system shown in Fig. 7, the fundamental

mode Shape (first mode) is shown in Fig. 9. The fundamental natural period is about 0.6 sec,

and the entire parts of the system move to the same direction. Bending deformations of pier

columns prevail for the fundamental mode. The participation factor of the fundamental mode

is most essential comparing with other modes.

Figs. 10 and 11 illustrate the distributions of peak: response accelerations and peak:

response displacements, respectively, when Shizunai Bridge is subjected to the input motion

of shizunai' Bridge record already shown in Fig. 6 (the peak acceleration at the beserock is

assumed 180 gals). Maximum response accelerations are observed at pier tops and girders

between Pier-I and Pier-6, and the peak value of acceleration is rather great (480 to 660

gal). Maximum response displacements (between 4.2 and 6.6 em) (displacement of the pier top

.. 0.5 cm) are also large for the sites between Abutment - I and Pier06.
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Next, Fig. 12 (A)-(D) shows the distributions of peak bending moments for all pier

columns. In the figure, design bending moments (MD), bending moments to cause cracks (Md,

bending moments to cause yielding (My) and ultimate bending moments (Mu) are illustrated,

as well as peak response bending moments (Mpi) given for each pier from the dynamic analysis.

It is seen from Fig. 12 that response bending moments (Mpi> are quite large (Mp > Mu ) at

Piers-3 and 6 which subtained very heavy cracks. Response bending moments at Piers-2, 5, 1,

4, and 7 are nextly large (Mp > MD , and Mp are nearly equal to Mu at the section of cut-off of

reinforcements). Response bending moments at Pier-8, however, are small (Mp < MD).

Peak response shearing forces are higher than shearing strengths at Piers-I, 2,3,5, and 6,

although response shearing forces are less than shearing strengths at Piers-4, 7, and 8.

Table 3 shows (A) comparison of design lateral forces and response lateral forces ana

lyzed, (B) comparison of yielding bending moment (My) and response bending moments

analyzed, and (C) comparison of shearing strengths (Su) at most dangerous sections and

response shearing forces (S).

Ratios of response lateral forces to design lateral forces for Piers-3 and 6, are large being

2.6 and 2.4, respectively. The ratios for Piers-2, 4, 5, and 7- which sustained moderate to minor

damages, are between 1.1 and 1.5. Although Pier-I did not sustain any damage, the ratio is

rather large being 1.9. Furthermore, the ratio for Pier-8 with no damage is vuy small (0.3).

Next, ratios of response bending moments to yielding bending moments are also large for

Piers-3 and 6, and small for Pier-8. This tendency is idential to the case of lateral forces.

Furthermore, ratios of ratios of response shearing forces to shearing strengths are greater

than 1.0 for Piers-I, 2,3,5, and 6, and less than 1.0 for Piers-4,6, and 8.

4. EARTHQUAKE RESPONSE ANALYSIS FOR THE ELASTO-PLASTIC SYSTEM OF

PIER-3

4.1 Objectives

As indicated in Chapter 2, it is supposed that Pier-3 behaved extensively beyond the

elastic limit. In Chapter 3, elastic responses of the overall system of Shizunai Bridge are

analyzed. In this Chapter,a detailed dynamic analysis will be performed for Pier-3, which

sustained the heaviest damage among the eight piers, by considering non-linear characteristics

of soils and reinforced concrete structures. The principal objective is to accurately grasp

dynamic behavior (including behavior after the outbreak of cracking) of Pier-] during the

Urakawa-oki Earthquake.

4.2 Input Seismic Motions at Bedrock

Similarly to the analysis of the overall system described in 3, two seismic bedrock

motions were employed, namely the Horoman Bridge Record (obtained during the Urakawa

oki Earthquake of March 21, 1982, and the Shizunai Bridge Record (obtained during the

Hokkaido Southern Coast Earthquake of January 23, 1981). Time histories of the two acceler-
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ation records were adjusted so that the peak bedrock acceleration = 180 gal, and the time

interval = 0.002 sec. In the. following, some results for the Shizunai Bridge Record will be

described.

4.3 Analytical Model

For establishing an analytical model of Pier-3 of Shizunai Bridge, a number of different

prelimirary analyses were conducted. Fig. 13 illustrates a mathematical model eventually

adopted for the analysis. The top mass of the model represents the mass of the superstructure

(mass and moment of inertia of the girder of one-span length are taken). The effects of lateral

rigidity and rotation rigidity of the superstructures are neglected, because the effects were

found to be negligible from a preliminary analysis.

As for restoring forces of the pier column, a degrading tri-linear model (proposed by K.

Muto'», was employed, as shown in Fig. 14 which shows a relationship between bending

moments and curvatures at any column sections. Fig. 16 displays the arrangements of rein

forcing bars of some sections of the column of Pier-3. Also, skelton curves of bending moment

curvature relationships for the bottom section and the section 4.0 m above the bottom of

the column are demonstrated in Fig. 16.

As for the model of surrourding soils, a weight of soils equal to 1,000 times the pier

weight (sectional area of soils of 15,000 m2 ) was taken, so that motions of the pier do not

affect those of soils. Equivalent shear moduli of soils were assumed to be equal to secant

gradients of the skelton curves computed from the analysis shown in 3.3, in which a Remberg

-Osgood model was adopted. A strain level (about 2 x 10-3 at most) of about 60 percent of

the peak strain was taken for the cases.

As for damping effects, viscous damping (2 percent to critical) of the pier column, viscous

damping of the foundation-soil-spring system (20 percent to critical), and hysteritic damping

of the, pier column and soils are considered.

4.4 Results of Analysis for Pier-3 Model

A result of a characteristic analysis (or an eigenvalue analysis) for the elastic stage of Pier

3 model is shown in Fig. 17. The fundamental mode shape is essentially the one of bending

deformation of the pier column, and the natural period of the fundamental mode is 0.60 sec.

Fig. 18 illustrates a wave form of response ground acceleration, when subjected to an

input bedrock motion of Shizunai Bridge Record with the peak acceleration of 180 gal. From

this it is seen that the peak ground acceleration is 348 gal, and the number of repetition of

motions with acceleration of 200 gal or higher, is about 10. The peak ground displacement was

about 2.5 em.

A distribution of peak acceleration along the vertical axis is shown by the solid line in

Fig. 19. The dotted line in the figure r~spresents a result of non-linear soil analysis descrived in

3.2. It is seen' from this that the results coincide approximately. Response acceleration
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spectrum curves for the ground motions computed from the above analysis are shown in Fig.

20. Response accelerations are comparatively high over the range of periods between 0.2 and

1.0 sec.

Nextly, responses of the pier structure are shown in Figs. 21 to 23. Peak values of res

ponse acceleration and displacement of the supersturctive are 509 gal and 10.0 em, respective

ly. The response displacement is larger (1.7 times) than the result for the overall system

described in 3.4. It seems that this large displacement is due to the effects of plastic deforma

tion of the pier column. Distributions of peak bending moments and peak shearing forces of

the Pier-3 are shown in Figs. 24 and 25, respectively. These values are smaller than those

obtained from the analysis for the overall elastic system described in 3.4. The response bending

moments, however, are larger than yielding bending moments (My) at the sections of cut-off of

reinforcing bars and the bottom sections. The response shearing forces are less (one half) than

the shearing strengths. Table 3 tabulates peak response values of bending moments and shear

ing forces developed at three sections (bottom, 2.0 m, and 4.0 m above the bottom) of Pier-3.

Fig. 26 demonstrates the hysterestic curve of the 'relation between bending moment and

curvature at the section (section of cut-off of reinforcements) of 4.0 m above the bottom

where a plastic stage developed most extensively among others. Peak curvature value (or the

ductility factor for curvature, IIp) reaches to 5.0. In view of the actual damage which occurred

at the section of 4.0 m above the column bottom, it is seen that the results explain very well

the damage features. From the analysis, the peak displacement at the pier top is about 10 em,

which is equal to 2.2 times the yielding displacement (liy = 4.3 em). In other words, the

ductility factor for displacement, Pa becomes 2.2. It is estimated, however, from the damage

features of the pier column and the results of laboratory experiments (for one-third .scale

models), that the actual ductility factor may have reached to 3 or higher. It can be concluded

that the results of anaiysis indicate responses slightly lower than the actual values.

S. CONCLUSIONS

From the two different analyses on dynamic behavior of Shizunai Bridge damage during

the Urakawa-oki Earthquake of March 21, 1982 (Richter Magnitude = 7.1), the following

conclusions can be made:

(l) It seems that during the Urakawa-oki Earthquake Shizunai Bridge sustained seismic forces

much higher than the expected design forces. Especially for piers located in the right

bank side where deeper surface soft soils exist, responses were extensive. It will be

noted that one of the causes of the damages to these piers was an coincidence of period

of vibration between the predominant period of soils and the fundamental period of

bridge structure for Piersol to 6. In order to improve seismic design procedures for bridge

structures, it will be essential to consider the effects of .dynamic interactions 'between

bridge structure and surrounding soils.
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(2) From the results of an analysis for the overall system, ratios of response lateral forces to

design lateral forces at the pier tops and ratios of response bending moments to yielding

moments at weak sections of pier columns were computed.

Those ratios are extensively high for Piers-3 and 6 which sustained heavy damages during

the Earthquake. The results of analysis approximately coincide with the damage features

of pier columns except Pier-I.

(3) Basing on the current specifications of seismic design of highway bridges8), design lateral

forces acting on piers which supports ends of continuous girders (such as Piers-3, 6 of

Shizunai Bridge), become smaller than those acting on other piers. This is due to the fact

that the current specifications require that design lateral forces are the product of the

seismic coefficient and the dead weight of girders (or reactions) acting on piers, and that

reactions are rather small on the ends of continuous girders.

For the dynamic analysis for the overall system, however, response lateral forces gen

erated in Piers-3 and 6 (supporting the ends of continuous girders) are not necessarily

small. Therefore, it seems that the ratios of response lateral forces to design lateral forces

became greater for the Piers-3 and 6. This tendency might be one of the causes of heavy

damages to the selective piers of Shizunai Bridge.

(4) It is supposed that large lateral forces generated in the longitudinal direction as well

as those in the transverse direction of the bridge axis, for Piers-2, 5, and 8 which are

fixed in the longitudinal directions.

(5) Ratios of response shearing forces to shearing strength become smaller than ratios of

response bending moments to yielding moments. From this it is estimated that heavy

damages to pier columns of Shizunai Bridge may be caused firstly by bending moments

at the sections of cut-off of reinforcing bars, and secondly by shearing forces at the same

sections where sectional areas became small due to preceeding bending failures. It seems

that the shearing forces fmallY caused diagonal cracks and serious shear failures to Piers-3

and 6.

(6) From another dynamic analysis for Pier-3 where non-linear characteristics of reinforced

concrete we're taken into consideration, it seems that reinforcing bars at the section of

4.0 m above the column bottom (cut-off section of bars) yielded. This fact coincides with

the actual behavior of the bridge during the Urakawa-oki Earthquake.

It is pointed out that cut-off of reinforcing bars caused yielding of bars and poor ductility

(or toughness) of the pier column. In order to avoid brittle failure of reinforced concrete

columns, elongation of bars (cut-off of reinforcing bars) should be carefully considered.
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Photo 1
View of Shizunai Bridge
from Right Bank
to Left Bank and to Downst·
ream,. Pier-4 in foreground.

Photo 2
Damage to Pier-3
Shizunai Bridge, Seen
from Pier-2 site.

Photo 3
Closer View of
Failed Section of
Pier-] of
Shizunai Bridge,
Seen from Downstream.
Note cut~ff orbm.
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Photo 4
Damage to Pier-6 of
Shizunai Bridge,
Seen from Pier-7.

Photo 5
Damage to Pier·2 of
Shizunai Bridge,
Seen from Upstream of
Pier-} side.

Photo 6
Damage to Pier4 of
Shizunai Bridge.
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Photo 7
Damage to Pier-S of
Shizunai Bridge,
Diagonal Cracking on
Downstream side.

Photo 8
Damage to Pier~7 of
Shizunai Bridge,
Light Horizontal Cracking.
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Table I

290

Shear Wave Velocities of Soil Layers

Symbol of
Soil Classification

Shear Ware Veloci ties
Soil Layers Measured (m/sec)

T s Top Soil I 50

Ag-l Alluvial Gravel (Upper) I 70

Ac Alluvial Clay 220

Ag - 2 Alluvial Gravel (Lower) 250

Dc Oi luviaI Clay 200

Ds Oiluvial Sand 200

Dg Oi luvial Gravel 400

Ms Tertiary Mudstone 520

Note) See Fig.7 for depth of each soi f layer

Table 2 Predominant Periods at Various Si tes

Si tes Al PI P2 P3. P4 P5.P6 P7

Predominant 1.00 0.75 0.75 0.68 0.4 7 0.23Period (sec )
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Table 3. Result of Dynamic Analysis for Overall System of Shizunai Bridge
(In Transverse Direction to Bridge Axis)

Forces Piers P, Pl P3 P4 Ps P6 P7 p. Remarks

(A) (I) Design (t) 102 (277) 74 102 (277) 74 102 (277) Values in
( ):

Lateral Force (2) Analysis (t) 195 300 192 159 301 176 114 91 Longitud.
at Pier Top (2)/(1) 1.91 1.08 2.59 1.56 1.09 2.38 1.12 0.33 Direction

(8)
Yielding

(I) Moment 890 1,325 677 890 1,325 677 890 1,371 =1.57 A
Bending (t ·m)
Moment at (2)Analysis(t·m 1,512 1,ll91 1,628 1,386 1,796 1,506 906 539
Critical Section (2)/(1) 1.70 1.43 2.40 1.56 1.36 2.22 11.02 0.39
of Pier Column

(C) (1 ) Shearing 205 205 205 205 205 205 205 205Shearing Force Strength (t)
at Critical (2) Analysis (t) 221 327 220 183 326 217 132 103
Section of (2)/(1) 1.08 1.60 1.07 0.89 1.59 1.06 0.64 0.50
Pier Column

3
uteral Force 3

2

... .. ......
X......... ......X- _

P,

Medium

P,

Heavy

...... ....... ,.X-- ...-c:"pi'

Shearing Force /

P,

Medium

P,

Damage Dogr.. _ No

Table 4. Bending Moment lind Cunltun at ThrlMJ Sections of Pier Column of Pier·3.

Section Column Bottom 2.0mAbove 4.0m Above
Column Bottom Column Bottom

Yielding Moment (My) 1,200 (t·m) 960 (t·m) 677 (t·m)

Bending Peak Response Moment 1,291 (tom) 1,060 (t·m) 801 (t·m)
Moment (M)

M/My 1.08 LlO 1.18

Yielding 12.6 x 10" (l/cm) 12.3 x 10-6 (I/em) n.8 x 10-6 (I/cm)Curvature (t/>y)

Curvature Peak Response
21.9 x 10-6 O/em) 31.2 x 10-6 O/em) 59.0 x 10-6 O/cm)Curvature (t/»

t/>/t/>y 1.73 2.54 4.98
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Epicenter and J.M.A. Intenlitiel, Urakawe-oki Earthquake
of Marcll 21, 1982.
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Explanation of Muto's Degrading Tri-I.inear System.

I) The skelton curve is a degrading tri-linear one with corner points at cracking point (I)
and yielding point (5).

2) The system is linear before cracking develops at point (5).
3) After cracking develops, the hysteresis curve goes along the second slope (initial envelope

line). The curve goes toward the original point (0) from the maximum point, unless the
curve reaches to the yielding point (5).

4) After the curve reaches to the yielding point (5), the curve goes along the third slope, and
goes back on the line parallel to the line connecting the yielding point (5) and the original
point (0), until the curve reaches to the abscissa (16). Next, the curve goes toward the
farthest point (9) experienced. Points I to 1.7 in the above figure indicate an example of
time history of the system.

Fig. 14 Muto's Degradill\l Tri·Linear System for the Bending

Moment-Curvature Relation of Pier Column.
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DATA PROCESSING .~~ METHODOLOGIES cOR ASSESSING

SEISMIC RESPONSE CHARACTERISTICS OF

MELOLAND RO~.D OVERPA.SS

By
* +S.D. Werner and M.S. Agbabian'

ABSTRACT

The Meloland Road Overoass, a two-soan reinforced con
crete'bridge located near E1 Centr;, California, sur
vived very strong shaking during the 1979 Imperial
Valley Earthquake with virtually no damage. This
shaking triggered an array of 26 strong motion accel
erometers located on or near the bridge, providing the
most extensive array of earthquake response measure~

ments yet obtained for bridges in the united States 0

In viet,.; of this, a project is being implemented to
evaluate these measured data, as a means for enhancing
our understandincr of the behavior and desicrn ot
bridges in an e~r~~quake environment. This 'paper
describes new methodologies developed under this pro
ject to support this data evaluation effort, as <Nell
as special data digitization and processing opera
tions necessitated by field recorder malfunc~ions.

*Associate, Agbabian Associates, El Segundo, California, USA

tpresident, Agbabian Associates, El Segundo, California, USA
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INTRODUCTION

In October 1979, a magnitude 6.4 earthquake occurred along
the Imperial fault, just south of the United States-Mexico border
and caused significant ground shaking throughout Southeastern
California and Northcentral Mexico. This event, the Imperial
Valley Earthquake, triggered numerous strong motion accelero
meters, to provide an extensive set of strong motion measure
ments, particularly in the near field (Brady, 1980; McJunkin and
Ragsdale, 1980; Porcella et al., 1982; and Brune et al., 1982).

Among the accelerograms recorded during this earthquake
were those measured by an array of 26 transducers located on or
near the Meloland Road Overpass - a two-span bridge structure
located 0.5 km southwest of the causative fault (see Figure 1).
This bridge' (Figure 2) consists of a continuous reinforced
concrete three-cel'l box girder road deck on open-end diaphragm
abutments and a reinforced-concrete single-column pier, all on
timber piles. The two spans of the bridge, each 104 ft long,
are not skewed and contain no joints or sliding details. The
bridge was designed in 1968-69 by the California Department of
Transportation (CALTRANS), using 1968 California Division of
Highways design criteria (Degenkolb and Jurach, 1980; Rojan
et al., 1982).

The Imperial Valley earthquake induced very intense shaking
at the bridge, with peak horizontal and vertical accelerations
along the road deck reaching levels of 0.51 g and 0.50 g respec
tively. Despite this, the bridge was virtually undamaged by the
shaking, except for some evidence of small relative motion and
separation at the abutment/backfill interface (Roj an et al.,
1982) . This can be contrasted with the New River bridges,
northeast of El Centro, which were located further from the
causative fault but nevertheless suffered extensive damage from
the Imperial Valley earthquake motions",

The array of measurements obtained at the Meloland Road
Overpass during the 1979 Imperial Valley earthquake represents
the most extensive set of strong motion data yet obtained for
bridges in the united states. In view of this, these data pro
vide a means for gaining important insights into the behavior of
bridges during earthquakes, and for addressing the following key
questions.

a. What new insights for enhancing future seismic
design provisions for bridges can be obtained
from examination of this extensive array of
strong motion measurements?

b. What configurational characteristics of the
Meloland Road Overpass caused it to survive its
very strong motion with no damage?
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c. How can information obtained from these strong
motion measurements be used to improve procedures
for mathematically modeling and dynamically ana
lyzing bridge structures?

PROJECT DESCRIPTION

To evaluate the strong motion data at the Meloland Road
Overpass in accordance with above issues, a two-year project was
initiated in April 1982, under the sponsorship of the National
Science Foundation. This project consists of the following main
tasks: (1) evaluation of the basic data, in terms of the
information it provides pertaining to the bridge response char
acteristics; (2) application of state-of-the-art parameter
optimization procedures' to the data, in order to develop a
fini te element model of the bridge that 11 fi ts" the data to
within an acceptable tolerance; and (3) use of this model as a
basis for carrying out further dynamic analyses to evaluate the
bridge response characteristics in accordance with the proj ect
objectives.

This paper describes some initial results obtained from
this ongoing project. To do this, it first describes the strong
motion instrumentation and data measured at the bridge. Then,
it· describes how the data were re-digi tized and re-processed
under this project, in order to provide consistent data from all
26 channels and to overcome effects of periodic stalling of a
recorder that contaminated the traces from Channels 1 to 13.
The remaining sections summarize new methodologies that have
been developed to carry out the parameter optimization for the
bridge model development, and to extract normal modes of the
bridge from the measured response data.

STRONG MOTION INSTRUMENTATON AND ACCELEROGRAMS

Instrumentation

The instrumentation of the Meloland Road Overpass has been
described in some detail by Rojan et al. (1982) and is briefly
summarized in this section. This bridge was selected for
instrumentation because of its structural characteristics and
its close proximity to the Imperial Fault. It was instrumented
in November 1978, and the instrumentation is maintained by the
California Division of Mines and Geology, Office of strong
Motion Studies.

The instrumentation consists of two 13-channel Kinemetrics
CRA-l remote-accelerometer central recording systems. It is
comprised of FBA-l (single axis) and FBA-3 (triaxial) accelero
meter packages, two 13-channel central recording units
interconnected for common timing f and one VS-l starter. The
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recorders and starter are located at the ground level next to
the base of the central pier. The FBA accelerometers have a
natural frequency of 50 Hz and are designed to measure accelera
tions up to 1 g over a nominal frequency range of a to 50 Hz.

The instrumentation layout is shown in Figure 3. The data
recorded at the indicated instrument locations provide measure
ments of the vertical (flexural), transverse (horizontal), and
torsional response of ~~e road deck, the translational response
at the two abut.Tflents and the base of the central pier, the
motions in the embankments adj acent to the abutments, and the
free field response. Some typical instrument locations are
shown in Figure 4.

Accelerograms

The 26 accelerograrns recorded at the Meloland Road Overpass
during the 1979 Imperial Valley earthquake are shown in
Figure S. This figure shows that, although each of the
13-channel accelerometer systems operated during the earthquake,
the records from one system (involving data from Channels 1
to 13) were contaminated because the recorder film transport
stalled periodically during the earthquake. These stalls
occurred at approximately 3 sec intervals, and are characterized

. by a distortion of the acceleration trace and a bulging and
shortening of the time trace. Because of these stall effects,
special digi tization teChniques were developed and implemented
as part of this project, in order to reconstruct the bridge
response in the stalled regions of the trace. These techniques
are described subsequently in this paper.

DATA DIGITIZATION AND PROCESSING

overview

A key aspect of this project to date has been the redigiti
zation and reprocessing of the strong motion data measured at
the Meloland Road Overpass. The objectives of L~is effort were:
(1) to reconstruct the motions from ChaTh.i.els 1 to 13 that were
distorted by ~~e recorder stalls; and (2) to provide consistent
data from all 26 channels that can be used simultaneously to
evaluate the bridge response characteristics in accordance with
the project objectives. This work was carried out by Trifunac
and Lee (1983) at the facilities of the Unive~sity of Southern
California (USC), under a subcontract to this project. The
endeavor was aided by the support and cooperation of personnel
from the Office of Strong Motion Studies, California Division of
Mines and Geology.
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The reconstruction of the data at the recorder stalls was
carried out using the Automatic Record Digitizing System (ARDS)
at USC. This effort involved certain manual operations,
together with automatic operations controlled by the ARDS rou
tine software and one additional program developed specifically
for this-application. Once the data from Channels 1 to 13 was
reconstructed, it was then reprocessed using the USC routine
data-processing software. Data from Channels 14 to 26 (which
were not affected by recorder stalls) were also redigitized and
reprocessed so as to assure consistency between records from all
channels.

Data Digitization

The basic elements of the ARDS facility are indicated
schematically in Figure 6· and are described in detail by
Trifunac and Lee (1979). All digitization operations using
these elements are controlled through the existing programs
FILM, TRACE, TV, and SCRIBE, and through the special purpose
program, MAKGAP, written for application to the Meloland Bridge
data. The use of these programs in the reconstruction of
motions from Channels 1 to- 13 is illustrated in Figure 7, and is
summarized in the paragraphs that follow. The existing programs
were also used in the routine digitization .of the traces from
Channels 14 to 26.

MAGNETIC TAPE DRIVE - - CARD READER

01 SK DRI VE '-- CPU f--

(1"0 MEGABYTE) (NOVA 3)
PLonER- f--

PRJ NTER f-- '-
PHOTODENSITOMETER
PHOTOS CAN P-l000

GRAPHICS TERMINAL
TEKTRONIX 1014

FIGURE 6. HARDWARE COMPONENTS OF USC AUTOMATIC
ACCELEROGRAPH RECORD DIGITIZING SYSTEM
(Trifunac and Lee, 1979)

Program FILM. The' reading of the film negative is per
formed by the ARDS drum photodensitometer, which is controlled
by the program FILM. In this operation, a rotating drum to
which the film is attached is scanned by a light source, and
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"

Program FILM

All traces identified and digitized.
Initiation times and durations of all
stalls defined. ,.

Program MAKGAP

Trace regions following each stall time-
shifted to account for stall duration.
Blank regions created in trace at stall
locations.

1-
Program TRACE

Digitized data from FILM and MAKGAP
automatically processed, and center of
each line connected by continuous curve.
Each trace or broken segment of- trace
(due to time shifting in MAKGAP) pro-
cessed and assigned to separate file.,.

Program TV

Irregular portions of trace due to
recorder stalls deleted by operator.
Operator fills in blank portions with
reasonable trace form and creates con-
tinuous acceleration traces .

-

•I Program SCRIBE

Trace segments plotted and/or written
onto magnetic tape for subsequent
processing.

FIGURE 7. PROCESS FOR RECONSTRUCTION OF MOTION
AT RECORDER STALLS
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light intensities are measured. This scanning operation pro
ceeds along the vertical axis of the film at 1 pixel (50 micron)
intervals, and each light intensity reading greater than a
chosen threshold level is stored onto a disk file for future
use. After each vertical scan is completed, the light source
moves 1 pixel to the right (along the horizontal axis of the
film) and the above vertical.scanning process is repeated.

This automated scanning operation was applied to the
Meloland Bridge data until a region affected by a recorder stall
was encountered; as previously noted, such stall effects were
evidenced by a localized distortion of the Channel 1 to 13
acceleration traces displayed on the ARDS graphics terminal, and
a discernable bulge in the time trace (Figure 8). When this
occurred, the automated digitization process was temporarily
hal ted, and the following manual procedures were conducted by
the operator: (1) the distorted region of the film trace was
enlarged on the graphics terminal; (2) from careful examination
of this distorted region, the estimated time of initiation of
the stall was defined by manual insertion of a time-marker at
the appropriate pixel location along the time axis of the trace
(Figure 8a); and (3) the duration of the 'stall was obtained by
measuring (in pixel units) the amount of shortening of the time
trace in the stalled region (Figure 8b). This procedure,
repeated for each stall in the Channel 1 to 13 records, resulted
in the identification of seven stalls with initiation times
approximat~ly 3 sec apart and with durations 'ranging from
0.04 sec to 0.25 sec (Table 1).

TABLE 1. RECORDER STALLS IN TRACES AT CHANNELS 1 TO 13
OF MELOLAND ROAD OVERPASS RECORDS

Initiation Duration widthStall Time After
Number Triggering of Stall of Stall

(sec) (sec) (pixels)

1 2.65 0.13 26

2 5.60 0.04 8

3 8.55 0.25 51

4 ILlS 0.05 10

5 14.30 0.04 8

6 17.35 0.22 44

7 20.05 0.19 38

Program MAKGAP. The second part of this process involved
the use of MAKGAP which, as indicated previously, was a special
program incorporated in the ARDS software to facili tiate the
reconstruction of the motions that occurred during the recorder
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stalls. MAKGAP served to correct "the time coordinates of each
digitized point of the acceleration trace by: (I) reading the
data generated by FILM until one of the operator-inserted time
markers denoting the initiation of a stall was encountered; and
(2) inserting an appropriate number of blank pixel bands so as
to shift the time coordinates of every point beyond the flag, by
an amount equal to the duration of the stall (Figure 8a). This
operation was carried out for each stall identified in FILM.

Program TRACE. During the third part of this digitization
process, the digitized data were automatically analyzed by the
program TRACE in the following manner: (1) at each time loca
tion, it identified the coordinates of the mid-thickness of each
acceleration trace (whose overall thickness was defined in terms
of light intensity readings obtained from the" vertical scanning
process controlled by FILM); and (2) it defined each continuous
trace segment on the film negative and assigned it to a particu
lar file. When the traces were broken due to the gaps created
by MAKGAP at each stall occurrence, TRACE assigned a new file
number to each trace segment.

Program TV. The fourth operation in this digitization pro
cess involved editing of the acceleration trace data in the
vicinity of the stalls to produce a continuous trace. This
operation can be illustrated by referring to Figure 8a, which
shows the original recorded accelerograph trace at a stall as
curve ABCD, as well as the gap created by MAKGAP over the dura
tion of the stall. The following steps were involved in the
editing process indicated in this figure: (1) the operator
deleted segment BC, which is the portion of the trace distorted
by the recorder stall; and (2) the operator then inserted points
to define a reasonable "corrected trace segment" over the dura
tion of the stall, that connected the undistorted trace segments
AB and C'D',* and created a continuous trace ABC'D'. This pro
ces9 was repeated at each of the seven gap locations for all
acceleration traces (Channels 1 to 13) and for all fixed and
other traces present on the film.

Program SCRIBE. In the final operation in this digitiza
tion process, the reconstructed accelerograms were plotted and
written onto magnetic tape for subsequent data processing.

Data Processing

The processing of the data from the Meloland Road Overpass,
after correction for the recorder stall effects, was carried out
using standard USC software described by Lee and Trifunac
(1979). This processing is briefly summarized as follows:

*Note from Figure 8a that segment C'D' corresponds to segment CD
of the original acceleration trace, after it was time shifted
by. MAKGAP to account for the stall duration.
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• "Volume 1" Processing. The "Volume 1" processing
consists of various smoothing and scaling opera
tions. These operations, however, represent a
minimum interference with the basic data, so that
the digitized data so obtained may be referred to
as "uncorrected. 1I

• "Volume 2 11 Processing. In this stage of the pro
cessing operation, the Volume 1 data are cor
rected for instrument frequency response and
baseline adjustment, as described by Hudson
(1979) . This results in "corrected" accelera
tion,. velocity, and displacement histories at
each channel (Figure 9a). It is noted that the
data from each channel of recorded motion at the
Meloland Road Overpass was band-pass filtered
over the same frequency range, so as to maintain
consistency when all of the channels of data are
used together in the subsequent modal extraction
and parameter optimization tasks under this
project.

• "Volume 3" Processing. In this final data pro
cessing stage, Fourier amplitude spectra and
response spectra for damping ratios' of 0, 2, 5,
~O, and 20 percent of critical are obtained
(Figure 9b).

Discussion

The above process for reconstructing the bridge response
during the recorder stalls utilizes state-of-the-art digitiza
tion hardware and software. Nevertheless, the end results of

. the process are clearly dependent on the judgment of the opera
tor; i.e., different qualified operators may well interpret the
bridge motions within the stalls somewhat differently. However,
the relatively short duration of most of the stalls and clearly
visible limits of maximum and minimum excursions of recorded
acceleration were not difficult to interpret. In view of this,
errors in the final digitized data, though certainly present,
are believed to be small. This can be seen by comparison of
motions reconstructed for stall effects (Channels 1 to 13) vs
motions not affected by recorder stalls (Channels 14 to 26) at
corresponding locations within the bridge/embankment system
(Figure 10). Focusing on the overall displacement patterns and
long period ground motions, it is seen that these motions ar~

quite consistent, suggesting that the errors remaining' after
correction for the recorder stall effects are indeed small.
Along these lines, it is fortunate that the stalls were as short
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as 0.25 sec or less,* and that the acceleration traces where the
stalls occurred did not contain significant high frequency
components. This greatly simplified the accelerogram recon
struction process.

PARAMETER OPTIMIZATION

Basic Approach

An important aspect of this research program will be to use
parameter optimization methods to fit a finite element model of
the Meloland Road Overpass to the measured bridge response.
This basic approach to be followed in this effort is illustrated
in Figure 11. The approach involves (1) using initial estimates
of the bridge parameters in a finite element model, to compute
~~e bridge response to the measured input motions; (2) comparing
these computed motions to the measured motions, and quantifying
any differences that may exist through the use of an appropriate
cost functionit (3) if the differences between measured and com
puted motions are not sufficiently small, updating the bridge
model parameters using state-of-the-art parameter optimization
techniques; and (4) repeating steps 1 to 3 until convergence
occurs between measurements and computations.

Methodology

The parameter optimization methodology to be employed in
the above process is a mathematical technique for minimizing a
function of n variables (in which the function to be minimized
corresponds to the cost function, and the variables comprise the
structure parameters to be optimized). The coding of this
methodology has been carried out and completed under this pro
ject, in the form of a program (named IDENT) with the following
features:

*From Figure 8b, it is apparent that, if the duration of a stall
were longer than 1/2 sec, it would not be possible to determine
its actual duration, since a multiple of 1/2 sec could always
be added without altering the appearance of ,the recorded time
trace. Fortunately, all stalls encountered in the data from
Channels 1 to 13 were less than 1/2 sec, as verified by perusal
of the recorded acc;:eleration traces, and by the comparisons
shown in Figure 10 with records from Channels 14 to 26 (which
were not affected by recorder stalls).

tcos t functions (of which several possible types are available)
are typically defined as the root-mean-square difference
between the measured and calculated response, summed and
weighted over all response locations.
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• It is an unconstrained optimization technique,
which uses the quasi-Newton optimization approach
- an approach that is particularly suitable for
handling the type of problems encountered in
structural engineering applications.

• It can be coupled with any existing static or
dynamic analysis program. (For this particular
application, it is coupled with SAP7, an advanced
version of the SAP family of structural analy~is

codes (USC, 1982).)

• It can be used with either linear or nonlinear
models of the structural system. (For this par
ticular application, the bridge model is assumed
to be linear.)

• It can accommodate.any reasonable number of data
channels and parameters to be optimized.

• It can optimize according to any desired mea
sure of the structure response (e.g., some
measure of the response time history, or normal
modes extracted from the structure response
measurements).

Application in this Project

Two alternative structure models being considered for
optimization are shown in Figure 12. Each model is comprised of
an assemblage of elastic beam elements to represent the bridge
structure, and springs to model the end restraint imposed by the
soil and piles at the abutments and at the base of the central
pier. The two models differ in the location of the input
motions and the particular type of s01l/pile restraint imposed
at the abutments. One model uses the measured abutment motions
as input, in combination with soil/pile rotational springs
(Figure 12a); the second model uses measured embankment motions
as input, applied to the abutments through a series of transla
tional and rotational springs (Figure 12b). The choice of
one model over the other will be based on an assessment of
the sensitivity of the bridge response measures to model
characteristics.

To aid in the definition of parameters to be optimized, a
series of sensitivity studies has been carried out. These
sensitivity studies involved'a simple model of the bridge
(Figure 13a) and the use of SAP7 to extract normal modes of this
bridge model. All of the system material properties f section
properties, and boundary conditions were systematically varied,
and the effects of these parameters on the natural frequencies
of the first eight modes of this model were recorded (Fig
ure 13b). From this, the following parameters were identified
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as having a significant effect on the computed medal frequen
cies: (1) the soil/pile spring constants at the abutments and
at the base of the central pier; (2) modulus of elasticity of
concrete; (3) moments of inertia of the road deck - for bending
in the transverse plane and the vertical plane; (4) shear area
of the road deck - for transverse motions; (5) bending moment
of inertia of the central pier; and (6) unit weight of road
deck.

The final selection of the parameters to be included in the
optimization process will be based on the results from the above
sensitivity studies and, in addition, on practical considera
tions associated with limiting the array of parameters to be
optimized to a reasonable size. Accordingly, where parameters
shown to be important from the .sensitivity study can be reason
ably well defined from judgment, these parameters will be elimi
nated from the optimization process.

The optimization of the selected parameters will be
directed toward defining a meaningful model of the bridge that
will serve as a basis for the subsequent parametric analysis of
the bridge response. An important part of'the optimization pro
cess will involve evaluation of the sensitivity of the results
to variations in (1) the form of the bridge response data (i.e.,
whe~~er normal modes or time-history parameters are used as the
basis for the optimization); and (2) the definition of the cost
function, inclUding its functional form and the factors used in
weighting the parameters in the cost function. This aspect of
the project should provide important insights for future optimi
zation efforts pertaining to structural modeling and analysis.

MODAL EXTRACTION

An important means of assessing the seismic response char
acteristics of the Meloland Road Overpass is to extract its nor
mal modes from the measured response data. The approach to be
used for this purpose is a methodology named MODEX, which is an
extended version of the Simultaneous Frequency Domain (SFD)
technique originally developed by Coppolino (1981). MODEX
identifies eigenvalues, eigenvectors, and damping ratios of the
modes contained in measured response data for a linear dynamic
system. The system can be subjected to a force excitation
applied at a single point, and/or to distributed base motion
excitations applied" at mUltiple points along the length of the
structure. The latter option has recently been incorporated
into MODEX for particular application to the data at the
Meloland Road Overpass (Coppolino, 1983).
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The basic approach used to implement MODEX requires that
the user identify specific frequency ranges over which he judges
that signficant modes may be present. This may be done by
examining local peaks and phase shift gradients in the frequency
response functions derived from the response measurements, as
well as from coherence functions obtained from the measured
data. MODEX is then applied separately to extract the modes in
each of these frequency ranges.

On this basis, the MODEX procedure is derived through the
following steps:

(1) The system equations of motion in the frequency
domain are expressed in terms of the real and
imaginary parts of the N response measurements,
for each of the frequencies that comprise t..l-J.e
frequency range.

(2) Standard numerical procedures are used to operate
on these response measurements, in order to
(a) define the number of modes, M, contained in
the frequency range; (b) compute corresponding
motions for a reduced set of M generalized
coordinates; and (c) obtain a transformation
matrix [V] that interrelates the motions from the
N response measurements and the M generalized
coordinates.

(3) Using the transformation matrix [V], the equa
tions of motion from Step (1) are re-expressed in
terms of the computed motions of the M genera
lized coordinates. Then, the effective damping
matrix [C] and stiffness matrix [K] that mini-

.mize the residuals of these equations are
obtained using least squares fitting techniques.

(4) A routine procedure for computing complex modes
is then applied with [C] and [K] as input, in
order to obtain the natural frequencies and damp
ing ratios for the M modes f as well as the mode
shapes in terms of the M generalized coordinates.

( 5 ) The corresponding mode shapes in the expanded
coordinat~ system (i.e., in terms of the motions
at the N instrument locations) are obtained by
premultiplying the mode shapes computed in step 4
by the transformation matrix [V], as determined
in.step 2.
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CONCLUDING REMARKS

This paper has concentrated on various preliminary but
vital operations leading up to our for~~coming evaluation of the
seismic response characteristics of the Meloland Road Overpass
under this project. These operations have included special
digitization procedures to correct the recorder stall effects
and reconstruct the motions recorded at several of the channels,
and the development of state-of-the-art methodologies for modal
extraction and parameter optimization. These particular pro
cedures and new methodologies should be valuable, not only in
this particular project, but also in future applications involv
ing the interpretation of seismic response measurements.

In the forthcoming months, efforts will be directed toward
the application of these methodologies to assess the bridge
response characteristics indicated by the measured earthquake
data. Detailed evaluations of the basic data, as well as
dynamic parameteric analyses using finite element models fitted
to the data, should provide important insights for seismic
design and for evaluating seismic response characteristics of
bridges. Of course, studies of this type would not be possible
without the excellent prior planning for the deployment of this
system of accelerographs by various agencies, engineers, and
scientists marshalled under the California strong Motion Instru
mentation Program. Other bridges wi thin California have also
been instrumented as a result of these planning activities, and
strong motion data have recently been obtained that should pro
vide valuable supplements to the Meloland Road Overpass measure
ments (McJunken and Turpen, 1980; Porter et al., 1983). The
val~e of future planning. activities of this type, not only for
bridges but for other vital structures as well, cannot be
overstated.
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BEHAVIOR OF THE MELOLAND ROAD OVERCROSSING DURING THE
1979-IMPERIAL VALLEY EARTHQUAKE"

Bruce Douglas l , Gary Norris2, Lawrence Dodd3, and James Richardson3

INTRODUCTION

The satisfactory characterization of bridge response data obtained
for fu 11 scale structures from hi gh amp 1i tude or ambi ent tests does not
necessari ly mean that such model s will correctly describe the earthquake
response of these same bridges. Such issues as differences in excitation
amplitudes and the legitimacy of using the free field motions as input to
bridge models with these very simple foundation models remain open ques
tions. To help deal with these questions, the extensive suite (26 chan
nels) of earthquake response data obtained during the 1979 Imperial Valley
earthquake for the Meloland Overcrossing (14) was used in conjunction with
system identification methods to identify very simple bridge models which
adequately explain the lateral behavior of this bridge during this earth
quake. It should be noted that a comprehensive analy"sis of these data,
including a reconstruction of the data lost when one of the recorders stal
led, is being conducted by others (19,20). Smith (18) and Lisiecki (11)
have also conducted detailed" studies the response data obtained from this
bridge. "

The study of the" Meloland Road data indicates that simple models
appear quite capable of yielding sufficient accuracy for this earthquake.
It should be noted here that this bridge, located within 1/4 mile (0.4km)
of the rupturing fault, was subjected to' 0.5g peak transverse structural
accelerations while the free field ground within 200 feet (61m) exper
ienced about 0.3g peak accelerations in the direction transverse to the
bridge (14).· Our analysis of this suite of earthquake response data
i ndi cates that the rotati ona1 sti ffness of the pi 1e foundati on of the
single column (Fig. 3 and 4) to be anamo10us1y low. A careful geotechnical
examination of the soils at the site indicates that this anamo10us1y low
rotation was most likely associated with the liquefaction or near liquefac
tion of subsurface sand layers/lenses, and that this foundation very
nearly reached a condition of incipient collapse during this earthquake.
Given the absence of surficial evidence of 1iquefaction and observable
damage to the bridge, this condition has gone unrecognized until now.

It should also be noted here that the material presented herein is
taken from a larger paper (5) submitted for publication to the ASCE.

Description: The Meloland RoadOvercrossing (14) is a two span 208
foot (63.4m) long reinforced concrete box girder bridge located within
one-quarter mile (.4 tern)" of the Imperia.l Fault (Figs. 1,2,3,4>0 Twenty-six
channels of strong motion d~ta were collected (14) during this earthquake.

'Professor . and Directo§" of the 'Center 'for Civil Engineering Research.
~Associate Professor~ " G~aduate Research ~ssistant at the Civil Engineer
ing Department, University of Nevada-Reno, Reno, Nevada, 89557. U.S.A.

"Preceding page blank
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The location and sense of all the accelerometers are shown in .Figs. 2 and
3 taken from Ref. 14. Only the transverse response of this bridge was
treated herein; thus only structural response accelerograms 2, 3, 5, 7, 9,
13, and the free field accelerogram 24 were used in this brief study. A
post earthquake study (l4) indicated that no structural damage was done,
although the structure experienced peak transverse structural accelera
tions of 50 percent g and a peak ground acceleration in the transverse
sense of the bridge of 30 percent g. The soi 1 profi le prepared from
borings taken at the location of the single column is shown in Fig. 5. The
central column is supported on twenty-five forty foot (12.2m) long timber
piles spaced in a square grid at three foot (.9lm) intervals. The bridge
abutments were each built monolithically with the approach fills and

.supported on seven timber piles extending to about the same tip elevation
as the piles of the central pier.

Simple Models and System Identification Results: . Two very simple
models were constructed to study the lateral responses of the Meloland
Overcrossing. Figure 6a shows the simple model used for a phased input.
analyses of the bridge. It consists of a simple bending beam with 21
lumped mass nodes as shown. Provision .was made in the model to accept
three distinct out of phase accelerogram inputs indicated by Vi to V3•

These correspond to the recorded acce1erogr ams numbered 3, 2, and 13
respectively. Accelerograms 3 and 13 were recorded at the bridge deck over
the rigid abutment walls and were thus assumed to accurately represent the
input pile cap motions at the abutment foundation. Accelerogram 2 repre
sents the input motion at the base of the single column in the bridge. The
springs KRA , taken to be symmetric, represent the rotational soil/struc-

ture interaction effect at the abutment where the axis of rotation is
vertical to the roadway. The spring KLC represents the equivalent spring

made up by combining the transverse structural stiffness of the column in
series with the rotational stiffness of the central pile group. Provision
to use different phased inputs included in the model (3), precludes the
necessity of including additional springs to account for the lateral
soi l/structure interacti on effects of the central pi le cap and abutment
pile caps for this case.

A second simple bending beam model was constructed to test the
validity of using the recorded free field acceleration (record 24) as
input to the bridge. In this case the model (Fig. 6b) was taken to be the
same as that in Fig. 6a except that an additional node was added to
represent the mass of the pier pi le cap between spri ng KLC and KLp • The

spri ngs KLA and KLP were added to model the. 1atera1 soi 1/structure

interaction effects of the abutments (with symmetry assumed) and the
sipgle pier foundation respectively. In this c.ase Vg represents the free
field accelerogram 24.

The original uncorrected acce1erograms for this bridge contained 13
channels of data with stalls in them due to a recorder malfunction (l4).

. ["arly stalls occurred at about 2 1/2, 5 1/2 and 8 3/4 seconds. The first
stall at 2 1/2 seconds occurred during the initial low amplitude part of
the accelerogram and can be seen as the straight line segments in Fig. 7.
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The second stall occurred at about 5 1/2 seconds and was short in
duration. The uncorrected accelerograms, as supplied by the California
Division of Mines and Geology, were repaired by using a simple straight
line connect between the missing segment of the record. The stall at 8 3/4
seconds was major and could not be ignored. Since the largest amplitude·
responses for the entire event occurred duri ng the three to six second
interval it was decided to study only the. first eight seconds of these
traces with the stalled traces repaired by the aforementioned straight
lines. Others (36) have a project to reconstruct the stalled records.

A first system identificati on study was conducted to ffnd the prop
erties of the phased input model (Fig. 6a). Table 1 indicates the
variables found in all of the system identification work associated with
this study. The phased input model (Fig. 6a) was used to compute the first
four. variables in column 2 of Table 1. E is the modulus of elasticity of
the concrete deck and Z; is the fraction of critical damping applied
uniformly to all modes. The phased input system identification was con
ducted by computing acce1erograms 5, 7, and 9 from the three input
accelerograms 2, 3 and 13. The criterion function which was minimized, was
the total error squared obtained by computing first eight seconds of the
three output acce1erograms from the three input accelerograms' and summing
a11 the error squared terms obtai ned by compari ng the computed versus
measured time series on a point by point basis. Minimization of the error
squared function led to a very tight, well behaved, system identification
solution for the four ·parameters sought. Fig. 8 shows the computed versus
measured acce1erograms (record 7) at the center of the bridge. The
agreement between the measured and computed trace is excellent over the
entire eight seconds of the trace. The accelerograms 5 a.nd 9 exhjbit
equally good agreement. This excellent fit generated a great deal "of
confidence in the values obtained for the variables sought. These results
will be discussed individually in a later section.

To test the hypothesis of using very simple models in association
w.ith the free field input, the free field model (Fig. 6b) driven by
acceleration record 24 was· used. The first case examined 'was treated by
fixing E,Z;·, KRA, KLC ' ·(because they were a.l1 so well determined from

above) and searching for the remaining three variables, KLA the lateral

abutment stiffness spring, KLP the lateral central pier pile group stiff

ness and </l the phase delay (measured in seconds) of the free field time
seri es. From Fi g. 7, wh i ch compares the recorded bri dge acce1erograms 2
and 7 with the recorded free field accelerogram 24, it is apparent that
there is phase delay _~n the free field record with respect to the bridge
location. This makes sense because the free field station is nominally 200
feet further away from the fault than the bridge. The starting time of the
entire free field record was delayed to define this parameter. From early
computational runs over the entire eight second record it became apparent
that a reasonable correlation would be obtained over the first 5.3 seconds
of the record with obvious correlation difficulties being encountered for
the remainder of the trace. At this point it was decided to conduct the

. free field system identification fit over the first 5.3 seconds of the
record. Traces 2, 3, 5, 7, 9, and 13 were all computed from the free field
trace 24. The criterion function which was minimized consisted of the
total- error squared produced by comparing the first 5.3 seconds of the
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recorded and computed traces 2» 3. 5. 7~ 9 and 13 and summing.the.squared
error on a point by point basis.

The solution to this three variable problem in connection with a
great deal of experimental data, proved to be non trivial. As opposed to'
the tight well behaved system identification solution obtained from the
phased input model, this free field problem was more difficult to solve.
Because of the importance of the problem, and because it was only a three
variable problem, it was decided to "force" a solution. This effort
included the formal use of the identification algorithm. trial and error,
and a good deal of checking. The numerical results for ~ KLA and KLP are

shown in column 2 of Table 1. Causes for the aforementioned difficulties
will be discussed 1n a subsequent section.

Because the effective damping coefficient was so high relative to the
usual damping levels associated with reinforced concrete bridges it was
decided to check the result by seeking a different set of variables using
the free field model. In this case the stiffness of KLC and KLP in series

(this defines K) was taken to be fixed and the intervening nodal mass was
taken to be a small nominal value. Then .4> was fixed at 0.12 seconds and
0.14 seconds in two di fferent tri a1s. In each separate tri alE, z; , KRA
and KLA were found by formal use of the system identification algorithm

with accelerogram 2 left out of the error comparison leaving only deck
level records. These two solutions were well behaved and gave the results
indicated in columns 3 and 4 of Table 1. Again damping came in at the high
levels, and the lateral stiffness of the abutment KLA was relativ~l.y

unchanged, but the deck stiffness as indexed by E increased while the
abutme~t rotation spring decreased.

Figure 9 shows the comparison of the measured response at the center
of the deck (record 7) and the associated response computed from the "best
fit" three variable free field model described above and whose numerical
values·are listed in column 2 of Table 1. The time series correlations for
the three models shown in Table 1 were about the same. The qualitY-of
correlation is representative of that simultaneously obtained for records
2, 3, 5, 9, and 13. The correlation is quite reasonable for the first 5.2
seconds of the record with the correlation collapsing at this point for
the remainder of the 8 second record. This occurred on all the other
traces as well. As will be discussed in more detail in the discussion
section, the .time at which the correlation stops at 5.2 seconds is the
time when the sand lenses at the column in layer C (Fig. 5) may very well
have undergone liquefaction in a sequential manner; thus, obviously caus
ing abrupt changes in lateral stiffness which in turn causes the observed
lack of correlation i~ Fig. 9.

Since the simple bending beam models in Fig. 6 were not space frames
it was not possible to separate the structural stiffness from the founda~

tion rotational stiffness. The spring KLC contains both the effect of

structural column stiffness and pier foundation rotational stiffness. The
fo 11 ow; ng hybrid procedure was .used to successfully separate the rota=
tional stiffness from the value KLC • The natural frequencies of both the
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free field (Fig. 6b) and the phased input model (Fig. 6a) defined by the
properties listed in column 2 of Table 1 are given in Table 2 along with
the values estimated by others '(10) for this earthquake and ambient
excitation. The foundation rotational stiffness was determined by con..;
structing two SAP IV space frame models of the bridge corresponding exact
ly to the models in Figs. 6a and 6b except for an uncertain foundation
rotational stiffness. This was found in both cases by aojusting the
rotational stiffness iii the SAP IV models until "perfect ll agreement
between the five natural frequencies listed in column 2 and 3 of Table 2
was achieved for each of the SAP IV models. This procedure gave the same
value of KROT (the rotational stiffness of the foundation) from both SAP

IV models. Transverse mode shape compari sons between the simp1e beam and
SAP IV models were also made and found to be in superb agreement. This
derived value of foundation rotational stiffness shown in Table 1 is an
anamolously low value. In fact, it is about fifty times smaller than the
smallest rotational stiffness found from field tests for any pile founda
ti'on at the Rose Creek bridge (6), and stimulated a serious look at the

.geotechnical liquefaction potential at this pier founda~ion.

System Identification Comments: In a previous section it was noted
'that thetfiree vanable free field 'system identification problem used to
search for ~ , KLA, and KLP was ill-conditioned. Figure 10 illustrates the

difficulty, and more importantly it further emphasizes another pitfall
which can be encountered when using system identification methods. The
three variable free field system identification problem described above
whi ch gave the sol uti on for ~ , KLA, and KLP was used to construct Fi g.

'10. The variables 41 .and KLA were fixed and the total error squared

function vs ~p is plotted with the circles in Fig. 10. The associated

natural circular frequency is plotted as the triangles. The actual ab...
solute minimum in error squared (the system identification solution point)
is noted by the arrow.

From an examination of the natural frequency plot it can be seen that

when KLP is fess than about'1051b/ft (14.0 x 105n/m ), KLP is effectivel)

zero as far as the structure is concerned re1ati ve to the spri n9 KLC
because the natural frequency remains constant. For all values of KLP
greater than about l071b/ft, KLP is effectively rigid in comparison to the

spring KLC ' The :actua~. absolute minimum occurs well to the right of this

value and is a'relatively meaningless large number because KLP can be any

number greater than 1071b/ft whiTe the criterion function remains essenti

ally unchanged. It is'only in the region 105 < KlP < 107 that KLP affects

the solution and in this region there clearlY is no minimum in the error
squared criterion function.

. ,

, If on the other hand, the value of rotational stiffness were not so
abnormally low (on the order of a factor of 50) ~ the algorithm would
probably be capable of finding a reasonable lateral stiffness of the .pile
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group from this data set. In this case, it isthe large contrast in the
relative values of KROT and KLP ' driven by the physical condition of the

foundation soils, which causes the system identification to give a mislead
i ng result.

Liquefaction Potential and Discussion of Results: The numerical re
sults listed 1n column 2 of Table 1 labeled the "best fit" values will be
di"scussed in order. The procedure to estimate the effecti ve transverse
moment of inertia of the deck of a reinforced concrete box girder bridge
indicated in Ref. 9 was used for this bridge. The effective transverse
moment of inertia for the Meloland Overcrossing deck was 65 percent of the
gross moment of inertia. This was used in the model with the result that

the deck concrete had a modulus of 5.43 x 108 lb/ft2 or 3.8 x 106 lb/in2•
Thi s val ue is consi stent with an f c = 3900 psi concrete. Thi s val ue was

obtained by assuming the unit weight of the concrete to be 150 lb/ft3, and
is reasonable for a bridge with a specified strength of 3000 psi.

The effective overall damping val ue of 18 percent is a 1arge number
indeed for a conventional reinforced concrete structure operating in the
1i near range. The exp1anati on for thi sis. that the earthquake waves must
arrive at the bridge deck (with a light mass per unit length relative to
the mass per unit 1ength of the approach fill s) through the approach
fi 11 s. The mono1ithi c abutments attach the bri dge fi rmly to the approach
fi 11 s whi ch may be thought of as earth dams or .embankments where dampi ng
ratios of this magnitUde are not uncommon (l2). Damping levels of this
magnitUde, of course, much reduce the earthquake response of this class of
bridge (monolithic abutments), and is a partial explanation of why this
bridge was undamaged. During the highest amplitude field tests at Rose
Creek the damping ratios were much smaller - on the order of three percent
of critical (7,8); however, the Rose Creek Bridge did not have monolithic
abutments. This extremely important observation needs to be further veri
fied by studies on this type of bridge.

The spring KRA has a very nominal value in relation to the value

required to even partially restrai n the bridge against thi s rotati onal
degree of freedom. At this level it would not significantly affect the
seismic response of the bridge.

The sp~ing value KLP has previously been discussed and discounted.

Its numerical value. is too large for any reasonable estimate of the pile
group stiffness. The spri ng KLA , on the other hand, greatly affects the

seismic resP9nse of the . structure. Table 3 indicates that the peak
di sp1acement of thi s spri ng during the earthquake \'las 0.46 inches (11. 7
mm). Sack OS} also estimates the value of this spring constant from
geotechnical considerations. At this same displacement Sack (15), obtains
a value for KLA of about half that shown in Table 1. At this point such

discrepancy is attributed to an erroneously low estimate of the relatively
large contribution of the abutment wingwalls to lateral stiffness. Such
contribution should be increased significantly in association with the
likely higher strength and stiffness of a desicated soil crust not
considered in the geotechnical analysis.
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The spring KROT is about 50 times smaller than the smallest rota
tional stiffness observed for the Rose Creek interchange. This is an ex
tremely low value relative to a geotechnical assessment of the rotational
stiffness of the pile group with competent subsurface soil conditions. It
must be remembered here, that the experimental KROT = 8.5 x 107 lb/ft was
derived from the phased input system identification solution which fit the
observed responses extremely well. (Fig. 8) over the entire eight second
record and is thus a reliable experimental estimate.-

Two points from the above discussion strongly suggested that a
careful examination be made of possible changes in subsurface soil condi
tions during the course of the earthquake. They are:

1. The rotational stiffness of the central pier foundation derived
from a reliable system identification solution is much lower than what
might be expected for non-failing soil behavior.

2. The relatively good c'orre1ations exemplified· by Fig. 9 obtained
by using the free field input in a simple model collapse suddenly at about
5.2 seconds into the record, which suggests that some more or less abrupt
change in soil behavior took place at this time. These two points in
combination with the loose, saturated, silty sand present in the soil
profile prompted a closer look.

The ensuing geotechnical . analysis resulted in the following plausable
explanation. for anomalies 1 and 2. Evaluation of liquefaction potential
was made following Ref. 17. A strict confirmation of the explanation
proposed below wi 11 have to await a more detai led subsurface investigation.

The rotational resistance of pile groups' derive from the vertical
push pull of the piles about "a center of rotation~ Vertical resistance of
the piles derives from skin friction/adhesion along the pile shaft and tip
resistance at the point. Layer G (Fig. 5), consists of a clean loose sand
interbedded with soft clay which is below the pile tips. The tips are
bearing in the middle to lower portion of the liquefaction resistant'layer
F. Layer G liquefies on the rise side of the first large ground motion
pulse at about 4.2 seconds. Treating the pile as losing tip resistance in
layer F and shaft resistance in layers E and F due to liquefaction of
layer G below, then the fully mobilized shaft resistance that remains
relative to soil from the stiff clay layer (layer D) to pile top is about
59k per pile. This yields a factor of safety of about 1.13 against failure
under dead load given.that the dead load per pile is about 52 kip (231 N).

Rotational resistance under such conditions is developed with account
taken of the following:

1. Differences exist between compressional and axial vertical pile
load changes or stiffnesses. Compressional resistance involving plastic
.strain at ultimate pile compressional capacity is much less than tensional
resistance.

2. Corresponding to such differences in response~ there is a shift
ing center of rotation.
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3. Rotations oc.curring between maximum peak to peak horizontal
accelerations (4.2 to 5.2 seconds into the record) are· associated with a
differential vertical displacement of 0.5 inches across the pile group.
Thi s corresponds approximately to the val ue computed from the dynamic
response analysis listed in Table 3.

4. Associated with this is an accumulating average permanent down-
ward vertical displacement of the pile group on the order of 3/4 of an
inch (19 mm) at 5.2 seconds into the response.

With the foregoing conditions the secant rotational stiffness (peak

to peak) is on the order of 6.4 x 109 lb. in = 5.3 ~ 108 ft lb. (7.2 x

108n•m) which is about 6 times larger than the experimental system
identification value given in Table 1. More importantly, this implies that
the real factor of safety against vertical collapse of the pile foundation
at the central pier under dead load drops to a value between 1 and 1.13
during the strong shaking phase of the earthquake.

The 'above accounts for the constant but extremely low value of
rotational stiffness over. the period four to eight seconds on the record.
By contrast a possible explanation of why the correlation stops abruptly
at 5.2 seconds into the record (Fig. 9) follows: The lateral resistance of
the pi le group deri ves' from 1ayers A, Band C near the pi le top. Layer C
is potentially liquefiable. free fiel~ liquefaction response analysis
yi~lds liquefaction at 5.2 seconds where correlation stops in the free
field response studies.

The assumption in the above geotechnical analysis is that: the sand
interbedded with the clay in layer C is clean and that such sand occurs in
strata which are continuous in' horizontal extent. A compensating factor
relative to such an assumption is that the sand is silty (increase~

liquefaction resistance) but most likely occurs in lenses rather than
strata. Shear stress concentrations present at lens edges increases lique
faction potential. Assuming a lens thickness to be about one to two
inches, 1iquefacti on would yield a fluid interlayer that would require
shear strains of say 20 percent for there to be a resumption of resis
tance. This implies a 0.2 to 0.4 inch lateral movement with no resistance.
From compari son of measured and computed responses it appears that one
lens then another fails and regains strength/stiffness sequentially
throughout the record after 5.2 seconds.

It should be pointed out again that it is the sand present in the
four foot thick layer G that liquefies such that one cannot count on tip
and frictional shaft resistance of layers E and F directly above it.
However, the pile loads carried in shaft resistance in layers A through C
should be relatively unaffected by the liquefaction of layer G which is
well below the base of the intervening stiff clay layer. Pile loads
decrease along the length of the pile shaft down to the base of 1ayer G
~nd are differentially distributed outward in a pyramidal fashion.

Note that if the entire layer C were to liquefy all at once at 5.2
seconds as indicated earlier, the pile capacity would have been exceeded
and the founda-t:...ion on this bridge would have failed. This indicates ,that
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the lenses in layer C failed sequentially decreasing resistance slightly
but not allowing collapse of the foundation.

As far as the abutments are concerned, the same liquefiable layers
under the abutment fills are less likely to liquefy due to the substan
ti ally increased overburden pressures associ ated wi th the fi 11; however,
away from the fi 11 s these layers wi 11 behave as above. Furthermore, it may
be that liquefaction early on of layer G filters out the high frequency
content of the surface motions. The free field acceleration at this site
is anomalously devoid of high .frequency content as may be seen by
comparing accelerograms given by Archuleta (2).

Meloland Ambient Vibration Observations: The ambient level (10)
mode shapes and natural frequencies were examined in a crude fashion with
the earthquake model (Fi g. 6b - col urnn 2 Table 1) for thi s structure.
Without using a formal system identification solution the magnitude of the
soil/structure interaction springs at ambient levels were found by scaling
the spring values KRA , KLA, KLP ' and KLC by a common factor in order to

first fit the ambient fundamental frequency of 3.42 hz and then the second
natural frequency of 7.32 hz. The factor by which the soil/structure
stiffness parameters had to be increased to match the ambient fundamental
frequency was 1.8 and 3.1 to match the.se~ond ambient natural frequency. A
compari son of the mode shapes from these two model s 'with the' ambient mode
shapes indicatedtnat both the 'first and second mode shapes tended to fit
the experimenta1 a.llbient level mode shapes better with the higher factor.
This indicates that a true system identification solution in the "eigen"
domain would be weighted toward the upper value. For the present purposes,
the increase in earthquake properties required for the ambient level
springs was taken to be the midrange value of 2.5.

The ratio of the fundamental frequencies between ambient· and the
earthquake level s of excitati on is 1.29, whi ch accord; ng to the simple
oscillator analogy demands a corresponding increase in total stiffness of
1.65. If for the sake of argument, it is again assumed that the soils
contribute at least one half of the stiffness at ambient levels, the
simple oscillator analogy requires that the increase in stiffness of the
soil springs be about a factor of 2.3 which is in relatively good agree
ment with the above observation. Here again the amplitude dependent
(nonlinear) nature of the soil/structure springs is graphically illus
trated.

Simple Models For Earthquake Response: For the class of bridge under
discussion hereln the foregolng results strongly suggest that simple
models with adjustable soil/structure interaction springs will give a
satisfactory prediction of seismic responses. This will necessitate the
use of an iterative ~isplacement compatible solution approach suggested by
Douglas and Norris (4) and is a procedure which has been used effectively
in soil dynamics (16). This probably isn't too surprising when it is
observed that the seismic response of this class of bridge is strongly
influenced by soil/structure interaction ·phenomenon. It appears that the
ilonlinearities in the problem which arise by virtue of the nonlinear
nature of the foundati on soi 1s may be treated in thi sway, but for
situations where the structure yields or other substantial structural
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nonlinearities are present, a true nonlinear model will be required.

In the single earthquake c~se discussed here it appears that the free
field input can be used with acceptable accuracy with this simple model to
predict the seismic response of the system. This has also been observed by
Okubo and Iwasaki (13) in connection with studies of the Itajima Bridge in
Japan.

Performance Observations: The Meloland Road Overcrossing was undam
aged during this earthquake. The reasons for this are noted in this
section. Table 3 contains the salient earthquake response results obtained
from running various versions of the model. The result in column 2 gives
the response results for the model defined in column 2 of Table 1. Column
3 gives the results obtained for a model which would have more reasonable
column stiffnesses. In this case KROT was increased by a factor of 50 and
KlP decreased by a factor of 10 relative to the "best fit" case. Column 4
contains the results of the case where KlP alone is reduced by a factor of
100 rel ative to the IIbest fit" case. Column 5 gives the results obtained
from the "best fit" model using the North-South component of the well
known 1940 El-Centro accelerogram.

The column capacity is about 8000 kip-feet (11000 KN.m) based on the
design strengths of the steel and concrete and the axial dead load. This
could be ten to fifteen percent higher based on typical overstrengths of
steel and concrete. As can be seen from the response results (Table 3), .
column moments were never near the ultimate capacity for any of the
models. It should be noted, that this response result was not very
sensitive even to very large changes in foundation stiffness.

On the other hand, the abutments in the models absorb most of the
lateral seismic forces.· For the models given in Table 3 the pair of
abutments receive between 70 and 90 percent of the total lateral seismic
load with associated lateral loads on the abutment piles ranging between
44 and 58 kips per pile. This gives rise to shear stresses parallel to the

.grain at the abutment pile tops in the range of 480 to 630 psi which is
well above the allowable shear stresses in wood. Ameliorating circum
stances would be the fact that the loads do not all transfer to the piles
at-the abutments but are shared by the total abutment structure, and
factors of safety are relatively high.

On the ~ther hand, it is fortunate that the effective damping level
for this structl:1re is as high as it is (18 percent). Had it been five
percent, the response results in Table 3 would have to be increased by 50
percent. This would increase the lateral pile loads accordingly, and they
are already exceedingly high.

The real threat to this bridge during this earthquake was the
substantial loss of vertical pile capacity of the central pile group due
to liquefaction of subsurface soils. Had such capacity been exceeded, the
central pier could have dropped on the order of feet with obvious
deleterious consequences to the bridge.

Phased Input Motions: Finally the sensitivity of the response re-
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sults to phased ground motions was investigated. Figure 11 shows the
relative maximum acceleration response of the center of the bridge as a
function of the phase delay across the bridge. This curve was constructed
by delaying accelerogram 13 by the amount shown in the graph with respect
to accelerogram 3. Accelerogram 2 was delayed half the amount shown in the
figure. The results indicate that absolute acceleration response could
vary by about ten percent up or down for phase delays having a magnitude
on the order of what was observed at this site. The optimized delay value
shown in Table 1 for a 200 foot distance is 0.15 seconds.

This phenomenon needs to be studi ed in-more detail, but it appe ars
that for short stiff structures such as thi s, the effect of noncoherent
(phased input) ground motions will only produce nominal changes in the
response relative to that produced by coherent (uniform input) ground
motions.

CONCLUSIONS

1. First it should be noted that the sei smic response of. thi s
bridge during this earthquake and the El Centro record was entirely
described by the fundamental mode of vibration. This is further corrobora
tion of the unimodal analysis procedure adopted by the seismic design
guidelines (1).

2. The 18 percent effective. damping level for this bridge during
this earthquake is an extremely important observation. This overall damp
i ng rati 0 s:.:bstanti aJlY reduces the sei sroic responses. The. appropri ate
damping l~vels to be used need to be furth~r studied for bridges with
monolithic abutments as well as for those without monolithic abutments.

3. A detailed liquefaction analysis of the subsurface soils at the
site was conducted to shed light on the anamolously low rotational
stiffness of the pier. foundation. The results of this investigation
indicate that the pier foundation was perilously close to collapse during
thi s earthquake wi th obvi ous seri ous consequences to the bri dge decL
Further detai 1ed i nvesti gati on of the subsurface soi 1s at thi s site need
to be conducted to conclusively establish the liquefaction potential.

4. If the liquefaction potential is born out by a detailed study of
this site, this would strongly suggest that boring logs of existing
bridges in highly seismic areas be pulled and systematically rexamined.
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Table 1. System Identification Properties

Property Best
and Fit Variation Variation

Units Values 1 2

*EOb/ ft2) 5.43xlO8 7.27x108 7.37xlO8

Z; (X) 17.8 19.3 19.9

KRA 2.59x1010 1.74x101O 1.31x10l0

(lb'~ft)

KLC 2.58xlO6

(lb/ft)

•15 •12 •14
$ (sec)

KLA 9.25x10~ 1.39x107 1.07xl07
•

{lb/ft)

KLP 2.25xlO8

Oh/ft)

K 2.55xlO6 2.5x106 2.5xl06
{lb/ft)

KROT 8.5x107

(lb·ft)

Metric Equivalents 1 Ib/ft2 = 47.88N/m2, 1 1b/ft = 14.59N/m 1,
Ib·ft = 1.356N m

*Note: The" effective moment of i nerti a was taken to be 65 percent
of the gross transverse moment of inertia.
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Table 2 Natural Frequencies of Simple Models
Shown in Fig. 10 (HZ)

Phased Ambient
Input Free Field Free Field Free Field
Model Model Model r~odel

t40de Fig. lOa Fig. lOb Ref. 6 Ref. 6

1 4.14 2.66 2.49 3.42

2 13.5 4.60 5.03 7.32

3 26.7 8.54

4 49.7 18.7

5 72.6 32.1
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Table 3 Earthquake Response Results For Free Field Model

Column 1 2 3 4 5

Input Earthquake and Model

1979 1979 1979 1940
Response Parameter Imperial Imperi al Imperi al E1 Centro

Valley; Valley; Va 11 ey; North;
Best Fit Stiff Pier Soft Pier Best Fit

Model Foundation Foundation Model
Model Model

Abut. Reaction (Kip) 357 308 407 302

Abut. Oisp. (in) .46 .40 .53 .39

Col. Shear at Bottom (Kip) 153 269 97 133

Pile Cap. Oisp. (in) .0081 .14 .52 .0071

Moment Top Col. (K ft) 2730 2150 1340 2380

Deck Disp. at
Centerline (in) .73 .60 .87 .64

Moment Bot. Co. (K ft) 280 2990 139 244

Vert. Disp. of Outer
Pile in Group (in) .24 .05 .12 .21

Total Lateral Loads (%9) 44% 45% 46% 38%

Natural Frequency (hz) 2.66 2.94 2.49 2.66
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Figure 1 location map ·for .the Meloland Overcrossing (ReL14 L
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Figure 6 . Meloland plan and associated simple beam models.
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RESULTS FROM HIGH AMPLITUDE DYNAMIC TESTS AND IMPLICATIONS
FOR SEISMIC DESIGN

by

Bruce Douglas l , Mehdi saiidi 2, James Richardson3, James Hart3

ABSTRACT

. A dynamic field experiment to investigate distribution of lateral
seismic loads on a 400 foot long reinforced concrete box girder bridge,
carried out in May 1982, is described. Four hydraulic rams were used to
induce dynamic loads by the quick-release method. The largest release
loads used duri ng the dynami c experiments had a magnitude of one and
one-half times the design earthquake loads. Preliminary results indicate
that damping may be fairly low for bridges of this type, and that the
soil-structure interaction phenomenon plays a very significant role in
the response of this fairly typical highway bridge.

INTRODUCTION

One of the significant problems bridge designers have when faced
with making an assessment of the distribution of seismic loads on 9ridges
is how to deal wi th the soil structure i nteracti on questi on. A recent
workshop held in New Zealand (l) indicates that this problem, particular
ly in relation to bridge structures, requires much more attention.

The importance of addressing the soil-structure interaction problem
has been recognized by those researchers who have been concerned with the
development of analytical models for bridges (11,12). A simple approach
for taking account of the soil-structure interaction problem has been to
use the extended column concept (2,3,4,16,17, 18). Another approach has
been to insert boundary element springs at the foundations allowing the
approprtate degrees of freedom to approximate the behavior of the founda
tions (2,3.,4,10,13,18). Other more involved foundation models have been
used which include the finite element model ing of the soils in approach
fi 11s at the abutments (2,3,4) and lumped mass treatments of pi le-soil
systems (14,15,16). The Itajima bridge in Japan (14) has single caisson
piers for foundations, and this bridge has been instrumented with strong
motion accelerographs to obtain the foundation response as well as
free-field motions. Several earthquakes have been recorded and by model
ing the pier-soil system with a lumped mass model, good agreement has
been obtai ned between the measured sei smi c response of the pier and the
seismic response computed from the model using the free field accelero
grams as input. Other studies have included the effects of travel ing
waves in models where the soil is treated as an elastic half space
(19,20). Dynamic tests on full-scale bridge systems have been conducted
for the purposes of studying this soil structure interaction problem as
well as identifying the salient dynamic properties of the structure
(5,6,7,8,9,10).

1. Professor and Chairman, 2. Assistant Professor, 3. Graduate Research
Assistant at the Civil Engineering Department. University of Nevada-Reno.
Reno, Nevada 89557, USA.
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Recently (May, 1982), a series of dynamic tests, at high load
1eve1s. were carri ed out on the Rose Creek Interch ange at Wi nnemucca,
Nevada. The purpose of this paper is to briefly describe this field
experiment. present some of the preliminary results, and to briefly
outline some of the analytical and system identification methods and
results used to interpret this data.

DESCRIPTION OF THE BRIDGE

This bridge is a 400 foot long symmetrical reinforced concrete box
girder bridge (Figs. 1 and 2) which is located on highway 1-80 about 10
miles southwest of Winnemucca, Nevada. The piers and abutments are
supported on pile foundations because the soil profile consists. in gener
al, of a layer of relatively soft clay over a layer of stiffer clay on
sand and gravel. The piles are reinforced concrete in steel shells, and
they are about 25 feet long. The deck is supported at each of the
abutment foundations by elastomeric bearing pads.

DESCRIPTION OF EXPERIMENT

The basic methodology used to conduct the dynamic tests was the
pullback and quick release method (5,9,10). For this experiment, a
hydraulic ram (Fig. 3) was used at each of the bridge piers to deform the
structure prior to the simultaneous quick-release of the ram hydraul ic
fluid, which produced the lateral dynamic motions. Lateral forces on the
bridge were produced by inclining the rams at a forty-five degree angle
to thrust between an auxiliary reinforced concrete reaction foundation
and the bridge superstructure. The largest lateral load used during the
experiments was one and one-half times the design earthquake load. The
AASHO code under which the bridge was designed required a 6 percent of
gravity lateral load to account for earthquakes.

One of the advantages of us i ng th is method is that the 1atera1
static response of the bridge could be obtained as a by-product of the
dynamic tests. Selected lateral stat"ic deformations of the bridge were
measured along with the complete suite of dynamic data to observe the in
situ dynamic translational and rotational response of pier foundations.
The pier foundations were excavated to expose the,pi1e caps of all piers.

The complete dynamic response of the structure including its.founda
tion elements was measured with a four channel system with four force
balance accelerometers. The data was recorded on an FM tape recorder for
later digitization and analysis. Measurements of all dynamic data were
taken at a given release load level using a "fixed" reference accelero
meter and a triplet of "moving" accelerometers. Data was recorded at
stations 15 feet apart on the bridge deck. In addition, the motions of
the bridge abutments were recorded along with the rotation and transla
tion of each pile cap of the pile foundations at the base of each pier.
For each different setup of the accelerometers, the bridge was reloaded
and the four rams quick-released to produce vibration. A complete set of
dynamic data for a given load level required 14 separate loadings and
quick-releases to "sweep" over all the required measurment stations.
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Thi s bridge structure offered a unique opportunity to study the
effect the approach fi 11 produced on the response of the structur:e. The
ends of the bridge are supported on el astomeri c beari ng pads in such a
way that the ends of the bridge deck may be fixed to the bridge abutment
by inserting a special device, or left free to move on its elastomeric
bearings. Because of this fortunate occurrence, the bridge was made to
behave as two separate structures: one with ends floating on its elasto
meric pads at the abutment, and the other with ends fixed in the
transverse sense. Of course, no attempt was made to block the rotational
degree of freedom of the deck with respect to the abutment .

. The principal ram release loads and configurations of the structure
used during these experiments are summarized in Table 1. Sixteen differ
ent load/structure confi gurati ons were used duri ng the course of the
experiment for the purposes of obtaining structural mode shapes. Each
configuration listed in the table required 14 different quick-release
excitations to "sweep" the moving accelerometers over the entire struc
ture. In addition, other special purpose data was taken. In all, the
bridge was subjected to more than 230 separate quick release excitations
during the course of the experiment.

DESCRIPTION OF DATA

Typical accelerograms of the horizontal vibration of the deck ob
tained during the experiment are shown in Figs. 4 and 5. Fig. 4 shows the
accelerogram obtained at the centerl ine of the deck when the bridge was
loaded symmetrically with a total horizontal load equal to one and
one-half the design load (Line 13 Table 1). Fig. 5. shows the deck
response, obtained 90 feet from the bridge centerline, when subjected to
the unsymmetrical loads shown in line 14 of Table 1. The influence of
higher modes can be seen more.clearly in this figure. Fig. 4 shows that
higher mode response dies out very rapidly when the bridge was excited
with symmetrical loads, and that the later portion of the accelerogram is
almost a pure unimodal response in the fundamental mode.

,
This unimodal character of a subset of the dynamic data was a

fortunate occurrence because it allowed a substantial amount of prelim
i nary i nterpretati on of the data to be made wi thout the use of comp lex
digitization and Fourier transform techniques.

In addi t i on to the dynami c data, selected transverse stati c di s
placement measurements of the bridge were made prior to the quick-release
exc itati ons. Transverse di sp1acements at the bri dge, at the deck center
line and ends of deck at the abutment were made with dial gages. The
lateral displacements of the deck at each of the piers were obtained
reading a micrometer screw target with a theodolite.

METHODOLOGY OF PRELIMINARY ANALYSIS

As noted above, the unimodal character of the fundamental modal
response for the symmetrical loading cases allOl~ed significant interpre
tation of the data to be made directly from the time series rather than
requiring that the data be carefully digitized and analyzed with the aid
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of Fourier analysis. Damping was estimated by using the logarithmic
decrement approach averaged in a 'least squares sense over 16 cycles of
unimodal response. The fundamental period was also obtained by simply
finding the time required for 10 cycles of fundamental modal vibration to
take place. Fundamental mode shapes were calculated by computing the peak
to peak amplitudes of the last half of the third cycle of vibration in
the fundamental mode. All these amplitudes were normalized by those
obtained at the reference station near the bridge centerline to generate
modal displacements. •

RESULTS

a) Dampinr A preliminary analysis of the fundamental mode damp-
ing ratios of ne structure versus ram release load is shown in Fig. 6.
The upper curve presents the damping ratios for the fundamental mode of
the structure when the abutments were unlocked thus mobilizing the
elastomeric bearings. The lower curve gives the damping ratio when the
ends of the deck were locked to the abutment in the transverse sense of
motion. Each damping value was estimated twice from accelerograms taken
at the center of the bridge and the quarter point of the deck for a given
excitation. It can be seen that agreement between the elements of each
pair of damping determinations is quite good. Additionally, Fig. 6 shows
that the damping ratio obtained for the bridge in the locked state is
less than that for the free state. This is to be expected since the
response of elastomeric pads is hysteretic and this slight additional
energy absorbtion capacity was mobilized in the unlocked state. In
addition. Fig. 6 indicates that the damping ratio increases slightly with
excitation level. Finally, it should be noted that the magnitude of
dampi ng over the enti re range of loads up to one and one-half times
design is quite small (only about three percent of the critical damping
ratio) •

(b) Fundamental Period. Figure 7 is a plot of the fundamental per
iod of the structure versus ram release load when the structure was in
the unlocked configuration. This figure shows that the fundamental period
increases slightly with excitation level. Both Figs. 6 and 7 show that
the response of the structure is slightly nonlinear over the range of
vibration amplitudes studied.

c) Fundamental Mode Shapes. Fundamental mode shapes were calcu-
lated for all the symmetncal loading cases by the procedure indicated
above. Fig. 6 contai ns the mode shape when the ends of the deck were
locked to the abutment and all four ram release loads were 56 tons,
producing a total lateral load of one and one-half times the design
earthquake load. The numbers along the horizontal axis of the graph
represent the stations along the deck where transverse acceleration
measurements were made. The solid circles represent the modal displace
ments of the deck, the open circles represent the transverse modal
displacements of the foundation elements, and the solid lines between the
open circles and solid squares represent the contribution to modal
displacement of the deck due to the rotation of the pile caps. The actual
modal rotation may be estimated by dividing the modal displacement
contribution by 25 feet. The significant result to be observed in this
diagram is that the foundation flexibilities at the piers contribute in a
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major way to the total flexibility of the structure. From the diagram it
is clear that approximately 70 percent of the modal displacement of the
deck at piers 1 and 4 is due to foundation flexibility while at piers 2
and 3 about 50 percent of the modal di sp1acement of the deck can be
attributed to the flexibility of the foundations. This is a direct
measurement of a result which was inferred indirectly from previous
quick-release experimental data used in conjunction with system identifi
cation techniques (5,10).

d) Static Load Deflection Curves. Figure 9 shows a plot of ram
load versus the lateral central deflection of the deck. These curves were
developed from data taken before and after dynamic series indicated in
Table 1 by LS on May 28, 1982. At this point in the experiment the bridge
had been excited by the quick-release method at least 200 times. The
curve i ndi cated by the ci rc1es was generated before the above dynami c
load series and the one indicated by the squares was generated after the
14 excitations required by the dynamic series. The curves through the
data points represent second degree r~gression curves. As it can be seen,
the curves are very similar. When these curves are compared to similar
static load deflection curves generated at other load levels, no signifi
cant difference in slope can be detected. This result suggests that the
bridge is exhibiting only slight nonlinear behavior for loads up to one
and one-half times the design load and that the cyclic degradation effect
upon these curves is minimal.

e) Integration of Accelerograms - One of the major difficulties
encountered woen attemptlng to lntegrate accelerograms twice to calculate
displacement time histories is the fact that often the exact initial
conditions of motion are unknown. This is not the case with accelerograms
generated by the qUick-release method of vibration testing (See Figs. 4
and 5). A preliminary analysis of the accelerggram data obtained from the
field experiments indicates that it will be pos.oible to estimate the
initial static displacements at the time the loads are released to within
about 5 percent to 10 percent accuracy by doubly integrating the accelero
grams using fairly unsophisticated baseline correction procedures. As
this study proceeds, this aspect of the data analysis will be explored in
detail. The accuracy of the results obtained by double integration will
be assessed by compari ng the di splacements estimated in thi s manner to
the directly measured static response of the bridge.

NONLINEAR MODELLING

A nonlinear analytical model was developed to compute the static
response of the bridge subjected to lateral loads and the free-vibration
response of the bridge after the quick-release loading. Unlike buildings
where response is usually domi nated by str.uctura1 members, bridges ex
hibit responses which include significant contribution from the founda
tion and abutment bearing pads. The analytical model, therefore, included
the nonlinear effects due to the foundation and the bearing pads behavior
as well as nonlinearity of the piers. An extensive study of the available
experimental data on testing of pile/groups and bearing pads and rein
forced concrete piers was carried out before appropriate models for these
components were.developed.
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In the analytical model, the superstructure was represented by line
elements and the foundation and the abutment pads were ideal ized by
translational and rotational springs. The bridge deck was assumed to
remain elastic while the piers were allowed to develop nonlinear defor
mations only at the base. The former assumption is justified because of
the fact that the design of bridge decks is usually controlled by gravity
loads which demand relatively large sections. Lateral strength (in terms
of cracking and yielding) of these sections are usually very large and
are unlikely to be exceeded. The exclusion of nonlinearity of deformation
at the top of piers is also reasonable because the horizontal forces and
moments are relative1~ small at pier tops.

The hysteretic behavior of the nonlinear elements was modelled by
two hysteresis models: the TQ-hyst and the Ramberg-Osgood models.

IDEALIZATION OF PIER ELEMENTS

The nonlinear deformations .of the pier elements were assumed to be
concentrated at the base. While this assumption is made for prismatic
members in bui 1dings and bridges and has yielded sati sfactory results,
it is particularly realistic for the Rose Creek Bridge because of the
fact that piers were purposely made weaker at the base to prevent
build-up of any significant moment with respect to the transverse axis of
the bridge. Axial deformation of the piers was ignored. Shear defor
mations were assumed to remain elastic, and only flexural non1 inearity
was taken into account.

The primary moment-rotation relationship was assumed to consist of a
trilinear curve, representing pre-cracked, cracked, and post-yielding
stages. This curve is determined based on material properties and routine
analysis methods. The hysteretic behavior for subsequent un10adings and
loadings was idealized by a hysteresis model called Trilinear Q-hyst
(Fig. 10) which is a modified version of a simple hysteresis model
representati ve of cracked rei nforced concrete elements. The model was
modified to include cracking point because the cracking point is known to
influence low-amplitude responses. The new hysteresis model incorporates
six "rules" to determine stiffness at all loading, unloading. and load
reversal stages.

IDEALIZATION OF PILE FOUNDATIONS

A translational and a rotational spring were assumed at the base of
each pier to represent the foundati on di sp1acement in the transverse
direction of the bridge and foundation rotation with respect to the
longitudinal axis. No other rotations or displacements were assumed for
the foundation.

Detailed study of experimental data from testing of single piles
subjected to horizontal loads indicated the following general characteris
tics for the lateral stiffness:

(a) stiffness decreases as load increases. This is correct even at
small loadoamplitudes.
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(b) stiffness increases upon unloading, but decreases as unloading
continues.

(c) when the load is reversed some stiffening occurs followed by a
gradual reduction in stiffness.

The available experimental data lack information on two major as
pects of the behavior of pile groups, necessary for a realistic modelling
of pile foundations. One is about the group effects. While some empirical
coefficients are derived and recommended to be used with the data from
single piles and arrive at group stiffness, no data are available on pile
groups subjected to cyclic loads sufficient to provide significant non
linearity. Another effect generally ignored is the rotation of the pile
cap, while in the experimental data obtained for Rose Creek Bridge, pile
cap rotation was found to contribute significantly to the deformations of
the bridge.

In the absence of the above information, it was assumed that the
cyclic behavior of pile groups is similar to that of single piles. It was
a1so assumed that the rotati ona1 . cyc1i c behavi or of pi 1e groups has the
same general characteristics as that of single piles.

To simplify the modelling, the tri linear Q-hyst model was used to
idealize the pile foundation stiffness variation in both the lateral and
rotational directions (Fig. 10).

IDEALIZATION OF ELASTOMERIC BEARING PADS

Beari ng pads can affect the dynami c response of the bri dge to a
great extent. although in design they are ordinari ly ignored and treated
as roller supports. Experimental studies on cyclic shear behavior of
bearing pads have shown that stiffness varies as the amplitude and
frequency of the load vary. While manufacturers of elastomer!c pads
acknowledge that the stiffness properties are also affected by weathering
condition and age, no data on sensitivity of stiffness on these factors
are available.

To model the hysteretic behavior of the pads a deci sion has to be
,made regarding the primary force-deformation relationship and stiffness

variations at unloading, reloading, and load-reversal stages. Based on a
study of the overall characteristics of hysteresis loops for bearing
pads. the Ramberg-Osgood hysteresis system was adopted for the analytical
model (Fig. 11). This model accounts for stiffness variation due to
change in load/deformation amplitude. The other parameters, namely load
frequency, weathering condition, and age, are to be accounted for in the
primary curve.

SEISMIC RESPONSE RESULTS

In order to gain an appreciation of the importance of knowing the
foundation stiffnesses when estimating the distribution of seismic loads,
a few simple linear seismic response calculations were performed. Five
earthquake accelerograms were selected to represent the small to moderate
ground shaking for which a linear seismic response analysis would be
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appropriate. These accelerograms 'were selected from the California Insti
tute of Technology series of strong motion accelerograms. The properties.
of these surface ground shaking records are summarized in Table 2. The
name of each accelerogram is listed in row 1 of the table while the
Richter magnitude, shortest distance to the causative fault, peak ac
celeration, peak velocity, and peak displacement of each trace are
listed, respectively, in rows 2 to 6.

A relatively simple, symmetric SAP IV analytical model was used. for
seismic response calculations. The specific properties of the model are
described elsewhere (5,10). It has also been shown (10) that this model
would be adequate for linear seismic response estimates, and Table 3 sum
marizes selected peak response results obtained for this model. This
table also compares them to the results obtained from the application of
the equivalent lateral, static (6% g) load required by the AASHO code at
the time the bridge was designed. From the results presented in the Table
3 it is apparent that the earthquakes selected for analysis cause much
larger lateral loads than the design level loads. The Rose Creek inter
change was designed prior to the 1971 San Fernando earthquake, which
stimulated a great deal of interest 'in the sei smic response of bridges.
It should be noted here that the earthquake loads required by the current
AASHTO code.for bridges are considerably higher than those required when
this bridge was designed. Columns 2 and 3 of Table 3 list the peak
transverse shear carried to the approach fills through the abutments and
the related peak deflection of the ends of the bridge deck. Columns 4 and
5 list the peak shear delivered to the foundation and the related peak
pile top displacements at piers 1 and 4. Columns 6 and 7 give the peak
shear delivered to the foundation and the peak pile top displacements at
piers 2 and 3. The various accelerograms used to calculate the peak
response results are indicated in Col. 1.

To illustrate the importance of including the transverse stiffnesses
of the pier foundations in the model, a second series of dynamic response
calculations were run with a model identical to the one used to calculate
the results in Table 3 except that the four pier foundations were taken

~ to be fixed in the transverse directions. This was accomplished by
removing the pier foundation springs from the model. This model is
referred to as the hard foundation model while the model above with
realistic foundation elements is referred to as the basic model. Table 4
compares the peak seismic response results obtained for both the basic
model and the hard foundation case as a ratio of the hard foundation case
to the basic case. The same response parameters used in Table 3 are also
the same ones that- are compared in Table 4.

From Table 4, it is immediately evident that the i hard foundation
mode1 underestimates the sei smi c loads transferred to the abutments by
about a factor of 2 for the 5 accelerograms as well as the equivalent
static load. Moreover. it is also clear for the hard foundation model,
the shears del ivered to the foundation'S of piers 1 and 4 would be over
estimated by a minimum factor of 1.3 to 0 maximum of 3.8 depending upon
the loading. At piers 2 and 3 the hard foundation model would in general
underestimate the shears delivered to the foundation. The results indi~

cate that the shears could be underestimated by as much as a factor of 2,
but that in the case of the Golden Gate accelerogram they would be
overestimated by a factor of 1.9. The Golden Gate accelerogram produces
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anamolous results when compared to those produced by the other acce1ero
grams because it is a small, short duration, relatively high frequency
record. The point to be made is that failing to account for the
significant foundation flexibilities can lead to errors (at least on the
order of factors of 2 either way) in the distribution of seismic loads.
This conclusion is drawn from the use of a model having specific
foundation stiffnesses as opposed to a one which accounts for the
variations in foundation stiffness associated with different pi le top
deflections.

CONCLUSIONS

1. When used with hydraulic ram loading, the quick release method
of producing free lateral vibration in highway bridges is a very effec
tive method of dynamic testing.

a) It permits the use of high amplitude dynamic experiments with
out danger of overloading the structure. which would be more difficult in
the case of resonance testing with harmonic shakers.

b) It permits a wide range of useful static response measurements
to be made as a by-product of the dynamic testing program.

c) In special cases of bridges where the structure may be deformed
stati cally into the fundamental mode shape, the resu 1t i ng response wi 11
be nearly unimodal. This allows simple complete fundamental mode analysis
of the data without resorting to complex computational algorithms.,

d) A preliminary study of the acce1erogram data suggests that the
initial static displacements at the time the rams are quick released may
be obtained by doubly integrating the acce1erograms. If this is borne out
after a much more comp lete study of the data, thi s has i nteresti ng
experimental implications for situations where making static displacement
measurements is difficult because a suitable fixed reference is difficult
to construct.

2. Damping ratios for reinforced concrete bridge structures of
this type may be smaller than expected up to fairly large response
amplitudes.

3. From the preliminary analysis of the data obtained from these
experiments, it is clear from direct measurements that the soil-structure
interaction phenomenon of the pile foundations contribute very signifi
cantly to the response of thi s structure. Th is agrees with a resu 1t
obtained previously by more indirect means (16).

4. A pre1imi nary sei smi c analys is of the Rose Creek Interchange
indicates that if the foundation flexibilities are not considered in the
model, the distribution of seismic forces could be in error by at least a
factor of 2.

5. More carefully conducted dynamic tests of full scale bridges
should be performed over the largest deflection range possible. Results
from tests such as this would shed experimental light on the deflection
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dependent nature of the foundation stiffnesses. Additionally, physical
tests of full scale pile groups should be designed specifically to
further clarify pile group and cyclic load behavior.

ACKNOWLEDGEMENTS

Our special gratitude goes to our technician T.R. Nielson who
designed and fabricated much of the equipment required for the successful
completion of the field work. Thanks also go to Frank Cherne who assisted
with the electronic aspects of the experiment. Finally. our thanks go to
the thirteen undergraduate and graduate students who served as the field
crew. A significant portion of thi s study was supported by a grant from
the National Science Foundation. Grant number CEE 8108124; however, the
results and conclusions are those of the writers and do not necessarily
reflect the views of the sponsor.

TABLE 1
Configuration

of Ram Release Loads (Tons)Structure and
Release Loads Pier 1 Pier 2 Pier 3 Pier 4 Date

F S 9 9 9 9 5-25-82 T
F U 14 14 0 0 5-25-82
L S 9 9 9 9 5-25-82
l U 14 14 0 0 5-25-82

F S 25 25 25 25 5-26-82 W
F U 0 0 33 25 5-26-82
L S 25 25 25 25 5-26-82
L U 0 0 33 25 5-26-82
F S 40 40 40 40 5-26-82

F U 50 50 0 0 5-27-82 Th
L S 40 40 40 40 5-27-82
L U '50 50 0 0 5-27-82
F S 56 56 56 56 5-27-82
F U 0 0 65 56 5-27-82

L S 56 56 56 56 5-28-82 F
L U 0 0 65 56 5-28-82

Note: F = Abutments Free
l = Abutments Locked
S = Symmetric Loading
U = Unsymmetric loading
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TABLE 2 Properties of Earthquake Accelerograms Used for Seismic Analysis

Earthquake Golden Holl ister Marengo Castaic Taft
Accelerogram Gate

Richter
Magnitude 5.3 5.6 6.6 6.6 7.7

Distance to
Faul t (miles) 7 9 20 18 30 .

Amax (g) 0.105 0.18 0.12 0.27 0.18

V in/sec 1.81 6.73 6.34 10.7 6.96max ..,..

Dmax 4.72 (in) 0.31 1.49 4.72 3.66 3.62

Golden Gate =1957 San Francisco (Golden Gate SaGE)

Hollister =1961 Hollister (City Hall N89W)

Marengo =1971 San Fernando (1st Floor 1640 Marengo. N38W)

Castaic =1971 San Fernando (Castaic N69W)

Taft =1952 Kern County (Taft S69£)
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TABLE 3 Maximum Transverse Seismic Response

load Abutments Piers 1 and 4 Piers 2 and 3

Case Shear DiS~. Shear DiS~. Shear Disp.
(kip) (in (kip) (in (kip) (in)

Static
6% 9 30.4 .010S 20.9 .0381 66.0 .0404

Golden
Gate 72.7 .025 32.8 .0597 129.0 .0790

Hollister 117.0 .0403 133.0 .2424 515.0 .316

Mar.ango 94.6 .0326 102.0 .186 391.0 .239

Castaic 159.0 .0549 148.0 .270 642.0 .393

Taft 99.2 .0342 119.0 .0217 474.0 .290
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TABLE 4 Ratio of Hard Foundation Model Peak Seismic Response
Results Compared to Basic Model Results

Piers Piers
Load Case Abutments 1 and 4 2 and 3

Static
6% 9 .55 1.85 .92

Golden Gate .52 3.84 1.91

Hollister .56 1.26 .54

Marengo .46 1.45 .86

Castaic .54 1.57 .64

Taft .52 1.29 .77
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VIBRATION TESTS OF BR lOGE MODELS

USING A LARGE SHAKING TABLE

by

Eiichi KuribayashiI , Osamu UedaII , and Ryoji HagiwaraIII

ABSTRACT

Results of two vibration tests of bridge models are presented. The subjects of
the tests are to study the dynamic response characteristics of Katashina-gawa Bridge
in Kan-etsu Expressway and of a continuous girder bridge in Metropolitan Express
way during earthquakes.

Katashina-gawa Bridge is a curved truss bridge with high piers (R =2,200 m,
H rnax = 69 m). Its dynamic response characteristics by longitudinal, transverse,
and oblique direction excitations, effects of a curve, and a distribution of stress in
its superstructure were investigated by vibration test!! of its model. Analytic model
ing in the dynamic analysis of Katashina-gawa Bridge was also examined.

The continuous girder bridge has a superstructure connected with piers by
hinges through twelve spans. Its dynamic response characteristics by longitudinal'
and transverse direction excitations were investigated and are compared with those
of a simple girder bridge and a contimwus girder bridge with dampers by vibration
tests of their models'. Analytic modeling in the dynamic analysis of the continuous
girder bridge was also examined.

1. INTRODUCTION

Several vibration tests have been conducted since June, 1979 by using a large

shaking table of Public Works Research Institute, Ministry of Construction, Among

them, results of two vibration tests, a Vibration test of Katashina-gawa Bridge model

and that of a continuous girder bridge model, are presented in this paper, Main

specification of performances of the shaking table is shown in Table 1-1.

I) Director, Earthquake Disaster Prevention Department, Public Works Research
Institute.

II) Head, Earthquake Engineering Division, Earthquake Disaster Prevention
Department, Public Works Research Institute.

III) Research Engineer. Earthquake Engineering Division, Earthquake Disaster
Prevention Department, Public Works Research Institute.
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Table 1-1 Main Specification of Performances of the Shaking Table

Items Performances

(1 ) Table Size 6m x 8m (1 table)

(2} Maximum Loading Capacity 100 ton

(3) Permissible Overturning Moment 150 ton·m

(4) Maximum Excitation 100 ton

(5) Maximum Stroke ±75mm

(6) Maximum Speed ± 60cm/sec

(7) Maximum Acceleration No Load: 2.5G
100 ton : 0.7G

Horizontal Axis
(8) Excitation (It is possible to add vertical

excitation)

, Analog Control and Digital
(9) Control of Input Motions

Control

(10) Phase Lag

Sinusoidal Motions

(11) Option of Input Motions
Triangular Motions
Rectangular Motions
Arbitrary Motions

(12) Frequency Range DC - 30 cis

Arbitrary Input displacement,
(13) Automatic Setting of Input Motion velocity, and acceleration can

be kept constant

(14) Exciter Electro-hydraulic Servo System

2. VIBRATION TEST OF KATASHINA-GAWA BRIDGE MODEL

2.1 Purposes of the Test

Katashina-gawa Bridge shown in Fig. 2-1, slightly curved in plan with 2,200

meter radius, is con~isted of three continuous truss bridges (Bridge-A, Bridge-S,



Bridge-A Bridge-B Bridge-C

1033.85
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Fig. 2-1 Katashina-gawa Bridge in Kan-etsu Expressway
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Bridge-C) with high piers (H max = 69m).

Dynamic response characteristics of Katashina-gawa Bridge were examined by a

vibration test of its model to introduce its dynamic analysis method and some con

siderations on its earthquake-resistant design.

2.2 Experimental Model of Katashina-gawa Bridge

The model of Katashina-gawa Bridge used in the test was made of plastics in

main. Each base of piers was fixed to the shaking table without a consideration of

the deformation of foundations. Scales of the model shown in Table 2-1 were deter

mined considering the followings.

To measure responses of Bridge-A model and Bridge-B model

To link simplified Bridge-C model to Bridge-B model

To consider a half of the stiffness of floor slabs

To simplify the structures of sway bracings and lateral bracings with satisfying

the scale of stiffness in Table 2-1.

Table 2-1 Scales for Katashina-gawa Bridge Model Vibration Test

..
Scales ( Model. )Items

Actual Bndge

Length 1/100

Elastic Modulus 1/~5

Density 100/15

Time 1/10

Acceleration 1

Stiffness EA 1/(15 x 104
)

Stiffness E1 1/(15 X 108
)

2.3 Vibration Test

The vibration test of Katashina-gawa Bridge model was conducted as mentioned

below (Fig. 2-2 - Fig. 2-5).

(1) Directions of the excitation

1) Longitudinal direction

2) Transverse direction

3) Oblique direction

(2) Input waves of the excitation
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Fig. 2-2 Vibration Test of Katashina-gawa Bridge Model
(Longitudinal Excitation)

Fig. 2-3 Vibration Test of Katashina-gawa Bridge Model
(Transverse Excitation)
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Fig. 2-4 Vibration Test of Katashina-gawa Bridge Model
(Oblique Excitation)

Fig.2-5 Vibration Test of Katashina-gawa
Bridge Model (Pier Ps)
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1) Sinusoidal wave (input acceleration'" 20 gal)

2) Earthquake motion recorded at Shizunai (Nemuro-hantoh-oki Earth

quake,M=7.4.]une 17, 1973)

3) Earthquake motion recorded at Horoman (Tokachi-oki Earthquake.

M =7.9, May 16.1968)

Time scale of the earthquake motions was 1/10 as shown in Table 2-1.

2.4 Results of the Vibration Test

Measured damping constants of superstructures and substructures of Katashina

gawa Bridge model were h =2-3% and h =0.8-0.9% respectively. They are smaUe"r

than the assumed damping constant (h = 5%) of Katashina-gawa Bridge. Friction co

efficients of shoe models were 0.09 - 0.10, which are a little larger than that of actual

shoes.

Measured resonant frequencies and maximum response accelerations by sinu

soidal excitation tests are shown in Table 2-2. The resonant vibration of Bridge-B

was brought about by the sinusoidal excitation of 8.05 Hz in the longitudinal direction.

In the r~sonant vibration of 9.9Hz the movable bearings on Pier-P3 did not seem to

be movable and both Bridge-A and Bridge-B were in the resonant vibration. In the

resonant vibration of 1l.8Hz Pier-P2 was vibrating in the transverse direction as

well as in the longitudinal direction, which might be the effect of a curve.

The resonant vibration of the superstructure of Bridge-B was brought about by

the sinusoidal excitation of 8.4 Hz in the transverse direction. In the resonant

v ibrations of 12.2 Hz and 13.2 Hz Pier- P2 was v ibrating in the longitudinal direction

as well as in the transverse direction,:

Most of the resonant vibration modes by sinusoidal excitations in the oblique

direction was the same as a mode by an excitation in the longitudinal or transverse

direction. When the resonant frequency in the longitudinal direction and that in the

transverse direction are fairly close, the vibration modes by the excitations in each

direction were combined in the vibration mode by the excitation in the oblique direc

tion like the resonant vibration of 12.9Hz. The responses by oblique-direction ex

citations were smaller than those by longitudinal or transverse-direction excitations.

In the case of excitation in the longitudinal direction by sinusoidal waves. ver

tical vibrations occurred in the superstructure. The vertical vibrations caused

stresses in the chords and diagonal members, especially in the chords at the middle
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of spans and in the diagonal members over the supports. The stresses caused by

the vertical vibrations are not specially considered in the current earthquake

resistant design. When sinusoidal waves were applied in the transverse direction,

stresses in the sway bracings and lateral bracings were especially concentrated in

the members over the supports. The stress concentration is taken into considera

tion in the current earthquake-resistant design.

The maximum strains occurred at the base of piers by the first resonant vibra

tion of the piers. The bending strains in the longitudinal and transverse directions

occurred at the same time at the bottom of Pier-P2 by the effect of a curve, but the

effect was rather small.

The distribution of response accelerations of Katashina-gawa Bridge model by

the earthquake motion excitations are shown in Fig. 2-6 and Fig. 2-7. The distribu

tion of response accelerations in the longitudinal and vertical directions by oblique

direction excitations was sim ilar to that by longitudinal-direction excitations. The

distribution of response accelerations in the transverse direction by oblique-direction

excitations was similar to that by transverse-direction excitations.

2.5 Dynamic Analysis Model

A few analytic models to estimate the dynamic responses of Katashina-gawa

Bridge model were formed, and the results of dynamic analyses by the models were

compared With the results of vibration tests to find out adequate analytic models.

The dynamic analySiS models are arranged in Table 2-3. Comparisons of the

results of the analyses and the tests are shown in Table 2-4. Among the two·

dimensional models in the longitudinal direction Case-2 model (masses of super

structures are located at the neutral axis and the supports on Pier- Pi are movable;

Fig ..2-8) provided the best estimations. Only the estimation of 6th mode by Case-3

model (the supports on Pier-Pi are fixed) was better than that by Case-2 model. As

for 6th mode, the supports on Pier-Pi did not seem to be movable in the vibration

test due to the effect of a curve. Among the two-dimensional models in the trans

verse direction Case-2 model (stiffness of the sway bracings over the supports is

considered; Fig. 2-9) prOVided the best.estimations. This agrees to the con~entra

tion of stresses in the sway bracings over supports in the v ibratioo. test. The results

of the analyses by the two-dimensional models also agreed to those by the three

dimensional model except for 6th, 7th, and 8th vibration modes. The vibrations of



Table 2-2 Resonant Frequencies and Maximum Accelerations l\1.easured by the Vibration Test
(Sinusoidal '\lave Inputs: 20 gal)

1st 2nd 3rd 4th 5th 6th 7th 8th 9th 10th 11th 12th 13th
--1-----

<ii
Frequency

8.05 9.9 11.2 11.8 16.8 20.4 24.5 I 26.5 - - - - -c (Hz) j:0 -----
:::I.... Maximum.b'o
c Acceleration 178 113 216 97 202 390 103 347 - - - - -0
~ (gal)

Frequency
8.4 10.8 11.6 12.2 13.2 15.6 19.0 21.2 - - - - -Q)

UJ (Hz)
~
Q)
:>-
UJ Maximumc
«I Acceleration 542 276 200 239 290 288 149 141 - - - - -~

b (gal)

Frequency
8.35 10.0 10.7 11.7 12.9 16.2 16.8 18.0 20.4 21.0 24.2 28.0 29.0(Hz)

c::.s Maximum
Q) ....

Acceleration 87 77 104 67 103 95 165 90 227 183 78 151 432:::I u
0- Q).- ,~ (gal) ,.... N._.c ><-0
0 c:: I52 Maximum....

Acceleration 389 107 278 200 153 210 66 131 107 126 99 184 99u
(])
~ (gal), .-

>'-0

Note: x direction: longitudinal direction, y direGtlon: transverse direction, z direction:
vertical direction

w
~

--.J



a. Longitudinal Excitation Maximum Accelerations in the Longitudinal and Vertical Directions

Maximum Accelerations in the Longitudinal and Vertical Directions

b. Transverse Excitation

c. Oblique Excitation

Maximum Accelerations in the
Transverse Direction

1107 gals-
150 gals

150 gals

w
\,0

00

430 gals

------..(
I

~__ ..L ~
I
I
I,

Maximum Accelerations in the Transverse Direction 606 gals

Fig. 2-6 Distribution of Response Accelerations by the Earthquake Motion Excitation (Shizunai) 150 gals



a. Longitudinal Excitation Maximum Accelerations in the Longitudinal and Vertical Directions

660 gals

b. Transverse Excitation Maximum Accelerations in the Transverse Direction
150 gals

803 gals

W
\.0
\.0

60 gals

I-------- -- ---i~ 552 gals
I
I
I
I
I
I
I,

7h
150 gals
--;T

Maximum Accelerations in the Transverse Direction

~ /7¥8~

Maximum Accelerations in the Longitudinal and Vertical Directionsc. Oblique EXCitation

Fig. 2-7 Distribution of Response Accelerations by the Earthquake Motion EXCitation (Horoman) 150 gals



Table 2-3 Dynamic Analysis Models

Mass Location of
Connection between

Support onModels Cases Super and Sub-
the Superstructure

Structures
Pier-PI

Case 1 At the lower chord - Movable

Longitudinal
Case 2 At the neutral axis Rigid Movable

.... (Fig.2-8)
Q)
'C
0
~ Case 3 At the neutral axis Rigid Fixed
c;j
c:
.2 Stiffness of the sway
!Jl bracings over thec:

At the center ofQ)

Case-l supports and their FixedE gravityis neighboring sway bra-
I Transverse

cings is considered0

t.
Case-2 At the center of

Stiffness of the sway

(Fig.2-9) gravity bracings over the Fixed
supports is considered

At the neutral axis Stiffness of the sway
Three- Case-l (longitudinal) bracings over the sup- Movable
Dimensional Model At the center of ports is considered

grav ity (transverse)

,g:,.
o
o



Table 2-4 Calculated Natural Frequencies and Measured Resonant Frequencies

Calculated Natural Frequencies (Hz) Measured Resonant Frequencies (Hz)

Three- Dimensional
Two- Dimensional Two-Dimensional

Longitudinal Transverse ObliqueAnalysis (Longi- Analysis (Trans-
Analysis tudlnal, Case- 2) verse, Case- 2)

Excitation Excitation Excitation

1st 7.80 - 7.96 - 8.40 8.35

2nd 7.93 7.93 - 8.05 - -

3rd 10.46 10.46 - 11.20 - -

4th 10.67 - 10.56 - 10.8 10.7

5th 11.93 - 11041 - - -

6th 12.50 - 1204 7 - 16.6 11.7

7th 12.95 13.43 - - - 12.9

8th 13.92 - 13.29 - 12.2 12.9

9th 15.00 - 14.78 - - -

10th 15.08 15.10 - 16.8 - 16.8

11th 15.62 15.65 - - - -

12th 17.96 17.99 - 20.4 - 21.0

~

a
......
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6th, 7th, and 8th modes are seem to be affected by the curve of Bridge-A which has

the sharpest curve in Katashina-gawa Bridge.

3. VIBRATION TEST OF A CONTINUOUS GIRDER BRIDGE MODEL

3.1 Purposes of the Test

Multi-span continuous girder bridges have been considered as a reasonable type

of elevated highway bridges in urban areas to mitigate traffic noise and vibration and

give a comfortable drive. The twelve-span continuous girder bridge in Metropolitan

Expressway as shown in Fig. 3-1 is one of such bridges. The continuous girder·

bridge has a superstructure connected by hinges with nine piers of its thirteen piers

(mentioned as a hinge-type bridge in the following).

Dynamic response characteristics of the continuous girder bridge were examined

by a vibration test of its model. Dynamic response characteristics of a continuous

girder bridge which has only movable bearings with dampers installed to it (men

tioned as a damper-type bridge in the follOWing) and arrayed simple girder bridges

(mentioned as a simple girder-type bridge in the follOWing) were also examined by

vibration tests of their models to compare the dynamic response characteristics of

each type of tl1e structure.

3.2 Experimental Model of the Continuous Girder Bridge

The models of the bridges used in the test were made of plastics in main. Pile

foundations of the bridges were modeled in plate springs. Scales of the models are

shown in Table 3-1.

There are three types of models for the hinge-type bridge in the transverse

direction vibration test.

i) A model without the effect of its neighboring spans nor the stiffness of

floor slabs (mentioned as an original-type model).

ii) A model with rigid-frame piers at the ends of the bridge model to consider

the effect of its neighboring spans.

iii) A model with the stiffness of floor slabs.

There are three types of models for the damper-type bridge in the longiwdinal

direction vibration test.

i) A model without dampers in which horizontal forces by the inertia of the

superstructure are transmitted to substructures by the friction at the
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Fig. 3-1 A Continuous Girder Bridge in Metropolitan Expressway
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supports.

ii) A model with dampers of damping coefficient C =0.8 kg. sec/em.

iii) A model with dampers of damping coefficient C = 1.7 kg. sec/em.

Each stiffness of the piers of the hinge-type bridge model is different, but every

stiffness of the piers of the damper-type bridge model and the simple-girder type

bridge model is the same except for the stiffness of Pier- Pl and Pier- P2.

3.3 Vibration Test

Vibration tests of the hinge-type bridge model, the damper-type bridge model,

and the simple girder-type bridge model are listed in Table 3-2 (Fig. 3-2 - Fig . .3-4).

Effects of its neighboring spans and the stiffness of floor slabs to the dynamic re

sponse characteristics of the hinge-type bridge were examined by the transverse

direction vibration test of its model. Effects of dampers of different damping

coefficients to the dynamic response characteris.tics of the damper-type bridge were

examined by the longitudinal-direction vibration test of its model.

Input waves of 'the excitation in the vibration tests are:

(1) Random wave ..•.• a wave with almost constant power spectra in the fre

quency domain of 3 - 25 Hz

(2) Artificial Earthquake motion ••••• a wave of the tapered random wave (1) at

the beginning and at the end.

(3) Sinusoidal wave ..... sinusoidal waves of the frequency of 4 - 20 Hz and the

amplitude of 50 gals.

3.4 Results of the Vibration Test

Measured resonant frequencies. are shown in Table 3-3. Distributions of maxi

Inurn response accelerations at the top of piers and maximum bending moments at

the base of pkrs by the random wave input arc shown in Fig, 3-5 and Fig. 3-6,

When longitudinal-direction excitations were applied, maximum response accel

erations at the top of piers of the Simple girder-type bridge model were smaller than

those of other type bridge models. The accelerations of piers of the damper-type

bridge model and the simple girder-type bridge model were uniformly distributed,

but the accelerations of end piers were larger than those of other piers in the hinge

type bridge model. Maximum bending moments at the base of piers by longitudinal

direction excitations were relatively large at the piers located in the middle of the
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Longitudinal Excitation

Transverse Excitation

Fig.3-2 Vibration Test of Hinge-Type Bridge Model
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Longitudinal Excitation

Transverse Excitation

Fig.3-4 Vibration Test of Simple Girder-Type Bridge Model
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bridge model and having larger stiffness than other piers in the hinge-type bridge

model, were also a little larger at the piers located in the middle of the bridge model

than at other piers in the damper-type bridge model, and were large at the piers

located at the both ends of the bridge model in the simple girder-type bridge model.

When transverse-direction excitations were applied, resonant frequencies were

dispersed especially in the hinge-type bridge model. and the responses were rather

uniform ly distributed in each type of the bridge models .

. Results of the transverse-direction vibration test of the hinge-type model on the

effects of its neighboring spans and the stiffness of floor slabs are shown in Fig. 3-7.

The effect of its neighboring spans appeared locally at the ends of the bridge model.

. The stiffness of floor slabs made resonant frequencies of the bridge model a little

higher and its responses slightly smaller.

Results of the longitudinal-direction vibration test of the damper-type model on

the effect of dampers are shown in Fig. 3-8. Resonant frequencies of the bridge

model became higher by installing dampers to it. The effect of dampers was larger

at the piers located in the middle of the bridge model than at other piers. Maximum

response accelerations at the top of piers of the model without dampers were larger

than those of the models with dampers, and maximum bending moments at the base

of piers of the model without dampers were smaller than those of the models with

dampers because of different vibrations of the superstructure from the substructure

in the model without dampers. When dampers were installed, the inertia forces of

the superstructure were transmitted to piers by dampers, and maximum bending

moments at the base of piers became large especially in the middle of the bridge

model. Dampers of a larger damping coefficient provided larger maximum bending

moments at the base of pierli.

3.5 Dynam ic Analysis Model

Analytic models to estimate the dynamic responses of the bridge models were

formed, and results of dynamic analyses by the models were compared with the re

sults of vibration tests by applying the artificial earthquake motion to judge the

adequacy of the models. Dynamic analyses were conducted by a time history ree

sponse analysis method and a response spectrum analysis method. The models for

the hinge-type bridge model are shown in Fig. 3-9 and in Fig. 3-10. The model for

. the damper-type bridge model in the longitudinal direction is shown in Fig. 3-11.
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Table 3-1 Scales for the Continuous Girder Bridge Model Vibration Test

Items S 1 ( Model )ca es
Actual Bridge

Length
Height of a pier 1/25
Interval between piers 1/65

Elastic Modulus 1/34.7

Density 1/2

Time 1/6

Acceleration 1/0.694

Stiffness EI
Pier 1/(1.36x 107)
Superstructure 1/(2.38 x 108)

Coefficient of Viscosity 1/(5.21 x 103)

Table 3-2 List of the Tests

Structural Direction of
Types the Excitation Tests

Dynamic and static tests of the piers
Longitudinal

Test of the complete bridge

Hinge Test.of the complete bridge (the effect of its neighbor-

Type ing spans and the stiffness of floor slabs are not
considered)

Transverse Test of the complete bridge (the effect of its neighbor-
ing spans is considered)

Test of the complete bridge (the stiffness of floor
stabs is considered)

Dynamic and static tests of the piers

Test of the complete bridge (Without dampers)

Damper Longitudinal
Test of the complete bridge (dampers of C=0.8 kg . sec/

Type
cm are installed)

Test of the complete bridge (dampers of C=1.7 kg . sec/
cm are installed)

Transverse Test of the complete bridge (without dampers)

Simple- Dynamic and tatic tests of the· piers

Girder
Longitudinal

Test of the complete bridge
Type

Transverse Test of the complete bridge



Table 3-3 Resonant Frequencies Measured by the Vibration Test

(unit: Hz)

Longitudinal Transverse

Hinge Type Damper Type
Simple- Girder
Type

Hinge Type
Damper
Type

Simple
Girder Type

I I I I I I- I I I I I I --J I I

<D !CJ.) I<DPier Complete Pier
only bridge only

®Complete @
bridge (the Complete
effect of bridge (the
its neigh- stiffness of
boring floor slabs
spans is is eon-
considered) sidered)

@Complete I@ComPlete
bridge I bridge

~

I-'
tv

11.010.110.110.110.1

®
Complete
bridge
(original
type)

10.S

®
Complete
bridge

10.1

® @ zD
Complete Complete Complete ICD
bridge bridge bridge Pier
without C=O.Skg' C=1. 7kg' only
dampers sec/cm Isee/em

7.915.SP4

Pl 8.1 9.5 11.1 11.0 ILl 12.0 10.3

Ps 7.9
7.1

(l 0.1 \
9.6 9.4 17.S IS.0 IS.7 S.7 9.8

Pg 7.S 24.4 9.6 9.4 8.6 11.6 U.8 12.0 7.S 8.2

7.6

S.1

S.1

7.3

7.3

7.S

S.6

8.8

9.79.3

10.0

9.2

8.6

8.58.6

8.6

9.2

9.3

9.3

9.4

9.4

9.6

23.6!LOPl3 I 16.0

PIO - I 7.8
--r----~ j I II I I I I 11

~~~_L=:L_~:~ L~0.6 (::~Lj------t---l I I I I I ----1---------1
9.5

(10.9)

Note: Figures in ( ) of damper type (fare resonant frequencies measured by the vibration test using fixed
bea rings on Pier- PS.
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The model for the simple girder~type bridge model in the longitudinal direction is

separated into every pier and its supporting superstructure. The model for the

simple girder-type bridge model in the transverse direction is shown in Fig. 3-10.

Results of the analysis for the hinge-type bridge model are shown in Fig. 3-12 

Fig. 3-15. Results of the time history response analysis agreed well to tile results

of the vibration tests except for the acceleration at Pier-7 in the transverse direction.

The first vibration mode contributed greatly to the total vibration of a hinge-type

bridge in the longitudinal direction. Results of the vibration test in the longitudinal

direction were similar to the results of the analysis assuming the damping constant

as h=O.05 in the hinge-type bridge model (refer to Fig. 3-14). Results of the vibra

tion test of the simple girder-type bridge model in the longitudinal direction were

similar to the results of the analysis assuming the damping constant as h=O.10.

This shows that the responses of a simple girder-type bridge are smaller than those

of a hinge-type bridge when longitudinal-direction excitations were applied. But

results of the analysis for the simple girder~type bridge model in the longitudinal

direction did not agree so well as those for the hinge-type bridge model to the result·s

of the vibration tests because of uncertain effects of the friction at the movable bear-

(3-1)h:= .Jm K
2C

ings. Results of the analysis for the hinge-type bridge model iIi the transverse

direction also agreed better than those for the simple girder-type bridge model to

the results of the vibration tests. The dynamic response analysis for the damper

type bridge model in the longitudinal direction was conducted assuming the bridge

model as the simple degree of freedom system in Fig. 3-11 and the relationship be

tween the damping constant of the s-d-f system (h) and the damping coefficient of the

damper (C) as Eq. (3-1).

mK }C = 2mcuh

cu =ff
Results of the analysis for the damper-type bridge model are compared with the

results of the vibration tests in Fig. 3-16. A larger damping coefficient of the

damper provided larger responses in the analysis. Results of the vibration tests

agreed to the results of the analysis with a larger damping coefficient than the actual

damping coefficient of the damper. Other resistance than the viscous resistance of

dampers seems to act against the inertia force of the superstructure and provide
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the difference between the actual responses and calculated responses by considering

only th~ viscous resistance of dampers.

4. CONCLUSIONS

Based on the results presented, conclusions of the vibration test of Katashina-

gawa Bridge model may be deduced:

(1) Vibration modes of Katashina-gawa Bridge model by oblique direction ex

citations were the same as the vibration modes by longitudinal or transverse

direction excitations or the combined modes of them. Res·ponses by oblique

direction excitations were smaller than those by longitudinal or transverse

direction excitations. For these reasons the directions of earthquake excitations

to be considered in the earthquake-resistant design of Katashina~gawaBridge

are the longitudinal and transverse directions and considerations of the excita

tions in other directions are not necessary.

(2) There is an effect of a curve to the vibration modes of Bridge-A. But the

effect is small enough to be neglected in the earthquake-resistant design.

(3) It is necessary to consider the stresses in the chords at the middle of

spans and the diagonal members over supports in the vertical vibrations by

longitudinal excitations in the earthquake-resistant design.

(4) Stresses in sway bracings and lateral bracings by transverse excitations

are concentrated in the members over supports. The concentrated stresses

are considered in the present earthquake-resistant design by the modified

seismic coefficient method.

(5) It is adequate to locate the masses at the neutral axis in the dynamic

analysis model of the longitudinal direction.(Longitudinal Case-2 in Table 2-3)

and to consider the stiffness of the sway bracings over a support in the dynamic

analysis model of the transverse direction (Transverse Case-2 in Table 2-3).

Conclusions of the vibration test of the continuous girder bridge model may be

deduced:

(1) Dynamic responses of the continuous girder bridge with hinged connection

between super and sub-structures through multiple spans (a hinge-type bridge)

are larger than those of the bridge arraying simple girder bridges (a simple

girder-type bridge). Dynamic response characteristics of the hinge-type bridge
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are not so complicated as those of other type (simple girder~type, damper-type)

bridges and their sufficiently precise estimations are possible by the dynamic

analysis models of Fig. 3-9 and Fig. 3-10.

(2) Effects of its neighboring spans on the hinge-type bridge during transverse

excitations appear locally at the ends of the bridge. It is not necessary to con

sider the effects, and the hinge-type bridge is able to be considered as an inde

pendent structure in its earthquake-resistant design.

(3) Stiffness of floor slabs makes resonant frequencies of the hinge-type

bridge higher and its dynamic responses a little smaller during transverse ex

citations. Effects of the stiffness are slight and not so important in the earth

quake-resistant design of the hinge-type bridge.

(4) Inertia forces of the superstructure of the continuous girder bridge

(damper-type bridge), which has only movable !>earings with dampers installed

to it, are not necessarily equally transmitted to each substructure. Effects of

the dampers develop much in the middle of the damper-type bridge, and bending

moments at the base of piers locating in the middle of the bridge tend to be

large. The larger a damping coefficient of the dampers is, the larger bending

moments at the base of piers of the damper-type bridge are. Dynamic :cesponses

of the damper-type bridge during earthquakes are not able to be precisely

estimated by such a dynamic analysis model of Fig. 3-11. Further studies on

the dynamic analysis model of the damper-type bridge are necessary.
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Increased Seismic Resistance
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Improved Bearing Design Concepts
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ABS'l'RACT

An attempt to increase the servivabili ty of bridges in

earthquakes through the use of improved bearing systems is

e~ploreds By reviewing the performance of various bearing

systems in past earthQuakes, the most desirable characteristics

are selected and incorporated into new bearing systems. New

concepts for fixed and expansion bearin~s are described. A

concept utilizing an elastomeric bearing pad on a sliding

friction surface is investigated analytically and found to have

some advantages for bridges over other concepts employing

isolation. Finally, a potential design procedure for selecting

the most cost-effective bearing system is described.
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INTRODUCTION

Experiences in past earthquakes, particularly t~e 1971 San Fern~ndo

earthquake, has demonstrated the vulnerability of bridges to earth

quakes. Bridges are vital lifeline links with potentially tremendous

demands placed on them for emergency services following an earthquake.

Failure of a bridge in a high seismic area where there is little or no

redundancy in the lifeline system could have serious effects on

emergency operationse Recent federal attention given to emergency

prep~redness (1) and the improvement of the state of the art of seismic

engineering makes it incumbent on the engineer, particularly in the

more seismic regions, to pay more attention to the seismic design of

structures.

Some recent smaller earthquakes which have occurred since the San

Fernando earthquake are providing some insight into the on-set of

failures that occur in a bridge prior to total collapse. Inspections

following these earthquakes (2-8) indicates that closer attention must

be given to the details such as bearin~s and that survival of a bridge

is not contingent just on the presence or absence of ductility. It is

becoming more ann more apparent that the key factor in the design of a

bridge with increased seismic resistance requires consideration of the

overa~l seismic resisting mechanism composed on elastic, ductile and

non-ductile components.
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BACKGROUND

Bridge bearings have traditionally been used at superstructure!qub

structure interfaces to provide for structural support, relative

movements and incompatiblity of materials (9). "Fixed~ bearings must

provide for the transmission of vertical and horizontal forces to the

substructure while accommodating the non-compatible rotations of the

superstructure with respect to the substructure. Expansion bearings on

the other hand are required to accommodate large relative translational

movements due to temperature, shr~nkage, creep, prestressing, etc.,

while maintaining their vertical load carrying capabilities. Most

bridges in existence today use either sliding plates, rolling devices,

linkage or rocking devices, or elastomeric pads as bearings.

In many eases portions of a· bridge or even entire bridges have

collapsed prior to mobilizing the ductile more energy absorbing

components simply because unstable bearings and weak connections at

these interfaces were not capable of transmitting the earthquake

forces.

Prior to the San Fernando earthquake of 1971, resistance to lateral

forces at bridge bearings was provided by shear keys, keepers, or other

restraining devices of nominal design. Longitudinal force was

transferred to the substructure through fixed bearings at one .or more

points on the superstructure. In most cases, adjacent superstructure

sections were not tied together at the expansion joints which led to

several bearin~ and structural failures durin~ earthquakes.



432

Within the United States, earthquake resistance at bearings is still

provided in the form of shear keys, keepers, cables, etce, which are

designed to elastically resist the forces induced during an earthq"ake

00,11). Restraint of this type represents a cost effective means of

mitigating catastrophic failures, but is not effective in absorbing the

energy generated by an earthquake. Thus post-elastic behavior of the

supporting members must still be relied on for this purpose.

Several improvements in the seismic design methodology have transpired

since the San Fernando earthquake (12,13). One such improvement which

has a direct effect on the design of bridge bearings and connections is

the use of unreduced elastic response spectra for the analysis with

subsequent reductions for ductility to only the ductile components

(11,14). Bearings, restrainers and shear connections which are now

are capable

components,

designed to accommodate the unreduced forces

transmitting forces to the ductile euergy absorbing

decreasing the possibilities of 'premature collapse.

of

thus

Many researchers and innovative engineers have recently been

considering a broader role for bearings in bridge earthquake

resistance. Most of these efforts are directed toward the use. of

isolation and/or energy dissipation in the bearingse

Within the United States, the acceptance of bridge bearings as a means

of improving earthquake resistance has been slow. In many cases,

bearings are an "after thought," 'selected near the end of the design

process when the earthquake resistant mechanism has already been esta-
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blished. One reason for this reluctance to use bearings for earthquake

resistance is the lack of readily available earthquake resistant

bearing sy~tems of proven reliability. Another reason is the lack of

reliable, cost-effective analytical tools with which the earthquake

resistant qualities of bearings can be assessed. The designer must

have the capability to access, at least analytically, the effects of a

new device on the overall seismic resistance of structures. It is,

therefore, necessary to overcome both of these deterrents if bearings

are to play a larger role in the earthquake resistance of structures.

DEVELOPIN; EFFECTIVE EARTHQUAKE RESISTANT BRIDGE BEARINGS

Evaluation of Existing Bearings

Before developing a more promising earthquake resistant bearing design

concept, it is necessary to understand the relative tmerits of existing

bearing types (15).

Rocker bearings have been used in bridges for several years. They are

generally made .of steel and provide for movement in the direction of

expansion by rocking of a steel link which bears on plates imbedded in

both the superstructure and the substructure.

During earthquakes, these bearings have not performed very well. They

become unstable outside a relatively narrow range of movement and

numerous instances of toppled rocker bearings have been reported. A

common problem with these bearings during an earthquake is the failure

of the transverse keeper plates. This type of failure may increase the

energy dissipation potential of these bearings due to subsequent

I
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sliding, but it also increases the likelihood of the bearing becoming

unstable.

Roller bearings are also generally made of steel, and provide for

movement by rolling of a cylinder.

Under earthquake loading they are much more stable than rockers, since

"their movement range is generally much larger. Like the rockers, they

are difficult to restrain transversely and possess little energy

dissipation potential unless sliding occurs. They generally perform

satisfactorily during an earthquake, but do not improve the overall

dynamic response of the structure.

Sliding bearings range from simple asbestos sheet packing between the

substructure and the superstructure for short span bridges to elaborate

"pot" bearings with teflon and stainless steel sliding surfaces for

structures with large movements. Because of their nature, sliding

devices are extremely stable during an earthquake. Although the

sliding of two surfaces will dissipate energy, the low. friction values

used limit the energy dissipation in expansion hearings. Generally,

sliding bearings have performed well during past earthquakes.

Elastomeric pads are widely used for bridges and have gained in

popularity over the past several years. Most pads are constructed by

bonding alternating layers of elastomer and reinforcement (steel or

fabric) together. The elastomer consists primarily of either natural

rubher or neoprene although other synthetic rubbers have a potential
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for bearing applications. In general, these

well during past earthquakes although

"walk-out" if not properly secured.

bearings

they have

have

been

performed

known to

Although many bearings have suffered damage durin~ earthquakes, it is

important to remember that loss of vertical support has resulted in the

most spectacular failures. Although qualities of energy dissipation,

isolation, and restraint can reduce force levels and/or mitigate

structure response, experience has shown that the primary performance

characteristic of an eathquake resistant bearing is the maintenance of

vertical support. Therefore, any bearing worthy of consideration must

possess a high degree of reliability in this area.

Promising New Design Concepts

categorize bearings as

In exploring potential new bridge bearing

earthquake resistance, it is convenient to

either "fixed" or "expansion".

Expansion Bearings

design concepts for

There are several concepts for expansion bearings that show promise for

improved earthquake resistance~ One such concept employes a more or

less conventional elastomeric bearing pad. During normal movement and

moderate earthquakes, the pad would function exactly as present ela~to=

merle padso However, during a strong earthquake, one surface would be

designed to slideQ The coefficient of friction woul~ be selected to
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preserve the stability and.inte~rity of the pad itself while limiting

the inertia force that could be transferred to the bridge supports.

Thus, the pad wouln limit the forces transferred to portions of the

structure which are difficult to inspect following an earthquake. The

remaining surface of the pad would ,be physically attached to the

substructure to insure that all movement would take place on the

sliding surface and to prevent pad "walk-out". A schematic drawing of

this design concept is shown in Figure 1.

Such a system has the followinp, advantages:

1. A history of proven reliability in maintaining vertical support

2. Protection of the supports from loads which could cause excessive

damage

3. Potential for significant energy dissipation at high displacement

levels

4. Potential for isolation which will tend to limit structural

response

5. Compatibility with current production capabilities of bearing

manufacturers

6. Designer acceptance of elastomeric bearing pads

A somewhat different concept is to use viscous dampers at the expansion

bearings. These devices have force-displaement characteristics that

vary with the rate of displacement0 At slow rates of displacement,

~ch as temperature movement, very little foree is generated. At high

rates, such as in an earthquake, more foree is required to deform the

device. This allows the designer to mobilize all supports to resist
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loade In addition, energy is dissipated throughout the

movemente This tends to mitigate the resonant

can increase force levels so dramatically durinc an

The Japanese have used this concept extensively for earthquake

resistancee To date viscous dampers have been separate devices which

are used in conjunction with conventional bearingse These devices have

a history of maintenance difficulties due to leaking seals, etce

To meet the requirements of a self-contained bearing which will be

relatively maintenance free and stable under sustained load, a bearing

such as the one shown in Figure 2a is proposede This bearing would

consist of a strong, reinforced flexible membrane having a disk-like

shape in plan which would contain an in compressible viscoelastic

materiale Relative movement of the two bearing surfaces would cause

the block of viscoelastic material to deforme During an earthquake,

this deformation would require more force and therefore the device

would behave like a viscous dampere

This type of bear~ng is, however, susceptihle to damage caused by

vandalism, fire, or tearing~due to excessive relative movement of the

bearing surfacese Any loss of viscoelastic material couin result in

collapse of the bearinge To prevent damage due to vandalism and fire,

a shield could be constructed around the bearing. This shield would be

used to induce sliding of the bearing which could prevent the membrane

from being torn apart due to excessive movements. A schematic drawing
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is shown in Figure 2b.

Another solution is to insert a circular shaped bearing pad as sho~ in

Figure 2c to support the vertical load should the membrane be punctured

or damaged. Now the viscoelastic material is confined by the disk

shaped membrane and the circular bearing forming a toroidal like shape.

The lateral stiffness of the bearing system under slow normal

temperature and shrinkage movements is derived from the bearing pad

alone. However, during sudden earthquake movements the lateral

stiffness will be increased by the effects of the viscoelastic

material. The lateral forces increasing until sliding is induced at

the friction surface to limit the force level being transmitted to the

foundation. Duringsudnen earthquake movements the toroidal shaped

viscoelastic material attempting to retain its shape would deform under

lateral movements as depicted in Figure 2d. The tendency to deform in

the vertical direction would mobilize the vertical dead load effects

creating an opposing couple in the direction as shown in the figure.

The generated couple will provide.an opposing force tending to move the

structure back to its original position. Since the bearing is circular

shaped in plan, this restoring force would be generated in any

horizontal direction depending on the direction of the earthquake

force. Mobilizing the dead load will, in addition to creating the

resisting couple, dissipate ener~y as the visco-elastic material is

deformed.
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A considerable amount of development is required before this flexible

membrane concept can be used with confidence in a bridge structure.

The membrane must possess unusually hi~h strength, stability, and ~lra

billty. The viscoelastic material must have suitable force-displace

ment characteristics over the necessary range of temperatures. These

materials must be developed and tested. In addition, these materials

must be made to work as a unit. Tests of the assembled bearing system

should be conducted to determine performance characteristics during an

earthquake. Although a considerable development effort is required,

this concept may be the answer to providing reliable, cost-effective

viscous damping at bridge bearings.

The restoring mechanism created

couples, to some extent, the

by bearing

horizontal

system described ahove

and vertical modes of·

vibration. This created coupling. effect could potentially be utilized

to direct some of the energy imparted into the structure during a

seismic motion to components which are inherently stronger. For

example, bridges designed to resist vertical dead and live loads, are

inherently stronger in this direction and can resist large loads

elastically. Horizontal earthquakes forces would thus excite the

coupled vertical modes and cause additional ener~y to be dissipated by

normal damping effects. Again, this principle would require additional

research, but it is practical in that the concept attempts to utilize

the characteristics inherent in the structure.
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Fixed Bearing

These are in many ways similar to bearings used for buildings or other

similar structures~ There are essentially two innovative approache~ to

improving the earthquake resistance of these bearings.

One method of improving earthquake resistance is to provide nominal

fixity of a "free" or expansion bearing. Fixity is provided by a

"fuse" ~ich will resist lateral loads caused by wind or braking~ but

will fracture during a strong earthquake •. Once the "fuse" has failed,

the structure will be isolated from the earthquake ground motion. This

will result in very small force levels 1n the supporting members, but

larger relative displacements between the supports and the bridge

superstructure. Generally, a restoring force should be provided to

return the structure to a neutral position following the earthquake.

Several individuals have proposed this type of bearinK system.

The second approach to the design of earthquake resistant "fixed"

bearin~s attempts to mitigate the effect of high relative displacements

experienced in isolated structures. Although relative movement will be

allowed at the bearings under severe lateral loading, the primary

mechanism of earthquake resistance is energy dissipation as opposed to

isolation. To provide for energy dissipation, several devices have

. been proposed. In most cases these devices also serve as "fuses" to

prevent movement at low force levels.
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A currently popular method of providing energy dissipati~n is through

the use of steel devices designed to yield under severe loading. The

devices are relatively inexpensive, maintenance free, a~d if prop~rly

designed, reliable through several cycles of yielding. Some of the

more popular devices reI y on twisting of a torsion bar, bending of a

tapered cantilever beam, and bending and rolling of "a steel hoop.

Another device, which has the advantage of utilizing "off-the-shelf"

steel components, is the constant moment simple beam device shown in

Figure 3. These devices are very adaptable to bridge use and many of

them have been used successfully on bridges in New Zealand (16).

Energy is also dissipated due to the sliding of two surfaces. By

selecting the appropriate coefficient of friction, many sliding

expansion bearings in use tonay could be made to function as "fixed"

bearings. In this type of installation, attention should be given to

preventing sliding of· the sUrfaces caused by vibration of the super

structure under normal loading conditions. A suggested approach to

this problem at a typical bridge abutment is shown in Figure 4. In

this case, enclosed elastomeric bearings are sloped to keep the

structure in a neutral position under normal conditions. During an

earthquake, the superstructure would have to be" lifted to cause

slidin~. Because of the sloped surface, the structure would have a

biased movement toward the original positionG
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There is not enough space to discuss in detail the many bearing

concepts that have been developed to dates The innovative designer has

several reliable bearing systems from which to choose. With conti~ued

research in this area, the number of possibilities can only increase.

SEISMIC RESPONSE OF BRIDGE BEARINGS

Analytical Techniques

Faced with a wide choice of bearing types and functions, the designer

must be able to select the bearing most appropriate for his bridge.

Since many bearin~s have non-linear force/displacement characteristics,

it 1s difficult for the designer to determine the overall effect of

bearing response on the seismic response of his structure. This is

primarily due to the laCk of a reliable, user-oriented analytical tool

for determining the non-linear seismic response of bridge structures.

In addition, there has been a limited amount of research into bearing
.

response. Therefore, reliable simplified techniques for determining

bearing response from an elastic analysis are also unavailable.

Case Studies

A research oriented computer program was developed at the University of

California to study the nonlinear seismic response of bridge structures

(17-19). This program was used to study the seismic response of three

bridge structures (15) of varJing construction types which suffered

moderate to severe damage in past earthquakes. Observation of the

damage experienced by each of these bridges, along with the nonlinear

analysis results, led to the following general conclusions about the
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design of bridge bearings:

1. Maintenance of vertical loan carrying ability is the most

important feature of an earthquake resistant bearing.

2. A discontinuous superstructure on high piers represents a

particularly acute seismic risk.

3. Bearing force levels in fixed bearings are extremely high, even in

moderate earthquakes.

4. Yielding or even failure of bearin~ shear capacity is not a

serious problem and may even be beneficial to the overall

structure performance provided vertical support can be maintained.

Sensitivity Studies

This program was also used to. study the potential behavior of the

proposed bearing design consisting of an elastomeric pad with a sliding

surface. A simple one degree of freedom ~stem was used to study this

behavior. SuCh a system is representative of a continuous bridge

structure responding in the longitudinal di~ection. A schematic

diagram of this behavior and the single degree of freedom idealization

is shown in Figure 5.

For the purpose of this sturly, all bearings were assumed to reach the

maximum force level simultaneously. . In using this earthquake resisting

meehanism~·the designer is faced with selecting the proper longitudinal

stiffness and maximum force level.
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In order to investigate the sensitivity of the response to several of

the parameters over which the designer has control, the simplified

model was analyzed with rlifferent values for each of the parameters. A

time history of the force and displacement response of each of the

simplified models to two different earth~uake motions was determined.

The maximum responses for each analysis were recorded and plotted on a

force vs. displacement graph. This graph is shown in Figure 6.

Notice the characteristic shape that these graphs take when bearings of

constant lateral stiffness have the coefficient of friction of the

sliding surface varied. As can be seen, there is a coefficient of

friction at which both displacement and force will be relatively low.

This is the type of information the designer must have when selecting

the best bearinJt design for his application.

MINIMUM COST APPROACH

IN SELECTING MOST EARTHQUAKE BEARING SYSTEMS

Once the designer is able to determine the maximum displacement ann

acceleration response caused by a particular bearing system, must

select the most appropriate bearing for his bridge. Criteria has been

suggested which seeks to minimize some aspect of structural response,

such as acceleration. However, given equal reliability of bearing

systems, the most meaningful approach is to ,minimize cost. A suggested

technique for investigating the relative cost of using various bearings

systems is illustrated graphically in the following paragraphs.
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Consider the maximum force vs. maximum displacement graphs developed

in the previous section. Structural displacements of a bridge deck in

the longitudinal direction are usually limited by the available ~eat

length and bearing movement capacity at certain supports such as the

abutments. When earthquake loading is not considered, these lengths

will usually be governed by expansion and contraction of the

superstructure and/or minimum detailing standards. In the case of

foundation fo;ces, lateral loads other than those created by seismic

loadings will require design to a certain capacity. These nominal

displacement and force values which do not include the effects of

earthquake loading may be plotted on a maximum displacement versus

maximum foundation force graph as shown in Figure 7a. Costs associated

with increasing the displacement and force capacity are generally the

most significant costs in any seismic design.

To assess the economic advantages of a particular design involving a

simple structural system such as the one mentioned previously, it is

necessary to evaluate the increased displacement or foundation force

capacity that can be purchased for a given increase in total structure

cost. By plotting the increase in these capacities for incremental

increases in cost and by evaluating the various combinations of

displacement and force capacities that can be purchased at each level

of cost increase, contours of equal incremental cost increases can be

plotten on our graph as shown in Figure 7b. With these contours, a

means now exists for evaluating the economic merits of a given design

approach.·
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Consider as a hypothetical example the selection of a bearing system

for a simple highway bridge. The designer may first wish to consider

isolating bearings in which a "fuse" is provided to resist normal wind

and braking forces. Once. the fuse has failed during an earthquake, the

foundation will be isolated from the inertia forces in the

superstructure, and foundation forces will remain at a low level. The

resulting structural displacements will generally be large, however.,

The resulting response may be plotted on the graph as shown in Figure

As a second alternative, the designer might consider a bearing which

uses an elastoplastic energy dissipation mechanism. In such a design,

the displacement response would be reduced, but at the expense of

increased forces. If plotted on the force-displacement graph as shown

in Figure 1c, the relative cost can be c~pared with other alterna-

tives. In this example, the second alternative is more cost effective

than isolation. By varying the initial stiffness and yield level of

the elasto-plastic energy dissipation mechanism, it may be possible to

achieve even better economics. By comparing alternatives based on

equal cost contours, the optimum design can be selected. This

procedure may he extended to more complicated design problems provided

the analytical tools are available to predict structure response.

CONCLUSIONS ANn RECOMMENDATIONS

·The possibility of improved earthquake resistant bridge design through

the effective use of bearings shows great promise. Before this can

become a reality, the designer must be convinced that this approach
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will produce cost effective bridge designse This requires that

reliable earthquake resistant bearing systems be readily available or

easily manufactured. To prove the reliability of new design concents,

laboratory testing is needed. This testing should produce information

that is meaningful to the designer and can be used in designing similar

bearings.

In addition, the designer must be provided with the analytical tools

with which to assess bearing response. Not only should the designer

have access to easy-to-use non-linear dynamic analysis computer

programs, but he should also have guidelines for using normal elastic

analysis techniques to pred~ct bearing behavior.

Once reliable bearings are made available and the designer can analyze

their. behavior during an earthquake, bridge bearings will begin to

achieve their full potential in improving the earthquake resistance of

bridge structures.
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Studi~s in the Reinforcement of Bridge Seats against Earthquakes

h · . I 1·' II T. Sh;m;zuIIIY. S 101 , Y. ~J.tsuJ.e, ••

ABSTRACT

As earthquakes often occur in Japan, the dimensions of the sub

structures of bridges and their supports mainly depend upon seismic

load for their design.

In order to prevent the fall of superstructure or breaking of

bridge seat concrete, the 'Substructure Specifications for Highway

Brid~~::;' published in 1968 has defined the necessary distance from the

edge or a bearing to the edge of a bridge seat in proportion to span

length.

Various types of damage to supports resulted from the Miyagiken-oki

Earthquake in 1978. In consequence of a detailed investigation, the

damage found among substructures designed with the above specifications

could be classified into breakage of bearings and anchor bolts, crack

ing of bridge seat concrete, and slight damage to supports.

The authors have undertaken a series of loading tests on bridge

seat concrete to confirm the safety of structures built to present

specifications and to examine more effective reinforcements, and have

analysed the ml:!asured data.

Thl:!Y have thus been able to confirm the validity of the specifi

cativn:s and have been able to propose some effective reinforcements.

I: i-t"'dJ. F,'Ullaat i,,'r: Engineering Division, Structure and Bridge
Department, Public Works Research Institute, Ministry of
Construction.

II: Former Rl:!searcher, Foundation Engineering Division, ditto.
Chief vf Bridge, lInd Division oi National Highway, Road Bureau,
Ministry of Construction.

Ill: Engineer, Fvunda tiun Engineering Oiv1,;iol1, Struc ture and Bridge
Department, Public Works Research Institute, Ministry of
Construction.
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1. Introduction

As large earthquakes often occur in Japan as shown in Fig. 1.1,

the dimensions of the substructures of bridges, including supports,

depend mainly upon seismic load for their design.

The substructure specifications for highway bridges have been

developed step by step since 1964. The 'Design Guides on Abutments and

Piers' published in 1968 describes the details for bridge seats.

There were no big earthquake from that time until the Miyagiken-oki

Earthquake in 1978.

The Miyagiken-oki Earthquake, which·occurred in June 1978, caused

damage of some degree to about 100 bridges, and the total damage ran

to about 4 billion yen.

There was a total of 662 damaged supports and 77 cracks and

breakages at bridge seats, which corresponds to 12% of the total.

(see Figs. 1.2, 1.3) Among these, there were 36 supports of broken

seats that were not able to withstand the horizontal force to their

bottom ribs.

This type of damage is particularly noticeable on fixed supports.

Shearing rupture of bridge seats is believed to result from the higher

shear stress of the horizontal force of the earthquake compared to the

shear strength of the seat concrete.

Factors that may be considered to influence the shear strength of

seat concrete are the distance to the edge of the bearing. reinforce

ment or the concrete and its shape, and the kind and strength of the

seat mortar. It is considered that the distance to the edge of the

bearing and the reinforcement of the seat concrete are paFticularly

impurtant factors.

However, at present we have not yet established design methods in

relation to stress conditions in seat concrete during earthquakes, as

there are still several unknown factors.

The authors have undertaken a series of loading tests on models

of bridge seats and have studied the behavior, strength and breaking

of seat concrete, in particular the following points:
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1 Sec. 1 1923 Kanco I 7.9
2 Dec. 21 1946 Nankal I 8.1
3 I Jun. 28 1948 Fukui 7.3
4 Dec. 26 1949 Imaichi 0.4
5 Mar. 4 1952 Tokachi-oki
6 A r. 3D, 1962 Northern Mi
7 Jun. 16_ 1964 Nii aCa
8 I Feb. 21 1968 Ebino
9 Ma 16, 1968 Tokachi-oki .'968

10 Jun. 12_ 1978 Mivagiken-oki 7.4 loYa1.9I

the Richcer scale,
<0

(*) Magnitudes are on
after Rika Nenpyo (Annual Report of
Science) (1971) .

Fig_ 1.1 Epicenters of ten erathquakes which caused comparatively
severe damage to modern enginee~ing structures in Japan 8)

Bearlng itself 2.17. (14)

and

bolt

Setting bolt 5.37. (35)

',;,' II Roller 2'~~1~13)Concrete below ~bn 1.7:
the support ~

(77) 11.6: !!l1! ""
,
/",•• wm if 1// 22 .4% Conneccion becween upper
~ lower places of bearing

(148)Mortar under ' ,
bearing 17.5: 662 '
(116) ~ /'---- \:' ~ "

Total number of ~~
damaged supports Embedded

(248)

Fig. 1.2 Breakdown of damaged supports 8)
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(a) Cracks in the bridge
seat concrete
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(b) Disintegration of
the bridge seat concrete

Fig. 1.3 Examples of damage to bridge seat concrete

(1) The causes of damage to bridge seats in the Miyagiken-oki Earth

quake and the validity of the current design method for bridge seats.

(2) The effectiveness.of the reinforcing seat concrete and the pre

sentation of more rational reinforcements.

Test Plan

2.1 Designing the bridge seat portion

To study the causes of damage to the bridge seat concrete and to

clarify the problem points in design methods. some studies may be con

ducted on changes in design methods for the bridge seat portion.

The first regulations concerning methods of designing the seat

portion of road bridges were contained in the Design Guide for Highway

Bridges: Abutment and Pier(2) published in ~wrch, 1968, and these

regulations are still carried forward unchanged in Part IV (Substructure)

of the Specifications for Highway Bridges(3).

In this guide. it is considered that shearing damage to the seat

portion develops in the surfaces shown in Fig. 2.1.1 and that the
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bearing to edge distance S (em) may be obtained by the following

equation.

,-'Shearing
surface

Fig. 2.1.1 Bearing to
edge distance

Q.. ~ 100m

100 < Q.. ~ 150mS ~ 30 + 0.4Q.

S ~ 20 + 0.5£

Here, Q.. is the span length (m).

Value S of the bearing to edge

distance was originally established

not only to prevent damage to the

bridge seat concrete but also to

prevent the girder from falling

during an earthquake.

Prior to the guide, there were no ,basic standards for designing,

bridge seats; designing was conducted solely on the judgement uf dlt::

engineer in charge. Therefore, discrepancies in edge distance prior

to and after the regulations established in 1968 were generally very

great and it is believed that, prior to the application of the 1968

guide the bearing edge distances at many bridges were small. In view

of the fact that shearing damage developed during the Miyagiken-uki

Earthquake in the bridge seat portion at a comparatively large number

of bridges constructed prior to 1968, it may be considered that the

influence of the bearing edge distance is great.

As regards the reinforcement of the bridge seat portion with steel

bars, the guide provides that cage type steel reinforcements, as shewn

in Fig. 2.1.3, be installed to prevent the cracking of concrete due to

the vertical load transmitted from the seat and also to prevent dis

integration of concrete due to the horizontal force or pulling force

/COl~t: "'\·:I~ :'\tc\.'~

t"~.i.:1: .'r...:~m~:::'

t-~-''''!'1a~~. sc~~.;,
t'tH:uorC;~a:nt

Fig. 2.1.2 Placement of the cage type steel reinforcement
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transmitted from the anchor bolt. In many cases, however, similar

reinforcements had been used prior to the establishment of the regula

tions in 1968.

Although the normal method adapted in the past using mortar for

the bridge seat was called dry packing in which ordinary mortar was

used, nonshrinking mortar has been used in recent years to prevent gaps

from developing due to shrinkage and also to increase the reliability

of construction. However, as defects due to the strength and applica

tion of mortar appear only as damage to the bridge seat mortar, it is

believed that these defects cannot be rep,arded as decisive in the

breakage of the bridge seat concrete.

As regards the strength of the bridge seat concrete, the standard

designed strength has not changed to any degree from the past, in most

cases being Gck = 2l0'\" 270 kg/cm 2 •

From the above it may be surmised that the principal reasons for

the damage to the bridge seat concrete during the Miyagikenoki Earth

quake were: 1) shore distance to the bearing edge; and 2) insufficient

steel reinforcements.

(a) Cracked bridge
seat mortar

(b) Disintegrated bridge
seat mortar

Fig. ~.1.3 Damage to the bridge seat mortar

Pa"st research

10 ~Jnne~t the bearing and the seat concrete, there are the anchor

i;,~'l, ~ltlJ the luw.,-r ::;eat protrusi';lll. In the Highw:J.y llriJge Speciiica

,L':'(~) tlle ;ln~hor bL'lt is Jesi,;:,,,J toJ take up all of the horizontal

~..:r~e a~::ing ~ln tn", bearing. In tn" test,; of Japan Highway Public

Curpuraciolll S), howev"r, it i,; puinted out that the horizontal resistance
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of the anchor bolt is become effective after lost of a margin of play

between bearing and anchor bolt and that it does not act simultaneously

together with the resistance of the lower seat protrusion. In other

words, as horizontal force is transmitted to the anchor bolt after

considerable displacement of bearing, it is considered that, in the

almost of cases, damage to the bridge seat concrete occurs while only

the lower protrusion is resisting to the horizontal force.

Lower sea't
protrusion

Fig. 2.2.1 Lower seat protrusion and anchor bolts

Furthermore, tests on breakage(6) due to lower seat protrusion

have been carried out on the bridge seat concrete of railroad bridges

by the Japan National Railways because the JNR expects the horizontal

resistance on the lower protrusion to operate and regulations(i) have

been established concerning methods of reinforcing the bridge seat

concrete based on these tests.

2.3 Studies of the primary test factors

The primary test factors in this experiment are the bearing edge

distance and the steel reinforcing method of the seato However, as

regulations had been established since 1968 concerning bearing edge

distance, we decided to confirm the safety factor of the set value.

For this reason, we selected' the steel reinforcing method as the main

factor in this experiment to study suitable methods of reinforcement

by ascertaining the difference in strength with different methods of

reinforcemen t.

As explained in Paragraph 2.1 "Designing the bridge seat portion",

although details are provided in the Specifications for Highway Bridges
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concerning the method steel reinforcement for the prevention of slitting

crack due to vertical loads, there is no explanation of the method of

arrangement in rela t ion to hor izontal loads.

The amount (ASV) of steel reinforcements required for the preven

tion of slitting crack m~y be obtained by the following equation.

I b RV
ASV = T (l --;-) -

~ DC uSa

Here, b Width (cm) of the seat

bc Width (cm) of distribution of pier pressure

RV Vertical Load (kg)

GSa: Permissible tensile stress intensity of the steel

reinforcement. (kg/cm 2
)

Disreg~rding the resistance of the conrete, the amount of steel

reinforcements in relation to horizontal force (ASH) may also be

obtained by means of the following equation.

Here, RH: Horizontal load (kg)

GSa: Permissible tensile stress intensity of the steel

reinforcement. (kg/cm2 )

The sum of ASV and ASH shall be the standard amount (ASO) of steel

r~infur\..:em-.:nt~.

Carry out studies in relation to strength and behavior by varying

the amount of steel reinforcements by the multiple of chis ASO of 0,

I, 1.5, and 2.0.

It was also decided to study the results of other special steel

rel:1i"r.:ement methods. For details relating to these methods, refer

tv Par;l!:'-=;lph 3.1 "Designing the Test Piece".

F;l.:::ors otru:r than the amount of reinforcing ste.:l were decided

I. ~) T,' "nar..te '::lrryin;; vut th", experiment in the :;implest way

pvssible, anchor bolts were no: prvvided and the only provision was
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(2) The bearing edge distan~e was in accordanc~ with the Highway

Bridge Specification IV "Substructure".

(3) Cement based nonshrinking mortar was used for the bridge seat

and no mounting was provided.

(4) The strength of the bridge seat concrete was set as Gck

210 kg/cm2 •

2.4 Test items

Tests consist of the vertical load test and the inclined load

test.

(1) Vertical load test (Fig. 2.4.1)

This test is to study the scale and distribution uf slitting crack

stress intensity that develops in the bridge seat concrete due to

vertical stress.

(2) Inclined load test (Fig. 2.4.2)

This is the main subject in this research and is the test to study

the strength and behavior of the bridge seat concrete when it is simul

taneously subjected to horizontal and vertical loads.

In this method, the horizontal load may be gradually increased

while holding the vertical load at a set value or both the horizontal

and vertical loads may be increased while holding their ratio at a set

value. In this study, a branched load jig was used as shown in Fig.

2.4.3 to maintain a constant ratio between the vertical and horizontal

loads.

This corresponds to the principle of the law of vibration as

obtained from the ratio between the horizontal and verti~al iorc~s.
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I
~ertical

torce
Model bridge

Distribution of
slitting crack
stress intensity

bridge

Bridge seat
concrete

Fig. 2.4.1 Vertical load test Fig. 2.4.2 Inclined load Test

IVertical
t force

o ~Inclined Load

Model bridge
seat

r-----J~~--......L__l__....,

Model bridge
seat concrete

Fig. 2.4.3 Sketch of the branched load jig

3. Test Method

3.1 Designing the test piece

3.1.1 Actual bridge conditions assumed

Wh",n stuJying the teSt lIIodel, the actual bridge conditions assumed

,;hc)uld be set as follows from the standard designs of the Ministry of
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r- Type of Structure PC T Type Girder Beam

{
Bridge

Superstructure Distance between 30 m
Supports

Reaction during Rd, '" 48t, RH '" 24t
Earthquakes (Intensity 0.25)

[
Type of Structure Plain Bearing (B.P.)

Bearing
Function Fixed

Substructure: Amount of steel reinforcement comparatively small.

To have wall type abutment or piers

3.1.2 Dimensions and shape of the test piece

Taking into consideration the cap~city of the load device and the

size of the test piece, the scale used in relation to the actual object

was set at 1/3.

The edge distance of the test piece in relation to the assumed

edge distance of the actual bridge will be as follows. However, taking

into consideration the positioning of the reinforcing steel bars, it

was set at 15 cm.

~ (20+0.51..) '" ~ (20+0.5 x 30) ..!. x 35
3

11.7 cm

200

700

I
I

t.

150

Fig. 3.1.1 Deciding the width
of the test piece

Fig. 3.1.2 Deciding the height
of the test piece
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Fig. 3.1.3 General diagram of the test piece
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Taking into consideration the breakage area that extends 45° from

the center of the bearing, the width of the test piece was set at 70 em

so that the width of the breakage surface would be confined within the

width of the test piece. Also, considering that the breakage face on

the front surface will be appeared within the height if the breakage

occurs at a 45° angle below the protrusion, the height of the test

piece was set at 50 cm to incorporate a certain amount of surplus.

Taking into consideration the limitation to the width of the test

piece and the installation of the 2-way load jig to apply inclined

loads, the model seat was built to a scale of 1/3 of the actual seat.

A general diagram of the shape and dimensions of the test piece decided

from the foregoing studies is shown in Fig. 3.1.3.

3.1.3 Study of the law of similarity

As the ratio of the material strength of the model and the actual

object is 1, in this experiment it will be necessary that the ratio of

stress intensity (OP/OM) generated in the model and the actual object

is 1.

To realize this, the load ratio (Fp/FM) is determined by the

following equation.

Here, Lp/LM: Dimensional Ratio Lp/LM shall equal R

As R = 3 in this experiment, the load ratio will be 9 and, based

on this load, if the stress intensity developed in the test piece

decided in Paragraph 3.1.2 is compared to that of the actual bridge,

it will be as shown in Table 3.1.1. Each stress intensity shows a

comparatively good corresponding value.

The slitting crack stress intensity here was calculated based on

the standard(9) calculation method (Fig. 3.l.~) of the Japan National

Railways.
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Table 3.1.1 Comparison of load and stress intensity

ITest piece jActual item
~-_._----

IActing vertical force ( t) I 5.3 48

, h '1 force (t) 2.7 24Act~ng or~zonta
I

Average vertical bearing pressure intensity I 35.3 28.1(kg/cm2
) I

i I
Rib side bearing pressure intensity I 60.0 88.9(kg/cm 2 ) I

I

Slitting crack stress intensity (kg/cm2 )* I 2.3 2.1

(*) In accordance with calculation methods in Fig. 3.1.4.

b ... 2x

, • ..!!.. IAt

At .. I!i' (2x+ 2a+b)

Fig. 3.1.4 Calculation of slitting crack stress intensity
according to the Japan National Railway standards

The following law of similarity is proved in relation to the

amount of reinforcing steel. As the ratio of strength of the steel

r~infun:ement is 1, the ratio its cross sectional area (ASp/ASH) is

expressed by the following.

The percentage (PP/PM)of steel reinforcements when positioned in

tho: eros:; :;.oetional area of t_he effective width (2.p, 20M) and the effec

tive height (hp, hM) may be expressed by the following equation.
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In other words, the ratio of steel reinforcement will be the same

in both the model and the actual item.

3.1.4 Types of test pieces

7 types of test pieces were prepared (Table 3.1.2) according to

the different methods of reinforcing with steel. The miscellaneous

specifications for these pieces were determined as follows. The

standard amount of steel reinforcement was decided by using the method

indicated in Paragraph 2.3 "Study of the Test Elements".

1.00 cm 2

A = 1:. (l _~) RV = 1:. (1 _ 10) 5.3 x 10 J
SV 4 bc OSa 4 35 1,800

ASH+ASV = 1.00+0.53 = 1.53 cm2 (4'6 @60)

This amount of steel reinforcement is equivalent to D13 @90 in

the actual object.

This spacing between the reinforcing bars is decreased (~60 @40)

to cope with the 1.5 times of steel reinforcement of AgO' For double

the steel reinforcement of ASO' the standard amount of steel bars may

be double-decked (2 - ql6 @60 ) or a larger diameter (ep9 @60, 2.3ASO)

may be used.

The foregoing arrangement shall hereafter be called reinforcing

work(I) .

Separate from the foregoing reinforcing work(I), steel reinforce

ments with high shear .resistance (hereafter called shear resistance

work(II» were provided in addition to ASO (See Fig. 3.1.5). The

amount of this reinforcement may be calculated from the following

equation.

A RH = 2.7 x 10
3

= ') "5 cm 2 (,06 x 7 each)
St = tSa 800 x 1.5 _.- 'Y

Here, tsa : Allowable shear stress intensity of the steel

reinforcement (kg/cm 2
)
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Table 3.1.2 Relation between the test elements
and the types of test pieces

,\ Reinforc~ment

\ Oth~r rein-

\

Reinforc- forcements
ing (I) (II) or (III)

Structural Diagram Remark.s

()I ;9 ~60

- (= ASS)

i
ICD 1
I

I

i
f'j\ 1$6
\..::)1 (.

i
i
I
I
I,

None

@60
ASO)

Non~

Non~

l"one

None

None

tI Bottom and
sides re-
inforced

I,

Fl cp6 @60

Fl $6 @40

i,

F1!
!
I 2-416 @60!

I
;

!Fl 99 @60,
;

Standard
test pieces

I
equivalent
to 013 @90

I
of the
actual item

AS3 1.5
ASO .. -1-

I
AS4 2.0
ASO .. -1-

I
AS5 2.3
ASO .. -1-
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This amount of steel reinforce-

ment will be equivalent to 013 x 16

each in the actual item.

Studies were also made in

relation to wrapping the seating

(Fig. 3.1.6) with steel banding

I .InL ~ J

Fig. 3.1.5 Reinforcement for
shear stress (II)

D

Fig. 3.1.6 Reinforcing work (III)
by wrapping the seat
with steel banding

(hereafter called tensile reinforcement work(III». In ttlis reinforce

ment work, ~9 steel bars were arranged at 50 mm intervals. This is

equivalent to ¢22 bars placed at 100 mID intervals in the actual item.

3.2 Material used

(1) Concrete

Concrete was used with the mixture ratio shown in Table 3.2.1 with

the purpose of obtaining a standard design strength of 210 kg/cm2 as

this was the most common construction material. When measured at time

of laying, slump was 13.5 em, air content was 4.6% and the temperature

of. the concrete was 25°C.

Table 3.2.2 shows the compression strength of a test piece (¢15 ~

30 em) and Fig. 3.2.1 shows the relations of the Young's Modulus and the

Poisson's Ratio. However, test pieces in Table 3.2.2 that are 48 days

old (at time of test) shall be taken by core borings of test piece Q;.
after the load test.
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Table 3.2.1 Concrete mixture

!
I

I
I

c W W/C ! S G 5/A NO-5L
(kg/m 3) (kg/m 3) CO I (kg/m 3

) i (kg/m 3
) (%) (kg/m 3 )

I ! !

I i !
I273 I 162

i
59.0 I 829 ! 1,052 44.1 0.683

Table 3.2.2 Strength of the concrete

Age (Days) ~',J Standard curing Site curing

[ A I 189 1 Average 177 AverageI

7 I B ! 190 ! 186 169 I 173
i i I

175
I

C 181 ,
! I ! i

! A i 252 ! 247
I

i I, ,
18 B i 248 I 252 239 243

,
I C 256 i i 243

A I 288
I

I 262:
i

I28 B 284 277 H*1 261
!

C 271 ! 260

, A I I 291
48 I

,
I

,
225 I 253B ! i(At time of test)

I I, C ! 243
I I

(2) Bridge seat mortar

With the purpose of obtaining a design strength of 450 kg/cmz , a

premixed type hi-early strength cement based nonshrinking grout

material (NL-870GHE) was used as the bridge seat mortar. This is a

market item ~ontaining various admixtures, sand and cement in premixed

form. The method of mixing used was to add 4.2 liters of water to 1

bag (25 kg) or the premixture and churning for 2 minutes in an ~~ Type

hand mixer. The consistency of the mixture at this time was 9 seconds

,Flowing tim", by funnel J).

The bridge seat mortar compression strength according to the test

piece (915 x 30 em) was an average 536 kg/em:.
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Vertical
strain

o Horizontal:'>OO tW

strain

Fig. 3.2.1 Load - Strain curve (Concrete aged 28 days)

(3) Reinforcing steel bars

The reinforcing bars used were 6 mm and 9 rom and both standardized

with SR24 material. However, as may be noted by the results of the

tensile strength as shown in Table 3.2.3, ther~ is a considerable

difference in strength. As it will be difficult to use both as the

same material, it was decided to consider this effect in the results

of the experiment.
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Table 3.2.3 Tensile test results of
the reinforcing steel bars

------------. Yield strength i Tensile strengthI
I

I
! IPo. 1.90 I 2,286 2.70 4,244
I

B 1.93 I 3,034 Average I 2.93 I 4,605
ill9 I 4,338,

C 1.87 : 2,939 2,967 i 2.70 ! 4,244
,

I i0
, 1.85 ! 2,908 I 2.71 4,260I , !

A i 1.54 : 5,447 I 1.86 I 6,579;

: B ! 1,64 ; 5,801 I I 1.94 ! 6,862

I
¢6 I 5,580 6,677I I I i

C
,

1.52 5,377 I 1.84 I 6,509I

! 0 1.61 I 5,695 I I 1.91 I 6,756 I! ; : i I I I

The cross sectional area was set at ¢9: 0.6362 cm 2
,

yO: 0.2827 cm 2
•

3.3 Method of loading

(1) Vertical load test

To study the slitting crack

stress on bridge seats when vertical

load only acts on the bearing, the

vertical load test was carried out

on test pieces CI> and Q) as shown

in Fig. 3.3.1 prior to applying

incline loads.

(2) Inclined load test

Fig. 3.3.1 Vertical loading test

As shown in Fig. 3.3.2, the inclined load test was carried out by

converting the vertical lo~d from the loading unit to inclined loads by

means of a loading jig. In this instance, the load acting on the top

of one of the bearings will be a vertical force of O.5p and a horizontal

i~r~~ vi 0.1~9p in relation to load (P) from the loading unit.
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Loading unit

~:=~=---Adapter

jig

300

Test piece

Reaction base

Fig. 3.3.2 Inclined load test

3.4 Method of measuring

In the experiment carried out at this time, prime importance was

placed on the load and the breakage conditions during breakage and

measurements were taken principally of the relative displacement of

the load, concrete and seat. The places of measurement are shown in

Figs. 3.4.1 and 3.4.:.

(1) Measurement of displacement

Using a strain conversion type displacement meter, measurements

were "taken of the relative displacement in the horizontal direction of

the concrete and bearing on both sides of the bearing.

Points Measured: 4 Points per piece.

(2) Measurement of strain

(a) Measurements of slitting crack strain due co vertical force were

carried out on test pieces CD and Q) by means of an imbedded gauge.

Points Measure 3 Points per piece.

(b) Tensile strain measurements were made on the top edge of

the concrete adjacent to the bearing on all test pieces.
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Points Measured: 4 Points per piece

(c) Strain measurements were taken of the steel bars in the

reinforcing steel bars and other reinforcing material (shear reinforce

m~nt and tensile reinforcements).

Points Measured: Q) - ~ Reinforcing bars (4 Points vertically

and 2 points horizontally) per piece.

@), (J) (4 Points on the reinforcing steel in

the vertical direction and 2 points horizontally)

per piece.

(d) To study the distribution properties in the surface of the

concrete, a rosette gauge was affixed to t':!st pieces 0 and Q) and

strain conditions prior to development of cracks were measured with a

digital meter.

Points Measured: 20 Points x 3 Axis per piece.

(e) Tensile strain in the horizontal direction on the front

surface of the test piece was measured by means of a strain gauge.

Measurements were taken on test pieces 0, ®, ~, ® and (j).
Points Measured: 2 Points per piece.

(3) Measurement of cracks

When cracks on the tOp surface were visually confirmed, these

were attributed to cracking loads.

The width of the cracks in the top surface particularly in the

direction of stress was measured by means of a displacement gauge near

the bearing.

Points Measured: 2 Points per piece.

(~) Load measurements

The method used in the measurement of static load (digital

measurement) was to take direct readings and recording of the load

indicat~d on the Amsler. Also, in measurement of continuous loads

,analog measurement), pulse waves of each loading stage were recorded

on magnetic tapes in the data recorder.
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Fig. 3.4.2 Affixing position of the Rosette gauge
(Test peces @ and Q))
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4. Vertical Loading Test Results and Considerations

Results of measurements of tensile stress generated by vertical

loads (hereafter called cleavage stress) are shown in Fig. 4.1. If

we make comparison of test pieces @ and G) in relation to these

results, it will be noted that the distribution properties of stress

are exactly opposite. However, we cannot arrive at a final conclusion

in relation to the shape of stress distribution in that measurements

were made on only 2 test pieces and as the number of points measured

were only 3 points per piece.

However, as the degree of slitting crack stress intensity is about

4 kg/cm 2 maximum under designed load conditions (Rv = 5.3t) and may

be considered to be below the permissible tensile stress intensity

(approx. 1/30 of uck' About 7 kg/cm 2 in this case) of concrete.

In this instance, it is believed that the amount and positioning of

the steel bars as shown in Fig. 2.1.2 and stipulated in the Substructure

Design Guide(2) will be sufficient to cope with slitting crack stress.

Stre•• intensity
°r-__-"-__-L'P IfI"-__.=.20~·./-

I

'00 lJ,

Strain

""Ie

F~-
3 i:r- --+---' 3 '--- --"-J.......-&--..r- -----

°1 I -
Or Mold goug.

~j

I
I20--1---0 2

~

Fig. 4.1(1) Stress and strain intensitv distribution
diagram of concrete Test- pit:ce (l)
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diagram of concrete Test piece G)

5. Inclined Loading Test Results

5.1 Breakage properties and strength

(1) Breakage pattern

Conditions after cracks appeared in the test piece until breakage

occurred ?r0gr~ssed as i~dicated below in all of the test pieces.

First Stage: Cracks appeared on the top of test piece between 2 of

the bearings at right angles to the horizontal load direction. Although

widening of the cracks could be noted in accordance with the load

(Vertical load P of 80 tons applied from an amsler), they did not lead

to breakage.

Second Stage: Cracks developed on the front of the test piece

in the vertical direction and cracks soon developed on the corner

surface of the concrete in front of the bearing and at a 45° angle.

(P .. 80 to lOOt)

Third Stage: The increasing load stops but displacement continues

to increase and the angled crack in front of the bearing widens rapidly

and breakage occurs.
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Breakage conditions are shown in the expansion diagram in

Fig. 5.1.1 and it was noted that the breakage area on some of the

test pieces extended to the bottom. In comparing conditions of break

age in each test piece. it was noted that the greater the amount of

reinforcing steel the greater the tendency towards restraining sharp

slitting cracks and that toughness was therefore improved with the usage

of reinforcing steel bars. Fig. 5.1.2 shows the broken portion open

on each test piece with an expanded view of the broken surface,

The broken surfaces are practically the same in test pieces Q;; '" ®.
The broken surface of test piece (j) is different from the other

surfaces due to the binding effect of the reinforcing steel.

(2) Breakage strength

In accordance with Table 3.1.1. the designed load for the test

pieces is a vertical force Rv of 5.3 tons for each bridge seat, If

this is expressed by the vertical force applied by an amsler with a

capacity of applying the combined force for 2 bridge seats. and assum

ing a safety factor of 3. one criterion for the breakage load will be

5.3x3x2 = 32 tons.

In Table 5.1 we have shown the load (Per) when the angled crack

developed in front of the bearing and also the maximum load (Pmax)

when breakage occurred.

In relation to strength after development of cracks, although the

breakage load will be attained immediately upon development of the

crack when no reinforcing steel is used such as in test piece CD,
where reinforcing steel is used, it was noted that strength increased

after cracks developed.

Table 5.1 Experimental results

; i
Test piece I Cracking load i Breaking load

1 ! 85 85
-------

2 ! 80 113:

3 i 89 ; 121. 4

4 i 140
,

165 Ii

5 i 106 I 117!
6 I 118 I 131.8!

7 I 90 I 164
!
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Load-strain relations

(1) Strain in the concrete (Figs. 5.2.1, 5.2.2)

Measurements were taken on the top and front surfaces of the

concrete in relation to strain. The amount of increase in strain in

the tOp surface was small during low loads but increased sharply as

the cracking load of 80t was approached. Cracks developed when it

reached approximately 1,000~. Although strain in the front surface

increased from a much lower load than that compared to the top

surface, there was no sharp increase in any of the test pieces up

to about SOt.

(2) Strain in the reinforcing steel bars (Fig. 5.2.3)

Measurements of strain in the reinforcing steel bars were carried

out in the longitudinal and horizontal directions. Strain measurements

were also carried out on other types of reinforcing steel material.

Results of the measurements indicated the same tendency of increasing

strain as in concrete and strain increased sharply simultaneously

with cracking of the concrete.

5.3 Load-displacement relations

&~ examp~e of the relative displacement of the seat and the

concrete is shown in Fig: 5.3.1.

Displacement was extremely small up to the cracking load of 80 tons

but increased sharply simultaneously with development of the crack.
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5.4 Rosette gauge

On test pieces (6). Q). measurement of strain prior to cracking

was carried out by affixing rosette gauges to the test pieces. The

gauge used was a right angle 3 axis type and was affixed in the direc

tion shown in Fig. 5.4.1

r'2
£'1

£2

x .-00

e
~X:4~' c

F""b•

a

Fig. 5.4.1 Direction of the gauge Fig .. S.4.2 Mohr's strain circle

The following equations may be obtained from the strain directions in

Fig. - ! 'JJ. 'I. _.

a

y = /"2
.)

If we interchange f.: a '" Ex. and £c ..... Sy. it can be substituted in the

following stress-strain equation.



Ox - 0v
Txy '" 2 tan 2<1>
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v Poisson's ratio

Principal stress will be determined as follows from the axial force.

°max

1 ;' , ?Tmax '" 2" (ex - Gy)' + 4Txy·

The plane of principal stress will be tan 2¢n

The principal stress obtained by substituting the results of

the measurements taken with the Rosette gauge in the above equation

is shown in Figs. 5.4.3 and 5.4.4. The actual slitting ~rack line

and a straight line drawn at an angle of 45° from the bearing (assumed

slitting crack line) are shown in the diagram. As may be discerned

from the diagram, the slitting crack develops along the principal

tensile stress surface and approximately matches the 45° line.
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"x" Direction Free, "y" Direction Fixed

"x" Direction Fixed, "y" Direction Free

Thickness of the elements

Supporting conditions:

Lower Surface

Center

6. Analysis with F.E.M.

6.1 Analytic model

In relation to the experimental analysis, an analysis of stress

properties was carried out by means of F.E.M. (Finite Elemental Method)

as the theoretical analysis. Taking into consideration the symmetry

of the loads and the test pieces, plane analysis of a half model of

the test piece was used as the analytic model as shown in Fig. 6.

Number of reinforcing points 245

Number of elements 214

I cm

Furthermore, the values for Young's Modulus and Poisson's Ratio

in the diagram are those obtained from material tests. Load was

applied from a horizontal and 60° direction (same as in the experiment).

6.2 Analytic results

An example of analytic results of the F.E.M. method is shown in

diagrammatical form in Fig. 6.

Fig. 6. (1) shows displac",m.:nts l.lf the reinfl.lrcing points and

indicates the displacement trends of th", t",st piece which are approxi

mately tile same as those surmised.

Fig. 6.(2) is a diagram of the principal stress and from this

diagram it may be discerned that tensile stress has developed in the

concrete from the bearing towards the center of the test piece. In

the actual test piece, resistance is offered by the reinforcing steel

bars.

If we observe the direction of principal stress on the front side

of the bearing under study in this experiment it may be noted that

direction vf maximum compression stress is inclined near the bearing

but faces in the vertical direction the further away it is from the

bearing. If we assume that the concrete breaks due to the tensile
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stress intensity, the envelope of the direction of the maximum com

pression stress becomes the breakage surface. If this i~ compared

to the breakage surface in the experiment shown in Fig. 5.1.2, it may

be noted that this envelope is very close in shape.

From this study, it is considered that there will be little chance

of breakage actually developing in a 45° angle when subjected to

inclined loads.



495

loung's moaulus Puis~",n's

(kg/em') ratio
...;-..---~-------_._.- ._--_._- ..----

St!:at

Mortar

2.1 .; 10'

Z.8"lO~

0.30

0.2.:0

i
c.lOcr~tl! 1. 9 • 10'

I I .
, , , I I i I I

, \ • i !
; ! I, , i I I ,I

Ii , , , I i I i I,
Ii ,. I I I

"
, I

, , ,r I
,,

I, , , I ,
Ii , , I

II , i ,I ,I II I I· II
l1 I I I

"
,, 'I ' ; I , j: I,

r Ii ,Ii ,
'I II ,; 'I I'r' i I , 1: "l: Ii, , ,,
~.. ;: --i~ ,I

V, I: 'I I T II JLJ,
"

Ii ,I ,I Ii
, I' "

, I, ,

I I: I II II III' 'III I
I,

» I, I fi :1 ii,

~
I, Ii

II
:1 I:II I:

I !i " " ii
Iii

'
,! i/ .I

"
I i Ii Ii I, II

Ii I!I

I ji

Ii1 ., Ii ij II

I
i

~

\
j: :!

1\

I "
11

\ II
"I ! ,.
~

I II

!I
!I

~ II.
II

! ~

0.17

Fig. 6.(1) Nodel analysi~, displa.:ement of r.:inforcing point
when N = 1.Ot and H = 0.5St



25 ,15 1010 15 25

I I! I I I I
(;
I

ACting point of forc.e

- j+

- +- ....
.... +
... I +
... ,.
.. t

55

-m-

x
, \~

+I t
+ t

+ +

\

496

, -

\ "
\ " \

\

- 100 kg/c';'

I
~I

t + + t

y ,

~..
I
i...
I

I I I I I I

I 25 1'5 10 Ie 15 25 25

I I

25 I JO JO

Unit: 1lII!

Fig 0 6. (2) Hodel analysis, principal stress
when N = 1.Ot and H = O.S8t



497

7. Studies in Relation to Bridge Seat Concrete Designing Methods

7.1 Studies of safety factor in relation to current design methods

We shall study the safety factors in the current design methods

in relation to bridge seat concrete based on the strength of the

concrete obtained by experiments.

In the studies carried out in Section 5.1 "Breakage properties

and Strength", it was discovered that shearing of the surface was

not on a horizontal plane and a 45° angle but was inclined at a much

greater angle (See Fig. 5.1.2). If the load is'from the horizontal

direction only, it is believed that there is high possibility that

shearing will develop'in the direction forecasted. However, it is

also believed that the shearing angle will be greater than 45° with

the addition of a vertical force.

It will therefore be necessary to carry out studies in relation

to past breakages of bridge seat concretes by comparing the combined

force of inclined loads and the surface actually broken. However,

from a practical standpoint it will. be desirable that the analytical

process be as simple as possible. For example, when the ratio of the

vertical load and horizontal load on a regular simple fixed bearing

is approximately the same, even if calculations are carried out on

the assumption that the broken surface is of a simple form and con

sidering the load to be a horizontal load only, it is believed

sufficient from the viewpoint of safety as long as conditions for

the actual bridge and the model are the same.

(1) Strength in the experiment

In the experiment, the ratio of the vertical load and the hori

zontal load is /:! 1. On one hand, the ratio of the vertical force

and horizontal force applied to the fixed bridge seat in the axial

direction of the bridge during an earthquake will be 1 : 2·KH in the

case of simple girder bridges if the horizontal vibration is KH.

As :2 ·KH equals I/.':!, in the current experiment it will be equivlent

to carrying out the experiment with KH at approximately 0.3.
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Although a certain amount of reinforcement will be provided in the

current design to prevent vertical slitting crack in the bearing, no

special reinforcement was provided to offer resistance to horizontal

loads. That is, it may be considered that the bridge seat had

practically no reinforc~~ents. For this reason, the strength of test

piece <D may be used as the criterion to check its safety factor.

Horizontal force S acting on the bridge seat may be calculated from

the following equation from breaking load P.

S = P/21'"3 = 85/21'"3 = 24.3 x 10 3 kg

If the breakage surface is assumed to expand in a ~5° angle as

indicated in Fig. 3.1.5, its area ~ may be obtained with the following

equation.

AT = I2X (2x + 2a + b) 12 ·20(2.20 + 2.3 + 15) .. 1,725 cm2

Here, x

a

b

Distance from the edge of the concrete to the

bottom erojection of the bridge seat.

Height of the bottom projection of the bridge seat.

Width of the bottom projection of the bridge seat.

The ultimate stress intensity due to horizontal force may be

obtained with the following equation.

Tmax = S/A-r = 24.3 x I0 3 /1.725" 14.1 kg/cm 2

(2) Study of stress intensity in actual bridges

Studies will be carried out in relation to the degree of stress

intensity that has developed in the bridge seat concrete in actual

bridges. In this instance, the calculation model selected will be as

standard as possible.

A simple PC pier construction was considered for the above struc

ture and span lengths between 23 to 40 meters were employed from the

standard designs of the Ministry of Construction. The bridge seat

was selected from standard designs as shown in Fig. 7.1.1 based on

horizontal forces acting on a fixed bridge seat when vibration KH 0.30

When the bearing edge distance is determined from the span length and
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the shape of the bottom projection of the eseat is determined from

the type of seat, the cross sectional area of the concrete sufficient

to withstand shearing may be obtained by the same method as in (1).

The shearing stress intensity that develops here may then be calcu

lated as shown in Table 7.1.1.

(3) Studies of safety factors

As stress intensity in this type of bridge is a maximum of about

2.4 kg/cm2 , a safety factor of about 6 times is used as ,compared to

the strength in the experiment. We believe this safety factor will

be sufficiently high even considering the following conditions.

(i) Strength tends to oecome high due to the precision work

in this experiment.

(ii) Strength in relation to repeated loads such as earthquakes

is weaker than that in relation to static loads.

(iii) As all bridge seats will not function uniformily in actual

bridges, there will be a possibility of load concentration occuring.

In the design of bridge bearing seat concrete of simple girder

type bridges it will therefore be safe as long as the bearing edge

distance is determined according to current design methods, and it

may be said that there will be no necessity of using any special re

inforcing bars in the bridge seat concrete.

However, in the case of bridge seats where particularly great

horizontal forces are believed to exist such as fixed bearings in

multidiameter continuous pier bridges, there will be cases where

reinforcing will be necessary with steel bars. Thorough consideration

will be required in these instances.

7.2 Method of reinforcing bridge seats with steel bars

7.2.1 Steel bar reinforcing and breaking load

The relation between reinforcing steel bars and breaking load is

shown in Fig. 7.2.1. With b+2x (See Fig. 3.1.5) as the effective
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width, the amount of steel reinforcements As in the diagram is the

cross sectional area of the steel reinforcements that is included in

this width.

(a) Although the diagram shows the relation between the break

ing strength and the amount of reinforcing steel, certain irregularities

were found to exist. This is believed to be due to the fact that the

material strength of the steel bars used at this time differed as ~6

and ¢9 were used. Fig. (0) shows the horizontal axis as the product

of the amount of reinforcing steel and the yield stren3th. Compared

to Fig. (a), it is clear that it has excellent corresponding charac

teristics.

150t----+-----+----j----i

lool-----+----t----+----;

(a) Aaount gf teinforcin& steel .1nd bre~kinR load
(1 150 150

Q; 2.00 2.00

$' 2.25 1.21

(9) 2.:6 2.25

\1' 3.43 2.53

4

2
':'s:Aso

o

(b) Withst.1<nd.in~ strength ot th~ rttinf,)n:in~ $ct!'~l

,Jnll! btlllil_iL1n, lOold

Fig. 7.2.1 Reinforcing steel bars and breaking load
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In otner words, the breaking strength increases in an almost linear

state with increases in strength of the reinforcing steel. Test

piece ® in the diagram was provided with 2 layers of reinforcing

steel and, as may be noted, has greater strength compared to the

other cases.

Table 7.2.1 shows these relations in the form of efficiencies

of reinforcing steel bars. This table shows the comparisons between

the sum Ns of the tensile strengths of the steel bars in each test

piece and the strength ~Su in relation to the increased horizontal

force as a result of the steel bars, and also indicates the percentage

of the strength of the steel bars that is working effectively. When

this ratio is 1, it will mean that the strength of the bridge seat

is indicated by the sum of the strength of th~ concrete and the

strength of the steel bars. Although this efficiency is approximately

0.5 - 0.8 in the table, it may be noted that efficiency is high in

test piece ® where 2 layers of steel reinforcing bars are used

and in test piece (J) which uses reinforcing steel bands.

In general, when designing reinforced concrete, the steel bars

are designed to sustain all of the tensile force and the tensile

strength of the concrete is disregarded. However, as far as this

experiment was concerned, it was noted that there were certain

elements in the resistive force of the concrete that could not be

disregarded. It is therefore believed that, from the viewpoint of

economic design methods it will be desirable that the bridge seat

be designed in such a manner that the reinforcing steel bars do not

bear all of the horizontal force and that the concrete bears a

certain amount of the force in common with the steel bars. Also,

when the degree of contribution of concrete strength is great, it

indicates that, in bearings with large horizontal force, it will be

more effective to increase the bearing edge distance rather than

simply providing steel reinforcements.

Furthermore, no consideration whatsoever was given to the re

inforcing steel already provided in the substructure in this study.

However, in substructures having a large amount of reinforcing

steel, it is believed that they may be considered a portion of the

r"inillrccmcllt in the bridge seat.
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Table 7.2.1 Effectiveness of steel reinforcements

Area of , 'I d'Increased
,

reinforcing iStrength Breaking ,ncr~ase portion ofi
No.

steel I Ns of ,strength Port~on h' 11~Su/Ns

(cm 2
)

!stee1 bars Pu
~p or~zonta I

, - u . force LSu

1 cm2 ton ton ton ton 00 0 85 0 0
,

2 ~6 )( 9 = 2.54 14.2 113 28 8.08 0.57

3 6 x 13 = 3.68, 20.5 121 36 10.3 0.50

4 6 x 18 = 5.09: 28.4 165 80 23.1 0.81

5 9 x 9 = 5.73
:

16.9 117 32 9.23 0.55

6 ijl6x9+<p6x7 = 4.51 25.2 131 46 13.2 0.52

7 <;>6 x 9+;p9x 10 8.90 33.0 I 164' 79 22.8 0.69= I ,, I

7.2.2 Workability of the reinforcing steel bars

If reinforcement of the test piece is evaluated from the stand

point of workability, it will be as follows.

1 Layer of Reinforcing Steel: No special problems. Withstanding

strength is practically assur:d with this method.

2 Layer of Reinforcing Steel: No special problem when the amount

of reinforcing steel in the substructure. However, installation is

practically impossible where the amount of reinforcing steel bars is

great such as in overhang or rigid frame type construction.

Reinforcing steel (I) + slitting ~rack reinforcing steel bars (II):

Although installation is possible, the reinforcing effect is small

compared to the amount of work involved.

Reinforcing steel (I) + tensile reinforcing steel (III):

Work is simple and efEect is great even when the amount of reinforc

ing steel in the substructure is great.

7.3 Plan in relation to a bridge seat concrete designing method

The follOWing is a plan in relation to a designing method for

a bridge seat concrete based on the foregoing studies.
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(1) If the bridge is a simple girder type bridge of normal

size, there will be no need for special steel reinforcements as

long as the prevailing bearing edge distance and detailed specifi

cations for reinforcing steel bars are adhered to.

(2) Even in simple girder bridges, when the horizontal force

is extremely great, or in cases of fixed bearings in continuous

girder bridges, current designing methods are satisfactory as long as

the product of the acting horizontal force and the area of the assumed

breakage surface (45 0 surface) does not exceed a slitting crack

stress intensity 'al including a certain safety factor. When the

value exceeds 'aI, the stress intensity should be brought within

'aI by increasing the bearing edge distance. When it is not possible

to increase the bearing edge distance, it will be necessary to

provide reinforcing steel. In this instance, the reinforcing steel

should not be made to bear all of the horizontal force but a portion

Sc to be borne by the concrete should be set and reinforcing steel

be installed so it will bear the entire horizontal force less Sc.

For method of reinforcement, reference may be made to test pieces

G), Q and (j). Also, when the main reinforcing steel bars in

the substructure are within the assumed. breakage surface, their

effect must be included in the calculation.

A problem in this plan is what value to use for Tal and Sc'

Although it will be necessary to continue to carry out closer studies

in this relation, the following may be considered from this experi-

m",nt.

A~: Assumed breakage surface of 45 0
•

Examples of widening reinforcement of existing abutments and

bridge pier seats for collapse prevention also are shown in Fig. 7.3.1

and 7.3.2.
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Repairing
of Abutment

Repairing
of Support

~ Sc.c.l Fr ...ulu:

I.]) iWiulurl.:lt' D.:If

Fig. 7.3.1 A exsamp1e of repairing and retrofitting of suppor( 8)

Resin concrete
mortar

Anchor bar
~~~---+Chipping

Fig. 7.3.2 Widening of copingS)
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8. Conclusion

The following items were principally confirmed as a result of

this study.

(1) Slitting crack stress intensity due to vertical force is of a

level that may be completely ignored.

(2) Horizontal displacement of the bearing due to inclined loads

commenced immediately prior to breakage and reached the breaking

point immediate~y after displacement developed. Therefore, when

we consider the difference (approx. 5mm) between the diameter of

the anchor bolt and the hole diameter in the lower seat of actual

bearings, it amy be considered that breakage will be considerably

advanced when the horizontal force acts on the anchor bolt.

(3) Although breakage occurred simultaneously with development

of slanted cracks in front of the bridge seat when no reinforcing

steel bars were provided, when reinforcing steel bars were used,

load increased even after cracks developed and it was noted that

toughness increased with the usage of steel reinforcements.

(4) As a result of the studies carried out in relation to re

inforcing with steel bars, it was learned that the breakage strength

of the bridge seat concrete increased in an almost linear state in

relation to increases in strength of the reinforcing steel bars.

Disparity in effectivity due to different methods of reinforcement

was also noted.

(5) The share of the overall strength occupied by the strength

of the concrete is great even in bridge seat concrete with reinforc

ing steel bars.

(6) Results of comparisons made of the ultimate strength of the

concrete obtained from the breakage strength of the test piece with

n0 reinforcement and the stress intensity generated in actual

bridges disclosed that concrete strength alone prOVided a high
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safety factor in normal simple girder bridges. This indicates chat,

in normal bridges, it is safe even without reinforcing bars as long

as bearing edge distance is maintained in the current design methods

and work is carried out completely. The safety factor was therefore

confirmed in the current design method.

(7) It is not possible to always ensure sufficient safety factor

with the current design in relation to footing concrete of bearings

subjected to particularly large horizontal forces during earthquakes

such as fixed bearings in continuous girder bridges. A plan of a

design method for footing concrete was prepared for cases of this

nature based on the reuslts of this experiment.

The general outline of chis plan is to cope with horizontal

forces by increasing the bearing edge'distance and when this is not

possible, to also use concrete and reinforcing bars to cope with

these forces. (See Fig. 7.3)

Lastly, I wish to express my appreciation to Mr. Tadashi

Oshicari and Mr. Koji Wada of Oriental Consultants Co., Lcd. for

their cooperation in making this study possible.
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REPAIR AND RETROFIT WORKS FOR EXISTING HIGHWAY BRIDGES

Tatsuo Asama, Yukitake Shioi,
Tadayuki Tazaki and Hideya ~sanuma

Public Works Research Institute
Ministry of Construction

I. Introduction

Japan has an extensive road network consisting of 40,000 km

of national highways and 130,000 km of prefectural roads; they

account for 87% of the total domestic transport volume in tonnage.

or 37% of the total ton-km.

If a major earthquake occurs, these roads may be damaged

along with other structures, hampering evacuation, rescue and

repair activities in the stricken are~. Past cases show, however,

that where the function of the road was maintained the disaster

was kept at a minimum.

Bridges are important structures to cross over obstacles;

but they are liable to be affected by earthquakes. Such damage

as the fall of the superstructure results in the loss of the

function of the road and is difficult to repair. If the damage

is not as severe as the fall of the supersturcture, temporary

repairs may be made so that the bridge may be open to emergency

traffic; it may be used semi-permanently, depending on the repair

method.

There are 33,000 bridges on the national highways and pre

fectural roads wich a total length of 22,000 km, and they vary

in age, type, specifications, materials, etc. In order to ensure

a certain level of safety for these bridges against earthquakes,

it is necessary to devise appropriate methods of repair and

retrofit and equipment.

Though complete regulations cannot be provided under the

present circumstances, some measures have been taken for several

important bridges and a repair manual has been prepared, This

paper is intended to introduce a part of the manual together with

some cases of repairs actu~lly carried out.
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II. Damage to Highway Bridges by the Past Earthquakes

The damage to the bridge was often extensive when the magni

tude of the earthquake was relatively large. Let us review below

the damage to the highway bridges caused by such big earthquakes

as to have influenced the earthquake-resistant design for highway

bridges (see Fig. 1).

''fable 1 .shows the number of bridges damaged by the Great

Kanto Earthquake of 1923 (M = 7.9); 'fables 2 and 3 give the

breakdown of the damage in Tokyo and Yokohama. The damage caused

by ground vibration was predominant i~ Yokohama as the city was

close to the epicenter; but it decreased with distance from the

epicenter.

The Fukui Earthquake (M = 7.3) of 1948 was a typical short

distance earthquake. The number of damaged bridges is given by

Table 4. It is not possible to give the damage ratio here as

the total number of bridges in .the area at that time is not

available.

The Niigata Earthqauke (M - 7.5) of 1964 damaged many structures

due to large scale liquifaction on the saturated alluvium sandy

ground. It was characteristic of the earthquake that the damage

was mostly related to the'problem of stability: settlement, tilting

and sliding. The extent of the damage is shown by Table 5. Table

6 is intended to show the relationship between the damage and types

of superstructure and of foundation with respect to the bridges

within the 60 km radius of the city. Tables 7, 8 and 9 give the

breakdown of the damage. .

'fhe Tokachi-oki Earthquake (M - 7.9) of 1968 causes extensive

damage to roads, mainly to earth banks; but the damage to bridges

was relatively small. Tbale 10 shows the extent of damage to

bridges; Table 11 gives the breakdown of the damage.
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The Miyagiken-oki Earthquake (M = 7.4) of 1978 caused damage

mainly to structures. The damage was characterized by the fact

that while many of those structures with their foundations on

comparatively good bearing strata were damaged, the damage relating
,

to stability, e.g•. , overturning and sliding, was smalo. Fairly

extensive damage was caused to bridgzs, as shown by Table 12.

Table 13, Figs. 3 and 4 give the breakdown of the damage into

superstructure, support and substructure.

Table 14 gives the number of brdiges which suffered severe

damage such as the fall of the superstructure in the past.
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III. Methods of Repair and Retrofit for Highway Bridges

There is no prescribed method of repairing bridges damaged

by earthquakes and of retrofitting existing bridges against

earthquakes. But the Manual of Repair Work for Highway Bridges,

published by the Japan Road Association in 1979. serves as a

very useful guide.

As the damage to bridges takes various forms, repairs are

usually carried out on a case by case basis. The procedure of

repairing may be explained with a flwo chart shown as Fig. 5.

The procedure begins with inspection of the bridge concerned.

It is necessary to inspect the structural dimensions, age, speci

fications. etc., as well as the extent of the damage. In this

c~se it will be convenient if a checklist is prepared prior

to inspection.

Upon discovering a damaged seeion. the extent and ;he form

of the damage are to be ascertained in detail. e.g., failure,

deformation. tilting. etc •• in the light of the volume of emergency
j".

traffic and of future traffic. Before deciding as to whether the

bridge can sustain the load of emergency traffic immediately

after the disaster. it is necessary to ascertain if the bridge

can be open to traffic with or without repairs or if it should be

closed.

After order has been restored in the stricken area, the

method of reconstruction will be selected. Depending on the

durability, repair cost, future 'plan, etc. of the remaining

structure. construction of a new bridge may be required •

. After the method of retrofit for future earthquakes as well

as that of repair has been selected, works at the site may commence.

Effects of repairs and retrofit are to be examined upon completion

of the works.
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Among the existing bridges, there are many which were

constructed to old specifications. The problem with roads is

that the closing at one point of a route often leads to the loss

of the function of the entire route.

Therefore, even in the case of an old bridge, it is necessary

to take such measures as to ensure a certain level of safety

against earthquakes corresponding to that of a new bridge. Past

experience shows that unless the superstructure falls it is

possible to make temporary repairs so that emergency traffic

may not be obstructed. Accordingly, it was decided to take two

of the three measures given below for all bridges located on

trunk routes and they are now in progress.

(1) Minimum length of overlapping of girder and coping at support,

The minimum length S in Fig. 6 may be prescribed as:

S = 70 + 0.51 (1~100)

= 80 + 0.41 (!>lOO)

where S: minimum length (em)
J'

!: span length (m)

(2) Devices for preventing dislodgement

The types of devices are shown in Fig. 7.

(3) Connecting divices for neighboring superstructures

The types of divices are shown in Fig. 8.
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IV. Examples of Repairs and Retrofit

There have been many examples of repairing bridges damaged

by earthquakes. But the old methods are not applicable to the

present bridges. So some examples and methods of repairing

damages caused by recent earthquakes are given below.

Those parts of bridges damaged by earthquakes can be classi

fied into superstructure, support and substructure as mentioned

before.

As the damage to the superstructure is concentrated in ex

pansion joint, handrail, buckling of sway bracing, it is easy to

replace them. The buckling of web plate can be reinforced with

stiffener. As a special case, repairing works on the side span

of the Bandai Bridge in Niigata Eart~quake are illustrated in

Fig. 9.

The main damage to the support is shown in Fig. 2. In many

cases, they are repaired by jacking up the .superstructure as shown

in Fig.· 10. If jacking is difficult, another temporary support,

serving to secure the length of overlupping of girder and coping,

shall be prepared as shown in Fig. 11.

The damage to the substructure can be divided in~o two types.

One is related to stability, e.g., as settlement, tilting, sliding

and so on. Another concerns safety of structures, e.g., failure,

breakage, crack and so on.

For the former case, there are several methods such as

underpinning, filling UPF etc. However in most cases the cost is

so high that reconstruction is advantageous.

For the latter, such method as wrapping with reinforced

concrete as shown in Fig. 12, is common. Besides, there are many

cases where partial repairs are sufficient to keep the bridges

open. But in the case of the structural damage, it is dangerous
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even for emergency traffic, some emergency measures are taken

as in Fig. 13. In Fig. 14 typical examples of the cases requiring

either emergency measures or permanent repairs.

Recently, projects to give retrofit to old bridges against

earthquakes are in progress in Japan. Most of them are works to

expand the length of overlupping on the support confirming to

current specifications, to install devices to prevent dislodgement

and to attach the connecting divices between neighboring beams.

The latter two are relatively easy works as shown in Figs. 7

and 8. For the former some methods as Figs. 15 and 16 are usedo

Sometimes the retrofitting of the substructure of old bridges

against earthquake is adopted because they have not been designed

according to earthquake resistant regulations. In Fig. 17 one

example of the retrofitting of an abutment is explained. The

increment of pile is planned in a curious shape depending on a

narrow space around the existing bridge. Fig. 18 is one example

of the retrofitting of a pier.

In Japan, the foundations are often exposed because of the

lowered riverbed due to the heavy demand for gravel. Accordingly,

these foundations have becqme dangerous in earthquakes because

of decreased lateral ground resistance. As a countermeasure,

one example of the stabilization of riverbed is shown in Fig. 19.

A cast in site diaphragms wall method used in Fig. 19 and

explained in Fig. 20 is recently becoming one of the most effective

methods for retrofitting.
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v. Discussion

So far the authors have introduced the current methods of

repairing and retrofitting against earthqaukes in Japan.

But they are not methodical and not systematical. So we must

apply them on a case by case basis. However, it is very difficult

to evaluate the damage and to decide on the repair method during

the confusion following an earthquake. Therefore, an appropriate

guide is desirable.

On the other hand, the planning of retrofitting for old

bridges to give some resistance against earthquakes is also

difficult because in many cases their figures and records of

calculation have been not kept. Therefore some regulated methods

are required.

In this connection, the subjects to be studied in future

may be listed as below.

(Repairing)

Method for survey and inspection

Composition of a check list f~r inspection

Evaluation method of load carrying

Capacity for damaged structure

Manual for the selection of repair method

Inspection method for repaired structure

(Retrofitting)

Method for survey

Evaluation method for earthquake resistance of existing

structures

Estimation of durability for existing structures

Manual for the selection of retrofitting method

Evaluation method for effects of retrofitting
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Table 1 Total number of bridges damaged in the
Kanto earthquake of 19231)

Number of
Prefectures Total Number Bridges Percentages

or of Bridges Damaged due of Remarks
Ci.ties Surveyed to Vibration Damage

and/or Fires

Tokyo 3,338 230 6.9% Except city of
City of Tokyo 675 358 53.0% Tokyo

Kanagawa 1,253 893 71.3% Except city of
City of 108 91 84.2% Yokohama
Yokohama

Inside the

Shizuoka 358 100 27.9%
affected area
(Numazu or
ctorthern area)

Saitama 1,313 27 2.1%

Only wooden

Yamanashi 245 21 8.6% bridges suffered
inside the af-
fected area

Chiba 690 65 9.4%

Total 7,980 1,785 22.4%

Table 2 Damage characteristics in the City of Tokyol)

Total Number Number of Bridges Damaged
and PercentagesType of Bridges of Bridges Caused by Caused bySurveyed Vibration Fires

Total

Wooden 420 6( 1.4%) 276 (65.7%) 282(67.1%)
Steel 60 6(10.0%) 49(81. 7%) 55(91. 7%)
Masonry 144 2( 1. 4i!) 5( 3.5%) 7( 4.9%)
Plain concrete 4 4( 100i.) O( 0%) 4( 100%)
Reinforced concrete 47 O( 0%) 10(21.3%) 10(21. 3%)

Total 675 18( 2.7%) 340(50.3%) 358(53.0%)
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Table 3 Damage characteristics in the City of Yokohamal )

Number of Bridges Damaged and Percentages

Type of Total Number Caused byof Bridgesi3ridges Surveyed Vibration Total

+ Fires
Vibration Only Fires Only

Wooden 75 26(34.6%) 25(33.4%) 8(10.7%) 59(78.7%)
Steel 31 11(35.5%) 16 (.51. 6%) 3 ( 9.7%) 30(96.8%)
Reinforced 2 O( 0%) 2( 100%) O( 0%) 2( 100%)

concrete

Total 108 37 (35.2%) 43(39.8%) 11(10.2%) 91(84.2%)

Table 4 Statistics on damage to highway bridges due to the
Fukui earthquake of 1948 1)

\ Bridge Damage Highway Damage
Except BridgesPrefectures Number of Number of

Bridges Repairing Cost Sites Repairing Cost:

Thousand Yen Thousand Yer.
Fukui 180 189,869 475 205,945

Ishikawa 63 17,782 155 41,463

Total 243 207,651 630 247,408

(Note) Amount of loss was evaluated at "the value at the time of the
earthquake.

Table 5 Statistics on damage to highway bridges (except wooden
bridges) due to the ~iigata earthquake of 19641)

Number of Number of Number of Approximate
Prefectures Damaged Severely Fallen Epicentral

Bridges Damaged Bridges DistanceBridges

Akita 7 0 0 140 - 160 km

Fukushima 5 0 0 120 - 150 km

Niigata 74 8 3 30 - 100 km

Yamagata 12 0 0 60 - 100 km

Total 98 8 3
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Table 6 Damage percentages of individual portions of
highway bridges within 60 km from the center of
Niigata Cityl)

r-l
C1l I
1-0..-1 Damaged Structures::l .... Number of.., ..-I c::
u en 0 Type of Structures Structures Number of::l en .... Percentages1-0 Cll .., Surveyed Structures
~ r-l C1l
enuu

en Steel Girders 168 spans 19 spans 11.3 %
QJ Reinforced Concrete Girders 222 spans 33 spans 14.9 %~

::l Prestressed Concrete Girders 132 spans 11 spans 8.3 %I u
1-0 :J Wooden Girders 8 spans 8 spans 100 %QJ ::l
0.1-0
::l ~

en en Total 530 spans 71 spans 13.4 %

With Spread Footings 24
.
4 16.7en %

~

With Pile Foundations 99 19 19.2 %c::
Ql

With Caisson Foundations 29 7 24.0 %en e
Ql

..,
1-0 ::l
::l ..0 Sub-Total 152 30 19.7 %..., <
U
::l
1-0 With Spread Footings 40 a 0 %..,
en Ul With. Pile Foundations 214 21 9.8 %..0 1-0::l Ql With Caisson Foundations 180 15 8.3 %en ....

ll.

Sub-Total 444 36 8.1 %

Total 596 66 ILl %



Table 7 Type and number of damages of superstructure in Niigata earthquake4 )

~ Deforma- Dis- Slip Break-Peeling Crack Yield Failure Buckling Crash Shear FallPa1>t tion placement out age

1. Pavement 14 1$
2. ilandrail 7 14 6 1 2 1 4 2 4
3. Expansion Joint 1 OJ
4. Slab 2 5 .i 2
5. Fl oor System 1
6. S~ay and Lateral 1 2 2
7. Main Structure 3 l:l 2 1 !l 1 b
8. Sole Plate 4 2
9. Bearing

I
~ 2

10. Mortar under 10 10 1 2
Bearing

11. Imbedded Bolt 2 5

Table 8 Type and number of damages of substructure in Niigata earthquake
4

)

::---::: Deforma- D1&- Break- Slid- Over- Settle-Peeling Crack Yield Failure Buckling TUtingPart tion placement age ing turning ment

L SUpp01>[ 1 2 5 26 13 2 32
2. Coping l() 16 4 1
3. Body

,-
9 1 3 . " 5 26 13 2 32

4. Footing
5. FoundaUon

* Tilting, sliding, ov~rturning and settlement are to be considered in terms of the whole substructure.

U1
tv
o

Table 9 Type and number of damaged of approach road in Niigata earthq~ake4)

::---::: Deforma- D15- Break- Slid- Over- Set tle-
Peeling Crack Yield Failure Buckling Til ting

Part lion placement age ing turning ment

6. Approach Portion 10 1 1 2 4 22
7. Bank 4 1 2 14
8. Retaining Wall 2 8 8 1 18 23 22
9. Wing " 16 (, 4 5 16 1 14



Table 10 Statistics on damage to highways and highway bridges due to the
Tokachi-oki earthquake of 1968

Highways Highway Bridges Total
Administrative Number of Number of Remarks
Agency Sites Loss

Bridge~
Loss Number Loss

Ministry of III Thousand Yen
III Thousand Yen Mostly to National- -Construction 969,604 969,604 Highways in Aomori

Prefecture

Thousand Yen
.-l I/j Hokkaido 63 319,359 30. 206,176 93 525,535
i1l ,Ul

~ I:: Aomori 818 1,167,060 64 187,770 882 1,354,830:;j ~

J,.J s
41U Q Iwate 34,178 1 19,000 44 53,178

Cll '"'44 ~

~ > Miyagi - - 3 5,100 3 5,100
'"' 0P-<C

Akita 4 4,600 1 3,000 5 7.600

Total 1,037 2,494,801 101 421,046 1,138 2,915,847

Note) Amounts of loss were estimated at the value as of June, 1968.

Ul
N
I-'



Table 11 Type and number of damages in Tokachi-oki earthquake of 1968
5

)

Damage Failure
Move- Deform- Settle- Incli- Buckl- Fall of

ment ation ment nation ing Crack covering
of RC

Main girder 7 1 2 2 1

Damages to Pavement 2

Super- Handrail 2 1 1
structures

Shoe and its 4 7
fixed mortar

4 3

Abutment 6 6 4 14 4

Damages to
Pier 3 1 3 3

Sub- Foundation
structures Ground 1 1

Embankment in
contact \o.Ti th 2 3 2 2

Damages to
abutment

Approaches Embankment 1 4, 3 1

Retaining wall 3 11 1
and revetment

11

In
~

~
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Table 12 Whole bridges and damaged bridges in
Miyagiken-oki earthquake3)

Number of Number of Damaged Bridges

Whole Super- Sub- Total Number
Bearing of Damaged

Bridges structure structure Bridge

Under the 55 2 21 35 42
Government

Under the
Governor of 400 13 43 72 95
Miyagi

Under the
Governor of 170 6 18 8 20
Iwate

Under the
Governor of 4 1 2 0 2
Fukushima

Under the Japan
269 0 40 18 47Highway Corp.

Total 898 22 124 133 203



Steel

...

Table 13 Damages of superstructure in ~fiyagiken-oki earthquake3)

Name of Bridge Type
In augu- Damage
lation

1 Kinnoh Cantilever Girder 1956 Fall of Suspended Girder
(Gerber)

2 Yanaizu Continuous Truss 1975 Buckling of Web Plate on Fixed Support

3 Maiya Cantilever Truss 1928 Breakage of Upper Chord of Truss
(Gerber)

4 Date Continuous Truss 1965 Buckling of Web Plate on Fixed Support

5 Sin Eai Continuous Girder 1974 Buckling of Sway Bracing on Support

6 Fukuda Cantilever Girder 1955 Buckling of Sway and Lateral Bracings Near Support,
(Gerber) Failure of Rivets.

7 Fuji Continuous Girder 1971 Buckling of Sway Bracing on Support

8 Sakunose Langer Girder 1962 Defo~ation of Portal and Lateral Bracing on Support

9 Iwaigawa Continuous Girder 1977 Buckling of Sway Bracing on Support

10 Wagagawa ditto 1969 ditto

Concrete

11 Yuriage PS Beam 1972 Crack of Beam on S~pport

12 Doodan.a. RC Beam and RC Crack of Beam on Support
10 others Cantilever Beam -

lJ1
IV
ol:>o
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Table 14 Number of bridges fallen and burned by
earthquakes after Kanto earthquake

Name of Year Fallen Burned
Earthquake

Kanto 1923 8 9

Nankai 1946 1 0

Fukui 1948 7 0

Niigata 1964 3 0

Miyagiken-oki 1978 1 0

Total 20 9
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142·

1978
(M==74 )

No Date Name M
1 Set. 1, 1923 Kanto 7.9
2 Dec. 21 1946 Nanka1 8.1
3 Jun. 28 1948 Fukui 7.3 ....
4 Dec. 26 1949 Imaichi 6.4
5 Mar. 4 1952 Tokachi-oki 8.1
6 A r. 30, 1962 Northern Miyagi 6.5
7 Jun. 16, 1964 Niigata 7.5 42'

8 Feb. 21 1968 Ebino 6.1 144"

9 Ma 16, 1968 Tokachi-oki 7.9
It 1968

10 Jun. 12, 1978 Mi agiken-oki 7.4 1M. 7.91

Magnitudes are on the Richter scale,
40-

(*)
after Rika Nenpyo (Annual Report of
Science) (1971) .

I~' 1~2'

N

(l

I
K'"100 200 );Xl 4CO 5CO

I
I !

I
!

i
!

100 roc ::lOQ ilIilm.

Fig. 1 Epicenters of ten earthquakes which caused comparatively
severe damage to modern engineering structures in Japan1)
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Bearing itself 2.1% (14)

Concrete below
the support
(77)

Mortar under
bearing
(116)

Total number of
damaged supports

Setting bolt 5.3% (35)

Roller 2.0% (13)
Pin 1.7% (11)

Connection between upper and
lower plates of bearing
(148)

bolt

Fig. 2
3)

Breakdown of damaged supports

-{

Vertical Crack

f B d
f-[

crack on Front FaceDamages 0 0 y 0
Abutment Hori~ontal Crack

Damages of Abutments{ 23(24 7%) .Crack on Side Face
40(43~) •

, Crack at Parapet
17(18.3%)

Damages of Piers
53(57%)

-E
Hori~ontal Crack at colomn

Damages at Rigid Frame Vertical Crack at beam
Type 26(28.0%)

Crack on Wall

Damages at Colomn Type------Horizontal Crack at colomn
8(8.6%)

Damages at Wall Type-[Horizontal Crack

12(12.9%) . Vertical Crack

Miscellaneous Damages--[Breakage of Pier Top

7(7.5%) S'ettlement of Pie..

Fig. 3 Classification of damages of substructures3)



In-bound track

1. Nagamachi O~~~pass (AI)

528

Out-bound In-bound
track track

lOllOi
2. Umedagawa Br. (Pt)

track

J. Umedagawa Br. (A2)

5. Izumi Br. (AI)

4. Izumi Br. (Ad

Fig. 4 Damages of abutments and piers in Miyagiken~oki earthquake (1/11)



529

Abutment 1

Expansion

7. Tadagawa Pedestrian Br. (A2 )
8. Sin Eai Br. (Ad

9. Sin Eai Br. (P3)

Down stream Up stream

Wing

In-bound track

10. Arase Br. (A l )

Fig. 4 (2111)



530

Out-bound
track

13. Abukuma Br. (Pz'l"P.,) 14. Fukuda Br. (pz)

Out-bound~
In-bound track •

15. Fukuda Br. (A2) 16. Fukuda Br.· (A)

\

In-bound track

18. Hebita Overpass (AI)

Fig. 4 (3/11)



531

Fig, 4 (4/11)
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2L~PLES OF REPAIR .~~D RETROFIT WORK
ON ROAD BRIDGE SL~STRUCTURES

by

Hideya Asanuma
Public Works Research Institute

Ministry of Construction

1. INTRODUCTION

Japan has a net~ork of some 1,110,000 km public roads·covering all ~he

territory including remote islands, and administrates as many as 580,000

bridges ranging a 2m-long culvert to a long suspension bridge.

These bridges subjected to severe natural conditions, heavy traffic

loads and sometimes strong motion of earthquakes are liable to sustain

injuries and harm in years after their cons:ruccion.

Repairing and retrofitting damaged bridges against further harm is a

work of great importance from the socia-economical point of view amid a

low-growth economic circumstance of the country.

Here, the author introduce general concepts of repair and retrofit

works on road bridge substructures with an emphasis on concrete structures,

and then show some examples of the works.

2. D~~GE TO BRIDGE SUBSTRUCTURES

Damages which concrete piers and abutments are apt to sustain are

confined to some categories by portion of their location. Most liable

Cases are

(1) Damage around a support

(2) Crack and fracture of a column, wall and beam

(3) Damage to a foundation including a footing

Among the above items, the third one is very hard co be found or

detected and also very difficult to be repaired or retrofitted because

they exist under ground level. So, this problem would be omitted from the

follOWing discussions. Causes which bring damage are,

(1) Deterioration of the materials due to weathering

(2) Unequal settlement or consolidation of the ground

(3) ~xperience of an unexpected strong force like what hit by an

earthquake.
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3. GE~ERAL CONCEPT OF REPAIR ?~m RETROFIT

1. Supporc-r~lated Damage

(1) Appearance of Damage

Most damages concer~ing supports are concentrated to those of shoes;

breakage of a slide confining devise, dislodgement or fall-down of rollers,

fracture of a lower shoe, fracture of a pin or rollers, rusting of a slid

ing surface or rolling surface, erosion of shoe members and 30 forch.

However, here we will deal with only concrete structures beneath shoes, and

also exclude anchorbolts.

Fig. 1 shows an example of fracture of mortar filled between a shoe

and its bed. In a case of slight damage, the fracture degree is low and

only cracks develop, while the mortar apparently breaks in a severer case.

Fig. 2 shows how a crest of pier or abutment breaks.

This type of fracture often takes place around a movable shoe. The

reason would be that a stronger force than ~xpected is liable to be trans

mitted through a movable shoe because of greater friction due to rusting

of its sliding surface or rollers.

(2) Repair and Retrofit

Against cracking or a fracture of shoe mortar, such measures of filling

up with fresh mortar as shown in Fig, 3 are effective. (a) is a likeliest

case of filling with fresh mortar, but should be paid much attention to

make sure if the mortar is filled up sufficiently. (b) sho~s an examole.. .
of grouting in case a gap between a sole plate and its bed is narro~.

And, (c) is an additional case of using pre-packed concrete as a filler.

Measures against a break incurred to shoe bed concrete should be

chosen in compliance with the seriousness as well as the cause of break.

Common methods for repair or retrofit would be

1) wrapping the pie~ top by steel places to streng~~ a damaged portion

as shOwn in Fig. 4

2) placing fresh concre~e with reinforcing steel bars at the breakage.

Fig. 5 is one example of this.meehod.

3) attaching steel frames with anchors embedded into the column or

abUtment as shown in Fig, 6

In Japan, the Specifications for Highway Bridges provides that any

pier or abutment should have sufficient length of overlapping ~ith a

corresponding superstructure so chat even in the worst case a superstructure

could escape falling down, unless it has a special device to prevent dis

lodgement or even falling-down of a beam.
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However, bridges constructed before these provisions were establis~ed

have noe necessarily enough overlapping length. In order :0 enhance the

safety of these relatively old bridges, such recrofit works were required

as enlarging the crese of a sub-struc:ure and having it overlapped sufti

ciently~

Fig. 7 shows some ~~amples of t~e works done for this purpose.

2. Damage to Columns at' ~';alls

(1) Appearance of Damage

Columns and walls are generally made as reinforced concrete structures

except steel piers of elevated bridges constructed in a downtow~. These

structures are exposed to drying, humidity, frost and melt, as well as

salty water, acid, alkali, heat, industrial drainage and so on. These

factors cause concrete structures gradually deteriorate and lose their

strength year by year. This affect is know~ as weathering.

However, damage due to weathering is very slight if compared with thae

due to an earthquake. So, here we lay emphasis on quake-related damages.

The damage sustained by sub-structures due to strong motion can be

classified inco folloYing degrees from the lightest to the heaviest.

1) Cracking of concrece

Vertical cracking as seen in Fig. S and horizontal cracking as seen

in Fig. 9.

2) Flaking of concrete and exposure of stael bars as seen in Fig. 10.

3) Complete descruccion of concrete and buckling of steel bars as

seen in Fig. 11.

Typical features of che damage are illustrated in Fig. 8 through

Fig. 11.

The cause of damage can be considered as

1) excessive tensile stress induced in concrete due co bencing moment,

which causes tensile cracks on a surface of the structure.

2) buckling of reinforcing steel bars due to an excessive alterna:e

force. As the case may be, the buckling causes flakiug=off of

the concrete outside the steel bars.

3) shear failure of concrete, Since a concrete member is brittle

againsc shear failure,chis type of collapse is mostly destruccive

and fatal,
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1) ~easures agains: cr3cks

As regards rapair of ~racks, groucing or injeccion vt such adhasi?e

~a:erials as cement mor:ar, resin morcar, epoxy resin ece. is e:fec:ive.

~nen cracking is noc so profound, surface creacmenc or groucing of mor:ar

2S illuscraced in Fig. 11 are sutficient. Against extensive and deep

cracking, grouc should be infilcrated under some pressure up to abou: 3kg::
~

cm-. Fig. 12 is one of most progressed mechods of chis type. Another

measure is to introduce ?restressing across the cracks through PC steel bars

or ~ires as seen in Fig. 13.

2) Measures against breakage

Heavier damages coa column or ~all than cracking are flaking of sur

face concrete, exposure or even buckling of steel bars, and finally ccoplete

collapse of the scruc:ure. In the worst case of collapse, reconstruction

of a new structure will become easier and more economical.

These brea~s not only reduce a cross sectional area of che struc:ure,

but cause rust of steel bar. Therefor~, we should make up for che reduced

section and reinforce strength of the members. For this pur~cse ic is

ccmmon Co wrap the column or wall with some ~aterials.

Fig. 14 indicates an example of wrapping with st~el plates or :i~er

rei~forced plastic places. Void bet~een the places and the c~ncre~e s~::aca

is filled with resin mortar or e?cxy resin.

Fig. is shows how to chicken a faulty column by placing conc~e~a wi:h

reinforcement and anchorage into the original column.

wnen durability against future strong motion is estimated insu£fici~nt,

construction of a new member for additional support or reinforcemen: of

the existing structure becomes of course necessa~y, even if there is no

substantial damage on it.

4. ~~~~LES OF REPAIR ~~D RETROFIT WO~~S

1. The Sendai Bridge

The Sendai Bridge, completed in 1965, is located in south part of

Sendai City, and is crossing over the Hirose River as a part of the National

Highway No.4. The general side view is shown in Fig. 16. Superstruc~ures

are 9-span simply supported composite steel-plate gibde~s, with span length of-9x 33.84Om, to~al length of 310m, and width of 19m. Substructures are T-

shape columns (6.1m high) founded on rigid well foundations (9 to 18m d~ep)
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embedded int~ rather stiff sands. Bearing supports are of type of line

bearings. Since this highway connecting Kanto and Tohoku regions is an

important one, Sandai Bridge carries very heavy traffic (54,000 cars daily).

Due to the earthquake (the epicentral distance to the bridge is ~=120km),

all of the nine pier columns sustained damage. Piers 1 through 4 cracked

horizontally at the column bases and surface concrete pieces separated

heaVily from the columns near the bases. Piers 5 through 8 had similar

damage near the haunches which connect columns and beams. Pier 6 which has

the lowest free height sustained the severest cracking at both sides (see

Fig. li). Concrete pieces separated at the haunch and reinforcing bars

buckled. ~ear the haunch volume of reinforcing bars as well as concrete

sectional area change rapidly. It is estimated that relative displace-

ments bet~een adjacent girders were 1 to 2.5 cm on the pier caps anc chat

displacements at the pier caps of Piers 1, 2 and 6 were 11 to 18 cm.

Fig. 18 shows temporary frame works supporting the girders near Pier

6. Since the bridge is very important, damaged piers were repaired without

stopping traffic even for a shore time. Fig. 19 illustrates an example of

permanene repairing work ae Pier 6. The thickness of added concrete ~as

50 co iO cm, and vertical reinforcing bars were fixed by epoxy adhesive

into che well foundation and lateral bars were fixed to the columns.

Moreover, chemical resin was placed inca small cracks. Ie cook only one

monch co completely repair the damage to this bridge.

2. The Abukuma Bridge

The Abukuma Bridge, co~struceed in 1932 and annexed a sidewalk Lfi

1967, is spanning the Abukuma River on National Highway No.6.

The general plan is show~ in Fig. 20. The bridge had beared heavy

traffic over 46 years and the possibiliey of replacement was just studied

so chat it might be accommodated to modern and heavy road traffic.

The Miyagi-ken-oki Earthquake hit this bridge and 8 of 16 piers, which

all supported trusses, suffered cracking, separation of concrete and

exposure of sce~l bars.

Fig. 22 shows how these piers were repaired. The piers of slight

damagew~ch on~y hair cracks underwent the repair of ~~poxy resin injeccion.

Since design data of chis bridge ~as missing and not available, the repair

work was designed to stand. on as safe side as possible; it means enough

reinforcement and sufficient cross sectional area. Concrete with reinforce-

ment was newly placed surrounding the existing piers afeer chipping their

surfaces and caking anchorages into them.
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Addie:onal1y, the cr~ses of piers were widened co kee? enougne ov~r

lapping langeh wi~h the corresponding girders for fucure 3a:ecy.

3. The Ten-noh Bridge

The Ten-noh Bridge is spanning the Kicakami River with 367.7 ~ Lengch

and 8.0 m width, completed in 1959 arid annexed a 5idewalk in 1975. A ~a:~

struc~ure is a Langer-type arch with simple supported side spans.

A pier which supports the arch sustained heavy damage. ~any cracks

?ropa~aced oucward from the shoe positions and a long vercical cr~ck:ng

occurred at the center of the pier as seen in Fig. 24.

From the view~oint of importance for regional traffic and the degree

of damage, the bridge was opened to public traffic under some restric:ions.

Taking such a situation into consideration, the bridge was temporaril;T

supported by H-shape steel frames, resting on the footing, with some

stiffening ~embers.

Therefore, as a permanent repair, the pier was designed to be enclosed

by a new reinforced concrete structure with stiffening H-shape sceels and

after~ard tied with the original pier by tie-rods.

In this case, the surface of the footing was under water table and

a measure to prevent water from infiltration was needed. Fig. 26 shows :he

construction of a cut-off wall on the footing.



555
Table:: -1 f':'::sc:nt StatUS of Roads in lap:m as of April 1.1980

C~~s;iiic3t10n Lengrn 01 roaC. cr:Cl;e, tunnel ana :errv

fmorovllO Un- \,.~nq;h Sricges 71.lnneis F' ~I'rles
Tetal

:0005 ,meroveo oi
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-. ;-Q

!. 2;~S 2,;.. 1 zes S7 c6 I-~ .... ' ..
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I
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........ .J ...
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ABSTRACT

The damage to highway facilities followed by large earthquakes causes consequential

socio-economic damage, since the damage spoils transportation systems. From this point of

view, the repair of damaged .highway facilities would be one of the most important factors for

the social n:habilitation after earthquakes. In conducting countenneasure such as aseismic

design, highway planning, and road adminbtration, it is also important to consil1er the inl1in.:ct

d'fects of damage to highway facilities.

This report discusses the problems on rehabilitation of highw.ty networks after earth

quakes. And, some precel1cnts for the damage to highway ndworks after earthquakes are

surveyed minutely. Data from the Niigata Earthquake of 1964, the Izu-Ohshima kinkai Earth

quake of 1978, the Miyagiken oki Earthquake of 1978, and the Urakawa oki Earthquake of

198:!, are presented.

From the study, a concept of countermeasures of rehabilitating highway networks with

view of seismic damage, a detinition of periods after the outbreak of an earthquake. and

characteristics of highway traffic from each period, :!fe clarified.

1. INTRODUqlON

High ways support almost all socio-economic activities as a fundamcntal facilitks in the

present time. If highways lose their transportation function followed by earthquake damage,

the inl1irect effect on others will be large; e.g. l1day of social activities, stagnation of prol1uc

tive activities or confusion of our daily life. Because of this, damage to highway facilities

should be unl1erstood as socio-economic damage as well as physical l1amage. On the way to

restore or to reconstruct, it woull1 be important wheter the transportation function will be

secure or not. So highways should be restore according to the state of rehabilitation of the

damaged l1istrict in order to keep the social order.

In the countermeasure planning, thoughtful consideration is rer.ommended in relation to

the socio-economic dfcct which is caused by earthquake damage to highway facilities. For

example, the importance factor should be consil1en:d in aseismic design, the redundancy of
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n~twork shaul b~ consiJ~red in th~ highway network planning, or the system of road admini

stration aft~r ~arthqtlakes should be established in advance.

This r~port surveys some historical earthquakes in Japan, arranges the conditions of trans

portation ana earthquakes, and discusses the rehabilitation of highway networks in some

stages afkr an earthquake.

2. HIGHWAY DAl\lAGE AND TRAFFIC CONTROL

The spreaJ of earthquake damage to highway facilities is shown as follows.

r- IIOUlbre:k of an Earthquake I

IPhYSiCalll1laget;;-R~;dF~cilili~~~RO~d~ide Facilities, I
IUnd~rgr~rd Facilities or A~t~C_h~.?.~~~~~:.s_._--l
r,;-;----. -_. - ..~
iObstructiun to Traffi<.: i

IDanger_t~_~~:!~
.--__._L _---,
Trame Restri.:tions I

The damage to highway facilities followed by an earthquake causes obstruction or danger

to passing through. In the circumstances, traffic is controlled strictry and the transportation

function, such as moving people or carrying commodities, is lost. As a result, daily social activi

ties such as commu tat ion or business are obstructed, and economic activities such as circula

tion are affected. Increasing required time due to detoour and the congestion cause social

confusion. In the worst case stagnation of productive activities would be occured. The repair

of water supply, electric power or gas facilities are also affected by the delay of restoration of

highway systems.

In the restoration or the reconstruction period, the more the repair advances, the more

the traffic control becomes relaxed. The functional disorder becomes stored to normal, so that

the normal transportation comes back again.

The duration of rehabilitation depends on state and severity of damage, and the indirect

effect depends on rehabilitation time. The longer the rehabilitation lasts, the bigger the effect

of functional disorder will be. The effect of functional disorder is also influenced by the

character of local area.

The examples of damage to highway facilities and restoration period are shown in table I,

so as to clarify the damage to highways. The damage patterns are classified two large catego-
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rieS. One is damage to road, i.e. f:Jilure of earthstructures, that of bridges and that of attached

facilities. The other is after kind of dj.lmage which affects the functional disorder of highways,

induding inundation, big fire, evacuation or cars on the road.

Among them, the damage to pedestrian bridges and underpasses are not seen in historical

earthquakeS. Judging from the past aseismic tcst on pedestrian bridges or underpasses, their

damage never causes the functional disorder of highway transportation. So their damage can be

negleckd in the discussing the transportation function after earthquakes. Leaving cars on the. -

road are also not secn in historical carthquakes. According to the removing cars test, it would

take for several days to dean up them.

In the Niigata and the Miyagiken oki Earthquakes, which hit the urban area in the plain,

a lot of severe damage to bridges was seen, and it took a long time to n:pair them. On the

contrary, in the lzu-0hshima kinkai Earthquake, which hit the mountain area, the damage

caused by landslide and falling rocks and earth was seen here and there. These kind of damage

need not much time to repair each site in comparison with damage to bridge structions.

However, as these kind of damage occured many sites ~ven in a line, the restoration couldn't

advance simultaneously. As a result it took a lot of time to finish the emergency restoration.

At the site where landslide occured and the road was venished with basic earth, it was im

possible to complete the restoration. Because of this, a new route was planned apart from

damaged site.

The examples of traffic control are shown in table :2. Although the worst case is road

blocked and any vehicles can't be permitted passing through, the traffic control becomes

lightened after the emergency restoration. The examples are shown in table 3. In the case of

falling rocks and earth the lane restrictions are taken, and in the case of damage to bridgeS the

car size restrictions are taken.

3. EXPERIENCED EARTHQUAKES

3-1 Niigata Earthquake (June 16, 1964, Wed., 1:02pm, M=75)

In the Niitata Earthquake, three bridges over the Shinano river, which are situated in the

central district of Niigata city, were closed due to damage to bridges. The bridges are Mantai,

Yachiyo and Showa bridges. Because of this the urban area splitted into two parts. And just

after the earthquake, the traffic which got across the Sh.inano river haLl to detour Taishaku

bridge which are situated some 15 K,.\1 upstream from the central district.

Almost all roads are cut in pieces here and there in the urban area, owing to crack, rising

apd subsidence of road, and inundation. As a result the traffic inside the city had got into a

terrible mess.

There was much traffic demand of the emergency and the relief activities, especially nre~

fighting, because of great fire to huge plants for petroleum caused by the shake. Fire com

panies from the Tokyo metropolitan fire department and other neigh.bouring cities partid-
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pated.

The following days a lot of cars, whose purpose was inquring after sufere and carrying

various kind of commodities, concentrated on city area. The confusion of traffic became

in tensified.

Leaving such confusion would have obstructed the emergency, relief and restoration

activities. From july 17 wide scope traffic control was taken so as to restrict cars entering

urban area except urgent vehicles. This controllosted Jor 11 days until July 27. At the Mantai

bridge, which was one' of the damaged bridges over the Shinano river, two of four lanes had

become reopened the following day.

And then, eastern and western parts of city were connected to earth other by two

bridges, they are Taishaku and Mantai bridges. The traffic was controlled by circulation one

way system, i.e. using Taishaku bridge from east to west and Mantai bridge from west to east.

Yachiyo bridge reopened one lane on July 2. At last, the emergency restoration was

finished except Showa bridge which was fallen down, and the circulation one way control was

abandoned. As a result the traffic inside urban area was smoothed after 16 days from outbreak

of earthquake.

The traffic volume at Mantai bridge was 32,019 cars/12 hr before the earthquake (Oct.

1962) and was 32,334 cars/ 12 hr after the earthquake (Sept. 1964). Judging from them, the

volume would be about 40,000 cars/day at the time, and the National highway route No.7 is

understood as a main trunk. The effect of the obstruction upon the local society was expected

very large. The peak traffic volume (AM9 - AMIO) was 3,057 cars/hour by the observation

done on October 1962. From the peak traffic volume after the earthquake, as shown in Fig. 2,

the traffic had recovered normal daily one until July 6, after twenty days from the outbreak

of the earthquake.

3-2 lzu.ohshirna Kinkai Earthquake (January 14, 1978, Sat., 12:24pm, M=7.0)

In the Izu.ohshima kinkai Earthquake, the highway through mountain area was blocked

in 27 places by landslide and falling rocks and earth. An the transportation between areas

was almost impossible, so that Shimoda city was isolated just after the earthquake (Fig. 2).

As the urgent traffic, rescue activities were originated because of many casualties. At a

landslide site, where houses were buried in the earth and 7 people passed away, fire fightings

plice, self ddcnce forces and contractors did rescue activities, and 13,408 man days and a

lot of construction machines were thrown into there.

Water supply was one of big problems in the transportation of daily necessities. 15,000

man days were supplied water by the emergency water supply tanks. And in the isolated area,

water was supplied by warship belong to self defence forces.

The restoration of highway was focussed on that the urgent vahicles could reach isolated

area as soon as possible. Especially connecting outer region with Shimoda city, where is the



577

center of Izu peninsula, W:15 given tirst priority. In this case, one lane was secured for the

urgent and the construction vehicles at nrst. As a result, national highway route number 136,

which is located in the western coastal of Izu peninsula, was reopened on January 16, as it was

relatively, small damaged. Higashi Izu tool road (R.135), which is located in the eastern coast,

was reopened on January 17 only for urgent vehicle.

A prinicipal local road Shuzeji-Shimoda line, which is another trunk road reaching to

Shimoda city, was rather heavy condition. The highway facilities were damaged in 86 sites, and

repair couldn't help being done one by one from both side of this route. It took two months

. to repair and the vehicles not more than two tons became permitted passing through on March

14. And on July 18, 6 months after the earthquake, the emergency restoration of all route

finally had bo:en done and all vehicles became permitted. This long time was necessitated, be

cause of new slope failures due to rainfalls after the occurrence of the earthquake.

The purpose of trafflc in Izu peninsula is mainly sightseeing and the volume is not so

much except on tourist seasons. Besides this, the number of tourists was decreased, the

demand of traffic itsc::lf was diminished, and almost all demand was relief and restoration. So

that the quantative problem such as congestion was not occured.

From the data of the trafflc observation, during the restoration of Shuzenji-Shimoda line,

the. tratTic volume at Higashi-Izu tall road was incn:asing by 20% to the same month of the

previous year. But the daily trafflc volume on May 1978 was only 5,700 cars/day (May 1977;

4,800 cars/day), so that the increasing of volume was not so important. The estimation of

daily traffic volume at Nawaji of R.135 in the entrance of Shimoda city was being decreased

until March, compared with the data of previous year (Fig. 4).

3-3 Miyagiken-oki Earthquake (June 12,.1978, Mon., 5:14pm, M=7.4)

The Miyagiken-oki Earthquake becomes the focus of attention as the Earthquake hit the

large city, who h:15 more than 500 thousand inhabitants. It was the first time after the Kanto

earthquake of 1923. However, damage to highway facilities were not so seriously as the cases

of Niigata and the Izu-oshima Kinkai Earthquakes were.

The transportation of relief commodities and restoration materials and machines was

originated for one week after the earthquake. The estimated traffic volume was some 3,000

cars/day (Tabl,~ 4), and it was only 2% of freight cars originated in Sendai. The traffic volume

was not causing any serious problems.

The features of the Miyagiken-oki Earthquake as seen from traft1c were shown as follows:

a) Trafflc Congestion Due to Stoppage of Trame Signals

Tht: stoppagt: of traflic signals due to suspension of electric power (occurred on June 12)

afft:ctt:d severaly the urban traffic. The outbreak of the earthquake was just the timt: of

coming back home from work, and the cars to suburbs were distinguished. The traffic is urban

area was congested for a while. And it took about twice as much time as usual, to move from

the city l:enter to the outskirts of the city by cars as shown in Table 5. The rehabilitation of

functional disorder of traffic signal was almost done until 9 AM of June 13 by the emergency

power supply using storagt: batteries. This congestion affected the activities of fire fighting and
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ambulan..:e.

b) Diminution of Trafn..: Volume in Central District

The traffic volume at 7 intersections in central district of Sendai city has been surveyed

using the data of traffic counters for one week after the earthquake as shown in Fig. 5. This

shows that the traffic volume in front of Sendai station is decreased remarkably. It is under

stood that the passengers would have been decreased because of the delay in rehabilitation of

the National Railway.

At the other 6 intersections, the traffic volume is fewer than that of previous week for

a few days after the earthquake.

The urban traffic has such features that the rate of large sized cars is small, that of private

cars is large and not a few cars move only inside the city. On the one hand, the purpose of

daily activities such as shopping, or attending work and school became decreased just after the

earthquake. Under the influence of these, the demand of traffic in the central district was

less than usual.

c) Increasing of Traffic Volume in National Highway Route Numbers 4 and 6

The traffic volume was increased in national highway route numbers 4 and 6, which are

the main trunk roads coming into Sendai City, as shown in Figs. 6 and 7. It shows that increas

ing traffic volume in R.6 is 3,000 cars/day on June 12 and 2,000 cars/day on June 13, and that

in RA is 2,000 cars/day on June 13.

Though Sendai bridge in route number 4 and Abukuma bridge in route number 6 were

damaged to their pier columns, traffic control was not done. This was mainly due to the

efforts of Sendai Construction Office, MOC which is charge of the maintenan.;e. On the con

trarily, in the Tohoku Expressway was closed its lumps between Fukushima-Iizaka and

TslIkitate, 126.3 km, from June 12 to 14. As a result, drivers made use of national highway

instead of expressway.

This also shows that the demand of traffic between Sendai and external zone was not

changed so remarkably. In the main trunk highway between large cities, the rate of large sized

cars is high (20-25%) and transporting daily necessities or industrial commodities is occupied

large parts of their purpose. As the demand of such kind of commodities in this earthquake

was the same as usual, the total traffic volume was not decreased in the main trunk road.

d) Traffic Volume in Tohoku Expressway

The traffic volume for a week after the earthquake in southern part of Tohoku Express

way has been compared to that of previous .and following weeks. The examples of two sites in

which roads were not closed are shown in Figs. 8 and 9.

Judging from the data, the traffic volume, leading to Sendai on June 13, shows increase

of 1,000 or 2,000 cars/day all along the line south of Fukushima. This is understood that the

effect of closing the Tohoku and Jhoban railway line, which connect with Tokyo and Sendai.

The Passengers changed their means from train to cars.

On the contrary, the traffic volume, leading to Tokyo was not so fluctuated as former
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one. But the volume on the day outbreak of the eartllquake shows dei:rease of 500 or 1,000

i:ars/Jay. It is unJerstouJ that originating tralTii: vulume fwm the damaged area nurth of

Fukushima wa, diminished.

e) Tr:.lffi(; t\(;ross the Kitak:.lmi River

All bridges owr the Kitakami river, which locakd in the north-eastem Miyagi prefecture,

wen~ damaged to some exknt. Some of them are blocked. And then the transportation in this

district got confused, but it never caused the worst case such as Kesen-numa city was isolated.

Kesen-numa city is the biggest city situated in north-eastern Miyagi prefecture and has 69

thousand inhabitants.

This is because the ndwork in this district has more redundancy than that of Niigata city

in the case of the Niigata Earthquake of 1964.

The concreu: reasons on this are as follows.

• Only one bridge of eight damaged bridges was closed due to fall down. The one was

Kin-no bridge. And the others wen: permitted to pass through by small cars at least.

• Yanaizu and Shin-linogawa bridges were permitted large sized cars passing through.

• The ttaffic volume across the Kitakami was some 16,000 cars/day, and the rate of

large sized cars was about 15'iL The cars forced to ddour were some 2,400 cars/day

by a rough estimate. They were not so much.

• Detour routes were easily secured.

3-4 Urakawa..Qki Earthquake (February 21,1982, Sun., 11:32am, M=7.1)

In Urakawa-;)ki E;rthquake the only trunk road national highway route number 235,

which runs along the seashore in Ilidaka district of Hokkaido, was dosed due to the damage to

bridge piers of Shizunai bridge.

The traffic except pedestrians and bicycks was banned at Shizunai bridge after the earth

quake. The prefectural road which included 7 km rough road was used as the detour route, and

it was 24.9 km against 9.2 km of n:ltional highway.

On April 15, 25 days after outbreak of the earthquake, the bridge was reopened under

the traffic control. The control was 5 tons as a weight limit, 2.5 m as a width limit and a height

limit respectively, 30 KM/H as a speed limit and mutual traffic using one lane. The steel gate

was set on the approa<:h road to bridge and small sized cars could be used sin.:e then.

However the steel gate brought about a big social problem, be<:ause Hidaka district is the

well known area as a famous racer breeding an:a in Japan. Those cars carrying more for breed

ing arc very frequently passing to and fro on this rOllte. But the roofs of the cars for them an:

remodeled higher. As they wen: higher than the gate, those cars were forced to detour.

llecause of this the owners of renches requin:J that the restriction to those cars should be

abandoned. And then Shizunai bridge became available for those cars in daytime on account of

stationing gllards for oper<lting at the gates.

The restoration of Shizunai bridge had been done during September, and the control

was wholly n:laxeJ from October I, after 194 days restriction.
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Th.: traffic: volume of Shizunai bridge is som.: 8,500 cars/day usually. In the restoration

time the detour trip was estimated 7,500 carsjday until April IS, and after then it was done

1,500 c:ars/day. From these data the total detour trip rcached 440 thousand car..Jays.

The network across the Kitakami rivers in the case of the Miyagiken-oki Earthquake is the

typkal example of redundant one. In comparison with this, Sizunai bridge is the typical

example of vulnaable one. It shows the vulnerability of the area in which almost all local

activities depend on the unique trunk road.

In this case, the traffic volume was not so much. But the only detour route was in the

distance and long, and the duration of restriction was long. Because of this the effect of the

damage to the bridge was not neglected. Especially the indirect economic effect on buses"

seemed to be big. e.g. the increase in fuel rate and personnel expenses, and decrease

in bus fare income.

4. REHABILITATION OF TRANSPORTATION AFTER EARTHQUAKES

The state of transportation after a earthquake "is varied owing to the characteristic of the

local or the extent of damage. The feature of transportation in each earthquake is shown in

Table-7.

The state of damage to the area and the quality and the quantity of originating traffic

should be considered, when the transportation is rehabilitated. And the functional level of

highway facilities to secure varies as the restoration is advanced. In the rehabilitation process,

the necessary function in compliance with the rehabilitated level should be satisfied.

The concept of rehabilitation of traffic according to the state of damage is arrenged as

follows, with refert:nce to the historical earthquakes.

a) In the case of highway is blocked everywhere, the rehabilitation should focus on dis

solving the" isolated area. So that the most important subject in such case is to secure the con

nection between areas.

b) In the case of the damage to the area that needs a lot of restoration and relief commodi

ties, the main subject in rehabilitation should focus on carrying these commodities surely as

soon as possible.

c) In the case of relatively slight damage, a lot of daily traffic originated as susual. So that to

satisfy these demand is focused prinhrily just after the earthquake. It is necessarily to control

a lot of traffic and to secure their safty.

And then the rehabilitation process of transportation systems after earthquake is shown

in Table 8. In the table, the process after the earthquake is divided 4 periods as follows.

I) Emergency activities

2) Removal cars and carrying material for the relief

3) Em.:rgency restoration and carrying restoration commodities

4) RestorJtion and reconstruction and carrying daily necessities

The characteristil:s of each period are represented as follows.
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1) Stage of cmergen<.:y A<.:tivities

In "this stag~·. lite urgenl movemenl sudl as fire fighting or ambulan<.:e is to se<.:ure

primarily. The volume of them are limited, the rigion of adivity is relatively small, and the

urgent cars are operated by the men who know the local wry well. But this period is also the

time of confusion just after an earthquake. It is very difficult to secure the functional order

of transportation, because of the leaving cars on the road or congestion of the road by other

reasons. Therefore the activities on this period depend upon the calm judgment of responsible

persons on the spot, and also the orderly command systems.

2) Stage of Removal Cars and Carrying Materials for the Relief

In this stage the l~rincipal purpose of transportation is to secure carrying indispensable

goods to our life. The region of those activities are almost limited inside the municipality.

Because of this it is most important to dissolve the isolated area and to supply necessary

services to everybody. In process of removing waste matters or cars on the road, the con

nection with areas and raising the mobility of the activities should be taken into account. On

the earthquake countermeasure programs, it would tie recommended that the appropriate

stationing of ne<.:essary materials and machines or the arrangement of countermeasure in which

the early stage of n:habilitation is considered.

3) Stage of Emergency Restorati~n and Carrying Restoration Commodities

In this stage a lot of trips, whose purposes are mainly moving workers or carrying

necessities for restoration activities, are originated. The trips for introducing commodities

from outer area are increasing and traffic become complicated. But in the majority of cases the

purposes and the destinations of trips are clear and accurati:, and the traffic concentrates some

important sites. So that in the restoration process, the important sites should be connected

each other and it is necessary to lessen the time length and to enlarge the traffic capacity
.6

bdween them.

And also it is very important to secun: the labors' conveyance, because they play import

ant role in the various kind of restoration activities in this stage. The labors an: the valuable

generating power for rehabilitation. The public transportation for attending work is so import

ant that bus lanes arc primarily secured.

4) Stage of Restoration and Reconstruction

In this stage, the restoration and the re<.:onstruction a<.:tivities became more actively,

and the traffic demand is increasing. Because of this, the serviceability of highway trans

portation would required the level as usual.

The traffic in this period is originated in large quantity and has various kind of purpose.

So that the traffic is complicakd and the trip length is not unified, and long and short distance

trips are mixed in confusion. Because of this, it is important to maintain the mass traffic and

to secure the safety of traffic.

Especially, on the trunk roads, safety countermeasure should be considered as well as

plural lanes arcsccured. On the other hand, on the collector roads, local services should be
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expected to be unified to the strdch of urban area, and it is necessary to compensate for the

lack of functional disorder of trunk roads.

5. CONCLUSION

This report dis<.:lIsses on the pr~blcms for n:habilitation of transportation networks,

through surwying historical earthquakes and the state of transportation after the earthquakes.

As a result the concepts of countermeasures on traffic according to damage level, the rehabili

tation process, and the characteristic of traffic on each stage are formed. The simulation model

for the transportation after an earthquake will be made in the future. The model should be

taken into account of the damage state and the restrict conditions of materials and machines.

Some case study will be applied to the existing transporation network, and the local problem

to be resolved will be deduced.

The results of this study will be useful for organizing road administration systems after

earthquakes, and stationing plan of materials and machines for the restoration. And it will be

also applied to the highway planning with discate prevention. It is useful for the road adminis

trator to exen:ise on the desk in adval1l.:e using the model, because a trial experience is said to

make them active when the real earthquake will occur. It is one of the most important subjects

to decide the importance factor in aseismic design, considering the etIect of earthquake

damage to highway fadlities upon the local society and economics: The effect of rehabilitation

period should be also considered in the seismic design.

In <.:onducting the surwy described in the above, extensive informations were given from

the Tohoku Regional Construction Bureau, (MOC), the Hokuriku Regional Construction

Bureau (MOC), the Miyagi Prefectural Government, the Niigata Prefectural Government, and

the Shizuoka Prefectural Government. An analysis of the availabk data was conducted by the

Mitsubishi Institute. The authors express their sincere appredations to the staff members of

the above organizations.
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Table 1. Damage to Highway Facilities'and Restoration Period.

Others

Road
facilities

R;ge-Til~:pe~~----- -- 31:r~I~~~~~a~:~~~o3~~~I: -------:~:;l=-I
Earth 4-!:a_~<:!.s!!de__ I I 1 -.- r' ~~:Qh..s.!ll!!JaKinkai Eg. I
slruclures 2 Crack, Sub- Miyagiken-oki Eg. I

I
sidence and --_.. _. - .>. I
Rising of earth

, structures

1
~3-rFalli~g ioClZor--' Iw-Ohshima-oki Eg. [I

~arth I ~_.~-~ tvtiyaglkcn..oki Eq. I

Bndg;;--l4I11;~I;ng:--~10VI~~g Niigata Showa Br. III . I or Illchnlllg 01 .--;> Miyagiken-oki Eg.

M
1irders Kin-no Bri. ,

I 5 Failure 0(---- -- -..--- .-- ~_~~~--- MlyagikCtl:OkT'Tcn:noBr;-:--1
bearing supports

6 crackO(Piei---t-
1

Miyagiken-oki Eg. Yuriage Bri.i
j~"Olul1lns or Urakawa-okl Eg. Slllzunal Bn.

I
,~~¥I~~~~~s, . _····--·f I =~

I ,fo.!:!.l!.dal!,on _
~illkin.g of the IMiyagiken-oki Eq. .
~J_~arth behind

I I
81-~a~I-'f~E.~~-;-;;;--c""h-·+-_-·~-·-··---------l~Niigata Eq. . II

1
ing roads -' , Mlyagiken-okl Eg.F;dT-9 -~'-';i'l~-;;-~f--- -~--- -------~-____,_.----------

I facililies I h~i~~~t~ian~ I I
i ~I'Fa-ilui~Of I I
I underpasses 1 __. ;=j
I .. .1.1. Stoppage.of I .. .._~. IMiyagiken-oki Eg.

traffic signal r---
1-·""";;;'1'- \;.uo,;-;ri.;Jl--- ~ - -------r Miyaglken,oklEg. . I

I
along the !." __g...r?~n.__d_PIP.e~. __.__ " ..... .. .. ' Shl.ralSI1!Slll ..F.. uru-,~_a~a_s!11 i
road [13 Collapse of '> IMiyagiken·oki Eq. II

I I building _ -1 R. 346 .. ~.
! i-14tFallingdown-ui"- ------------ - Miyagiken-oki Eg. I

Others ~ I fences or slone- I
-i-walls ~

J511n~lin-in-g-o-r-f-al-li'~---- IMiyagikcn-okl Eg.
~r~;sn of poles or r.. ·....) [Miyagicho-sakunami

16 Inullda~ion ~_---.---._ .., --+~~is.a~~_.EL-_-_-_-:_-:--1
17 Great llre t. .. ) I Kanto 109. ~

1 I
r~-Gr-~::~~a~l~a~s on -=:-.:.

7 --=----J
1

~~a~;:~ r;~:val trial
the road - --. -- -- - _. ~

._--- ._ .._._---_......... _- -- ---- ._---

r-
\

Reproduced from
best available copy.
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Table 2. Damage to Highway Facilities and Traffic Control after Earthquakes.

I
Manual Wide scope I IWeight lunlt !Blocked !S d One One I

Damage control by traffic [Slacked Hight limlt ,at lIlghc· II pe~ way lane
" policemen control I I Width limit I time i Iml I

kl_.L_an_d_s_li,de ~. I --.--11----\1----+1'----1
1

I :! Crack,Sub· -1------1 - --;---+- I
'I ~1s~~~eo~_ne~rth Ii·· i • 'Ii • I

structures ! Ii, I [
irFaJIing rock ,I I • ' • i ' 'li:I,'~_o!_ea!.!h_ : : !
, 4 Fallmg. Movmg! ~Sunultallelty) I ii,
II or inclining of I'· • • I I •

girders, I

r
i :-fr~1~1f;)~~r~~SI' ! I· •'--+I---+---1.I---i-----1

columns or I I I
abutment, ,I, •• II,' •

l:ailure (If . I ' I
10ullJaClUn , II' ;:;~":,:T.~' i J I .! Pi· Iab~tlllents I __._.__ ___._]1 L J I I

X C;IP i,nap,- {SimultaneitY)j I I I,

proadung road -. I I •
lJFailure-o'j- I i] Iii
['o-~~~~;:; ---L---------I---.

j
-------I---~II --Ii

underpasses '+- '
1'
1 II T,L~,ffc~~i~~~;--TI--~--·---.----- r--- i, -- L1 I
12-~~~~;;r~~~~ I' I ' -. I -I' I

pipes I I , I

fl3:Collupseof-r--1 I I I' T--+-I--+-I----J
, huilding i I
~~fiJlg-down I I I I

01 lences or - I f I
stone·walls 'I I I ,

1

15 :-~~:~~~~~~rnOfl -:-1----- I' I I I' I
W~~~~~_t.!'_ees • I -+-__-+'__-+, +--__-+
~6Jn-u-~da~1O.'!- - I I I I I I~
r+~~!.~~fl~e ~-_- ----==f-- -+ i ! I i
~~-~i:~i£!~~~:t- =.J----=1-~----~r_ .1__L r
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Table 3. Relaxation of Traffic Control after Earthquakes as the Emergency Restration Progressed.

I-_E_a_rt_h._qu_a_k_e_s_-II Rou[~s

lzu.Qhshima IShuLcnji.Shimoda
kinkai Eq. Line

Damage

Falling earth and
rock

Traffic Restrictions Duration
Block~d -1-J-a-n-.-14-,-'7-8-.-M·-a-r-.-14-,--1
Weight limit '78
(2 tons) Mar. 14, '78· Jul. 18,

I '78

Miyagiken·oki National Highway Movement of all Blocked Jun. 12, '78· Jun. 17,
Eq. R.45 girders Weight limit '78

Ono Bridge (l ton) Jun. 17, 'n· Oct. i8,
Blocked 'n
(Repare work) Oct. 18, '78· Feb. 28, Ii '79

!
I DO National Highway Falling rock

!

Blocked Jun. 12, '78· Jun. 20,

I
R.286 I One lane '71>

I I
Jan. 20 '79· Nov. 14,
'78

r

DO Okumatsushima- I Subsidence

I
Blocked Jun. 12, '78· Jun. 13,

Matsushima park I One lane '78
Line Jun. 13, '78· Apr. 27,

I '79

I
DO Shiogama-Watari Crack at the~locked JUll. 12, '78 - Jun. 21,

Line columns Weight limit '78
Yuriage Bridge Jun. 2 I, '78· Sep. 30,

'79
- ,

DO Ishinomaki· DO Blocked JUll. 12, '78· Jun. 29,
Ayukawa Line One lane '78

I
Mangoku Bridge Jun. 29, '78· Apr. 5,

'79

DO Sadayoshi· Falling rock Blocked J un. 12, '78 . Jun. 28,
Scndai Line One lane '78

.---l---
Blocked at Jun. 28, '78· Jul. 19,
nighttime '78

Jul. 19, '78· Jul. 29, '78
.. '78

DO Kilak:uni· Crack on the Bl"cl<"'~ -lJ:~."Ii~ry8.J,,,. 17:"
Kakoku Line pavement Weight limit '78

Jun. 17, '78· Jun. 5, '78- --------.. --'--
Urakawa·oki National Highway Break of pier Blocked Mar. 21, '82· Apr. IS,
Eq. R.235 columns Weight limi t '82

Shiwnai Bridge (4 tons) Apr. IS, '82· Oct. I,
Height limit '82
(2.5M)
Width limit (2.5M)
Speed limit
One lane J
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Table 4. The Estimation of Originating Traffic Volume Caused by Emergency Restoration Activities
after the Miyagiken-oki Earthquake of 1978.

..---F-.-..-r-.------~Res£Oration IWorkers I Emergency mans/day I
aClllles , time (d:.ys) I (man) cars (cars) cars/day

Emergency watersupply

I

II

!
394

I
Dispatch of Self Defence Army 6 356
Repair of dwellings 20 I 3,140 I

Highways I i I
i
I

M.O.C. I 5 I 1,065 I
,. I

1-
Daily -l
necessities I

I

I Mlyagl Pretectural Olfice 10 I
~_Epan Road corporatio_n --3__+ + -+ -+,1

Public assets I River

I M.O.C. 15 I

I
Miyagi Prefectural 0 ffice 15 I

Water supply 10 I
Sewage 3

I Electric power 6 I
Gas 27 I I
Communication . 4 ,

---±~CL-:-~~==---~~t-t~~ ~=-__-__-__.L_~__~

Table 5. Commutation Time by Cars in the Miyagiken-oki Earthquake of 1978.

--
time iT ime req uired Speed Usual com- ~,

(Mills) (KM/H) mutation lime

-f-- (M~

60 24.0 30
120 11.5 60
75 3.2 20
45 14.0 30

I 120 I 8.1 30
I 90 I 11.3 30I
I

ir 60 27.0 50

i 20

i

16.5 20

I 45 10.7 30
I 55 2.7 15

___LI_~~- 5.0 30

I 8.0 60
74 11.8 34----------------

I Fmm-r-T~--' Dis~~ Starting
(KM) (PM)

------- ....._------~ ------
I rtuniciPalOffice Kamiayashi 24.0 5:30
2 DO Yoshioka 23.0 5:30
3 DO lshigakicho 4.0 5:15
4 DO Matsumori 10.5 5: 25
5 DO Nankohdai 16.2 5:00
6 DO Gamou 17.0 5:30

I
7 00 Matsushima 27.0 5:30
8 I DO Keitsuen 5.5 5: 30

I
9 I DO Kagilori 8.0 5:00

10 ; DO Mukoyama 2.5 I 5 :00

~~~ I __~~_._ ~~i:~:II~~~::c_._'~_:~__l_L~;
_ A~erage _ _ .0.:3 _
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Table 6. Damage to Bridges over the Kitakami River in the Miyagiken·oki Earthquake of 1978.

Can·
structed Route Length Width

(M) (M) Damage Traffic
Restrictions

Closed until
Nov. I
The Weight limit[
:2 tons a car I
until Jan. 12,
1982

Failure of a The weight limitl
girder, Pier and 2 tons a car

IBearing until J ul. I,
supports 1979

5.3

10.5

306.0National Highway
R.342

Prefectural Road I 450.0
Kanan·Tsuyama
Line

National Highway 575.5 6.0 Fall of a
R. 346 girder

19:2.o;8~+-"P'::'ri'::'nc-'·i'::'p-al;-L;-0-c-·a71-f--;1""'871"'.4:-+--;:S"'.5;---r.Breaka f upper
Road Yuzawa· chord
Tsukidate·
Shuuqawa Line

1956

1975

1945

I

B Malya Bri.

C Tome Bri.

A Kin·no Bri.

D Yanauu Bri. Crack and I I
buckling at I I
lower truss I

1-+-------'-----+--------1------- -----r'iN)~·--:--T__::;~_;__---~1
E Toyosato Un. 1967 IPrincipal Lucal 349.0 8.0 FaIlure or beal'l One lane

Road Kanan· lllg supports
Yoneyama Line

h::F;-/-;K~'-aJ-n.,..it-o..,ri-;B"""r"":"i.-+-71'''''.l67S;---+'''P-r':::i-''n'::'dc-p:':ai-'1"'Lo":c'::'·a'7I'-+--'2C;:8-""i.O~O- ~ailure 0 fb~ar. -------i
llRoad Kanan· lllg supports

Yoneyama Line i
G Sin·linogawa 1974 National Highway 441.5 10.0 Failure uf bear'iBIOCked while ilBri. R. 45 mg supports repalf ,

f-:-:H+:T='e:':n:".-no-B~"'r7i.-+-:-19;:-S;:-9;:---+;"N;':'a"':ti'::'0-n"'al"'I;-;-l7igh-:--w-a-y+--=3'""6-=7'"".7c-+-"'6"'.0;---+~Cra.i at stup a f The weigh t limit i
R. 45 pier column I ton a car I

One lane
until Aug. 12

Table 7. Traffic Features after Earthquakes

Earthquakes Niigata lzu.Qhshima Kinkai Miyagiken-oki Urakawa-oki
June 16, 1964 January 14,1978 June 12. 1978 March 21,1982

(M=7.5) (M=7.0) (M=7.4) (M=7.J)
f----

Divided into two Trunk roads A lot of damage to Single trunk road
urban areas by blocked. highways but little blocked.
damage to bridges isolated area.

Damage to over the Shinano City and towns Stoppage of traffic
Highways river. isolated signals.

Feeder roads
blocked everywhere
~ urban area.

Many trips for The purpose Ordin:Jly trips Alltoca! activities

Qualitative condolence and totally changed depended on the

Feature movement of from sightseeing trunk road.
restoration to rescue and Trucks for more
commodities. restoralion. with coiL

Great confusion for Not so much Roads conjected Traffic volume as
a lillie because of tratTic volume everywhere because usual.

Quantitative extraordinally trips. of cummuter trips Detour durotiun

Feature just after the prolonged and the
earthquake. number of detour

I
cars reaching large
quantity.
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Table 8. Rehabilitation Process of Transportation after Earthquakes and Originating Traffic.

Rehabilitation process Necessary func- Originating tramc
of transportation tion to secure

1st stage - Fire fighting - Fire fighting, Fire Engine I
Emergency activities - Rescue - Rescure and carrying sufferer, Ambulance

-Information - Gathering and communicating information on damage

~within 3 hours)
ami evacuation.

-Road - Securing minimum transportation facilities.

2nd stage I - Fire fighting - Fire lighting against great fire or oil tank.
Remov:u cars on the roadl - Flood defense - Defense against Tsunami or Inundation
Carrying materials for ! - Rescue - Rescue the wounded
the relief - Relief - Moving doctors, nurses and medicine.
(within 3 days) -Guard - Carrying water tank, food, clothes and mechanical

power. Moving workers.
-Road - Removal cars on the road, Inspecting and judging

damage to road facilities.
-Inspection -Inspecting damage to public assets or buildings.

3rd stage - Fire fighting - Remaining fire
Emergency restoration - Flood defense • Repair of embankment to prepare the blood.
Carrying restoration - Medical care - Moving doctors, nurses and medicine.
commodities -Relief •Traveling clinic, Disinfection
(within I week) • SiJpplying water, food and dothes.

• Carrying daily necessities, building materials for
temporaly house, Moving workers.

- Remains • Gathering dead bodies
• Guard - Patrolling
- Emergency - Carrying materials and machines for emergency

restoration restoration, Moving workers.
-Waste disposal - Dispos:u of waste matters, Carrying machines for

disposal, Moving workers
- Daily tramc - Public traftic (Bus, Taxi)

4th stage • Medical care - Disiniection
Restoration and • Relief • Supplying water, food, dothes and other daily
Reconstruction necessities.
Carrying daily necessities • Restoration • Carrying materials and machines for restoration,. Moving workers.

- Waste disposal • Dispos:u of waste matters and collapsed matter, .
Carrying machines for disposal moving workers

- Daily traffic - Public tramc (Bus, Taxi)
• Private traffic (Commutation, Business)

- Reconstruction • Carrying materials and machines for reconstruction
- Daily traffic • All kind of traffic purpose with every traffic means

(including shopping, recreation, etc.)
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8locklld Incoming Tr.Uic to Niigilta Citv ••capt Urgent Mo...ament
• Closed bv Sa....r. 0atN9' to Bridge,

OatoYr Route e Pr,fecturalOrhce
A ~t.i Bridge F Municipal OfficII
B Vacl'liyo Bridge G Niiglltl St. UNR)
C ShO'MI B'i~
o raiSl'llku 8t1dgf!

Fig. 1 Damage to Bridget Ow'" the Shin.no RiY&r in the NiigBtii ..rthqu~kaof 1964.
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Intersections
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Fig.S Transition of the Traffic Volume at Intersections in the Central District
of Sendai City in the MiyagikenoQki Earthquake of 1978.
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__ .e
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Outbreak of earthquake (June 12, 1978)
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June 11
I---r--r-i--r----r-,-=-,".--,-.--,.-.-,..

12 13 14 15 16 17

Fig. 6 Transition of the Traffic Volume at Iwanuma of National Highway Route No.4
in the Miyakiken-oki Earthquake of 1978.
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Fig. 7 Transition of the Traffic Volume at Watari of National Highway Route No.6
in the Miyakikefl-oki Earthquake of 1978.
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DEVELOPMENT OF SEISMIC REPAIR TECHNIQUES FOR

REINFORCED CONCRETE ~~ERS

by

Masaya HirosawaI , Shinsuke Nakata!, Tetsuo Goto I ,

Manabu Yoshimura!, Toshio ShigaII

Akenori ShibataIlnd Hiroshi Imai II!

ABSTRACT

In order to inspect and define the grade of damage, seismic loading tests
for reinforced concrete columns and shear walls were carried out. Both full
scale and half-scale test specimens were constructed for columns in order to
check the scale effects on the grade of damage. The column specimens were
designed for three type of modes'. The shear wall specimens
were designed for flexural failure type; After repairing these members by
injecting epoxy resin into cracks and setting. epoxy mortar at the ~~foliated

portions of concrete, the seismic loading tests were again executed in order
to evaluate the effectiveness of the repair.

The data of measured crack widths after the seismic loading became effec
tive materials for evaluating the damage grade of reinforced concrete members.
Generally, the initial stiffness after repair was a little less than the one
before repair. The shear capacity of each specimen of columns and shear walls
after repair increased compared with the corresponding value before repair.
Consequently, column specimens that failed in shear before repair failed in
fl~~ural after repair. The specimen designed for flexural shear failure also
had bond splitting failure before repair. After repair work, it did not show
such bond splitting. Thus, the epoxy resin improved the bond characteristics.

1. INTRODUCTION

An extensive five-year research project entitled "Post-Earthquake Meas

ures for Buildings and Structures Damaged by Earthquakes" was started from

April, 1981 by the Ministry of Construction, Japan. The objective of this

project is to develop guidelines for a measuring and inspection method of

damaged structures for repair and strengthening methods and for selecting

optimum repair and strengthening methods.

In this report, the follOWing items are discussed with respect to the

loading tests of each member: the inspection of damage and the evaluation of

repair effects by epoxy material on the reinforced concrete columns (half

scale and full-scale) and scale model shear walls. During the initial seis

mic loading test for each specimen, the damages and the damage situation,

I: Building Research Institute, Ministry of Construction
II: Tohoku University
III: Tsukuba University

Preceding page blank
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the crack patterns and the crack widths were inspected. This inspection

was done in each damage grade of the test specimen; slight damage, medium

damage and severe damage. After the initial tests, all of the test specimens

were repaired by epoxy resin and epoxy mortar. Then the repaired test

specimens were retested in the same loading sequence as before repair.

2. EXPERI}ffiNTAL STUDY OF COLUMN ON RE?AIR EFFECT

2.1 Outline of the Tests

The details of the test specimens are shown in Fig. 2.1. Three full

scale columns and three half-scale ones were tested. The ratios of shear

span, longitudinal reinforcement and shear reinforcement were similar bet

ween each full-scale specimen and corresponding half-scale one for three

types of failure modes. The dimensions of the half-scale columns are given

below. The column section for flexural failure type had dimension of

0.25m x 0.25m and its height is 1.Om. Tensile longitudinal reinforcement

ratio pt was 0.64%. The shear reinforcement was 0.26%. The calculated

shear capacity Pmu at flexural yield was 8.llton and the value Qsu at shear

failure was 9.79t. The specimen for flexural shear failure type was a half

scale model of the column of Izumi Senior High School which was damaged by

Miyagiken-oki earthquake in 1978. The dimensions of the column are as

follows: section, 0.25m x 0.2Om; height, 0.825m, shear span ratio aiD,

1.65; tensile reinforcement ratio pt, 0.947.; a~d shear reinforcement ratio

pw• 0.32%. The design shear force Pmu at flexural failure was almost the

same as the shear failure capacity which is based upon the empirical equa

tion. The dimensions of the snearfailure type specimen were as follows:

section, 0.25m x 0.25m; height, 0.5m; shear span ratio aiD. 1.0; tensile

reinforcement ratio, Pt ; 0.64%; and shear reinforcement ratio, Pw=0.26%.

The calculated shear failure capacity was 89% of the calculated fle~~ral

failure capacity.

The compressive strength of concrete which was tested from the concrete

cylinder was 2l0kg f/cm 4 which is higher by 17% than the design strength.

Reinforcing bars (5.5~, DlO and D13) were tested in accordance with

Japan Industrial Standards. similar to ASTM in the U.S.

The yield stresses of 5.5~ (No.2). DIO (No.3) and D13 (No.4) were

4.3ton/cm z (62.4ksi), 4.l0ton/cm4 (59.5ksi), and 3.2ton/cmz (46.4ksi)

respectively. DlO and D13 reinforcing bars showed clear yield plateaus, and

5.5$ bars yielded gradually. The loading apparatus is shown in Fig.2.2.

Constant ~<ial load was applied to the column, simulating the gravity load

corresponding to the working load condition in the full-scale structure.
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The level of axial stress was 20.0kg/cm4 (290psi) in each specimen.

A 100-ton capacity actuator with ±lOcm stroke was used to apply the

constant axial load in the column. The load was measured by a 100-ton load

cell. An electrical pump with automatic control was used to apply hydraulic

pressure in the 100-ton actuator. A 50-ton capacity actuator (±20cm stroke)

were used to displace the columns.

The loading program is also schematically shown in Fig. 2.2. This is

controll~~ by story deformation angle, R which is defined as the measured

story displacement, 0story, divided by the inter-story height h.

R = Ostory/h

The loading cycle orders before repair are as follows:

R = tl/l,OOO, tl/500, tl/200, ±l/IOO and tl/50

After this test program, the remaining story deformation was shifted to

zero. Then repair works by epoxy resin were ~one and the loading program

were again conducted which is the same as those before repair adding R=1/30.

2.2 Test Results

a) Damage Situation Before Repair

Both full-scale and half scale test specimens showed the following

damage situation. In the column top and bottom which were designed for

flexural failure, the flexural yield hinges were formed and the concrete

crushing occurred.

The specimens designed for shear failure showed many shear cracks and

finally exfoliated concrete covering at the center of columns.

The specimen designed for shear flexural failure showed fl~xural cracks

and shear cracks in the first stage. However, the bond cracks along the

longitudinal reinforcements has gradually developed,and the bond splitting

failure occurred.

b) Test Results After R7pair Works

Fig.2.3 shows the damage comparison of full-scale and half-scale

columns between the situation before and after repair. Fig.2.4 shows the

hysteresis loops of horizontal displacements in each specimen. The solid

lines of these loops show before repair and the broken lines show after

repair. In the specimens for flexural failure type, the initial stiffness

after repair was smaller than those before repai~. However, the test value

of the fl~xural yielding strength after repair is eight percent larger than

those before repair. These tendencies are shwon in both full-scale and

half-scale columns.
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In the rlexural-shear-railure-type columns, the characteristics on

stiffness and strength was the same as that of the fla~ural failure type.

The rising ratio of shear capacity after repair was about thirty percent in

full-scale and half-scale specimens.

After repair work the columns designed for shear failure did not cause

shear collapse, and showed enough ductility. However such a recovery after

repair has some differences between full-scale and half-scale specimens.

Fig.2.5 illustrates the rising ratios of shear capacitoes after repatr

works in half-scale three test specimens. The specimen designed for shear

failure showed the highest rising ratio after repair and the next one is the

specimen designed for the flexural shear failure. The flexural failure type

specimen showed the smallest rising ratio.

3. EXPERIMENT ON REPAIR EFFECT FOR THE DAMAGED SHEAR WALL

3.1 Outline of the Test Process

In order to discuss repair effects of the shear wall which was designed

for flexural failure, cyclic loading tests of scale-model shear walls were

conducted. Three test specimens were cons~ructed in the same parameter com

binations, and each specimen was tested for each damage grade, i.e. slight,

medium and severe damage. After these loading tests they were repaired

according to the damage grades. Then the loading tests were again conducted

in order to check the repair effects. Test specimens were half-scale models

derived from prototype medium rise structures (6 - 8 story).

Fig.3.1 shows the detailes of the dimensions and arrangements of rein

forcements. In order to distribute uniform shear stress into the top beam

that was subjected to lateral load by the oil jack, the section of the tOP

beam ~s designed as a larger section than the prototype section. One face

of the shear wall was covered with finishing surface so that the crack width

would be measured in the real situation. The design compressive strength

(Fcl-was planned to be 210 kgf/cm2
• Test results of concrete material are

shown in Table 3.1. Finishing mortar was applied to one face of the shear

wall. It was 8mm thick and this work was separated in two steps. In each

step the thickness was 4mm. The physical properties of steel reinforcements

are listed in Table 3.2. The loading system is shown in Fig.3.2. Two

columns connected to the shear wall were subjected to unifrom axial force

(Fc/6.O) through the test by oil jack actuators. Horizontal force was

applied at the second floor beam. The shear span ratio of this system is

0.95. Through the loading cycles, a small deviation of the axial forces



601

occurred. However it was not controlled. The axial force became thirty

percent higher than the designed value at the story drift angle, R=18/1000

(first floor). Three specimens were damaged by loading tests to three

levels; slight, medium:.and severe. After repair works for these test

specimens, again the cyclic loading tests were conducted. The loading

program for each specimen is shown in Fig.3.3. The loading was controlled

by the horizontal displacements at the first story.

3.2 Test Results After Repair Works

Fig.3.4 shows the damage comparison between the situation before

and after repair. All test specimens showed flexural cracks at first and

next shear cracks. Finally flexural yield occurred at the base for each

specimen. Cracks were concentrated at the first story. Cracks Which

occurred after repair works, appreard at uncracked portions before repair.

The shear resistance after flexural yield went up about ten percent, however,

the numbers of cracks did not change compaired to the situation before

repair. In the specimen SF-IO, the finishing mortar was spalled at the

first'story drift angle RI=8/1000 rad. In the base of connecting column,

the spalling of concrete occurred and the longitudir41 reinforcement buckled

for its compressive failure at Rl=lO/IOOO rad. Fig.3.5 shows the hysteresis

loops of the first story drift for each specimen. The shapes of the hys

teresis loops after repair were almost the same as those before repair.

The test values of fl~~ural yield strength and maximum strength are a little

larger than the calculated values because of the axial force increasing

during the test. However, the initial stifnesses after repair decreased to

about 60% to 80% of those before repair. It was considered that such stiff

ness reduction was based upon the epoxy resin which Young's modulus is one

tenth of the value of concrete. Fig. 3.6 shows the envelope curves of

positive side story drift. This figure contains the original loading data

(before repair) and those after repair. The original curves show the clear

point where the stiffness changes magnificently. Those curves after repair

do not show such a point, and the stiffness changes gradually. After re

~easing the load attachment, free vibration tests were conducted, The

measured natural period of the original specimen were two to four times

longer than the one before damage. It's value after repair work remained

two times that of the natural period of the virgin test specimen,.
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3.3 Conclusion

Through these a~perimental studies, the following basic data were

summarized: Hysteresis loops of fla~ural-failure-typeshear walls, judge

ment of damage criteria and guidelines for repair design.

Even if structures are damaged severely due to earthquakes, their strength,

stiffness and deformability can be recovered by epoxy resin repair work.



603
Reproduced from
best available copy.

11
ITool ITal 140 ;,

i II II I, I 11'11
It II I I /I II
I I II I' I I II
1I11 jjj 1111
11/1 ri"T1 II 1~
IIII.~ 1111
11 11 ./-+-+4 1111
IIIUJtHjIII I II II
1III ULIIII
II I :i::::U1 II

I, II Ifltl1l 'II ;:::: \ -:1'0 I,r II III I I I II1I
II II I I I I i II

of II rll- "I II J I I
~L :::: m:,' :: ::/ ~I~II

I I IIii I Ii /I I
1111~11111 III'
I1II I-7-H ,11111

J
l

Dimensions of Tes~ Specimens

b .. 0

,
n

I UNITS

I em .. en

I en

3-SPECIMEil IBS-SPEW1Eill S-SPE!:IMEN i
25 .. 25 I 20.. 25 ! 25 .. 25 I

I 625 I 500 I 525 I
100 I 82.5 I SO i

Longi tudina I r.--+I ~f-4-_·_01_3.:.,,3:--.;;.01;.:0+'.:.8-..:0.:.:13:.:,,:.5-:.:;:;).:,:1o:.!I.:4-:.:::o~J3::.:,.:::8-:.:::0:.::Jo~l
Reinf?rcament rAg I C.0l' 10.i8 I 14 ...4 I 10.i8 i

rr.p=-g-+/--:·/":"'o--t-"":'j-.i--2--iI-~2:"':'.3":":9:"-"':1-':':1:":'.i':':Z~1

Longitudinal I 12-013,2-010/2-013,3-010 12-0J3,2-;)101
~:.!.niorcement /r--+,----ii---.;.:;...::..;,.:+:...::.:.::..:.::.:.:.:.:.:::.:..:..-=:..:.::.:..::...:.:.:.:::..:
roo Tension At c.'DZ 3.97 I 4.03 -, 3.97 I

lr.p:-t-+I--·""':"/0---:-!--0-.":'o4~-+-'-:0':':.9=4:.--....!::.--...:O:..:..0:::':-4--1,

Hoop
1 2-5.5'; @7slz-5.5" ,mlz-5.s .. @7S/

IAlii I en' OA8 I 0.48 I 0.48 I
IPili I "/0 0.2=6 I 0.32 I 0.2S5 ,.

Ax.al Force I itg 12500 I 10000 i moo i

Fig.2.1 Details of Test Specimens



604

INGCYCLE'

-5

·5 .~

.L A 04 ~
.J A / \ RAM::>;.. .' 1\ I \. ,

)11

- -
-J V \ I -3 V I

-4 V -4 V.

'8
<{
a::...
'9 20

ti1
...l

.... <!)
10!:bz

f5<{ }
5

10

20

Loading Program

o
'"...

LOADING APPARATUS FOR HALF SCALE SPECIMEN

I~--++---~"""',-"==l
'" --,.--+--!---.,..,....,.h,.....-_=~

LOADING APPARATUS FOR FULL SCALE SPECIMEN

Fig.2.2 Loading System and Loading Program



/.

'\

Original Repair

Full Scale Ie-Series)

Original Repair

Full Scale IBS-Series)
Original Repair

Full Scale IS-Series)

\..

r

L\" ..•JL
• !

-;,)"",,:
.fX/
\,.)""

K'I
, ,\

:\; ....
~~,.
~<:T2"..\

0)

o
U1

Original Repair

Half Scale Ie-Series I
Original Repair

Half Scale IBS-Series)
Original Repair

Half Scale IS-Series)

Fig.2.3 Comparison of Damage Situation



606

SPECIMEN-B
C 20 r-r--"--""---,--~",,,
o SPECIMEN-3

~ 10 -i. -2
~

.c<I"l
>. 0 I---~...-~;,.;;r:""':'<:"""'+-':----j 1---+----:;:oo..:::::..:,ffj~~~--+---"1a -CAIGiNAL

--REPAIRED
<I"l-10 2 5

Displacemen teem)
-20L-..i.------.!-------..,.-..l L- -l- --'

Sca.!e model Full 'size

J20,..,S-P;..,EC-I-M..,.E-N--B-S--:---...----.--, ,...-S-P-E-C-IM-E.;....N-S-S---r--/..-.:~-/-..~-:-.-9..........
~ 10 .-3.3 -1.65 '..::1: ._)

~ Ol----:---,,~(tb~~--_l1-+----+-"'---;;,.;:;,..:7;f,'=...!~!----...,.;../_H:
~ I /=~M
<I"l-lO / rf 5 10

i...,-/j I DisplacemenHcm)
-20~---'--"""""_-----'--l l- ~ ----'

Scale mOde! Full size

SPECIMEN-SSPEClMEN~S

-2 -I

- 20r-"'"---'---;-~="""-''''''--',...-------....--------,c:
2
~ 10

~i _1:1-~/~..../.,77i1rtk.~:::~;;;;,;;;;:1 ~-:?!?==--:=:a::;~~:::-<J~RE~~;-;;~G:;;~~I~~~7"L--..21

Disptacement(em)

Full size

-20 0 20 40
Drift Angte(xl/1000rad}

Scale mode!

-201L....._--,i::::.::..:::....--L.. ........JL.;... --L --'

-40

?ig.2.4 ~ysteresis Loops of Story Displacements



607

3.103

_.&J------_...
...-

0----4 BRP +cycte

O---oQ BRP -cyde

- BSRP +cycie

...---. BSRP -cycie

o---<J SRP +cyde

0----<3 SRP-cyde

r ......
I

I
I

I
I

I
I

I
I

I
I

I
I

I
I

I
I

I
I

I
I

I

1.0 i----I-I-~~4...:z::.:=:::.-----

2.0

-a:o
o-.....

0..
lL.l
cr:

o

10
o

20
·(*111000 rad )

DRIFT ANGLE
Fig.2.S Strength Rising Ratio

(After Repair/Before Repair)



608

ilonor Flnl$1I

lId]~1~I~==LJ
EAST ,-010 S"lrrur. Q<lQSO I/EST

,r§Ulfll[!~

~~n~te}
~I,.....;:;r - ,
! ~;.' " "
51 .. " 2-010' StlrnJ!)'I"~G::

~111~1:1~1~~-I-'.i·'I--·'I"--J'
:;;M; '~-OI0 Stlrrun 010:115

- 4- - - -

Jilil
Lt ~~OI0.

I' JOIG

81

1
~l

J
j~

J
~!

'--;1
J

ClA.SS.,fi.c4'C.J.on J Arranqe.me.n.c J RaJ..n.tc.&"cemenc
&4=0 1\)

ColWllD I 8-010 1.(3

B..... 115<: S<:orv I .-010 0.95
IZncl :.eory .-010 1. 09

Boo!' ••1'40 0.31

su 115<: seorv .<i~68 0.14
'!2nCl St:ory ••"'50 I QD15
Wall ••"'70 , D.JO

Fig.3.1

Table 3.1

Details of Test Specimens

Physical Properties of Concrete

Fc Fsp El/3
Specimen

(kg/cm2 ) (kg/cm2 ) (xl05kgl=2)
SP-l 189 14.8 I -
SP-2 201 14.9 1. 96
SP-3 196 16.4 2.10
Ave. 195 15.4 ' 2'.03

Fc

Fsp

El/3

Compressive Strength

Splitting Strength

Secant Modulus at One-third
Compressive Strength

Table 3.2 Physical Properties of Reinforcements

Sectional Area Yield Stress ~1aximum Stress Elongation
Specimen (cm2 ) (kg/cm2 ) (kg/c:n2 ) ('tl

010 0.71 3747 5408 26.4

4Cll 0.13 I 1976 3109 45.3

Standard of Reinforcing Bar 010 - SD30
4~ - Annealing Steel Bar

(corresponding to SR24)
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ABSTRACT

Much recent attention has been given to the development of seismic design

guidelines for highway bridges. Unfortunately most existing bridges in the
United States have not been designed to resist potentially devastating earth
quake induced ground motion. Those existing bridges designed by then state
of-the-art seismic design methods have weaknesses which may require strengthening
or retrofitting to reduce the susceptibility to seismically induced damage.
Although limited retrofit information is av.ailable in the literature. a con~

certed effort is being made to develop general retrotit guidelines applicable
for use in the United States.

This paper highlights vulnerable details associated with existing bridges
and presents general retrofit concepts developed to date. A summary of retro
fit philosophies developed by several organizations is presented. Finally.
issues which must be resolved and will form the basis for the development of
retrofit guidelines for existing highway bridges are discussed.
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INTRODUCTION
Significant earthquake engineering research has been initiated by many

organizations during the past three decades. ~tructural analyses, aesigns,
building codes, and specifications have been refined and updated to provide
the engineer with the necessary tools to design and construct modern build
ings to resist the forces developed during periods of strong earthquakes.
While research had been conducted to better understand building performance,
little research had been conducted in the United States prior to the 1971
San Fernando earthquake to insure the satisfactory seismic performance of
highway structures •. Since 1971, researchers have focused their attention on
the conduct of studies to improve the seismic resistance of both new and
existing highway bridges.

The highway network is a vast, sprawling, existing system which forms
necessary and vital links between cities and towns across the country. The
interstate system of roads extends approximately 41,000 miles and has ab~ut

47,000 bridges in the network. Added to that is another 8Y,000 bridges on
the primary system. With very few exceptions, existing highway bridges in
the United States have not been designed to resist motions and forces that
may be generated by the occurrence of earthquakes in the surrounding areas.
As a result, many bridges may be expected to fail in some major way during
their remaining life if subjected to strong motion seismic loads. Ubviously,
the exposure ot the network of roadS and bridges to seismic hazards varies
greatly across the country. Specifically, bridges form the critical links
in the road network and are most susceptible to seismic induced damage. They
also represent the greatest economic risk if destroyed or damaged.

Two approaches can be taken to improve the seismic resistance of the
highway network. One approach requires an investment of time to upgrade
seismic resistance while the other requires large sums of money. First,
design standardS can be upgraded as more knowledge is gained about the
response of these specialized transportation structures to seismic activity.

New standardS can be applied as older bridges are removed from service because
they are either structurally unsound or functionally ob.so Jete. Ihi s approaCh,. . .

although time consuming, is economically feasible and should be pursued.
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The second approach involves identifying those existing bridges which
are important to the network and are susceptible to significant damage or
collapse in the event of an earthquake. Those structures could be strengthened
or retrofit to ~nhance their response to seismic activity. This approach
might prove quite costly and consequently economically infeasible.

What isrequirea is a balanced approach to harden the highway system
against seismic attack. This can be accomplished by upgrading those
structures which form critically vital links in the network and are vulnerable
to damage while at the same time imposing new seismic design standards on
bridges which are being replaced.

Specifically this summary paper is intended to focus on the proposed
development of a set of retrofit gUidelines for use on highway bridges.
Vulnerable bridge details are identified. Retrofit concepts previously'
developed are highlighted and are available in other reports and publications
listed in the references. Published retrofit philosophies developed and
used by several organizations and countries are summarized.

VULNERABLE DETAILS
Site investigation following earthquakes which cause structural damage

and failure has become a necessity to gain insight into failure modes of highway
bridges. Based on past earthquake damage investigation and analysis. rational
retrofit procedures have and can be developed to insure the structural integrity
of the highway system during periods of ground motion. Investigation of
numerous earthquakes has point~d to the following general types of damage that
most often occur to bridges during seismic attack.

displacement and tilting of piers
• displacement. cracking and dislodging of superstructure girders
· displacement. settlement and tilting of abutments
• concrete crushing at the supports
• bearing anchor bolt pullout or shearing deformations
• settlement. sliding and tilting of wingwalls
• bearing instability and failure
• expansion joint damage
• settlement of approach slabs
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The general types of damage to conventional bridges to be expected in
future earthquakes can be grouped into two categories which lead to bridge
failure. They are substructure failures (column, pier, or abutment) which
lead to loss of support capacity, and superstructure collapse due to
excessive relative motion at supports. Both types of failure result from
the types of damage documented above. Structural failure and damage to
bridges may also be caused by inadequate foundation strength or load-bearing
degradation during the course of seismic loading. Soil liquefaction is an
example of this failure mode.

Specific retrofit details have been developed based on the observed
failure modes mentioned above. Specific details are available in other
reports but general concepts developed to date are presented below.

RETROFIT CONCEPTS
Specific retrofit concepts must be based on feasibility and practicality.

It is important to emphasize that seismic and structural considerations are
not the only ones that need to be considered in the overall bridge retrofit
decision process. Other decision factors entering the process are the
importance of the bridge to the given locality based on the type of highway,
traffic volume and accessibility of other crossings, and replacement or
repair costs based on estimated damage inclUding lost time.

A brief summary of some retrofit mea?ures are given below.
Restrict longitUdinal, vertical, and lateral relative displacements
of the superstructure at expansion joints and bearing seats, by means

-,
of cables, tie bars, shear keys, extra anchor bolts, or metal stoppers.
Restrict rigid body motion of the superstructure by connecting it with
high strength steel cables to a supporting or an adjacent foundation
or pier cap, enlarging bearing areas, or placing stoppers at edges of
bearing areas.
Reduce induced vibrations by installation of energy absorbing devices
such as elastomeric bearing pads at bearing seats. or adaptation of a
"shock absorber II type of damper which allows slow movement such as
displacement due to creeps shrinkage t arid temperature change with
negligible resistance but develops a large resistance in the event
of a rapid displacement.
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Strengthen substructure elements such as increasing the strength of
an existing column by adding longitudinal and spiral reinforcement
to the exterior of the columns, then bonding the added reinforcement
with a new layer of high strength concrete using pressure grouting
procedures and/or gunite. The added longitudinal reinforcement could
also be extended into the cap and the footing thus increasing the
flexural strength of the column-to-cap and column-to-footing connections.

There are many variations in detail when actually implementing the retrofit
concepts identified above. The designer must be given general guidelines to
adapt the concepts to the specific structure in question.

SUMMARY OF
BRIDGE SEISMIC RETROFIT PHILOSOPHIES AND EXPERIENCE

There is a very limited amount of published material available that is
directed specifically toward the problem of seismic retrofitting of bridges.
The California Department of Transportation (CalTrans) has been a leader in
the area of bridge retrofitting and is the only State to carry out an extensive
construction program. The lIT Research Institute has conducted research on
bridge retrofitting for the Federal Highway Administration and two countries,
Japan and New Zealand, have published material describing their approaches to
the retrofit problem. The following paragraphs summarize the philosophies of
each of these four organizations and countri~s.

California Department of Transportation
Following the 1971 San Fernando earthquake, CalTfans undertook a program

to strengthen seismically deficient bridges. Many structures were deficient and
it was not economically feasibile to strengthen all of them to new design
standards. Efforts were directed toward the most cost effective retrofit
concepts. These retrofit concepts consisted of elastic restrainers designed
to prevent separation of the sections of a bridge structure at the expansion
joints. These restrainers were relatively inexpensive and prevented failure
by reducing the chances of support loss at the expansion joints and by dis
tributing forces more uniformly to the columns ..
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In selecting bridges for retrofitting, a prioritizing system was
developed, but final retrofitting decisions relied heavily on engineering
judgment. Initially structures on major lifeline routes within densely
populated areas were strengthened. Second to be retrofit were those
less critical structures located within the same densely populated areas.
Finally, those seismically deficient bridges in less populated areas will
be retrofitted.

Restrainers are designed to r.esist a minimum force level based on the
weight of the lightest member being restrained. Higher force levels are
used if predicted by a dynamic analysis. In many cases several dynamic
analyses are performed with different parameters and the results tempered
with judgment to obtain the correct design forces. Physical-tests were
performed to determine the capacity of the restrainers most commonly used
by CalTrans.

Column retrofitting to increase available ductility is being considered
by CalTrans although no construction has taken place. The schemes under
consideration are designed to increase concrete confinement in the area
of plastic hinges. Inadequate bond length of main reinforcement is also a
problem with some CalTrans structures. Details have been developed but have
not been implemented.

lIT RESEARCH INSTITUTE
The Illinois Institute of Technology Research Institute conducted a

study on bridge retrofitting for the Federal Highway Administration. In this
study three steps of the bridge retrofit decision process were identified and
studied. These steps include:

1. A determination of the susceptability of the existing bridge to a
critical failure resulting from an earthquake loading.

2. A determination of the level of importance of the bridge to the given
locality.

3. Adetermination of the type of retrofit measures to employ.

To determine _the relative degree of vulnerability of a bridge to failure,
preliminary assessment of critical structural factors is proposed. -Bridges
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which have a predetermined structural "factor value require further analysis
to more accurately establish their vulnerability. A simplified analysis
method was developed and subsequently modified during the course of the
project. This method reduces a bridge to an equivalent single degree of
freedom system. Limit states are defined which represent catastrophic
failure so that the results of this analysis can be systematically inter
preted to establish the vulnerability of the structure.

Amethod was developed for establishing the criticality or importance
of a bridge. A numerical value is assigned to each bridge to reflect its
relative importance in terms of administration/transportation systems effects;
social/survival effects; security/defense effects; and economic/personal
effects. The criticality of a bridge is compared with its structural integrity
to determine if the bridge warrants retrofitting.

In determining the type of retrofit measures to be used, the type of
failure modes and damage experienced by highway bridges in previous earthquakes
was considered. Failures are categorized as either loss of substructure
strength and/or stability of excessive relative movement at the bearings:
Eight retrofit measures were identified. The analytical determination of
forces to be used in the design of these retrofit measures was not covered in
the study. In an actual design it was proposed that these forces be determined
from a seismic analysis.

JAPAN
The Japanese propose a probabilistic approach to the design of retrofjt

measures. Bridges are selected for retrofitting based on physical and socio
economic conditions relating to the bridge. It is proposed that these bridges
be strengthened to have a reasonably small probability of failure but not to
the extent that costs become excessive.

To determine the probability of failure the structural resistance is
assumed to be totally determinist.ic (i.e. there is no variation in dimension
or material properties that could cause a probable distribution of resistance
levels): Resistance is assumed to deteriorate at a known rate with the
increased age of the structure. Therefore, at any point in time, the probability
of failure depends only on the probability of a seismic loading that will exceed
the resistance level.
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Excessive costs will result if re~rofit design is based on force levels
and failure probability used for new bridges. Therefore, it is proposed to
use force levels which will result in a probability of failure consistent with
the remaining service life of the structure.

NEW ZEALAND
The draft New Zealand Seismic Design Code for Bridges has a section on

the strengthening of existing bridges for seismic loads. This section states
that the need for seismic retrofitting should be established by comparing the
seismic risk with other risks by anyone of several techniques such as a cost
benefit analysis.

The importance of a bridge is established and retrofitting priorities set
by considering several socia/economic factors relating to the bridge. New
Zealand design force levels are described elsewhere in the code and are
dependent on an earthquake return period based on the structure life and
importance. The design force levels for retrofitting existing bridges are
determined in the same manner as for new bridges except that the remaining
economic life is used in place of the new structure life.

Design for smaller force levels are allowe~ if it is not cost effective
to strengthen the structure to the full force level. Designers are cautioned
to be aware of the overall behavior of the structure during an earthquake and
the effect strengthening measures mlght have.

Retrofit measures should conform to the same principles of capacity design
used for new structures. Design details are not specified, but the designer
is instructed to select appropriate details after an adequate site inspection,
review of the design calculations and construction drawings, and an analysis.
Certain methods used to retrofit bridges are summarized.

DEVELOPMENT OF RETROFIT GUIDELINES
The existing highway system has many bridges which ei~her have not been

designed to resist earthquake induced ground ~otion or have been de~igned

by older, inadequate seismic design standards. Thus it is necessary to focus
attention on the seismic protection of those existing structures which are
known to be vulnerable to seismic attack. To accomplish that objective,
the Federal Highway Administration awarded a contract to the Applied 'Technology
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Council (ATC) to develop seismic retrofitting gUidelines for highway bridges.
Representative segments of the bridge design and construction profession form
a Project Engineering Panel (PEP), Appendix A. and are participating in the
development of the guidelines.

Seven issues have been raised by the ATC staff and are to be considered
by the PEP to define the scope and general format of the proposed retrofit
guidelines. Summaries of the seven issues follow. They include a question
fnllowed by a brief discussion of the issue. Answers to the questions have
not been finalized and are presented herein for the purpose of stimulating
additional thought and discussion. Undoubtedly additional issues will be
raised throughout the development of the guidelines.

ISSUE 1 - What aspects of the bridge re~rofit problem should be addressed b~

the guidelines?
The bridge retrofitting problem can be divided into two major areas of

concern. The first deals with the evaluation of the seismic resistance of
existing bridges and the selection of bridges to be retrofitted. Since it
may not be economically feasible to retrofit all seismically deficient bridges
to provide earthquake resistance equivalent to new bridges, the selection
process is important if the best use of resources is to be realized. The
second major area of concern is the design of improvements to increase the
seismic resistance of bridges. Because ma~y possible methods of retrofitting
are unproven or excessively expensive, partial strengthening should be con
sidered. Selection of the app~opriate levels of seismic performance for
partially strengthened bridges may depend on the evaluation of the existing
bridge. Therefore, it may be difficult to write guidelines that adequately
address the design of retrofit measures without including some method of
bridge seismic evaluation.

ISSUE 2 - What should be included in the guidelines in relation to the evaluation
of existing bridges?-- .

The proper evaluation of the seismic resistance of a bridge depends on
the availability of accurate information about the characteristics of the
bridge, its location, and seismic exposure. Certain information will be required
if a specific evaluation system is to be used. It would be appropriate if the
guidelines were to specify the type of information required.
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Because a large number of bridges exist in the highway systems of some
jurisdictions. it is impractical to perform a thorough investigation, including
dynamic analysis. of all bridges in that system. A preliminary screening
method is needed to select only the bridges which have the highest potential
for failure during an earthquake. Amethod of performing preliminary screening
has been used by Cal Trans in their retrofit program. An alternate approach
has also been recommended by lIT Research Institute as a part of their inves
tigation of the bridge retrofit problem. Amethod of utilizing concepts
developed by ATC to accomplish the preliminary screening could use the seismic
performance category of the bridge to establish importance and seismicity plus
the characteristics of structural deficiency developed by Cal Trans or lIT Research

Institute.

Amethod of quantitatively rating the seismic hazard of existing bridges
could be used as the basis for a benefit to cost analysis for establishing
final retrofit priorities or for determining the merits of retrofitting a
given bridge to various levels of seismic resistance. In addition, the rating
system could provide a method for considering the remaining life of a bridge.
One possible rating system would first requi~e an analysis to be performed to
determine the effective peak acceleration of a damaging earthquake. The
probability of an earthquake of this magnitude occurring a~ the bridge site
within the remaining life of the structure c~uld be obtained from peak acceler
ation maps and probalistic relationships already developed. The importance of
the bridge would be established in terms of a lifeline classification taken from
a table similar to a method used to establish the occupancy potential of existing
buildings in ATC-3-06 (Tentative Provisions for the Development of Seismic Regu
lations for Buildings). By multiplying the probability of a damaging earthquake
by the lifeline classification, the relative seismic hazard rating of the
bridge is obtained. This rating can then be used to make retrofitting decisions.

ISSUE 3 - What type of retrofit concepts should be addressed by the guidelines?
Although many retrofit concepts have been presented in the literature.

virtually all retrofit construction to date has dealt with providing elastic
restraint at bearings to prevent instability or loss of support. Such
restraint also tends to distribute seismic forces in the columns more uniformly.
and can thus prevent column failures. Restraint of this type can be a cost
effective method of retrofitting.
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Column retrofitting requires complicated details, involves difficult
construction procedures, and the relative effectiveness of various retrofit
concepts has not been demonstrated by physical testing. Small-scale physical
tests of a column retrofit concept using steel banding to increase concrete
confinement has demonstrated an increased available ductility but may prove
less effective on full-scale bridge columns. Increasing column yield levels
for moment may overload the foundation or cause serious column shear failures
thus resulting in more harm than good. It would appear that not enough is
known at this time to gauge the effectiveness of column retrofitting concepts.

Special energy dissipating bearings and other similar devices have been
used extensively in New Zealand and Japan but are virtually nonexistent in
the United States. One of the primary reasons for this is the lack of
availability of analytical tools to determine the response of structures
fitted with these devices. If the analytical tools are made available, the
use of these special devices could open up a whole new area in seismic
resistant bridge design.

ISSUE 4 - ~hat type of analysis procedures should be used for evaluation and/
or design?

To date, retrofitting of existing bridges has consisted mostly of fitting
expansion joints with elastic restrainers to prevent separation and loss of
support af these joints. The primary modes. of vibration that can cause this
type of failure are longitudinal and include both in-phase and out-of-phase
vibration of adjacent sections of the bridge. The analysis procedures do not
consider different ground motions at various supports or the rotation of the
columns due-to surface wave effects. little research information is currently
available at this time, but approximate analyses are available.

The use of special energy-dissipating and isolating bearings has great
potential in the retrofitting of deficient bridges. These devices, in many
cases, rely on their nonlinear be~avior to modify the forces and displacements
in the bridge. Many of these effects may be difficult to determine with an
elastic analysis. Nonlinear analysis computer programs are available, but are
difficult and expensive to use. To overcome the need for nonlinear analysis
the New Zealand Ministry of Works and Development has developed design charts.
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ISSUE 5 - What method of design and evaluation should be specified in the
retrofit guidelines?

Seismic design guidelines developed by ATC allow both load factor and
working stress methods for design. In evaluating existing structures, however,
the ultimate strength of the structure is the principal concern. By using an
ultimate strength approach, a more reliable evaluation of the relative danger
of structural collapse can be made.

In evaluating existing structures it will be necessary to define the
limit states which will represent loss of support or serious structural damage.
In the case of structures with substandard confinement in the columns, for
example, it will be necessary to account for the reduced available ductility.
At bearings, where excessive movement can result in loss of support, a method
of accounting for effects such as nonuniform support motion that are not
considered in the analysis should be included. The newly developed ATC guide
lines use a minimum support length concept based on superstructure length and
column height to account for unknown displacement effects. This concept may
be inappropriate for evaluating existing bridges. The use of special analysis
methods or response modification factors to account for increased displacements
and reduced available ductilities may be the best way to approach the problem.

ISSUE 6 - How shall the guidelines address the design of specific seismic
strengthening measures?

The design of retrofit measures has problems similar to the design of any
type of modification to an existing structure. The designer is restricted in
what he can economically accomplish by the characteristics of the existing
bridge, In addition. he must be aware of the effect any construction will have
on the normal operation of the bridge. To a certain degree, each retrofitting
design is unique. Standardization of details can be accomplished only to the
extent that the original structural details are standardized. Some standardi
zation has been possible in California, for example, in the design of retrofit
measures for intermediate expansion joints in concrete bridges.

Presentation of details, whether standardized or not, is useful since it
provides the bridge designer concepts to which simple modifications may be
possible.
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It is necessary that the designer be given criteria on which to base
his design. In the case of expansion joint restrainers, for example, there
may be a trade-off between force in the restrainer and displacement of the
joint. Allowable capacities should be specified in the guidelines. Since the
design of certain retrofit measures may involve a trial-and-error solution,
a preliminary design procedure would also be helpful to obtain a realistic
first try.

ISSUE 7 - What force levels should be used for the design of retrofit measures?
Based on seismic design guidelines developed by ATe, new structures are

designed to resist force levels that have a 10% chance of occurring in 50 years~

the assumed economic life of the new structure. Retrofit measures could be
designed to resist the same force levels as new structures, but if the remain
ing useful life of the existing structure is less than 50 years, then the
probability of the structure being subjected to these loads is less than that
of a new structure. To design the retrofit measures based on equal probability
of failure requires that a reduced force level be used for structures with
remaining lives of less than 50 years.

From an economic point of view, designing to a specified force level may
not be cost effective. For example, in the case of expansion joint restrainers,
very little additional cost may be required to increase the capacity of the
restrainers to new design standards. On t~e. other hand, there may be a
practical limit as to how much additional earthquake resistance expansion
joint restrainers can provide. To require design to standards for new
structures~ or even to a force level based on an equivalent probability of
failure may require column strengthening which can have a much smaller
benefit-to-cost ratio than joint restrainers. Therefore, it may be justifiable
to strengthen several structures to resist smaller force levels than to spend
'an equivalent amount to strengthen one structure to new standards.

Once the above issues have been resolved, an initial draft of retrofit,
guidelines will be prepared. They will be refined and updated as more infor=
mation becomes available and will eventually form a supplement to the seismic
design guidelines for new bridge construction developed by ATC.
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RETROFITTING BRIDGES TO INCREASE
THEIR SEISMIC RESISTANCE

Oris H. Degenkolb

The 1971 San Fernando, California
earthquake was a major milestone in the
seismic design of bridges. It was the
first earthquake that shook modern type
bridges and caused major damage to bridges
in the contiguous forty-eight states.
That event pointed out ~ number of def
iciencies in bridge design specifications
and practices that were in use at that
time. Consequently, it was realized that
a great number of existing bridges could
be severly damaged or collapsed if sub
jected to earthquakes that could possibly
occur during the life of the bridge.
Severe damage or collapse of these bridges
could be hazardous and cause serious dis
ruptions to lifelines and badly needed
transportation routes at a time when they
are urgently needed.

Figure 2(a) shows a number of other
comman structural seismic deficiencies
that were responsible for the bridge fail
ures in the 1971 San Fernando earthquake.
Figure 2(b) notes the changes that were
made in bridge design practice to make new
bridges more seismically resistant. It is
obvious that all of these improvements can
not be made to existing bridges and it is
generally not practical to increase the
seismic resistance of older bridges to the
level achieved with new construction.

"'Added rein'.

One of the major seismic deficiencies
of pre·l971 bridges is that superstructure
units were not adequately connected at
hinges and bearings. Severe shaking could
cause spans to drop off of their supports,
as illustrated in Figure l.
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~ortunately, connecting segments of a
structure together to alleviate the def
iciency illustrated in Figure 1 is the
least costly but the most effective method
of retrofitting older bridges. This is
generally accomplished by connecting the
bridge segments together with restrainers
consisting of steel cables or rods. Al
though this strengthening will not over o

come all of the other deficiencies it will,
in many instances, minimize them to some
extent 0
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joints could be connected to make them act
as single units, column forces and deflec
tions would be reduced considerably -
increasing the level of seismic resistance
of the entire bridge. Unfortunately,
restrainers at these joints must usually
be left with enough slack in them to
accommodate normal daily and seasonal
movements.

Figure 4 ~ gf ~~
Qlj.~~

Skewed bridges are generally much more
susceptible to earthquake damage than a
similar size and type square bridge.
Figures Sea) and (b) illustrate the add
itional actions involved. In addition to
the general lack of adequate transverse
restraint provided at the abutments of
older bridges, skews complicate the details
and increase the structure's vulnerability
to seismic damage. EO FORCE

+

Many older bridges provide very little
or no restraint for keeping the superstruc
ture seated on the abutments. Figures 4(a)
and (b) show how super~tructures can be
shaken off of their supports if bearings,
shear keys, or columns fail or permit
excessive movements.

....-L.imit 01 minor domoQ'

As illustrated in Figure 3, the area
surrounding the fault within which bridges
might collapse should be diminished con
siderably if the bridges are retrofitted
with hinge and bearing restrainers.
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Figure 3

A certain amount of damage can be
expected in seismically shaken bridges
regardless of whether or not they have
been retrofitted with hinge and bearing
restrainers. This type of damage will
usually consist of cracked abutment wing~

walls: damage to girder bearings and grout
pads: crushed ~nds of railings, curbs and.
sidewalks at joints: spalling of decks at
joints: minor lateral displacement of
decks at joints (especially in skewed
spans): and spalling of concrete columns.
This damage will occur because restrainers
must permit some movement required for
normal functioning of the bridge and, when
acting during an earthquake, will permit
additional differential movement of the
structural units.

One of the more common seismic def
iciencies is shown in Figure 4(c). Joints
at the ends of simple spans and intermed
iate expansion joints in long continuous
bridges pQrmit the bridge to act as a
number of individual units when shaken by
an earthquake. Even moderate earthquakes
may damage the bearings and joints in the
decks, curbs, and railings of these
structures. More severe or longer duration
earthquakes can fail bearings and cause
excessive forces and deflections in the
columns, leading to collapse. If these

(0)
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Figure 5
The two most commonly used materials

for hinge and bearing restrainers in
California are 3/4" 4x19 steel cable
(Federal Spec. AA-W-410c) and l!:i" ~ high
strength steel bars (ASTM' A-722 with sup
plementary requirements) •
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Figure 6

Slightly different assumptions for
restrainer arrangements, foundation cond
itions, column stiffnesses, abutment rest~

raints linear or nonclinear action of the
restrainers and columns, et~. can make
drastic differences in the results or a
dynamic analysis. In Some cases the cgmp~

utor has given forces in restrainers that

If restrainers are permitted to yield,
greater joint openings and column deflect
ions will be realized. Once either type
restrainer is st=etched beyond its elastic
limit it obviously will not assist in
closing the joint to its normal position.
Although bars will dissipate more energy
than cables when failure occurs, the elong
ation will also be much greater. This
could be an extra factor of safety in some
structures but could be disastrous for
structures with relatively short, stiff
columns. When a restrainer is stretched
to its ultimate limit, however, the struc
ture is vulnerable to any additional shocks.

Considering the impreciseness of pre
dicting a bridge's response to a possible
future earthquake, it is generally not
prudent to depend on restrainers acting
beyond their elastic limit.

When stretched beyond their elastic
limits, bars dissipate approximately 3
times as much energy as the equivalent
number of the same length cables.

Assuptions concerning the interaction
between the bridge and earth at the abut
ments is one of the greatest uncertainties
in making a dynamic analysis. For this
reason the minimum amount of restraining
force may be satisfactory for many rela
tively short square bridges with only one
hinge or joint. However, geological
conditions, seismicity of the site and
structural features may require that great
er restraining forces be provided. Dynamic
analyses will generally indicate whether
cables or rods are preferred for any part.
icular installation.

Restrainers should be capable of devel
oping a minimum force equal to 25% of the
weight of the lighter segment of super
structure connected, if Working Strength
Design methods are used. When using Lo~d

Factor Design methods and the yield stren
gth of the restrainer material, almost id
entical results are obtained by using 33%
of the Dead Load. Column shears should be
ignored in either case. Larger restrainer
capabilities should be provided whenever
fequired by dynamic analysis. A minimum
of two restrainers are used at each bent
or hinge .- one as close as possible to
~ach edge of the superstructure. Rest
rainers are adjusted to permit normal move
ments of the joint and to start acting as
soon as maximum normal open joint width is
exceeded.
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Figure 6 shows the results of tests in
which cables and bars were tensioned from
near zero stress to specified minimum yield
stress (assumed to be 0.85 Fu for cables)
for 14 cycles and then pulled to failure.
Figure 7 shows the results of tests in
which cables and bars were stretched to
failure but the loads were reduced to
nearly zero at approximately one inch in
crements of elongation. The gage length
of all specimens was 114 inches.
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Cycling 3/4" cables within the elastic
range requires more than twice the amount
of energy than cycling an equivalent number
of ll:i" i1 bars of the same length for the
same number of cycles •. This is due to the
fact that bars have a greater modulus of
elasticity and the elongation within the
elastic limit is less than for cables.
Within this range the cables and bars store
energy but do not dissipate any significant
amount.
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were so low, or movements of joints so
little, that they did not appear to be
consistant with observed actions of
structures.

Figure a.

Detail for restraining hinges of T-Beam
bridges.
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Considering all of the uncertainties
and assumptions that are made in making a
dynamic analysis, it is realized that the
seismic design of a bridge is a developing
art rather than an exact science. A number
of analyses should be made and the results
tempered with judgement.

The ideal restrainer should absorb and
dissipate energy, keep joint movements
within a safe range, and force the struc
ture back to its pre-earthquake position.
For practical reasons, the most suitable
devices for new construction are not nec
essarily the best for retrofitting exist
ing bridges Most of our restrainers to
date have used steel cables or rods which
act as tension members only.

These devices may not be ideal from a
strictly theoretical point of view and they
may not prevent as much damage as other
types of restrainers that have been con
sidered but, reviewing all of the factors
involved, they are hard to beat They will
raise the level of seismic resistance of a
bridge, they are relatively easy to install
and they are economical.

One of the problems of adding restrain
ers to existing bridges is attaching to
existing members. Existing construction
often is not strong enough to develop the
required anchorage forces. In these cases,
existing features may have to be strength
ened in order to prevent premature fail
ures. Another problem is that restrainer
forces, if fully developed, may fail the
columns or othe.r portions of the bridge.
In spite of these problems, restrainers
by themselves can decrease a bridges
vulnerability to damage more than any other
retrofitting system. The most seismic
protection can be obtained for the least
money by retrofitting existing bridges with
restrainers. In the meantime, studies are
being made for possibly retrofitting col
umns and footings of selected structures
sometime in the future. ,

Figure 9.

Most commonly used detail for retrofit
ting concrete box girder bridges. Con
crete bolsters prevent cable anchorages
from destroying existing diaphragms.
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Figure 10.

Seven cables passed through a hinge joint
three times to give the restraining force
of 21 cables.
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Figure 13.

Plan view of steel rod restrainers sim
ilar to Figure 11. Bolsters used to
compensate for skew and strengthen hinge
diaphragm.
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High strength steel rods used to limit
hinge movements. Long rods are used to
absorb energy.
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Figure 12
Detail of transverse restrainer used in
conjunction with high strength steel rod
restrainers to limit differential tra~s

verse movements of hinges.

Figure 14.

Simple restrainer for precast - prestres
sed I girder spans at inverted T-bent.

-_._- ·--·--lF~----- --······-7... - - .-:\

Figure 15.

Restrainers for short drop-in spans.
Longer spans require more cables in order
to limit amount of hinge movements.
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Figure 16. Figure lao

Restrainer for limiting hinge movement
of suspended slab span.

3/4" cables used to connect steel girders
supported on a steel bent cap.
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Figure 17. Figure 19.

Typical restrainers for connecting steel
girders to concrete bent caps.

Typical restrainers for steel girders
supported on steel bent caps where girders
in adjacent spans are offset.
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CONSIDERATIONS FOR RETROFITTING BRIDGES

Oris H. Degenkolb

May 1981

Introduction

The San Fernando earthquake of February 9, 1981 was the only event
to cause any significant amount of damage to any of California1s
bridges. The total amount of earthquake damage to bridges
experienced before that time was minor and was generally ignored.
Five small earthquakes since 1971 have caused some minor damage and
the collapse of two spans of one four span bridge. The knowledge
gained by studying that damage gives an insight into how structures
react to seismic shaking and what can be done to mitigate the damage
expected from the larger earthquakes that are certain to occur in
the future.

Studying the damage from minor earthquakes is valuable because it
demonstrates the stages of failure and it is not necessary to
speculate on the sequence of events as might be done when conducting
a post-mortem on a completely collapsed structure. Although there
is a wide variety of bridge details used in California and in other
countries, there is a consistency in the seismic damage experienced.

Even though bridges can be retrofitted to increase their resistance
to total collapse in the event of a major earthquake, they will still
experience minor damage from smaller seismic events.

Most of the retrofitting done to date has consisted of tying units of
the superstructure together and to the~r supports. Although this
directly solves only the problem of the spans dropping off of their
supports, it partially alleviates some of the other seismic
deficiencies.

The California bridge most seriously damaged since the 1971 earth
quake would have sustained relatively minor damage rather than losing
two spans if it had been retrofitted with restrainers.

Retrofittino Philosophy

The goal of retrofitting is to increase the seismic resistance of a
bridge to minimize the probability of total collapse.

Retrofitting should eliminate or reduce the hazard to human life as
much as possible.

If practical, critical bridges should be able to carry emergency
vehicles after being damaged.

It is not practical or economically feasible to retrofit a bridge so
that it will have the same seismic resistance as a new structure
designed to current specifications.
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Retrofitting is generally not recommended if the only expected
deformation is a small probable maximum vertical displacement
(~6") and some traffic can be accommodated by ramping the vertical
offset with dirt or other readily available material until permanent
repairs can be made.

Main spans of Pedestrian Overcrossings that could drop on vehicular
traffic should be retrofitted. Other spans need not be retrofitted
unless they can be done at a low cost when the main spans are done
or unless there is a considerable amount of school or other high
volume pedestrian traffic that could be injured.

Considerations for Retrofitting

It is not possible to formulate simple rules to determine whether or
not a structure requires retrofitting to improve its performance
during an earthquake or, if so, what type of retrofitting it requires.
In addition to the geological and seismological conditions at a
particular site, anyone of a combination of two or more of the follow
ing physical features of a bridge could determine whether or not retro
fitting is advisable.

Type of construction
Physical condition of the bridge
Length
width
Ratio of length to width
Skew
CUrvature
Number and location of joints
Type of bearings and hinges
Abutment type and height
Bent type and height
Number of spans
Restraining devices (shear blocks, curtain walls, etc.)
Type and degree of failure anticipated if not retrofitted.
Column reinforcement details
Lifeline requirements
Sociological considerations
Utilities carried

The following figures illustrate some of the different conditions that
should be considered in determining whether or not a bridge should be
retrofitted and the type of retrofitting that is required. It should
be remembered that adverse geological conditions may complicate many
of these situations.
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Fiaures 1 & 2 As a rule, single span square structures should not
require retrofitting. Although they may sustain some damage, they
should be serviceable unless they cross a fault. If they do cross
a fault, it is not likely that re~rofitting'will be effective.
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Figure 3

ELEVATION

Figure 4
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Figure 3 Skewed bridge spans have a natural tendency to rotate even
when not shaken. Longitudinal seismic shaking produces transverse
components of force which tend to rotate the span each time it moves
back and forth. Transverse seismic forces cause one end of the span
to bear against one abutment while the opposite end tends to swing
free -- in the natural direction of rotation. If the bearings,
curtain walls or other means of restraining rotation fail, the span
can rotate excessively. In some cases the span may drop only a few
inches and the bridge can be used with minor inconvenience and easily
restored to its pre-seismic condition. If the supporting seats are
very narrow, the span can drop and the bridge will be a total loss.

Figure 4 If a bridge is very wide in relation to its length, it may
be locked between its abutments so that the rotation described in
Figure 3 is negligible. Longitudinal shaking may cause insignificant
damage. Transverse shaking may damage the bearings, shear keys or
curtain walls, but there is much less probability for the more serious
damage that might be expected with a longer, narrower structure.

c
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Figure 5

Figure 5 Long, non-skewed, continuous bridges with diaphragm type
abutments and without intermediate hinges or joints need not be
retrofitted. Bridges with bearings at the abutments may require
transverse restrainers at the abutments if it is determined that
there is insufficient restraint provided by bearings, curtain walls,
shear keys or other restraining features.
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Figures 6 & 7 Long, continuous, skewed or curved bridges without
intermediate hinges or joints are more prone to seismic damage than
similar square bridges. Due to the nature of the details, they will
probably require additional transverse restraint at the abutments
for a lower seismic level of shaking than a similar square bridge.
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Inadequat ely
restrained

PLAN

Figure 8

Figure 8 Segments of a superstructure which aren1t adequately
restrained act independently and may tend to fly apart when shaken.
If the bearings or other means of transverse restraint fail
longitudinal restrainers (if installed) may act as tension ~embers in
a large horizontal beam. Restrainers should generally be placed
as close to the edge of the structure as possible so they can offer
the maximum amount of resistance for this condition.
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Figure 9

Figure 9 Sharply curved bridges which have seismically inadequate
bearings at an abutment and very flexible or seismically deficient
columns may require additional restraint at the abutments. Abutment
restraint, in cases such as this, may alleviate some column weaknesses.
One common problem, however, is that the abutments may not be capable
of resisting the anticipated forces. Many abutments are very light
weight and the shear resistance of the soil or piles may be insuffici~nt
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Figure 10

Figure 10 Long continuous reinforced concrete slab bridges, as a
general rule, need not be retrofitted with hinge restrainers. This
is based on the assumption that if the suspended span becomes unseat
ed, the dead load of the resulting cantilever will not be sufficient
to make it fail. Long span non-standard slabs should be checked for
this criteria. Retrofitting should be required if there are two
hinges in the same span or if the unseating of any hinge will lead
to a dropping of any or all spans with dead load only. It is assumed
that those unsupported ends will be quickly recognized and reseated,
temporarily strutted, or traffic barricaded from using the bridge
before any serious accident occurs.

(/' or 8" steel angles

Figure 11

Figure 11 Any bridge with 6" or 8 11 st.eel angle hinges, or equivalent,
should be retrofitted regardless of what seismic area it is in. Due
to shrinkage, seasonal varations, and other factors, many of these
hinges have marginal seating length under even normal conditions. Any
seismic shaking could cause them to become unseated.
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Figure 13

Figures 12 & 13 A non-skewed, straight, continuous bridge with only
one hinge or a non-skewed straight bridge with two simple spans may
be designed for the minimum of 25% (33% for LFD) of the dead load
of the lighter segment of superstructure connected. This would be
consistent with the rough assumptions made for the resistance and
action of the earth behind the abutments.

The influence of the earth behind abutments becomes relatively less
important if the superstructure is curved or skewed. The eqUivalent
static force method or dynamic analysis should be used for designing
restrainers for these structures if they are skewed or curved.
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Figure 14 & 15 A dynamic analysis should be made for any bridge
with two or more hinges or three or more simple spans.

Figure 16

Figure 16 Connecting the ends of girders together in adjacent spans
may be satisfactory for short structures with only a few spans and
wide bent caps where it seems certain that the ends of girders won't
drop off the bents. This detail can also be used where it is
considered that the additional longitudinal forces produced by con
necting the girders to the bent caps (see Figure 17) may fail the
columns. Although the bearings will probably fail, the superstructure
will not fall very far and the bridge will not be completely out of
service.



Restrainer cables

....

644

Figure 17

Figure 17 This detail is generally preferred to the one illustrated
in Figure 16 with the spans butting against each other. The restrain
ers must be able to resist the force produced by both spans supported
on that pier and possibly adjacent spans as well. Vertical clearances
under the structure should be considered.

~=span

,---rJ:77
ELEVATION
Figure 18

Figure 18 Suspended spans are particularily vulnerable to seismic
shaking. Curved and skewed, alignments greatly increase their
vulnerability.
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Figure 19

Figure 19 It can generally be assumed that any seat type hinge used
with steel girders will need additional transverse, longitudinal,
and vertical restraint in even moderately severe seismic areas.
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Figure 20

Figure 20 Hanger type hinges generally have more seismic resistance
than the seat type shown in Figure 19, but are still subject to
seismic damage. These hinges ofen have steel bars or angles that
bear against the opposite web, or lugs attached to the flanges, which
were designed to keep the girders aligned transversely for wind forces.
Those devises are usually structurally inadequate and are too short to
be effective with even moderate seismic shaking. Consideration should
be given to replacing them or adding supplemental transverse restrainers.

Disploced superstructure

Figure 21

Figure 21 Very few older bridges have bearings that will not fail
in a moderate or greater earthquake. It should be anticipated
that a bridge superstructure can be displaced transversely. If the
exterior.gi~der.of a multi-girder bridge is moved beyond the end of
a bent, ~t ~s l~kely that that side of the bridge rna" be severely
damaged and the use of a shoulder or lane will be lo~t. but traffic
can be routed over a portion of the bridge with few or no emergency
repairs. This is considered to be an acceptable risk.

Figure 22

Figure 22 If the superstructure of a two or three girder bridge is_
displaced transversely so that one line of girders loses its support,
the entire bridge may collapse. Adequate transverse restraint should
be prOVided.
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v~l'hI---Supp/emenlalsupport

Figure 23

Figure 23 In most locations it is generally not practical to
restrain longitudinally the superstructure at an abutment. Supple
mental supports can be provided to prevent the superstructure from
dropping excessively. This same principle may also be applied at
bents in certain circumstances.

Figure 24

Figure 24 Numerous types of steel bearings used on various types of
steel and concrete bridges have been damaged by relatively minor
seismic shaking. It should be assumed that they will fail in areas
where the maximum credible bedrock acceleration is O.3g or greater.
If the failure of any type of bearing will result in the superstructure
dropping 6" or more without falling off of the pier or abutment,
consider replacing the bearings with a modern type or adding bolsters
that will minimize the drop.
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Piers restrain rotation or
transverse movement of
superstructure
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'Restraint parallel 10 directiCY1
of movemenl of superstructure
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Figure 25

Columns permit rotation
of superstructure

Restraint normal to
fl. hinge or bearings

PLAN

Figure 26

Figures 25 & 26 The rigidity of piers and bents can control the
direction of movement of a structurec Restrainers will be more
effective if they are oriented in the principal direction of movement.
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Restrainer Reguirements

Hinge and bearing restrainers should have redundancy. There is
always a chance that a single unit has a defect (due to £aulty
material, fabrication, installation, adjustment, maintenance, etc.)
and will fail sooner than expected. Additional units or other
devices should be capable of doing their share of the job 1f one
unit fails prematurely.

Restrainers should fail in a ductile rather than brittle manner
when subjected to ultimate loading. They should not fail before
the structure as a whole fails.

Restrainer brackets and connections should be at least 25% stronger
than the cables, rods or primary restraining devices. They should
be designed so that they will not fail or cause failure of the
portion of structure they are attached to if some component part or
parts of the unit are misadjusted or fail prematurely.

The following ultimate strengths should be assumed for designing
connections and determining the adequacy of supporting members:

3/4" cables (6xl~Federal Spec. RR-w-4l0c)

Fu = 53 kips
l~" H.S. rods (ASTM A-722 with Supplemental Requirements)

Fu = 188 kips

(use 53 x 1.25 = 66.2 kips and
188 x 1.25 = 235.0 kips per cable
and rod, respectively)

Bolted Connections shall be designed as a
bearing type:

H.S. Bolts
(A325)

3/4"
7/8"

1"
1 1/8"

Allowable Shear
lIv=O. 6 Fu~r)

20.1 kips
27.7
36.3
45.8

Allowable Tension
-iEt = ¢ Fu.t-)--

34.1 kips
47.1
61.8
68.1

Combined Tension and Shear:

Fvc=V(FV ) 2 - (0.6 f t )2

Where: Fvc= Allowable shear per bolt for combined
shear and tension

¢ = Reduction Factor = 0.85

Fv = Allowable shear per bolt (kips)

ft = Applied tension per bolt (kips)

Ar = Area of bolt with threads in shear plane

Fy = Ultimate tensile strength (kips)
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The following allowable stresses should be used for designing
ASTM A-36 steel brackets for ultimate conditions:

Tens. or Compo = 36,000 psi
Shear = 22,000 psi

LF.. 30F h'h ' '11.18 d or • 0"4. W ~c ever ~s sma.L er
F~ = 58,000 psi

L • Distance in inches measured in the line
of force from the centerline of bolt to the
nearest edge of the hole for an adjacent
bolt or to the end of the connected
part toward which the force is directed.

d a Diameter of bolt in inches.
F_ = The lowest specified minimum tensile

strenqth of the connected parts.
LId shall not be less than 1.S

welds = 36,000 psi
welds = 26,000 psi

Bearing

Groove
Fillet

Bearings:

One of the primary seismic weaknesses of older bridges is that the
spans are not connected to each other or to the bents and abutments.
Bearings usually prOVide the only connection between these units.
Experience has shown that the seismic resistance of bearings is often
overrated and they are damaged by relatively minor shaking.

When seismic shaking becomes more severe or prolonged, damaged bear
ings offer no restraint and allow the spans to falloff their
supports.

As a general rule, a designer should be very cautious about assuming
that bridge bearing anchor bolts, keeper bar bolts or welds and
similar details have any significant effect in keeping a bridge super
structure on its supports during a major earthquake. The following
shortcomings of bridge bearings should be considered:

1. All of the bearings at the end of a span probably are not
subjected to identical forces simultaneously. Because keepers
or other devices are not set with exactly the same clearances,
only one half, or fewer than one half, of the bearings will
initially resist a horizontal force in one direction.
Rotation of a span in a horizontal plane puts unequal loads
on the bearings. It is not uncommon for bearings at one end
of a span to be damaged to varying degrees by an earthquake.

2. Grout pads under bearing masonry plates have traditionally
given trouble during and after construction and have been
one of the main sources of trouble in minor quakes. Failure
of a grout pad will allow the bearing assembly to move and
subject the anchor bolts to combined bending and shear.

3. The common detail of a girder seated on an elastomeric pad
will subj ect anchor bol ts to combined bending and shear.

4. Anchor bolts are frequently threaded below the top surface
of the pier or abutment seat. This gives a reduced area for
shear and minimal resistance to bending before failure occurs
due to notch sensitiveness at the root cf thread.
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5. Although it is less common, some anchor bolts are too
close to the edge of the bearing seat, have inadequate
reinforcement around the bolts, and will spall off the
concrete when subjected to horizontal loads.

6. Keeper bars allow movement between the sole plate and
bearing bar or rocker. Sliding takes place on this surface.
Sliding obviously does not start until the horizontal force
exceeds the vertical load times the coefficient of friction.
When this happens, does it result in an impact on the keeper
bar and anchor bolts? If so, it can increase the calculated
force considerably.

7. Bridge bearings may not be what they are represented to be
on "As Built" plans or maintenance records. Adjustments to
keepers or other details are occasionally made after
construction is completed and the details or workmanship may
be inferior to the original.

Earthquake restrainers should be considered if the strength of the
bearings is less than twice the calculated seismic force on them,
after taking due consideration of the above deficiencies and uncertain
ities.

Columns

Many older bridges have seismically deficient columns as well as
inadequate bearings. The deficiencies may be due to an insufficient
amount of longitudinal reinforcement: too few, too small or improperly
detailed ties or spirals: improperly located lap splices: or inadequate
anchorage or confinement of longitudinal steel in footing or caps.
These deficiencies are much more critical for structures with single
columns than those with multi-column bents. The problem is so
extensive and costly to correct that most structures with seismically
deficient columns (especially those with multi-column bents) will
never have those deficiencies corrected. In some of those cases the
calculated forces required for hinge restrainers may be greater than
the columns can resist. If it is obvious that deficient columns will
not be retrofitted, consideration should be given to limiting bearing
restrainer forces to approximately 25 percent greater than what is
required to fail the columns.
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BRIDGE RETROFITTING DETAILS

Oris H. Degenkolb

INTRODUCTION

The 1971 San Fernando, California earthquake disclosed the fact
that many existing bridges had serious seismic deficiencies. The
State of California initiated a survey of all its bridges and
determined that approximately 1220 could have their seismic re
sistance increased by retrofitting them to keep the structural
segments from separating when shaken by an earthquake. The total
program is estimated to cost approximately $50 million and is now
slightly more than half completed.

DESIGN METHODS

California's criteria for designing restraining devices have changed
a number of times since the retrofitting program was initiated in
1971. The first criteria was very simple and consisted of providing
a restraining force equal to 25% of the dead load of the lighter
segment of superstructure connected. &~ effort was made to use
ductile materials.

Bridge seismic design specifications have been revised radically
since that time, bridge designers are now able to take advantage of
the advancements made in the field of computors and structural
dynamics, and Load Factor Design methods have superseded the Working
Strength Design method.

Restrainers are now basically designed in accordance with the
American Association of Highway and Transportation Officials
Standard Specifications for Highway Bridges. The equivalent Static
Force Method may be used for designing restrainers for bridges with
well balanced spans and supporting bents or piers of equal stiffness,
but the Response Spectrum Method applied to the structure as a whole
is generally preferred for more unusual structures and where con
tributing dead loads may come from beyond the immediate spans or
frames.

Unless there are other limiting factors, such as the ability of a
structure to accommodate the restraining forces, restrainers should
be designed to resist forces equal to the acceleration, expressed as
a percentage of the gravitational force, times the contributing dead
load, but not less than 0.35 times the contributing dead load.

The dynamic analysis utilizes a modal analysis
application of the response spectrum of ground
lumped sum mass space frame of the structure.
the relationship of the site to active faults o
of soils at the site, and the dynamic response
the whole bridge.

based on the
acceleration to a
This method considers
the seismic response
characteristics of
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Dynamic analyses sometime appear to give what seem to be erratic
results. ~~nimum, or less than minimum, restrainers may be deter
mined to be satisfactory, but more restrainer capability at the
same location may be calculated as being insufficient. This
apparent inconsistency is due to the fact that a stiffer element~

in a system will "attract" more force. In specific instances where
this phenomena has been observed, restrainers with minimum or
greater than minimum capacities have been considered to be the more
appropriate. Considering the fact that different methods of
analysis give drastically different results, none of which may re
present what may happen when a structure is shaken by an actual
earthquake, it should be realized that a designer must use a con
siderable amount of judgment.

RESTRAINER DETAILS

Many compromises must be made in designing seismic restrainers.
Ideally, restrainers should:

•
•
•

•
•
•

•

Be effective in an earthquake.
Be economical.
Dissipate energy.
Keep units of a structure in their initial relative locations.
Require no maintenance.
Be accessible for inspection and repair.
Be repaired or replaced by ordinary maintenance workers.
Use ordinary tools for repair or replacement.
Use commonly available parts which don't become obsolete.
Not use liquids which can leak out or evaporate.
Be foolproof.

The basic restrainer materials used for retrofitting California's
bridges are 3/4" 6x19 cable (Federal Spec. RR-W-4l0C) and l~" ¢ bars
(ASTM A-722 with supplementary requirements). The end anchorages
for the 3/4" cables (Figure 1) develop the full strength of the
cable. Cables have a minimum breaking strength of 46 kips, are assum
ed to have a yield strength of 39.1 kips, and frequently test to 53
kips ultimate.

~•• Cablt,

Swogtd fitting 0"4 Itud

!5 llies· II~.'-.:I 0'·10- Stud
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l~" dia. high strength steel rods are required to have a minimum
ultimate strength of 150 kips. The supplementary requirements of
ASTM A 722 assure greater ductility. The l~ dia. size is readily
available competitively, whereas the supply of other sizes may be
somewhat limited. The design yield strength is 120 kips and two
types of bars are commonly used: Dywidag threadbars, which have a
continuous rolled-in pattern of threadlike deformations along their
entire lengths, and smooth rods which are cut to length and have
machine threaded ends. Although they frequently develop the full
strength of the rod, couplers and anchorage devices are required to
develop not less than 95% of the specified ultimate tensile strength
of the rod. Figure 2 is a diagramatic sketch of a typical end
anchorage for high strength steel rods.

Transverse restraining devices in the hinges of older concrete
bridges are often considered to be inadequate for keeping the
adjacent sections of superstructure aligned during an earthquake.
Differential movement between the two sides of a hinge would shear
high strength steel rod restrainers. Transverse restrainers (Figure
3) are added when required" to assist in keeping the two sides of a
hinge in alignment. The concrete filled pipe transverse restrainers
are placed in the direction of normal hinge movements.
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ELEVATION

I

PART PLAN

Figure 7

Figures 4 and 5 have been used for connecting segments of super
structures together and are suitable for relatively short structures
with wide supports.

Figures 6 and 7 show methods of connecting precast-prestressed and
steel girders to bent caps. Although these details are especially
suited to long multi-span structures, they are also preferred for
shorter structures with few spans. The detail illustrated in Figure
7 may not be suitable in some instances where vertical clearance
underneath the structure is critical.

Figure 8 illustrates a method used for connecting steel girders
which are supported on a steel girder cap where the girders are in
line with each other. In cases where girders cannot be connected
directly, because of curved or flared roadways, cable restrainers
are attached to beams made up of steel channels which are connected
to the bottom girder flanges as shown in Figure 9.
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An early type restrainer which was used in box girder hinges is
shown in Figure 10. It had the advantage of providing a considerable
amount of transverse and vertical, as well as longitudinal, restraint.
It's use is limited, however, because many hinge diaphragms don't have
the strength to resist the punChing-out effect of the restrainer cable
anchorages. Another disadvantage is that the grout, which is·placed
in the pipe to increase the transverse and vertical shearing capacity,
reduces the stretching capacity (ductility) of the cables.
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The most commonly used retrofitting detail in California is shown
in Figure 11 because of the predominance of concrete box girder
bridges. Reinforced concrete bolsters are used to spread out the
anchorage forces which would otherwise destroy the hinge diaphragms.
Figure 12 is a similar detail which aids in preventing rotation of
superstructure segments caused by the skewed ends. The seven cables
which are passed twice through the joint give the restraint of 14
cables. Seven cables passing through the hinge three times give
the effect of 21 cables, as shown in Figure 13_
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Hinges in box girder bridges are usually located about one-fifth of
the span length from a bent. In cases where it is desirable for
cables to stretch more than allowed in the previous details, cables
are passed all the way through the cantilever end of the span and
around the bent cap as shown in Figure 14. This same scheme is also
used with rod restrainers. Rods must be longer than an equivalent
cable restrainer which provides the same amount of restraint, because
of the greater modulus of elasticity. A plan view of rods connecting
a hinge to the bent cap of a skewed bridge is shown in Figure 15.
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Although access holes have been made in all three cells, in some
contracts, some contractors have found it more economical to omit
the access opening in the cantilever cell. They have. been
successful in aligning the holes through the cap and diaphragm
and threading the restrainers through the cantilever cell from
the first and third cells. Minor obstructions, caused by supports
for the deck forms, can generally be pushed out of the way. Access
to the cantilever cells is now optional and at the contractor's
expense, if he prefers to use them.
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Precast-prestressed girders supported on an lIinverted Til cap can be
restrained as shown in Figure 16. Coring holes near the ends of
prestressed girders present no special problems if the girders are
prestressed with strands or wirese Severing a few small tendons will
have a negligible effect on the strength of a girder. If girders
are tensioned with large rods, precautions should be taken to avoid
damaging them.
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Figures 17 and 18 illustrate a method of restraining precast
prestressed girders at a bent by attaching cable anchorages to the
underside of the deck and passing the cables through holes cored
through the bent cap where it was considered impractical to attach
the anchorages to the girders. Similar schemes have been used using
rods in lieu of cables. Care must be taken to avoid damaging main
cap reinforcement and not bending restraining rods excessivelYe
Figure 19 shows the same general scheme where it was not practical
to attach restrainers to the girders or inadequately reinforced
diaphragms •
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Figure 20 shows a typical restrainer for small T-beam bridges which
have. only a few spans with wide supports. An identical detail has
bee!1..used for T-beam bridges with very narrow hinge seats.

Figure ~l_is commonly
lightly~'reinforced to

used for T-beam bridges with diaphragms too
safely resist the required restrainer forces.
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continuous longitudinally reinforced concrete bridges with hinges
are seldom retrofitted because the spans, if unseated in an earth
quake, will not fall down ~~der the influence of their own dead
load. It is pres~~ed that the problem will be recognized and
temporary shoring placed or other remedial action taken before any
serious problems occur. Simple spans, drop-in spans, and some
specially designed slab bridges which are certain to drop if they
become unseated, have been retrofitted.

Figure 22 shows the detail used for restraining a drop-in slab
adjacent to a T-beam span. Hinges of special slab bridges have
been restrained in an almost identical manner with diagonal holes
being cored on both sides of the hinge (similar to the right hand
side of Figure 22). The cable ends in those cases were either
anchored in the deck or connected with a turnbuckle underneath the
deck.
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Precast-prestressed girder hinges have been restrained longitudinally
a~d vertically as shown in Figure 23. The possibility of differential
lateral movement should be considered also -- especially if the
spans are skewed.

Hinges in relatively short spans or short drop-in spans can be
restrained by connecting the adjacent piers with restrainers as
shown in Figures 24 and 25. One of the main problems with this
scheme may be excessive stretching of the tendons if the span is
rather long. More tendons can be used to overcome that problem,
but that also increases the cost.
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Figure 26 shows a detail for restraining a commonly used steel
girder hinge. The welded plate assembly bolted to the bottom
flange of the suspended side restrainers excessive transverse and
vertical rnovement e The cables connecting that assembly and a
bracket attached to the bottom flange of the cantilever limit the
longitudinal opening of the hinge&
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Masonry plate anchor bolts are one of the most seismically
vulnerable details. Additio~al horizontal support has been given
to some masonry plates by welding steel plate extensions with
additional anchor bolts to existing bearing asserrblies, as shown
on Figure 27. Other portions of the bearings should be investigated
and additional corrective action taken, if necessary, to make certain
that there are no equally vulnerable deficiencies remaining.. Steel
bearings and anchor bolts. should be designed to resist at least
twice the calculated force that they may be subjected to.

It is sometimes advisable to replace existing steel bearings
especially if they might allow the bridge to drop more than 6 inches
or lead to other failures. This has been done as shown in Figures
28 and 29. Figure 28 shows a steel rocker bearing that was replaced
with a welded steel pedestal and elastomeric bearing pad. It may
also be necessary to provide additional longitudinal and/or trans
verse restraint in addition to this detail. Figure 29 illustrates
how steel rocker bearings have been replaced by using elastomeric
pads for new bearings and reinforced concrete to support the pad
and provide tr~~sverse restraint. Longitudinal restrainers may also
be required in addition to this detail.
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Figure 30 shows how steel girders can be given additional longitudinal
and transverse restraint at an abutment. A method used for restrain
ing steel girders transversely is shown in Figure 31.

The solid steel pin shown on Figure 32 will provide transverse and
longitudinal restraint at an abutment. One of the main limiting
factors for this detail is the strength of the abutment seat and end

_diaphragm. It is also a good detail for new construction where the
concrete can be reinforced to develop the forces imposed by the
steel p~n. Although this scheme can also be used at intermediate
supports there may be large amounts of negative reinforcement in bent

___caps that would be cut or damaged by coring the vertical holes.
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Figures 33 and 34 illustrate methods used for providing supplemental
support under the ends of steel or concrete box girders, respectively,
when longitudinal movements might exceed the capacity of the bearings.
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The support width of one bent in the center of a long viaduct was
increased as shown in Figure 35. Based on the results of a dynamic
analysis, it was felt that it would be advantageous to permit the
viaduct to work as two short structures rather than one long one, with
provisions for extra movement taken at this bent. Extensions were
made on both faces of the cap and two columns to make the bent
architecturally compatible with the rest of the structure~

Figure 36 shows a type of vertical restrainer commonly used in steel
girder bridges. The upper end is attached to the end diaphragm and
the lower end grouted into the top of the bent cap. Care should be
taken to avoid the negative reinforcement in the bent cap.

CONCLUSIONS

The wide variety of bridges constructed over a period of many years
in a large and varied area such as California makes it virtually
impossible to use a few standard details for accomplishing an
extensive retrofitting program. The details described in this paper
are not necessarily complete in themselves. It is frequently
necessary to use more than one detail to restrain a segment of a
structure adequately. The combination of different construction
materials, span lengths, skews, alignment, framing, vulnerable details,
etc., makes it necessary to examine every structure as a unique
problem.
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INSPECTION AND RETROFITTING FOR EARTHQUAKE RESIST&~CE

VULNERABILITY OF HIGHWAY BRIDGES IN JAPk~

by Eiichi Kuribayashi
Osamu Veda, Tadayuki Tazaki

Public Works Research Institute

SUMMARY

All highway bridges in Japan are supervised technologically, through the
authorized specifications by the Ministry of Construction. The ministry
has conducted the inspection of highway bridges three times (i.e. 1971,
1976 and 1979). The first one in 1971 was to point out the deteriorated
bridges liable to be damaged in earthquakes. The second in 1976 was to
check the items being closely related with the possibility of damage. The
third inspection in 1979 was to classify bridges according to their earth
quake resistances. This paper introduces the procedure of the latest
inspection and its retrofitting in 1979.

INTRODUCTION

It is necessary in earthquake disaster mitigation planning to extract
structures liable to be damaged in earthquakes. Two methods exist for the
extraction. The one is to point out the structures liable to be damaged
when they have the vulnerably structural factors according to the experiences
of past earthquakes. The other is to analyse structures and to judge their
safety.

The inspection of highway bridges conducted by the Ministry of Construc
tion, Japan, in 1979 sequentially applied both of the methods.
Possibly vulnerable bridges were extracted by the former method. The
vulnerable factors considered were;

(1) the design based on the old specifications,
(2) deteriorated materials, and
(3) vulnerable types of structures according to the damage in past

earthquakes.'

The extracted bridges were inspected by the latter method.
The priority of retrofitting was determined by the importance of

bridges.

PROCEDURE OF THE INSPECTION

The inspection of highway bridges conducted in 1979 consists of four
steps. The first step is to select the routes to be inspected, which are
indispensable in emergency.

The second step is to extract the possibly vulnerable bridges.
Referring the reports of past earthquakes, damage of bridges is more
affected by the vulnerable subgrounds and substructures than superstruc
tures, so that the formers are emphatically inspected.

The bridges extracted by the second step are to proceed to the third
step. It is to inspect the stability of subgrounds and foundations~ and

I) Senior Research Engineer, Earthquake Engineering Division, Public Works
Research Institute, Ministry of Construction~ Tsukuba Science City 305.
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the section moduli of piers.
The forth step is to analyse structures dynamically if required.
The retrofitting method for each type of vulnerability identified is

lastly proposed. The priority of retrofitting is to be determined by the
availability of substitutive routes and the easiness of traffic resumption
in emergency.

The procedure of the inspection is shown in Fig. - 1. This paper
mainly describes the second and third steps.

Superstru~ture

Unsafe

Third Step

Unsafe
Safe

Fig. 1 Flow Chart of Inspection in the Second Step

Possibly Vulnerable Bridges (Second Step)

The second step is to extract the possibly vulnerable bridges which
should proceed to the more detailed inspection in the third step. The
vulnerable factors considered are as follows:

(1) Specifications Conformed

Owing to the progress of earthquake engineering, specifications
have been revised several times.

At least the structures conformed with the latest specifications
of 1971 were considered to have enough safety. The structures before
the 1956 specifications were considered to be possibly unsafe. Those
between 1956 and 1971 were judged depending on the subground, founda=
tion and deterioration of the substructure.

For instance of the improvement of the specifications no atten=
sion had been paid to liquefaction before the specifications of 1971
were issued.
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(2) Subground

a. Loose and Saturated Sand

Loose and saturated sand is liable to liquefy in earthquakes.
Sandy layers which were less than 10 m deep and whose N-values
were less than or equal la, or the sites where historical liquefac
tion was reported were extracted.

b. Poor Subsoil

Peat layers or the sites where adjacent dikes and embankments
settled were extracted.

(3) Substructure

a. Lack of Enough Rigidity

The substructure as shown in Fig. 2 suffered damage in
Miyagiken-oki earthquake of 1978. The damage would have been
attributable to the independent two caisons and insufficient
rigidity of the tying members.

The pile bent substructure as shown in Fig. 3 experienced
damage in Niigata earthquake of 1964.

Both types of the foregoing substructures have insufficient
rigidity. Therefore the substructures without enough rigidity
were extracted.

Fig. 2 Independent Caison Foundation

I J

, ,

! I
,

, , ,

Pile-bent Foundation

b. BrittleMaterials

Substructures made of plain concrete, brick and masonry were
extracted.

c. Settlement and Inclination

The substructures which settled or inclined were extracted.
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(4) Superstructure

a. Curved Bridge

A curved bridge acts rather different in an earthquake from
what is expected in conventional design. In conventional design
a bridge was designed in longitudinal and transverse directions.

However a curved bridge bears not only the forgoing loadings
but also torsional loading. The curved bridges without considera
tions of torsional loading and whose radius were less than 100 m
were extracted.

b. Skew Bridge

By the similar reason as curved bridges. skew bridges of less
than 60° of angles were extracted.

c. Deteriorated Supports

The supports of deteriorated anchor boles. deteriorated bear
ings and over-dislodged supports were extracted.

d. Lack of Devices to Prevent Dislodgement

The supports without devices to prevent dis lodgements which
were specified by the specifications of 1971 were extracted.

Classifying Bridges by their Resistance (Third Step)

The bridges extracted by the second step were to be inspected in the
third step. Here only subgrounds and substructu~es were inspected. because
superstructures do not affect the damage according to the experiences of
past earthquakes as far as they passed the second step inspection.

(1) Subgro~nd

a. Liquefaction Resistance Factor

Liquefaction resistance factor. FL is defined as the ratio of
the resistance index of soil elements to dynamic loads R. and the
shearing stress loads index to soil elements induced by earthquake
motions L. The procedures to calculate Rand L are shown in
Reference [2]. Subground having the total thickness of the layers
of greater than 10 m whose FL were less than 0.6 was judged to be
liquefied in earthquakes.

b. Bearing Capacities

In the relationship between the overturning moment and the
bearing capacity of foundation three zones were defined as safe
(A). slightly unsafe (B) and unsafe (C) in Fig. 4.

(2) Substructure

a. Section Modulus of Pier

Aged piers possibly have the insufficient section moduli
compared to the current specifications. The section moduli of
inspected piers were compared with those of the Sandard Design
issued by the Ministry of Construction and other institutions,
which were designed based on the current specifications, The
checking charts are shown in Figs. 5 - 7. Fig. 5, Fig. 6 and
Fig. 7 correspond to wall pier. column pier and rigid frame pier
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respectively. The line dividing zones A and B was drawn by
enveloping the dimensions designed by the Standard Design. The
line dividing Band C was drawn by multiplying by 1.1 (reserve
strength of reinforcement) of the line between A and B. Zone C
was determined to be preferentially retrofitted.

Hu hF
(t-m)

Hu : Seismic force of
superstructure (t)

hF : Pier height (m)

br : Footing width (m)

Lr : Footing length (m)o
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Fig. 4 Checking Chart for Bearing Capacity
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Fig. 7 Checking Chart for Rigid Frame Pier

b. Safety Factor of Pile Foundation

Aged pile foundations are liable to be damaged than other
types of foundations according to the experiences of past earth
quakes. The reason for this would be that there did not exist
capable pile drivers in old days. Additionally most piles before
1950 were made of timber. Therefore pile foundation was exceptional
ly inspected by calculating the safety factor SF as follows.

RuSF =
Vi

Ru : Ultimate bearing capacity of a pile (t)
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Vert~cal reaction of pile i (t)

Vertical load (t)

n Number of piles

e Eccentricity (m)

Xi Xcoodinate of i-th pile (m)

Dynamic Analysis

y... + Ve X
n Xi2 i

The bridges extracted by the above step were inspected by applying the
the dynamic analysis, if required.

Determining the Method of Retrofitting

The retrofitting method for each type of vulnerability identified is
shown in Table 1.

Table 1. Proposed Method of Retrofitting

Classification Vulunerable Factor Method of Retrofitting

Subground Surrounding by sheet piles

Pile driving behind abutments

Driving additional piles

Sand compaction piles

'Subatructure Scour Consolidation of foundation

Lack of enough rigidity Additional rigidity

Section modulua of pier Additional section

Section modulus of Expansion of footing
footing

Safety factor of pile Additional piles
foundatio"

Superstructure Curved bridge I Devices to prevent dislodgement

Screw bridge Enlargement of bridge seat

Connecting devices of adjoining
girders

Deteriorated support Exchange of support

Lack of devices to Installing devices
prevent dislodgement

DISCUSSIONS

About 37000 bridges were inspected in which 42% were judged to be
retrofitted.

It is necessary to get a reasonable level of restrofitting from an
economic point of view. Because of the low recurrence of damaging earth
quakes~ the retrofitting investment is obliged to be at a lower level, when
the direct effects of retrofitting are only considered. However the
retrofitting also has the indirect effects, such as the traffic and trans
portation, regional economy and opportunity loss for repair and reconstruc
tion. When such indirect effects are considered, more retrofittings are
reasonalized.
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INTRODUCTION TO AN EARTHQUAKE EVALUATION TEST FOR EFFECTS

TO RETROFIT OF REINFORCED CONCRETE BRIDGE PIER ELEMENTS

by

Eiichi Kuribayashi

ShigetoshL Kobayashi

Publ~c Works Research Institute

Ministry of Construction

1. Introduction
This paper briefly describes an evaluation test for effects

to retrofit of reinforced concrete bridge pier elements conduct

ed at the Public Works Research Institute in the past.

In order to increase strengthes of the existing concrete

structures there are many kinds of methods in the design and

construction procedures as follows,

1). Strengthening using steel plates

2). Strengthening employing Prestress Forces

3). Strengthening casting additional sectional area

of reinforced concrete
and 4). Strengthening using additional members of rein-

forced concrete

In ~~is paper authors introduce an I~xample which evaluated

the method 10 and method 3. of the above 0
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2. Experimental Study

2.1 Specimen Details

Five kinds of test specimens were designed to meet the ob

jectives of this program. Table-l. and Fig.l show the datails

and dimensions of the specimens.

Specimen R is 30cm wide, 30cm deep and 2m high original

reinforced column member.

Specimens RR-l,RR-2,RR-3 and RS are retrofitted members.

The method to strengthen for RR's is additional casting

of 10cm deep reinforced concrete on both tension and compression

sides of the original member R. The differences among RR-l,RR-2,

and RR-3 are the method of the pretreatment on the surface to

which additional concrete is casted. Details are shown in Table-

1.
The strengthening method used for RS is to adhere 6rnm thick

steel plates on both the tension and compression sides of the

original member.

2.2 Material Properties

Material properties used for the specimens were as follows.

Concrete: Ready mixed concrete with high-early portland cement,
crashed rock coarse aggregate 20rnm in maximam size

and river sand was used. The mix propor~ion of ~~e

concrete is shown in Table-2.

The strength of concrete is shown in Table-3.

Steel: Deformed bars used for reinforcement were SD30(JIS

Degignation) of l3mm nominal diameter.

Steel plates used for strengthening RS are SS4l(JIS

Degignation) of 6mm thick.

Adhesive agent: Epoxy resin was used for sticking steel plates,

for fixing anchor bars and for spreading on the joint

surface of RR-2 and RR-3. Mechanical properties of ~~e

resin is shown in Table-5.
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2.3 Casting of Specimens

Original column: 10 original columns were fablicated. Concrete
was casted continuously being compacted with inner

vibrators.

Retrofit a columns of original ones were retrofitted with the
methods shown in Table-l and Fig.l.

2&4 Testing Procedure

For giving both the axial force and the bending moment

eccentric longitudinal loads were applied by a lOOOt compression
test machine. The distance of the eccentricy is shown in Table-6 ..

The load was not increased monotoniously but repeated load
ing and unloading several times as shown in Table-a until it

reached at the ultL~ate state. The loading speed was lOt/min. (for

R) or 20t/min. (fo~ others). Strains of concrete, reinforcement

and steel plates, and the deformation of each specimen were

measured during the test.

3. Test Results

3.1 Load-Strain Relation9

The relation between the applied ·load and observed strain of

each specimen is shown in Fig.2 and Fig.3. Calculated values in

the figures are given by ~~e elastic design method assuming
that the ratio of Young's mod~us of steel to concrete and the
cross sectional area of members are as shown ~n Table-7.

The relationship between loads and strains of the specimen

which was strengthen by additional casting of reinforced concrete

is similar to the calculated value when the streng~~ of the load

is around the level as usually allowed. In other words the

concrete member which casted later is working as a part of the

member.
The difference of the treatment of the joint surface select~

ed in this program scarce~y affected to the strength of the
retrofitted memoer.
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The load-strain relation of ~~e specimen strengthen with

steel plates is also similar to the elastically calculated value

when the load is such low as the stress of concrete is around

the allowable stress which is lOOkg/c~ in this case. But when

the load exceeds the value, strains of the specimen exceed gradu~

ally to the caluculated value and they appeoach to the values

which were caluculated negrecting the streng~~ of compression of

the steel plate.

3.2 Failure Pattern

Typical examples of failure are shown in Fig.4. In the case

of RR type, tention cracks appeared first to the tension side,

then vertical cracks were observed in the additional concrete

subjected to tensile stresses and lastly a long crack extended

along the joint of the compression side.

In the case of RS type, the steel plate on compression side

was partly separated from the surface by buckling when the com

pressive stress of the steel plate reached to around 1300kg/cm~

When the load reached a level at 120t, suspected shear cracks

appeared at the end of the steel plate subjected to tensile stress

es. The load decreased after the compressive failure was observed,

when the load reached l40t.

3.3 Bearing Capacities of I.oads

The comparison of the observed bearing capacity with calcu

lated one is shown in Table-8. Calc. A is given by the working

stress method. Calc. B is given by the ultimate strength method.

In case of RS, the strength of the compressive steel was neglect

ed as it had buckled before the maximum load was applied.

The reason that the observed strengths of case RR's were

lower than calculated ultimate strengths is that the calculation

of strength was carried out assuming that concrete was homogene

ous and the strength of the original concrete was assumed as the

same strength to additional one although the strength of the

original concrete was weaker than the post casted one.
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4. Conclusions

Conculusions ~~rough the tests and analysis are given as

follows.

1). The concrete column member retrofitted by additional cast

ing of reinforced concrete behaves like as a composite struc

ture and its effect ~s seemed to be reliable.

2). For evaluating the effect of the retrofit by above method,

the working stress method can be comprehensively, used.

3). There was little difference on the effect of pretreating

of the joint surface among the three methods selected in

this program.

4). The retrofitting method to adhere steel plates may cause

buckling of the compression steeL plate if the compressive

stress'is subjected. Then,

5). It is recommended to neglect the effect of steel plates as

the compression member.

Those tests were carried out under the one directional static

load. It is recommendable that the necessity to do more o~~er tests

which apply the reversible load for examining whether the con

clusions are reliable or not to the bridge pier which would be

subjected to such strong reversible l~ad as earthquakes.
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Specimens

R Original
Member.

Specimen Retrofitting
Type Method

Steel roncrete Strength I Space of I Number I'
OrigLI Ret. Origin. Ret. tie bar II

SD30 I _ ::~1 ::~21- I' <::) i 2 !
! D13 . j !

1---------------....;,,..---.-1---+----1'"-- ·---!-------I!-I------;i
RR-l Chipping. SD30 SD30 384 273 458 15 2 I

Anchor bar. D13 D13 1
Additional cast
of R.C.

RR-2

RR-3

RS

Chipping & resin
spread. Anchor
bar. Add.cast of
R.C.

Grinding & resin
spread. Anchor
bar. Additional
cast of R.C.

Grind. & resin
spread. Sticking
steel plates.

SD30
Dl3

SD30
D13

SD30
D13

SD30ID13

SD30
D13

SS4

384

384

384

273

273

273

458

458

15

15

15

2

2

2

Table-2 Hix Proportion of Concrete

HIC S/a in 3 (kg) IMax. Agg. Size Slump Amount 10
(mm) (em) (%) (7.) VI I C S IG

20 8±2 62 44 175 I 282 841 1091 II

Table-3 Strength and Young's Modulus of Concrete

Compo Stre2gth Young I s ~!2duluS

(lgL~g},:J__ _-l_kU£.rn_l.--__

Original No.1 384 2.6 x 105
I

Concrete i 273 5
No.2 2.1 x 10

........-
x 105

.~Addition. Concrete: 458 2.9
I i
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Table-4 Mechanical Properties of Steel

stu \ Yield. Szreng. UltimatezStreng • Elongation
kg/em kg/em %

SD-30 D13 3460 5160 25

S541 3060 4770 25

Tab1e~5 Mechanical Properties of Epoxy Resin

~
Spreading Fixing Sticking

Factor on Joint Anchor bar Steel Plate

Sp~ific Grav. 1.29 1.22 1.17..
Flex. St2ength 523 - 780

ksdcm
Compo Strength 1219 1031 1946

kg/cm2
Young I s Modulo 24900 26500 27800 iko/cm2
Tensile Streng. 266 - 473

kg/cm2

Table-6 Loading Process

i
Load RepetitionSpecimens Eccentricity Stress I

cm kg/cm2 I t n!.
=. 100

I
40 1 I

R 12 .. 150 60 1 I
" 300 80 :3 I
. 100 60 1

I
~

RR 15 .. 150 150 4
.. 200 210 5

=. 100 60 1 IRS 12 " 200 80 6 .
" 300 120 4 !

I i
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Table-7 Assumptions for Calculation

. - .-. - - ---- ... .~~-~

Specimens Young's Mod Assumption
Ratio

I R 9.0

--I

I RR 7.0 Strengthes of the conere te are equal to
I the additional concrete.

I RS 9.0 Caluc.l Compressive strength of stael plate
t is effective.

I Caluc.2 Compressive strength of steel plate
is ineffective.

Table-8 Bearing Capacities

- _::::::.4..••
__=== __ 4•. __ --

Specimen Observed Calcu. A Calc. B
t. t t

R No.1 110* 99 124
No.2 97 1 71 95I.

R...tt-l No.1 268
No.2 250

RR-2 No.1 210*
NO.2 260 247 295

RR-3 No.1 260

! NO.2 260
j
I RS No.1 140 123 149I

I No.2 140 88 113

A. :
:8.. :

*

The Working Stress Method.
The Ulei~e.Strength Method.
Locally failed at the loading point.
In all of the cases, the compressive side
first.

yielded
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