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FOREWORD

At the Eighth World Conference on Earthquake Engineering held in San
Francisco, California, U.S.A., July 21-28, 1984, twenty four papers were
presented by faculty participants and research personnel associated with the
Earthquake Engineering Research Center, University of California, Berkeley.
The papers have been compiled in this report to illustrate some of the
research work in earthquake engineering being conducted at the University of
California, Berkeley. The research work described in the papers has been
sponsored by the following agencies: National Science Foundation; Department

of Housing and Urban Development; American Iron and Steel Institute,
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EARTHQUAKE RESPONSE OF A 1/5th-SCALE MODEL OF A 7-STORY
REINFORCED CONCRETE FRAME-WALL STRUCTURAL SYSTEM
A. E. Aktan ()

V. V. Bertero (I1)

Presenting Author: A. E. Aktan

SUMMARY

A 1/5th-scale model of a seven-story frame-wall structure was fabricated and tested on
the earthquake simulator at the University of California, Berkeley. The experimental responses
and associated studies led to assessments regarding significant inadequacies of the states-of-the-
art of experimental and analytical response prediction, as well as an understanding of servicea-
bility and ultimate limit state response characteristics of a conceptually designed, detailed, and
well-constructed frame-wall structure. Significant overstrengths over the code-specified values
of base shear and overturning moment were observed. Because of the low levels of axial and
shear stress in all the critical regions of the structure at ail limit states, the response was of a
desirable nature.

INTRODUCTION

The U.S.-Japan Cooperative Research Program (Ref. 1) includes the construction and
pseudo-dynamic testing (Ref. 2) of a full-scale seven-story reinforced concrete frame-wall struc-
ture in Japan, fabrication and testing, on the earthquake simulator, of a 1/5th-scale replica at
the University of California, Berkeley (Ref. 3) as well as other experimental and analytical
investigations related to the seven-story structure in collaborating institutions in the United
States and Japan.

The seven-story test structure (Fig. 1) was selected to reflect good (conceptual) design,
and to be tested along only one horizontal direction with fixed-base conditions. Its proportion-
ing and reinforcement detailing led to low levels of axial and shear stress. Hence, favorable
response characteristics were expected although the design did not strictly satisfy the Uniform
Building Code (UBC) mainly because the boundary elements of the main wall did not possess
as much flexural reinforcement as required by this code (Ref. 4).

The objectives of this paper are: (1) to describe the design, fabrication, instrumentation,
and earthquake simulator testing of the 1/5th-scale model; (2) to discuss the degree of correla-
tion obtained between the experimental responses of the full- and 1/5th-scale models; (3) to
assess the state-of-the-art of experimental analyses of the response of reinforced concrete struc-
tures to earthquakes; and (4) to discuss the implications of the earthquake response characteris-
tics of the model regarding the state-of-the-practice in seismic design of reinforced concrete

rame-wall structures.

DESIGN, FABRICATION, AND INSTRUMENTATION OF 1/5th-SCALE MODEL

The model scale of 1 to 5 was selected in accordance with the capabilities of the earth-
quake simulator and in order to be able to excite an undistorted direct model to its collapse
limit state (Ref. 3). In design and fabrication it was intended to have true simulation of: (1)
the geometry; (2) the stress-strain relationship for constitutive materials; (3) reactive mass and
gravity force; and (4) initial and boundary conditions (Ref. 3 & 5).

Geometric Similitude. This was satisfied by attaining in the 1/5th scale a geometric replica of
the full-scale superstructure to within a 0.06 in. (1.5 mm) tolerance. Each reinforcing bar was
also modeled individually, satisfying similitude in cross-sectional area as well as surface charac-
teristics of the bar.

Similitude in the Mechanical Characteristics of the Meodel Materials. This condition required
that the stress-strain constitutive relations of the constituent model materials be identical to

(I) Associate Research Engineer, University of California, Berkeley
(I Professor of Civil Engineering, University of California, Berkeley



their counterparts in the prototype. This requirement proved to be exceptionally difficult to
satisfy throughout the complete spectrum of stress and strain levels, histories, states, gradients,
and rates that were expected to occur throughout the structure. Analyses were conducted to
identify the critical regions of the structure and the material stress-strain characteristics which
particularly affected the response of critical regions. The first story of the main wall and end
regions of the frame beams were found to be critical regions of the structure, and similitude in
the stress-strain responses of the main flexural reinforcement at these regions was predicted to
be exceptionally important in order to minimize distortions in modeling for the ultimate limit
states. The stress-strain characteristics of concrete, particularly under plane stress conditions in
the panel of the wall, were expected to control the serviceability and initial damageability
responses of the structure.

The correlation between the stress-strain characteristics of the full-scale and mode! wall
flexural reinforcement is illustrated in Fig. 2. Heat treatments of the model reinforcement led
to the observed level of similitude (Ref. 5). Response characteristics of reinforcing steel under
inelastic strain reversals could not be incorporated in the studies.

The full-scale concrete was modeled by microconcrete, which was designed to attain simil-
itude between uniaxial compressive stress-strain relations measured from cylinder tests. The
microconcrete stress-strain characteristics changed significantly with age and this led to a poor
correlation between stress-strain characteristics of the full-scale and microconcretes (Fig.3.) at
the time of testing. The tensile strength of the microconcrete was also twice that of the full-
scale concrete. The use of microconcrete in the fabrication of a complete model of the size
involved in this study to achieve a desirable level of similitude between the general constitutive
relations of this material and full-scale concrete proved to be a difficult task if at all possible
(Ref. 5). In fact, the state-of-the-art of the experimental evaluation of general constitutive
relations and failure criteria of concrete was found to be inadequate to verify similitude between
the stress-strain responses of the two concretes.

The bond characteristics of the model reinforcement and concrete were tested and
observed to be superior to the corresponding characteristics of the full-scale materials.

Similitude in Reactive Mass and Gravity Forces. This similitude requirement was satisfied by
complementing the weight of the model by lead ballast distributed at each floor (Ref. 3). The
model time scale was compressed by the square root of five for acceleration similitude.

Similitude in Boundary and Initial Conditions. This was considered during design and fabri-
cation of the model. The foundations of both models were adequately rigid and were con-
strained to represent fixed-base conditions. The initial mechanical characteristics of both
models were measured and were similar (Ref. 3). The initial forces in the models were
different, however, the difference caused by volumetric change characteristic of full-scale and
microconcretes (Ref. 3).

Similitude in Loading. Despite efforts to minimize the distortions in experimental analysis,
the different loading procedures used for the two models led to considerable differences in their
loading rate and history. Furthermore, the strain gradient in the 1/5th-scale model was nor-
mally five times larger than in the full-scale, and this introduced an inherent distortion in
experimental analysis since strain gradient is known to affect the inelastic response of reinforced
concrete significantly.

Instrumentation. The model was instrumented by weldable strain gages installed on the rein-
forcement, paper gages installed on the concrete, and by displacement transducers and
accelerometers, to measure global accelerations and displacements, and local distortions and
strains. At the midheight of the first-story columns, special force transducers were inserted to
monitor the internal force responses. In this manner, the distribution of internal forces at the
first story could be measured. Figure 4 shows the model on the earthquake simulator during
testing.



EARTHQUAKE SIMULATOR TESTS

In the earthquake simulator test program (Ref. 6) the model was successively excited to
its serviceability and damageability limit states. Two input signals were used. These were
modified versions of ground accelerations recorded at Miyagi-Ken-Oki (MOQO), Japan in 1978
and at Taft (T), California in 1952. The modifications (mainly filtering of the high-frequency
components) were made to make these records suitable for pseudo-dynamic testing of the full-
scale structure. The same records were used as source inputs by institutions participating in the
cooperative research program. The pseudo-velocity response spectra corresponding to these two
records, obtained after the time scales were compressed by /S and the peak accelerations scaled
to 0.28g, are compared in Fig. 5 for a damping coefficient of 0.05.

A total of sixty-two tests was conducted on the earthquake simulator. The initial forty-
two tests were diagnostic, including harmonic motions as well as free vibration tests, in addition
to low-level serviceability excitations. During ten subsequent tests, the model was excited to
progressively higher levels of damage until a complete flexural failure occurred at the base of
the main wall. Ten further tests were conducted on the model after the damaged base region
of the wall had been repaired.

A brief summary of the test results is provided in Table 1 in which some of the significant
global responses of the model during selected tests are listed. These tests included four con-
ducted with the MO signal with peak accelerations of 9.7, 14.7, 24.7, and 28.3 percent of g,
respectively, followed by two tests conducted with the T signal with 39.6 and 46.3 percent of g
peak acceleration. Tests MO14.7 to T39.6 (rows 2 through 5, Table 1) were conducted in suc-
cession, and constitute the damageability level tests conducted after the seviceability excita-
tions. Service level tests are represented in Table 1 by the M09.7 (row 1) test. The wall was
repaired after the T39.6 (row 5) test. The T46.3 test (row 6) was the final test of the program,
leading to the highest level of distortion and damage.

The base shear-roof drift dynamic response envelope attained for the 1/5th-scale model is
shown in Fig. 6 and is compared with the response envelope for the full-scaie model (Ref. 7)
and the minimum stiffness and strength required by the 1979 UBC Code, and ATC 3-06 Tenta-
tive Provisions, for the structure. The crack patterns observed in the wall-frames of both
models after testing are shown in Fig. 7. The comparison between the responses of the two
models will be discussed subsequently.

IMPLICATIONS OF RESULTS: STATE OF THE PRACTICE

Based on the information provided in Table 1 and Figs. 6 and 7 and the observed earth-
quake response characteristics of the model, the following observations can be made regarding
the state-of-the-practice of seismic design of reinforced concrete frame-wall structures:

(1) The model exhibited excellent response characteristics. Its stiffness, strength, and
capacity to dissipate energy exceeded the minimum requirements of the 1979 UBC or ATC 3-
06 provisions by several times. It maintained its shear and overturning strength at roof drift
levels exceeding 1.8% (the maximum interstory drift was 2.4% at the first story). Its energy
dissipation capacity was maintained after over 50 cycles of full displacement reversals. It did
not exhibit any appreciable nonrecoverable deformation and was appraised as reparable at the
end of the test program. Its seismic performance was appraised to have exceeded the perfor-
mance criteria of both the 1979 UBC and the ATC 3-06.

(2) The excellent response characteristics of the structure were attained through concep-
tual design. The layout of the structure in plan was symmetric, the wall was restrained by an
outriggering system of frames in both main directions, and the wall was continuous in eleva-
tion. The intensity of the shear and axial stresses at the critical regions, mainly at the beam
end regions and the first story of the wall, were controlled by proper proportioning and rein-
forcement detailing. The shear stress at first flexural yielding of the wall was only 3.60~/ f,(ps)
and the axial force was only 12% of the force at balanced conditions. All framing elements
were detailed to provide large deformability. The proportioning and reinforcement detailing of




the frames and wall led to a proper balance ir the stiffness and strength of these components,
such that when the wall resistance began to decrease and its stiffness to deteriorate at drift lev-
els exceeding 1%, the frame strength and stiffness were adequate to sustain the overall stiffness,
strength, and energy dissipation of the structure through higher drift levels.

(3) The outriggering system of the frame (including the transverse frames) and the
diaphragm (R/C slab) were observed to provide significant energy dissipation after complete
yielding of the wall at the base, and after it exhibited a rocking mode of response. The
outriggering system also restrained the axial growth of the wall, and the compression induced in
the wall due to this restraint enhanced and sustained its shear strength even after extensive
yielding and damage at its base.

(4) The structure did not conform to the 1979 UBC mainly because the wall flexural
reinforcement was considerably less than that demanded by the code. Providing the amount of
reinforcement which was required by the code, however, would have increased the shear stress
associated with the yielding of the wall and the response might not have been in accordance
with the performance criteria envisioned by the code.

(5) The span lengths and height of the structure were such that the minimum stiffness
and strength requirements of the 1979 UBC could have been satisfied by only the frame
obtained by deleting the panel of the wall, rather than by the frame-wall system. Such a frame,
however, would not have had the superior nonstructural damage resistance of the frame-wall
system. Furthermore, analyses indicated that due to the very significant contribution of the
slab reinforcement to the negative beam end moments, only a partial mechanism was likely to
occur at the ultimate limit state if the structure was constructed as a frame without the wall,
which would have significantly impaired its energy dissipation capacity.

PSEUDO-DYNAMIC RESPONSES OF FULL-SCALE STRUCTURE

The full-scale structure was tested in Japan by a pseudo-dynamic technique, maintaining a
triangular force distribution along the structure and representing the structure as a single-
degree-of-freedom system in the analytical idealization for computer control purposes. The test
program is summarized in Table 2 (Ref. 7) and the base shear-roof drift envelope response is
shown in Fig. 6. The crack pattern of the wall-frame is observed in Fig. 7 (Ref. 7). Based on
comparisons between the crack patterns and response envelopes of the 1/5th-scale and full-
scale models, the following observations pertaining to the similitude of response are made:

(1) The crack patterns and resulting damage mechanisms of the two models differed con-
siderably. Cracks were fewer and relative crack widths were wider in the 1/5th-scale model
(Fig. 7). In the 1/5th-scale model only the first story of the wall was cracked during the tests
and the main damage and failure mechanisms were concentrated at the crack that developed at
the interface of the wall and the foundation, while no such damage was apparent in the full-
scale model. The difference in the crack and damage patterns was assessed to have been caused
by the higher concrete tensile strength (twice), higher strain gradient (five times), and higher
strain rate (over 13000 times) in the 1/S5th-scale model (Ref. 5) and this result was despite the
better bond characteristics of materials in the smaller model.

(2) Although the initial mechanical characteristics of the two models were similar (the
initial frequencies of the 1/5th-scale and full-scale models were 2.1 Hz and 2.3 Hz, respectively,
in real time), after cracking had begun in the full-scale model it was observed to lose a progres-
sively higher portion of its stiffness than the 1/5th-scale model such that the maximum force
resisted by the full-scale model was relatively only 73% of the force resisted by the 1/5th-scale
model. The significantly higher reduction in the stiffness of the full-scale model was despite
the considerably lesser number of displacement reversals and energy dissipation demands
imposed on this structure: the full-scale structure was subjected to the equivalent of a total of
17.8 secs. of base excitation during the PSD-2 to PSD-4 tests (Fig. 6) while the 1/5th-scale
model was subjected to an equivalent of approximately 180 secs. of excitation with amplitudes
comparable to PSD-2 and PSD-4.
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(3) The reasons for the lack of correlation in the envelope responses were: {a) The
cracking and damage mechanisms differed, the reasons for which are discussed above; (b) The
yield and ultimate strengths of the main reinforcement in the two models differed. Although
the coupon test strength characteristics of the prototype and model reinforcement were gen-
erally similar, the hyper-, or statistical, strength of the model reinforcement was considerably
higher than that of the corresponding prototype reinforcement. The strengths of concrete and
steel were expected to increase further in the 1/5th-scale model due to the strain-rate effects;
(¢) The full-scale model was loaded under an inverted triangular force distribution which
maintained a constant ratio of overturning moment to shear at the base. In the dynamic testing
of the 1/5th-scale model, the base shear associated with the maximum overturning moment
and the base overturning moment associated with the maximum base shear demand were less
than those which would have occurred under the inverted triangular loading.

CONCLUSIONS

Two primary conclusions in addition to those specific points reached in the previous dis-
cussion are: (1) The state-of-the-practice {(codes) of seismic resistant design of medium-rise
buildings should be improved by emphasizing conceptual design. By limiting the levels of shear
stress and axial stress at the critical regions of the structure through proper proportioning and
detailing of reinforcement in addition to the selection of the structural system based on concep-
tual principles, designs capable of excellent seismic performance can be realized, even though
these designs may not conform in some respects to present code requirements; (2) For a reli-
able experimental analysis of the earthquake response of reinforced concrete buildings, the
complete structure rather than its components should be considered and similitude of:
geometry; all relevant mechanical characteristics of materials in critical regions; gravity forces as
well as initial stress and boundary conditions; and loading (rate and history) conditions is neces-
sary. The pseudo-dynamic test procedure was assessed to be limited in its usefulness due to the
significance of strain rate in the behavior of reinforced concrete. To incorporate the actual
three-dimensional nature of earthquake motions and structural response in testing, as well as
the realistic simulation of structure-foundation-soil interaction, was observed to be necessary if
the state-of-the-art of experimental analysis is to be improved.
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TABLE 1 SUMMARY OF EARTHQUAKE SIMULATOR TEST RESULTS
ON 1/5th-SCALE MODEL
ROW | TEST !INPUT SIGNAL*| FREQUENCY** | MAXIMUM MAXIMUM FORCE RESPONSE
AND PEAK AND DAMPING |[ROOF DRIFT| MAX. SHEAR % W IMaX. OVMu WH |
ACCELERATION | Before After w H Struc. Wall Struc. Wall
1 IMO97 Miyagi-Oki  [4.75 Hz - 0.09 17.5 14.0 11.5 6.4
9. 7% 1.44%
2 MO 147] Miyagi-Oki  |3.41 Hz - 0.20 27.3 21.0 18.2 8.8
14.7%g 3.70%
3 MO 247| Miyagi-Oki - 2.63 Hz 0.61 41.7 29.6 27.1 113
24.7%g 6.90%
4 MO 283 Miyagi-Oki 2.63 Hz| 2.50 Hz 0.93 46.8 31.4 30.9 115
28.3%¢g 6.90%) 7.50%
5 (T 396 Taft 2.56 Hz| 2.33 Hz 1.47 50.8 337 337 9.0
39.6%g 7.50% 7.70%
6 |T 463 Taft 1.96 Hz - 1.83 4738 28.4 30.5 6.7
! 46.3%g 8.30%
*  The durations of the Miyagi-Oki and Taft input signals were
45 and 30 sec. of real time.
** As obtained from free-vibration test; to convert to full-scale, muitiply by \/g
TABLE 2 SUMMARY OF FULL-SCALE MODEL RESPONSES
(Row TEST INPUT FREQ. & DAMPING* MAXIMUM RESPONSE
' Before Test | After Test | Roof Drift % A | Base Shear % W | OVM w WH
1 PSD-1 | Miyagi-Oki 2.33 Hz 2.33 Hz 0.01 2.67 1.78
1.3 sec. 2.1%
2.4%g
2 PSD-2 | Miyagi-Oki 2.33 Hz 1.82 Hz 0.15 19.14 12.76
1.3 sec.
10.7%g
3 PSD-3 Taft 1.82 Hz 0.86 Hz 1.10 34.81 2321
10 sec.
32.7%g
4 PSD-4 | Hachinohe 0.86 Hz 0.68Hz 1.36 37.18 24.79
6.5 sec. 2.5%
35.7%¢g

* As obtained from free-vibration tests.
Nomenclature: H and W are height and weight of the superstructure:
OVM is base overturning moment.
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JPTIMLZATION-BASED COMPUTER-AIDED DESIGN
OF EARTHQUAKE RESISTANT STEEL 3TRUCTURES

Mark A. Austin(I)
Karl 3, Pister(1ll)
Presenting Author: Mark A. Austin

SUMMARY

‘ This paper describes steps and options available for casting a practical
design problem into a mathematical format for the optimization-bused,
computer-aided design of earthquake resistant steel structures. A critical
review of the present DELIGHT,STRUCT system is made, and ldentification of its
favorable attributes and shortcomings is given. Finally, a summary of current
and anticipated development at the University of California, Berkeley is
presented.

INTRODUCTION

Optimization-based computer-aided structural design may be viewed as a
two-stage process, First, a designer has to deal with the conceptual task of
recasting a structural design problem into a mathematical formulation thuat
captures its practical nature, A suitable solution procedure is then employed
to solve the cptimization problem.

While wide attention has been given to the latter stage, less effort has
been expended in the area of problem formulation. Thus, the purpose of this
paper is to revieWw the mathematical formulation procedure utilized in
DELIGHT.STRUCT (Refs. 3,7,8) and its predecessors(Refs. 4,5,6) for the aseismic
design of planar steel frames, Experience gained to date has been via inves-
tigations of the seismic behavior of moment-resistant ( elastic, localized
nonlinearities and general nonlinear ),  base 1soclated, and friction-braced
frames(Refs. 4,5,6,7,3).

BACKGROUND TO DELIGHT AND DELIGHT.STRUCT

DELICGHT is an interactive computer system that was developed to provide
engineers from various disciplines with a working environment in which optimi-
zation techniques could be applied to engineering design. Its extensive capa-
bilities are outlined in reference 1, DELIGHT.STRUCT 1s a union of the
DELIGHT system and an coptimal structural design package called STRUCL., It is
capable of dealing with statically and dynamically loaded structures whose
response may be linear or nonlincar (Ref. 3).

(I) Graduate Student, University of California, Berkeley, Ca
gu4720, USA,

(11) Professor of Engineering Science, University of <Calitornia,
Berkecley, Ca 94720, USA,
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DESIGN PHILGSOPHY AND METHUD

Currently acceplted seismic design philosophy has been well
documented(Ref. 2). The 1imit states design method is particularly amenable
to the methodology of an automated design system because it forces the
designer to start by identifying all the ways in which a structure may fail to
fulfill its intended purpose. Determination of acceptable 1levels of safety
against violation of each 1limit state is then estimated before a designer
proceeds to work through a design in a step-by-step manner until all the
aforementioned requirements have been satisfied. '

Optimization-based design requires the extra step of recasting the limit
states and design objectives into a mathematical statement. By allowing the
computer to take care of the subsequent calculations, the designer should be
freed to concentrate on the more creative aspects of the design problem.
Hence, for example, during convergence to a satisfactory solution, the
designer may either interactively complement these calculations with his/her
intuitive knowledge or allow automatic information feedbuck via the optimiza-
tion algorithm. A balance 1n use of these two options will in practice be
most efficient in leading to a good design. .

FORMULATION OF THE OPTIMIZATION PROBLEM

Once a designer has a clear understanding of the design problem he or she
can proceed to list mathematical statements for the design objectives and con-
straints. An optimization algorithm is then specified to solve the mathemati-
cal design problem. During the optimization process, the algorithm will call
on a simulator to evaluate the cost function and constraint performances. The
following scctions briefly describe these stages when the process is applied
to the aseismic design of steel frames.

Limit States.

Constraints are divided into three general classes of limit states: ser-
viceability, damageability and wultimate strength. Hecommendations from the
Uniform Building Code(Ref. 10) have been used to set the constraint boundaries
so that final designs contain an acceptable level of safety.

Serviceability.

This limit state corresponds to the frame's response to dead and 1live
service loading. In summary:

column end moments | < 0.6 * column yield moments.

column axial force | < 0.5 ¥ axial yield or buckling force.
girder end moments | < 0.6 ¥ girder yield moments.

girder midspan deflection under live load | < [1/240] * span.

brace force | < U.5 * brace yield or buckling force.

Damageability.

This limit state is associated with the frame's response to combined dead
plus live gravity 1loads in addition to a scaled earthquake ground motion of
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intensity equivalent to that expected Lo occur several times during the
structure's lifetime. Damage is defined as element yielding. The functiocnal
constraints on element response are:

max over btime | column end moments | < column yield moments.
max over time | girder end moments | < girder yield moments.
max over time | shear element force | < sheur yield force.
max over time | dissipator force | < dissipator yield force.
max over time | brace force | < brace yleld or buckling force.

Horeover, non-structural damage should be limited. As this will be related to
interstory drifts - and floor accelerations, the following two functional con-
straints are also enforced.

max over time
max over time

{ absolute floor accel i € 0.5 % gravity accel,
| story drift | < 1/200.

Ultimate Strength.

The design philosophy adopted accepts major structural damage possibly
beyond repair in the event of a severe earthquake. Collapse is nevertheless
prohibited. Large displacements at the top of the frame are used as a measure
of the possibility of collapse. Thus, "Sway", defined as the maximum rela-
tive horizontal displacement at the top of the frame divided by the frame
height, is limited as follows:

max over time | frame sway | < Sway.

This parameter has been set to 0,01, OStructural damage will also be <closely
rclated to the amount of inelastic deformation. A single cycle at a high duc-
tility range may cause damage equivalent to that of many cycles at a lower
ductility range. The following constraint on inelastic energy dissipation
under monotonic loading has been adopted(Ref. T7):

Ed ¢ Ey # [ mu -1 ] *# [ 1-5] %[ 24+ S%[ mu - 1] ]

where Ed = inelastic dissipated energy, Ey = elastic strain energy at yield,
mu = allowable ductility factor and S = strain hardening ratio. The beam and
column ductility factors have been set to 6 and 3, respectively, and the
strain hardening ratio has been assumed Lo be 0.05.

Objective Functions.

The objective function has been considered to be the weighted sum of the
following terms reflecting performance and cost:



12

1 Volume of structural elements.

2 lhoderate earthquake : Sum of squares of minimum sStory drifts.
3 OSevere earthyuake : Input eneryy at frame base.

4 Levere earthquake : inelastically dissipated energy.

5  Severe eartnquake : bknergy dissipated by the columns.
Algorithms.

The DELIGHT environment supports optimization algorithms capable of solv-
ing 1linear and nonlinear constrained and unconstrained problems, The main
objections in using unconstrained methods for engineering and related problems
are well outlined in Nye(Ref. 1). Consequently, the combined Phase I - Phase
I1 method of feasible directions due to Polak et al.(hef. 11) has recently
been used. Although this algorithm may only be expected to converge linearly
to a local minimum, it does guarantee an improved design with each iteration.
A further strength lies in 1its ability to accommodate conventional ( time
independent ) functional ( time dependent ) and box ( restrictions on the max-

imum and minimum allowable section sizes ) constraints.

Constraint Evaluation.

The ANSR(Ref., 12) structural simulator has been used to supply response
values to software routines for constraint evaluation. Frames are modelled as
2-dimensional and the basic ANSH element types available include beam, column,
and truss member behavior. Empirical relations(Ref. 7) may be utilized to
extend this range to model shear-pbeams, natural rubber support bearings and
special energy absorbing devices.

Modelling features.

The capabilities of DELIGHT.STRUCT allow elements to be subjectively
grouped so that they possess equal properties. Kepetition of elements is
related to economical construction. Furthermore, the calculation required at
each iteration in the feasible directions algorithm will be approximately pro-
portional to the total number of design variables, because partial derivatives
of active nonlinear constraints are presently calculated with a forward finite
difference scheme. However, section sizes. chosen within each group will be
bounded by the most critical constraint within the group. Hence, grouping
should retain flexibility in the optimal design while simultaneously keeping
the problem practical in terms of element repetition and required calculation.
The optimization problem is further simplified by reducing the number of unk-
nowns in each element to a single variable. For example, the section moment
of inertia is chosen as the primary unknown for beam and column elements.
Parameters of secondary importance such as cross sectional area and radius of
gyration are obtained from Walker's empirical relationships for wide flange
steel sections(Ref. 9).

IDENTIFICATION OF PROBLEM AREAS

The following list summarizes the authors' opinions of attributes and
shortcomings of the present system.
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Although the method of feasible directions assures an 1mproved design
with each iteration, the algorithm cannot guarantee convergence to a glo-
bal minimum. It is therefore essential that the designer be prepared to
find a starting design that is close to the anticipated optimal design.
Nevertheless, interactive repositioning of the design vector may still be
necessary to get the required convergence. Furthermore, the designer
should not always expect a substantial improvement in the cost function.
Rather, with a good initial design a small improvement may be obtained
with, for example, a redistribution of element sizes,

Coefficients in the weighted-sum objective function have to be chosen so
the final combination reflects a balance in tradeoffs among competing
structural performance attributes. [Their optimal choice is a major task
in itself and is still a subjective decision. Moreover, this approach
retains the limitation of hiding the changing importance of each term's
contribution to the overall cost as one proceeds through the design pro-
cess. Consequently, only single term objective functions have been con-
sidered to date.

When the optimization problem has been formulated, the earthquake loading
input and structural modelling parameters are the components of the prob-
lem subject to the most uncertainty. The present environment uses a sin-
gle scaled earthquake record for both the damageability and ultimate
strength limit states. Guidelines suggest that the frequency content of
the single record should be representative of an ensemble of 3such records
expected to occur at a site. The record should neither contain localized
frequency bands of low amplitude motion or envelope all peak response
values in the ensemble(Ref. 14),

The ANSK simulator uses Rayleigh damping to model a phenomenon that still
isn't well understood. Viscous damping is assumed in the elastic range.
The nonlinear analyses employ a combination of viscous plus hysteretic
damping. Calculations so far indicate that constraint performance is
sensitive to the choice of specified damping ratio.

In reality, the effect of a single constraint's failure on the overall
integrity of a structure will be related to both the constraint's type
and coupling to other constraint performances. Even for small frames,
this relationship may be extremely complex and probably will never be
completely understood. Mahin and Bertero(Ref. 13) also indicate that
while peak story drift and floor acceleration frame response parameters
are commonly used as an approximate measure of non-structural damage 1in
frames for which non-structural components are not expected to signifi-
cantly contribute to the response, there is in fact very little relilable
data available to make such interpretations more than qualitative. In
specifying the boundary between 3satisfactory and unsatisfactory con-
straint performance, the designer will be guided by code clauses and
technical references for some constraints, and his or her intuition for
others. Morecover, designers commonly assert that they cannot express
everything they know about a good design in a mathematical formulation.
On the ©Dpasis of these comments and observations of missing information,
modelling deficiences, and uncontrollable variations, it 1Is reasonable to
contend that a mathematical formulation will often fall short of describ-
ing the real design problem. Therefore, the presently used design
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Although the method of feasible directions assures an 1improved design
with each iteration, the algorithm cannot guarantee convergence to a glo-
bal minimum. It is therefore essential that the designer be prepared to
find a starting design that is close to the anticipated optimal design.
Nevertheless, interactive repositioning of the design vector may still be
necessary to get the required convergence. Furthermore, the designer
should not always expect a substantial improvement in the cost function.
Rather, with a good initial design a small improvement may be obtained
with, for example, a redistribution of element sizes.

Coefficients in the weighted-sum objective function have to be chosen so
the final combination reflects a balance in tradeoffs among competing
structural performance attributes. [heir optimal choice is a major task
in itself and 1is still a subjective decision. Moreover, this approach
retains the limitation of hiding the changing importance of each term's
contribution to the overall cost as one proceeds through the design pro-
cess. Consequently, only single term objective functions have been con=-
sidered to date,

When the optimization problem has been formulated, the earthquake loading
input and structural modelling parameters are the components of the prob-
lem subject to the most uncertainty. The present environment uses a sin=-
gle scaled earthquake record for both the damageability and ultimate
strength limit states. Guidelines suggest that the frequency content of .
the single record should be representative of an ensemble of such records
expected to occur at a site. The record should neither contain localized
frequency bands of 1low amplitude motion or envelope all peak response
values in the ensemble{(Ref. 14). :

The ANSK simulator uses Rayleigh damping to model a phenomenon that still
isn't well understood. Viscous damping is assumed in the elastic range.
The nonlinear analyses employ a combination of viscous plus hysteretic
damping. Calculations so far indicate that constraint performance is
sensitive to the choice of specified damping ratio.

In reality, the effect of a single constraint's failure on the overall
integrity of a structure will be related to both the constraint's type
and coupling to other constraint performances. Even for small frames,
this relationship may be extremely complex and probably will never be
completely understood. Mahin and dertero(Ref. 13) also indicate that
while peak story drift and floor acceleration frame response parameters
are commonly used as an approximate measure of non-structural damage in
frames for which non-structural components are not expected to signifi-
cantly contribute to the response, there is in fact very little reliable
data available to make sucn interpretations more than qualitative. In
specifying the boundary between satisfactory and unsatisfactory con-
straint performance, the designer will be guided by code clauses and
technical references for some constraints, and his or her intuition for
others., Mdoreover, designers commonly assert that they cannot express
everything they know about a good design in a mathematical formulation.
On the Dbasis of these comments and observations of missing information,
modelling deficiences, and uncontrollable variations, it is reasonable to
contend that a mathematical formulation will often fall short of describ-
ing the real design precblem. Therefore, the presently used design
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approachh of forcing all constraints to ndve less than some preset proba-
bility of failure or response performance would seem unjustifiably rigid.
A more rational method would only require the designer to specify "Ball-
park" estimates of acceptable bounds on response quantities or failure
probabilities for constraint performancés. He or she could then proceed
to find a balanced optimal design by trading off various wactive con-
straints and terms in the objective function.

CURKENT AND ANTICIPATED WORK

The sottware of DRLIGWwT,STRUCT nas recently been extendea to permit
optimal design unaer multiple ground mwotions. 11his should alleviate the prob-
lew of the frequency content of & single ground motion misguiding the final
design. It also enables constraints to be described in a probabalistic form.
Moreover, since various objective function terms are coupled to the frame
response, Lhey «can also be considered to be probabalistic., However, the
design procedure is still based on the conditional situation of all three
limit states having occurred during the structure's lifetime. work should be
initiated to develop a method capable of taking into account the temporal
nature of yround motions that correspond to each of the limit states.

It is anticipated that the presently used feasible directions algorithm
may be replaced by the recently developed 3 phase multi-objective feasible
directions alyorithm due to Nye(Ref. 1). In this algorithm, constraints are
categorized as being either hard or soft. Hard constraints are those that the
designer gives priority to the algorithm satisfying. lney might represent a
physical boundary such as volume not being permitted to exceed an upper bound.
Soft constraints are those in which a moderate violation is toleruable if these
violations «can be simultaneocusly traded off against one another or against
performance objectives during an optimization run, The importance of a con-
straint violation 1s a subjective matter in which the designer assigns good
and bad values of constraint performance. These might typically be related to
an exceedance probability over the lifetime of the structure or perhaps a code
clause whose purpose is to provide a general guide for good design. Good and
bad values are also specified for all terms in the objective function.
Finally, it is essential that extensive computer graphics be developed to sup-
port the user interaction demanded by the design algorithm.

CONCLUDING REMARKS

This paper has reviewed a design procedure that 1s wmenable to an
automated design environment, 1t is philosophically attractive because it
demands that a designer start the process by writing down all the information
he or she knows about the structure and its desired seismic response. This
conceptual task will be constrained by both the flexibility of the optimiza-
tion algorithm and the ability of the designer.

The authors contend that this approach to design is a step in the right
direction and note that the DELIGHT,STRUCT system should be closer to becoming
a practical engineering vool after the anticipated program of development has
been implemented. '
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SOLUTION OF THE THREE DIMENSIONAL SOIL-STRUCTURE
INTERACTION PROBLEM IN THE TIME DOMAIN

E. Bayo (I)
E. L. Wilson (11)
Presenting Author: E. L. Wilson

SUMMARY

A general time domain finite element formulation and several efficient
numerical techniques are combined to form a new method of analysis for the
solution of three-dimensional soil-structure interaction problems. Factors
such as structural embedment, arbitrary soil-profile, flexibility of the founda-
tion, spatial variations of free field motions and interaction between two or
more structures are all incorporated in the new formulation. For elastic sys-
tems the method becomes extremely efficient however its major advantage is its
ability to be extended to account for nonlinear effects in the soil and struc-
ture.

INTRODUCTION

Solutions to soil-structure interaction problems are commonly carried out
in the frequency domain. This is so, among other reasons, firstly because this
domain permits, through the use of frequency dependent impedance coefficients,
the splitting of the problem into substructures that can be analyzed indepen-
dently; and secondly, because most of the transmitting boundaries developed to
account for the radiation of the energy through the limits of the finite ele-
ment model, are frequency dependent.

So far these reasons have been powerful enough to inhibit the time domain
as the effective environment for the solution of the soil-structure problem.
However, frequency domain techniques can not solve true nonlinear soil and
structural problems, and are computationally inefficient for three dimensional
problems. The purpose of this paper is to present a time domain formulation
and efficient numerical techniques that can solve the soil-structure interaction
problem in three dimensions, and at the same time allow for the solution of
true nonlinear problems, feasible only in the time domain.

The discussion begins with the formulation of the soil-structure interac-
tion problem in the time domain, it continues with the numerical techniques
that make the solution of the problem efficient, and ends with a numerical exam-

ple that shows the accuracy achieved by the new method compared to a frequency
domain solution. :

FORMULATION IN THE TIME DOMAIN

A given soil-structure interaction problem may be divided as shown in
Figure 1 into a free field, and an interaction problem in which the input
motion is defined at the nodes corresponding to the buried part of the struc-
ture (Ref 1). This partition of the complete problem has a main advantage in
eliminating the scattering problem, and only requires that the structural

(1) Fellow of the ‘'Fundacion del Instituto Nacional de ‘Industria‘. Spain
Assistant Research Engineer. University of California. Berkeley.

(Il)Professor of Civil Engineering. University of Catifornia. Berkeley.
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properties, stiffness, mass and damping, at its embedded level be reduced by
those of the soil at the same level. The total displacements may be divided
into the interaction and the free field displacements as follows:

v? 0
Vs v
'f : Vr
vi= and V=1 _ (1)
4 t ¢
Ve Ve
v} 7,

where v represent the motions at the structure, v, at the buried part, v, at
the soil and v, at the soil-structure interface. The notation used for the
property matrices are: ‘

m my 0 0 0 0 0 0
T -~ -~ ~ -
m; mpe—tge me—=r 0 : 0 my mp 0
m, = _ m, = o (2)
0 my—rgs mg 0 0 gy Mgy My,

0 0 0 0 0 0 fg fitg

and in the same manner for the stiffness and damping matrices. The free field
equations (Figure 1b) are:

=0
ot
o]
o}

[4 b ?c ¢ Eb ;c ¢ b ‘-'c 0
T + T + T = 0 (3)
b b b

. ~ v -~
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The equations for the interaction problem (Figure 1c¢) are (Ref 1):

[ﬁlc+mc]'\7§+[Ec+cc]\'rc’-i-[l}c-\‘-kc]vc’=—mc?c—ccw"c-kci"c (4)
The substitution of Equations (1) and (2) in Equation (4) yields:
[rﬁc+mc]'\’c’+[ﬁc+cc 0;+-Ec+kc]vg= - (5)
- o |, ]| ¢ 0 ks 0

Cor—Cor g Vg ke~ ng Keg
0 0 0 0 0 0

Mpr— Mgy Mgy

Myp=Ryp Mpg=Hge | | Ve | | Cr—Crp CqTCor || Ve | | Kir—Kyr Kpg—kpg || Yy
5, A

To simplify the notation let the matrices on the R.H.S. be called, X,,
X., and X; respectively. The free field motions at the embedded nodes (Figure
1b) may be obtained by solving Equation (3) by assuming a desired wave propa-
gation pattern. The simplest pattern is to assume vertical propagation of P
and S waves. Equation (5) may be further simplified by dividing the added dis-
placements in two parts: a dynamic component, v., plus a pseudostatic -com-
ponent, vi, (Ref 2). The pseudostatic displacements may be derived from Equa-
tion (5) by eliminating the dynamic terms. The displacement decomposition is
given by the following expression:

~

. Vf
vi=v +vi=v +r1, ; (6)
4
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where:
k; 0
. 1 | k=l depg—leg
rc=——[kf+kc] - (7
kgf—kg/ ' kgg
0 0
substituting Equations (6) and (7) into Equation (5):
- sf
[mc+n%]Vc+[Ef+q]?c+[kc+4g]vc= [m(+nQ]rK+Xm - (8)
¥ Vg

Equation (8) defines the motion of the system in terms of the dynamic dis-
placements, and as a fuction of the free field ground motions .at the buried
part of the structure. It is easily seen that the forces in the nonburied
part of the structure will depend only on the dynamic displacements, whereas,
those in the buried part will now depend on the dynamic as well as on the free
field displacements. The nonlinear problem can be solved by dividing the sys-
tem, as shown in Figure 2, into a scattering and an interaction problem. The
interaction motions contain the total displacements of the structure and the
nonlinear part of the soil, therefore Equation (4) is suitable for nonlinear
analysis in those regions.

REDUCTION OF THE SYSTEM OF EQUATIONS

The authors have demonstrated (Ref 3) that the use of sets of a special
class of Ritz vectors (Ref 4) lead to very good solutions for wave propagation
and structure-soil interaction problems. Several ways of using them as part of
dynamic substructuring techniques have alsc been shown (Ref 1,3). The reduc-
tion in the size of the given problem can be done using those substructuring
techniques, however, for simplicity in this discussion we will use the Ritz
vectors globally, without making use of any substructuring procedure. Let the
following displacement transformation be defined:

vV

Ve
Vg

Va

where ® are the global Ritz vectors and Y are the generalized coordinates.
The substitution of the above transformation into Equation (8), and the
premultiplication by ®7, leads to:

Ve

&

MY+CY+K'Y =~o7 (10)

{mc+nu]rc+Xm

where
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The numerical integration of the reduced coupled set of equations can be
carried out by step-by-step procedures or by decoupling the system with com-
plex eigenvectors, and soclving each of the uncoupled equations by the linear
force method. The second approach becomes exact for piece-wise linear type of
excitation, while the first always introduces errors in the amplitude and
periods of the response. For reduced systems of equations (up to 100 mode
shapes) the complex eigenvector method is as computationally efficient as the
step-by-step methods, and therefore it becomes a better candidate for numeri-
cal integration (Ref 1).

MODELING THE SOIL-STRUCTURE SYSTEM

The size of a typical three dimensional soil-structure interaction prob-
lem will in general be very large. The use of approximate frequency indepen-
dent boundaries (Ref 5) still requires moderate sizes of finite element models.
In order to further reduce the size of the problem a technique for geometri-
cally modeling the soil-structure system is described bellow. This technique
is based on the combined use of solid and axisymmetric elements to model the
near and far field respectively. The reason behind this approach is that the
behaviour of the soil system in the far field, away from the structure, will
tend to be that. of an axisymmetric system subjected to non-axisymmetric loads.

Figure 3 shows a method of modeling a soil-structure system. A given
structure will be represented with standard finite elements. The foundation
will be attached to the near field part of the soil, that is modeled with solid
elements. At a certain distance from the structure the solid mesh is attached
to the far field that is modeled by means of several harmonic expansions. of
axisymmetric finite elements. In order to couple both the near and the far
fields, the displacements corresponding to the solid elements at the boundary
between- both regions are expanded in terms of Fourier series. The correspond-
ing displacement transformation matrices (Ref 1), are used to transform the
solid mass, stiffness, and damping matrices of the solid elements in contact
with the axisymmetric mesh. _

Another aspect to consider in modeling the soil-structure system is the
internal-damping. The damping characteristics of each of the components, soil
and structure, can be independently represented by the Rayleigh danping model
defined from damping ratios at two different frequencies. Damping ratios for
soils are-usually kept constant over all the frequency range. A good selection
of the frequencies necessary to define the Rayleigh damping model will keep the
-vatriation of the damping ratio quite constant over a wide frequency interval,
as will be seen in the numerical case given below. For cases where the fre-
quency range of interest is too large several terms of the Caughey series can
be considered to maintain a constant damping ratio (Ref 1). Since different
damping ratios are considered for the soil and the structure, the resulting
‘global damping matrix will be nonproportional. The consideration of a
transmitting boundary will further contribute to the nonproportionality of the
damping matrix.

NUMERICAL EXAMPLE

The procedures explained above have been implemented in a special version
of the computer program SAP80 (Ref 6) for the solution of soil-structure
interaction problems. To evaluate their effectiveness, a three dimensional soil
structure system, whose characteristics are shown in Figure 4, is analyzed.
The superstructure consists of a 2 degree of freedom system attached to a
rigid massless circular foundation. The lumped masses are connected by frame
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elements. The foundation is attached to a semi-infinite half-space with the
characteristics depicted in Figure 4. The half-space is ‘discretized with
axisymmetric finite elements. The length and depth of the model are 5.5 and
5.8 times the radius respectively, with a total number of degrees of freedom
equal to 714. The material damping is assigned a constant value for all the
frequency range equal to 7 %. In order to represent this behaviour in the
time domain the Rayleigh damping model is used. The frequencies taken to match
the given damping ratio are 23 and 70 rd/sec. This will insure a variation of
the damping ratio of less than 0.9% (ie. 6.1 to 7.9 %) over the frequency
range of 21<w<87 rd/sec. This corroborates the fact that Rayleigh damping
models can provide a quite constant damping ratio over a wide range of fre-
quencies. Attached to the edges of the model there is a frequency independent
transmitting boundary defined at the fundamental frequency of the system (Ref
5) which has been previously computed to be 25.8 rd/sec.

The frequencies of the 2 degree of freedom model on a fixed base are 34.24
and 85.38 rd/sec. The significance of the soil-structure interaction effects in
the dynamic response of the system is apparent from the fact that the first
resonant frequency for the structural response has been reduced from 34.24 to
25.80 rd/sec. The second resonant frequency varies to a lesser degree from
85.38 to 80.42 rd/sec. The total system of equations is reduced globally, as
explained above, with 2 different sets of Ritz vectors, the first one has 15
Ritz functions and the second 40 (2.1 and 5.6 % of the total number of degrees
of freedom respectively). By running these two cases the convergence of the
Ritz vector approach can be checked. The system is to be subjected to the
vertical component of an earthquake excitation represented by the first 8
seconds of a given accelerogram, discretized at time intervals of 0.01 seconds
and with peak acceleration equal to 0.26 g. The results obtained with SAP80
are to be compared with those obtained by the computer program SASSI (Ref 7).
SASSI solves the problem using a frequency domain fornmlation. It uses fre-
quency dependent radiation boundaries, and complex stiffness coefficients to
account for the constant damping ratio.

The structure-soil model is solved first by SAP80, with 15 Ritz functions
and with numerical integration by the complex eigenvectors, and second by
SASSI. The total maximum accelerations in "g" obtained by both programs are
given in Table 1. The maximum discrepancy is 3.6%. Figure S5 shows the-
response spectrum at degree of freedom 1 for 5% damping. As can be seen both
solutions are very close. The discrepancy between the two solutions at the
peak of the spectrum is 9%.

The total maximum accelerations at both degrees of freedom obtained by
SAP80 with 40 Ritz functions, and SASSI are given in Table 2. The maxinum
discrepancy is now 2.5%. The response spectrum at degree of freedom 1 for 5%
damping is shown in Figure 6, and indicates how close both solutions are. The
differences in the interval of periods between 0.2 and 0.3 seconds are due to
the different ways in which both methods represent the material damping. The
maximum discrepancy at the peak is now 2.5%.

PROGRAM DOF1 DOF2 PROGRAM DOF1 DOF2

SASSI -0.440 -0.393 SASSI -0.440 -0.393

SAP80 -0.456 -0.402 |- SAPS0 -0.452 -0.400
Table 1. Table 2.

In order to see how important the interaction effects are in this case,
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the two degree of freedom model is analyzed for the given input considering
its base fixed. The maxinum accelerations cobtained in this way are 0.647 g and
0.424 g, which indicates that the reduction achieved by considering the
interaction between soil and structure is of the order of 30%. This difference
increases substantially when comparing the response spectrum of the model with
and without interaction effects, as illustrated in Figure 7. It shows the dras-
tic reduction of the response and the shifting of the resonant periods due to
the interaction. A third resonant period appears at 0.29 seconds due to the
participation of the soil.

Another aspect worth of analysis is the importance that the transmitting
boundaries have in the response of the system. For this purpose the same exam-
ple is solved again using 15 Ritz functions, with the bottom boundary fixed and
allowing horizontal displacements at the lateral boundaries. Figure 8 illus-
trates the response spectrum obtained under these conditions compared with
those obtained previously, which included the transmitting boundaries. As can
be seen the errors introduced by not including transmitting boundarie$s in the
finite element model are considerable, even for an input of short duration as
in this case (only 8 seconds).
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STATE OF THE ART AND PRACTICE IN SEISMIC RESISTANT
DESIGN OF R/C FRAME-WALL STRUCTURAL SYSTEMS
Vitelmo V. Bertero (I)

Presenting Author: Vitelmo V. Bertero

SUMMARY

The state of the practice in the seismic resistant design of R/C frame-wall structural sys-
tems is reviewed by analyzing the performance of buildings designed according to current
seismic codes. The state of the art in the seismic resistant design of such structural systems is
judged by comparing analytically predicted response to experimentally measured behavior. It is
concluded that present U.S. seismic codes can lead to poor design and that the present state of
the art in modeling R/C frame-wall structures is inadequate. Changes most urgently needed to
improve both states are indicated.

INTRODUCTION

Although the last two decades have witnessed marked improvement in the analysis and
seismic resistant design of moment-resisting space frames (DMRSF), the ability to analyze and
particularly to design frame-wall structural systems has not been comparably improved. For
buildings that exceed ten stories, the use of a dual DMRSF-wall system seems to have great
potential in seismic resistant design (Ref. 1).

As with any design, the aim of seismic resistant design should be to optimize the resulting
building. Several years ago, the author and his associates developed an automated optimal
seismic resistant design for DMRSF (Ref. 2). Despite considerable research on the seismic
behavior of R/C wall structures (Refs. 1 & 3), the state of the art in quantifying the design
(performance) criteria for the seismic resistant design of frame-wall structures remains limited,
and a high degree of uncertainty persists in the establishment of design earthquakes and of
demands, and in the provision of the supplies of the components of this type of structural sys-
tem.

The author believes that these limitations and uncertainties remain of such significance as
to deter research on the development of a realistic mathematical formulation for the optimum
design of such structures. Efforts should be directed towards improving the understanding of
the seismic behavior of this type of structural system and the application of this understanding
to what the author has defined as conceptual design. The basic ideas on which conceptual design
is based are: (1) to control and/or decrease seismic demands and (2) to increase the supplies
(particularly the energy dissipation) as much as economically feasible. In this sense, the
research recently conducted has been significant in improving the understanding of -seismic
behavior and therefore in identifying the inadequacies and shortcomings in the seismic resistant
design provisions of current building codes and in improving application of conceptual design.
These advances have motivated this paper, which has the following objectives: (1) to review the
states of the practice and of the art of the seismic resistant design of R/C frame-wall structural
systems in the U.S. in light of recent research results; and (2) to formulate recommendations
for improving the state of the practice as well as that of the-art.

STATE OF THE PRACTICE

The design and construction of most seismic resistant buildings in practice generally fol-
low code design provisions. In Refs. 4 and 5, the author has examined in detail present U.S.
seismic code provisions, particularly those specified in the Uniform Building Code (UBC) (Ref.
6). Here, the soundness of this code will be judged by analyzing the overall performance of
UBC-designed structures, rather than by analyzing in detail individual code provisions.

(1) Professor of Civil Engineering, University of California, Berkeley, U.S.A.
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Soundness of UBC Seismic Resistant Design Procedure for R/C Frame-Wall Structures

The performance of code-designed buildings in recent earthquakes has been studied and
described in detail in several publications (Refs. 4 & 7), and the following observations have
been made: (1) The maximum lateral resistance (strength) of code-designed structures, espe-
cially R/C wall structures, is typically higher (usually by more than a factor of 2) than that
required by code; (2) Despite this observed greater strength, many code-designed buildings
collapse or suffer serious nonstructural or structural damage that constitutes failure. It can be
concluded that building design following present seismic code regulations does not guarantee
safety against collapse or failure {(unacceptable damage); (3) While buildings based on
moment-resisting frames usually collapse through pancaking of one or more stories, this type of
collapse is not usually observed in buildings with shear walls that continue to the foundation.

Summary of Results of Research Conducted on UBC-Designed Reinforced Concrete Frame-
Wall Structures. The overstrength of wall structures has long been observed (Ref. 5). The
two specific examples of UBC-designed structural wall systems discussed below confirm this
overstrength and permit the soundness of present UBC design procedures to be assessed by
comparing overall responses as expected from the code (state of the practice) with analytically
predicted behavior using available computer programs for linear and nonlinear dynamic analyses
(state of the art) and with experimentally determined responses.

U.S.-Japan Seven-Story R/C Frame-Wall Structure. A full-scale model of the building
structure shown in Fig. 1 was tested in Tsukuba, Japan. This building was designed according
to the 1979 UBC and Japanese codes.

UBC Expected Response. The relationship between total lateral force, ¥, and roof dis-
placement, §,, according to UBC minimum requirements is shown as curve O4ABC in Fig. 2(a).

Analytically Predicted Response. Before testing the full-scale model, analyses were con-
ducted using available computer programs. Chavez (Ref. 8) predicted a maximum base shear
of 661 kips, when the structure was subjected to the N-S component of the Miyagi-Oki (MO)
earthquake record normalized to a peak acceleration of 0.36g. This result is indicated in Fig.
2{a). Charney and Bertero (Ref. 9) estimated the responses shown in Fig. 2(a). When a tri-
angular distribution of lateral force was assumed, the static maximum base shear was 664 Kips
(Fig. 2(a)). Where a rectangular distribution of lateral force was assumed, the static maximum
base shear was 819 kips. From the nonlinear dynamic analysis conducted using the computer
program DRAIN-2D, it was computed that under the MO record the maximum base shear
would be 767 kips, i.e. 16% greater than that predicted by Chavez and between the two stati-
cally predicted maximum base shear values (664 and 819 kips), but closer to that predicted
assuming a rectangular distribution of lateral force.

Experimentally Measured Response. (1) The full-scale model of the building was subjected
to two series of pseudo-dynamic tests in Japan (Ref. 10). In the first series of tests, the model
was considered a single-degree-of-freedom system and tested under an inverted triangular dis-
tribution of load. The envelope of hysteretic behavior is shown in Fig. 2. The maximum base
shear was 954 kips, i.e. three-and-one-half times greater that the UBC-expected lateral resis-
tance as controlled by flexural yielding. This value was 44% and 25% larger than the value
predicted analytically by Chavez and Charney and Bertero, respectively, which clearly indicates
that the state of the art in predicting mechanical behavior should be improved.

The full-scale model did not fail during the pseudo-dynamic test in which the inverted tri-
angular lateral load distribution was used, although the displacement ductility considering initial
yielding of the wall was more than 6 and the effective displacement ductility of the structure as
a whole was close to 4. This high observed ductility arises primarily because under the inverted
triangular load distribution, the wall and the beams and columns of the frame were subjected to
small shear stress. The wall was designed for a unit nominal shear stress, v,, smaller than
S+/f.(ps) and at the maximum measured ¥V = 954 kips, v, was smaller than 12~/ f.(ps). The
experimental results confirmed the author’s previous conclusions: If by proper (conceptual)
design, it is possible to keep shear stresses low, R/C shear wall structures can offer sufficient
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dissipation of energy (ductility and stable hysteretic behavior) through flexural yielding to resist
even the effects of extreme ground shaking.

From comparison of the analytically predicted. curves and the experimental envelopes, it
can be seen that the structure was considerably stiffer than expected from the UBC and analyti-
cally predicted stiffnesses. The full-scale model, after being subjected to the first series of tests
with the inverted triangular distribution of lateral load, was repaired. ‘Nonstructural’ spandrel
walls and partitions were also added in all stories except the first. The mode! was then sub-
jected to a series of tests similar to the first series. Finally, the model was loaded statically
using a rectangular distribution of lateral load. As illustrated in Fig. 2(b), the structure under
this load was able to resist a maximum base shear of 1315 kips, or 4.8 times the UBC-required
design ultimate lateral strength. However, when a base shear of 1315 kips was reached at a
lateral displacement of 11.3 in., the wall failed in shear at the first story with a sudden drop in
resistance. Note that this displacement was about 16% smaller than that obtained in the first
series of tests without failure. Comparison of results from the two test series indicates the
importance of the type of loading and the added ‘nonstructural’ elements to the behavior of
frame-wall structures. While resistance may be considerably increased, ductility may be jeop-
ardized.

A 1/5th scale model of the building, shown in Fig. 1, was subjected to several series of
tests at the Earthquake Simulator facility at Berkeley, and in Fig. 2 the force-deformation
envelope obtained from these tests is compared with those obtained pseudo-dynamically on the
full-scale model. As can be seen, the envelope obtained from the 1/5th scale model shows a
significant increase in strength when compared with results obtained for the full-scale model
using a triangular distribution of lateral force.

Frame-Coupled Wall Structural System. To assess whether R/C frame-coupled wall struc-
tural systems designed according to the UBC possess desirable characteristics at all primary limit
states and, particularly, at ultimate limit states (damageability and safety against collapse) under
the maximum expected earthquake ground motion, Aktan and Bertero (Ref. 3) conducted
analytical and experimental studies on the fifteen-story building system illustrated in Fig. 3.
This building was designed according to 1973 UBC, 1979 UBC, and ATC-3 provisions.

The 1973 UBC-designed structure was thoroughly analyzed using linear and nonlinear
static and dynamic computer programs (Ref. 3). A four-and-one-half story, one-third scale
model subassemblage of one coupled wall of the structural system was constructed and tested.
In Fig. 4, the code-expected total lateral load-maximum interstory drift values for the coupled
wall are compared to those obtained experimentally. The contrast in these values is striking.
The stiffness and strength of the coupled wall are observed to exceed significantly the minimum
values required by the code. The capacity to dissipate energy is, however, not as large as would
be expected according to the strength and the code-assumed displacement ductility. Therefore,
the following questions arise: (1) Why is the experimentally observed strength greater (3.4
times) than the strength expected from the code? (2) Why is the measured displacement duc-
tility smaller than expected? (3) What are the possible consequences of this overstrength and
relatively small ductility?

The observed overstrength was primarily due to the higher axial-flexural strengths of the
coupling girders and of the wall subjected to higher compression. A detailed discussion of the
reasons for these observed higher axial-flexural strengths is contained in Ref. 3. A summary of
these reasons follows.

The overstrength of the coupling girder axial-flexural strength was caused by: the larger
yielding strength and ultimate capacity of reinforcing steel; the compressive axial force in these
girders which arose from the shear redistribution in walls; the hypothetical underestimated slab
contribution (effective flange width and contribution of the slab steel) as opposed to the actual
contribution; and the relatively low nominal shear stress for which these girders were designed

(v, = 6.4~/ f.(ps) versus 10.0~/ f.(ps) allowed by the UBC).

The coupling girders developed higher shear due to their higher axial-flexural capacity.




28

The walls were consequently subjected to axial forces significantly higher than those anticipated
by the code. Higher compression resulted in higher axial-flexural resistance. Lower compres-
sion or even tension resulted in lower wall flexural capacity. The flexural resistance of the walls
under compression and tension contributed 34% and 6%, respectively, to the total moment-
overturning capacity.

The total contribution of the axial-flexural strength of the walls to the total overturning
moment and, therefore, to the total shear resistance of the structural system was higher than
expected due to: larger yield and maximum strength of the actual reinforcing steel bars as
opposed to code-specified values; increase in compressive strength of the concrete used; and
the enhancement of this strength in the edge members by the high degree of confinement. The
axial-flexural strength attained in the compression wall was approximately 6.0 times greater than
the code design demand and 1.4 times greater than the analytically predicted supply. Further-
more, the walls were able to develop these higher axial-flexural strengths without failing prema-
turely in shear because their wall panels were designed for a maximum v, = 6.1~/ f.(ps) (this
value includes the 2.8 E, where E represents earthquake load capacity, and the capacity reduc-
tion factor ® = 0.85) which is less than the UBC-allowed factor of 10.0~/ 1, (psd.

The significant increase in total shear force that had to be resisted by the coupled walls as
a consequence of the actual provided axial-flexural strength was one of the main reasons for the
observed relatively small ductility. An even more important reason, perhaps, was the relative
distribution of this total shear between the two walls of the coupled system. The typical meas-
ured redistribution of shear force at the base of the coupled wall model during a half-cycle of
loading is illustrated in Fig. 5 (Refs. 3 & 5). The wall under compression attracted 85% of the
total base shear even at the service load level as defined by the 1973 UBC. At the ultimate
limit states, the compression wall resisted 90% of the total shear. The nominal shear stresses,
Vmax, N _the two walls at the failure of the panel of the wall under compression, amounted to

1.6~/ f.(psd and 16.2~/ £, (ps) for the walls in tension and compression, respectively.

Because of the high nominal shear stress developed in the compression wall,
16.2~/ f.(psd. it is not surprising that once the maximum lateral resistance capacity was reached
(Fig. 4), this wall was not able to undergo large inelastic deformation. The somewhat sharp
drop in strength after a relatively short plastic plateau is attributable to panel crushing as a
consequence of the high axial compression and shear that developed at the critical region of the
compression wall when it began to yield in flexure. Tests conducted on similar walls but under
smaller axial and shear force have shown higher ductility and larger energy dissipation capacity,
although yielding occurred at a slightly lower total lateral force (Ref. 1).

Concluding Remarks Regarding State of the Practice

The results presented in Figs. 2, 4, and 5 and the above discussion indicate that although
UBC-designed structures have a supplied axial-flexural strength significantly higher than the
UBC-required strength, the shear forces developed at the critical regions of structures when the
yielding axial-flexural capacity is reached may exceed the available shear strength. A semibrittle
failure may consequently occur before the wall will be capable of supplying the required energy
dissipation capacity. It can therefore be concluded that the UBC seismic provisions and design
procedures do not guarantee a sound seismic resistant design of frame-walled structures. The
seismic design forces are specified at a fictitious level and the recommended linear elastic
analysis procedure cannot predict the actual response under the probable extreme earthquake
ground motion. The designer is not properly guided in detailing structures for actual behavior
(depicted in Figs. 2 and 4 by the experimental curves), because he/she is required to make
computations only and therefore to think and/or visualize seismic behavior according to the
code-conceived linear elastic response represented in Figs. 2 and 4 by the line OA.

The large axial-flexural overstrength results from a series of code requirements: in the
case of dual bracing systems, walls alone must resist the total shear; the edge (vertical boun-
dary) members along the shear walls must be designed not only to carry all vertical stresses
resulting from all gravity loads and the total horizontal forces acting on the wall, but also to
account for a capacity reduction factor, &, equal to 0.70 or 0.75; neglect or underestimation of
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the contribution of floor systems (R/C slabs) to the lateral stiffness and strength, particularly
the contribution of the slab reinforcement to the girders’ negative end moments; neglect of
increases in strength due to the strain hardening of reinforcing bars, which becomes increas-
ingly significant as the required ductility of the structural system increases. For the cases
presented in Figs. 2 and 4, another main reason for the observed axial-flexural overstrength was
that the strengths of the materials (the f, and Jf, of the concrete and steel, respectively) were
considerably higher than the specified values.

Changes in the UBC seismic provisions are urgently needed. Design against shear failure
should be based on the maximum shear that can be developed in structural members according
to the actual strength supplied to a building and the actual distribution of total shear among
structural members. Numerous suggestions for change needed in the UBC to improve the state
of practice have been proposed in Ref. 5.

STATE OF THE ART

Detailed discussion of the state of the art in the seismic resistant design of buildings with
particular emphasis on frame-wall structures is provided in Refs. 3-5. In Ref. 4, the author
concludes that "despite advances there are many uncertainties involved in: (1) predicting the
dynamic characteristics of future earthquakes; (2) modeling the dynamic characteristics of the
building-soil foundation system; (3) estimating the actual supplied strength and deformation
capacity of buildings; and (4) conducting reliable numerical analyses of the response of
mathematical models and therefore in estimating the demands on structures. There is an
urgent need to increase our present knowledge through integrated educational, research, and
development efforts.”

To illustrate deficiencies in the present state of the art, correlations between analytically
predicted and experimentally measured behavior of the frame-wall structure shown in Figs. 1
and 3 are briefly discussed below.

U.S.-Japan Seven-Story Reinforced Concrete Wall Structure.

The analytical responses for the full-scale reinforced concrete wall structure did not
correlate well with the experimental results (Fig. 2). A primary reason for this discrepancy is
the way in which frame-wall structures are modeled. The current modeling technique for a
frame-wall system such as that illustrated in Fig. 1 is to consider only in-plane action, using an
analytical model similar to that shown in Fig. 6(a) which can be considered a pseudo-three-
dimensional model. It is assumed that at the ultimate limit state of collapse, the structure dissi-
pates energy by deforming according to the mechanism illustrated in Fig. 6(b). Note that in
this model the shear wall is modeled as a column located at the axis of symmetry of the wall
and therefore rotating about the wall centroidal axis at the base. Furthermore, the transverse
coupling between the interior frame-wall B and the exterior frames A and C (see Fig. 1) is
ignored.

The experiments described here have shown that after yielding of the main shear wall, the
behavior of the structure was as illustrated in Fig. 7, i.e. the wall rotated (rocked) practically
around the center of its edge member and the three-dimensional frame surrounding the wall
outriggered it, restraining its rocking and therefore increasing the axial compressive force acting
on it and consequently increasing its flexural resistance. The migration of the longitudinal neu-
tral axis of the wall, the rocking of the wall, and the restraint of this rocking by the outriggering
action of the frame surrounding the wall significantly increased the lateral resistance capacity of

the three-dimensional structure. For a detailed evaluation of the contribution of the rocking

and the outriggering interaction, see Ref. 11. After the experiments on the full-scale model,
Kabeyasawa er al. (Ref. 12) developed a mathematical model which incorporated these new
features. The predicted response correlated very well with the observed response. The impor-
tance of integrated experimental and analytical research is thus underscored.

Frame-Coupled Wall Structural System

Code design procedures and most computer programs for linear analyses of structural sys-
tems with identical coupled walls assume that the lateral stiffness of these walls is the same and
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remains constant during "linear elastic response." For two similar walls that are coupled, each
wall is assumed to resist, and is therefore designed for, half of the total shear resisted by the
coupled walls. The lateral stiffness (flexural and shear) of R/C structural elements (particularly
walls), is sensitive to the amount of axial force. Therefore, the stiffness of the two coupled
walls and consequently the amount of shear resisted by each cannot be the same since as a
result of the coupling girders, the axial force acting in each coupled wall will start to differ as
soon as a lateral force is induced. The difference must increase as the lateral force increases.
This has been clearly proved experimentally (see Fig. 5). The effects of variations of axial
force on lateral stiffness (flexural and shear) have been studied experimentally in connection
with studies conducted on the 1/5th scale model shown in Fig. 1(c) (Ref. 11) and in recent
experiments on walls similar to those shown in Fig. 3 which clearly show the tremendous
influence of axial force on the lateral flexural and shear stiffness of the wall.

Concluding Remarks Regarding the State of the Art

Sophisticated computational methodologies have been developed for the analysis of
three-dimensional mathematical models. However, the present state of the art of modeling R/C
frame-wall building structures does not allow for adequate andjor realistic assessments of force and
distortion demands. The problem is due primarily to the difficulty and uncertainty inherent in
assessing axial, shear-flexural, and torsional stiffnesses, strengths, and force-distortion hys-
teretic capacities of R/C structures. These difficulties and uncertainties are especially acute
when the behavior of structural members and/or critical regions is affected by three-
dimensional interaction between internal forces and induced distortions. To use computational
capabilities efficiently, the state of the art of predicting realistic supplies must first be improved.
This improvement can be achieved through integrated analytical and experimental research on the
behavior of buildings or that of realistic three-dimensional physical models subjected to actual earth-
quake ground motions or realistic representations thereof.
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THE VARIATION OF STRONG GROUND MOTION OVER SHORT DISTANCES

B. A. Bolt (I)
N. Abrahamson (II)
Y. T. Yeh (III)
Presenting Author: B. A. Bolt

SUMMARY

This study, based on digitally recorded ground motions across the
strong-motion array in Taiwan (SMART 1), addresses two problems related
to input motions for structural design. First, the average coherence of
high amplitude wave motions over distances of a few hundred meters is
measured as a function of frequency. High resclution wave-nuwber spectra,
computed for sub-sets of the array in the range of 0.5 to 10 Hz, indicate
significant dependence of coherence on frequency. Above about 5 Hz,
spacially dincoherent ground accelerations-dominate, probably from
scattering. Secondly, changes in direction of approach of body and sur-
face waves in the accelerograms across the array are measured using wave
number spectra and ground particle motions. The structurally important
ratio of coherent vertical to horizontal wave energy is determined as a
function of frequency. Spacial averages of response acceleration
(N. Newmark's "tau effect') are computed suggesting tau between 0.6 to
unity.

INTRODUCTION

The results presented here are based on recordings of strong ground
acceleration obtained with the large-aperture array of digital accelero-
meters (SMART 1) in northeast Taiwan (Ref. 1). The array consists of 37
three-component force balanced accelerometers arranged in three concentric
circles of radii 200 m, 1 km, and 2 km with one station at the center.
Each station is triggered independently and the accelerations are recorded
digitally on cassette tape. Absolute time is kept accurate to 1 msec.

During the first three years of operation (1980-1983), the array has
recorded 25 earthquakes with local magnitudes between 3.8 and 6.9
(Ref. 2). The largest accelerations were recorded during the January 29,
1981, M; = 6.9 earthquake. During this earthquake, all twenty-seven '
installed instruments triggered and the maximum horizontal acceleration
recorded was 0.24g. The epicenter was located 30 km from the center of
the array at an azimuth of 154°. The depth of the focus was 11 km. In
order to simplify the presentation all calculations for the present paper
use SMART 1 recordings from the January 29, 1981 earthquake.

(1) and (II) Seismographic Station, University of California, Berkeley

(II1) 1Institute of Earth Sciences, Taipei
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SPACIAL COHERENCE OF GROUND MOTION

The variability of wave energy across the whole array can be con-
veniently measured by using a frequency-wave number decomposition
(Ref. 3). Such azimuthal spectral plots have been calculated using all
27 recording elements of the array, and for the four sub-arrays defined
by the principal quadrants. Comparison between the five power spectra
then provides a measure of changes in total wave power, wave scattering
and direction and speed of approach of the coherent waves.

Example plots for the radial component of ground motion are given
in Figure 1 for a 5 sec time window including the main S waves for the
north—east (top) and south-east (bottom) quadrants at a frequency of
2.0 Hz. It is clear that the average ccherent power in this earthquake
is significantly different in the two quadrants. The peak power (peaks
labelled A) has changed by a ratio of 1.75 over a distance of 1.5 km.

In the north-east quadrant the coherent wave has an apparent velocity

of 6 km/sec and azimuth 19° E of S; in the south-east quadrant the

values are 2.6 km/sec at 23° E of S. The peripheral power-peaks in Fig. 1
arise from scattered strong wave motion and differ by quadrant. For the
whole array (not shown) these outlying peaks diminish significantly.

Similar calculations of wave number plots at other frequencies and
components show coherent wave motion with similar variabilities between
sub-sections of the array for frequencies up to 3 Hz on the horizontal
components and for frequencies up to 5 Hz on the vertical compounent.
Above these frequencies, there is little coherent motion. '

GROUND PARTICLE MOTIONS

One way to identify seismic waves is to plot the orbits of particles
of the ground during the passage of the waves. These particle motions
have loci of different geometries (straight lines, ellipses, etc.)
depending on the wave type (P, SV, SH, Rayleigh, etc.). The orbits,
which can be computed from the three orthogonal ground displacement
components recorded by SMART 1 accelerometers, also can be compared across
the array to measure the spacial variability in the ground motion. Fig. 2
shows the ground displacement orbits for a time interval of 3 sec from
the January 29, 1981 earthquake recorded at 3 collinear stations of
SMART 1. Although double integration of the accelerograms has greatly
smoothed the ground motions, significant differences in the orbits are
distinguishable.

First, consider the RT orbits. The arrival of the initial S wave
pulse corresponds to the loop in the upper right hand corner. The shape
and orientation of the loop is fairly comstant for all three stations.
There are some small differences in the sharpness of the cusps, but the
overall orientation is the same. However, the second swing of the §
waves (loop in the lower left hand corner) rotates 15° in a counter-—
clockwise manner from I-06 to I-12, indicating a sharply bending wave-
front over a distance of 400 m. Secondly, the particle motion in the
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VR plane is almost linear at all three stations. Because Rayleigh wave
‘motion is generally retrograde elliptical this motion is probably mainly
scattered P and direct SV waves. Variability of over 20 per cent is
present in both principal axes.

Finally, the VT diagrams confirm that vertical displacements are
relatively small and the ground particles are moving predominantly in a
horizontal plane with the largest amplitudes in the transverse direction
(SH or Love waves). '

RATIO OF VERTICAL TO HORIZONTAL POWER

Wave number spectra for the whole array were analyzed from 1.0 to
8 Hz for a 4 sec time window about the P waves and a 5 sec time window
about the S waves. The ratio of the peak power of the vertical to hori-
zontal wave number spectra at various frequencies is shown in Table I.
For the P wave window, the vertical power dominates above 4 Hz and for the
- S wave window the horizontal power dominates up to 5 Hz. Above 5 Hz in
this window, the ratio of vertical to horizontal coherent power increases
but, as mentioned earlier, there is very little coherent energy at these
frequencies.

TABLE I

Ratio of coherent power V/H

Frequency P waves S waves
1.0 0.78 0.02
2.0 0.85 0.13
4.0 . 1.37 0.17
5.0 10.60 0.31
6.0 13.60 0.59
8.0 9.60 1.20

SPACIAL AVERAGES OF RESPONSE SPECTRA

A crucial proposal of N. Newmark was that when ground motions are
spacially averaged over a structure with a large foundation, there is
a decrease in peak (high frequency) acceleration. The reduction results
essentially from interference dependent upon the phase lags of the
Fourier components of the (horizontally) propagating waves. Array
analysis allows a field measurement of this effect.

Consider the tramsverse ground motion at the adjacent stations C-00
and -I-12 with separation comparable to large structural dimensions.
Simple addition of the time histories shows a reduction of wave ampli-
tudes for some (but not all) peaks and small phase shifts, particularly
for the later (surface) waves. A more meaningful measure of Newmark's
average (the "tau effect'") is to compute the response of a single degree
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of freedom damped oscillator at each station and average the resulting
time histories at each oscillator frequency.

The reduction of the response spectrum due to such spacial averaging
was computed and is shown in Fig. 3. For each oscillator frequency, the
ratio of the averaged response spectrum to the maximum of either input
response spectrum is plotted. Below 5 Hz the reduction is about 10 per
cent. Above 5 Hz, the response spectrum is reduced by 30-40 per cent.

CONCLUDING REMARKS

- The case examined indicates that coherent strong motions are present
only up to 3 Hz for S waves and 5 Hz for P waves. An important conclusion
is that subsurface structures can produce large changes in the apparent
velocity (i.e. changes in angle of emergence) of waves over short
distances. This can make prediction of the ratio of vertical to
horizontally propagating waves difficult. Significant differences in
wave propagation directions occur over short distances with significant
rotational motion present. Further detailed results on ground rotation,
wave scattering and spacial averages will be presented elsewhere.
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PERFORMANCE OF SCHOOL CANOPIES DURING THE 10TH OCTOBER 1989
EL-ASNAM, ALGERIA EARTHQUAKE

J. F. Cartin (I
Presenting Author: J. F. Cartin

SUMMARY

The performance of canopies in a school near El-Asnam, Algeria, during the earthquake
of October 10, 1980, is studied primarily to determine the peak effective acceleration, EPA, of
the earthquake capable of inducing the observed damage in the city of El-Asnam (Ref. 1).
Although a small range of values for EPA (i.e., 0.28g to 0.35g) is determined for the two
ground motions considered, many uncertainties exist in the determination and use of EPA. As
the sole parameter by which the damaging potential of an earthquake is judged, the factor EPA
can be extremely misleading.

INTRODUCTION

On October 10, 1980, a destructive earthquake of Richter magnitude (M) 7.2 occurred
near El-Asnam, Algeria. The epicenter was about 10 km (6 mi) east of El-Asnam, with a focal
depth of 10 km. The duration of the earthquake was between 35 and 40 seconds. No strong
motion records of the main shock were obtained. Field estimates, however, place the peak
ground acceleration at more than 0.40g (Ref. 2).

Although the effective peak acceleration, EPA, is a quantity theoretically associated with
the damaging potential of a ground motion, the parameter has yet to be systematically defined.
Blume (Ref. 3) defines EPA as "the acceleration which is fully effective in causing structures to
respond, whereas any acceleration with a greater value is not effective at all." A detailed analysis
of several canopies in a school located 5 km east of El-Asnam was performed in an attempt to
ascertain first whether the value EPA could be determined and second whether that value
represented the damaging potential of a ground motion.

In the series of nonlinear dynamic analyses conducted on these canopies, certain parame-
ters for which no reliable information was available were varied. Due to a lack of data on the
mechanical characteristics of the materials used and the sensitivity of the dynamic response of

- the building to the dynamic characteristics of the ground motion, the results described here
should be viewed as crude estimates of EPA.

ANALYTICAL MODELING OF THE STRUCTURAL SYSTEM

The structural system of the school consisted of a row of four cylindrical columns sup-
porting a very massive slab (3.50 x 19.45 meters in plan) at the top (Fig. 1). The canopies
covered the corridors along and between the classrooms and were completely free of nonstruc-
tural components. The seismic response of the canopies thus depended solely on the bare sim-
ple structural system.

The structural failure of the canopies was triggered by the failure of the columns at their
base in the transverse direction. This failure was, in turn, triggered by flexural yielding of the
main reinforcement followed by crushing of the concrete and buckling of the longitudinal
compressive steel bars. Some minor damage occurred throughout the columns, especially at
the top. The roof of the canopy sustained no damage and the foundation apparently did not
move during the shaking, i.e. the foundation behaved as a rigid system. The structural system
is illustrated in Fig. 1 and is mechanically idealized as shown in Fig. 2, where: L equals 2.67
m; M (concentrated mass at the roof) equals 1.17 ton-sec’’m; m (distributed mass of the
columns) equals 0.0023 (ton-sec’/m)/m; J; (mass moment of inertia of roof) equals 1.23 ton-
sec’-m; El, (flexural stiffness of uncracked, transformed cross section of column) equals 1843

ton-m?; and EI,, (cracked transformed cross section of the column) equals 769 ton-m?.

(I) Graduate Student/Research Assistant, University of California, Berkeley.

Preceding page blank
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While the degrees of freedom of this idealized system are infinite, it can, due to the rela-
tively small value of the mass distributed throughout the column () compared with the mass
concentrated at the top of the canopy (M), be adequately represented by an equivalent two-
degree-of-freedom system (2DOF), v; and v,, in which the translational and rotational masses
are considered to be concentrated at the top of the column of the canopy (Fig. 2). Studies were
also conducted in which a single degree of freedom (SDOF) was considered, i.e. v; alone.

ESTIMATION OF MECHANICAL (DYNAMIC) CHARACTERISTICS
Mechanical Characteristics of Structural Materials

The canopies were constructed of reinforced concrete. No testing data or design values
used for the concrete or the reinforcing steel strengths were available. Based on visual observa-
tions of these materials and on conversations with those involved in the construction, the fol-
lowing probable mechanical characteristics were assumed.

1) Concrete Stress-Strain Relationships. The following upper and lower bound values for
28-day cylinder strength of the concrete, f,, were assumed. Case 1: f, = 2100 ¢/ m% Case 2:
f. = 1750 t/m?. The Park-Kent concrete stress-strain curves were used to derive the confined
and unconfined curves for both types of concrete (Refs. 4 & 5).

2) Reinforcing Steel Stress-Strain Relationships. The following upper and lower bounds for
the stress at yield, f,, were assumed: Case 1: f, = 35000 t/ m*, Case 2: S, = 28000 1 m.

Although analyses were performed for all combinations of the values given above, the
predicted values reported here are those for Case 2, considered to be the more realistic.

Computed and Idealized Moment-Curvature (M-®) Relationships of Column Cross Sections

Numerical computations of the AM-® relationships were conducted using the RCCOLA
computer program (Ref. 6), in which the variations of mechanical characteristics stated above
and the effect of the following parameters were considered:

1) Axial Load P. Since the weight tributary to each of the columns of the canopy was approx-
imately 12 tons, and since the vertical component of the ground motion was estimated to be as
high as 1.0g (Ref. 2), the M-® curves were calculated for axial loads of 0, 12, and 24 tons.
From these curves it was concluded that the effect of axial force on the M-® relation could be
neglected. A value for P of 12 tons was assumed in subsequent analyses.

2) Cover Thickness. The effect of two cover thicknesses, ' = 0.043 and 0.056m (where 4'is
the distance from the center of the longitudinal steel reinforcement to the outside edge of the
concrete on the same side of the section), on the behavior of the column was investigated.
The main effect of an increase in cover is a decrease in moment yielding and maximum flexural
strength of less than 10% (Fig. 3). A value of 0.056m was subsequently used for 4.

The moment rotation capacity rather than the moment-curvature relation of critical
regions of reinforced concrete structures is important in determining seismic response. Because
the spacing of the circular hoops (0.18m) was larger than the maximum 0.10m permitted by the
1982 UBC [Ref. 7] for seismic zones 3 and 4, and even larger than the eight-bar diameter
allowed for buckling (0.15m), the possibility of premature buckling after the confined concrete
of the cover shell had spalled had to be considered. In the few canopy columns that remained
standing, there was evidence that the bars may just have begun to buckle. The moment-
rotation relation, AM-©, along a region of length / along which the bar could buckle was deter-
mined assuming that the moment and curvature along the critical region were constant:
® = ®/]. The M-d at which buckling would be initiated is illustrated in Fig. 3. The curvature
at which buckling would begin was not uniquely determined. Instead, a range of values was
obtained which bounded the uncertainty: somewhere between the start of spalling of the con-
crete shell and the initiation of strain hardening of the steel. However, it was believed that
buckling would initially occur at a point closer to the first value: spalling of the concrete shell.

The M-® relation was idealized in order that it might be used as input data for the
DRAIN-2D computer program (Ref. 8). The elastic/perfectly plastic idealization seemed
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reasonable for the range of curvatures investigated. No increase in moment due to strain har-
dening was considered since buckling of the longitudinal compressive steel bars occurred before
then. For the idealized M-® curve, the linear elastic stiffness, EI, was estimated to be 769
t—m? and the maximum moment was 9.24 t—m.

Shear Strength of Column

The resistance to shear, V, depends on the shear strength provided by the concrete, V.,
and by the shear reinforcement, V,. When these two quantities were considered, the available
shear strength was found to be considerably higher than the shear demand from the lateral
force required to induce flexural failure. However, the 1982 UBC specification, 2626(f)5,
requires that the contribution of concrete be neglected when P,/4, < 0.12 f.. The columns
considered here should thus fail in shear even before yielding begins. Damage in the standing
canopies and the type of failure observed in the collapsed canopies revealed that the failure was
due to flexural yielding and not to shear. Therefore, although according to present UBC
recommendations the shear strength should have controlled the failure, shear was not con-
sidered to be a problem.

Damping Ratios and Periods of the Canopy

A damping ratio, £, of 2% for the first mode of vibration was chosen since only 2 simple
bare R/C structural system was vibrated. Studies in which & was set equal to 5% were also con-
ducted.

When a SDOF system was assumed, the period of the structure was computed using
Rayleigh’s Method (Ref. 9), and assuming a first mode shape. When the 2DOF system (Fig.
2) was considered, the analyses yielded values for the first mode similar to that computed for
the equivalent SDOF system. For the 2DOF system, the following values of T were estimated:
1) T; = 0.46 sec. and T, = 0.11 sec. when the column stiffness was computed on the basis of
the uncracked, transformed section, El,; and 2) T} = 0.72 sec. and T, = 0.18 sec. when the
column stiffness was computed on the basis of the cracked, transformed section, EI,. Since
the canopy was assumed not to have been cracked significantly prior to the earthquake, a value
of T equal to 0.50 sec. was used to estimate the peak ground acceleration (PGA).

ANALYSES TO ESTIMATE THE EFFECTIVE PEAK
ACCELERATION (EPA)

Introductory Remarks

Generally, EPA is less than the peak recorded acceleration, PG4, because acceleration
pulses of high value but short duration have little effect on the response of most structures, and
also because for structures strained into the inelastic range, the number and order of the
acceleration peaks, as well as the duration of these pulses and the ground motion, rather than
the peak itself, greatly influence damage (Ref. 10).

Besides the estimation of period, damping, and structural mass, as discussed above, the
following problems were encountered in estimating FPA:

1) Type of Ground Motion. This is probably the main uncertainty in determining EP4. In
this study, two types of earthquake were considered to represent the demands of inelastic defor-
mation: the El Centro 1940 SOOE and Derived Pacoima Dam 1971 S16E earthquake records.
For the demands of inelastic deformation and for structures with 7 > 0.4sec., the El Centro
record may be considered a lower bound. Its major effect is thus to amplify the response of
these structures by a resonance phenomenon. The Derived Pacoima Dam record is of the
impulsive type (intense and long-duration acceleration pulses) and is considered an upper
bound on inelastic deformation.

2) ldealization of Lateral Resistance Function: R vs. v;. Estimated M-® diagrams (Fig. 3)
were used to predict the idealized linear elastic/perfectly plastic lateral resistance functions, R
versus vy, of the canopies (Fig. 4). The range of values of maximum displacement v, used for
these estimates was controlled by the buckling of the longitudinal compressive steel (0.088m -
0.160m). Buckling was assumed to occur approximately at v, = 0.10m.
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3) Displacement Ductility (u5) Determination. a) Modjfied Park and Paulay Approach (Ref.
5). These authors offer an approximate solution for the relationship between curvature ductil-
ity and displacement ductility ratio for a cantilever column with a lateral load at the end. The
solution involves an assumed curvature distribution and an estimated length of plastic region,
Lp. This approach was modified to include the influence of the top moment on the displace-
ment ductility. Considering the initiation of buckling to be when spalling of the concrete cover
occurred, ®, = 0.0898 rad/m and a value of us = 5.0 was determined. B) Alternative
Approach. The canopies underwent a lateral displacement of at least 0.15m, the distance that
separated the canopies and the adjacent classrooms, without failure. With this displacement
assumed as an upper bound on v, and using v, = 0.029m (Fig. 4), us = 5 was estimated.

Estimation of EPA

Although different approaches can be used to estimate EPA, the approach presented in
this paper involves three stages:

First Stage: Procedure Proposed by V. V. Bertero, S. A. Mahin, and R. A. Herrera. The max-
imum PGA is estimated from the charts developed by Bertero er al. (Ref. 11). For a given or
selected ground motion, it is necessary to determine first the coefficient n which depends on
the known or estimated va'ues of period, damping, and displacement ductility (Fig. 5). The
value of PGA is then computed directly from the following equation:

_ & R
M= TPGA /g~ m| PGA|

For calculated values of m = 1.20 tons-sec?/m, R, = 346 tons, G, = 0.29, and T = 0.50
sec, values of PGA equal to 0.55g¢ and 0.35g for the El Centro and Derived Pacoima Dam
records, respectively, were obtained.

Second Stage: Verification of PGA by DRAIN-2D. In the second stage, an inelastic dynamic
computer program, such as DRAIN-2D (Ref. 8), is used to perform a series of time-history
analyses for the earthquake motions normalized to values of PGA close to those values found
in the first stage of the study. Both SDOF and 2DOF models were used.

For the SDOF model and FEJ/ approximately equal to that for a cracked section, a max-
imum displacement of approximately 0.10m was obtained for both the El Centro motion nor-
malized to 0.55g and the Derived Pacoima Dam motion normalized to 0.35g (see Table 1). For
the 2DOF model, the Derived Pacoima Dam motion of 0.35g also yields this value, but the El
Centro 0.55g motion yields only 0.07m. These results indicate that the Bertero et al. charts
yield good results for SDOF models, but that they do not work well for 2DOF systems, particu-
larly for earthquake motions such as the E! Centro motion. They also indicate that a 2DOF
model is needed for further inelastic dynamic analyses.

TABLE 1 MAXIMUM LATERAL DISPLACEMENT, v,

TYPE OF MODEL | EI (t—m?) v,
EARTHQUAKE (cracked) (m)
El Centro 1940 SDOF 769 0.106
(normalized to 0.55g) | 2 DOF 769 0.070
Derived Pacoima Dam SDOF 769 0.105
(normalized to 0.35g) | 2 DOF 769 0.100

The results of the analyses show that to attain a v, of 0.10m, the PGA should be close to
0.35g for the normalized Derived Pacoima Dam record and 0.65g for the normalized El Centro
1940 record.

Third Stage: Estimation of EPA by the "Clipping" Method. In the third stage, DRAIN-2D was
used to carry out analyses assuming the two earthquake ground motions discussed above, but
clipping the peak accelerations of these motions in order to study the influence that such "clip-
ping" has on the response of the canopies.
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By analyzing variations in the time-histories of the ground motions and the displacement
response, the time at which the maximum displacement occurred can be determined and the
peak of ground motion at which this displacement was produced can be identified. It is then
possible to estimate how much the ground acceleration record can be clipped in order not to
decrease the maximum response of the canopy.

The maximum top displacement of the canopy does not necessarily occur when the
unclipped ground motion is used as input. When the peak ground accelerations that are clipped
occur before the pulses inducing the maximum v,, the clipping operation might modify the
response of the structure in such a way that the particular values of the response at the time
that the critical pulses begin favor the increase of the displacement due to these pulses. The
acceleration clipping should be continued until the maximum displacement begins to decrease.
The clipped (or unclipped) acceleration at which the maximum displacement occurred is con-
sidered the EPA for the case under consideration and for the specified earthquake. The effects
of clipping are illustrated in Fig. 6 and in Table 2 the effect of clipping on the maximum lateral
displacement response is summarized.

TABLE 2 EFFECT OF CLIPPING EL CENTRO NORMALIZED TO 0.55g
& DERIVED PACOIMA DAM NORMALIZED TO 0.35g ON
DISPLACEMENT RESPONSE OF THE CANOPY

DESCRIPTION OF PEAK CLIPPED MAXIMUM v,
EARTHQUAKE ACCELERATION | TIME (sec) | v, (m)
EL Centro 1940 0.55¢ 2.01 0.070
normalized 0.32¢ 5.38 0.098
to 0.55g 0.28¢ 5.38 0.104
0.22¢ 5.37 0.101
Derived Pacoima Dam 0.35g 3.65 0.100
normalized to 0.35g 0.30g 3.65 0.089

For the Derived Pacoima Dam record normalized to 0.35g, any clipping of the ground
acceleration decreases the lateral displacement response. Therefore, the EPA is 0.35g. The
lateral displacement response increases, however, when the El Centro record is clipped, in this
case from 0.070m (for the unclipped record normalized to 0.55g) to 0.104m when the record
normalized to 0.55g is clipped to 0.28g. Since this value of v, is close to 0.10m, the value
sought, it was not necessary to increase the normalization of the El Centro record to, say, 0.65g
as had been predicted in the second stage of the analysis.

In summary, for the El Centro record normalized to 0.55g, a value of 0.28g was estimated
for the EPA. For the Derived Pacoima Dam record normalized to 0.35g, the predicted EPA
equaled 0.35g. .

SUMMARY AND CONCLUSIONS

1) A 2DOF model, rather than a SDOF system, must be considered.

2) Among the parameters that affect EPA are: a) the idealization of the lateral resistance
function (which in turn depends on assumed material properties, concrete cover, axial load,
buckling of longitudinal compressive steel bars, and fixed-end rotation, among other factors);
b) model idealization (SDOF or 2DOF); ¢) period and damping, and d) ground motion charac-
teristics.

3) Because the assumed recorded ground motions did not produce the observed response,
these ground motions must be normalized to values of PGA as determined in the first two
stages of the investigation. The values of EPA determined in the present investigation (i.e.,
0.28g and 0.35g for the El Centro and Derived Pacoima Dam earthquake motions) were there-
fore derived from clipping distorted records, due to the normalization of PGA to 0.55g and
0.35g. In other words, the originally recorded El Centro record unnormalized with PGA equal
to 0.35g produces low values of canopy displacement and therefore would not have resulted in
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the observed damage, i.e. collapse of the canopy. Also, depending on the stiffness EI used in
the analysis (and thus on the period), the EP4 was or was not equal to the PGA. The amount
of clipping therefore depends on the normalization of an earthquake.

4) The results obtained indicate that for the two assumed types of ground motion, the EPA
needed to induce the observed damage is in the range 0.28g to 0.35g. This small range is
apparently fortuitous given the wide range of the parameters that affect the result. Generally,
EPA depends both on the type of earthquake considered and on the interaction of the dynamic
ground motion characteristics and the soil-foundation-structure system. Furthermore, EP4 will
depend on the limit state under consideration. Although the use of EPA can provide an idea of
the relative damaging potential of a given ground motion, its use as the sole parameter to
define this damaging potential can be very misleading.
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EVALUATION QF SIMPLIFIED EARTHQUAKE ANALYSIS PROCEDURES
FOR INTAKE-OUTLET TOWERS

Anil K. Chopra (I)
Ka-Lun Fok (II)
Presenting Author: Ka-Lun Fok

SUMMARY

The internal forces in uniform and tapered intake-outlet towers induced
by earthquake ground motion, characterized by a smooth design spectrum, are
computed for a range of fundamental vibration period by modal analysis and by
the Montes-Rosenblueth procedure. Based on these results it is shown that the
latter procedure is excessively conservative in many cases. The limitations
of other available simplified anmalysis procedures, and the requirements for a
reliable but simple analysis procedure for preliminary design of towers are
identified.

INTRODUCTION

Intake-outlet towers should be designed to elastically resist the rela-
tively frequent moderate intensity earthquakes; and may be permitted to yield
significantly, but without collapse, in the event that wvery intense ground
shaking occurs. An approximate analysis procedure that considers only the
most important effects in the earthquake response of towers, and yet is simple
to apply, is required in the preliminary stages of elastic design. The avail-
able simplified analysis procedures (Refs. 1-3) are evaluated in this paper.

VIRTUAL MASS OF TOWER

It has been established that the effects of surrounding water (Fig. 1) on
dynamics of towers may be approximately represented by the added mass shown in
Fig. 2 (Ref. 4). The virtual (or total) mass of the tower is

m(z) =mo(z) +mi(z) +ma(z) ¢

in which m_(z) = the mass of the tower by itself, m,(z) = the mass of water in-—
side the tower, and ma(z)==the added mass due to interaction with surrounding
water.

The added mass m _(z2) presented in Fig. 2 is for cylindrical towers with a
circular cross-section for a range of values of the ratio r /H, in which r_ =
the outside radius; and H= the depth of surrounding water. “Strictly speaking
these results are valid only for towers with radius r constant over height;
however they are even useful for towers with a variable radius. It is recom-
mended that the added mass at any location, z, above the base be computed from
the curve for r /H=r (2)/H pertaining to that location. This simply obtained
approximate valle chelks well with accurate solutions based on a finite ele-
ment analysis of the fluid domains surrounding variable-radius towers (Ref. 5).

(1), (II) Prof.& Grad.Student, Dept.of Civil Engrg., Univ.Calif,Berkeley,CA.USA .
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The inside water is treated as moving rigidly with the tower, an appropriate
idealization for slender towers.

MODAL ANALYSTS

The earthquake analysis of & free-standing tower partially submerged in
water proceeds in the standard manner, with its mass defined by the virtual
mass m(z) instead of just its own mass m (z). Thus, the maximum response of a
tower to earthquake ground motion can be®estimated from the design (response)
spectrum corresponding to the ground motion by the following procedure:

1. Define structural properties: compute virtual mass m(z) and flexural
stiffness EI(z); and estimate modal damplng ratios E

2. Compute the frequencies w_, perlods T -—ZW/wn, and mode shapes ¢ (z), n-—l
2,..., of several natural modes of v1grat10n of the tower.

3. Compute the maximum response in individual modes of vibration by repeating
the following steps for the lower modes of vibration:

(a) Corresponding to period T and damping ratio § , read the ordinate

San of the pseudo-~acceleration from the design spectrum.

(b) Compute equivalent lateral forces from

fn(z) = (Ln/Mn) Santn(z)¢n(z) (2)
where Ln==fm(z)¢n(z)dz and Mn==fm(z)¢n2<z)dz.

(¢) Compute the shear V_ and moment M_ at any section by static analysis
..n n
of the tower subjected to the equivalent lateral forces:
He Hg
= . & = -
v (2) f £ (2)dg ; dn(z)Af £, (c-2)de (3)

Z Z

4. Determine an estimate of the maximum shear V(z) and moment M(z) at any

section by combining the modal maxima V (z) and M (z) in accordance with
the following equation:

v : i s M @ 0

MONTES-ROSENBLUETH PROCEDURE

This is a simplified analysis procedure developed by Montes and Rosen-
blueth for estimating earthquake forces in chimneys (Ref. 3). By using the
virtual mass m(z) to define the mass, the procedure can be applied to free-
standing intake-outlet towers in the following steps:

1. Construct two envelopes of the design spectrum: (a) flat spectrum and (b)
hyperbolic spectrum with cut-off, as shown in Fig. 3. The ordinate of the
flat spectrum, which represents a constant pseudo-acceleration, is equal
to the maximum value over all periods less than the fundamental period Ty.
The hyperbolic spectrum, which represents pseudo-acceleration varying with
period as a hyperbola or a constant pseudo-velocity, passes through the
ordinate of the design spectrum at T,; the spectrum is cut-off to a flat
branch for all periods less than T /lO
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2. Compute shears and moments in the tower associgted with the flat spectrum
from the following equations:

V(z) = 0.647(§al/g)W[l— (z/HS)s] (5a)

M(z) =0.461(5_ /g)WH_[1 - (2/H)13/2 (5b)

where s is the maximum value of Sa(T) over periods less than Tl and W
is the %otal, virtual weight of the tower.

3. Compute shears and moments in the tower cofresponding to the hyperbolic
spectrum with cut-off from the following equations: :

V(z) =1.553(5,; /@)W1 - (2/H)2]1Y/2 - 6.25(z/B )2[1~ (z/H )12}  (6a)
M(z) =0.519(s_, /g)WH_[1-(z/H )] . (6b)

4. The M-R (Montes-Rosenblueth) estimate of the shear (and moment) at any
section is provided by the smaller of the two values for the shear (and
moment) obtained in steps 2 and 3 (Fig. 4).

The approximate expressions for shear and moment in steps 2 and 3 were ob-
tained in Ref. 3 from results of analysis of uniform towers for the two ideal-
ized spectra mentioned above. The M-R estimates are equal for two towers with
the same total weight, independent of the weight and stiffness distribution.

PRESENTATION AND DISCUSSION OF RESULTS

The two types of towers analyzed are: (a) Uniform towers with mass per
unit height m(z) =m and flexural stiffness EI(z) =EI, both constant over
height; and (b) tapered towers with mass and stiffness decreasing linearly
from the base (z=0) to the top (z=H) with m(d) =m(0)/9 and EI(H) =EI(0)/10.
The latter represents an extreme taper, more than usually encountered in real
towers, chosen to cover all practical cases and, in part, to indirectly and
roughly consider the variation in virtual mass that would be introduced by the
added mass (Fig. 2). For the limited objectives of this paper, it is not nec-
essary to explicitly include the added mass m _(z) and the virtual, total mass
m(z) is defined directly as described above,

_ The parameters selected for the ground motion are: maximum acceleration
ag, velocity_vg, and displacement d,=1lg, 48in/sec, and 36in., respectively.
Starting with these parameter values, the design spectrum is constructed by
the procedures of Ref. 6 for 5% damping ratio and 84.1 percentile level of re--
sponse (Fig. 5). The response results are presented in dimensionless form so
that they are valid for ground motions of any intensity, provided Eé, Vg, and
dg are in the ratio lg:48in/sec:36in. '

The internal forces (shears and moments) in two types of towers induced
by earthquake ground motion characterized by the design spectrum of Fig. 5
were computed for a range of fundamental vibration periods by modal analysis
and by the Montes-Rosenblueth Procedure. The natural frequencies and mode
shapes of vibration required in modal analysis are available in text books as
standard results for a uniform cantilever. For the tapered tower they were
obtained by the Rayleigh Ritz method with the shape functions selected as the
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fiode shapes of a uniform tower. The variation of shears and moments with
height in uniform towers with different fundamental vibration periods are pre-
sented in Fig.6; similar results for tapered towers are presented in Fig. 7.
For three selected values of fundamental period T;, the heightwise variation
of shears and moments obtained by modal analysis and by Montes-Rosenblueth (M-
R) procedure are presented in Figs.8-10 for uniform towers and in Figs.11-13
for tapered towers. The-variation of base shear and moment with fundamental
vibration period, obtained by the two analysis procedures, is presented in
Figs. 14 and 15.

These response results demonstrate that the M-R estimates for shears and
moments are reasonably good only for uniform towers with fundamental vibration
period which is either rather long, near the long-period end of the constant
pseudo-velocity branch of the spectrum; or short enough to fall on the con-
stant pseudo-acceleration branch of the spectrum. In the first case, the M-R
estimate is controlled by eq.6 associated with the hyperbolic spectrum; and in
the latter case by eq.5 associated with the flat spectrum. At intermediate-
periods the M-R estimate is excessively large, because the response is affect-
ed by both types of spectra, a situation illustrated in Fig. 4. The mass and
stiffness distribution over height does not enter into the M-R estimate for
shears and moments; only the total weight enters into egs.5 and 6. When pre-
sented in dimensionless form the M~R estimate is thus identical for uniform
and tapered towers. However, the results of modal analysis demonstrate that
the dimensionless responses of a tapered tower are much smaller than those of
a uniform tower. Thus the M-R estimate for the response of tapered towers is
excessively conservative over the entire period range.

The presented response results demonstrate that, over a wide range of
fundamental periods, excellent results for shears and moments in towers are
obtained by considering only the first two vibration modes in modal analysis.
For short period towers, with fundamental period shorter than the value at the
corner of constant pseudo-acceleration and constant pseudo-velocity branches
of the spectrum, only the first mode contributes significantly to the forces,
and even the second mode need not be included. For towers with longer vibra-
tion periods, the one-mode analysis recommended in Ref.l is inadequate because
the second mode has significant contributions. The second mode response should
be explicitly considered because, contrary to what was suggested in Ref.2, it
can not be satisfactorily approximated by simply increasing the first mode re-
sponse. '
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VIBRATION BEHAVIOR OF XTIANG HONG DIAN DAM
R. W. Clough(I), K. T. Chang(II), R. M. Stephen(III)

Ho—Qn Chen(IV), Go P. LU(V)
Presenting Author: R. W. Clough

SUMMARY

Results of a field measurement program on Xiang Hong Dian Dam in Anhui
Province, PRC, are presented and correlated with finite element model analytical
predictions. Forced vibration tests were carried out using 4 coupled rotating
mass shakers newly developed in China, having an upper frequency limit of 25 Hz
and force capacity of 4000 Kg per unit. Good correlation is indicated between
calculated and measured mode shapes, frequencies, and hydrodynamic pressures,
demonstrating the validity of the modeling of the dam and of its interaction
with the reservoir, and the foundation.

INTRODUCTION

The effects of reservoir and foundation interaction on the dynamic behavior
of arch dams is the subject of a three year research program presently being
carried out under the U.S.-China Protocol for Scientific and Technical Cooper-
ation in Earthquake Studies. The cooperating organizations are the Scientific
Research Institute of Water Conservancy and Hydroelectric Power (SRIWCHP)
Beijing, together with Tsinghua University and the -Scientific Research Institute
of Water Conservancy of Anhul Province (SRIWCAP) acting for China, and the
Earthquake Engineering Research Center (EERC) of the University of California,
Berkeley, acting for the United States. The investigation is being carried out
under the supervision of Professor K. T. Chang (Tsinghua University) and
Professor R. W. Clough (EERC). The complete investigation will include making
detailed measurements of the vibration properties of two arch dams in China
(single curvature and double curvature) and comparing the results with pre-
dictions calculated using state of the art mathematical models. During later

stages of the work, improved models will be formulated, based on indicatioms
from the test data.

Xiang Hong Dian (XHD) Dam in Anhui Province was selected as the subject of
the first field measurement program. In August 1982 vibration tests were made
and recorded mainly by teams of workers from SRIWCHP and SRIWCAP; supplementary
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(II) Vice President, Tsinghua University, Peking, People's Republic of China.
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(1IV) Vice-Head of Earthquake Engineering, Scientific Research Institute of
Water Conmservancy and Hydroelectric Power, Peking, PRC.
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measurements of hydrodynamic pressures and of foundation rock motions during the
tests were obtained by the two co-authors from EERC. This paper reports partial

results of the test on Xiang Hong Dian Damj; full details of the work will be
published as a joint EERC-SRIWCHP report.
TEST PROGRAM

Description of the Dam

XHD Dam is located in the middle reach of the Pi river in Jinshai county of
Anhui Province, China. It is a non-overflow gravity arch structure completed in
1958, 87.5 m high with a crest length of 361 m. The upstream face is a vertical
cylindrical surface with 180 m radius; the thickness is 5 m at the crest and 39
m at the base. It is divided into 25 blocks of 14 m length between vertical
contraction joints. Four horizontal walkways are located on the downstream face,
as may be seen in Fig. 1.

Test Equipment

A system of four synchronized eccentric mass shakers, newly designed at
SRIWCHP, was used to vibrate the dam. Principal features of the system are as
follows: (1) the maximum force produced by each shaker is 4000 Kg; eccentric mass
is provided by weights in rotating '"baskets'; (2) frequency limits are 0.5 to 25
Hz in three ranges (0.5-5, 1-10, 2.5-25) with a2 maximum error in each range of
.0.5%; (3) units can be set arbitrarily to act in phase or 180° out of phase with
the master unit; control of phase is accurate to *+ 5 degrees. Phase and frequency
of each unit is indicated digitally. 1In this test the four exciters were deployed
at the dam crest, located symmetrically at distances of approximately 47 m and:

93 m from the centerline and coriented to apply forces in the radial direction.

The vibrations of the dam were sensed by two sets of velocity transducers
provided by SRIWCHP and SRIWCAP, respectively; these generally were set in the
integrating mode so as to indicate displacements directly. A total of 57 stations
on the dam were established for these instruments: at the crest and along the four
walkways, including some stations on the adjacent abutment rock. In addition,
EERC established 14 stations for Ranger selsmometers. These very sensitive instru-
ments were used to measure motions of the foundation and abutment rock in order
to study the foundation interaction mechanism; accordingly all but one of these
stations were on rock, the other being at the dam crest to provide correlation
with one of the SRIWCHP velocity meters. Because there were more recording
stations for each type of instrument than there were instruments, it was necessary
to repeat the tests with the transducers moved to new locations. Four repetitions
were required to obtain all of the Ranger readings. Figure 2 shows the locations
of the exciters and of the two types of instruments,

Experimental Procedure

Vibration properties were evaluated both from ambient vibration measurements
as well as from the response to the coupled shear units, but only forced wvibration
results are discussed here. For the forced vibration tests, the frequency was
varied gradually over the range from about 4 to 18 Hz, and the radial displace-
ment amplitude was observed at several stations along the crest. In the fre-
quency ranges near modal resonance, where the response varied rapidly with
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frequency, the frequency increments were made very small (<0.05Hz) in order to
identify the peak frequencies accurately. When all resonant frequencies had
been identified, the exciters were operated successively at each frequency, and
both radial and tangential response amplitudes were recorded for all transducer
stations on the dam and foundation rock. In addition, readings of hydrodynamic
pressure against the face of the dam were obtained at depths of 5, 15, and 25 m
at three stations to the right of the centerline. Relative values of all :
readings were determined for each transducer to establish the vibration mode’
shapes.

ANALYTTICAL STUDIES

Computer Program

Analyses of the dam vibration properties were made using the finite element
computer program ADAP (1). This program models the arch dam body by special
"thick shell" or "3D shell” elements, and the foundation rock by 8 node 'brick"
elements. In addition, the program has been extended from its original form
to model the reservoir by l6-node incompressible liquid elements (2), the
"added mass" of the reservoir being added to the mass of the comcrete in
establishing the mathematical model. The program solves the undamped eigen-
problem of the finite element model to obtain the vibration mode shapes and
frequencies, and then uses mode superposition to calculate earthquake response.

For the purposes of this investigation, the program also was modified to give
the mode superposition response to a set of harmonic forces applied at the dam
crest. Thus, it is possible to duplicate analytically the forced vibration
tests.

Mathematical Model

In this study, the dam was modeled using 30 thickshell or 3D shell elements.
The foundation rock was assumed to extend to a distance equal to the dam height
in the upstream and downstream directions, as well as beneath the dam base; the
total rock volume was represented by 80 massless brick elements, In initial
calculations the elastic modulus of the concrete was taken to be 4 x 106 T/MZ,
and parametric studies of foundation interaction were made using ratios of rock
to concrete moduli equal to 1.3, 0.65, and 0.325. Then by comparison of the
calculated vibration shapes at the rock-concrete interface with the measured
shapes, it was determined that the ratio of 1.3 gave the best correlation.
Thus, this ratio was adopted in subsequent analyses.

The reservoir was modeled by incompressible liquid 16-node elements having
nodes matching the nodes at the concrete interface. In addition, liquid
elements followed the topography of the reservoir bottom, and extended upstream
to a rigid vertical plane at a distance of 300 meters from the dam face (4.2
times the reservoir depth); by numerical experiment it was demonstrated that the
rigid boundary had no significant effect at this distance.

Types of Analyses

In addition to eigenvalue analyses of the reservoir-foundation-dam finite
element model, the response of the model was evaluated when subjected to
harmonic excitation simulating the input of the four shaking machines. The
displacements of selected gage points on the dam and hydrodynamic pressures at
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the pressure gage locations were determined at various modal frequencies; in
addition frequency response curves were obtained by calculating the displacement
amplitudes of selected gage polnts as the frequency was varied below and above
resonance.

CORRELATION OF RESULTS

Vibration Frequencies

Because only a rough approximation of the dynamic modulus of the concrete
could be obtained from test specimens, the first step in the correlation of
analytical and experimental results was adjustment of the concrete modulus to
obtain a least squares best fit of the frequencies. Only the first four modes
were used in this adjustment because they are considered to be most relisble;
the resulting concrete modulus was found to be 3.532 x 106 T/M2 (4.945 x 106
psi). Values of the frequencies obtained analytically using this modulus are
listed in Table 1, together with the corresponding experimental values. The
designation S or AS associated with the measured frequencies indicates whether
the shakers were operated in a symmetric or antisymmetric pattern during the
test. The discrepancy between experimental and analytical values for the first
four modes averages only 1.3 percent, which is well within the precisiocn of the
individual experimental results; even for the higher modes the agreement
generally is remarkably good.

Mode Shapes

The first three vibration mode shapes, calculated and measured at the dam
crest and at the upper two walkway levels, are plotted in Figs. 3-5. The
analytical values have been normalized to the amplitude of displacement measured
at one location in each mode. The apparent quality of correlation could have
been improved in some modes by normalizing to a different location, but these
figures clearly show that the mathematical model reproduces the essential be-
havior in the four modes. Although not shown for lack of space, the fourth and
fifth mode shapes correlate equally well at these three levels, but the
analytical results for Mode 5 show a phase reversal at the lower levels which
is not evident in the measured results. However, it is believed that the sign
change was overlooked in the experimental data because the readings were so
small.

Frequency Response Curves

The experimental modal frequencies were determined by operating the shaker
system at a sequence of closely spaced frequencies and plotting the resulting
response amplitude measured at an appropriate point on the dam crest; similar
analytical results were obtained by duplicating the procedure mathematically.
The resulting frequency response curves for the first two modes obtained with
symmetric excitation are shown in Fig. 6, and for the first two antisymmetri-
cally excited modes in Fig, 7; experimental and analytical results are shown
respectively by dashed and solid lines. The additional peak in the experimental
response curve of Fig. 7 corresponds to the second peak in Fig. 6; this mode
was excited by both symmetric and antisymmetric input patterns, but less
strongly in the antisymmetric case.

As expected, the peaks of the analytical and experimental curves indicate
the same frequency discrepancies shown in Table 1. The amplitudes of the



61

analytical curves were matched to the experimental data by iterative adjustment
of the modal damping ratio. The "experimental" damping ratio was obtained from
the experimental frequency response curves by the half-power method. The damp-
ing ratios listed on the two figures show excellent agreement between analysis
and experiment.

Missing Mode

It will be noted in Table 1 that no experimental frequency is indicated for
Mode 6. 1In order to determine why this mode was not observed experimentally,the
frequency response curve in the vicinity of the 6th mode frequency was calculated
by combining the responses to symmetric excitation of Modes 5, 6, and 7. The re-
sult (solid curve in Figure 8) clearly demonstrates that the contribution of
mode 6 (which does have a peak at 7.62 Hz) is completely overwhelmed by that of
mode 5; thus, the test data did not suggest the existence of mode 6. To study
the problem further, the frequency response was calculated by combining Modes 4,
5, and 6. This standard analysis for Mode 5, shown by the dash-dot curve in Fig.8,
may be.compared with the experimentally determined (dashed line) response curve
for mode 5. The reason for the obvious frequency discrepancy is not known, but the
mode 5 damping value correlates well. The possible missing of a mode, as noted
here for mode 6, is a basic difficulty of the forced vibration test procedure when
frequencies are closely spaced. In this case, the analytical shape of mode 6 (not
shown for lack of space) is nearly the same as mode 5 at the crest; the shapes
differ in the vertical sections, but the crest measurements made in this test
procedure offer no clue to the missing mode.

Correlation of Hydrodymamic Pressures

Hydrodynamic pressures measured at various points on the face of the dam dur-
ing excitation at the first and second mode frequencies are plotted in Fig. 9;
also shown are the analytically predicted pressure variations across the dam at
these same levels. The agreement between the analysis and these few experimental
values is remarkable. So far as is known, this is the first correlation that has
been reported between measured modal hydrodynamic pressures and corresponding
analytical results, and it certainly suggests that the incompressible reservoir
model is valid, at least for the combinations of dimensions and frequency involved
in these two modes.

CONCLUSIONS

The excellent agreement between analysis and experiment obtained in this
study demonstrates the high quality of results that can be obtained using modern
experimental equipment and refined mathematical models; however, the fact that
several modes were not identified experimentally among the first twelve demon-
strates a basic limitation of the forced vibration test procedure. On the other
hand, the measurements of foundation rock motions and of hydrodynamic reservoir
pressures indicate the potential of this experimental technique for studying
reservoir and foundation interaction with concrete dams. A complete report on the
results of such interaction studies will be presented in the final phase of the
investigation after reduction of the data recorded on both dams.
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AN EVALUATION OF THE RESPONSE SPECTRUM METHOD
FOR LATERAL ANALYSIS OF BUILDINGS

Ernesto Cruz (I)
Anil K. Chopra (II)
Presenting ‘Author: Ernesto Cruz

SUMMARY

The ensemble average of the maximum response of a class of multistory j
buildings to simulated ground motions, computed by time history analysis 3
(THA) and response spectrum analysis (RSA) procedures, is plotted against the
fundamental vibration period of the building in the form of response spectra.
The dependence of the contributions of the higher vibration modes, and of the
errors in the RSA results, on the fundamental vibration period and on the

jodint rotation index p, a measure of the relative beam to column stiffness
of the building, is discussed.

INTRODUCTION

In most practical analyses of multistory buildings, the maximum earth-
quake response. of a structure is determined directly from the response or the
design spectrum. Furthermore, most building code specifications for earth-
quake forces are based on simplifications of the response spectrum method of
analysis. In order to develop better simplified analysis procedures suit-
able for building codes, it is necessary to evaluate the accuracy of the
response spectrum estimates of maximum response and to better understand the
contributions of the wvarious vibration modes in the response. This paper
reports on a small part of a National Science Foundation sponsored research
project designed to fill this need; it is an extension of Ref. 1.

SYSTEMS, GROUND MOTIONS, AND ANALYSIS PROCEDURES

Systems

The systems analyzed are idealized as single-bay, five-story moment-
resisting plane frames with constant story height = h, and bay width = 2h.
All the beams have the same stiffness I} and the column stiffness I, does not
vary with height. The structure is idealized as a lumped mass system with
the same mass m at all the floor levels. The damping ratio for all the
natural modes of vibration is assumed to be five percent. Only two additional
parameters are needed to completely define the system: the first mode period
T1 and the joint rotation index p (Ref. 2). For the selected class of build-
ing frames p = Iy/4I,. By varying o the complete range of behavior of the
frame can be covered, from the bending beam (p = 0) to the shear beam (p = «),
Intermediate values of p represent frames with both beams and columns under-
going flexural deformations.

(I) Graduate student, Civil Engineering Dept., U. of Calif., Berkeley USA

(I1) Professor of Civil Engineering, U. of California, Berkeley, USA
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Ground Motions

Eight simulated ground motions were generated as samples of a filtered
stationary Gaussian white noise amplified by a time dependent intensity func-
tion. The average of the regponse spectra of these eight ground motions for
five percent damping is presented on Fig. 1 together with the ensemble
averages of the maximum ground acceleration, velocity, and displacement.

Analysis Procedures

Standard procedures were employed for both the time-history analysis
(THA) and the response spectrum analysis (RSA) of the dynamic response of the
idealized frame to the simulated ground motions. The THA was carried out by
the mode superposition method. The maximum of each of the response quantities
of interest during each simulated motion was determined. The ensemble average
of the maximum response was obtained by averaging the maximum value
corresponding to each of the eight simulated ground motions. In the RSA the
maximum value of each of the response quantities of interest was estimated as
the square-root-of-the-sum-of-the-squares (SRSS) combination of the individual
modal maxima, computed directly from the average response spectrum of Fig. 1.
The SRSS combination rule is adequate because the idealized frame has well
spaced vibration frequencies.

PRESENTATION AND DISCUSSION OF RESULTS

The ensemble average of the maximum response, computed by including the
contribution of all five vibration modes in the time-history analysis (THA)
and in the response spectrum analysis (RSA) procedures, is plotted against
the fundamental vibration period of the building in the form of response
spectra; also included in these plots is the maximum response due only to
the fundamental vibration mode, which is obviously identical whether computed
by THA or RSA procedures. Such plots are presented. Iin Figs. 2-7 for three
values of 0 = 0, 0.125, and ® and six response quantities: top floor dis-
placement ug, base shear V,. base overturning moment My, the largest moment
My, among all the beams, the largest moment M, among all the columns, and the
largest axial force P, among all the columns. The response quantities are
presented in dimensionless form as defined in Figs. 2-7, where @, and &, are
the ensemble averages of the maximum ground displacement and ground accélera-
tion respectively; Wi and hy are the effective weight and effective height for
the first vibration mode of the building. The normalization factors for V,
and M, are the base shear and moment for a rigid single-degree-of-freedom
system with lumped weight W; and height hj. '

The response contributions of the vibration modes higher than the funda-
mental mode increase, and apparently as a result the differences in THA and
RSA results increase, with increasing fundamental vibration period Tj.
Because, for a fixed p, the modes shapes and ratios of vibration frequencies
do not change with Ty, the increased contribution of the higher modes is due
only to the relative values of the response spectrum ordinates, which in
turn depend on the spacing of the vibration periods and on the shape of the
response spectrum. For the selected spectrum, as the fundamental vibration
period increases the ordinate for a higher vibration mode generally increases
relative to that for the fundamental mode, resulting in increased response
contributions of the higher vibration modes and increased errors in the RSA
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results.

The response contributions of the higher vibration modes increase, and
consequently the differences in THA and RSA results increase, with decreasing
value of the joint rotation index p. A change in p affects the vibration
modes shapes as well as the ratios of vibration frequencies. These two
effects can be interpreted as separate, because the change in mode shapes
affects the distribution of forces and displacements while the change in fre-
quency ratios affects the relative importance of the dynamic amplification
factor for the different modes. As p decreases the effective weight for the
first mode tends to decrease and correspondingly the effective weights for
the higher modes, especially for the second mode, tend to increase. At the
same time the frequency ratios increase, spreading the frequencies over a
wider portion of the spectrum, thus increasing the effects of the spectrum
shape discussed above. Both of these factors contribute to increased response
due to the higher vibration modes.

While the errors in the RSA results depend on the response quantity they
are all below five percent for structures with fundamental vibration period
less than four seconds. Among the overall response quantities the largest
errors occur in the base shear values, with much smaller errors in the base
overturning moment, and almost no errors in the top displacement. Among the
local response quantities the largest errors occur in the column moments,
while the errors in the beam moments and column axial forces are very similar;
but these errors are all smaller than those in the base shear.

In addition to the already discussed trends in the results, the base
shear, and to a lesser degree the base overturning moment, show some
discrepancies between the RSA and the THA results for very short periods
(Figs. 3 and 4), with the errors increasing as Tp decreases in this range.
The individual modal responses of a short period structure are essentially
all in phase, resulting in the combined response being close to the sum of
absolute values of modal responses and larger than the SRSS estimate which is
close to the first mode response. . v

Although the results presented are for a one-bay five-story frame with
uniform distribution of mass and stiffness over height subjected to a small
set of simulated ground motions, the trends observed can be explained in
terms of both basic principles of static and dynamic analysis and the
characteristics of the model and the average spectrum of the ground motions.
Therefore, the same trends are expected to be found in the responses of a
much wider range of structures, with different number of stories and with
distributions of mass and stiffness that change gradually over the height,
under the action of excitations with spectra similar to the one used here.

In order to provide a complete evaluation of the RSA the results
presented here need to be extended. The areas in which further research is
planned include: effects of the heightwise distribution of mass and
stiffness, and effects of the model frame characteristics (number of stories,
number of bays, and bay-width to story-height ratio).
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MATHEMATICAL MODELING OF A FRAME WITH JOINT ROTATION

by
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Presenting Author: Hugh D. McNiven

SUMMARY

This paper shows the considerable influence that joint behavior in a frame
Plays in the response of the frame to a dynamic forcing function. The behavior
is demonstrated by means of experimental results obtained when a three-story
steel frame is subjected to seismic motions on a shaking table and the results
are used to formulate a mathematical model of the frame using system identifi-
cation, :

INTRODUCTION

To date most mathematical models of moment~resisting frames are formulated
using the geometric and material properties of the members and assuming that the
joints are continuous. This assumption implies that the joints are rigid and
that at a joint all members rotate the same amount. As many frames are construc—
ted so that the stiffnesses of the columns and girders are relatively the same,
the deformation that occurs when the frames are subjected to earthquake motions
will involve joint rotations as well as floor translations; thus, the behavior of
a joint during rotation is significant in many frames. When a mathematical model
of such a frame is constructed using this traditional method, the model predicts
. quite poorly the responses recorded when the frame is subjected to an earthquake
input on the shaking table at the Earthquake Engineering Research Center, Univer-
sity of. California, Berkeley. To our knowledge the first detailed study that
associate the shortcomings of the traditional mathematical model with the
assumption of continuity of the joints was conducted by Kaya and McNiven[1].

They gained physical insight into the problem by using system identification to
construct a number of mathematical models of a frame. They accounted for joint
deformation in a somewhat oblique way. They constructed their best mathematical
model by introducing a set of parameters; one parameter was associated with the
geometric length of each column and girder and an additional parameter accounted
for viscous damping. When the cost function was minimized using a Gauss-~Newton
optimization algorithm and the resulting "best set" of values for the parameters
was inserted into the model, it predicted response of the frame extremely
accurately. The length of a member times the parameter associated with it was
considered to be the "effective' member length. As the effective length
differed from the geometric length, Kaya and McNiven concluded that the joints
did in fact change shape during the deformation of the frame and that when this
change of shape is accounted for, the model is significantly improved. ‘

In this paper we take what we think is the next logical step in improving
the formulation of the mathematical model of a moment-resisting frame. The
(I) Senior Development Engineer, Earthquake Engineering Research Center,
University of California, Berkeley, California, U.S.A.
(I1) Professor of Engineering Science and Director, Earthquake Engineering
Research Center, University of Califormnia, Berkeley, California, U.S.A.

Preceding page blank
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step is to isolate each joint to be considered as a separate element in the
frame behavior. The formulation described in what follows has a number of ad-
vantages over the previous formulation by Kaya and McNiven. First, we have not
resorted to static condensation of the stiffness matrix which results in a
relationship between translation and joint rotation that depends on the conti-
nuity of the joint behavior we know is violated. We are able to reduce from
eight to four the number of free parameters to be identified by optimization,
thus reducing considerably the computer costs of this operation. We take ad-
vantage of symmetry, as did Kaya and McNiven, but further find that the same
parameter suffices for all three columns and that no adjustment is needed for
the girder lengths. We consider that when a joint deforms it can do so both due
to shear and to the moments imposed upon it. - An in-depth study, shows that when
we associate a parameter with each of these deformations, the parameters, during
optimization, do not behave independently, sé that one parameter is sufficient ’
to account for joint deformation. We arbitrarily choose to associate the para-
meter with the shear deformation. The third parameter reveals the viscous damp-
ing and the fourth accounts, as in the previous study, for the rocking of the
shaking table during excitation.

System identification requires experimental results and we are fortunate to
have the results of experiments conducted by Clough and Tang [2]. The experi-
ments were conducted on.a three-story steel frame with welded connections be-
tween girders and columns. The stiffnesses of the girders and columns were of
the same order of magnitude. We are particularly fortunate for this study in
that Clough and Tang conducted two series of tests, designated Phase I and.Phase
II, wherein the only difference in the frames for the two phases was in the
joints. For Phase II the joints of Phase I were stiffened significantly. 1In
our mathematical modeling of the frames for the two phases we are able to show
that the parameters associated with the columns and the rotation of the table
are essentially the same. . The damping of the Phase II frame is somewhat higher
than that for Phase I, as one would expect. The parameters for the joints,

"however, differ significantly, the parameter for the stiffened joint being more
than twice that for the joint of Phase I.

THE THREE-STORY FRAME

The test structure ccnsisted of two parallel, siagle-buy, three-story,
moment-resistant steel frames. The frames were fabricated from standard rolled
shapes of ASTM A-36 grade steel. Two frames, designated A and B, were separated
by 6'. They were. connected at floor levels by removable cross beams and bracing
angles, producing the effect of a floor diaphragm rigid in its own plane. The
Total height of the structure was 17'14"., The story heights were 6'8", 5'4",
and 5'4". The bay width was 12'0". Sections W5-16 and W6-12 were used for
colums and girders, respectively.

Fully penetrated welded girder to column connections were used. The panel
zone thickness was 1/4" (i.e., the column web thickness) for Phase I of the ex-

periments, and 1" (colum web reinforced by 3/8" doubler plates on both sides)
for Phase II.

The frames were instrumented with linear potentiometers at each floor to
measure floor translation. The frames had strain gauges attached to both flanges
at the top and bottom of each column. Assuming a linear variation of bending
strain along the length of a column, the relative rotation of the ends will be
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given by:

where €, and €, are the bending strains at either end, L is the length of the
column, and h is its depth.

The table excitation used was the El Centro earthquake.

CONSTRUCTION OF THE MATHEMATICAL MODEL .
The mathematical model associated with the dynamic behavior of an n degree
of freedom linear elastic structure subjected to rigid base motion is:’

2
d2 du du
I 2+_g_a—£+ku=—_13£-—;-g- &)
dt dt
du(0 .
2u0) _ y(0) = 0 @
vhere m is the mass matrix, ¢ is the damping matrix, and k is the stiffness
2
matrix. *é—%, gz, and u are vectors for relative acceleration, velocity, and
dt
dZu
displacement. —453 is the base acceleration and r is a column vector whose
dt

elements are static displacements due to a unit displacement of the structure.

It is possible to find a matrix, P, so that M=Pth and K=PLkP are both dia-

Pm——

gonal matrices; i.e., My =0 if 1 # 3. TIf we make the change in variables:
J

b =PY ’ (3)
then the differential equation of motion can be rewritten:
d2Y dy
M— + G+ kY = F(t) (4)
Tdt E
where . . 2
€=2ck and R(t) = P mr—:g (5)
dt

Developed here is a finite element model in which joint panel zones are
assumed to be rigid in reacting to flexural and axial forces, but shear distor-
tions are allowed. The column element stiffnesses will be given by:

248 1-8 0
k=k' <1-8 248 0 (6)
: A :
| 0 0 ii(1+28)
The girder stiffnesses will be given by:
_ _3EI |
k= 1a+m M

The joint stiffnesses will be given by:
k = Gbht (8)
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where: 2ET 6ET

= T7i5Ey B = (%)
L(1+28) LZA'G

and E, I, A, and A' denote Young's modulus, moment of inertia, section area, and
effective shear area, respectively. The displacement transformation matrices,
Aj, for each element are given by:

k'

Girders:
a) O 0 0 1 0 0-1/1 o 0 1 0 0 0 0
b) O 0 0 0 1 0 0-1/1 o0 0 1 0 0 0
c) O 0 0 0 0 1 0 0 -1/1 o0 0 1 0 0
Colums:
a) -1/1 1/1 0 1 0 0 0 0 ] 0 0 0 0 0
o-1/1 1/ 0 0 1 0 0 o 0 0 0 0 0 0
0 0 .0 0 0 0 1 -1 0 0 .0 0 0 0
B) O -1/1 1/1 © 1 0 0o 0 -0 0 0 0 0 0
0 -1/1 1/1 0 0 1 0 O ] 0 0 0 0 0
0 0 0 0 0 0 0 1 -1 0 0 0 0 0
c) O 0 -1/1 -0 0 1 0 o0 o0 0 0 0 0 0
0 0 -1/1 0 0 0 0 0 0 0 0 0 1 1
0 0 0 0 0 0 0 0 1 0 0 0 0 =72
Joints:
a) O 0 0 0 0 0 0 0 0 1 0 0 0 ]
b) O 0 0 0 0 0 0 0 0 0 1 0 0 0
¢c) 0 0 0 0 0 0 0 o© 0 0 0 1 0 0
d) o0 0 0 0 0 0 0 O ] 0 0 0 1 0

Table Spring:

0 0 0 0 0 0 0 O 0 0 0 0 0 72

The global stiffness matrix will be:

K = TATK A, (10)
= T

The formulation at this stage accommodates a large family of models, TFive
models are constructed as groundwork for preparation of the final model, the one
in which the joints are considered as separate elements. This preliminary work
has two purposes. The first is to confirm the major findings of Kaya and
McNiven: (a) if rotation is to be accommodated in the model, the response quan-
tities for the cost function must include joint rotation as well as floor
translation time histories and (b) consideration of the pitching of the shaking
table has a significant effect on the parameters associated with the girders.
The second purpose is to investigate whether the number of parameters introduced
by Kaya and McNiven can be reduced without appreciably affecting the ability of
the model to predict the experimental frame response.
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Identification Using Only Floor Displacements

For the first three models, only the floor translation (displacement) time
histories are used and only the first six seconds of response. These time
histories are constructed primarily to explore the number of separate parameters
needed for association with the columns. In model one, three parameters are
used, along with mass proportional damping and optimization resulted in the
parameters for the top two floors being almost identical but different from the
lowest floor column. Model two uses only three parameters, one for the top two
columns, one for the lowest column, and one for damping. The error for the
optimized parameters remains unchanged. The third model then uses only one
parameter for all three columns but associates three additional parameters with
the girders. With damping there are five parameters. The major finding here
confirms what was pointed out by Kaya and McNiven: that is, if only the floor
translation time histories are used, the parameters associated with the girders
are not unique and there could be a family of models that would predict the
time histories of the floor tranmslations.

" Identification Using Both Displacements and Rotations

It appears that the girder and column length factors do not form an inde-
pendent set of parameters with respect to displacement response data. However,
the rotation data, 'inferred from strain measurements, are not of the same
magnitude as the displacement data. If the rotation data are used directly in
identifying the parameters they could be expected to have little or no effect.
The rotation data, therefore, are scaled by the modulus of elasticity of the
steel, E=29.6x106 psi. While somewhat arbitrary, this causes the two sets of
data to be of the same order of magnitude. -

In the fourth model twelve seconds of response data are used with the same
set of parameters as model three but using both floor translation and joint
rotation responses. The findings of Kaya and McNiven are confirmed. The column
parameter and the three girder parameters are of the same order of magnitude,
the parameter for the columm being greater than one and the three for the girders
less than one. However, in this latter case they are unique.

Tinally, in rodel five an additional parameter i3 intrcduced to account for
the pitching of the table. The initial wvalue of this parameter is the one
suggested by Tang [3]. An examination of the parameter resulting from optimi-
zation shows that the algorithm tends to "soften” the system by increasing the
base stiffness and, to compensate, decreases the effective girder lengths. Thus,
it appears that the girder and base parameters do not form an independent set.

Model 6: The Final Model

In the previous models, the parameter adjustment primarily took place in
the effective girder lengths. 1In contrast, model six is an attempt to permit:
the joints to accommodate the response. Thus, a four-parameter model is
formulated, with one parameter associated with the columns, one parameter with
the base stiffness, one parameter with the effective joint panel thickness, and
one for damping. After identification, parameter values are as follows:
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Phase 1 Phase I1

Parameter Value Value
column 1.09 1.07
base .96 .97
joint 2.16 - 5.27
damping 1.35 1.53

Note that the column and base parameters are close to their estimated values
and are unaffected by the stiffening of the joints. The Phase 11 frame has a
higher damping factor than the frame for Phase I, which we would anticipate.
The most significant observation is that the joint parameter for the Phase I
frame is significantly higher than the comparable parameter for the Phase I
frame, indicating that joint stiffness plays a major role in the model.

The influence of the joint behavior is exhibited in the figures. The
responses predicted by the "traditional” model, neglecting joint deformation,
and by model six are each compared to the recorded experimental responses for
both floor tramslations and joint rotations. Examination shows that model six

predicts the seismic response of the frame significantly better than the model
neglecting joint deformation.
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DISPLACEMENTS AT THIRD FLOOR
(inches vs. seconds)
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ROTATIONS AT FIRST FLOOR
(milliradians vs. seconds)

FIGURE 3
Comparison with Response from Traditional Model
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A MIXED FINITE ELEMENT METHOD FOR DYNAMIC ANALYSIS OF
SEISMICALLY-LOADED STRUCTURES - APPLICATION TO COUPLED SHEAR WALLS

F. M. El-Kaﬁshoshy (1)
K. S. Pister (II1)
Presenting Author: F. M. El-Ramshoshy

SUMMARY

A mixed finite element method is presented for the dynamic analysis
of seismically-locaded structures. For time-~history dynamic analysis of
coupled shear walls, the principal internal forces are introduced in the
problem formulation and they are computed in the process of
backsubstitution. Thus, the computation of a large number of secondary
time-histories and element stresses is avoided. Since explicit relations
can easily be established between various internal forces, the method
lends itself to the normal force-moment -and shear-torsion strength
interaction relations, plastic design, and collapse analysis. '

INTRODUCTION

Design assessment of large structures which are subjected to
earthquake excitations usually seeks relatively few principal internal
forces and kinematic measures. (By "principal internal forces®™ we mean
forces that are critical to the design process.) On the other hand,
finite element analysis of these structures typically involves a large
number of nodal variables. Regardless of how small the number of .
principal internal forces is, computation of the entire system of .
response variables is generally inevitable; this is a definite
shortcoming of the usual finite element analysis., As an alternative,
principal internal forces can be introduced in the analysis process via a
mixed finite element technique. This technique 1is particularly
advantageous for the time-history analysis of seismically-loaded
structures, where the computation of a large number of secondary time-
histories is thereby avoided. The technique is applied here to the
analysis of coupled shear walls and selected results are obtained
utilizing the "ANSYS" computer program (Ref. 2).

Finally, several appl}cations are briefly discussed: imposing
interaction strength relations between internal forces, plastic design,
and collapse analysis.

DESIGN AND ANALYSIS

The process of structural design requires a series of analyses of
alternative trial structures to ensure acceptable performance. Principal
internal forces play a key role in member and joint design and in the
assessment of structural safety. Design criteria, a basic knowledge of
structural behavior, and practical experience are essential elements in

{I)  Independent consultant.

(11) Professor, University of California, Berkeley, California, UsSA
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choosing appropriate principal internal forces. However, natural
locations of these forces are found ai the structural joints and points
of concentrated loads.

To illustrate the approach, design of coupled shear walls in a
seismic zone is considered, Fiq. 1{a). Under strong horizontal ground
motion, the structure is normally allowed to undergo plastic deformation.
Since wall collapse is to be avoided, failure should be confined,
wherever possible, to the beams. Thus, natural candidates for the
principal internal forces are the beam coupling moments. Moreover, the
determination of internal forces at several wall sections, especially the
base, is needed to insure an adequate design. To incorporate these
internal forces in the analysis, a mixed finite element is used. Such
elements are introduced to directly bring into the formulation the
coupling moments and other internal forces, as explained in the following
section.

COUPLED SHEAR WALLS BY MIXED FINITE ELEMENTS

The theoretical background for the method employed here is in
Ref. 1; the walls are divided into conventional stiffness elements, and
mixed finite elements are used for the coupling beams and at principal
joints of wall elements. A typical finite element layout is shown in

Fig. 1(b).

For the coupling beam element,* Fig.l(c),gb is the vector [Vl'
81, Vor 8499 m]T; Ay is a mixed matrix given below; b is the vector
[0,0,0,0,Gb] comprising the beam fixed end loads (zero) and the total
plastic rotational deformation of the beam (8,); m is the coupling moment

0 0 0 0| 2/s ]
0 0 0| 1+ 20/
a, = 0 0| -2/8 | (1)

0|1+ 20,/8

Symmetrical| -f ]
S 4
where £ = 37 * oA (2)

A moment~-originating element is introduced to bring into the
formulation the igternal moment at the principal joints of the walls.
For this element, Fig. lgrd) 1Y = [Si, 85 Mw]T; B is the matrix given
below; and ¢ = fo, o0, Gw]

*
See nomenclature.
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0 0 1
B = 0 -1 (3)
Symmetrical ' 0

M, is the internal moment at the wall joint and 9 is the corresponding

plastic rotational deformation.

The shear-originating element is found, from the preceding element,
by replacing 8. ir 830 M, and 8. by u; ir U4, V,, and G, respectively. Vi
is the shearlng force at the joint and d 1s the corresponding plastic
displacement., Similarly, a normal force-originating element is ohtained

from the shear element by changing the horizontal displacement and
shearing force to vertical displacement and normal force, respectively.

The major steps 1n the time-history dynamic analysis are shown in
Fig. 2:

(i) Formulation of element
(ii) Assembly of elements

{(iii) Coordinate condensation (A) into dynamic dcgrees of freedom
and principal internal forces :

(iv) Coordinate condensation (B) into dynamic degrees of freedom

{v) Solution

(vi) Utilizing the process of back-substitution, determining the .
time-histories of the principal internal forces, which were
condensed in step (iv)

{vii} For nonlinear analysis, steps (iv) and (vi) are eliminated,

Numerical Application

To examine the method presented in the linear range, an 18-story
coupled shear wall structure {taken with minor modification from Ref. 3
was analyzed. For this structure;* h =105, S = 38, fy.= 63.2, %5 = 67.3
in; Ay = 5550, A, = 5650, A = 672 sq. in; I; = 66 x 10°%, 1, = 90 x 102,
I = 1152 x 107 in%; E = 5000 k/in“; and lumped mass/story = 0.5 k - sec
- in7%, :

The principal internal forces included coupling moments and forces
at the wall bases. This structure was subjected to the first four
seconds of the El-Centro Earthquake record, N-S component, May 18, 1940,
scaled by 1/3. Considering Rayleigh damping, a damping ratio of 5% is
assumed for the first and second modes. Numerical integration was
carried out using a time step of .0l second.

*See nomenclature.
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After performing the solution, using the "ANSYS" computer program
(Ref. 2), the backsubstitution process resulted in the time-histories of
the nrincipal internal forces, shown in Fig. 3. The maximum values of
coupling moment at the 2nd, 10th, and 18th stories are 3972, 33831 :.nd
957 kip-in, respectively. The maximum forces at wall bases are: My =
.789 x 10° and My = 1.027 x 10~ kip-in; v; = 269 and v, = 304 kip; and
Ny = 2836 kips.

To evaluate the computational saving of the mixed method, a block
diagram is provided in Fig. 4 for the stiffness formulation of the
coupled shear walls. The dynamic relations are first established in
terms of the entire cooriinate system (114 coordinate). By condensation,
these relations are recuced to 19 dynamic degrees of freedom. Solving
these relations yield their time~histories. By backsubstitution, the
time-histories of the remaining 95 degrees of freedom are computed,
Finally, the time-histories of the element internal forces are found
using the time-histories of the element nodal variables and element
relations. The first two steps are referred to as the "Displacement
Pass," while the last two steps are termed the "Stress Pass." However,
by using the mixed finite eleiient technique, the "stress pass" is reduced
to the backsubstitution in 24 relations: 18 coupling moments and 6
forces acting at the bases. Although the exact saving in the
computational time is not available, taking the above discussion into
consideration, it is estimated that the computational time is reduced by
over 50%. This saving generally increases for taller shear walls and
other large structures.

DISCUSSION

In the mixed finite element analysis, unlike the typical stiffness
formulation, internal forces are included in the model coordinate system.
Naturally, explicit relations can easily be established between various
internal forces. Consequently, for an indeterminate structure, the
method lends itself to imposing the normal force-moment and shear-torsion
strength interaction relations. Moreover, if the principal internal
forces are chosen among design variables, the method will be a useful
tool for plastic design and collapse analysis.

CONCLUSION

A mixed finite element method is presented for the dynramic analysis
of seismically-loaded structures. The method utilizes a mixed finite
element model whose coordinate system includes principal internal forces,
The method is applied to time-history dynamic analysis of coupled shear
walls, where the computation of secondary time-histories is avoided.
Numerical results are obtained for linear analysis. Since explicit
relations can easily be established between various internal forces, the
method lends itself to the normal force-moment and shear-torsion strength
interaction linearized relations, plastic design and collapse analysis.
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NOMNCQTUM
Cross section area-of wall (i), (i = 1,2)
Beam cross section area
Beam shear area
Young's modulus
Shear modulus
Story height
Beam moment of inertia
Moment of inertia of wall (i), (i = 1,2)_
Distance Ersm centroidal axis of wall (1) to connected beam end
Distance from centroidal axis of wall (2) to connected beam end
Coupling moment at story (3), (i = 1,18)
Moment at basé of wall (i), (i = 1,2)
Normal force at base of wall (i), (i = 1,2)
Lateral displacement of story (j), (j = 1,18)
Beam clear span
Horizontal displaceménﬁ
Vertical displacement of wall (i), (i = 1,2)
Shearing force at base of wall (i), (i = 1,2)

Rotation
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HYSTERETIC BEHAVIOR OF REINFORCED CONCRETE BEAMS AND JOINTS

Filip C. Filippou (I)
Egor P, Popov (II)
Presenting Author: Filip C. Filippou

SUMMARY

This paper presents a general analytical model which describes the hys-
teretic behavior of reinforced concrete joints and gir er inelastic regions
under large deformation reversals. The interaction of reinforcing steel and
surrounding concrete through bond and the deterioration of such interaction
under cyclic load reversals is taken into account., In order to satisfy the
equilibrium of horizontal forces and bending moments at cracked R/C sections a
new layer model is presented which accounts for the deterioration of bond in
the viecinity of the crack. The model is applied to an interior beam-—column
joint and analytical predictions are compared with experimental evidence on
the hysteretic behavior of interior beam-column subassemblages. A series of
parametric studies on the hysteretic response of interior joints 1is also
presented., -

INTRODUCTION

Reinforced concrete structures designed according to present building
codes are expected to deform well into the inelastic range and dissipate the
energy input by an extreme base motion through stable hysteretic behavior of
structural components. Since inelastic deformations are typically concen-
trated at certain critical regions within the structure (Ref. 1), the accurate
prediction of the mechanical behavior of a structure during earthquake excita-
tions depends on the development of reliable analytical models which describe
the hysteretic behavior of these regions. Following present earthquake resis-
tant design philosophy the energy input by the base motion should be dissi-
pated in the 1largest possible number of inelastic regions within the struc=-
ture; Ductile moment resisting frames as well as coupled wall systems are
designed so that yielding starts to develop at the girder ends. Columns of a
ductile moment resisting frame should remain elastic during the earthquake
response, except at the base of the building, to avoid the formation of a par-
tial sidesway collapse mechanism, Attention is thus focused on understanding
and predicting the hysteretic behavior of critical regions in girders as well
as that of beam-—column or girder-wall joints.

In modeling the hysteretic behavior of reinforced concrete members under
large deformation reversals the interaction of reinforcing steel and surround-
ing concrete through bond and the deterioration of such interaction under
cyclic 1load reversals appears to be an important factor. Cyclic bond
deterioration has however received only limited attention in previous analyti-
cal studies (Refs. 2, 3 and 4) mostly due to lack of reliable experimental
data on the bond behavior of deformed bars embedded in R/C members and sub-
jected to cyclie load reversals,

(I) Asst. Professor of Civil Engineering, Univ. of California, Berkeiey, UsA
(II) Professor of Civil Engineering, Univ. of California, Berkeley, USA
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PROPOSED ANALYTICAL MODEL

In order to formulate an analytical model describing the hysteretic
behavior of R/C members with due account of cyclic bond deterioration between
reinforcing steel and concrete, the region of the member undergoing inelastic
action 1is divided into a number of subregions at locations where cracks form
(Fig.1). In members subjected to severe moment reversals with 1low shear
stresses, cracks run almost vertically to the axis of the member through the
depth of the cross-section. The positions where cracks are expected to form
are not known a priori and can be established in the course of an analysis by
determining the sections where the concrete tensile strength is first exceed-
ed. In the present model for reasons of simplicity the cracks have been as-
sumed to run vertically across the section and form at predetermined loca-
tions. This is, strictly speaking, true only at beam-column interfaces of in-
terior and exterior joints and at the ends of coupling girders (Fig.2).

Gf ol

—J\,—_—
t At
AR _Xr k n n A :
] i *—C
e ! 1 M <+ |d ds n WM
\» % l<. ¢ 2 3 n\ ;

T, .
_{! ab ab n
A ef.n
\/
g SECTION ¢ SECTION
b } } } -
SUBREGIONS
£ R/C MEMBER FIGURE 2 ANALYTICAL MODEL FOR
FIGURE 1 SUBDIVISION OF R/C MEN
INTO SEVERAL SUBREGIONS INTERIOR BEAM-COLUMN JOINT

The hysteretic response of each subregion is determined by satisfying the
equilibrium of horizontal forces and bending moments at both end sections and
by establishing the stress transfer between steel and concrete within the
region. The effect of shear stresses is neglected. The analytical model thus
consists of two main parts:

(1) a model describing the transfer of stresses between reinforcing steel and
surrounding concrete within the subregion. This model is based on a
solution of the differential equations of bond using a mixed finite ele-
ment method. It results 1in a nonlinear transfer matrix which relates
steel stress and relative slip increments at section 1 to those at sec=~
tion n of the subregion (Figs.1 and 2)., In order to describe the rein-
foreing steel stress—strain relation under arbitrary strain reversals the
model proposed by- Menegotto and Pinto in Ref. 5 has been modified to
include isotropic strain hardening as a function of plastic strain his-
tory. In modeling the bond stress-slip behavior between reinforecing
steel and surrounding concrete the model proposed by Eligehausen et, al
in Ref. 6 has been modified to include a gradually increasing slope dur-
ing reloading as shown in Fig. 3 (curve (d)).



(2)

91

20
{a),lb) MONOTONIC ENVELOPES e, t )---J'.\/BAR #6

(e} REDUCED ENVELOPES 8, "‘ ~ 8

(¢) UNLOADING 09q, tiff=o. M)
— {4) RELOADING Al N
-] b (1) FIRST RELOADING | AN
g C #10 SN
-3 | *
p= Qs \
e 8 (a) y 0 '
[ ‘I_' | !
g o hJ L !
o Yy CP ['EY
5 f)
Py ™~ {¢c)
g
8 |

(b} A (e)
=20 1 1 | | | 1 1 1
-0 o] 10
SLIP u [mm]
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a section layer model for cracked reinforced concrete sections which
determines the relative contribution of reinforcing steel and concrete to
the equilibrium of horizontal forces and bending moments at a cracked
section. Since the relative slip of reinforcing bars with respect to the
surrounding concrete can be computed with the aid of the model under (1)
it 1is possible to compute and trace the time history of crack width at
the level of the top and bottom reinforcing layer (Fig.4(a)). Using a
simple extrapolation formula the crack width at the top and bottom of the
cracked R/C section can be estimated (Fig.#4(b)). Once the crack width at
the top and bottom of a cracked R/C section can be estimated at each load
step, a crack closure criterion determines whether the crack is open or
closed, If the crack is open, the concrete contribution to the equili-
brium of horizontal forces and bending moments at the cracked section 1is
equal to zero, If the crack is closed, a rule derived from experimental
evidence relates the strain increments in the reinforcing bars to con-
crete strain increments in the section layer containing the bars., Once
the distribution of concrete strain increments over the depth of the
cross-section is established the concrete contribution to the equilibrium
of section forces can be readily determined. More details on this new
layer model for cracked R/C sections are presented in Ref. 7.
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RESULTS ON INTERIOR BEAM-COLUMN JOINTS

The validity of the analytical model was tested by comparing its predic-
tions with experimental results from interior beam-column subassemblages sub-
jected to cyelic loading simulating the effects of severe seismic excitations;
two specimens from Ref. 8 were used as sample cases., The two specimens were
subjected to entirely different load histories: specimen BCH was subjected to
a single 1large displacement reversal simulating a very severe seismic pulse;
specimen BC3 was subjected to a large number of deformation reversals of gra-
dually increasing magnitude. Only the results pertaining to specimen BC3 will
be presented here. A more complete discussion along with results from speci-
men BCY is presented in Refs. 7 and 9.

.
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FIGURE 5a END MOMENT VERSUS FIXED-END ROTATION. SPECIMEN BC3 FIGURE 5b END MOMENT VERSUS FIXED-END ROTATION. SPECIMEN BC3

Fig. 5a depicts the analytically predicted moment-fixed end rotation
relation at the west beam-column interface of specimen BC3. Selected loops
are compared with experimental evidence in Fig. 5b indicating very satisfac-
tory agreement, It should be noted that fixed-end rotations are computed by
considering the relative slip of top and bottom reinforecing bars at the inter-
face and dividing by the distance between the top and bottom reinforecing
layer. In calculating the relative slip of reinforcing bars at the beam-
colunn 1interface only the influence of bond deterioration along the column
anchorage length was accounted for in order to facilitate comparison with
experimental results. The effect of bond deterioration in the girder inelas-
tic regions adjacent to the column is thus not included in the fixed-end rota-
tions depicted in Figs. Sa and 5b, since it 13 accounted for when computing
the rotation of the girder inelastic region.
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Figs. 6a and 6b depict the relative slip of the bottom and top reinforc-
ing bars, respectively, at the west beam-column interface. Capital roman
letters correspond to points of load reversal in Fig., 5a. It is observed that
at load point K both the crack at the bottom and that at the top of the
eross-section are open indicating that the crack is open through the depth of
the beam-column interface. This is due to unequal amounts of top and bottom
reinforcement which prevents the crack at the top from closing when the bottom
reinforcing bars are subjected to tensile stresses,
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FIGURE 7a DISTRIBUTION OF STEEL STRAIN ALONG
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INCREASING MAGNITUDE OF END SLIP

FIGURE 7b DISTRIBUTION OF BOND STRESS ALONG
THE BOTTOM REINFORCING 8ARS WITH
INCREASING MAGNITUDE OF END SLIP

Figs. Ta and 7b depict the distribution of steel strains and bond
stresses along the column anchorage length of the bottom reinforcing bars with
increasing magnitude of end slip. It is observed that wup until the moment
when bond 1is completely destroyed within the column (load point N) a portion
of the reinforcing bars remains elastic.

ANALYTICAL PARAMETRIC STUDIES
Using the developed analytical model studies regarding the influence of

various parameters such as yield strength of reinforcing bars, ratio of top to
bottom reinforcement, reinforcing bar diameter and bond strength can be con-

ducted, Such studies are presented in some detail in Ref. 7. A small selec-
tion of the findings is presented below."
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In Fig. 8a the analytical moment-fixed end rotation relation
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resulting

bond strength along the top and bottom reinforcing layer is reduced
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by 15% is presented. All other parameters are kept the same as those 1in
specimen BC3, When comparing Fig. 8a to Fig. 5a it is concluded that a small
reduction in bond strength considerably influences the hysteretic behavior of
interior joints resulting in more pronounced pinching of hysteresis loops and
less energy dissipation capacity. This fact has important consequences in
practice. Poor construction quality and workmanship can lead to a substantial
decrease in the energy dissipation capacity of R/C joints.

Fig. 8b depicts the analytical moment-fixed end rotation relation when
the total area of bottom reinforcing bars is set equal to the area of rein-
forcement at the top of the girder. Considerable improvement in hysteretic
behavior results in this case as a consequence of the reduction in the pinch-
ing of hysteretic loops leading to an increase in energy dissipation capacity

of the joint. l:  SPECIMEN BC3.

RATIO'OF BOTTOM TO TOP REINF. = 0.53

YIELD STRENGTH OF REINFORCEMENT = 489 MPa
HALF SCALE SUBASSEMBLAGE.

* 2:  BOND STRENGTH REDUCED BY 15%
w 3:  RATIO OF BOTTOM TO TOP REINF. = 1.0 3
é 4:  YIELD STRENGTH OF REINFORCEMENT = 326 MPa
%J 5. VARIATION IN HISTORY OF LOADING
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FOR INTERIOR BEAM-COLUMN JOINT
UNDER VARIATION OF PARAMETERS

In order to compare the behavior of interior beam-column joints under
variation of different parameters, the normalized cumulative dissipated energy
of the joint is plotted versus the cumulative fixed-end rotation ductility for
a number of parametric studies in Fig. 9. The following parameters have been
studied in addition to the bond strength and the ratio of top to bottom rein-
forcement: yield strength of reinforcing bars, history of loading, and influ-

ence of scale of the subassemblage. The following conclusions can be drawn
from Fig. 9:

(a) Increasing the ratio of bottom to top reinforcement or decreasing the

yield strength of reinforcing bars (which results in an increase in the
number of bars if the yield moment remains the same) leads to consider-

able improvement in the total energy dissipation capacity of R/C joints,



95

(b) The history of loading affects the hysteretic behavior of R/C beam=-column
joints.,

(c) The total energy dissipation capacity of a full-scale joint is consider-
ably smaller than that of a half-scale beam~column joint,

RECOMMENDATIONS FOR FUTURE RESEARCH

The proposed model can be used in conducting additional investigations
which go beyond the studies presented in this paper. In this sense it is
recommended: '

(i) to extend the model for predicting the hysteretic behavior of critical
regions of reinforced concrete columns, shear~-walls and coupling beams in
coupled shear-walls, The hysteretic behavior of critical regions in
girders should also be investigated. These studies can help in develop-
ing analytical models which improve upon existing ones which are based on
point plastic hinges or on distribution of curvatures along the empiri-
cally estimated length of the plastic hinges,

(ii) to derive simple analytical models which account for the effects of bond
deterioration in the seismic response of moment resisting frames,

(iii)to use the proposed model in connection with cyclic shear models at a
cracked reinforced concrete section, since it allows computation and
tracing of crack width in time. As it is well established, the crack
width is the main parameter which affects the contribution of aggregate
interlock and of the dowel action of reinforcing bars to the shear resis-
tance at crack interfaces,

(iv) to include the effect of joint shear and diagonal cracking in the hys-
teretic behavior of interior and exterior joints. 1In many cases the
transfer of shear stresses in the Jjoint can significantly affect the
overall behavior of the member,
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SUMMARY

This paper describes the basic characteristics and the available design
methods for eccentrically braced frames (EBFs). It is shown that the selected
bracing scheme and the ratios of brace eccentricity lengths to beam span
lengths play dominant roles on the elastic and plastic behavior of EBFs. A
new general method for a rapid preliminary plastic design of EBFs is described
and.-its accuracy is demonstrated by comparisons with elasto-plastic solutions.
A summary of the current research being conducted at the University of Califor-
nia at Berkeley is also given.

INTRODUCTION

Since publication of a research paper on EBFs for seismic bracing in 1978
(Ref. 1), this concept has been rapidly adopted in practice. Several major
buildings in California have already been constructed using this approach, and
others are under construction or are being designed employing this system of
bracing. Fig. 1 illustrates several possible types of EBFs: the D-brace, K-
brace, and V-brace frames. In all such frames the axial forces in the braces
are transmitted to the columns through bending and shear action by a portion
of the beam called an "active link.'" If designed correctly, EBFs possess
greater ductility and are more versatile than the concentrically braced frames
(CBFs). Moreover, for drift control they offer significant advantages of eco-
nomy in comparison with moment-resisting frames (MRFs).
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FIG. 1 Various Types of EBFs
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INELASTIC CHARACTERISTICS OF EBFs

Inelastic Behavior of Shear Links. The performance of an EBF depends largely
on the active links. As shown in Fig. 2, for a well-designed structure the
inelastic activity is widely distributed so that a large portion of the energy
generated by an earthquake can be dissipated. Based on recent analytical and
experimental studies at Berkeley, the classification of links given earlier in
Ref. 2 is somewhat modified. It is convenient to identify three types of
hinges shown in Fig. 2:

1. Plastic hinges of moment My [Hinges (1)].

2. Plastic hinges of moment larger than Mé and less than M_ which are
also subjected to relatively high sheat [Hinges (2)].

3. Plastic hinges with moments equal to or less than M§ accompanied by
web yielding in shear of V§ [Hinges 3 1.

The basic quantities M_, M*, and V* associated with the above hinges are de-
fined as follows: P P

= . * = - - ’
M GyZ s Mp Uy(d tf)(bf tw)t s (1

b V; = (Uy/fS_) (d-t)

f° i
where o, Z, d, t., b., and t, are the yield stress, plastic modulus, height,
flange {hickness, flange width, and web thickness of the beam section, respec-
tively. Figure 3 shows a typical M-V interaction curve for the wide flange
beam section. The curves can be approximated by Neal's expression as follows
(Refs. 3, 4):

(M - M*)z V2
4 =1 MEM) ;0 VEVE MM . (2)
(M _M*)Z v*Z P p p
P P P
The maximum shear hinge length b* can be expressed as:

b* = ZMS/V; . (3)

The length e for an active link should be less than or equal to b* to ensure
that the web yields in shear. Such a link will be called a "shear link,"
This type of link appears to offer excellent ductility under cyclic loadings
if appropriately sized and spaced web stiffeners are provided to prevent web
buckling (Refs. 4,5). A link longer than b* is called a "moment link."
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FIG. 3 M-V Interaction Curve

F1G. 2 Collapse Mechanisms of EBFs for Wide Flange Beams
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Collapse Mechanism and Ductility Demand. Fig. 4 shows an appropriate collapse
mechanism of a D-brace frame. Subject to kinematic constraints, some latitude
in selecting the collapse mechanism is possible. For this selected mechanism
to occur, the columns should remain elastic, except for plastic hinges at the
base; accordingly, the following recurrence formulas for rigid-plastic dis-
placement fields may be obtained for the ith floor level:

iy [(e*)i'l/(L-e-e*-dL—dR)i] (e*+d,)8 = 0
eA(i) = LB/e - e*GD(i_l)/e > LB/e (QD(O): use above eq.)
N (4)
1) = ®aci) " Pp(ay = WO/e
Bpeiy = (L-e-d)f + &%y ;0 = (L-e-d)e

The approximate equations are in good agreement with exact solutions for
multistory frames; therefore, for purposes of design, Eqs. (4) can be used to
estimate the relationships between local member ductility and lateral struc-
ture plastic displacement, which can be defined as a displacement after yield-
ing by applying the bilinear approximation on the global structure displace-
ment field. The ductility demand to the active link can be reduced by making
the value of e as large as possible,

The same equations can be used for the K-
brace or V-brace frames, making use of geometri-
cal similarity, since they basically have geome-
try similar to the D-brace. It is then to be
noted that, in V-brace frames, if two links of
length e equal to that in a D-brace frame are
used, the link ductility demand is one-half that
for a D-brace frame, provided that the span
length L is the same for both frames. The link
ductility demand for the K-brace frames is the
Field of an EBF same as that for the D-brace frames.

Plastic Capacity of EBFs. The discussion above forms a basis for predicting
plastic capacity of EBFs, Based on the study in Ref. 6, the upper bound esti-
mate of a collapse load for a frame with shear links can be easily made, For
a given virtual displacement 8, the internal work Wy and the external work Wg
for the frame of the type shown in Fig. 4 can be expressed as:

\ N

Wy = igl[v;(i)e(i)(e“i) *+0503))72 * Mpiy8psy] = iz_l\,;(i)w (52)
N .

Wy = uizl [P(i)h(i)e] , (5B)

where P(;y and h(;y are, respectively, the generalized lateral load and dis-
tance from the groind in the corresponding floor level i in an N-story EBF.
The first set of expressions in Wy can be approximated using Eqs. (4), result-



100

ing in the simplified second expression, In obtaining the latter useful ex-
pression, it should be noted that the neglected second term is very small com-
pared to the first, implying that the active hinges absorb most of the energy
in an EBF system. By the same token, if columns are fixed at the ground, the
energy absorbed by the hinge at the base can usually be neglected, still
yielding a good approximation of Wy,

On equating Wy and Wg, one obtains a collapse load factor p. If vertical
loadings are applied to the beams, different collapse mechanism may occur,
especially when e* is not zero, (The authors are grateful to Professor H.
Gesund for suggesting to emphasize this possibility.) Fig, 5(a) shows the
mechanisms of the frame subjected to both lateral and vertical loading equiva-
lent to 0.06 k/in; these mechanisms were obtained with the aid of elasto-plas-
tic large displacement analysis using a newly developed shear beam element
(Ref. 7). The beam section used was W14 x53 and Oy was assumed to be 36 ksi.
The columns and braces were selected such that they remained elastic. The
proportions of the frames are the same as the D-brace frame shown in Fig. 8,
except that e* = 0 for the frame in Fig. 5(b).

P2 P/2
-

P2 P/2 pr2
o — et

pu]t = 1936k Pult = 210,8k Pu]t = 202.1k‘ Pu]t = 223.5k
(a) e* = e (b) e* = 0
FIG. 5 Mechanism of EBFs due to Lateral and Vertical Loads

In these figures, Pyjt indicates the magnitude of P obtained at 2% aver-
age structure drift in elasto-plastic analysis. It should be noted that for
the frame in Fig., 5(a), the location of the active hinges varies depending on
the direction of the lateral load when vertical loadings are present, which
requires reconsideration of ductility demand on the links. Sometimes this may
not be economical, since one has to place web stiffeners on the links of length
e*. On the other hand, the frame in Fig. 5(b) shows the fully cyclic inelas-

tic action of the active link can be expected. The same
results were obtained for K-brace frames, whereas the V- o

brace frames showed only one kind of mechanism. Further
analyses were done increasing the magnitude of the verti-
cal load by three, and the same mechanisms were found.

Another important aspect of plastic capacity of EBFs
can be explained with the aid of Fig. 6. For an assumed
typical ratio of Mp* to Mp, the plastic capacity of an
EBF can be obtained for the given e/L ratio using Egs.(2)
and (5). The plateau in the figure indicates the range
of e/L where shear yielding of the link occurs. It can
be seen that the shear link gives a much larger capacity a6 Tes o8 1o
than does the moment link. In extreme case, depending on o
the span length, the shear link in an EBF can provide 4.5 FIG. 6 Capacity of
to 9 times the lateral load resisting capacity of an MRF two EBFs vs. e/L

P" (x2Mp/h)
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, for which P* = 2Mp/h. Further, the capacity of an EBF with a shear link is
proportional to the span length, which follows from Eq. (5), whereas the ca-
pacities of EBFs with moment links are almost the same regardless of the span
length, when the ductility demand on the links is the same.

PLASTIC DESIGN OF EBFs

Background. The design methods for EBFs were previously presented by Roeder
(Ref. 8., Manheim (Ref. 9), and Teal (Ref.10). The first two methods are
plastic design methods based on the lower and upper bound theorems for inelas-
tic structures, whereas the latter method is an allowable stress design method
utilizing modified safety factors based on code provisions. However, as ex-
plained in Ref. 11, these methods seem to present problems of ease of applica-
tion, accuracy, or consistency; therefore an alternative approach was developed.

Formulation of Solution. Fig. 7 shows a free-body diagram of a D-brace frame
at a typical story level, which is subjected to lateral loads Pp and PR The
magnltudes of the forces transferred from the top of the frame, Hi, Hz, Mi,
MJ, P{, Pj, and BV, are known from analysis of the floor above. At the top
floor level, these quantities are zero. The task is to find both statically
and kinematically admissible solutions of the frame. Fortunately, as noted
earlier, a unique collapse mechanism can be selected for any given structure,
meaning that one can assign plastic hinges deterministically on the frame.

P By A

H2+ 23, —1"""
_Mi— N3nN3 N; Lh_ /(N2) ” (

_..__Q._.* .______9 o
R

Mp v, Mo Mc v, Mc -8y Ma v, My
By h
o M, M NS
‘i— Hz H
P, R
han PR e fret fre— = | s - f—
dp e a ] dp

FIG. 7 Free Body Diagram for Design Method

To reduce the static indeterminacy of the system, it is necessary to
assume the location of inflection points on the columns, which can be located
by a parameter &, the ratio of the bottom to the top column end moments. Fur-
ther, the following three equations should be considered:

My = By (eV1/2) 5 My = (2-8)(eVi/2) 5 My = By (eV1/2) . (6)

By assigning the values a, Bp, and B8p, one could solve for a statically admis-
sible field; therefore, an appropriate selection of these parameters is impor-
tant. It has been found that the values of o vary between 1 and 1.3 when the
lateral loading on the structure varies smoothly from story to story. (For a
concentrated load at the top, a different assumption must be made.) Also, it
is necessary to take
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| By = b*/e =2 1 , (7
meaning that the moment of M¥ develops at points such as A in Fig. 7. It
should be noted that this assumption implies unequal end moments in the links,
i.e., Mp is less than or at most equal to Mp. In general, the inequality in-
dicated in Eq. (7) applies in order to assure shear link behavior.

Bp can be assumed to be the same as Bp in Eq. (7) if e* is the same as e.
However, as stated earlier, it is possible to set e* much smaller than e for a
more economical and efficient design. In such a case, Bp can be assumed to be
a fraction of 8p. Based on some numerical experimentation, the following
equation was found to be useful:

By = [0.2 + O.S(e*/e)]BA . (8)

Assigning the above parameters in the above manner, one can obtain all member
forces starting from the top. For a better estimate of Bp given by Eq. (7),

an iteration can be performed using the actual b* value of the selected beam,
which was found to be very stable. Due to the simplicity of the above proce-
dure, a computer design program based on this method was developed (Ref. 11).

Design Example. The frame types appearing as the first and fourth illustra-
tions in Fig. 1 were used to test the design method. Lateral loads of 200 kips
were applied to the top of each frame. The proportions, as well as member sec-
tions for the two frames selected by the computer program, are shown in Fig. 8.
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FIG. 8 Proportions and Member FIG. 9 Load-Deflection Behavior
Sections for EBFs of Designed EBFs

It can be seen from Fig. 9 that the designed frame attained expected capa-
city. Somewhat earlier yielding of the V-brace links had occurred because
lighter sections were selected for the beams than for the D-brace frame. How-
ever, the plastic shear deformations of the links at a considerable story
drift were about half those in the D-brace frame, as indicated earlier in this
paper. The comparison between the moments predicted by the proposed method
and elasto-plastic analysis is shown in Figs. 10(a) and.10(b). Some discrepan-
cies, which are not significant from the design viewpoint, occur because the
capacities of the selected beams somewhat exceed the design forces. The excess
beam capacity was larger in D-brace than in V-brace frames. For the latter
frame, the initial design moments in the beams are in excellent agreement with
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the results of an elasto-plastic analysis, leading to the conclusion that the
proposed design method is exceptionally accurate.
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FIG. 10 Comparison of Design and Analysis Moments

ELASTIC CHARACTERISTICS OF EBFs

One of the unique features of an EBF is that the elastic story stiffness
can be controlled by varying the e-value at each story while maintaining its
capacity. Research was carried out to determine what range of stiffness is
available for this purpose. First, as shown in Fig. 11, the 20-story EBFs
employing three types of bracing schemes were plastically designed using the
computer program developed. The proportion and design lateral force for those
EBFs were in the practical range and similar to those used in Ref. 8. Corres-
ponding to the various values of e, four one-story panels with simulated boun-
dary conditions were analyzed at different floor levels.

Fig. 12 exhibits analytical results for elastic story shear drift of the
panels located from these analyses at the 3rd and the 19th floor levels sub-
jected to correcponding plastic design loads. The horizontal axis in this

. figure indicates the eccentricity ra-
:;_“__::,_ﬁfi] tios, which are e/L for the D-brace
| and K-brace frames, and 2e/L for the
V-brace frame, since a comparison un-
der the same ductility demand on the
links is intended. For modeling,
shear deformation of the beam was
considered and a rigid end zone was
assumed based on heights of the beam
and column sections.
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observe is that the stiffness of the V-brace frame is much greater than that
of the others when the eccentricity ratio is larger than 0.1. The K-brace
appears to be the most flexible of all. The decrease of stiffness for in-
creasing the eccentricity ratio is more pronounced for the 19th floor level
panels. For further details, see Ref. 11.

CONCLUDING REMARKS

The design and analysis of EBFs discussed above was limited to static
loadings. Further work remains to establish rapid methods for dynamic analy-
ses. The development of a computationally efficient shear link element is
particularly necessary. Cyclic strain hardening behavior of the link must be
included in the algorithm to correspond more accurately with experimental re-
sults. The influence of the floor slab and the effect of the axial force on
the cyclic behavior of links need further attention. This work currently is
being pursued at Berkeley,
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URBAN DESIGN VULNERABILITY COMPONENTS
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SUMMARY

As part of regional hazards mitigation programs, it is increasingly
necessary to anticipate and predict the performance of the entire urban
system in our metropolitan centers prior to, or during, major earthquake
events for planning purposes. Despite recent technological advances in the
testing and analysis of individual buildings and other physical facilities,
it is clearly evident that components of the urban infrastructure in major
cities remain vulnerable to major seismic activity.

The urban environment is a complex and closely knit system composed of
many interdependent activities, services, functions, building types, life-
line elements, communication lines, and other critical facilities. The
failure of any single, major component can severely affect the functioning
of others and render the entire metropolitan area inoperable.

In this paper assessment is made of specific components which are
essential to the continued operation of urban areas during earthquake
events. Interrelationships between specific component parts are identi-
fied and assessed on the basis of urban scale considerations and impact on
the infrastructure of metropolitan centers. They are examined for greater
understanding of vulnerability characteristics of metropolitan areas so
that cities can effectively anticipate their seismic performance and
recovery after a major earthquake event on an urban scale.

INTRODUCTION

The San Fernando, California, earthquake of 1971 focused attention on
the importance of seismic vulnerability on an urban scale when major free-
way systems and several emergency service facilities collapsed, or were
sufficiently damaged, to obstruct recovery efforts. In a similar manner,
damaging earthquakes, with which the author has personal knowledge and
which are the basis for this paper, occurred in the following cities after
the San Fernando event and confirmed the lessons learned from an urban
scale point of view as shown in Table 1 below.

(I) Director, Center for Environmental Design Research, University of
California, Berkeley.



106

TABLE 1

URBAN CENTERS IMPACTED BY DAMAGING EARTHQUAKES SINCE 1971

Urban Center/Region Location Year
Managua Nicaragua 1972
Tangshan China 1976
Campania~-Basilicata Italy 1980
El~-Asnam : Algeria 1980
Coalinga . California 1983

Despite considerable technological advances in the analysis and design
of individual building systems after the referenced earthquakes shown in
Table 1, it is clear that the total urban infrastructure in major cities
remains vulnerable to severe, damaging earthquakes. While the design of
individual buildings may be the primary responsibility of the design pro-
fessional, urban-scale seismic resistant design is a shared responsibility
between all parties involved in the planning, design, delivery, administra-
tion, and occupancy of cities: the architect, engineer, planner, consul-
tant, seismologist, geologist, geophysicist, social scientist, developer,
government official, private sector representative, and public. It is
obvious in dealing with such a complexity of interrelationships as exhi-
bited by a metropolitan center that life safety can not be achieved without
the contribution of all parties involved. When coping with a major, damag-
ing earthquake, it has been calculated that total damage to the urban
infrastructure system can exceed by a margin of three to ten times the da-
mage absorbed by all of the building stock located in the metropolitan area
(EERI 1983). '

URBAN SCALE VULNERABILITY COMPONENTS

The factors which define the components of urban scale vulnerability
have received consideration by the earthquake engineering community on an
individual basis, but due to the complexities of the problem, the interre-
lationships which make up the entire urban fabric are difficult to assess
in a wholistic manner and it is only recently that they have received
attention. Accordingly, it is appropriate to identify the major compo-
nents of urban scale vulnerability and to understand how they may be eval-
uated by the role which they are expected to assume in earthquake hazard
reduction programs. As presented in this paper, some of the major compo-
nents which have a significant role to play in the vulnerability assess-
ment of specific and critical metropolitan areas are indicated in Table 2
below.
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TABLE 2

LISTING OF URBAN SCALE VULNERABILITY COMPONENTS

Component

Existing Building Stock Classes
Adjacency of Buildings
Hazardous Contents

Location of Buildings/Systems
Emergency/Critical Facilities
Lifelines

Bridges/Overpasses
Communication Lines

District Zoning

Street Patterns
Reservoirs/Dams

Open Spaces

Function/Implication

Urban Pattern

Urban Density
Fire/Explosion/Toxic Fumes
Land Use/Site Planning
Response/Racovery

Life Support/Circulation
Transportation

Mass Media/Public Information
Urban Character
Access/Egress

Water Supply/Downstream Pop.
Evacuation Areas

Failure of any components listed in Table 2 to perform effectively
during an earthquake could lead to serious consequences in the function and
operations of an urban system. A poor performance by any one of them can
drastically exacerbate immediate post-earthquake recovery efforts.

Existing Building Stock Classification

This is perhaps the most important component in the vulnerability
assessment of an urban area. In taking a comprehensive inventory of the

existing building stock by building type classification to obtain construc-
tion data and characteristics, it is possible to evaluate the performance
of buildings and assess potential damage losses by calculating the probable
maximum loss on an aggregate basis for the entire urban region. Data
rendered from building loss evaluations will produce important information
for the computation of life loss, injuries, debris removal, residual capa-
" cities of urban functional and operational capabilities, and post-earth-
quake recovery time estimates.

The inventory will also reveal the amount and location of existing,
older, hazardous buildings which are known to be extremely vulnerable to
earthquake forces. The City of Coalinga is the most recent example in the
United States of this phenomenon in which an entire eight block area in
the central business district was demolished due to the collapse, or
severely damaged condition, of older, unreinforced, masonry bearing wall
type buildings. 1In this seismic event which occurred in 1983, it remains
a miracle no immediate deaths occurred as a direct result of the earth-
quake and that there were few serious injuries.

Hazardous Contents

Fire following earthquake is a distinct threat to the urban area.
This situation is exacerbated in metropolitan areas where the storage of
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hazardous materials occurs inside buildings or outside on the open ground.
This is particularly true in industrial areas of the city where LPG plants,
chemical materials, and other toxic substances are manufactured and kept in
storage on inventory for later use.

All such locations of hazardous materials should be identified and
mapped for future reference as potentially precarious areas which warrant
monitoring during and after a severe earthquake. Unless the risk in these
areas is taken into account before the event, consequences can be severe
following a damaging earthquake if they are not given appropriate attention
and respect. 4 ‘

Adjacency of Buildings

Several recent earthquakes have indicated that the spacing between
buildings on adjacent properties is a critical component from the site
planning point of view in congested areas of a metropolitan center. Rather
than limit the vulnerability to the performance evaluation of a single,
individual building, it obviously is necessary to analyze the performance
of a cluster, or group of buildings, to fully realize their behavior on an
urban scale. Examples have been recorded which clearly illustrate how a
tall, slender, flexible building may be severely pounded to the point of
collapse by a closely placed short, squat, stiff structure which is its
immediate neighbor (Managua 1972 and Campania-Basilicata 1980).

On hill sites it has been documented that the collapse of older,
existing, hazardous buildings may cascade down the hillside on top of the
neighboring, newer, more earthquake resistant structures below and destroy
them in a "domino effect" (Campania-Basilicata 1980). The three dimen-
sional implications here, by their very nature, are peculiar to urban scale
vulnerability aspects found in the topography and topology of a hilly
metropolitan area not unlike those found in many cities located in the West
Coast areas of the United States.

Location of Buildings/Systems

Another aspect of urban scale vulnerability which must be given
serious attention is consideration of the location of buildings and systems
within the city from a geologic point of view. Geologic mapping of hazar-
dous areas is essential to a comprehensive understanding of critical areas
in a metropolitan setting which have the potential of creating problems due
to severe ground shaking effects. Poor soils areas known to have a high
potential of liquefaction, subsidence, or landslide need to be mapped and
designated critical zones. From an urban scale perspective, major damage .
to all physical facilities including buildings, lifelines, overpasses and
bridges, communication lines, and dams, may be expected.

From an urban planning and design point of view, such areas are to be
avoided, or identified as special study zones. No new construction, with
the exception of single family wood frame houses, should be considered for
these areas without a prior study of all geological conditions of the site
to insure public safety (California, Alquist-Priolo Act, 1972). Mapping
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of such vulnerable areas has become an essential part of microzonation raps
used in conjunction with post-earthquake reconstruction activ1ties
(Campania~Basilicata 1981, Ech-Chleff 1983),

Emergency/Critical Facilities

Hospitals, police stations, fire stations, communication centers and
other emergency facilities are essential structures for the operational and
survival functions of an urban area following a disaster. These facilities
should be designed to higher performance standards to resist earthquake
forces than other less critical facilities. The threat of an urban confla-
gration following an earthquake depends on the continued functioning of
fire stations and other fire fighting equipment. The survival of hospitals
is essential for immediate post-earthquake recovery efforts and their
construction requires higher standards so that they may remain operational
and functional after a damaging earthquake (California Hospital Act 1972).
Without the availability of communication centers, it would be impossible
to transfer information on the extent of the disaster or to assess total
damage in the urban area. These three examples are not meant to be all
inclusive, but are used as representative 1llustrations of the importance
of emergency and critical facilities remaining operational and functional
during and after major disasters.

Lifelines

It is clear that an urban center can not exist, or continue to oper-
ate, without the use of its lifelines. Even though there may not be anv
structural collapses of buildings or emergency facilities in an area, a
city will not survive without electric power, water supply, sewage treat-
ment systems, natural gas lines, freeways, and other types of lifeline
facilities if its function depends on the continued operation of any one.
Failure of one may cripple a city for a long period of time and render it
inoperable during the emergency period. There have been many examples cf
this situation being confronted by specific cities after a major earth-
quake. Lifeline systems, therefore, require special attention to be
certain that they will continue to function after a major disaster

(Coalinga 1983, San Fernando 1971).

Bridges/Overpasses

In contemporary cities, the flow of surface traffic is an important
element in its day to day operations. Automobile freeways which allow
high speed access to, and egress from, important areas of a city are
dependent on overpasses and bridges to keep all vehicles moving in an
orderly manner, Damage or collapse of overpasses or bridges due to earth-
quake forces will serve to cut off and isclate a metropolitan center from
the surrounding area, and disrupt vital transportation routes, including
railroad lines. Search and rescue teams, and other emergency vehicles,
will not be able to reach their target areas. After the San Fernando
earthquake in 1971, the State of California concluded a multi-million
dollar program which achieved the reinforcement of all its major, existing
-freeway overpasses and bridges throughout the state as testimony to the
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importance of this urban component.

Communication Lines

During the period immediately following a major, damaging -earthquake,
it is essential that an urban area have the capability fo communicate with
areas outside of the impacted area for emergency assistance in many cate-
gories., Communication lines must be kept open so that the extent of damage
and public needs may be indicated to emergency service units and emergency
management agencies. In many cases it is wise to have '"back-up'" systems
available in order to keep communication lines open following an earthquake.

District Zoning

/

It is important to remember that a city is made up of many districts
which are quite distinct from one another in character, topography, and
topology. This is part of the urban scale fabric which makes our metro-
politan centers distinctive from surrounding rural areas. Accordingly in
earthquake hazards mitigation criteria must be established for different
zones of the city. For example, a performance criteria for a residential
area must be quite different than that required for the central business
district, or financial district. Industrial areas require a performance
criteria all their own. Each district must be reviewed for its own unique
characteristics, and mitigation plans developed accordingly.

Street Patterns

Debris in the street which blocks-access and egress from severely
impacted areas following an earthquake is a common occurrence in congested
urban centers. It is a function of the heights of buildings on each side
of the street and the width of the street itself, Many downtown centers
of metropolitan areas are represented by older, congested parts of the city
with narrow streets and financial districts with dense population. Access
and egress from these areas, especially if there 1s the potential of a fire
break-out following the earthquake, is essential. Accordingly, street
patterns on an urban scale need close examination and should be made part
of any mitigation plan developed for an urban area. Part of the plan
should also indicate potentially safe evacuation routes and/or alternate,
secondary arterials which would be relatively free from falling debris.
Wide streets, the centers of which would not be blocked by falling debris,
are a particular asset in hazards mitigation when dealing with urban
vulnerability,

Resevoirs/Dams

The catastrophic failure of major dams and resevoirs in an urban
area is a distinct threat ro public safety, particularly to downstream
population. The near failure of the Van Norman Dam during the 1971 San
Fernando earthquake led to the evacuation of over 70,000 persons who
occupied the downstream flood plain area, Other examples, such as in
Italy, have been recorded where the primary cause of life loss and build-
ing damage were related to dam failure in hill areas which channeled mud,
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flood waters, and debris into the centers of inhabited spaces.

Urban hazards mitigation programs should contain an element dealing
with the potential failure of major dams and reservoirs. Part of the
element should deal with the calculation of the downstream population at
risk and its evacuation. Analysis of the extent and size of the downstream
flood plain and the rate of water flow in case of a catastrophic failure
should also be completed (California Dam Safety Act 1972).

Open Sgaces

Open spaces in metropolitan areas have always been considered an
important planning element by contemporary occupants of our cities as
population pressures and urban growth place a straip on the urban fabric.
Primarily serviceable as parks, and for recreation purposes, they are also
useful as evacuation areas, emergency housing and medical treatment spaces,
or emergency feeding and food distribution points following a major earth-
quake disaster (San Francisco 1906, Managua 1972, Campania-Basilicata 1980,
Coalinga 1983). 1In California and other areas, public schools designed
under higher seismic standards and their grounds have also been targeted
for such uses after a major disaster.

Urban vulnerability mitigation programs should identify all public,
serviceable open spaces in the metropolitan area for potential use after a
damaging earthquake. These should be earmarked as having the capacity to
serve specific post-earthquake recovery functions.

CONCLUSION

This paper has presented a general overview of eleven major components
dealing with the urban scale vulnerability of metropolitan areas. It is
not intended to be an exhaustive list, but rather singles out the compo-
nents believed to be the most critical in earthquake hazards reduction.

By identifying the interrelationships of these components to the urban
environment, it recognizes the fact that some earthquake hazards are more
correctly approached on an urban scale rather than from the analysis of an
individual building or facility. It is hoped that this paper gives a
better understanding of the characteristics, range, and features of earth-
quake hazards reduction programs as an urban scale problem.
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SUMMARY

Presented in this paper is a method for identifying wave types, direc-
tions, and velocities contained in strong earthquake ground motions. After
transforming the motions into components along their principal axes, use is
made of a principal variance ratio R(f), defined as the ratio of the minor
principal variance to the major principal variance for those components of
motion within frequency band Af centered on frequency f5. At those frequen-
cies where R(f) has very low values, single wave types dominate the motions.
Using directions of principal axes and phase lag information, wave types,
directions, and velocities are identified.

INTRODUCTION

At a meeting in Hawaii during May 1978, the need for strong earthquake
ground motion arrays was discussed and plans were developed for promoting
such arrays in many locations on a world-wide basis (Ref. 1). One site
‘selected at the workshop as having high potential for frequently experiencing
future strong motions was north-eastern Taiwan. Responding to the great need,
a strong motion array was installed in this area in the town of Lotung in the
f21l of 1980 under the joint effort of the Academia Sinica in Taiwan and the
University of California, Berkeley, with financial support provided by the
National Science Council and the National Science Foundation (Ref. 2).

The strong-motion array in Lotung, called SMART-1, is a two-dimensional
surface array consisting of a center station C00 and three concentric circles
(inner I, middle M, and outer 0) each having 12 stations with radii of 200
meters, 1 km, and 2 km, respectively, as shown in Fig. 1. This arrangement of
37 statious was selected to optimize the expected information to ba obtained
from both the ergineering and seismological points of view. The instruments
in this array record digitally with a common time base accurate to 1 milli-
second over a duration which includes 2.5 seconds of pre-~trigger memory.
Fortunately, many earthquakes have triggered the array since the installation
providing a wealth of strong ground motion data.

It is the purpose of this paper to present selected results of a single
study carried out using SMART-1l data in which a promising method for identi-
fying wave types, directions, and velocities was developed. Due to space
limitations, application of the method herein is restricted to a limited
number of motions recorded during the earthquake of January 29, 1981 (Event 5);

(I) Associate Professor of Civil Engineering, National Central Universtiy,
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(II) Professor of Structural Engineering, University of California, Berkeley,
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see Ref. 2. This earthquake was centered 30 km S26°E of the center of the
array. Iis focal depth was 11 km and its Richter magnitude calculated locally
by the Institute of Earth Sciences in Taipei was 6.9.

CROSS CORRELATIONS AND PRINCIPAL DIRECTIONS
In an attempt to identify wave types, directions, and velocities produced

by the earthquake of January 29, 1981 (Event 5), let us first examine the
cross correlation coefficient given by

R,.(T)
py5(0) = L] ¢
’/Rii(O) Rjj(O)
where t +.%g
R, ; (y=z °r e x, (t) xj(t-l-‘r) dt (2)
t — —
o 2

and where xi(t) and x:(t) are the recorded acceleration time-histories in the
x-direction (East-West) at stations i and j, respectively; see Fig. 2. 1In

Eq. (2), AT is a time window centered on time ty, and T is a time lag. If

the ground motions at these stations were produced primarily by a single
travelling wave, then the above cross correlation coefficient, which can range
from +1 to -1, would show high correlation for T equal to the time required
for the wave to travel between the two stations. This value of T would, of
course, depend upon the direction of wave propagation as well as wave velocity.

Using to = 50.3 sec and AT = 7.0 sec so as to include the significant
high intensity portions of the motions recorded at all stations in the time
window of Eq. (2), cross correlation coefficients were generated over the
range 0<71<3 sec for many station pairs. It is pertinent to point out that the
plots of these coefficients against time lag T are not characteristic of those
produced by pairs of motions dominated by a single travelling wave. Theixr
shapes and low values of cross correlation suggest the simultaneous presence
of multiple waves travelling in different directions with different velocities.
Selecting the maximum cross correlation coefficient on each plot, one can
examine the relationship between maximum cross correlation and distance (true
distance; not projected distance) as shown in Fig, 3. In this figure, the
exponential curve was derived by a least squares fitting of the data points
shown. The rapid loss of maximum cross correlation with distance supports
the above suggestion that multiple waves having different wave velocities and
directions are simultaneously present at all stations. As a consequence of
this observation, it was concluded that resolution of the motions into their
frequency components and into their principal directions was required before
identification of wave types, directions, and velocities could be made possible.

Following along these lines, let us transform the x and y recorded
components of horizontal ground motion at a point into their X and ¥ components
in accordance with Fig. 2; thus,

x/t) = x(t) cos¢ + y(t) sind

(3)
y(t)= ~x(t) sind + y(t) cosd
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Next, using time and frequency domain windows, the Fourier transforms of these
new compon3ints are calculated using relations of the type

t +—%E-
Ac(f) = ! AT x(t) exp(-i2mft)dt (4)
to - 2
Af Af
x(t) = f Af Ai(f) exp(i2mft) df + S Af Ai(f) exp (i2wft) d4f (5)
—-f - = f - =
o 2 . o 2

where window lengths AT and Af are centered on time ty, and frequency f,,
respectively.

The direction of maximum intensity as a function of frequency f, can be
obtained by maximizing the wvariance function

Ry (1=0,8) = R_ _ (0) cos’¢ + R, | (0) sin’é + 2 R, (0) cosd sind  (6)

151 *3%5 171 171
with respect to ¢ giving (Refs. 3,4,5)
2 Rx (0)
¢ (£) =L ¢an? i ' ' (7
otto? 532 R__(0) - R__(0) -
*3% Y174

Angle ¢o(£fy) in Eq. (7) denotes two principal directions which are 90° apart;
one being the major principal direction, the other the minor principal
direction. The corresponding principal wvariances will be denoted by Rxlxl(f )
and Ry, yl(fo), respectively.

PRINCIPAL VARTANCE RATIO

Let us now define a principal variance ratio as given by
(f)
—————————- 3

=3
i1

“4!
‘41

R(fo) =

Kl

which varies over the range O<R<l., If we examine the motion at station i for
discrete values of f,, consistent with the discrete frequencies of the Fast
Fourier Transform (FFT) method used in evaluating Eqs. (4) and (5), we £ind the
following results: (1) When R(fy)=1, there are no principal directions because
the harmonic motion at frequency fo moves along a circular path at constant
angular velocity 2wfy as shown in Fig. 4; i.e., the motion is equivalent to two
resultant harmonics in orthogonal directions having equal amplitudes but being
90° out-of-phase, (2) When O<R(£f,)<1, principal directions do exist with the
motion being along an ellipse; i.e., the motion is equivalent to two resultant
harmonics in orthogonal directions with different amplitudes and they are 90°
out-of-phase, and (3) When R(f,;)=0, principal directions exist but the motion
is along a straight line; i.e., a pure harmonic exists. For R(£f;)>0, the two
orthogonal waves could be made up of the superposition of multiple waves moving
in different directions. Thus, in the interest of identifying wave types,
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directions, and velocities, attention should be concentrated on those discrete
frequencies having low values of R(f,). Fortunately for the SMART-1 data
analyzed, these frequencies represent frequencies of high energy transmission
as will be shown subsequently.

Figure 5 shows plots of the major principal variance Ry %.(f,), the
principal variance ratio R(fgy), and the dominant (or major prinicipal) direction
$o(£0) for the horizontal ground motions recorded at stations C00, 103, and I06.
It is significant to note that at frequencies fj, f2, £3, and f4, representing
high intensity motions, i.e., high major principal variances, the corresponding
principal variance ratios are low indicating dominant wave transmissions in the
neighborhood of these frequencies. Note that the dominant directions are near-
ly toward the epicenter for frequencies fj and £ but are much closer to the
normal direction for frequencies f3 and f4. If the dominant waves are propa-
gating in the general direction away from the epicenter, this observation
suggests that Rayleigh waves are the primary source of energy transmission for
frequencies less than about 2.5 Hz and that shear waves (SH waves; perhaps in
part Love waves) are the primary source of energy transmission for frequencies
from 2.5 Hz to about 6 Hz. Above these frequencies, the directions of propa-
gation are quite variable.

Let us now examine in further detail the dominant directions of motions at
frequencies fj = 1.17 Hz and £3 = 2.85 Hz for many stations in addition to
stations C00, 103, and 106 represented in Fig, 5. As suggested above, the
dominant ground motions at these frequencies seem to be caused primarily by
Rayleigh and shear (SH) waves, respectively. Figures 6 and 7 show the dominant
direction at frequencies 1.17 Hz and 2.85 Hz, respectively, at many stations
as given by Eq. (7).. The average dominant direction ¢o over the array is also
shown in these figures. Note that the average dominant direction in Fig. 6 is
reasonable close to the epicentral direction while the average dominant
direction in Fig. 7 is close to the normal direction.

We may now use these two average dominant directions to generate corres-
ponding functions

AT
YLtz

Ry i.(T) = Joap %) xj(t+r) dt : &)
i :o -5

for ground motions recorded at many station pairs across the array. Noting the
maximum cross correlation for eachstation pair over the entire range of T and
the corresponding relative distance between stations as projected on the average
dominant axis, valuable plots can be obtained as shown in Fig. 8. Each data
point represents a station pair. The upper plot in Fig. 8 is for £, equal to
1.17 Hz while the lower plot is for f, equal to 2.85 Hz. Straight lines fitted
by least squares yield wave velocities (inverse values of the line slopes) equal
to 2.4 km/sec and 5.3 km/sec for the Rayleigh and shear wave velocities,
respectively.

Because a uniform elastic half space transmits Rayleigh waves at a velocity
equal to 0.9 times the shear wave velocity, an explanation is needed of the
mixture in the same time window of SH waves with local velocity of 5.3 km/sec
and Rayleigh waves with velocities of 2.4 km/sec. The usual seismological
interpretation of this large difference in local apparent velocities is that
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the SH waves are associated with longer travel paths from the earthquake source
to the array in the vicinity of which the SH wave fronts move steeply upwards
through the soil. Thus, the apparent shear wave velocity is largely controlled
by the more rigid, deeper rocks in the crust. On the other hand, the Rayleigh
waves develop near the surface between the source and the array so that their
wave velocities are largely controlled by the shallower less stiff materials.

According to this explanation the vertical components of ground motion
in the time window studied should be significant in the frequency range of the
Rayleigh waves but relatively insignificant in the frequency range of the
transverse shear waves described above. This prediction was tested by comput-
ing the three-dimensional particle motions as a function of frequency fo. The
results show that the particle orbits agree well with the above prediction;
i.e., significant vertical displacements are present in the frequency band
0.25 to 1.5 Hz, but relatively small vertical displacements are present in
the frequency band 2.5 - 3.1 Hz.

CONCLUDING STATEMENT

Although further verification is needed, the method presented herein for
identifying wave types, directions, and velocities making use of major
principal variances and directions and a principal variance ratio shows con-
siderable promise. Since generating the above results, the authors have
generalized the method to a consistent three-~dimensional form which permits
further improvement of the results.
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SUMMARY

Earthquake damage to masonry construction during recent years underscores
the need for a better understanding of the seismic response of these structures
and the establishment of rational reinforcing requirements. An experimental
investigation aimed at determining reinforcing requirements for single-story
masonry dwellings in Uniform Building Code Seismic Zone 2 areas of the United
States has been conducted at the University of California at Berkeley. During
the most recent tests the masonry walls of a house model were simultaneously
subjected to two horizontal (in-plane and out-of-plane) as well as to vertical
input motions. The earthquake performance of the unreinforced as well as the
partially reinforced house model is discussed. The unreinforced house model
withstood satisfactorily simulated earthquake motions of moderate intensity;
the partially reinforced house model withstood satisfactorily simulated motions
of very high intensity.

INTRODUCTION

During the past seven years the U.S. Department of Housing and Urban Develop-
ment has supported a series of shaking table tests at the Earthquake Engineering
Research Center (EERC) of the University of California at Berkeley. The in-
vestigation was entitled "Laboratory Studies of the Seismic Behavior of Single
Story Masonry Houses in Seismic Zone 2 of the U.S.A.".

The objective of this program has been to evaluate the Department of Housing
and Urban Development (HUD) requirements for single story masonry dwellings in
seismic Zone 2 areas of the Uniform Building Code, by investigating the earth-
quake performance of single story masonry house models, constructed with full
scale components and subjected to simulated earthquake input produced by the EERC
earthquake simulator facility.

In what follows some essential details and results obtained in the most
recent shaking table tests will be discussed. Complete data on the test pro-
cedures, instrumentation and test results are contained in the project report [1].

During earlier tests four house models were studied, namely House 1, 2, 3
and 4 [2], [3]. In all these tests the direction of the horizontal motion was
parallel to two of the walls of the model (in-plane) and perpendicular to the
- other two walls (out-of-plane). During the present study of House 5, a model
essentially the same as the previously tested House 4, was oriented on the
shaking table with its axes at 30° to the horizontal direction of table motion,

(1) Assist. Research Engineer, University of California, Berkeley, U.S.A. on
leave from the Lab. of Struc. Analysis, Univ. of Thessaloniki, Greece.
(II) Professor of Civil Engineering, Earthquake Engineering Research Center,
University of California, Berkeley, U.S.A.
(I1I) Principal, Computech, Berkeley, California, U.S.A.
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so that its walls were simultaneously subjected to in-plane and out-of-plane
excitation as well as to vertical input motion. In this way the importance of
the combined in-plane and out-of-plane action of earthquake input on the masonry
walls was investigated.

TEST PROCEDURES

The test structure consisted of four walls with standard size door and

" window openings (Fig. 1). The walls were not interconnected at the corners

but only at the top level by a wooden roof. Like the earlier models, House 5

was square in plan with 16 ft wall length and 8 ft 8 in. wall height. 12,000 1b
weight was added at the top of the roof in ordér to simulate the load per unit
length of prototype loadbearing walls, which were assumed to be three times longer
and to support a roof load of 20 1b/sq ft. House 5 was built on a continuous
concrete foundation and was transported to the shaking table fully assembled.

The foundation block was a rigid system representing stiff-soil site conditioms
for moderate earthquakes without any soil-structure interaction. The masonry

was built of standard hollow concrete blocks with nominal dimensions 6 x 4 x 16
in. laid in running bond with mortar across the shell faces and with mortar
joints carefully tooled on both masonry faces. The compressive strength of the
mortar was 2,229 psi and the compressive and diagonal tensile strength of the
masonry was 2,200 psi and 69 psi, respectively. The simulated input was based
on accelerograms recorded at the E1 Centro 1940, Taft 1952 and Greenville 1980
earthquakes. All simulated earthquake records had one horizontal and the
vertical component with no time scaling; the simultaneous action of two
horizontal input components on the model masonry walls resulted from the orienta-
tion of the walls with respect to the axis of horiozntal table motion (Fig. 1).

' TEST RESULTS

- Table 1 lists the fests applied to the unreinforced House 5. After
completion of these eight tests, the model was partially reinforced using the
reinforcing arrangement shown in Figure 1.

Observations from the performance of the unreinforced House 5 follow:

a. The first structural crack appeared during test No. 5 (Table 1). This
crack was at a horizontal mortar joint near the right bottom corner of
loadbearing wall B. The dynamic crack opening during test No. 5 attained
the value of 0.060 in. However, the permanent deformations were negligible.
The time histories of the base accelerations applied during this test are
shown in Figure 2. '

b. The dynamic house response after the formation of this first structural
crack is dominated by large uplift displacements of wall B at the crack
location,inducing large in-plane displacements for wall B and large '
out-of-plane displacements for wall Al (Figure 4).

c. Figure 5 depicts the magnified deformed shape of House 5 at the top-of-the-
wall level at particular time instants selected to coincide with peak
values of the acceleration or displacement response. The arrows depict
the measured acceleration values at the top of each wall; the shaking table
input acceleration is also plotted with an arrow at the center of the
sketch. All plotted accelerations and displacements are horizontal. The
displacement and acceleration scales used to plot these measurements also
are shown.
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Significant out-of-plane displacement response for walls Al and Bl
as well as torsional and distortional response for the house as a whole
can be seen in Figure 5.

All masonry walls of House 5 have been subjected to a combination of
significant in-plane and out-of-plane inertial forces (Table 1) and
developed significant in-plane and out-of-plane displacement response
(Figures 4 and 5).

The first unacceptable damage for unreinforced House 5 occurred during
test No. 7 (Table 1) in the form of partial loss of support for the door
lintel beam of wall B. The term "unacceptable damage" was defined in this
investigation as permanent cracking or sliding displacements in excess of
1/4 in. The performance of unreinforced House 5 during the test program
is depicted in Figure 8; the abscissae in this figure represent the
sequential test number and the ordinates the test intensity in terms of
base accelerations. A : :

Observations on the performance of House 5 after it was partially reinforced
were as follows:

a'.

b'.

The partially reinforced House 5 was subjected to a large number of tests.
Table 2 lists a summary of the base motions used for ten of these tests
and Figure 3 depicts the time histories of the base accelerations for test.
No. 5(a). The observed damage of partially reinforced House 5 is well
within acceptable levels even for tests of very high intensity (Figure 8).

The large displacement and acceleration response as well as the torsional
and distortional response observed during the tests of the unreinforced
House 5 after the formation of the first structural crack (Figures 3 and
4) was well controlled by the partial reinforcement (Figures 6 and 7).

A comparison of the earthquake performance of ﬁhe partially reinforced
House 5 and 4, which were essentially the same except that the partial

‘reinforcement of the loadbearing wall A of House 4 was not provided with

dowels, shows that House 5 exhibited sacisfactory performance, whereas
the undowelled partial reinforcement of wall A in House 4 was unable to
contain the damage within acceptable levels [3].

CONCLUSIONS

The unreinforced House 5 performed satisfactorily with no cracks for

simulated earthquake motions with base peak accelerations of 0.25g

parallel to walls A,B; 0.15g parallel to walls Al,Bl; and 0.22g
vertical.

After formation of the first structural crack the unreinforced House 5
performed satisfactorily, despite significant in-plane and out-of-plane
displacement and acceleration response for the masonry walls and torsional
distortional response for the house as a whole; the base peak accelerations
were 0.32g, 0.18g and 0.21g, respectively, along the three axes.

The first unacceptable damage, in the form of partial loss of support for
the door lintel beam, developed in unreinforced House 5 for base peak
accelerations of 0.37g, 0.21g and 0.26g, respectively, along the three axes.
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The simultaneous action of in-plane and out-of-plane inertial forces on all
the unreinforced masonry walls of House 5, for moderate to moderately high
intensities of simulated earthquake input, did not result in any noticeable

~increase of the damage of House 5 as compared with the damage of House 4,

which was not subjected to this in-plane and out-of-plane coupling. Thus,
the assumption made in Reference 4 when interpreting the results of Houses
1 to 4, increasing the expected seismic input by 50 percent for the un-
reinforced houses in order to account for the coupling effect, is overly
conservative. :

The partially reinforced House 5 earthquake performance was satisfactory
throughout a large number of tests, some of them very high intensity
simulated earthquake motions; the maximum peak accelerations at the base
were 0.87g parallel to walls A,B; 0.50g parallel to walls Al,Bl; and 0.56g
vertically. The effectiveness in containing damage of partial reinforce-
ment of the shear-resisting elements (when connected to the foundation by
dowels) becomes evident by the performance of this model.

. The importance of the roof-to-walls connections used in this study must be

underlined. This type of connection, typical of standard construction
practice, withstood a large number of simulated earthquake motions of
moderate to very high intensity without signs of any significant distress.
Loss of support for the roof from the failure of these connections would
have been extremely detrimental to the overall earthquake performance

of the test structure.
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SUMMARY

An experimental and analytical study of the seismic behavior of a
two-story reinforced concrete flat-plate framed model is described. The
model was constructed at approximately one-third scale with details
following recommendations in United States for structures in regions of
low to moderate seismic risk. Primary tests include low, moderate, and
high intensity earthquake simulations on a shaking table. This paper
documents the experiments and discusses some of the observed responses.

INTRODUCTION

Occasional failures of reinforced concrete flat~plate framing systems
during severe ground shaking have led to widespread rejection of the flat
plate as a viable system in regions of high seismicity. Economies and
good performance under gravity loads have led to equally widespread
acceptance of the system in regions of lower seismic risk. Recently,
growing awareness of the potential for strong ground shaking in eastern
and midwestern regions of the United States has given rise to concerns
about performance of the flat plate during low to moderate-intensity
shaking. In response to these concerns, an experimental research program
has been undertaken to study behavior of a flat-plate frame under low,
moderate, and high-intensity base motions. A one-third scale model of a
two-story, three-bay flat plate with edge beams has been constructed and
tested on the University of California Earthquake Simulator. Component
tests of isclated plate~column connections provide insight into local
behavior of the complete structure. This paper describes the test
structure and some of the test results.

DESIGN OF PROTOTIPE STRUCTURE

The prototype structure is a two-story flat-plate frame having three
bays along one principle axis and nmultiple bays along the other, Columns
are arranged regularly at 6.1 m (20 ft) on centers. An edge beam spans
the perimeter of each floor.

The frame is proportioned for gravity loads according to strength
design provisions of Ref. 1. Live load is assumed at 2.87 kPa (60 psf).

(I) Assist. Prof. of Civil Engrg., Univ. of California, Berkeley.

(II) Research Assistant, University of California, Berkeley.
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Under full dead and live loads (with no load factors), the nominal shear
stress on a section half a slab thickness from the column is 0.083 \/' in
MPa units (1. SJf' in psi units) for interior slab-column connections.
Nominal shear stresses attributable to shear and moment transfer at
exterior connections are such that edge beams are required. Nominal axial
stress at the base of interior columns is Odf"e.

Seismic design assumes a maximum probable event represented by
intensity VII on the Modified Mercalli scale (Zone 2 of the UBC, Ref. 2).
The equivalent static lateral force method of the UBC is used for
determining seismic effects. For lateral-load analysis, the flat-plate
frame is modelled by gross-section properties with equivalent beams having
flexural inertia of half the slab width. Using these assumptions and load
combinations recommended by either ACI or UBC, it is found that seismic
design forces do not govern the proportions.

DIMENSIONS AND DETAILS OF TEST STRUCTURE

The test model was constructed at a scale of 1 to 3.33, and only two
bays of the multiple-bay direction were constructed. The scaled test
model is depicted in Fig. 1. Base columns were cast monolithically with
stiff "footings", which in turn were supported on stiff transducers.
Thus, fixity at the column base level was not achieved completely, and
might be considered qualitatively similar to the degree of fixity afforded
by a real soil foundation. Stiffness of the combined footing~transducer
system exceeds the stiffness of an equal length of column.

Care was taken to simulate materials and details of full-scale
construction. Concrete was cast in three lifts, one for footings and one
each per floor. Mean concrete strengths at time of test were 37 MPa (5300
psi) in compression and 4.8 MPa (700 psi) in modulus of rupture tests.
Longitudinal column and edge~beam steel was No. 2 deformed bar having mean
yield stress of 470 MPa (68 ksi). Slab reinforcement was 4.52-mm (0.178-
in.) diameter deformed bar having mean yield stress of 440 MPa (63 ksi).
Transverse column and edge-beam reinforcement was plain 3.0-mm (0.12-in.)
diameter wire with mean yield stress of 620 MPa (90 ksi).

All details follow closely recommendations given in Ref. 3 for
structures in regions of low-to-moderate seismic risk. Details of slab
reinforcement at an interior Jjoint are in Fig. 2. An extra mat of
reinforcement is provided near the column region to enhance behavior.
Longitudinal steel ratio in columns is 0.013. At column ends, all bars
are restrained in the corner of a tie having spacing of 51 mm (2.0 in.).
Stirrup spacing in end regions of edge beams is 25 mm (1.0 in).

Supplementary lead weights were supported on tops of slabs. The
weights were positioned to simulate moments and shears due to slab dead
loads occuring in the prototype structure. Connections ensured that the
weights did not slip during testing and did not enhance stiffness or
strength of the model. Total weight of the model including lead ballast
was 210 kN (47 kips).
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TESTS AND INSTRUMENTATION

Base motions simulated the motion recorded in El1 Centro during the
1940 Imperial Valley Earthquake. In some tests, a single horizontal base
motion (modelling the NS component) was imparted parallel to the three-bay
direction of the structure (Fig. 1). In other tests, the horizontal
component was augmented by the corresponding vertical component. The time
scale of base motions was compressed by a factor of 1.71. The horizontal
acceleration record obtained during the "design" test is plotted in Fig.
3. Test intensities were increased incrementally, with horizontal peak
base accelerations ranging between 0.015 and 0.83 g.

Before the first simulation and subsequent to each, a free vibration
test was conducted by initially displacing the model with a constant force
and then releasing suddenly.

Instrumentation provided continuous response records of relative
floor displacements and absolute floor acceleration. Base shears could be
obtained by the product of floor accelerations and masses, and checked by
the sum of shears measured by transducers located below footings (Fig. 1).
Strain gauges were at selected locations on slab and column reinforcement.

INITIAL DYNAMIC PROPERTIES

Initial dynamic properties are obtained from free-vibration responses
before the earthquake simulations. The initial period was 0.21 sec. For
the full-scale building this corresponds to a period of 0.38 sec, which is
substantially larger than the value given by 0.1N, where N = number of
stories, as given by the UBC (2). This is indicative of the flexibility
inherent in flat~plate framing. Using half the slab width as an
equivalent beam (Ref. 4) the period is computed to be 0.19 sec for gross-
section stiffness. The slightly longer measured period can be attributed
to initial minor cracking. Initial equivalent viscous damping obtained by
the log decrement is approximately 1.5 percent of critical. This value is
typical for uncracked or lightly-~cracked reinforced concrete structures.

RESPONSES TO SIMULATED EARTHQUAKES

Five earthquake simulations were conducted with peak horizontal
accelerations below 0.1g 80 that responses to low~level events could be
observed. Maximum drift levels reached only 0.1 percent of structure
height. Vibration periods and damping factors obtained in free-vibration
tests were the same as those obtained before testing, indicating that
damage was negligible. Only slight cracking was observed.

The design-level test had a peak horizontal acceleration of 0.19g,
with no vertiecal input (Fig. 3). Top-floor relative displacement and
base-shear records (Fig. %) reveal that displacement and base-shear
responses were predominantly first mode. Maximum top displacement was
only 0.3 percent of structure height, a value well within accepted limits
for drift control. The base shear coefficient obtained was 0.29 (ie, 29
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percent of structure weight).

Damage induced by the design~level test was light. Cracking was
apparent in slabs around the columns and in columns at the footing level.
Maximum crack widths did not exceed 0.3 mm, and there was no indication of
shear distress, Yield was not detected by any strain gages. During a
subsequent free-vibration test, the vibration period was 0.22 sec and the
damping factor had increased noticeably to 0.025. The effective period
during the peak response, taken as time between three successive zero
crossings, was 0,26 sec, indicating an effective stiffness during peak
response of approximately 65 percent of the initial stiffness.

Responses to a subsequent test for which peak horizontal base
acceleration was 0.61 g are plotted in Fig. 5. For this test, maximum
drift level was 3.4 percent of height, and peak base-shear coefficient was
0.8. During the peak response, the period was 0.54 sec, indicating an
effective secant stiffness of only 15 percent of the initial gross-section
stiffness. Viscous damping obtained during a free-vibration test was §
percent of critical. Flexural cracking, with widths indicative of yield,
was observed on both top and bottom surfaces of slabs and ran the entire
width of the slab. Fan-shaped cracks were apparent around all interior
columns, and wide torsion cracks were apparent in edge beams. 1In
addition, crushing was observed at the base level of columns,

A final simulation having peak horizontal and vertical accelerations
of 0.83 and 0.20 g, respectively, resulted in top drift of 5.5 percent,
and base-shear coefficient of 0.84. The pattern of cracking indicated
that punching failure was imminent at one of the first~floor interior
columns. Severe torsional damage to the edge beams resulted in loss of
cover concrete near the columns. Column base crushing was apparent, but
bar buckling did not occur.

LOAD-DEFORMATION RESPONSE OF STRUCTURE

The measured envelope relationship between base shear and top
displacement is in Fig. 6. The relationship does not indicate a sharp
cracking or yielding point. This can be expected because cracking and
yielding occur initially in the slab at the columns and spread gradually
in the transverse direction.

The initial stiffness can be approximated using the gross section
with half the slab width as an equivalent beam, and with lateral loads
distributed uniformly over height. By assuming loads are uniform over
height, computed stiffness is approximately ten percent higher than if
loads vary linearly. The experiments indicate the true variation was
typically between these extremes. The initial calculated slope compares
reasonably with the measured slope (Fig. 6) It is consistent with
observed damage in that it indicates deviation (hence, cracking) beyond
displacements of approximately 0.3 to 0.4 percent of structure height.

The maximum base-shear coefficient obtained near collapse was 0.84,



133

which is significantly in excess of design base shears stipulated by
design codes (2). Significant deviations between design base shear and
actual base shear are frequently attributable to member overdesigns,
material overstrengths, and internal force redistribution which is not
considered in the design analysis model. This situation i1s exacerbated
for the test structure because requirements for gravity load design exceed
those for seismic design.

Observed damage indicates a collapse mechanism involving plastic
hinges in slabs at all columns and in columns at the base. Flexural
capacities of slab=-column connections have been determined experimentally
from reversed-loading tests on slab-~column subassemblies. Assuming a
uniform lateral-load distribution, computed base shear capacity is 156 kN.
. Measured capacity exceeds this value by approximately ten percent. The
overstrength might be attributable to enhancement of material strengths
due to strain-rate effects, or redistribution of internal forces in the
continuous model which was not possible in the simpler slab-column
subassembl ies.

Using measured load-deformation behavior of the isolated slab-column
subassemblies, it is possible to reconstruct the load-deflection behavior
of the complete structure. As a simple approximation, a model was devised
which assumed inflection points at midlengths of slabs and c¢olumns, and
which assumed lateral displacements of floor levels varied linearly over
height (as observed during the tests). Under the uniform lateral-load
distribution, the calculated relationship between base shear and top
displacement is as depicted in Fig. 6. Agreement with the measured
envelope is acceptable.

SUMMARY AND CONCLUSIONS

A two-story, reinforced concrete flat-plate frame with edge beams was
designed and detailed according to current building code provisions for
regions of low to moderate seismic risk. A one~third scale model of the
frame was subjected to simulated earthquakes of various intensities.
Based on data and discussions presented in the main body of this paper,
the following are concluded:

(1) Gravity load is likely to control proportions of low-rise flat-
plate frames. As a consequence, seismic forces may be significantly in
excess of those indicated by current code provisions.

(2) Load-deflection behavior of the complete flat-plate frame to
failure could be interpreted with reasonable accuracy using measured
behavior of isolated plate-column subassemblies.

(3) Under lateral loads, the flat plate is relatively more flexible
than a conventional beam-column structure, but sufficiently stiff for low-
rise structures during low to moderate seismic excitations.

(4) The test structure possessed sufficient strength and stiffness
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to stand alone during moderate-~intensity shaking, and sufficient ductility
to act in parallel with a more rigid structural system for strong base
motions. It must be qualified that this conclusion may not be general,
and structures with higher nominal slab shear stresses, less-continuous
reinforcement detalls, less-regular framing system, and multi-directional
base excitation may not fare so well. Damage in the edge beams indicated
that collapse would have been likely during moderate shaking had the edge
beam (or other form of "shear" reinforcement) been eliminated at the edge

of the plate.
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SHAKING TABLE TESTS OF WET JOINTED PRECAST PANEL WALLS
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SUMMARY

Experimental results from shaking table tests of large scale precast panel
wall systems are presented. One-third size true scale models were tested
under simulated earthquake motions. Qualitative and quantitative results are
preceded by a brief description of the model configurations, testing, and
instrumentation. Examination of model behavior and data indicated that
rocking motion of the precast panels provided the major contribution to the
overall displacement., Shear-slip motion was effectively constrained by shear
keys. The rocking motion isolated the wall from ground motion and limited
the amplitude of the base shear which could be transferred into the wall
system.

INTRODUCTION

Precast large panel concrete structures are being used extensively
throughout the world to meet a growing demand for residential housing.
Economic limitations within many countries have required that the demand be
met with large scale industrially produced units which can be erected with
semi-skilled labor. Many such building systems exist with varied design,
mateials, and assembly techniques. The research described in this paper
concerns one such system using factory produced precast concrete elements with
cast-in-place field joints. |

Panelized buildings, as considered in this paper, are composed of vertical
panels supporting horizontal floor panels to form a complete box like
structure. The vertical panels act as load bearing shear walls and the
horizontal panels act as roof and floor systems with diaphragm action. These
structures present a unique challenge in terms of behavior and design because
of the usage of the vertical panels to resist combined vertical and lateral
loading (with a failure in either mode likely to result in collapse) and
because of the necessary field joints between panels. The lack of secondary
mechanisms to carry loads if wall panels fail is particularly important with

1. Assistant Professor, Civil Engineering, University of Wisconsin,
Madison, Wisconsin, U.S.A.
2. Research Assistant, University of Wisconsin, Madison, Wisconsin, U.S.A.
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their increasing use in regions of seismic risk.

The large panel system, composed of strong'precast wall elements with
relatively weak and often brittle interconnecting joints, tends to exhibit two
prime deformation mechanisms when overloaded. The first mechanism is a result
of overturning moments induced by the lateral loading. The joint between
vertical panels is generally designed with a minimum of continuous reinforcing
between upper and lower panels to simplify field assemblage.

The lack of vertical reinforcing across
the joint, and hence tensile capacity,
results in flexural cracking at the
joint and a rocking of the panel above
as exhibited in Figure 1. The second
mechanism involves a shearing along the
joint, a result of shear force induced —————
by lateral load, and subsequent slip
between joined panels as seen in Figure
1. The flexural mechanism is difficult
to model using beam analogy because of

] . Ren nmene 3
the wall's deep narrow cross section, RoerImG SHEAR- SLIP
Fig. 1. Wall deformation mechanisms

Shear—-slip involves numerous resistance sources including friction, aggregate
interlock, dowel action and key strength. The capacity of the mechanisms is
difficult to define analytically, requiring experimental verification.

The behavior of the structure with weak joints has been analytically
investigated by various studies including Becker [Ref.1], Mueller [Ref.2] and
Schricker [Ref.3]. Behavior of individual resisting mechanisms within the wall
systems has been experimentally studied at the PCA [Ref.4] and other
researchers [Refs. 5, 6, and 7] under statically applied loads either
monotonic or cyclic. The present study considered the behavior of a complete
wall system, at a reduced scale, under actual dynamic earthquake motion.

MODEL DESCRIPTION

Three large scale models of various precast wall panel configurations were
tested under earthquake motions at the University of California Earthquake
Simulator Laboratory to establish quantitative data describing the behavior of
wall systems in seismic conditions. The one-third scale models were composed
of precast components produced by RAD Construction of Belgrade, Yugoslavia
with wet joint connections completed at the University of California
Laboratory. Each model was a three story wall segment in variations including
a plain solid wall, wall panels with door openings, and wall panels with
adjoining end flange walls. The specimens were carefully instrumented and
tested with earthquake motion of varying amplitude.

" The test wall configuration was a derivative of the Balency system
developed by RAD, the University of Beograd and IZIIS of Skopje. All
connections were of the wet joint type with panels providing forming for the




139

poured joints. Details of the panels and connections are illustrated in
Figures 2 and 3. The three story walls were designed and loaded to simulate
conditions near the middle of a 15 story structure. Added mass blocks above
the specimens created necessary axial stresses and lateral load. Near the
central height of medium rise buildings the gravity axial loads are relatively
small, decreasing the friction portion of shear resistance, yet the shear and
overturning moments may be high enough to crack the section. Vertical
continuity is provided by small cast in place columns with continuous
reinforcing in vertical joints between wall panels, and from a single bar

extending from the top and bottom at
each end of the wall panel welded to
the similar bar in adjoining panels
(Figure 4). The test specimens were
true scale models, at one-third scale,
made of prototype material. Stresses in
- the model would be equal to prototype
stresses to correctly simulate the
inelastic response.

SOLID FLANGED
comnuows dar venticaL  civ — Fig. 2. Precast test walls
S s . . B
| ; st
“_ .. Pt S-S Zo el
PANEL )
VERTICAL JOINT OF PANELS
7-/g‘—-?'
A *;:::—_:::_.
KEYS nf;_\-,/ ~ CAST e PLACE weLoes '“iq‘]r‘
gl o N -
2! . S Sk vt AR
mes T i o v RN Y
A ) & e Q]
PANEL - EDQE VIEW PANEL~- FLOOR JOINT OETAIL OF PANEL JOINT

Fig. 3. Joint details Fig. 4. Detail: cont. panel bar

TEST METHOD

All of the tests took place con the U.C. shaking table. In each model a
small amplitude test, during which the model remained essentially elastic, was
followed by a high amplitude test and a subsequent medium amplitude test
simulating an aftershock.

INSTRUMENTATION

Three categories of test information were recorded using precision
instrumentation and a high speed data acquisition system. The instrumentation
was designed to monitor: (1) actual table motion, (2) overall global
deformation of the models, and (3) local deformations-particularly in joint
region. A total of 85 instruments recorded most of the critical quantities
occurring during the test. Measured dynamic response included displacements,
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accelerations, base shear, slip and uplift of panels at horizontal joints, and
strain. The instrumentation was particularly designed to provide response
information which might be needed to verify proposed analytic response
modelling techniques [Refs. 3, 8].

BEHAVIOR OF SOLID WALL

The solid wall model 'was subjected to three shaking tests. The first test
occurred with a maximum ground acceleration of 0.18g, small enough to induce
solely elastic response. The second test was intended to create major damage
and used a peak ground acceleration of 0.67g. A final test, to simulate
aftershock response of a damaged structure had a 0.50g base acceleration., All
of the tests used the same shaped time scaled displacement record, each at a
different amplitude. The described step from low amplitude to high amplitude
motion was necessary to avoid progressive deterioration which might occur
under a gradual program of increasing intensity.

Visual Observations:

There was no visible damage apparent after the initial shake. The
structure did experience extensive deformation during the second test. Rocking
of the wall system above the lower horizontal joint was predominant during the
test. Shear-slip behavior couldn't be detected, however later viewing of slow
motion films of the test proved that limited slip had been occurring.

Inspection of post test damage,
particularly cracking, showed that
rocking motion had opened the first
floor joint above the cast in place
joint concrete. The concentrated
compression induced by the rocking had
crushed concrete at the wall ends and
in the key elements. Two of the
vertical reinforcing bars at the south
wall end had buckled and the continuous
panel bar ruptured. Figure 5
illustrates the damage.

The "aftershock" test showed
continued rocking motion.

Damage, south end of wall

There was little additional damage other than concrete spalling in regions
that had previously been crushed.

Measured Behavior:

The initial stiffness of the wall system, as determined during the low
amplitude test from base force and top displacement, was 96kN/cm.{(54k/in.).
Measured deformations and strains indicated that the behavior had remained
essentially linear elastic.
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The second test was at a considerably higher amplitude with the wall's
base motion as shown in Figure 6. The ground motion reached a peak
displacement of 9.0cm (3.6 in.) and acceleration of 0.67g. Response of the
wall to that base motion may be seen in the relative top of wall displacement
time history in Figure 7. Maximum relative wall displacement was 3.8cm (1.5
in.). ' ‘

The overall wall displacement was primarily a result of the 2 basic
inelastic mechanisms described previously, slip and rocking. Slip along the
lower joint was directly measured and is plotted in Figure 8. Comparing the
slip and top of wall displacement, it can be concluded that rocking probably
caused much of the top of wall motion. The first positive wall displacement
peak, Figure 7, above 3.0cm is coincident with rocking to the north and
rupture of the vertical panel bar in the base of the wall at the south end.
Both of the other south bars exhibited large strains at the same time (Fig.
5). The average natural frequency changed from 5.1Hz to 3.8Hz during that
peak. The wall uplift measured at the south end is plotted in Figure 9. The
periods of maximum uplift can alsc be seen to be correlated with periods of
. maximum north displacement. The maximum south end uplift reached 1.8cm (0.
in.). '

The overall behavior
of the system might be
characterized by Figure
10 which simultaneocusly
shows the measured base
shear, as determined by
force transducers,
plotted with wall
displacement. An initial
stiffness of 89kN/cm (50
k/in.) was measured.
Yielding is obvious with
both north and south
displacements but the -8.
total displacement is
much more severe in the
north direction. The N B N I S O
first major north -1.6 -2.8 0.8 0.8 1.6

1€.

0

FORCE (X1P3) (V)
<

displacement excursion : DEFLECTION ¢IN.)
occurred while the south: BASE SHEAR - TOP DEFLECTION (&)

end rebar were rupturing -~
and stretching.
Explanations for the

drops in load and

erratic behavior have

not been determined yet;
Further detailed study

is currently underway.

Fig. 10. Base shear and top deflection
. + displacement to north, bar
rupture occurred at south end

b
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Preliminary Conclusions:

Previous analytic studies [Refs. 1,2,3,8] have shown that the behavior of
a panel wall system under earthquake excitation may have dangerous
characteristics depending on combination of loading and construction
detailing. Llorente [8] concluded that the shear-slip mechanism occurring in
horizontal joints between wall panels may be unreliable for force isolation or
energy dissipation because of the possibility of reduced normal loading and
due to wall instability resulting from unlimited slip associated with friction
type resistance. The rocking mechanism might also threaten overall stability
yet it was noted as preferred due to its load limiting behavior.

The wall in this test had dominant
rocking behavior with limited shear-
slip. Slip was controlled by the joint
detailing which included a block key at
each wall corner used primarily as a
space to field connect the single
continuous panel bars. The secondary
value of the key became obvious during
testing when wall slip was seen to be
very low until the panel material and
the adjacent key began to c¢crush and the
wall gradually gained a limited slip
distance along the crack between the
upper precast wall and the field placed

I,r‘, M

joint concrete (see Figure 11). While it

rocking behavior dominated the motion ROCKING ~CONSTRAINSD  SLIP

there was little indication of

instability though the Fig. 11. Constrained rocking motion

load-displacement behavior contains some peculiar characteristics which will
require further study to explain fully. Rocking effectively controlled the
level of overturning moment and shear which could be induced in the wall by
the ground motion. Once the vertical reinforcing was stretched by rocking,
additional damage was small yet important, consisting mainly of concrete
crushing at the wall's ends as uplift gaps shut and concentrated concrete
compression caused cumulative crushing. During the aftershock test there was
no additional visible damage apparent- possibly due to the reduced stiffness
and load limiting behavior of the rocking mechanism. Further data analysis is
currently being carried out with particular attention focused on the local
deformations and the ability of proposed analytical techniques and models to
simulate the measured response.

Note: :
The testing described in this paper was carried out at the Earthquake
Simulator Laboratory of the University of California under the direction of
Professor Ray W. Clough as an adjunct to the U.S.-Yugoslav research program
sponsored by the National Science Foundation, Data analysis and correlation
studies are currently underway at the University of Wisconsin through a grant
provided by the U.W. Graduate School.
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COUPLED LATERAL-TORSIONAL RESPONSE OF BASE-ISOLATED STRUCTURES
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SUMMARY

A typical base-isolated structure on rubber bearings is liable to have a small eccentricity and
closely spaced frequencies causing coupled laterai-torsional response. In seismic analysis, the structure
is-modeled as a rigid deck with lumped masses supported on axially inextensible bearings. The Green’s
functions for displacement response are derived for undamped and damped cases with small and large
eccentricities. An interaction equation for normalized displacements is established for an idealized flat
. velocity spectrum. Numerical results for a specific building are carried out for comparison.

It is shown that the effect of torsional coupling on the response of base-isolated structures sub-
- jected to transient loadings is generally negligible due to the combined effects of the time lag between
" the maximum translational and torsional responses and the influence of damping in the bearings.

INTRODUCTION

Base isolation is an aseismic structural design strategy in which a building is uncoupled from the
damaging horizontal components of an earthquake by a mechanism that attenuates the transmission of
horizontal acceleration into the structure. The concept of base isolation has become a practical possibil-
ity with the recent development of multilayer elastomeric bearings. An extensive literature survey on
the history of base isolation is given in Ref. 1, and the results of a series of experiments on this con-
cept carried out at the Earthquake Engineering Research Center, University of California, Berkeley,
have been published (Ref. 2-5). These results have established the effectiveness of this approach to
aseismic design. While base isolation has generally been proposed for new construction (Ref. 6,7), the
concept can be adapted to the rehabilitation of older buildings of architectural and historical merit. The
economic feasibility of rehabilitation by base isolation has been studied for a building in downtown San
Francisco (Ref. 8) from which physical parameters are taken for use in later analyses .

For an idealized base-isolated building, where bearings under columns are designed to carry
exactly the vertical load and to have precisely the desired lateral stiffness, the center of mass of the
superstructure will coincide with the center of rigidity of the bearings. In practice, however, this situa-
tion can rarely be achieved and there is generally an eccentricity. The dynamic response of such a
structure is more complex when the natural frequencies are closely spaced.

The effects of torsion in buildings appears to have first been studied by Ayre (Ref. 9) for shear
beam models. Recent studies of single and multiple story elastic systems through deterministic (Ref.
10) and probabilistic (Ref. 11) approaches have provided valuable insight into the general features of
torsional coupling. It has been concluded by many studies that a strong coupling between lateral and
torsional motions can occur if the corresponding frequencies are close together, even when the eccen-
tricity between the centers of mass and rigidity is small (Ref. 9-12).

In this analysis, a base-isolated structure is idealized as a rigid deck with tributary masses lumped
at column locations, Fig. 1. The rigid deck is supported on massless, axially inextensible bearings. The
three degrees of freedom of the system are the horizontal displacements, u, and u,, at the center of
mass of the system along the principle axes, X and y, of the structure and the rotation, 8, of the deck
about the vertical axis. However, the rotational displacement u,=r8, in which r is the radius of gyra-
tion of the deck, will be used in place of 4. -

The dynamic response of this system to a horizontal ground motion along the x-axis is investi-
gated. Closed form solutions for the coupled lateral-torsional response of the system are presented

(I) Senior Engineer, Nuclear Fuel Operations, Bechtel National Inc., San Francisco, CA. USA

(ID) Professor of Civil Engineering, University of California, Berkeley, CA. USA
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first. They will be foliowed by an interaction equation for normalized dlsplacements of the system
when an idealized flat velocity spectrum is used to characterize the ground motion.

It is shown in the analysis that coupling can be important, particularly in the estimation of the
maximum displacement at the corners of the building. However, it is also shown that the coupling
reduces the translational displacement at the center of mass. In addition, damping in the bearings has
the effect of absorbing these coupled lateral and torsional motions. Damping in elastomeric isolation
systems can be as high as 8% to 10% in the isolated modes and for these values torsional coupling is
negligible for transient inputs, such as earthquake motions.

EQUATIONS OF MOTION

Let k, and k, be the translational stiffnesses of the ith bearing in the x and y directions and
k.=k,;=k. The total translational stiffnesses of the bearings, K, = K, = Y k;, are simply the sum of
mdmdual bearing stiffness in the x or y direction. The total torsional stxﬁ'ness of the isolation system
. defined at the center of mass is given by Ky = ¥ k;( y#+x?) where x; and y; are the distances of the ith
" bearing measured from the center of mass.

Three frequency parameters w,, w,, and w, are defined as follows:

e A

in which m is the total mass. These frequencies may be interpreted as the uncoupled frequencies of
the system. In general, the individual bearing stiffness k; will be selected to ensure that k= mwd
where m; is the tributary mass on the /th bearing and wy is the design frequency for all the bearings. If
this holds exactly, all the frequencies will be equal and result in w,=w,=wy=w,.

In this analysis, a Rayleigh damping equal to 2« times the -stiffness matrix is assumed and the
equations of motion of the system can be written as

(i1} + 22 LK) i) + [KWu) = (i) 2)
where {u}={u., ug,u,}7, {ii,}={ii,,0,0}7 with il being the ground motion along the x-axis, and

e ' e
mg —--—’Y—wz 0 mgz ——y 02 0

r r
e e, e e,

Kl=|-20? ! “oll=|-2wd@ of@ o (3)

r X (] et r 0 1] r 0

e, €
0 -—i-wf m} 0 “wd o

in which e, and e, are the static eccentricities in the x and y directions, respectively. It should be noted
that [K] depends only upon the dimensionless parameters e,/ r and ey/ r.

ANALYSIS PROCEDURE

The frequency equation for the system is given by [K1{¢ ,}=w2{1l{¢,}, in which @, is the eigen-
value of the ath mode; {¢,] is the corresponding eigenvector; and [I] is the identity matrix. The
eigenvalues of the system take the form

0 = wo(l—-f-)% , wy=wg, wye= m0(1+-‘;’->‘/’ (4)

where &= exz-*-eyz, with e being the eccentricity between the centers of mass and rigidity.: The value of
e/r will be small for an isolated building where the bearing stiffness is matched to the mass as men-
tioned earlier. The frequencies of the coupled response, therefore, can be approximated by

w = wg(l=A), @;=wy, @3=ag(l+A) (3

where A=¢/2r is the shift of frequencies of the coupled system from the uncoupled system. In this
analysis, Eq. (5) will be used instead of Eq. (4) for frequencies of the system. To the same order of
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approximation, O(A), the orthonormal eigenvectors of the system are given by

[ & & &
Ve e e .
| 1 1
[¢1 ) ¢2 3 ¢3] - \/’2' 0 \/j (6)
L& 5 &
V2ie e e

Damped Case

The damped displacement responses of the first order approximation, O(A), for the system take
the form

. 2
u, = ll_.fe_“g('-f) gy (T)Sinmo(t—‘r){l—[i] [1—-cosw0A(t—-r)]}dr ) (7a)
t
g = ;1_[55_] [ i () coswg(t=r)sinwe (1=7) dr (76)
0 0
-~ e - —awz —T) e
u, = ;L(%]fe ot )ug(-r)sinmo(t—r)[I—COSmgA(t—f)]d.- (7¢)
0 0
Undamped Case
The undamped displacement responses of the same order of approximation take the form
. 2
u, = -—(;l- ’?(T)Siﬂwo([—‘r){l—{%] {l—COSwoA(t—r)”dr (8a)
0
1lelr. . 8b)
w= | { by (7)coswo (=) sinwoA (t—7) dr b
~1lee|fr. . ﬁ[_ __]
u, " {—ez ]{ugx(r)smwo(t 7) |1—cosweA (t—7) | dr (8¢)

It is clear from Egs. (7a) and (8a) that the response in the x direction, ., of the coupled system
can never be greater than the corresponding response in the uncoupled system. The torsional response,
ug, increases as ¢, increases. However, for two-way torsionally coupled systems (e, 0 and e,=0) the
eccentricity in the direction of the ground motion reduces the maximum torsional response. This is
consistent with a result obtained in a recent study (Ref. 11). The response in the y-direction, u,, van-
ishes when either e, or ¢, vanishes.

Green’s Functions of Undamped Case

For undamped two-way torsionally coupled systems with equal eccentricities, e,~e,, the responses
can be demonstrated as follows:

U = 2:&1;{ lle (7)sinwg (£~7) [l—cosa)oA ( I—T)] dr = ‘{iig (r) G (e,r)dr (9a)

up = 72170 { iy () coswo(1=7)sinwoA (1—7) dr = { i (7) Gal ) (9b)
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¢t t
ty = = [ iy (P)sing (1-7) [+cosaoa (1=n)] dr = [ i) Gs(2,7) s (9c)
0% 0
in which G,(t,7),G,(¢t,7), and G,(¢,7) are the Green’s functions with the slowly oscillating envelopes
(1—cosweA 1), sinwgAt, and (1+cosweAt) for u,, uy, and u,, respectively.

The Green’s functions of Eq. (9) for a particular case where A=0.01 and wg=+, which may be
considered representative of a base-isolated structure, are shown in Figs. 2 and 3. These plots demon-
strate the Green’s functions of the undamped response of the system for one hailf the period of the
envelope functions. The time lag between the maximum translational and torsional responses is clearly
shown for the soft system with small eccentricity. The torsional coupling effects for such systems are
negligible when a short duration transient input is involved. Figure 4 shows the response of a corner
point located at a distance g away from the center of mass, Fig. 1. The corner point experiences a
response of U=u +uza/r, for which a/r is taken as 1.5 in this example.

Figure 4 reveals the importance of damping in the response of a base-isolated structure. The
- maximum displacement at corners could exceed the maximum displacement at the center of mass due
to the buildup of the torsional response in an undamped system. This could result in impact against
" adjacent structures if sufficient clearance is not provided.

Green's Functions of Damped Case

For damped two-way torsionally coupled systems with equal eccentricities, e,=e,, and a constant
damping ratio, é=aw¢=0.05, the displacement responses take the form

! t
u, = s O P L) g, (1)sinawg(t—7) [I—COSmoA(t—f)] dr = f iy (1) Go(t,7) dr (10a)
t I
Uy = ﬁlwo { e 0" i, (1) coswg t—7)sinwoA (1—7) dr = { i, (1) Gs(2,7) dr (10b)
—1 [ —Ewgli=n) f
= 5—]e Swgle=r il (7)sinwg(t—7) [l-i-cosa;oA(t—T)]_d-r = fiigx('r) Gglt,7) d7 (10c)
00 0

where G,(t,7), Gs(t,7), and Gg(t,7) are the Green’s functions with the slowly oscillating envelopes.
The Green’s function of these responses for the particular case where A=0.01 and wg=m are shown in
Figs. 5 and 6 and the corner motion, U=u,+uga/r with a/r=1.5, is shown in Fig. 7.

The torsional response, uy, Fig. §, can not build up to significant values because of the exponen-
tially decaying effect of the damping. The influence of the damping during the time lag between the
maximum lateral and torsional responses causes the torsional coupling to become negligible for the sys-
tem with small eccentricity. This is clearly demonstrated in the response of the corner point, Fig. 7,
which has virtually the same response as the center of mass, Fig. 5. The results indicate that for typical
base-isolated systems with small eccentricity and 5% equivalent viscous damping, the torsional coupling
effects are negligible.

Large Eccentricity

An artificial eccentricity equal to 5% of the maximum plane dimension, a typical value required by
various seismic codes, is considered as the large eccentricity in this analysis. Increasing the eccentricity
on this order will reduce the time necessary for the torsional response to build up and, as a result, the
effects of torsional coupling will increase. However, the maximum displacements at the corner point
and the center of mass are not noticeably different (Ref. 13).

INTERACTION EQUATION

For the purpose of design, it is more appropriate to characterize the expected ground motion by a
response spectrum. An idealized flat velocity spectrum will be used in formulating an interaction equa-
tion for normalized displacements. For a typical isolated building, fundamental period around 2 sec,
design spectra will generally approximate the idealized spectrum.
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An estimation of the maximum of a response quantity R may be obtained by combining the
modal maxima R,, R, and R; according to the Complete Quadratic Combination (CQC) method (Ref.
14),

R*= Y00 mRyRy n,mi=1273 an
nom
in which the cross-correlation coefficients are given by
26,6 )" [, +w ) (§,+E ) Hol—w ) (€,~E )]
4(mn—mm)2+(wn+wm)2(§n+§m)2
where ¢, and £, are modal dampings for modes n and m, respectively. The cross-correlation terms
can be important under certain conditions, in particular when the natural frequencies of the structure

are closely spaced. As this is often the case for buildings on a rubber isolation system, these terms are
included in this analysis.

PO, nm = (12)

The modal response quantities u,,, uy,, and u,, can be expressed in their normalized forms:

Usn - Ugpn - n
U= = s Ugn= : y W= el n=123 13
Ux0 U Uy

where ug=3S,(wy,&)=S, (wg,&)/we in which S; and S, are the spectral displacement and velocity of the
uncoupled system , respectively.

For a flat velocity spectrum in the x-direction, Eq. (13) can be written as

- o) g - @q

Uep = ;_"_qsz_" y UHgp = Iqsanan y Uy = ;:¢xn¢yn 14)
By substituting Eq. (14) into Eq. (11) as well as making use of the orthonormal properties of the eigen-
vectors, the estimated maximum responses %, Uy, and %, can be shown to satisfy the following
interaction equation:

2+ ul+ul=1+8=1 (15)

in which 8=(e,/r)%/[1—(e/r)}. The approximations made in Eq. (15) are consistent with those in the
derivation of the equations of motion. The result is similar to that obtained in a previous study on
elastic forces in torsionally coupled systems (Ref. 10). -

For systems with small eccentricity, it is obvious from the interaction equation, Eq. (15), that u,
of the torsionally coupled system is not greater than wu., the displacement of the torsionally uncoupled
system. This is consistent with the observation made for Eqgs. (7a) and (8a) of u,.

NUMERICAL EXAMPLE

In order to illustrate these analytical results, the previously mentioned building on an isolation
system is analyzed. The system has a fundamental frequency of we=7 and the equivalent viscous
damping is estimated to be 5% in the isolated modes. The El Centro earthquake record of May 18,
1940 and its corresponding response spectra are used as the input motion. Both the time history
method and the response spectrum method using the modal superposition technique are implemented.
For the small eccentricity case, the value of A is 0.01 and a/r is 1.5 for the corner point.

The results of the time history method are presented in Figs. 8 to 10. It can be seen that for
A=0.01, the motion of the corner point, Fig. 10, is virtually the same as the motion at the center of
mass, Fig. 8, and the torsional response is insignificant. It should, however, be noted that the 5%
damping used is a conservative value, since elastomeric bearings can have an equivalent viscous damp-
ing ratio of up to 10%. -

The results of the response spectrum method, along with the peak responses of the time history
analysis, are presented in Table 1. The superiority of the CQC method over the conventional SRSS
method is apparent. The SRSS method underestimates the corner motion and the response in the
direction of the input motion, and overestimates the out-of-plane response. Hence, it is recommended
that the CQC method be used in the response spectrum analysis for base-isolated buildings which are
typically soft systems with small eccentricity and closely spaced frequencies.
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CONCLUSIONS

As a result of this study the following conclusions can be drawn for a horizontal ground motion
input in the x direction. They are confirmed by some general results obtained in previous studies using
both deterministic and probabilistic approaches (Ref. 10,11).

1)  Coupling induces the torsional response and reduces the translational response at the center of
mass of the structure..

2) For two-way torsionally coupled systems where e, =0 and e,=0, the torsional response, uy,
depends upon ey/e and the eccentricity in the dxrectlon of the ground motion, e,, reduces the
peak torsional response.

3)  For one-way torsionally coupled systems where ¢,=0 or ¢,=0, the dlsplacement response perpen-
dicular to the direction of the ground motion, u,, vanishes.

4)  For a base-isolated structure with small eccentricity, the torsional coupling effect on the displace-
ment response to transient loadings is negligible, due to both the time lag between the maximum
lateral and torsional responses in the soft system and the influence of damping in the isolation
system.

5) The displacements in a torsionally coupled system can be related to the displacements of the
corresponding uncoupled system through an interaction equation when a flat velocity spectrum is
used to characterize the ground motion. For the typical period range of isolated structures, ie. 2.0
sec., many spectra, e.g. ATC-3-06, have this characteristic.

It is essential to obtain a reliable estimate of the maximum displacement response at the corner
points of a base-isolated building. If sufficient clearance is not provided, impact against the adjacent
structures may resuit. Because an isolated structure will inevitably have closely spaced frequencies, the
CQC method should be used in the response spectrum analysis.

ACKNOWLEDGEMENTS

Partial support provided by the Malaysian Rubber Research and Development Board, Hertford,
U.X. for this research is gratefully acknowledged. The authors would like to thank the Chief
Civil/Structurai engineer, F. E. Meyer, and Drs. F. J. W. Hsiu and K. M. S. Mark of NFO/Bechtel for
their review of the paper. The first author is grateful to G. H. Borschel for her contribution. Excellent
graphic work done by K. L. Dolan is acknowledged.

REFERENCES
{1] J. M. Kelly, "Aseismic Base Isolation,” The Shock and Vibration Digest, 14, 17-25 (1982).

{2] J. M. Kelly, J. M. Eidinger, and C. J. Derham, " A Practical Soft Story System,” Report No.
UCB/EERC-77/27, Earthquake Engineering Research Center, Umversxty of California, Berkeley
1977).

{31 J. M. Kelly, M. S. Skinner, and X. E. Beucke, "Experimental Testing of An Energy-Absorbing
Base Isolation System," Report No. UCB/EERC-80/35, Earthquake Engineering Research Center,
University of California, Berkeley (1980).

{4] J. M. Kelly and D. E. Chitty, "Contro! of Seismic Response of Piping Systems and Components in
Power Plants by Base Isolation,” ASME Pressure Vessels and Piping Division, 79-PVP-55 (1979).

[5] J. M. Kelly and K. E. Beucke, "A Friction Damped Base Isolation System with Fail-Safe Charac-
teristics," Earthquake Engineering and Structural Dynamics, 11, 33-56 (1983).

{61 R. I Skinner, G. N. Bycroft, and G. H. McVerry, "A Practical System for Isolating Nuclear Power
Plants from Earthquake Attack,” Nuclear Engineering and Design, 36, 287-297 (1976).

[7]1 L. M. Megget, "Analysis and Design of a Base-Isolated Reinforced Concrete Frame Building," Bui-
letin of the New Zealand National Society for Earthquake Engineering, 11, 245-254 (1978).

{81 J. M. Kelly, "The Economic Feasibility of Seismic Rehabilitation of Buildings by Base Isolation,"
Report No. UCB/EERC-83/01, Earthquake Engineering Research Center, University of California,
Berkeley (1983).



191

[10]

{11]

[12]
[13]

- {14]

151

R. S. Ayre, "Interconnection of Translational and Torsional Vibrations in Buildings," Bulletin of the
Seismological Society of America, 28, 89-130 (1938).

C. L. Kan and A. K. Chopra, "Coupled Lateral Torsional Response of Buildings to Ground Shak-
ing,” Report No. UCB/EERC-76/13, Earthquake Engineering Research Center, University of Cali-
fornia, Berkeley (1976).

S.-Y. Kung and D. A. Pecknold, "Effect of Ground Motion Characteristics on the Seismic
Response of Torsionally Coupled Elastic Systems,"” Report No. UILU-ENG-82-2009, University of
Illinois, Urbana-Champaign (1982).

J. Penzien, "Earthquake Response of Irregular Shaped Buildings,” Proceedings of Fourth World
Conference on Earthquake Engineering, 2, A3-75-A3-89, Santiago, Chile (1969).

T.-C. Pan and J. M. Kelly, "Seismic Response of Torsionally Coupled Base-Isolated Structures,”
Earthquake Engineering and Structural Dynamics, 11, To appear (1983).

E. L. Wilson, A. Der Kiureghian, and E. Bayo, "A Replacement for the SRSS method in Seismic
Analysis,” Earthquake Engineering and Structural Dynamics, 9, 187-192 (1981).

LUMPED MASS /
o

3
b
x
£
THPLACEMENT

fr i —f .
RIGIO DECX j |
- > r
RUBBER QEAFUNG/ -G8 L L 1 4. "
L » « = » 0w
Twat 22}

Fig. 1. Simplified 3-00F System
Fig. 3. Green’s Function of Uy (Undamped)

as “1 “l“l il l nm LiKLLETEPe
' 'lllHHkum

DISPLACEMENT
DIPLACEMENT
14

——
—4
;

-85 i L 2 L I L. L L ' -a8
L] E « ] L 4 100

Tag (382)

Fig. 2. Green's Function of u, (Undamped) Fig. 4. Green's Function of U (Undamped)



o5
R L = 3
- z : ﬂ
5 L E O
H A /\ A A A A\ [\ /\ /\ A A~
§ oo VAR e AVARAR =AY
g V b L
5 \/ V : ¢
a
r - a3 i e - e i - -
b [ ] ) 3 12 w 0
-08 X " i i n - s e TWE (SEC.)
] 4 3 12 "
e BEC.) Fig. 8. Displacement Response, u ,
Fig. 5. Green's Function _of u, {Damped, £=0.05) to the Ei Centro Earthquake, 1940
ea2
M e
L i
P i " AAAA
§ o VAVAV%A . EWPNA gm, PN [\
&
: UUV oL VAVRY V
u - Qa3 T - — "
-8082 . i i n [ 1 i L ° ‘ i 2 °
s 1 24 n P Timg (SKC)
) TiME (SEC. Fig. 9. Displacement Response, ug,
Fig. 6. Green’s Function of ug (Damped, £=0.05) to the E! Centro Earthquake, 1940
-8
o 308
1 :
L H
2 AW A i 0 /\ /\ /\
2 oo A A osod 3 oo AN
: vy 1 VAV
H a L
-
L - 2308 . - . . s i
'ﬂ 4 ] 12 1e 0
—as P S . — S—
o 4 ) 12 b ] o
Tt cs8c.) Fig. 10. Displacement Response, U,
Fig. 7. Green’s Function of U (Damped, £=0.05) to the Ei Centro Earthquake, 1940
Tabie 1

152

Results of Time History and Response Spectrum Analysis;, Unit: cm(in)

Small Eccentricity (A=10.01)
Response | Time History CcQC SRSS
Uy 17.78 (7.00) | 17.58 (6.92) | 10.82 (4.26)
Uy 1.52 (0.60) 1.78 (0.70) 8.83 (3.48)
u 0.15 (0.06) 0.20 (0.08) | 10.82 (4.26)
U 18.29 (7.20) | 18.26 (1.19) | 17.37 (6.89)
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THE PERFORMANCE OF STAIRWAYS IN EARTHQUAKES

Catherine Roha (I)

SUMMARY

Stairways are essential building components serving critical functions
of emergency access and egress following earthquakes and fires. Stairways
also may significantly affect the seismic response of structural systems.
Past earthquakes have exposed a wide variety of problems and failures related,
to stairway/structure interactions. Present architectural and structural
engineering practices may not address these interactions adequately. A
model code for seismic resistant design and construction of stairways is -
proposed. Directions for future research and recommendations for mitigation
measures are outlined.

INTRODUCTION

Stairways play significant roles in building performance during earth-
quakes due to dynamic interactions with primary structural systems and the
occurrence of unanticipated and undesirable responses. Damaged stairways
adversely affect evacuation and rescue, fire fighting, salvage, and restora-
tion. Severe earthquakes may require that building occupants rescue them~
selves, elevators may not be functional, and imminent secondary hazards
such as fire or flooding may make immediate evacuation imperative.

Stairways are permanent, rigid, and frequently heavy elements often
extending the full height of the building, connected directly or indirectly
to the primary structure. In multi-story fire-resistive buildings, stairs
are typically constructed of reinforced concrete, steel, or a combination
of those materials. The stairway system includes stair flights and landings,
enclosure walls, doors and windows, lighting, ventilating systems, stand-
pipes, and other services. Stairways may be open monumental staircases,
enclosed fire stairs, exterior fire escapes, or service stairs.

The main objective of this paper is to raise the issue of stairway
interactions and hazards, summarizing studies conducted by the author and
discussed in detail in Reference 1. This initiation study of stairway
performance was based on discussions with architects and engineers prac-
ticing in the San Francisco area, and on extensive review of earthquake
reconnaissance reports, engineering studies, handbooks, reference materials,
and building codes. The report established groundwork for further investi-
gations and analytical studies.

(I) Architect, Berkeley, California, USA
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PAST PERFORMANCE

Although many stairways in multi-story buildings have withstood strong
seismic shaking satisfactorily, other stairways have exhibited a wide range of
significant damage. The most critical life safety issues are interference of
stairway structural behavior with the building's overall seismic response which
results in collapse, and interference of damage with emergency exiting and
rescue. The typical diagonal brace-like configuration of stairways can, at one
extreme, increase the overall lateral stiffness of the structure and signifi-
cantly alter the dynamic character of the structure as a whole, or, at the
other extreme, simply modify local response behavior of the structural element
to which it is attached. The change in overall lateral and torsional stiffness
often results in higher seismic force levels than would be anticipated by con-
sidering the primary structure alone and, in some cases, has jeopardized the
stability of the whole structure. Damage to stairways can also result.

Stairway landings connected to columns at mid-height have added unexpected
stiffness and created ''short columns," resulting in brittle shear failures
(Fig. 1). '"Short beams" have been created by stair flight connections. High
local shear stresses have occurred in floor diaphragms due to restraint by stair
enclosure walls., Stairs and walls have introduced torsional eccentricities,
causing local failures of primary structural elements (Fig. 2). Out-of-phase
relative responses of stair towers and structures have caused pounding and
damage to separation joints, and stair towers have overturned ( Fig. 3).

Damage .to stairways has included failures of brittle enclosure materials
which have littered or broken treads (Fig. &), cracking and spalling of concrete
at landings and walls, jammed exit doors, broken glass, dislocation of non-
structural components such as light fixtures or seismic joint coverplates, and
disruption of building services. In some cases stairways have been inaccessible
or unusable. Some stairways have been places of refuge during shaking; other
stairways have caused injuries and fatalities.

Fig. 1 Concrete column failure Fig. 2 Torsional effects
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STAIRWAY PLANNING

Locations and arrangements of stairways result from design decisions on
spatial organization and functional layout, internal circulation and emergency
egress. For stairway systems intentionally designed to be part of the primary
seismic resistant system, stairway shafts and other service cores are best
distributed to avoid undesirable torsional effects, to balance the stiffness
of the resistant elements with the mass. Especially problematic are stairway
systems which act "unintentionally" as part of the primary structural system.
These may significantly influence the initial elastic response of the building
by their distribution and stiffness, and the inelastic response by their
strength and ductility, producing unanticipated seismic behavior,.

Movement characteristics of stairway structures must relate to those of
the primary structural system. Stairways may be integrated in very stiff
structures which protect them from damaging deformations. Stairways in ductile
moment-resistant frame structures designed to stably dissipate seismic energy,
may experience large deformations. These stairs may be isolated if stiff or
integrated if having flexible enclosures and flights. Either structure defor-
mations must be limited to those which the stair system can accommodate, or
the stairways must be made tougher to withstand larger deformations. These
deformations should be those which are expected in the actual building under
real ground motions, not just those computed according to fictitious lateral
forces defined by building codes.

Collaboration of architect and engineer in preliminary design phases can
resolve basic configuration issues for stairways and establish the extent of
stairway/structure interaction through selection of appropriate design strate-
gies. Design proposals should be reviewed specifically to detect potential
interactions and nonstructural elements which could cause undesired effects.
When possible, the adequacy of the design should be verified through realistic
analyses.
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DESIGN STRATEGIES

Stairways can be structurally isolated as physically separate exterior
towers, in enclosures mechanically isolated from the adjacent building frame,
or as stairs with sliding joints at landings and walls. Isolation demands a
clear understanding of the seismic response of the building and stairways in
order to estimate with sufficient accuracy the necessary separations and appro-
priate interstory drift. By reducing interaction through carefully controlled
connections or ductile isolators, damage and hazards could be considerably
lessened, although the separated systems would still experience accelerations.
Too small separations, because of the effects of impact (pounding), could
worsen structural behavior rather than improve it. Separated stair tower
foundations need special attention to withstand the large overturning forces
which may be expected. Isolation strategies require consideration of materials,
weatherproofing, fire and smoke infiltration, and maintenance to ensure effec~
tiveness during the service life of the building.

Stairways may be integrated with the primary structural system to take
advantage of the inherent stiffness characteristics of the stair as well as
the enclosure walls. Stiffness contributions of some stair flights and landings
may be assumed, but are usually not calculated, there being no easy method for
this analysis. A stiff primary structure can protect stairways from damaging
deformations. In a flexible system, integrated stairways can increase the
stiffness of the structure substantially. This has advantages for controlling
deformations, can result in an increase in overall lateral resistance, and may
also lead to considerable increase in elastic strength. However, integration of
stairway systems which lack sufficient strength to contribute usefully in a
flexible primary structure, may create local problems and potential hazards.

STRUCTURAL ANALYSIS

For gravity load analysis a stairway is typically taken to be an indepen-
dent system supported by the primary structural system in either a simple or a
fixed manner. A single-~flight stair is analyzed as if it were a simple beam,
considering only flexural stresses. For lateral load analysis the initial
elastic contribution of typical stairways to the behavior of the "total struc-
ture" could perhaps be approximately modeled as an equivalent assembly of
rigidly connected beam or slab elements or as elements of a truss. But even if
such an equivalent space frame approach provides sufficient accuracy, many stair/
structure total systems would have to be modeled as complete three~dimensional
assemblies to correctly analyze their interactions. Complications are added by
openings, enclosures, complex stair geometries, and supports. The initial elas-
tic detailed local behavior of a stairway system may be modeled using plate
finite element analysis. Such detailed modeling of stairway systems within a
"total" system offers an available, albeit cost~prohibitive, approach.

Rational design should be based upon analysis to predict the response of
stairway systems to expected ground motions. The reliability of these analyti-
cal methods must be demonstrated experimentally, and the cost of analysis kept
within practical limits. Simple methods are needed because complex studies may
not be justified economically or technically. Structural engineers may need to
decide for which stairway configurations costly analytical studies are warranted,
and for which stairways standard details and provisions for construction and
maintenance should be developed.
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EXISTING SEISMIC CODES

Review of existing seismic code specifications (Ref. 2) reveals that few
building codes directly refer to seismic design of stairways. Rather, stair-
ways are implicitly included in provisions addressing the more general problems
of seismic resistant design of architectural and nonstructural components, with
primary emphasis on limiting interstory drift (or the effects thereof) of the
primary structural system, and secondary emphasis on the actual seismic response
of the component. These provisions, in effect, encourage analysis of the pri-
mary structural system without consideration of stairway/structure interactions.
Furthermore, the actual response is estimated by an equivalent static lateral
load that does not rationally account for interaction. In some codes a higher
force factor is required for those elements {e.g., stairway enclosure walls)
considered as part of the building's life safety system. These provisions may
not be sufficiently specific for the important emergency functions of stairway
system components.

MODEL CODE PROVISIONS FOR STAIRWAYS

In an ideal earthquake resistant design and construction code:

(a) The functions of stairways for regular service and emergency condi-
tions should be stated, terms defined, and typical components identified.

(b) Conceptual guidelines for exit safety should be reviewed and modified
to bring seismic safety issues forward. Structural guidelines should cover:
advantages and disadvantages of integrating or isolating stairways; the effects
of stairway distribution on the overall behavior of the primary structural
system; selection of materials and construction to satisfy both fire and earth-
quake requirements; effects of stairways on the local behavior of structural
and nonstructural components to which they are connected or come in contact
during seismic excitation; selection and/or design guidelines for nonstructural
components of stairways to control and limit damage.

(¢) Minimum requirements should be established for structural analysis
and design of stairways, considering both service load and extreme load condi-
tions. For integrated stairway systems the code should refer directly to pro-~
visions for the primary structural system, clearly associating realistic load
and load combination requirements with required deflection limitations, ductil-
ity requirements, and type of analysis (e.g., elastic or inelastic) to be used
in evaluating member forces and deformations. Guidance on acceptable methods
of analytically modeling the contribution of stairways to the total system
response should be included. For isolated stairway systems the code should
provide for analysis of the primary structural system to determine expected
(realistic) system deformations that must be accommodated by the stairway system,
and investigations needed to demonstrate that the proposed isolation technique
will indeed accommodate the predicted deformations. The code should clearly
establish acceptable means to model the seismic loadings and analytical methods
to be used in evaluating the system response.

(d) The model code should set forth specific provisions regarding detail-
ing and construction of the components of stairway systems, especially detail-
ing between landings and their supports, and flights and landings.

{(e) The model code should provide guidelines for identification of poten-
tially hazardous stairways in existing structures, for evaluation of the degree
of hazard, and for mitigation of these hazards.
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GENERAL CONCLUSIONS

(a) Because stairways are the primary vertical emergency exit routes in
multi~story buildings, they must be designed to ensure their use for safe
egress and access during and after earthquakes.

(b) Jammed doors, debris-littered treads, detached components, and dark-
ness are the most common hazards of stairway response to seismic shaking.

(¢) Interactions of stairway structural systems with their nonstructural
components and especially with the primary structural system have created much
earthquake damage.

(d) Stair flights and enclosure walls have influenced, usually uninten-
tionally, the dynamic characteristics and seismic responses of primary struc-
tures. Lack of attention to this problem has contributed to local structural
damage and sometimes to structural collapse.

(e) Since stairways are often complex three~dimensional systems integra-
ting a variety of architectural, structural, electrical, and mechanical compo-
nents, their seismic behavior may involve complex interactions among these
components.

(f) At present there exist no practical general analytical methods for
predicting even the simplest aspects of stairway dynamic interaction with the
primary structure. Few construction details for structural connections and
assemblies have been experimentally evaluated for strong seismic shaking.

(g) Present U.S. seismic codes do not contain guidelines regarding stair-
way system selection, design or construction. Only a few foreign building
codes specifically mention earthquake resistant stairway design.

(h) Current design practice relies upon prior projects and/or published
recommendations which may not address seismic issues in a comprehensive manner.
Yet the required high performance level for exitways makes stairway seismic
design an important life safety concern.

RECOMMENDATIONS FOR IMMEDIATE IMPROVEMENTS

(a) Fuller understanding of stairway damage mechanisms requires more
detailed information about, and. analysis of, problems occurring in moderate and
strong ground shaking. Reconnaissance and investigating teams should note
stairway conditions, materials and comstruction, adjacent structural damage,
possible interactions, and interference with evacuation. Post-earthquake
studies should investigate human reactions and behaviors while exiting.

(b) Architectural design would benefit from consolidation of planning
concepts for building configurations and stairway locations. Seismic implica-
tions of various architectural and structural plans should be studied and pub-
lished so that designers may either avoid or consciously accommodate problematic
schemes. Cost-benefit analyses of different design options should be consid-
ered in relation to seismic resistance, life safety, and property damage.

(c) The structural engineer in collaboration with the architect must
consider the effects of stairway systems at early stages of the building design
so that an appropriate structural strategy may be selected and applied.
Professional handbooks and reference materials should be revised to include
seismic implications of standard details.

(d) Seismic codes should include guidelines and comments about problems
of interactions between stairways and primary structural systems. Omissions
and ambiguities in specific requirements should be reduced so that designers
using the code provisions could demonstrate the acceptability of their emer-
gency egress schemes for earthquake hazards.
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(e) Building officials should thoroughly review design calculations and
drawings to ensure that proper design of stairways has been achieved.

(f) Development and dissemination of improved analytical methods will
enable structural engineers to predict more accurately the stairway system
response to be accommodated through proper selection of materials and detailing
for stairways and their connections to the primary structure.

(g) Information about the anticipated stairway response must be communi-
cated by the structural engineer to the architect, electrical engineer, mechan-
ical engineer, and other consultants so that attachments, bracings, material
assemblies, equipment characteristics, and damage limitations may be designed
for expected displacements and accelerations.

(h) The concepts by which the exitways are de51gned should be communi-
cated to the building owner, the occupants, and the maintenance staff so that
expected building behavior during earthquakes may be anticipated, more compre-
hensive disaster response plans developed, and particular details or devices
(such as separation joints) maintained as intended.

(1) Existing buildings .should be inspected so that hazardous conditions
in exitways can be removed or improved. This is especially important for any
building which serves critical emergency functions or which has places of
public assembly, high numbers of occupants, or hazardous contents.

RESEARCH NEEDS

(a) To improve the design and construction of new stairways and the
repair and/or retrofit of existing stairways, a co-ordinated research program
integrating literature and field surveys with analytical and experimental
studies should be undertaken. This research program should (1) identify some
stairway systems which show promising features for adequate fire and seismic
performance; (2) initiate experimental studies to understand the behavior of
stairway system components and assemblies and the interaction of specific
stairway systems with primary structural systems; (3) devise experimental
studies to improve methods and details of construction; (4) create matching
analytical studies for rational mathematical idealizations of components and
system behavior; and (5) develop simplified analysis and design procedures.
The knowledge gained could lead to the development of new stairway systems as
optimal solutions for specific building structural systems.

{(b) Ideally, experimental studies of load-deformation behavior, carried
into the inelastic range with load reversal, of typical stairway structural
and enclosure components should be undertaken to develop analytical models that
will serve as a basis for understanding real stairway system behavior. As the
number and variety of even typical components are great, it may only be reason-
able to investigate analytically the sensitivity of stairway seismic response
to variations in the main parameters (components) by modeling the behavior of
these components using available structural idealizationms.

(¢) Analytical studies should be undertaken to see if the initial elastic
response of stairway structural systems alone and interacting with primary struc-
tures can be accurately modeled using available analytical techniques correla-
ting predicted with measured behavior. Using plate finite elements, beam ele-
ments or a constraint approach might be considered. Studies should seek to
develop methods of analysis, using existing techniques as much as possible, to
model not only the behavior of isolated stairway systems but also the complete
three-dimensional behavior of combined stairway/structural systems as well as
detailed local behavior of stairway attachments to the primary structure.
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(d) Because such elastic modeling techniques are of most use to the de-
signer of stairway systems, the analytical studies should seek to develop sim-
plified methods of analysis that may be implemented with available computer
programs, and to produce design criteria (e.g., limit states for corresponding
load conditions) for their application to practical problems of design.

(e) Analytical studies should be undertaken to see if aspects of non-
linear elastic and, particularly, nonlinear inelastic response behavior of
stairway structural systems may be modeled with existing techniques. It is
reasonable to initiate these studies after some experience with elastic model-
ing has been gained, using the nonlinear response studies to develop simplified
practical methods that utilize linear elastic analysis techniques.

(f) Because stairway construction involves many nonstructural components
which have suffered significant damage in past earthquakes, development of sim-
plified methods of analysis and design of these components has become a pressing
problem in recent years.

(g) The need to strengthen, demolish, or modify the use of existing haz-
ardous buildings to improve life safety has been recognized as an important
problem. Research efforts have been directed toward developing analytical
methods to predict the behavior of existing buildings; consideration of stair-
way systems should be encouraged. Of special concern are unanticipated inter-
actions and failures of brittle enclosure materials.

Finally, the main features and conclusions of research on the seismic
performance of stairways should be compiled and made accessible to architects,
engineers, and other design professionals. Design guidelines, structural v
strategy considerations, simple analytical methods, improved details, new
construction techniques, and performance standards may reduce the amount of
stairway damage encountered in future earthquakes and mitigate these hazards
to human life.
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SUMMARY

The seismic performance of structures that are too large, massive, or strong to be tested with
available shaking tables can be efficiently studied by pseudodynamic testing. The pseudodynamic
method, which utilizes a numerical algorithm in the on-line computer control of a test specimen, can
realistically simulate the inelastic seismic response of a-structural model. In spite of certain limitations,
results of recent studies at Berkeley verify the practicality and reliability of the method.

INTRODUCTION

Shaking table testing is one of the most realistic experimental methods for studying the inelastic
seismic performance of structural systems. Nevertheless, the weight and size of a structure which can
be tested are significantly limited by the capacity of a table. Installing a new shaking table facility or
increasing the capacity of an existing one is very costly. For this reason, on-line computer control
(pseudodynamic) methods have been developed [1], which have the economy and versatility of con-
ventional quasi-static testing, but achieve the realism of shaking table tests. In pseudodynamic testing,
the seismic response of a structure is numerically evaluated by a computer, based on the direct experi-
mental feedback of structural restoring forces, and is quasi-statically imposed on the structure through
hydraulic actuators. This method has been successfully applied to tests of various structures by Japanese
researchers [2]. As part of the U.S. - Japan Cooperative Earthquake Research Program, extensive
analytical and experimental studies have been carried out at Berkeley to develop this method and to
assess its capabilities and limitations. Some of the major findings are summarized in this paper.

THEORETICAL BACKGROUND

Numerical Formulation. The equations of motion of a discretized structural system can be expressed in
terms of a family of second-order differential equations, which can be numerically solved by a direct
step-by-step integration method for any arbitrary external excitations. This is a well-established numeri-
cal procedure in structural dynamics; and the mass, damping, and stiffness matrices of a discretized sys-
tem can be formulated by the finite element method [3]. In pseudodynamic testing, the dynamic
behavior of a structure is experimentally simulated by using the same numerical approach. However,
instead of obtaining the stiffness matrix by finite element formulation, the restoring forces developed
by structural deformations are directly measured from the test specimen during an experiment.
Because of this, the inelastic dynamic response of a structure can be accurately simulated in a laboratory
without the uncertaintics associated with idealized inelastic mechanical properties of the structure.

Considering the dynamic response of a multiple-degree-of-freedom structure to an excitation of
duration T, which is subdivided into N equal intervals Ay, i.e., At = T/N, we can write the equations
of motion at time (i+1)Ar as

mag+eviat kdyg= fi (n

where m, ¢, and k are the mass, damping, and stiffness matrices of the structure; a,,,, v;+;, and d,,
are the acceleration, velocity, and displacement vectors at (i+1)Ar; and £, is the external force exci-
tation vector. To solve the equations of motion during a pseudodynamic test, we can use an explicit

(1} Junior Specialist, Univ. of California, Berkeley, CA, USA
(1) Assoc. Prof. of Civil Engineering. Univ. of California, Berkeley, CA, USA
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form of the Newmark integration method [4], which assumes that

Y=y + % (g + g.s1) 2)

du=d+ary+ 20 3)

By substituting ;4 in Eq. (1) with Eq. (2), we can solve for g,., in terms of v,, g,, and k d;.;. Since
the product k-d, can be measured as the restoring-force vector r;, in every step of a test, the displace-
ment response d,;, can be readily computed and imposed on a test structure. However, the mass
matrix m and viscous damping ¢ have to be analytically modeled.

Structural ldealizations. During a pseudodynamic test, we have to idealize the test structure as a
discrete-parameter system, of which the mass is concentrated at a limited number of degrees of free-
dom. In doing that, a jumped-mass matrix is usually constructed for the structure. This is exactly
analogous to the discretization and static condensation procedures carried out in most dynamic analyses
[3], in which the higher mode effects of a structure are neglected. The adequacy of a discrete-parameter
model depends on the actual mass distribution of ‘a structure as well as on the characteristics of excita-
tions. In general, discrete-parameter idealizations are adequate for load carrying structures which have
most of their masses located at the selected degrees of freedom [5], such as for building systems having
heavy floor slabs.

Structural damping is most conveniently modeled by a viscous damping mechanism. However,
other forms of energy-dissipation exist in real systems, such as Coulomb damping due to friction and
hysteretic damping caused by inelastic material behavior. Both Coulomb and hysteretic damping
mechanisms are automatically taken into account in pseudodynamic testing by using the actual
restoring-force feedback in numerical computations; whereas, viscous damping coeflicients have to be
analytically speciﬁed. The damping property of an elastic structure can be easily measured by vibration
tests. Based on these measurements, appropriate viscous damping coefficients can be selected for pseu-
dodynamic testing. The damping characteristic can usually be realistically included in pseudodynamic
testing since energy dissipation is eventually dominated by hysteretic damping during inelastic response.
Furthermore, due to strain-rate effects, the inelastic behavior of a structure tested pseudodynamically
may be different from that in an actual seismic response. However, the difference is usually
insignificant for steel structures which generally have fundamental frequencies less than 10 Hz [5].

Numerical Stability and Accuracy. The stability and accuracy of numerical integration are major con-
siderations in the selection of integration time interval At. The Newmark explicit method is stable (i.e.,
solution will not grow without bound for any arbitrary initial conditions) when w A1 < 2, where wy, is
the highest angular frequency of a structure. Frequency distortion is usually observed in a numerical
result. However, it is negligible when wA 1 is small (< 0.5) [S]. Although these properties are based on
linear elastic systems. they are still valid for nonlinear systems by the fact that a nonlinear system can
always be considered as piecewise linear. In addition, the At selected should be sufficiently small so
that the nonlinear behavior of a system can be accurately traced by the discretized displacement incre-
ments. Otherwise, the stability and accuracy of an algorithm can be impaired [5].

EXPERIMENTAL ERROR PROPAGATION

Sources of Experimental Errors. In addition to the previously discussed problems, errors may also be
introduced into pseudodynamic testing by experimental apparatus or improper instrumentation tech-
niques. For example, the numerically computed displacements may not be exactly imposed on a test
structure due to instability or lack of sensitivity of actuator-controller systems, miscalibrations of dis-
placement transducers, or resoiution errors in analog-to-digital (A/D) conversions of displacement con-
trol signais. The restoring forces measured from a test structure may be in error due to electrical noise
or friction in actuator connections. Since the pseudodynamic response at any time depends on
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experimental feedback from all previous steps and there may be hundreds or thousands of time steps in
a single test, the experimental errors will have a significant cumulative effect. Because of this, test
results may be rendered unreliable even though the errors introduced at any step might be small.

Error Propagation Effects. The error-propagation phenomenon in pseudodynamic testing can be
mathematically modeled [6]. It can be shown that numerical results will be more accurate if the com-
puted displacements are used instead of the measured ones in step-by-step computations. Even if this is
done, displacement control errors are still introduced into the numerical computations through the -
resulting force feedback errors. Force feedback errors can have significant effects on experimental
results depending on whether the errors are random or systematic in nature. Systematic errors, which
often result from poor performance of experimental eguipment or improper instrumentation tech-
niques, can induce a significant cumulative error growth due to resonance-like effects. The cumulative
growth of systematic errors within a fixed computational time span cannot be effectively reduced by
decreasing At. Random errors may result from electrical noise or other less well-defined sources. Their
effects are less severe and can be mitigated by reducing Ar. In both cases, the larger wA« is, the faster
will be the rate of cumulative error growth with respect to the number of integration steps. Therefore,
the higher modes of a multiple-degree-of-freedom system will be more sensitive to experimental errors
than the lower modes. To illustrate this fact, analytical simulations were performed with a two-degree-
of-freedom system shown in Fig. la. The exact response of the system to the El Centro ground motion
was dominated by its fundamental frequency (see Fig. 1b). Random and systematic errors were then
introduced into the computations by round-off and truncation, respectively, in the A/D conversions of
displacement control signals. In both cases, the resuiting cumulative errors were dominated by the
second mode frequency (see Figs. 1c and 1d). In the case of systematic errors. the spurious second
mode effect grew very rapidly. To assess error tolerance limits for a test, methods for establishing
cumulative error bounds have been derived [6].

Error Correction Methods. Due to the error-propagation effects, experimental errors should always be
eliminated or reduced to insignifcant levels in any test. This may not be always possible, especially in
systems which have many degrees of freedom. In such systems, even small errors can propagate very
rapidly in the higher modes. Under that circumstance, frequency-proportional numerical damping can
be used to suppress the spurious higher mode effects. This numerical damping property can be intro-
duced into the Newmark explicit algorithm by the following modification of the equilibrium equation
(Eq. (1)):

may +

(1+a) k+ -AEF'm] g = fin +

ag+frz-1r]g, (4)

where a and p are parameters which control the-damping characteristics (see Fig. 2). This method is
applicable to inelastic systems. For example, a two-story shear building with inelastic inter-story force-
deformation relations was numerically simulated. The results in Fig. 3 show that the spurious higher
mode effect introduced by experimental errors was efficiently removed by numerical damping. A
method based on conservation of energy has also been developed to compensate for the energy changes
caused by systematic errors. Detailed discussions of these methods can be found in Reference 6.

VERIFICATION TESTS

A series of pseudodynamic tests were performed with simple one- and two-degree-of-freedom sys-
tems fabricated from steel columns. Tests involving 2000 time steps can be performed in less than 30
min. The results of these tests show good correlations with analytical predictions. Fig. 4x shows the
pseudodynamic response of a two-degree-of-freedom system subjected to the El Centro 1940 (NS)
earthquake excitation with 0.5g peak acceleration. The system had the configuration shown in Fig. la.
It consisted of a 96 in. long, W6x20 steel centilever column which carried two concentrated masses (m,
and m; are 0.0054 and 0.0083 kip in/sec’, respectively) at equal distances along its length. Significant
yielding was developed at the fixed base of the column during the test. The results of this test
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correlated well with an analytical simulation using inelastic beam elements, as shown in Fig. 4b. In addi-
tion, a tubular steel x-braced frame specimen previously tested on a shaking table {7] was repaired and
tested pseudodynamically [8]. The correlations between the two experimental results are briefly dis-
cussed here.

Description of Tubular Frame Tests. The tubular frame specimen was a 5/48 scale planar model of a
representative offshore platform constructed in Southern California. The shaking table test specimen
was subjected to three levels of excitation based on the 1952 Taft (S69E) record. These corresponded
to strength level (0.28g), ductility level (0.58g), and maximum credible (1.228g) events. The recorded
motions of the table in these tests were used as the input for the pseudodynamic tests. Since 99% of the
mass was concentrated at the top of the frame as service loads, the specimen could be considered as a
single-degree-of-freedom system. A 1.5% viscous damping ratio, which was measured from the shaking
table tests. was numerically specifed in the pseudodynamxc tests. The pseudodynamic test setup is
shown in Fig. 5.

Test Results. Due to the fléxibilities of the specimen’s base support and of the table itself, the frame
stiffness measured on the table was 31% lower than that in the pseudodynamic tests. Because of this,
the frame responses in the low level events were very different in the two experiments. However, the
pseudodynamic response of the frame closely matched the analytical result in the elastic range, as
shown in Fig. 6a, except that it had a slightly higher damping effect due to local nonlinearities. Excel-
lent correlations were obtained for the inelastic responses as well. Furthermore, the inelastic seismic
behaviors and the failure modes of the specimens in the two experiments were very similar. In the
maximum credible event, the pseudodynamically tested frame had a deteriorated stiffness nearly ident-
ical to that of the shaking table specimen. Consequently, the two experimental results were almost
identical during that event (see Fig. 6b). These results verify the reliability of the pseudodynamic
method.

SUBSTRUCTURING METHODS

Based on the analytical formulation of the pseudodynamic method, it is possible to apply substruc-
turing techniques to experimental testing, whereby part of a structure is tested pseudodynamically and
the rest of it is modeled analytically. Computer software has been developed to incorporate a mathemat-
ically modeled system into a test specimen; and a mixed implicit-explicit integration method [9] is
adopted to solve the resulting equations of motion. This program is capable of modeling three-
dimensional structural systems. Additional efforts are currently devoted to improve the computational
scheme and to expand modeling capabilities. By the substructuring methods, subassemblages of com-
plete structural systems or equipment mounted in structures can be tested pseudodynamically, and the
effects of soil-structure interaction can be analyticaily modeled and included in the testing as well.

CONCLUSIONS

The studies presented here indicate that the pseudodynamic method is a powerful and versatile
experimental technique. However, as with all testing and analytical methods, users must have a clear
understanding of its limitations and the factors which might influence its accuracy. To avoid severe .
experimental errors, particular attentions should be directed to the selection of appropriate test equip-
ment and to instrumentation techniques. The accuracy of test results also depends on the mechanical
properties of a structure and the numerical techniques used. In spite of that, it is possible to develop
relatively error resistant sysiems using the methods discussed in this paper. In the future, the substruc-
turing concepts should greatly expand the applicability of the method and permit testing of many types
of structures not previously tested.
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 SUMMARY

Estimates of the number of potential casualties and aggregate monetary
losses are vital for selecting the most effective hazard mitigation measures as
well as for post-earthquake disaster response planning. These are also very
important in earthquake insurance. Major factors in these estimates are the
casualty and monetary loss data by class of building construction, the
appropriate building inventories, and the relevant geophysical parameters such
as magnitude, focal depth, and probable recurrance intervals. This paper
presents a summary of some of these major factors which have been applied to a
number of seismic regions. Also summarized are the current advances in these
methodologies. The loss estimation methods are intended for evaluating
hundreds of buildings, or for a city, or for the entire shaken area, The.
algorithms given herein are not a substitute for site-specific investigations.

INTRODUCTION

The term "loss ratlo" as used in this paper is defined as the mean
percentage value of the monetary loss to a particular class of construction in
the event of the maximum probable earthquake for buildings in the viecinity of
the faulting. In California, the maximum probable earthquake is assumed to be
magnitude 8.25 for the purposes of this paper. "Life-safety ratio" is the
equivalent term to "loss ratio™ for casualty estimates. Firm alluvial soil is
assumed for building foundations, except where otherwise microzoned. An
impersonal loss definition is used for monetary losses, namely, losses paid by
the government or insurance company rather than by the owners or occupants. A
parallel term to loss ratio used in earthquake insurance practice is "probable
maximum loss (PML) which is defined in the same manner, except that 90% of the
buildings will have losses not exceeding the PML. Transfer functions between
loss ratio and PML can be easily developed.

Casualty life-safety ratios and monetary loss ratios by class of building
construction along with relevant geophysical parameters constitute two of the
most important inputs for quantifying casualties and monetary losses. These

(I) Consulting Engineer, El1 Cerrito, California, USA
(II) Geophysicist, U.S. Geological Survey, Denver, Colorado, USA
(III) Director, Center for Environmental Design Research, Univ. California,
Berkeley, Calif., USA




170

ratios have commonalities throughout the world wherever similar construction is
found. When these ratios are multiplied by the building inventories or
population at risk, the results are the mean aggregate monetary losses and
casualties,

Effective use of these ratios requires a careful examination of all of the
other input parameters, These major inputs are:

1. A suitable building classification system.

2. Compilation of a bullding inventory and an inventory of population at risk
in and adjacent to the buildings.

3. Selection of appropriate geophysical parameters, such as: magnitude, focal
depth, fault rupture length, and probability of occurrence.

4, Appropriate loss ratios and life-safety ratios which have been carefully
defined for intended uses and which 1nclude the damaging effects of long
period ground motion.

The most costly aspect of applying the loss estimation algorithms is
obtaining suitable inventories of buildings and populations at risk. Normally,
appropriate inventories do not exist, Suitable building inventories must be
divided into construction classes by damage vulnerability and must be
segregated into small areas. It is also necessary to know story height (or an
equivalent parameter for estimating long period effects), age, monetary values,
and population at risk within these structures as a function of time of day.
Provisions for local miecrozonation can be included when the individual areas
are as small as a postal ZIP or census tract. )

Area-specific hazards may also exist, such as hazardous upstream dams and
fire following earthquake conditions. These are usually examined separately
and the results added to those found by the general methodology.

Despite their importance, economics dictates that monetary loss ratios and
casualty life-safety ratios must be developed in the context of cost-effective
inventory methods. The entire process has been computerized using postal ZIPs
for certain uses and census tracts for other uses.

BUILDING CLASSIFICATION SYSTEMS AND INVENTORIES

Excluding region-specific instances such as landslides and dam failures,
life loss and monetary loss come from the failure of man-made structures such
as buildings. It is therefore desirable to obtain building inventories based
on a single classification system which is useable for developing casualty
figures and monetary losses.

Every effort should be made to examine existing inventories for their
applicability. The geographic distribution of buildings in the inventory must
be known; unit areas in the United States may be postal ZIPs, census tracts,
city blocks, political boundaries, or other small areas for which suitable
inventories exist. The inventoried bulldings must also be classed according to
their relative vulnerabilities. Except for dwellings, it is usually incorrect
to substitute cccupancy inventories for construction class inventories. For
example, a mercantile occupancy may be of wood frame construction (minimal
vulnerability), or of non-earthquake-resistive unit masonry (highest
vulnerability), or of anything between. The usual inventory prepared by or for
governmental sources such as tax assessors and land use planners often
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emphasizes occupancy, and therefore these inventories are usually
inappropriate. Property insurance inventories held by private insurance
companies are excellent resources; they are limited by not being commonly
available and not necessarily inecluding all privately owned buildings., Public
buildings are usually not included. Federal, state, and local government
inventories of their structures (owned or leased) are usually inadequate.

Building inventories may be adapted from various existing specialty
inventories such as those prepared for real estate purposes. When suitable
ones are not available as is the common case, field inspections by
knowledgeable persons such as former building officials have been successful.
These inspection may be supplemented (but not suoplanted) by low-altitude air
photography. Very important occupancy types, such as hospitals and fire
stations, often require special inspections. These inspections may include a
brief examination of the construction drawings, but normally do not include a
mathematical analysis by engineers, (While desirable to obtain these dynamic
analyses, costs have been prohibitive when hundreds of major structures have
been involved.) :

Table 1 is a summary description of a practical building classification
system using construction materials. This table is based on experience gained
over the past decade from the preparation of numerous vulnerability studies for
governmental use in the United States. It also follows earthquake insurance
practice. Experience has shown that not all earthquake resistive buildings can
be placed into equivalent Classes 1 through 5, and Class 6 is therefore
provided for these specialty cases. Each study area has regional construction
variants which require minor revisions or interpretations to Table 1. It will
" be noted that Table 1 allows for further subdivision of Class 1C, if desired.
Variants of the classification system are used by the private property
insurance companies and by the California Department of Insurance. Only a
summary desecription of a building classification system is given here, and Ref.
1 should be examined for further information on various-classification systems,

ALTERNATIVE TO EARTHQUAKE INTENSITY

The authors have developed algorithms which minimize the use of intensity
scales., Continued development of data for these algorithms will eventually
bypass the use of intensity scales. In time, this change is expected to
significantly improve the quality of the loss estimates.

The common approach to monetary loss estimates has been to group all kinds
of damage, geologic effects, as well as human reactions into earthquake
intensities, usually Modified Mercalli intensities. These commingled
earthquake effects which include casualties and monetary losses are given as
Ssite or locality intensities. After plotting these intensities on a map,
isoseismal lines are drawn which separate intensity grades. The isoseismal
maps, or intensity-loss curves derived therefrom, can then relate intensity
grades to casualties and/or monetary losses. Using an appropriate building
inventory, the calculation of aggregate losses is readily achieved for any
postulated seismic event using isoseismal maps (Ref. 2 and 3).

There are significant error potentials using these methods since intensity
data on casualties and damage (and thereby monetary loss) are commingled with
other earthquake effects which often are not compatible. There is ne assurance
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that monetary losses and casualties were the principal determinants when the
site or regional intensity was established. The next step in this customary
methodology is the reverse of the foregoing; the generalized intensities shown
on the isoseismal maps are interpreted to obtain casualty and monetary loss
information. Clearly, mixing incompatible data to obtain an intensity and then
reversing the process may be a significant source of interpretational error.

The authors are minimizing this error potential through the use of
distance-loss algorithms whenever the source data permit. Site-specific or
region-specific monetary loss data or damage information is directly used or
interpreted to provide the basis for distance-loss curves, thereby bypassing
the intermediate determination of intensity. This does not presently eliminate
the use of conventional isoseismal maps in the absence of building damage
information. Summarizing, the algorithms are distance-loss relationships
obtained directly from loss experience whenever known; inten31ty information
becomes a secondary source in many situations. :

DISTANCE - LOSS RELATIONSHIPS

Geoohysical Parameters

Figure 1 is a diagrammatiec crossection through the earth showing the model
for the distance-loss relationships. A line source is assumed for the origin
of the seismic energy. The assumed focal depth is that which is common for
earthquakes in the region under study, being 10 km for California.

The earthquake magnitude may be selected an the basis of the most probable
for a given recurrence interval. More often, however, the maximum probable
earthquake is selected by governmental response -planners to be in a "fail safe”
position., It is also not an uncommon position for private financial
organizations to take a similar position. Epicenters are assumed to be located
at the rupture midpoint, and usually located to maximize losses.

The length of the fault rupture along the line source in Figure 1 may be
approximated by using any one of the equations developed by various authorities
(Ref., 4, 5, and 6). The length of rupture approximation may greatly vary,
depending upon the user's choice among the the equations given in the
references. The use of some of these equations may create a problem when
simulating an earthquake on faults such as the San Andreas, San Fernando, or
White Wolf. 1In these cases, the surface traces of past events have been
well-mapped and the earthquake magnitudes are well-known. The rupture
equations in the references may give results which are substantially different
from those observed in past earthquakes. The authors tend to prefer past
experience on the fault under consideration as the basis for estimating future
rupture lengths. Special equations were developed for these cases. Depending
upon the chosen equation, there can be significant differences in the shape and
size of the shaken area. In turn, the aggregate monetary losses and total
number of casualties may vary significantly.

Distance -« Monetarv Loss Curves

Certain aspects of the characteristic shape of the distance-loss curves
shown in Figure 2 require explanation. It has been stated by a number of
careful observers after many American earthquakes that damage near the surface
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trace of the fault was not significantly different from that a few miles away
when the structure was subjected only to ground shaking (and not from faulting
or landsliding). The atlas to the thorough and classic Carnegie report on the
1906 San Francisco earthquake (Ref. 7) is often cited to the contrary, but see
Louderback's observations in Ref. 8, It is also presumed thdt uniform soil
conditions existed beneath all buildings for this uniform intensity. This
observation of uniform damage is consistent with the model shown in Figure 1,
However, one must also examire instrumental records from special instrumental
arrays distributed at right angles to the fault. See, for example, the
Parkfield earthquake of 1966 (Ref. 9) and the Imperial County earthquake of
1979 (Ref. 10). Little damage differential was noted among the few wood frame
dwellings found near the strong motion instruments in the Imperial County
earthquake. Tentatively, the portion of the distance-loss curve marked "A" is
flat and represents observation-- certainly more investigation is necessary
before this can be accepted as final.

The portion of the distance-loss curve marked "B" approaches the threshold
of damage., This threshold varies with the building class as well as the kind
of ground motion. Reported effects often include "imaginary" damage; imaginary
damage is that which the owner/occupant believes to have occurred during the
shock, but in fact it did not occur (or may have only partially occurred). It
is most difficult for other than trained persons tc distinguish between new and
existing cracks; too often, cracks appear to be new to the untrained eye
despite cobwebs or paint within the crack. When using the impersonal loss
definition, the owner/tenant view is normally accepted. On that basis, the
aggregate monetary losses become very inflated from the costs of patching
pre-earthquake cracks and repainting many thousands of houses. The "B" portion
of the curves will therefore vary with the definition of loss.

Long period effects are principally found as damage to high-rise buildings
located at relatively long distances from the fault rupture. Human observation
as well as seismographic records show that the short-period motions in the
energy release region of an earthquake are damped and dispersed quickly,
leaving the longer period motions dominant at large distances. Generally
speaking, the greater the distance, the longer the ground motion period. At
these greater distances, mostly the taller buildings with longer natural
periods are adversely effected. Thus we can see the difficulty of assigning
intensities to the multistory buildings in Anchorage after the 1964 Alaskan
earthquake or after the 1967 Caracas earthquake. In each case, the "collapse
hazard" types of one story buildings survived without damage but high-rise
buildings were damaged (Refs. 11 and 12).

Figure 2 shows a family of characteristic distance-loss curves. Froz left
to right, each curve represents a longer natural period of buildings. Computed
or observed natural periods are not always available, and approximations based
on story height are practical alternatives. Attenuation of seismic energy as a
function of distance is a regional characteristic and therefore separate sets
of curves are required for other seismic environments such as Puget Sound and
eastern United States. Loss ratios at the fault trace for each building class
listed in Table 1 are given in Table 2. Space does not allow a full
presentation of the distance-loss algorithms, including consideration feor long
period effects.
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Casualty Life-Safety Ratio

Life-safety ratio is used to estimate the number of deaths and injuries to
persons within or adjacent to buildings. Its principal use to date has been to
establish priorities for the strengthening or reconstruction of State of
California buildings (Ref. 13). Its use can be expanded to follow the methods
for distance-monetary loss curves discussed above.

For Table 3, the life-safety ratio is defined as the number of fatalities
per 10,000 building occupants in the heaviest shaken areas of a great
earthquake, being magnitude 8.25 in California. In Table 3, "large areas"
implies auditoriums and other high occupancy loads.
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TABLE 3
LIFE SAFETY RATIOS
Life Safety Ratios

Earthquake Non-EQ
Resistive Resistive
Class Summary Descriotion of Buildine Class Buildines Buildinges

1A 1 to 4 family wood frame dwellings 2 y
1B Mobile homes 2 b
1C Large wood frame 5 10
27 All-metal -- small 2 4
2B All-metal -- large 8 15
3A Steel frame, superior -- small area 5 10
' -- large area 25 50

3AB Steel frame, intermediate -- small area 10 25
-- large area - 1500

3B Steel frame, ordinary -- small area 15 40
~-- large area - 1500

3C Steel frame, other -- small area 25 50
-- large area L e "~ 1500

Non-ductile  Ductile
. - Concrete Concrete

uA Reinf. cone., superior ~- small area 50 25 100
' -~ large area 75 50 200

UAB  Reinf. conc., intermediate -- small area 200 50 500
-~ large area 1000 200 2500

4B Reinf. conc., ordinary -- small area 300 75 1000
" == large area 1000 200 2500

uc Reinf. conc., precast 500 - 75 1500
4p Reinf. conc., other 800 100 2000
5A Mixed construction -~ small, such as dwellings 10 200
-= superior tilt-up 15 800

-=- ordinary tilt-up . 20 1000

-- other 40 2000

58 Mixed constr., unreinforced masonry | - 4000
5C Mixed constr., adobe, hollow tile - 5000

Maximum loss ratio

T for building class
:1 ~N (from Table 2)
2 2
< r A Fach curve is for a different
- building period. Period
g § values increase from left
23 - to right.
@ Line source 0 B
0 Distance from fault

FIGURE 1 FIGURE 2
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TABLE 1
SIMPLE IDENTIFICATION OF BUILDING CONSTRUCTION CLASSIFICATIONS
Building Story
Construct. Height
Class Summary Deseripntion Limit Ma jor Special Conditions
Wood Frame

1A 1 to 4 family dwellings
1B Mobile homes

Any height and area

1C Other habitational 2

1C Small non-habitational 3 Non-dwellings to 3,000 sqg.ft.

1C Wood frame -- other - Any height and area
All-Metal

24 Small 1 Up to 20,000 sq. ft. area

2B Large - Any height and area
Steel Frame )

34 Superior#®# - EQ resistive with damage control

3B Ordinary - Poured R/C floors and roof*®

3C Other - Wood, metal, or precast R/C floors
Reinforced Concrete

4A Superior*## - Superior EQ resistive with D/C%#

4B Ordinary - Poured R/C floors and roof**

uc Precast, incl, 1ift slabs - Structural precast R/C, lift slabs

4D Other - Wood or metal floors and roof

Mixed Construction .

SA Reinforced concrete walls*®# . Superior earthquake resistive

58 Non~reinforced walls® - Ordinary non-EQ resistive#

5C Non-reinforced walls - Hollow masonry, adobe, tile

) Special EQ resistive®®® - Special design for D/C

¥Excluding hollow tile, hollow concrete block, hollow masonry, and adobe.
#%2Roof may be of any material if building is over 3 stories.

¥#¥Engineering review of existing inventories is recommended.

Abbreviations: EQ - earthquake; D/C - damage control; R/C - reinforced concrete

TABLE 2
MONETARY LOSS RATIOS
Class Loss Ratio4 Class Loss Ratio%
1A 8 4a ' 15
1B 10 uB 22.5
1C 9 y4C 32.5
24 7 4p 30
2B 9 54 20.
3A 12.5 5B 100
3B 15 sC . 100

2C 20 6 varies
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EARTHQUAKE RESPONSE OF BUILDINGS ON WINKLER FOUNDATION
ALLOWED TO UPLIFT

Solomon C. S. Yim (I)
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Presenting Author: Solomon C. S. Yim

SUMMARY

The effects of transient foundation uplift on the earthquake response
of flexible structures attached to a rigid foundation mat supported on
Winkler foundation with spring~damper elements distributed over the entire
width of the mat are investigated. Based on the response spectra pre-
sented, the effects of foundation-mat uplift on the maximum response of
structures are identified, and the accuracy of an equivalent two spring-
damper-element foundation system are explored.

INTRODUCTION

The earthquake induced lateral forces on a structure, computed by
dynamic analysis under the assumption that the foundation and soil are
firmly bonded, will often produce a base overturning moment that exceeds
the available overturning resistance due to gravity loads. The computed
overload implies that a portion of the foundation mat or some of the
individual column footings, as the case may be, would intermittently up-
lift during an earthquake. The effects of foundation uplift on the earth-
quake response of flexible structures have been investigated in recent
analytical studies (Ref. 1-3). Whereas the flexibility and damping of the
supporting soil were not incorporated in Refs. 1 and 2, they were modeled
by two spring-~damper elements, one at each edge of the foundation mat, in
the most recent work (Ref. 3). Because the Winkler foundation model leads
to considerable complication in the analysis, an equivalent two—-element
supporting system was developed based on the dynamics of rigid blocks
(Ref. 3). Without resorting to this approximation in modeling the
foundation, this paper aims to develop a better understanding of the
effects of transient foundation uplift on building response. It is based

on a report (Ref. 4) prepared under a research grant from the National
Science Foundation.

SYSTEM CONSIDERED

The structural system considered, is a linear structure of mass m,
lateral stiffness k and lateral damping ¢, which is supported through the

(1) Assistant Research Engineer, University of California, Berkeley,
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- (II) Professor of Civil Engineering, University of California, Berkeley,
California, USA
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foundation mat of mass m, resting on a Winkler foundation, with spring-
damper elements distributed over the entire width of the foundation mat,
connected to the base which is assumed to be rigid (Fig. 1). If the
dampers are absent in the Winkler foundation, the relation between the
displacement and reaction force per unit width of the foundation mat is
shown in Fig. 2a. The relation between the static moment M applied at
the c.g and the resulting foundation-mat rotation 8, is shown in Fig. 2b
where p is a static force acting in the downward direction at its center
of gravity. If the mat is not bonded to the supporting elements the M-
relation is linear, implying constant rotational stiffness, until one
edge of the foundation mat uplifts from the supporting elements; there-
after the rotational stiffness decreases monotonically with increasing 6,
which implies an expanding foundation-mat width over which uplift occurs.
Uplift is initiated when the rotation reaches 8y = p/2kyb2 with the
corresponding moment M;; = pb/3. The M-8 curve asymptotically approaches
the critical moment, M, = pb, corresponding to the physically unrealizable
condition of uplift of the entire foundation mat from the supporting
elements except for one edge. The downward force is p = (m + mg)g, the
combined weight of the superstructure and foundation mat, prior to any
dynamic excitation, but would vary with time during vibration.

Next consider the entire structural system with a gradually
increasing force fg applied at the lumped mass m in the lateral directionm.
If the foundation mat is bonded to the supporting elements, which along
with the structure have linear properties, the lateral force can increase
without 1limit if the overturning effects of gravity forces are neglected.
However, if the mat is not bonded to the supporting elements, one edge of
the foundation mat is at incipient uplift when the lateral force reaches
fogy = (m + mo)gb/Bh. Thus the corresponding base shear at incipient up-
1ift under the action of static force is

= -8
Vu - (m + mo)g 3h (la)

The structural deformation u, associated with this base shear and the
foundation-mat rotation 6, at incipient uplift are

(m+mo)g b (m+mo)g
u = ~—~*i?-—~—'§ﬁ; 8 = — 5 (1)
u u 2k b

" As the lateral force continues to increase beyond fg,, the foundation
mat separates over increasing width from its supporting elements. The
lateral force fg. = (m + m,)gb/h corresponds to the physically unrealiz-
able condition of uplift of the entire foundation mat from the supporting
elements except for one edge. Thus the limiting value for base shear
under the action of static forces is

Vc = (m + mo)g% (1c)
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The structural deformation due to this base shear is

(m+m)g
=____ 97D
uc K h (ld)

EQUATIONS OF MOTION

The differential equations governing the small-amplitude motion of
the system of Fig. 1 due to horizontal ground acceleration @ (t) can be
expressed as g

mi + m(h8) + cu + ku = - miig(t) + 3@-{—39-)-(-2; + g) (2a)
2
mb 3 2
(o} . . 3 b . 2 b e
3h2 (h8) - cu + (1 + el)cW th (he) + (1 - el)gzcW 55 v
] - ku + (1 + D)k -—13—3—(he)+(1—€2)kb—2- =0 (2b)
u 1 w3h2 182WZhV
2

v . 2 b °
(m + mo)v + (1 + z-:l)cwbv + (1 - el)ezcw e (he)

2
2 b
+ (1 + El)kwbv + (1 - El)EZkW TS (he) = -~ (m + mo)g (2¢)

where contact coefficient €, is equal to unity during full contact but
depends continuously on foufidation-mat rotation 8 and vertical displace-
ment v during partial uplift as follows:

1 contact at both edges
E:1 = €2v/be left or right edge (3a)
uplifted

and contact coefficient €, depends on whether one or both edges of the
foundation mat are in con%act with the supporting elements:
/

-1 left edge uplifted
€, T 0 contact at both edges (3b)
1 right edge uplifted

The vertical displacements at the edges of the foundation mat,
measured from the initial unstressed position, are
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v, =V + bo(t) i=1,r (4a)

Because the Winkler foundation cannot extend above its initial unstressed

position an edge of the foundation mat would uplift at the time instant
when

vi(t) >0 i=1,r (4b)

The equations of motion for the system of Fig. 1 are nonlinear as
indicated by the dependence of the coefficients €, and €, on whether the
foundation mat is in full or partial contact with the suPporting system;
and on the contact width.

EQUIVALENT TWO-ELEMENT FOUNDATION SYSTEM

The solution of the nonlinear equations of motion is complicated by
the fact that after 1lift off these equations depend continuously on the
varying degree of contact between the mat and its supporting elements.
In contrast, the equations of motion are relatively simple for a system
with foundation mat resting on two spring-damper elements, one at each
edge of the foundation mat. In the latter case, the nonlinear equations
of motion depend on three discrete contact conditions -~ both edges of
foundation mat are in contact with supporting elements, the left edge is
uplifted, or the right edge is uplifted ~- but for each contact condition
the governing equations are linear. Because of the relative simplicity
of the two-element supporting system, it is of interest to define its
properties in such a way that it can model the more complicated Winkler
foundation.

The equations of motion for the idealized one-story structure sup-
ported through a foundation mat resting on a Winkler foundation were
presented in the preceding section and those for a two-element foundation
in Chapter 2 of Ref. 4. If the foundation mat is bonded to the supporting
elements the equations of motion for the structure supported on Winkler
foundation are identical to those for the same structure on a two-element
foundation with the following properties: kf = bkw, c,. = bcw and half
base-width = b/Y 3. This two-element foundation is exactly equivalent
to the Winkler foundation if uplift is not permitted.

If the mat is not bonded to the supporting elements, the relation
between the static moment M applied at the c.g and the resulting
foundation-mat rotation is shown in Fig. 3 for the two systems. The M-0
relation is linear w1th the same rotational stiffness for the two systems
until 6 reaches G = p/2kyb2 when one edge of the foundation mat on
Winkler foundation is at incipient uplift. For larger rotation angles
the M-8 relation for the two systems are different. The constant
rotational stiffness implied by the linear M-8 relation continues to
apply for the equivalent two-element supporting system until 8 reaches
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Gu/§ when one edge of the foundation mat uplifts from one of the supporting
elements; thereafter no additional moment can be developed. On the other hand
the M-8 relation for the Winkler supporting system is nonlinear for 6 > 6,
with the rotational stiffness decreasing monotonically with increasing 8. The
M-8 curve asymptotically approaches the critical moment M¢ = pb. Whereas the
equivalent two-element supporting system is an exact representation of the
Winkler foundation system for rotation angles 8 < 8y, it is only an approxima-
tion if the ground motion is intense enough to cause significant uplift. The
accuracy of this approximation is explored by comparing the earthquake response
of structures supported on the two foundations.

PRESENTATION AND DISCUSSION OF RESULTS

The response of a structural system to the north-south component of the
El Centro, 1940 ground motion, computed by the special numerical procedures
developed for the solution of the equationsof motion (Ref. 4), is presented in
Fig. 4. During the initial phase of the ground shaking, the foundation mat
remains in contact with the supporting elements over its entire width. As the
ground motion intensity builds up, the two edges of the foundation mat alter-
nately uplift in a vibration cycle, including partial separation of the mat
from the supporting elements. In this example the foundation mat uplifts over
a significant portion of its width in every vibration cycle during the strong
phase of ground shaking, with the duration of uplift depending on the amplitudes
of foundation-mat rotation. As the intensity of ground motion decays toward
the later phase of the earthquake, the foundation-mat uplift becomes neglig-
ible and full contact is maintained for long durations.

The base shear coefficient V. = Vma /w, where Vmax 1s the maximum
base shear, and w is the weight of the superstructure, is plotted as a
function of the natural vibration period of the corresponding rigidly support-
ed structure. Also presented are the results for the corresponding rigidly
supported structure not allowed to uplift, which is simply the standard pseudo—
acceleration response spectrum, normalized with respect to gravitational
acceleration. Included in the response spectra plots is V,;, the base shear
coefficient associated with the value of base shear, V;, at which uplift of an
edge of the foundation mat is initiated (Equation la): Vy = V,/w. Also
included is V., the critical base shear coefficient associated with the static
asymptotic base shear, V. (Equation 1d) which corresponds to the uplift of the
_foundation mat from its supporting springs over the entire width, i.e., the
foundation mat is standing on its edge: V. = Vo/w. These base shear coeffi-
cients depend on the mass ratio my/m and slenderness-ratio parameter h/b, but
are independent of the vibration period T. The differences between the
response spectra for the two linear systems, the structure with foundation mat
bonded to the supporting elements and the corresponding rigidly supported
structure, are due to the change in period and damping resulting from support
flexibility (Ref. 4). The base shear developed in structures with relatively
long vibration periods is below the static value at incipient uplift and
throughout the earthquake the foundation mat remains in contact over its
entire width with the supporting elements. If foundation mat uplift is pre-
vented, the maximum base shear at some vibration periods may exceed the
incipient-uplift value. For the selected system parameters and ground motiom,
Fig. 5 indicates that this occurs for all vibration periods shorter than the
period where the linear spectrum first attains the incipient-uplift value.
If the foundation mat of such a structure rests on the Winkler spring-damper
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elements only through gravity and is not bonded to these elements, partial
separation occurs and this has the effect of reducing the base shear. However,
the base shear exceeds the value at incipient-uplift because even under static
forces the base moment, and hence base shear, continue to increase considerably
beyond this wvalue (Fig. 2b). Furthermore the base shear is not reduced to as
low as the critical value based on static considerations. Although this
asymptotic value can never be exceeded under static forces, depending on the
state -- displacement, velocity and acceleration -- of the system, the deform-
ation and base shear may exceed the critical values during dynamic respouse,

as seen in Fig. 5. Because the base shear developed in linear structures
(foundation-mat uplift prevented) tends to exceed the incipient-uplift value
by increasing margins as the vibration period decreases, the foundation mat of
a shorter-period structure has a greater tendency to uplift over a greater
portion of its width, which in turn results in the incipient-uplift base

shear being exceeded by a greater margim although it remains well below the
linear response. '

Also shown in Fig. 5 is the response spectrum for the equivalent two-
element system defined earlier. This response spectrum is identical to that
for the Winkler system for the relatively long periods because the base shear
developed is below the incipient-uplift value and the foundation mat does not
uplift from its supporting elements and for this condition the two-element
supporting system is exactly equivalent to the Winkler supporting system.
Uplift occurs for any structure if the corresponding ordinate of the linear
response spectrum exceeds the static base shear coefficient at incipient
uplift, which is 1/3a for a Winkler system and 1//3a for the equivalent two-
element system. Because the base shear developed in linear structures tends
to increase as the vibration period decreases, uplift in a Winkler system is
initiated at a longer period compared to the two-element system. However,
because the uplift is limited in extent and duration in the range of periods
bounded on the low side by the period at which uplift is initiated in a two-
element system and on the high side by the period at which uplift .is initiated
in a Winkler system, the difference between the response spectra for the two
systems is small in this period range. ¥For shorter vibration periods outside
this range the equivalent two-element system consistently underestimates the
maximum response because, as shown in Fig. 3, the equivalent two-element
system does not adequately represent the moment-rotation relation for larger
rotation angles. Overall, the equivalent two-element system is successful in
displaying the main effects of foundation uplift on maximum structural re-
sponse, and it provides results that are reasonably close to those for a
Winkler system over a wide range of vibration periods, excluding the very
short periods.
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IMPLICATIONS OF DAMAGES TO THE IMPERIAL COUNTY SERVICES
BUILDING FCR EARTHQUAKE-RESISTANT DESIGN

Christos A. Zeris (I)
Rodrigo Altmann (II)
Presenting Author:Christos A. Zeris

SUMMARY

The Imperial County Services Building located in El1 Centro, California
was severely damaged during the 6.6 Richter magnitude Imperial Valley earth-
quake of October 15, 1979, Considerable information was recovered from six-
teen accelerographs located in and near the building providing a unique oppor-
tunity for evaluating the reliability of present methods for predicting the
seismic response of this type of buildings as well as for assessing the sound-
ness of modern code seismic provisions. Correlation studies conducted for
this purpose are briefly presented and the main results obtained are examined.

INTRODUCTION

The Imperial County Services Building (ICSB) was a modern six story,
reinforced concrete office structure severely damaged during the 1979 Imperial
Valley earthquake. The severity of the damage and the availability of reli-
able acceleration response records (Ref.1) motivated researchers at the
University of California, Berkeley to initiate a comprehensive program of
field, laboratory experimental and analytical investigations. The main objec-
tives of this paper are to report some of the results of this investigation
related to an assessement of (a) the reliability of analytical means for
predicting the response of this type of buildings, (b) the suitability of the
particular system used in resisting motions similar to those recorded and (c¢)
the adequacy of the seismic provisions used in the design, as well as those of
present codes, In order to achieve these objectives different stuctural
models are analyzed with a linear analysis program and the results are com-
pared to those obtained from the recorded accelerations.

DESCRIPTION OF THE BUILDING AND STRUCTURAL RESPONSE

The ICSB was rectangular in plan, having five bays in the East-West (EW)
and three bays in the North=South (NS) direction (Fig.1,14). It was designed
according to the Uniform Building Code (UBC) 1967. The lateral force resisting
system consisted of moment resisting frames in the EW direction and shear
walls in the NS direction. A characteristic feature of this structure was
that the shear walls provided at the East and West ends (over the full width)
were discontinued; lateral resistance in the ground story was provided by four
narrover walls (Fig.2, Ref.2). For the design a base shear coefficient (C) of
0.059 was used in conjunction with three K factors: 1.33 for the NS shear wall
system, 1.00 for the EW exterior frames (non-ductile) and 0.67 for the EW
interior frames (ductile). Other important features were the use of deep

(I) Research Assistant, University of California, Berkeley
(I1) Structural Engineer,San Jose,Costa Rica
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"nonstructural" reinforced concrete panels above the beams on the N and S
facades and the bar offset detailing in the ground story columns (Fig.5). The
building was founded on pile groups.

Primary damages to the structure consisted of: (a) spalling of the cover
(with buckling of the longitudinal reinforcement also observed) above the base
of most ground story columns, accentuated at those in line G. The crushing of
these regions 1led to shortening of these columns by one foot (Fig.4,9). (b)
Formation of yield lines along the width of the building at 1lines F and G
(Fig.1) due to the G column shortening. (c) Flexural cracking of the exterior
beams mainly in the lower floors. (d) Non-structural damage with separation
of the nonstructural elements from the structure especially near lines F and
G. (e) Diagonal and horizontal cracking of the walls at ground 1level, those
at frames F and E being more heavily damaged than at B and D (Fig.1).

The building was instrumented with thirteen accelerometers (Fig.2), with
an additional triaxial recorder 300' away to monitor the free field response;
four instruments located at ground level were used to deduce two translational
and a torsional component of input motion. The peak ground acceleration was
0.32g. However one special characteristic of the record was a 0.23g pulse of
more than one second duration (Fig.3), influencing significantly the building
response.

EXPERIMENTAL AND ANALYTICAL INVESTIGATIONS

Tests performed on steel and concrete samples removed from the building
revealed that materials (particularly the concrete) were stronger than nomi-
nally specified (Table 1 and Ref.3). Based on the measured material mechani-
cal characteristics, realistic member nonlinear characteristics and capacities
were determined. Cracked flexural beam stiffnesses were  about 50% of the
gross section stiffnesses. However, in the case of the exterior beams, the
cracked flexural stiffness was doubled if the contribution of the nonstruc-
tural elements was included; consideration also of the slab reinforcement
increased significantly the beam flexural capacities (Fig.6). Motivated by
the localized damage of the ground columns above the recess (Fig.4,5,9), the
effect of detailing on the flexural characteristics of the columns were
estimated (Ref.4) - namely the reductions in confinement (Fig.7) and in load
bearing capacity of the offset reinforcing bar due to buckling (Fig. 7,8).

Three dimensional models of the ICSB were formulated and analyzed elasti-
cally using ETABS (Ref.5), extended so that two translational and one tor-
sionzl components of earthquake could be prescribed independently. Two addi-
tional stories were added to the models to account for the rocking of the
building., Beam,column and panel elements were used. An inherent assumption
of the program is the use of in plane rigid diaphragms. However analysis
(Ref.6) of the building using flexible floors showed that as a result of this
simplification the dynamic characteristies of the model significantly differed
from those determined by the ambient vibration tests, It is believed that
this assumption is acceptable for the small amplitude phase of the motion, for
which the elastic analysis is valid.

By comparing (a) the model periods of vibration to the ambient test
results before the earthquake (Ref.7) and (b) the predicted and recorded
responses, the reliability of the model was evaluated. The sensitivity of the
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response to the modeling assumptions of using gross versus cracked member pro-
perties, true versus nominal strengths of the materials and including the
effects of the nonstructural elements was investigated (Table 2,Ref.#4). The
variability observed is typical of moment resisting frames (Ref.8). From this
analysis it was concluded that the most reliable model was the one based on
the use of the cracked flexural properties for the elements and included the
contribution of the deep nonstructural beams (Model 3, Table 2); the periods
for the first three modes correlate well to those obtained by inspection of
the records (Ref.1,9) or by frequency domain analysis of the response
(Ref.10), but do not correlate well to those obtained from ambient tests;
small amplitude ambient tests may overestimate the stiffness of concrete
structures relative to their resistance after cracking. The model (No 3, Table
2) was analyzed separately for two different combinations of site recorded
ground motions: (a) the two translational and the rotational component applied
simultaneously and (b) the EW translational component, to evaluate the signi-
ficance of the NS and torsional components (Ref.4).

As illustrated in Fig.(10), the correlation of the:' recorded and the
predicted displacements is satisfactory until 6.20 seconds, with minor devia=-
tions until the 6.90 sec., when a change in the recorded response is observed;
subsequent peaks exceed the elastically predicted ones by a factor of two. By
comparing the true member capacities with the predicted demands the sequence
of failure is estimated to be: (a) separation of the "nonstructural"” elements
from the frames around 6.0 seconds and subsequent yielding of the exterior
beams in bending at the second and third floor at 6.40 seconds (Fig.10). (b)
Probable yielding of the interior second floor beams, between 6.40 and 6.90
seconds. (c) Yielding of the ground level columns at their base (Fig.12) and
subsequent large displacements above the second story.

CONCLUSIONS AND RECOMMENDATIONS

From the results of the studies conducted on the ICSB the following con-
clusions can be drawn, regarding the building's response during the earthquake
and its compliance to codes:

The concrete strengths obtained from the tests were considerably higher
than the specified especially for the 1lower strength concrete. The only
exception being the concrete at the ground level columns on line G which was
significantly weaker than the other columns' concrete. (Table 1,Ref.3,11).

The design calculations were checked and found 1in essential agreement
with the the UBC 1967 used in design (Ref.3). The detailing of the building
was consistent with the system adopted; some additional details were imple-
mented in design to provide limited ductility in the outer frames. Design
details not in accordance with present UBC (1982) requirements were: (a) the
use of non-uniform tie distribution with spacing larger than code requirements
at the ground story columns supporting discontinuous walls, (b) the use of
non-=ductile perimeter frames in moment-resisting frame systems, {(c¢) the amount
of vertical reinforcement used in the end walls above the second story is
smaller than the required minimum and (d) reduced ultimate moment capacities
were used to estimate maximum shear demands in flexural members.

Although the analysis showed that recorded grouhd motions exceeded those
for which the building was designed to remain elastic, most of the damage was
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a consequence of poor conceptual design, the main drawbacks being:

(a) The character of the ground motion was such that all ground columns
yielded irrespective of applied axial force, in EW response. However, post-
yield behavior for the corner columns in particular was adversely affected by
the wall discontinuity which introduced high compressive axial forces due to
the overturning of the supported walls in the NS direction. This simultaneous
action demanded from these columns a ductility they could not provide due to
the poor detailing.

(t) Specifying offset reinforcement and a reduced confinement in the
columns at ground level (Fig.5), reduced their deformability under maximum
axial strength considerably. The observed 1localized damage at the ground
story was further enhanced by: (1) significant strengthening of the second
floor beams not accounted in code design, accentuated by the presence of the
heavily reinforced slab; (2) the presence of the concrete ground slab between
lines 2 and 3 (Fig.?1) at ground 1level restraining the columns above the
analytically assumed column bases reducing their effective clear height. On
the whole, the high rigidity of the structure above the second story due to
the presence of the deep nonstructural girders, and the absence of EW shear
walls at ground level tended to concentrate the lateral displacements at the
ground story enhancing the behavior of a soft story structure, a system that
has proved inadequate in similar near-field earthquakes (Ref.12).

(¢) The absence of a shear wall at ground floor in G in the NS direction
resulted in the one foot shortening of the East end and the formation of a
yield line mechanism at F and G (Fig.1). As determined analytically, the VWest
end columns (B, Fig.1) were equally heavily loaded axially as the columns at
G; however, one of the reasons they did not suffer the extensive damage of the
latter was because of the presence of the wall in the center span of bay B.

(d) The analysis revealed a prominent contribution of torsion, which due
to the structural layout was coupled to the NS translational response. This
torsional motion, together with the imposed rotational component of the ground
motion induced in the East end ground walls higher shear forces than those at
the West end (Fig.12), as well as significant biaxial bending to all four
corner columns, reducing even further their resistance.

(e) The presence of the nonstructural elements affected the dynamic
characteristics and the performance of the EW system. Analytical studies
showed that the lateral stiffness and therefore the periods of the building
were very sensitive to the interaction of the frames with these elements.
From correlations of displacement and force time histories, the nonstructural
elements were believed to significantly contribute up to about 6.0 seconds,
when their connections with the structure weakened considerably.

Based on the observed performance of the building, and the analytically
predicted response the following are recommended:

1) The use of non-continuous shear walls supported on columns, especially
for columns positioned at the edges of the structure should be discouraged.
If this particular system is used, well-confined columns especially by closely
spaced spiral reinforcement should be employed, to ensure ductile behavior,

2) Stringer detailing requirements and rational design of perimeter
members should be implemented, accounting for all factors such as material
overstrength, boundary condition restraints and biaxial bending.

3) In column design the effects of all components of the ground motion
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acting simultaneously should be taken into account.

4) More severe restrictions on the detailing and careful field inspection
during construction of reinforcement offsets and similar details are
encouraged.

5) The use of structural systems consisting of frames with different
ability of ductile deformation, acting in the same direction of lateral resis-
tance should be discouraged. As was observed in this particular case, since
the response of the building required all EW frames to displace equally, the
exterior semiductile and stiffer frames had to supply more ductility than the
interior ductile frames; this additional ductility they were unable to pro-
vide, leading to the system's overall nonductile failure observed.
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TABLE 1. ICSB Concrete Test Results
‘ Measured f,,psi
Specified Nominal f£,,psi Location
at 28 Days | after EQ
3000 Tie Beams, Ground Slab - 8820
4000 Beams, Joists 4656 5950
All columns 7020
5000 5695
G Line, Ground Level 5630
TABLE 2. Sensitivity of Model Periods
Case Properties Material Non Str. Columns Periods,sec.
EwW NS Rot.
1 Gross Section 100% Nominal Yes Elastic 0.66 0.39 0.33
2 Gross Section 70% Nominal No Elastic 0.88 0.40 0.32
3 Gross Section 70% Nominal No Pinned 0.99 0.46 0.38
4 Cracked Section True Yes Elastic 0.94 0.44 0.37
5 Cracked Section True Yes (Wall) Elastic 0.83 0.44 0.36
6 Cracked Section True No Pinned 1.16 0.45 0.39
7 Cracked Section True Yes (Wall) Pinned 0.78 0.48 0.37
8 Averaged Average Yes (Wall) Elastic 0.72 0.44 0.36
Ambient(Ref.6)
9 Pre Earthquake 0.65 0.45 0.36
Post Earthquake 0.83 0.52 -
10 Observed (Ref.1,9) 1.00 0.50 -
i )
: i Section A A

Acceleration, % g

Fig
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(PB 187 886)A06

“Numerical Solution of Boundary Value Problems in Structural Mechanics by Reduction to an Initial Value

' Formulation,” by N. Distefano and J. Schujman - 1969 (PB 187 942)A02

“Dynamic Programming and the Solution of the Biharmonic Equation,” by N. Distefano - 1969 (PB 187 941)a03
“Stochastic Analysis of Offshore Tower Structures,"by A.K. Malhotra and J. Penzien - 1969 (PB 187 903)a09
"Rock Motion Accelerograms for High Magnitude Earthquakes," by H.B. Seed and I.M. Idriss - 1969 (PB 187 940)A02

"Structural Dynamics Testing Facilities at the University of California, Berkeley,” by R.M. Stephen,
J.G. Bouwkamp, R.W. Clough and J. Penzien -1969 (PB 189 111)a04

"Seismic Respongse of Soil Deposits Underlain by Sloping Rock Boundaries,™ by H. Dezfulian and H.B. Seed
1969 (PB 189 114)A03

"Dynamic Strxess Analysis of Axisymmetric Structures Under Arbitrary Loading,” by S. Ghosh and E.L. Wilson
1969 (PB 189 026)Al0

"Seismic Behavior of Multistory Frames Designed by Different Philosophies,"™ by J.C. Anderson and
V. V. Bertero - 1969 (PB 190 662)Al0

"Stiffness Degradation of Reinforcing Concrete Members Subjected to Cyclic Flexural Moments," by
V.V. Bertero, B. Bresler and H. Ming Liao - 1969 (PB 202 942)A07

"Response of Non-Uniform Soil Deposits to Travelling Seismic Waves," by H. Dezfulian and H.B. Seed - 1969
{(PB 191 023)A03

"Damping Capacity of a Model Steel Structure," by D. Rea, R.W. Clough and J.G. Bouwkamp - 1969 (PB 190 663)A06

"Influence of Local Soil Conditions on Building Damage Potential during Earthquakes," by H.B. Seed and
I.M. Idriss - 1969 (PB 191 036)A03

"The Behavior of Sands Under Seismic Loading Conditions,"” by M.L. Silver and H.B. Seed - 1969 (AD 714 982)A07

"Earthquake Response of Gravity Dams,” by A.K. Chopra ~ 1970 (AD 709 640)A03

"Relationships between Soil Conditions and Building Damage in the Caracas Earthquake of July 29, 1967," by
H.B. Seed, I.M. Idriss and H. Dezfulian - 1970 (PB 195 762)A0S5

"Cyclic loading of Full Size Steel Connections," by E.P. Popov and R.M. Stephen - 1970 (PB 213 545)A04
"Seismic Analysis of the Charaima Building, Caraballeda, Venezuela," by Subcommittee of the SEAONC Research

Committee: V.V. Bertero, P.F. Fratessa, S.A. Mahin, J.H. Sexton, A.C. Scordelis, E.L. Wilson, L.A. Wyllie,
H.B. Seed and J. Penzien, Chairman - 1970 (PB 201 455)A06
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"A Computer Program for Earthquake Analysis of Dams," by A.K. Chopra and P. Chakrabarti - 1970 (AD 723 994)A05

“The Propagation of Love Waves Across Non~Horizontally Layered Structures,"” by J. Lysmer and L.A. Drake
1970 (PB 197 896)A03

"Influence of Base Rock Characteristics on Ground Response,” by J. Lysmer, H.B. Seed and P.B. Schnabel
1970 (PB 197 897)A03

"Applicability of Laboratory Test Procedures for Measuring Soil Liquefaction Characteristics under Cyclic
Loading,” by H.B. Seed and W.H. Peacock ~ 1970 (PB 198 016)A03

"A Simplified Procedure for Evaluating Soil Liquefaction Potential,” by H.B. Seed and I.M. Idriss - 1970
(PB 198 009)A03

“Soil Moduli and Damping Factors for Dynamic Response Analysis,” by H.B. Seed and I.M. Idriss -1970
(PB 197 869)A03

“"Koyna Earthquake of December 11, 1967 and the Performance of Koyna Dam,” bﬁ A.K. Chopra and P. Chakrabarti
1971 (AD 731 496)A06

“Preliminary In-Situ Measurements of Anelastic Absorption in Soils Using a Prototype Earthquake Simulator,”
by R.D. Borcherdt and P.W. Rodgers =~ 1971 (PB 201 454)A03

"Static and Dynamic Analysis of Inelastic Frame Structures,"” by F.L. Porter and G.H. Powell - 1971
(PB 210 135)A06

"Research Needs in Limit Design of Reinforced Concrete Structures," by V.V. Bertero - 1971 (PB 202 943)A04

“Dynamic Behavior of a High~-Rise Diagonally Braced Steél Building,"” by D. Rea, A.A. Shah and 5.G. Bouwauwp
1971 (PB 203 584)A06

"Dynamic Stress Analysis of Porous Elastic Solids Saturated with Compressible Fluids," by J. Ghaboussi and
E. L. Wilson - 1971 (PB 211 396)Aa06

" "Inelastic Behavior of Steel Beam-to-Column Subassemblages,"” by H. Krawinkler, V.V. Berterc and E.P. Popov

1971 (PB 211 335)Al4

"Modification of Seismograph Records for Effects of Local Soil Conditions," by P. Schnabel, H.B. Seed and
J. Lysmer - 1971 (PB 214 450)A03

"Static and Earthquake Analysis of Three Dimensional Frame and Shear Wall Buildings,"” by E.L. Wilson and

H.H. Dovey - 1972 (PB 212 904)A05

"Accelerations in Rock for Earthquakes in the Western United Statés." by P.B. Schnabel and H.B. Seed - 1972
(PB 213 100)A03

“Elastic-Plastic Earthquake Response of Soil-Building Systems," by T. Minami -1972 (PB 214 868)A08

“Stochastic Inelastic Response of Offshore Towers to btrong Motion Earthquakes,” by M.K. Kaul - - 1972
(PB 215 713)A0S

"Cyclic Behavior of Three Re:.nforced Concrete Flexural Members with High Shear," by E.P. Popov, V.V. Bertero
and H. Krawinkler ~ 1972 (PB 214 555)A05

"Earthquake Response of Gravity Dams Including Resexrvoir Interaction Effects," by P. Chakrabarti and
A.K. Chopra - 1972 (AD 762 330)A08

"Dynamic Properties of Pine Flat Dam," by D. Rea, C.Y. Liaw and A.K. Chopra - 1972 (AD 763 928)A0S5
"Three Dimensional Analysis of Building Systems,"” by E.L. Wilson and H.H. Dovey - 1972 (PB 222 438) 206

"Rate of Loading Effects on Uncracked and Repaired Reinforced Concrete Members," by S. Mahin, V.V. Bertero,
D. Rea and M. Atalay - 1972 (PB 224 520)A08

"Computer Program for Static and Dynamic Analysis of Linear Structural Systems," by E.L. Wilson, K.-J. Bathe,
J.E. Peterson and H.H.Dovey - 1972 (PB 220 437)A04

"Literature Survey - Seismic Effects on Highway Bridges," by T. Iwasaki, J. Penzien and R.W. Clough - 1972
(PB 215 613)Al9

"SHAKE-A Computer Program for Earthquake Response Analysis of Horizontally Layered Sites,” by P.B. Schnabel
and J. Lysmer - 1972 (PB 220 207)A06
Unassigned

"Analysis of the Slides in the San Fernando Dams During the Earthquake of February 9, 1971," by H.B. Seed,
K.L. Lee, I.M. Idriss and F. Makdisi - 1973 (PB 223 402)Al4
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“Computer Aided Ultimate Load Design of Unbraced Multistory Steel Frames," by M.B. El-Hafez and G.H. Powell
1973 (PB 248 315)A09 .

"eExperimental Investigation into the Seismic Behavior of Critical Regions of Reinforced Concrete Components
as Influenced by Moment and Shear," by M. Celebi and J. Penzien - 1973 (PB 215 884)A09

"Hysteretic Behavior of Epoxy-Repaired Reinforced Concrete Beams,"” by M. Celebi and J. Penzien -1973
(PB 239 568)A03

"General Purpose Computer Program for Inelastic Dynamic Response of Plane Structures,” by A. Kanaan and
G.H. Powell - 1973 (PB 221 260)A08

“A Computer Program for Earthquake Analysis of Gravity Dams Including Reservoir Interaction,” by
P. Chakrabarti and A.K. Chopra - 1973 (AD 766 271)A04

"Behavior of Reinforced Concrete Deep Beam-Column Subassemblages Under Cyclic Loads,"” by O. Kusty and
J.G. Bouwkamp - 1973 (PB 246 117)Al2

“Earthquake Analysis of Structure-Foundation Systems," by A.K. vaish and A.K. Chopra -1973 (AD 766 272)A07
"pDeconvolution of Seismic Response for Linear Systems," by R.B. Reimer - 1973 (PB 227 179)A08

"SAP 1IV: A Structural Analysis Program for Static and Dynamic Response of Linear Systems,"” by K.-J. Bathe,
E.L. Wilson and F.E. Peterson -1973 (PB 221 967)AQ09

"Analytical Investigations of the Seismic Response of Long, Multiple Span Highway Bridges," by W.S. Tseng
and J. Penzien - 1973 (PB 227 816)Al0

"Earthquake Analysis of Multi-Story Buildings Including Foundation Tnteraction,” by A.K. Chopra and
J.A. Gutierrrez - 1973 (PB 222 970)A03

"ADAP: A Computer Program for Static and Dynamic Analysis of Arch Dams,"” by R.W. Clough, J.M. Raphael and
S. Mojtahedi - 1973 (PB 223 763)A09

“Cyclic Plastic Analysis of Structural Steel Joints," by R.B. Pinkney and R.W. Clough - 1973 (PB 226 843)A08

"QUAD-4: A Computer Program for Evaluating the Seismic Response of Soil Structures by Variable Damping
Finite Element Procedures," by I.M. Idriss, J. Lysmer, R. Hwang and H.B. Seed - 1973 (PB 229 424)A05

"Dynamic Behavior of a Multi-Story Pyramid Shaped Building," by R.M.- Stephen, J.P. Hollings and
J.G. Bouwkamp - 1973 (PB 240 718)A06

Unassigned

"Olive View Medical Center Materials Studies, Phase I," by B. Bresler and V.V. Bertero - 1973 (PB 235 986)A06

Unassigned

"Constitutive Models for Cyclic Plastic Deformation of Engineering Materials,” by J.M. Kelly and P.P. Gillis
1973 (PB 226 024)A03 .

.

"DRAIN - 2D User's Guide," by G.H. Powell - 1973 (PB 227 016)A0S5
"Earthquake Engineering at Berkeley - 1973," (PB 226 033)all

Unassigned

"Earthquake Response of Axisymmetric Tower Structures Surrounded by Water," by C.Y. Liaw and A.K. Chopra
1973 (AD 773 052)A09

"Investigation of the Failures of the Olive View Stairtowers During the San Fernando Earthquake and Their
Implications on Seismic Design,”™ by V.V. Bertero and R.G. Collins - 1973 (PB 235 106)Al3

"Further Studies on Seismic Behavior of Steel Beam-Column Subassemblages,” by V.V. Bertero, H. Krawinkler
and E.P. Popov - 1973 (PB 234 172}206
"Seismic Risk Analysis,ﬁ by C.S. Oliveira - 1974 (PB 235 920)A06

"Settlement and Liquefaction of Sands Under Multi-Directional Shaking," by R. Pyke, C.K. Chan and H.B. Seed
1974

"Optimum Design of Earthquake Resistant Shear Buildings,"” by D. Ray, K.S. Pister and A.K. Chopra - 1974
(PB 231 172)Aa06

“LUSH - A Computer Program for Complex Response Analysis of Soil-Structure Systems," by J. Lysmer, T. Udaka,
H.B. Seed and R, Hwang - 1974 (PB 236 796)A0S

"Sensitivity Analysis for Hysteretic Dynamic Systems:

Applications to Earthquake Engineering," by D. Ra
1974 (PB 233 213)A06 97 By Y
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"Soil Structure Interaction Analyses for Evaluating Seismic Response,” by H.B. Seed, J. Lysmer and R. Hwang
1974 (PB 236 519)A04

Unassigned
"Shaking Table Tests of a Steel Frame - A Progress Report,” by R.W. Clough and D, Tang - 1974 (PB 240 89)A02

"Hysteretic Behavior of Reinforced Concrete Flexural Members with Special Web Reinforcement," by
V.V. Bertero, E.P. Popov and T.Y. Wang - 1974 (PB 236 797)A07

"Applications of Reliability-Based, Global Cost Optimization to Design of Earthquake Resistant Structures,”
by E. Vitiello and K.S. Pister - 1974 (PB 237 231)A06

"Liquefaction of Gravelly Soils Under Cyclic Loading Conditions," by R.T. Wong, H.B. Seed and C.K. Chan
1974 (PB 242 042)A03

"Site-Dependent Spectra for Earthquake-Resistant Design,” by H.B. Seed, C. Ugas and J. Lysmer - 1974
(PB 240 953)A03

"Earthquake Simulator Study of a Reinforced Concrete Frame,” by P. Hidalgo and R.W. Clough - 1974
(PB 241 944)213

"Nonlinear Earthquake Response of Concrete Gravity Dams,” by N. Pal - 1974 (AD/A 006 583)A06

"Modeling and Identification in Nonlinear Structural Dynamics - I. One Degree of Freedom Models,"” by

N. Distefano. and A. Rath -~ 1974 (PB 241 548)A06

“Determination of Seismic Design Criteria for the Dumbarton Bridge Replacement Structure,Vol.I: Description,
Theory and Analytical Modeling of Bridge and Parameters," by F., Baron and S.-H. Pang <1975 (PB 259 407)A1S
"Determination of Seismic Design Criteria for the Dumbarton Bridge Replacement Structure,Vol.II: Numerical
Studies and Establishment of Seismic Design Criteria," by F. Baron and S.-H. Pang ~ 1975 (PB 259 408)All
(For set of EERC 75-1 and 75-2 (PB 259 406) A25)NA

"Seismic Risk Analysis for a Site and a Metropolitan Area,” by C.S. Oliveira -1975 (PB 248 134)A09

"Analytical Invéétigations of Seismic Response of Short, Single or Multiple-Span Highway Bridges,” by
M.-C. Chen and J. Penzien - 1375 (PB 241 454)A0%

"an Evaluation of Some Methods for Predicting Seismic Behavior of Reinforced Concrete Buildings," by S.A.
Mahin and V.V. Bertero - 1975 (PB 246 306)Al6

"Earthquake Simulator Study of a Steel Frame Structure, Vol. I: Experimental Results,” by R.W. Clough and
D.T. Tang-1975 (PB 243 981)Al13

"Dynamic Properties of San Bernardino Intake Tower," by D. Rea, C.-Y. Liaw and A.K. Chopra - 1975 (AD/A0O0S8 406)
A0S . .

" "Seismic Studies of the Articulation for the Dumbarton Bridge Replacement Structure, Vol. I: Description,

Theory and Analytical Modeling of Bridge Components,” by F. Baron and R.E. Hamati ~1975 (PB 251 539)A07

"Seismic Studies of the Articulation for the Dumbarton Bridge Replacement Structure, Vol. 2: Numerical
Studies of Steel and Concrete Girder Alternates,” by F. Baron and R.E. Hamati - 1975 (PB 251 540)Al0

"Static and Dynamic Analysis of Nonlinear Structures,"” by D.P. Mondkar and G.H. Powell = 1975 (PB 242 434)A08
"Hysteretic Behavior of Steel Columns," by E.P. Popov, V.V. Bertero and S$. Chandramouli - 1975 (PB 252 365)All
"Earthquake Engineering Research Center Library Printed Catalog," - 1975 (PB 243 711)A26

"Three Dimensional Analysis of Building Systems (Extended Version),"” by E.L. Wilson, J.P. Hollings and
H.H. Dovey - 1975 (PB 243 989)A07

"Determination of Soil Liquefaction Characteristics by Large-Scale Laboratory Tests," by P. De Alba,
C.K. Chan and H.B. Seed - 1975 (NUREG 0027)308

"A Literature Survey - Compressive, Tensile, Bond and Shear Strength of Masonry," by R.L. Mayes and R.W.
Clough - 1975 (PB 246 292)Al0

"Hysteretic Behavior of Ductile Moment Resisting Reinforced Concrete Frame Components. " by V.V. Bertero and
E.P. Popov - 1975 (PB 246 388)A05

"Relationships Between Maximum Acceleration, Maximum Velocity, Distance from Source, Local Site Conditions
for Moderately Strong Earthquakes,” by H.B. Seed, R. Murarka, J. Lysmer and I.M. Idriss -13975 (PB 248 172)203

"The Effects of Method of Sample Preparation on the Cyclic Stress-~Strain Behavior of Sands," by J. Mulilis,
C.K. Chan and H.B. Seed -~ 1975 (Summarized in EERC 75-28)

"The Seismic Behavior of Critical Regions of Reinforced Concrete Components as Influenced by Moment, Shear

and Axial Force," by M.B. Atalay and J. Penzien - 1975 (PB 258 842)All
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"Dynamic Properties of an Eleven Story Masonry Building,"” by R.M. Stephen, J.P. Hollings, J.G. Bouwkamp and
D. Jurukovski - 1975 (PB 246 945)A04

"State-of-the-Art in Seismic Strength of Masonry - An Evaluation and Review," by R.L. Mayes and R.W. Clough
1975 (PB 249 040)A07

"Frequency Dependent Stiffness Matrices for Viscoelastic Half-Plane Foundations,” by A.K. Chopra,
P. Chakrabarti and G. Dasgupta - 1975 (PB 248 121)a07

"Hysteretic Behavior of Reinforced Concrete Framed Walls,"” by T.Y. wang, V.V. Bertero and E.P. Popov - 1975
(PB 267 298)Al7

Unassigned
"Influence of Seismic History on the Liquefaction Characteristics of Sands,” by H.B. Seed, K. Mori and
C.K. Chan - 1975 (Summarized in EERC 75-28)

“The Generation and Dissipation of Pore Water Pressures during Soil Liquefaction,"” by H.B. Seed, P.P. Martin
and J. Lysmer - 1975 (PB 252 648)A03

"Identification of Research Needs for Improving Aseismic Design of Building Structures," by V.V. Bertero
1975 (PB 248 136)A0S5

"Evaluation of Soil Liquefaction Potential during Earthquakes," by H.B. Seed, I. Arango and C.K. Chan - 1975
(NUREG 0026)A13

"Representation of Irregular Stress Time Histories by Equivalent Uniform Stress Series in Liquefaction
Analyses," by H.B. Seed, I.M. Idriss, F. Makdisi and N. Banerjee - 1975 (PB 252 635)A03

"FLUSH -~ A Computer Program for Approximate 3-D Analysis of Soil-Structure Interaction Problems," by
J. Lysmer, T. Udaka, C.~F. Tsai and H. B, Seed - 1975 (PB 259 332)A07

Unassigned
Unassigned

"predicting the Performance of Structures in Regions of High Selsmxcity,“ by J. Penzien - 1975
(PB 248 130)A03

"Efficient Finite Element Analysis of Seismic Structure - Soil - Direction,” by J. Lysmer, H.B. Seed, T. Udaka,

R.N. Hwang and C.-F. Tsai - 1975 (PB 253 570)A03

"The Dynamic Behavior of a First Story Girder of a Three-Story Steel Frame Subjected to Earthquake Loading,”
by R.W. Clough and L.-Y. Li - 1975 (PB 248 841)A0S5

"Barthquake Simulator Study of a Steel Frame Structure, Volume II = Analytical Results,” by D.T. Tang - 1975

(PB 252 926)Al10

"ANSR-I General Purpose Computer Program for Analysis of Non-Linear Stzuctuxal Response,” by D.P. Mondkar
and G.H. Powell -~ 1975 (PB 252 386)A08

"Nonlinear Response Spectra for Probabilistic Seismic Design and Damage Assessment of Reinforcsd Concrete
Structures,” by M, Murakami and J. Penzien - 1975 (PB 259 530)A05

"Study of a Method of Feasible Directions for Optimal Elastic Design of Frame Structures Subjected to Earth-
quake Loading,” by N.D. Walker and K.S. Pister -1975 (PB 257 781l)A06

"An Alternative Representation of the Elastic-Viscoelastic Analogy," by G. Dasgupta and J.L. Sackman - 1975
(PB 252 173)A03

"Effect of Multi-Directional Shaking on quuefaction of Sands," by H.B. Seed, R. Pyke and G.R. Martin - 1975
(PB 258 781)A03

"Strength and Ductility Evaluation of Existing Low-Rise Reinforced Concrete Buildings - Screening Method," by
T. Okada and B. Bresler - 1976 (PB 257 906)All

"Experimental and Analytical Studies on the Hysteretic Behavior of Reinforced Concrete Rectangular and
T~Beams,"” by S.-Y.M. Ma, E.P. Popov and V.V. Bertero -1976 (PB 260 843)Al2

"Dynamic Behavior of a Multis®ory Triangular-Shaped Building,” by J. Petrovski, R.M. Stephen, E. Gartenbaum
and J.G. Bouwkamp - 1976 (PB 273 279)A07

"Earthquake Induced Deformations of Earth Dams," by N. Serff, H.B. Seed, F.I. Makdisi & C.-Y. Chang ~ 1976
(PB 292 065)A08
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EERC 76-5 "Analysis and Design of Tube~-Type Tall Building Structures,” by H. de Clercq and G.H. Powell ~ 1976 (PB 252 220)
Alo

EERC 76-6 "Time and Frequency Domain Analysis of Three-Dimensional Ground Motions, San Fernando Earthquake,"” by T. Kubo
and J. Penzien (PB 260 556)All

EERC 76~7 "Expected Performance of Uniform Building Code Design Masonry Structures,” by R.L. Mayes, Y. Omote, S.W. Chen
and R.W. Clough - 1976 (PB 270 098)A05

EERC 76-8 "Cyclic Shear Tests of Masonry Piers, Volume 1 - Test Results,"” by R.L. Mayes, Y. Omote, R.W.
Clough - 1976 (PB 264 424)A06

EERC 76-9 "A Substructure Method for Earthquake Analysis of Structure -~ Soil Interaction,® by J.A. Gutierrez and
A.K. Chopra=-1976 (PB 257 783)A08

EERC 76-10 "Stabilization of Potentially Liquefiable Sand Deposits using Gravel Drain Systems,” by H.B. Seed and
J.R. Booker - 1976 (PB 258 820)A04

EERC 76-11 "Influence of Design and Analysis Assumptions on Computed Inelastic Response of Moderately Tall Frames,” by
G.H. Powell and D.G. Row= 1976 (PB 271 409)A06

EERC 76~12 "Sensitivity Analysis for Hysteretic Dynamic Systems: Theory and Applications,” by D. Ray, K.S. Pister and
E. Polak -~ 1976 (PB 262 859)A04

EERC 76-13 "Coupled Lateral Torsional Response of Buildings to Ground Shaking," by C.L. Kan and A.K. Chopra -
1976 (PB 257 907)A09

EERC 76-14 Unassigned

EERC 76~15 "Reinforced Concrete Frame 2: Seismic Testing and Analytical Correlat;on,“ by R.W. clough and
J. Gidwani - 1976 (PB 261 323)a08

EERC 76-16 "Cyclic Shear Tests of Masonry Piexrs, Volume 2 ~ Analysis of Test Results," by R.L. Mayes, Y. Omote
and R.W. Clough ~ 1976 (PB 297 158)A05

EERC 76-17 “Structural Steel Bracing Systems: Behavior Under Cyclic Loading," by E.P. Popov, K. Takanashi and
C.W. Roeder - 1976 (PB 260 715)A05

EERC 76-18 "Experimental Model Studies on Seismic Response of High Curved Overcrossings,” by D. Williams and
’ W.G. Godden - 1976 (PB 269 548)A08

EERC 76-19 "Effects of Non-Uniform Seismic Disturbances on the Dumbarton Bridge Replacement Structure,” by
F. Baron and R.E. Hamati - 1976 (PB 282 981)alé

EERC 76=-20 "Investhatlon of the Inelastic Characteristics of a Single Story Steel Structure Using System
’ Identification and Shaking Table Experiments," by V.C. Matzen and H.D. McNiven - 1976 (PB 258 453)A07

. EERC 76~21 "Capacity of Columns with Splice Imperfectlons," by E.P. Popov, R.M. Stephen and R. Philbrick - 1976
(PB 260 378)A04

EERC 76-22 "éesponse of the Olive View Hospitai Main Building during the San Fernando Earthquake," by S. A. Mahin,
V.V. Bertero, A.K. Chopra and R. Collins - 1976 (PB 271 425)Al4

EERC 76-23 "A Study on the Major Factors Influencing the Strength of Masonry Prisms," by N.M. Mostaghel,
R.L. Mayes, R. W. Clough and S$.W. Chen -~ 1976 (Not published)

EERC 76-24 "“GADFLEA -~ A Computer Program for the Analysis of Pore Pressure Generation and Dissipation during
Cyclic or Earthquake Loading,” by J.R. Booker, M.S. Rahman and H.B. Seed - 1976 (PB 263 947)A04

EERC 76-25 Unassigned

EERC 76-26 '"Correlative Investigations on Theoretical and Experimental Dynamic Behavior of a Model Bridge
Structure,” by K. Kawashima and J. Penzien - 1976 (PB 263 388)All

EERC 76=-27 "Earthquake Response of Coupled Shear Wall Buildings,"” by T. Srichatrapimuk - 1976 (PB 265 157)A07
EERC 76-28 "Tensile Capacity of Partial Penetration Welds," by E.P. Popov and R.M. Stephen - 1976 (PB 262 899)A03

EERC 76-29 "Analysis and Design of Numerical Integration Methods in Structural Dynamics,” by H.M. Hilber - 1976
(PB 264 410)A06

EERC 76-30 "Contribution of a Floor System to the Dynamic Characteristics of Reinforced Concrete Buildings," by

L.E. Malik and V.V. Bertero - 1976 (PB 272 247)Al3

EERC 76+31 "The Effects of Seismic Disturbances on the Golden Gate Bridge," by F. Baron, M. Arikan and R.E. Hamati -

1976 (PB 272 279)A09

EERC 76-32 "Infilled Frames in Earthquake Resistant Construction," by R.E. Klingner and V.V. Bertero - 1976
(PB 265 £92)Al13
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"PLUSH - A Computer Program for Probabilistic Finite Element Analysis of Seismic Soil-Structure Inter-
action,” by M.P. Romo Organista, J. Lysmer and H.B. Seed - 1977 (pPB8L 177 651)A05

"Soil-Structure Interaction Effects at the Humboldt Bay Power Plant in the Ferndale Earthquake of June
7, 1975," by J.E. Valera, H.B. Seed, C.F. Tsai and J. Lysmer - 1977 (PB 265 795)A04

*Influence of Sample Disturbance on Sand Response to Cyclic loading,” by K. Mori, H.B., Seed and C.K.
Chan - 1977 (PB 267 352)A04

"Seismological Studies of Strong Motion Records," by J. Shoja-Taheri - 1977 (PB 269 655)A10

Unassigned

"Developing Methodologies for Evaluating the Earthquake Safety of Existing Buildings,” by No. 1 -
B. Bresler; No. 2 ~ B. Bresler, T. Okada and D. Zisling; No. 3 - T. Okada and B. Bresler; No. 4 ~ V.V.
Bertero and B. Bresler - 1977 (PB 267 354)A08

"A Literature Survey ~ Transverse Strength of Masonry Walls,” by Y. Omote, R.L. Mayes, S$.W. Chen and
R.W. Clough - 1977 (PB 277 933)A07

"DRAIN~TABS: A Computer Program for Inelastic Earthquake Response of Three Dimensional Buildings," by
R. Guendelman~-Israel and G.H. Powell - 1977 (PB 270 693)A07

“SUBWALL: A Special Purpose Finite Element Computer Program for Practical Elastic Analysis and Design
of Structural Walls with Substructure Option,” by D.Q. Le, H. Peterson and E.P. Popov - 1977
(PB 270 567)A05

"Experimental Evaluation of Seismic Design Methods for Broad Cylindrical Tanks," by D.P. Clough
(PB 272 280)Al13

“garthquake Engineering Research at Berkeley - 1976," - 1977 (PB 273 5S07)A09

"automated Design of Earthquake Resistant Multistory Steel Building Frames,” by N.D. Walker, Jr. - 1977
(PB 276 526)A09

"Concrete Confined by Rectangular Hoops Subjected to Axial Loads," by J. Vallenas, V.V. Bertero and
E.P. Popoy -~ 1977 (PB 275 165)}A06

"Seismic Strain Induced in the Ground During Earthquakes," by Y. Sugimura - 1977 (PB 284 201)A04
Unassigned

"Computer Aided Optimum Design of Ductile Reinforced Concrete Moment Resisting Frames," by S.W.
Zagajeski and V.V. Bertero - 1977 (PB 280 137)a07

"Earthquake Simulation Testing of a Stepping Frame with Energy-Absorbing Devices," by J. M. Kelly and
D.F. Tsztoo - 1977 (PB 273 506)A04

"Inelastic Behavior of Eccentrically Braced Steel ‘Frames under Cyclic Loadxngs,“ by C. w Roeder and
E.P. Popov -~ 1977 (PB 275 526)AlS

"A Simplified Procedure for Estimating Earthquake~Induced Deformations in Dams and Embankments," by F.I.
Makdisi and H.B. Seed - 1977 (PB 276 820)A04

"The Performance of Earth Dams during Earthquakes,” by H.B. Seed, F.I. Makdisi and P. de Alba -~ 1977
(PB 276 821)A04

"Dynamic Plastic Analysis Using Stress Resultant Finite Element Formulation," by P. Lukkunapvasxt and
J.M. Kelly - 1977 (PB 275 453)A04

"Preliminary Experimental Study of Seismic Uplift of a Steel Frame,"” by R.W. Clough and A.A. Huckelbridge
1977 (PB 278 769)A08

"Earthquake Simulator Tests of a Nine-~Story Steel Frame with Columns Allowed to Uplift,” by A.A.
Huckelbridge - 1977 (PB 277 944)A09

"Nonlinear Soil-Structure Interaction of Skew Highway Bridges," by M.-C. Chen and J. Penzien - 1977
(PB 276 176)A07

"Seismic Analysis of an Offshore Structure Supported on Pile Foundations," by D.D.-N. Liou and J. Penzien
1977 (PB 283 180)A06

“Dynamic Stiffness Matrices for Homogeneous Viscoelastic Half-Planes,™ by G. Dasgupta and A.X. Chopra -
1977 (PB 279 654)A06

"A Practical Soft Séory Earthquake Isolation System," by J.M. Kelly, J.M. Eidinger and C.J. Derham -
1977 (pB 276 814)A07

"Seismic Safety of Existing Buildings and Incentives for Hazard Mitigation in San Francisco:
Exploratory Study,"” by A.J. Meltsner - 1977 (PB 281 970)A05

An

"Dynamic Analysis of Electrohydraulic Shaking Tables," by D. Rea, S. Abedi-Hayati and Y. Takahashi
1977 (PB 282 569)A04

“An Approach for Improving Seismic - Resistant Behavior of Reinforced Concrete Interior Joints," by
B. Galunic, V.V, Bertero and E.P. Popov -~ 1977 (PB 290 870)A06
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"The Development of Energy-Absorbing Devices for Aseismic Base Isolation Systems," by J.M. Kelly and
D.F. Tsztoo - 1978 (PB 284 978)A04

"Effect of Tensile Prestrain on the Cyclic Response of Structural Steel Connections, by J.G. Bouwkamp
and A. Mukhopadhyay - 1978

"Experimental Results of an Earthquake Isolation System using Natural Rubber Bearings," by J.M.
Eidinger and J.M. Kelly - 1978 (PB 28l 686)A04

“Seismic Behavior of Tall Liquid Storage Tanks,™ by A, Niwa -~ 1978 (PB 284 017)Al4

"Hysteretic Behavior of Reinforced Concrete Columns Subjected to High Axial and Cyclic Shear Forces,”
by S.W. 2agajeski, V.V. Bertero and J.G. Bouwkamp -~ 1978 (PB 283 858)Al3

"Three Dimensional Inelastic Frame Elements for the ANSR-I Program,” by A. Riahi, D.G. Row and
G.H. Powell - 1978 (PB 295 755)A04

"Studies of Structural Response to Earthquake Ground Motion," by O.A. Lopez and A.K. Chopra - 1978
(PB 282 790)A05

"A Laboratory Study of the Fluid-Structure Interaction of Submerged Tanks and Caissons in Earthquakes,"
by R.C. Byrd - 1978 (PB 284 957)a08

Unassigned

"Seismic Performance of Nonstructural and Secondary Structural Elements," by I.
(PBSL 154 593)A05

Sakamoto ~ 1978
“Mathematical Modelling of Hysteresis Loops for Reinforced Concrete Columns,"” by S. Nakata, T. Sproul
and J. Penzien - 1978 (pPB 298 274)A05

"Damageability in Existing Buildings," by T. Blejwas and B. Bresler - 1978 (PB 80 166 $78)Aa05

“"Dynamic Behavior of a Pedestal Base Multistory Building," by R.M. Stephen, E.L. Wilson, J.G. Bouwkamp
and M. Button -~ 1978 (PB 286 650)A08

“Seismic Response of Bridges - Case Studies,” by R.A.
(PB 286 503)Al0

Imbsen, V. Nutt and J. Penzien - 1978

"A Substructure Technique for Nonlinear Static and Dynamic Analysis," by D.G. Row and G.H. Powell -
1978 (pB 288 077)Al0

“Seismic Risk Studies for San Francisco and for the Greater San Francisco Bay Area," by C.S. Oliveira -
1978 (PB 81 120 115)A07 .

"Strength of Timber Roof Connections Subjected to Cycllc Loads," by P. Gulkan, R.L. Mayes and R.W.
Clough ~ 1978 (HUD~-000 1491)A07

"Response of K-Braced Steel Frame Models to Lateral loads," by J.G. Bouwkamp, R.M. Stephen and
E.P. Popov - 1978

~

"Rational Design Methods for Light Equipment in Structures Subjected to Ground Motion," by
J.L. Sackman and J.M. Kelly - 1978 {(PB 292 357)A04

"Testing of a Wind Restraint for Aseismic Base Isolation,” by J.M. Kelly and D.E. Chitty - 1978
(PB 292 833)A03

"APOLLO - A Computer Program for the Analysis of Pore Pressure Generation and Dissipation in Horizontal
Sand Layers During Cyclic or Earthquake Loading,” by P.P. Martin and H.B. Seed - 1978 (PB 292 835)A04

"Optimal Design of an Earthquake Isolation System,” by M.A. Bhatti, K.S. Pister and E. Polak - 1978
(PB 294 735)A06

"MASH - A Computer Program for the Non-Linear Analysis of Vertically Propagating Shear Waves in
Horizontally Layered Deposits," by P.P. Martin and H.B. Seed - 1978 (PB 293 101l)A05

"Investigation of the Elastic Characteristics of a Three Story Steel Frame Using System Identification,”
by I. Kaya and H.D. McNiven - 1978 (PB 296 225)A06

"Investigation of the Nonlinear Characteristics of a Three-storx Steel Frame Using System
Identification,” by I. Kaya and H.D. McNiven - 1978 (PB 301 363)A05

"Studies of Strong Ground Motion in Taiwan," by Y.M. Hsiung, B.A. ﬁolt and J. Penzien ~ 1978
(PB 298 436)A06

"Cyclic Loading Tests of Masonry Single Piers: Volume 1 - Height to Width Ratioc of 2," by P.A. Hidalgo,
R.L. Mayes, H.D. McNiven and R.W. Clough - 1978 (PB 296 211)A07

“Cyclic Loading Tests of Masonry Single Piers: Volume 2 - Height to Width Ratio of 1," by S.-W.J. Chen,
P.A. Hidalgo, R.L. Mayes, R.W. Clough and H.D. McNiven - 1978 (PB 296 212)A09

"Analytical Procedures in Soil Dynamics,”™ by J. Lysmer - 1978 (PB 298 445)A06
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“Hysteretic Behavior of Lightweight Reinforced Concrete Beam=-Column Subassemblages," by B. Forzani,
E.P. Popov and V.V. Bertero - April 1979(pB 298 267)A06

"The Development of a Mathematical Model to Predict the Flexural Response of Reinforced Concrete Beams
to Cyclic loads, Using System Identification,” by J. Stanton & H. McNiven - Jan. 1979(PB 295 875)Al0

"Linear and Nonlinear Earthquake Response of Simple Torsionally Coupled Systems,"” by C.L. Kan and
A.K. Chopra - Feb. 1979(PB 298 262)A06

"A Mathematical Model of Masonry for Predicting its Linear Seismic Response Characteristics," by
Y. Mengi and H.D. McNiven - Feb. 1979(PB 298 266)A06

"Mechanical Behavior of Lightweight Concrete Confined by Different 1Types of Lateral Reinforcement,"”
by M.A. Manrique, V.V. Bertero and E.P. Popov - May 1979(PFB 301 114)A06

"Static Tilt Tests of a Tall Cylxndncal Liquid Storage Tank," by R.W. Clough and A. Niwa ~ Feb. 1979
{(PB 301 167) A06

"The Design of Steel Energy Absorbing Restrainers and Their Incorporation into Nuclear Power Plants
for Enhanced Safety: Volume 1 - Summary Report," by P.N. Spencer, V.F. Zackay, and E.R. Parker =
Feb. 1979 (UCB/EERC-79/07) A09

"The Design of Steel Energy Absorbing Restrainers and Their Incorporation into Nuclear Power Plants
for Enhanced Safety: Volume 2 ~ The Development of Analyses for Reactor System Piping,""Simple Systems"
by M.C. Lee, J. Penzien, A.K. Chopra and K, Suzuki "Complex Systems" by G.H. Powell, E.L. Wilson,
R.W. Clough and D.G. Row - Feb. 1979 (UCB/EERC-79/08)Al0

"The Design of Steel Energy Absorbing Restrainers and Their Incorporation into Nuclear Power Plants
for Enhanced Safety: Volume 3 - Evaluation of Commercial Steels," by W.S. Owen, R.M.N, Pelloux,

R.Q. Ritchie, M. Faral, T. Chhashi, J. Toplosky, S.J. Hartman, V.F. Zackay and E.R. Parker -

Feb. 1979 (UCB/EERC-79/09)A04

"The Design of Steel Energy Absorbing Restrainers and Their Incorporation into
for Enhanced Safety: Volume 4 - A Review of Energy-Absorbing Devices,” by J.M.
M.S. Skinner - Feb. 1979(UCB/EERC-79/10) A04

"Conservatism In Summation Rules for Closely SPa.ced Modes," by J.M. Kelly and J.L. Sackman - May
1979(pPB 301 328)A03

Nuclear Power Plants
Kelly and

"Cyclic Loading Tests of Masonry Single Piers; Volume 3 ~ Height to Width Ratio of 0.5," by
P.A. Hidalgo, R.L. Mayes, H.D. McNiven and R.W. Clough -~ May 1979(PB 301 321)A08

"Cyclic Behavior of Dense Course-~Grained Materials in Relation to the Seismic Stability of Dams," by
N.G. Banerjee, H.B. Seed and C.K. Chan - June 1979(PB 301 373)Al3

"Seismic Behavior of Reinforced Concrete Interior Beam-Column Subassemblages," by S. v:.wathanat:epa,
E.P. Popov and V.V. Bertero - June 1979(PB 301 326)Al0

"Optimal Design of localized Nonlinear Systems with Dual Performance Criteria Under Earthquake
Excitations,"” by M.A. Bhatti ~ July 1979(PB 80 167 109)A06

"OPTDYN - A General Purpose Optimization Program for Problems with or without Dynamic Constraints,"”
by M.A. Bhatti, E. Polak and K.S. Pister - July 1979(PB 80 167 091)Aa05

"ANSR-II, Analysis of Nonllnear Structural Response, Users Manual,"” by D.P. Mondkar and G.H. Powell
July 1979(PB 80 113 301)A05

"Soil Structure Interaction in Different Seismic Environments," A. Gomez-Masso, J. Lysmer, J.~-C. Chen -
and H.B. Seed - August 1979(PB 80 101 520)a04

"ARMA Models for Earthquake Ground Motions ," by M.K. Chang, J.W. Kwiatkowski, R.F. Nau, R.M, Oliver
and K.S. Pister = July 1979(PB 301 166)a05

"Hysteretic Behavior of Reinforced Concrete Structural Walls," by J.M. Va.llenas, V.V. Bertero and
E.P. Popov - August 1979(PB 80 165 905)aAl2

"Studies on High-Frequency Vibrations of Buildings - l: The Column Effect,” by J. Lubliner - August 1979
{PB B0 158 553)A03

"Effects of Generalized Loadings on Bond Reinforcing Bars Embedded in Confined Concrete Blocks," by
S. Viwathanatepa, E.P. Popov and V.V. Bertero - August 1979(PB 81 124 018)al4

“Shaking Table Study of Single-Story Masonry Houses, Volume l: Test Structures 1 and 2," by P. Gilkan,
R.L. Mayes and R.W. Clough - Sept. 1979 (HUD-000 1763)al2

“Shaking Table Study of Single-Story Masonry Houses, Volume 2: Test Structures 3 and 4," by P. Gulkan,
R.L. Mayes and R.W. Clough - Sept. 1979 (HUD-000 1836)Al2

"Shaking Table Study of Single-Story Masonry Houses, Volume 3: Summary, Conclusions and Recommendations,”
by R.W. Clough, R.L. Mayes and P. Gulkan - Sept. 1979 (HUD-000 1837)A06

"Recommendations for a U.S.-Japan Cooperative Research Program Utilizing Large-Scale Testing Facilities,”
by U.S.~Japan Planning Group -~ Sept. 1979(PB 301 407)2a06

"BEarthquake-Induced Liquefaction Near Lake Amatitlan, Guatemala,” by H.B. Seed, I. Arango, C.K. Chan,
A. Gomez~Masso and R. Grant de Ascoli - Sept. 1979 (NUREG~CRL341)203

"Infill Panels: Their Influence on Seismic Response of Buildings," by J.W. Axley and V.V. Bertero
Sept. 1979(PB 80 163 371)Al0

"3D Truss Bar Element (Type 1) for the ANSR-II Program," by D.P. Mondkar and G.H. Powell - Nov. 1979
(PB 80 169 709)A02
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"2D Beam~Column Element (Type S5 - Parallel Element Theory) for the ANSR-II Program,” by D.G. Row,
G.H. Powell and D.P. Mondkar - Dec. 1979(PB 80 167 224)Aa03

“3D Beam—Column Element (Type 2 - Parallel Element Theory) for the ANSR-II Program,” by A. Riahi,
G.H. Powell and D.P. Mondkar - Dec. 1979(PB 80 167 216)a03
"On Response of Structures to Stationary Excitation,” by A. Der Kiureghian - Dec. 1979(PB 80166 929) a03

"Undisturbed Sampling and Cyclic Load Testing of Sands," by S. Singh, H,B. Seed and C.K. Chan
Dec. 1979(ADA 087 298)A07

"Interaction Effects of Simultaneous Torsional and Compressional Cyclic Loading of Sand,” by
P.M. Griffin and W.N. Houston - Dec. 1979(ADA 092 352)AlS

“Earthquake Response of Concrete Gravity Dams Including Hydrodynamic and Foundation Interaction
Effects,"” by A.K. Chopra, P. Chakrabarti and S§. Gupta - Jan. 1980(AD~-A087297)A10

"Rocking Response of Rigid Blocks to Earthquakes,” by C.S. Yim, A.K. Chopra and J. Penzien - Jan. 1980
(PBSO 166 002)A04

"Optimum Inelastic Design of Seismic-Resistant Reinforced Concrete Frame Structures,” by S.W. Zagajeski
and V.V. Bertero - Jan. 1980(PB80 164 635)A06

"Effects of Amount and Arrangement of Wall-Pahel Reinforcement on Hysteretic Behavior of Reinforced
Concrete Walls," by R. Iliya and V.V. Bertero - Feb. 1980(PB81 122 525)A09

"Shaking Table Research on Concrete Dam Models,” by A. Niwa and R.W. Clough - Sept. 1980(PB81 122 368)A06

"The Design of Steel Energy-Absorbing Restrainers and their Incorporation into Nuclear Power Plants for
Enhanced Safety (Vol lA): Piping with Energy Absorbing Restrainers: Parameter Study on Small Systems,”
by G.H. Powell, C. Oughourlian and J. Simons - June 1980:(UCB-EERC-80-06)A05.

"Inelastic Torsional Response of Structures Subjected to Earthquake Ground Motions,” by Y. Yamazaki
April 1980(PB81 122 327)A08

"Study of X-Braced Steel Frame Structures Under Earthquake Simulation,” by Y. Ghanaat -~ April 1980
(PB81 122 335)All

"Hybrid Modelling of Soil-Structure Interaction,"'by S. Gupta, T.W. Lin, J. Penzien and C.S. Yeh
May 1980(PB81 122 319)A07

"General Applicability of a Nonlinear Model of a One Story Steel Frame," by B.I. Sveinsson and
H.D. McNiven - May 1980(PBS1l 124 877)A06

"A Green-Function Method for Wave Interaction with a Submerged Body," by W. Kioka - Apr11 1980
(PB8L 122 269)A07

"Hydrodynamic Pressure and Added Mass for Axisymmetric Bodies," by F. Nilrat - May 1980(PB8L 122 343)a08

"Treatment of Non-Linear Drag Forces Acting on Offshore Platforms," by B.V. Dao and J. Penzien
May 1980(PB81 153 413)A07 .

"2D Plane/Axisymmetric Solid Element (Type 3 - Elastic or Elastic-Perfectly Plastic) for the ANSR-II
Program,” by D.P. Mondkar and G.H. Powell - July 1980(PB81 122 350)A03

"A Response Spectrum Method for Random Vibrations," by A. Der Kiureghian - June 13980(PB81122 301)A03

“Cyclic Inelastic Buckling of Tubular Steel Braces,” by V.A. Zayas, E.P. Popov and S.A. Mahin
June 1980(PBS1 124 885)Al10

"Dynamic Reséonse of Simple Arch Dams Including Hydrodynamic Interaction," by C.S. Porter and
A.K. Chopra - July 1980(PB81 124 000)Al3

"Experimental Testing of a Friction Damped Aseismic Base Isolation System with Fail-Safe
Characteristics,” by J.M. Kelly, K.E. Beucke and M.S. Skinner - July 1980(PB81 148 595)A04

"The Design of Steel Energy-Absorbing Restrainers and their Incorporation into Nuclear Power Plants for
Enhanced Safety (Vol 1lB): Stochastic Seismic Analyses of Nuclear Power Plant Structures and Piping

Systems Subjected to Multiple Support Excitations," by M.C. Lee and J. Penzien - June 1980(P882 201 '872)208

"The Design of Steel Energy-Absorbing Restrainers and their Incorporation into Nuclear Power Plants
for Enhanced Safety (Vol 1C): Numerical Method fér Dynamic Substructure Analysis,” by J.M. Dickens
and E.L. Wilson - June 1980'(UCB—EERC°80-20)A10

"The Design of Steel Energy-Absorbing Restrainers and their Incorporation into Nuclear Power Plants
for Enhanced Safety (Vol 2): Development and Testing of Restraints for Nuclear Piping Systems," by
J.M. Kelly and M.S. Skinner - June 1980 (UCB-EERC-80-21)A0S

"3D Solid Element (Type 4-Elastic or Elastic-Perfectly=-Plastic) for the ANSR-II Program,” by
D.P. Mondkar and G.H. Powell = July 1980(PBS81 123 242)A03

"Gap-Friction Element (Type 5) for the ANSR~-II Program,” by D.P. Mondkar and G.H. Powell - July 1980
(PBS1 122 285)A03

"U-Bar Restraint Element (Type 11) for the ANSR-II Program,” by C. Oughourlian and G.H. Powell .
July 1980(PB81L 122 293)A03

"Testing of a Natural Rubber Base Isolation System by an Explosively Simulated Earthquake," by
J.M. Kelly -~ August 1980 (PB81 201 360)}A04

"Input Identification from Structural Vibrational Response,” by Y. Hu - August 1980(PB81 152 308)A0S

"Cyclic Inelastic Behavior of Steel Offshore Structures," by V.A. Zayas, S.A. Mahin and E.P. Popov
August 1980 (pBS1 196 180)Al5
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"Shaking Table Testing of a Reinforced Concrete Frame with Biaxial Response," by M.G. Oliva
October 1980(PB8L 154 304)Al0

"Dynamic Properties of a Twelve-Story Prefabricated Panel Building," by J.G. Bouwkamp, J.P. Kollegger
and R.M. Stephen -~ October 1980(PB82 117 128)A06

"Dynamic Properties of an Eight-Story Prefabricated Panel Building," by J.G. Bouwkamp, J.P. Kollegger
and R.M. Stephen - October 1980(PBS1 200 313)A05

"Predictive Dynamic Response of Panel Type Structures Under Earthquakes," by J.P. Kollegger and
J.G. Bouwkamp - October 1980(PB8l 152 316)A04

"The Design of Steel Energy-Absorbing Restrainers and their Incorporation into Nuclear Power Plants
for Enhanced Safety (Vol 3): Testing of Commercial Steels in Low-Cycle Torsional Fatigue," by
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