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A STUDY OF SEISMICALLY RESISTANT

ECCENTRICALLY BRACED STEFIL FRAME SYSTEMS

ABSTRACT

Because of some of the inherent advantages formerly overlooked and
recently pointed at, Eccentirically Braced Frames {EBFs) have been rapidly
accepted in practice. A number of major buildings in California have already

been constructed using this approach.

EBFs employ the braces with deliberately large eccentricities with respect
to the beam-column joint. The eccentricity is introduced to provide a ductile
fuse which will prevent hazardous brace buckling at extreme loads. The axial
forces in the braces are transmitted to the columns through bending and shear
action by a portion of the heam called the "active link”. The active link pro-
vides a superior energy dissipation capability through its inelastic action. The
EBF must, then, be designed so that plastic action of the active link eccurs on
overloading of the structure.

The first part of this report is based on a perfectly plastic idealization of
EBF behavior :

Basic plastic theory for an EBF force field and ideal rigid-plastic displace-
ment field are explained. Based on these, a simple method for obtaining the
lateral load carrying plastic capacity of an EBF is proposed.

Further, the proposed plastic theory is employed for various plastic prob-

lems of EBFs, where the accuracy of the theory is demonstrated by comparing



with elasto-plastic finite element analysis results, It is shown that link length
plays a dominant role in EBF plastic capacities and plastic mechanisms. The
basic non-linear behavior of EBFs is summarized and important factors to be
considered in determining EBF basic configuration are enumerated. Finally, a
new plastic design method for EBFs is proposed. Because of the simplicity of
the proposed method, it was possible to write a plastic design computer pro-
gram for a general design of EBFs. Some example frames were designed by
applyving this program, and the accuracy of the method is demonstrated by
comparisons with elasto-plastic solutions.

The second part of this report includes the effect of link inelastic deforma-
tion on both link and EBF behavior. Strain-hardening and various failures of
the link are discussed :

First, the experimental program for a subassemblage simulating EBF
action is dcscribed. The observed cyclic bchavior of diffcrent length links
tested with or without simultaneously acting axial forces are reported.

Next, the experimental results are analyzed with emphasis on the influence
of the link length on the performance. Moment, shear, and axial foree interac-
tion, as well as the effect of strain-hardening on moment redistribution, energy
dissipation, and flange and web buckling are considered. Based on these
results, the ultimate state design for cyclically loaded links is proposed.

Further, a simple new criterion for web stiffener spacing to prevent prema-
ture cyclic web buckling is proposed using the secant modulus method based on
experimental data for 30 links. The application of this criterion to an EBF ulti-

mate state design is also discussed.
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CHAPTER 1

INTRODUCTION

1.1. General

It is now generally recognized thal seismic design of buildings should
satisfy at least two fundamental reguirements. First, the structure must
behave elastically and protect relatively brittle non-structural components
against minor earthquake ground shaking. Therefore, a structure should have
sufficient strength and elastic stiffness Lo limit structural displacements, such
as interstory drift. Second, the structure must not collapse in a major earth-
guake. For this case, significant damage of the structure and non-structural
components is acceptable. In order for a structure not to collapse and thereby
minimize the loss of life, it must have large energy dissipation capacity during
large inelastic deformations. In general, structural systems which exhibit
stable hysteretic loops perform well under the large inelastic cyclic loadings
characleristics of major earthquakes. Such stable hysteretic characteristics of
a structure can be obtained provided that the structural members and joints

are designed to posses sufficient ductility.

1.2. Conventional Seismic Resistant Steel Frames

For high and medium rise buildings, structural steel has been used exten-
sively due to its excellent strength and duectility properties. In seismic design of

such steel frames, either Moment Resisting Frames {MRFs) or Concentrically
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Braced Frames (CBFs) were mainly used in the past.

Moment Resisting Frames (MRFs) : - Fig. 1.1 illustrates the typical
configuration of a moment resisting frame (MRF). During a major earthquake,
in an MRF the energy dissipation is mainly obtained through inelastic action in
the beam-column jeints, and such frames generally have considerable ductility
if the beams and columns are proportioned to meet the so-called strong
column-weak girder design concept, and proper delails are implemented in the
beam-column joints. As illustrated in Fig. 1.2, the deformation mechanism of an
MRF consists of three major components : One is due to column flexure, another
is due to beam flexure, and the other due to panel zone distortion.

It has been recognized that although the column flexure is not of
significant magnitude, due to the large flexural deformation of the beams, an
MRF tends to be Iatérally fiexible in the elastic range [71]. Therefore.limiting
the elastic interstory drift often governs the seismic design of the frame. The
commonly used solution for this problem is to increase the beam sizes, which
makes this type of frame more costly and taller. Further, past experimental
and analytical studies such as given in Refs. 42 and 43 indicate that due to the
moment transferred from beams to columns, large shear forces are induced in
the beam-celumn joint panel zone. Accordingly, in the inelastic range, this
frame tends to show considerable panel zone shear distortions such as shown in
Fig. 1.2, which create at least two serious problems. First, if the panel zone dis-
tortion is excessively large, the column flange at the beam-column connection
would distert, causing large stress concentrations in the weld regions connect-
ing beam flanges to the column flanges. Recent experimental research [72]
demonstrated that this results in sudden weld fractures. Second, large inelas-

tic panel zone distortion increases the story drift significantly. This will result
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in a large P-A effect making this type of framing more susceptible to instability.
In order to alleviate these problems, web doubler plates frequently have to be
used at the beam-column panel zones, which further increases the cost of this

type of frame.

Concentrically Braced Frames (CBFs) : - As Fig. 1.3 illustrates, a vertical
truss system is formed in concentrically braced frames {CBFs) utilizing a set of
diagonal braces placed concentrically at the joints, and the braces provide
effective resistance against lateral loading during minor earthquakes. In gen-
eral, CBFs have sufficient stiffness to limit elastic interstory drift, without the
costs involved with MRFs discussed above. However, when overloading occurs
due to a major earthquake, conventicnally designed braces can buckle exhibit-
ing the plastic mechanism such as shown in Fig. 1.4. Experimental study on the
behavior of brace struts under cyelic axial loading indicated that their carrying
capacity can significantly decrease under severe cyclic loads, resulting in a
large loss of energy dissipation capacity, which can be well recognized from Fig.
1.5 [7]. This brace behavior directly affects the CBF global behavior, where, as
illustrated in Fig. 1.8, the CBFs become unstable for a relatively small inelastic
deformation level and their lateral lecad carrying capacity dramatically
decreases as the number of cyeclic excursions and/or cyclic displacements
increases [52].

In order to improve the performance of CBFs, some alternative design
schemes have been proposed [87] : By making the slenderness ratio of the
brace larger, the decay in the compressive strength of braces under cyclic
loading can be reduced. Also, for the commeonly used concentric K-brace frame
with braces meeting at the middle of a beam as illustrated in Fig. 1.4, the use of

a larger beam to assure that it will remain elastic under severe leading
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improves the behavior of such frames. However, within the economic restric-
tions, it is doubtful that either one of the above approaches yields sufficient

improvement in the performance of CBFs for severe cyclic loadings.

1.3. Eccentrically Braced Frame System

The two basic requirements for seismic design, high stiffness at working
load levels and large ductility at rare but severe overloads, are difficult to
satisfy when the above vconventional frames are used. On the contrary,
Eccentrically Braced Frames (EBFs) offer an economical steel framing system
satisfying both regquirements.

A typical arrangement of this frame is shown in Fig. 1.7, and several possi-
ble types of EBFs are illustrated in Fig. 1.8, wheré, as indicated, they will be
called [-brace frame, K-brace frome, and V-broce fromes respectively. In all
such frames, the vertical components of axial forces in the braces are held in
equilibrium by shear and bending moments in short beams of length e — the
active links. As shown in Fig. 1.9, these active links, which are designed to
remain elastic at working loads deform inelastically on overloading of the strue-
ture, thereby dissipating large amount of energy. In this system the hazardous
brace buckling can be entirely prevented since the link acts as a fuse to limit
the brace axial force, which can be understood by comparing Fig. 1.9 with Fig.
1.4 where the mechanism of a CBF is shown. Also, this frame has a much
greater lateral resisting capacity than that of an MRF if the beam sections used
are the same.

The use of the link in spread K-braces for seismic application was‘studied
in 1972 by Fujimoto [19]. In 1978, experimental and analytical results on diago-

nally braced frames were reported by Roeder and Popov [84], providing a
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renewed and strong interest in this type of framing. This report showed that an
EBF can be almost as stiff as a CBF when an appropriate eccentricity is assigned
for the braces, and yet behaves in a very ductile manner at large cyclic over-
lcads and the active links wil} dissipate great amounts of energy by inelastic
action. This can be recognized from Fig. 1.10 which shows the cyclic load-
deformation relationships obtained from an experiment on a one-third size EBF
[54], where the remarkably stable hysteretic behavior of the EBF can be recog-
nized and can be well contrasted with the unstable hysteretic behavior of the
CBF shown earlier in Fig. 1.6. Since 1978 to date extensive research on active
links and EBFs has been conducted at Berkeley resulting in numerous sugges-
tions for implementing EBFs in practice for realistic design of earthquake-
resistant structures. While the research is still in progress, a number of major
buildings employing EBFs have been constructed or designed in California due
to their attractive characteristics, and demand for this framing system is likely
to increase in the near future. For these reasons, it is very important that a
consistent design and analysis method for EBFs reflecting the most recent

research should be provided. This report attempts to answer this need.

1.4. Statement of the Problem

Plastic Design and Analysis for EBFs : - Past research has shown that the
active link provides a superior energy dissipating capability through its inslas-
tic action [84,54,32,53,40]. For regions of high seismic risk, EBFs must have
adequate lrateral load carrying plastic capacity and must exhibit the mechanism
where the plastic action of the active link occurs on overloading of the strue-
ture. Members other than links should be proportioned so as to distribute the

large earthquake input energy to as many links as possible.



-8-

In order to understand EEF behavior, then, the plastic analysis of EBF's
based on the active link plastic behavior is the most appropriate and logical
approach to follow. The basic concept for such an analysis method was
explained previously [64], and based on current development on active link
ideal plastic theory and analytical study [32,40], it has been felt that a more
general and yet simple method can be developed.

Also, an earlier paper by the author [40] indicated that the configuration
of an EBF greatly influences its plastic behavior and performance, and, eventu-
ally, the economy of the framing system. By performing further analyses and
design studies, further information on this aspect was obtained., Therefore for
the initial determination of an EBF configuration, it was considered to be of
practical importance to summarize relevant relationships between frame topol-
ogy and performance.

Further, since an elastic design method does not necessarily guarantee the
frame plastic capacily and the mechanism sought, a direet plastic design
method which proportions the members to meet the required plastic capacity
and the desired mechanism is essential for EBF design. The two plastic design
methods for EBFs reported earlier [54,84] require a large number of iteraticons
for arriving at realistic member force estimates. Therefore, it was necessary to

develop another approach more accurate and simple to use.

Ultimate Design and Analysis for EBFs : - Although the desired yield capa-
eity and plastic mechanism of an EBF may be assured by the plastic design
method, the behavior of active links during increasing plastic deformation
should be considered for the ultimate state design. If no premature failure of
the link occurs, due to the plastic deformation of the link the link capacity will

increase because of the inherent material strain-hardening. Accordingly, the
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capacity of an EBF may beneficially increase, however, since this also affects
the redistribution of the member forces in the structure, the plastic mechanism
initially obtained may be altered, and damage might be eventually concentrated
on the less ductile members during further cyclic loadings. This has to be
included for a good ultimate design of an EBF requiring the knowledge of the
link cyclic strain-hardening behavior. In past experimental studies the cyelic
strain-hardening effect on link shear capacity was well recognized and some
proposals to include this for EBF design have been made [54,84]. However, the
effect on link moment capacity and the manner of moment redistribution has
not been investigated to-date in spite of its importance in EBF design. There-
fore analytical and experimental study of this aspect was needed.

Undesirable behavier in the link and EBF may develop during increasing
plastic deformation if the link is not appropriately proportioned or detailed,
since there is a possibility of various premature link failure modes. Such
occurrences must be prevented in order to assure ductile behavior of the link
and EBT up to the required ultimate deformation level. If this is not done a sub-
stantial loss of link energy dissipation capability could oceur at an early plastic
deformation level of the structure and the structure may eventually collapse
since EBF behavior is mostly dependent on the active link.

One of such failure modes could be local flange buckling of the link. In the
instance that an active link, in addition to its usual function, is simultaneously
subjected to an axial force, the possibility of such a buckling mode may become
particularly acute. To date, no desigh recommendation has been provided for
link flange buckling failure, therefore analytical and experimental studies were
needed, and some ultimate state design criteria was necessary to avoid this

failure as well as flange fracture.
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Another possible failure mode of a link is web buckling. An active link
yielding primarily in shear in the web has been mainly studied at Berkeley and
used in practice. Such a link has been shown to be a much better energy dissi-
pator than a link yielding in moment [32,40,53,54,84]. However, for such links it
has been experimentally confirmed that web buckling due to poor stiffening
causes a substantial loss of link energy dissipation capacity during subsequent
cyclic loadings. Although a criterion for web stiffener spacing for severe cyclic
loadings was proposed previously [32], it was found to lack accuracy and ease
of application. Therefore, ‘because of the importance of the web buckling prob-
lem, a more satisfactory criterion for web stiffener spacing to control cyclic web
buckling was clearly necessary.

Furthermore, a dynamic analysis of EBF is much needed in order to exam-
ine the design result and reliability of the conclusions obtained based on the
study of EBF behavior subjected to pseudo-static loads. An accurate analysis of
such frames relies on good modeling of the active links. None of the earlier
models [32,84,98] were found to be either sufficiently accurate or efficient to be
used for dynamic analysis of EBFs subjected Lo earthquake ground motions. A
new link model for simulating random cyclic strain-hardening behavior was

much needed.

1.5. Objectives

As explained above, many problems which are extremely important for EBF
design and analysis have remained unresclved to-date. In the present investi-
galion, much effort was made to answer these problems. The objectives of the

present study may be summarized as follows :
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(1) to develop a simple analysis procedure of an EBF based on the perfectly
plastic idealization of the active link,

(2) to summarize the basic nonlinear behavior of EBFs and clarify basic
parameters which influence the EBF inelastic behavior,

(3) to develop an EBF plastic design method which is accurate and simple to
use,

(4) to experimentally investigate the link cyclic behavior and clarify the
strain-hardening effect on the plasiic capacily of the link,

(6) to develop the criteria for link ultimate state design against various flange
failures, including the additional effects from axial loading on the link,

(8) to study the past and present link test results and establish a new web
stiffener spacing design criterion to control cyclic web buckling of a link,

(7) to develop a simple and accurate mathematical link model under random

cyclic loading.

1.8. Scope

The first part of this report consists of Chapters 2 to 5, which are based on
a perfectly plastic idealization of EBF behavior. The second part includes the
effect of link inelastic deformation on both link and EBF behavior. Strain-
hardening and various failures of the link are discussed in Chapters 6 to
Chapter 8. In order to fulfill the aforementioned objectives, for each chapter,
the following studies were performed:

In Chapters 2 and 3, basic plastic theory for an EBT force field and ideal
rigid-plastic displacement field are explained, and based on these, a simple
method for obtaining the lateral load carrying plastic capacity of an EBF is pro-

posed. Basic differences in the plastic characteristics of various EBF types are
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discussed.

In Chapter 4, the theory established in Chapters 2 and 3 is employed for
various plastic problems of EBFs, where the accuracy of the theory is demon-
strated by comparing with elasto-plastic finite element analysis results. It will
be shown that link length plays a dominant role in EEF plastic capacities and
plastic mechanisms. Based on numerocus analytical results for various EBFs,
the basic non-linear behavior of EBFs is summarized and important factors to
be considered in determining EBF basic configuration for preliminary design
are enumerated,

In Chapter 5, a new plastic design method for EBFs is proposed. Because of
the simplicity of the proposed method, it was possible to write a plastic design
computer program for a general design of EBFs. Some example frames were
designed by applying this program, and the accuracy of the method is demon-
strated by comparisons with elasto-plastic sclutions.

In Chapter 8, the experimental program for a subassemblage simulating
EBF action is described. The observed cyclic behavior of different length links
tested with or without simultaneously acting axial forces are reported.

In Chapter 7, the experimental results are analyzed with emphasis on the
influence of the link length on the performance. Moment, shear, and axial force
interaction, as well as the effect of strain-hardening on moment redistribution,
energy dissipation, and flange and web buckling are considered. Based on these
results, the uitimate state design for cyclically loaded links is proposed.

In Chapter 8, a simple new criterion for web stiffener spacing to prevent
premature cyelic web buckling is proposed using the secant modulus method
based on experimental data for 30 links. The application of this criterion to an

EBF ultimate state design is also discussed.
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In Appendix, brief discussions are made on the general analysis of EBF's
having active links appropriately stiffened against web bucklings. An accurate
analysis of such frames relies on good modeling of the active links. Some shear
link models previously developed are reviewed first, and a new simple and accu-
rate shear link model for simulating random eyclic strain-hardening behavior is

discussed.



CHAPTER 2

IDEAL PLASTIC THEORY FOR

EBF ANALYSIS AND DESIGN

2.1. Research Trends in Seismic Design of Buildings

Currently, the revised Japanese Seismic Code [37] requires that except for
small buildings of a regular configuration , all structures designed elastically
must be checked for their compliance with the required lateral load plastic car-
rying capacily. It is considered that the plastic capacity of a building is one of
the key factors in determining the behavior of a structure under earthquake

excitations.

Single-Degree-of-I'reedom Modeling : - Historically, the need for ductility in
seismic design was first verified by a study considering the structure as an
equivalent single degree-of-freedom elasto-plastic system and analyzing its
response for recorded earthquake ground motions [96]. Further development
along this direction continues to-date, and in these studies, the ductility, i.e.,
the ratio of inelastic displacement to elastic limit displacement of the system,
was related to the maximum acceleration of the system under seismic excita-
tions depending on its natural period. By comparing these findings with the
elastic spectrum analyses, some convenient rules for deriving an appropriate
inelastic spectrum from the elastic spectrum were established. Since the max-
imum acceleration derived from the inelastic spectra can be expressed as the

plastic capacity divided by the mass of the system, the above studies provide

-12 -
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basic information on the effect of plastic capacity on the ductility of the system
under seismic excitation. Inelastic spectra have been frequently used to deter-
mine the the lateral forces to be used in a seismic design.

In some of the earlier research it was proposed to perform elastic dynamic
analyses of buildings using inelastic spectra [63]. However, based on some non-
linear dynamic analyses of buildings such as in Ref. 12, it has been found that
simple application of the above theories does not necessarily predict well the
response of buildings with many degrees-of-freedom systems whose behavior is
complex. Nevertheless, in order to determine the applicability of the single
degree-of-freedom approach, extensive research has been conducted in the
past. From the analytical results reported in Refs. 49, 80, and 91, it appears
that multi-story buildings with strong columns respond like a rigid-plastic
mechanism with hinges in the beams. Recognizing this, it is shown in Ref. 91
that the drift and the corresponding ductility, as well the corresponding base
shear, can be simply predicted with a remarkable accuracy by analyzing an
equivalent single degree-of-freedom system subjected to a dynamic excitation.
Similar modeling has been tried for rather tall buildings [68,85,81] with arbi-
trary strength ratios between beams and columns. Recently, for buildings with
irregular distribution of stiffness and plastic capacity through the height,
Moehle [57,58] proposed a rule for predicting building inelastic displacements
based on the elastic response spectrum. His method was verified by analytical

and experimental work.

Muiti-Depgree-of-Freedom Modeling : - An alternative dynamic analysis of
buildings is based on the mulli-degree of freedom modeling of the structure,
typically with one degree-of-freedom per story. Barlier, Penzien [66] showed

that the story plastic capacity distribution through the building height
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influences the deformation pattern of the building. More recently, Akivama [2]
also demonstrated that the key parameters for a building deformation pattern
and the damage distribution are the plastic capacity distributions along the
height if strong columns are used, whereas if weak columns are employed it is
the distribution of story stifiness along the height that determines the damage
distribution. Based on numerous analytical studies for steel frames of selected
types, he proposed some rules for predicting the damage distribution and

response of huildings based on the above parameters.

Building Dynamic Behavior Prediction Using Plastic Analysis : - In all of the
above approaches an estimate of building plastic capacities along the height is
essential for predicting the inelastic dynamic response of a building. Either the
elasto-plastic nonlinear analyses or the simpler limit analyses can be used to
estimate the plastic capacity of the frames. Moreover, the use of fictitious

static loadings was found to be sufficiently accurate for predicting the non-

linear dynamic response.

2.2. Plastic Analysis for Seismic Design

In spite of the necessily for estimating the plastic capacity of a building
indicated by the on-going research, current design practice is largely based on
elastic analysis with application of the inelastic spectrum. The members of a
structure are determined such that they remain elastic at the level of the
lateral forces found from an inelastic spectrum which is reduced from the elas-

tic spectrum by postulating an expected global structural ductility.

Advantage of Plastic Analysis for Seismic Design : - Even in applying this

simplified method, a better design can be achieved if one knows both the plastic
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capacity and the corresponding plastic mechanism of the structural frame from
plastic analysis. Since the inelastic spectrum can give the relationships
between the plastic capacity and the global structural ductility demand, know-
ing the plastic capacity of a frame results in a re-evaluation of the ductility fac-
tors initially assumed in design, and thereby a better estimate can be made for
the degree of conservalism used in the design. Also, such an analysis provides a
better insight as to how the plastification is distributed throughout the building
at critical loading. The plastic mechanisms which form hinges in the members
with poor cyclic ductility are undesirable since this can cause rapid deteriora-
tion of the plastic capacity of the structure. As stated in Refs. 50 and 70, the
assumption of elastic-perfectly plastic hysteretic behavior of structural sys-
tems for obtaining inelastic response spectra makes the use of these spectra
for structures with degenerate hysteretic loops questionable. The undesirable
plastic mechanisms causing such behavior of a frame can be detected and
avolided by re-proportioning the members if it is plastically analyzed. As dis-
cussed in the previous section, using a fictitious static loading for determining
the plastic capacity is also of great value in predicting the dynamic behavior of
a structure.

Conventicnal limit analyses have been often used in the past for estimating
the plastic capacity of a frame. According to Refs. 57 and 58, a simple load pat-
tern distributed triangularly from the top of the structure to the bottom gave a
satisfactory measure of the plastic capacity of a structure and was useful for
predicting the inelastic dynamic response. In the current Japanese code [37]
the same lateral load distribution as in the initial elastic design is given for use

with conventional plastic limit analyses.
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Plastic Analysis and Design of EBFs : - For a good design of EBFs the plastic
capacity should be determined requiring the knowledge of active link plastic
behavior. In this chapter, the behavior of ideal-plastic active links is discussed
first on the basis of previous studies. As shown by Manheim [54] in his investi-
gations of EBF mechanisms, the strong column design with no brace buckling
develops the optimum plastic capacity and stability of a structure. Such
mechanism which impose plastic action in the beams can be obtained if EBFs
are designed plastically as discussed in Chapter 5.

In order to discuss ﬁhese desirable energy dissipation mechanisms, (in
plastic analysis commonly known as collapse mechanisms), a first order rigid-
plastic displacement field will be adopted following the conventional limit
analysis procedures. Both exact and approximate formulations of such
mechanisms will be given for various types of EBFs, Using this development, the
methods for estimating the plastic capacity of EBFs and the plastic deformation

demand on the members are proposed.

2.3. Ideal Plastic Behavior of Active Links

Basic Definition of Links and Plastic Hinges : - The performance of EBFs
largely depends on the active link. As shown in Fig. .1, for a well-designed
structure the inelastic activity is widely distributed so that a large portion of
the energy generalted by an earthquake can be dissipated. Based on recent
analytical studies [40], the classification of ideal plastic active links given ear-
lier in Ref. 74 is somewhat modified. It is convenient to identify three types of

hinge shown in Fig. 2.1, as follows:
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(1) Plastic hinges developing moment M, [Hinges (1)].

(2) Plastic hinges developing moment larger than M, and less than My
which are simultanecusly subjected to relatively high shear [Hinges
(2)1.

(8) Plastic hinges with moments equal to or less than Mp' accompanied by
web yielding in shear of ¥, [Hinges (3)].

The basic quantities Mp', Mp, Vo associated with the above hinges are defined as

follows:
My, =0y Z (2.1)
My =g, (d—t;) (6,—1t,) t; (2.2)
Vo= —e(d—t;)t, . (2.8)
V3
where

= plastic moment capacily of a beam,

My
Mp' = plastic moment capacity of a beam reduced by shear,
Vp = plastic shear capacity of a beamn,

oy = yield strength of steel,

Z = plastic section modulus,

d, {y, t,, b, = depth, flange thickness, web thickness, and flange width of
a beam, respectively.

Fig. 2.2 shows a typical moment-shear {(M-V) interaction curve for a steel wide

flange beam section. In terms of My, M;, and Vg the curve can be approximated

by Neal's expressions as follows [81]:

VR, (M = M) (.4)
M- ¥ (v

o+ = =1 (M= M), (2.5)
[Mp — Mp | F
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Considering the equilibrium for the link shown in Fig. 2.3 with the flanges in an
axially plastic state, and the web in a shear plastic state, the mazimum shear

hinge length & * based on ideal plastic theory is expressed as

. 2My ”

6" = —Tf-;_ (2.8)
If a link is shorter than &°, Figs. 2.2 and 2.3 show that link web yields in shear.
Such a link is called a "shear link", and hinges formed conform to classification
3 above. In contrast with what is commonly called moment hinge (for example,
see Ref. BO), for shear links the hinge is termed a shear hinge [54]. Previously
[32,563,84] it was shown that shear links offer excellent ductility under cyclic
loadings if appropriately sized and spaced web stiffeners are provided to
prevent inelastic web buckling. Also, experimental and analylical studies
[32,40] have demonstrated that shear links provide larger dissipation of energy
than links whose lengths are larger than b° in which the hinges will form in the
manner described for types 1 or 2 above. A link having a hinge of type 1 is
called a "moment link", whereas a link with a hinge of type 2 will be fermed an
"intermediate link".

It has been experimentally verified [32] that due to the high shear force
which develops in a shear link most of the inelastic shear deformation is due to
the inelastic shear strains in the web. On the other hand, due to the high end
moments in a moment link, the inelastic axial strains in both flanges and web
increase the link curvature at the ends in agreement with ordinary beam
theory. The moment links are sufficiently long such that no plastic shear defor-
mation of the web takes place. For an intermediate link, whose length is
between those of the shear and the moment links, the inelastic deformation is
due to both shear and moment mechanisms. For these reasons the normality

rule often used in plasticity was applied in Ref. 32 to the yield surface in the -
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V space such as shown in Fig. 2.2. According to this rule, region 1 of the #-V
yield surface shows that the link deformations are due to the increase of curva-
ture conjugate with the moment, whereas region 3 suggests that most of the
link deformations are due to shear deformation conjugate with the shear force.

Based on the above considerations the active links of the energy dissipa-
tion mechanisms for EBFs shown in Figs. 2.1(a) and (b) are designated types 1
through 3. In Fig. 2.1{a), the hinge on each active link with a length e<b "’ can
be classified as type 3. The single hinge at the left end of the roof beam is of
type 1 if axial force in the beam is not significant. The hinges at the left ends of
the links of length ¢’ on the 2-nd and 3-rd floors are type 2. In Figure 2.1(b),
the hinges on each active link with a length e<b” are of type 1. Column hinges
at the ground level in both frames have moment capacities reduced by the axial
forces. From this point of view, the kinematic fields shown in the above two
figures are approximate, as they do not take info account the mechanism com-
bining the bending and axial deformation such as discussed in Ref. 256 and 83.
Since for the theories developed in this report the axial deformations concen-
trated at the column base plastic hinges do not play a significant role, neglect-
ing them results in analytical simplification.

It is to be noted that the moment capacities at the two hinges of type 2 in
Fig. 2.1(a) depend on the magnitude of the shear forces (see Fig. 2.2). Typically
the braces interconnecting the links of length e in the floor above with the
lower links of length e * will transfer most of the shear force in the upper link to
the lower link. For the lower link the required link capacity can be expected to
be equal or to be somewhat greater than that for the link in the floor above.
Therefore if a shear link is used at the floor above, the shear force in the lower
link is approximately equal to or slightly less than the shear capacity of the

lower link. Accordingly, from Tig. 2.2 it follows that the moments at type 2
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hinges are M, or slightly larger.

Link End Moments in the Limit State : - According to the ideal plastic
theory adopted in Refs. 32 and 54, active links in the limit state should have
equal end moments sinee the link is subjected to the same shear and both of its
ends develop large plastic deformations. Egual end moments reach the saine
point on the M-V yield surface such as shown in Fig. 2.2. The presumably equal
end moments are of great importance for limit analysis of EBFs, In designing
members, additional consideration is needed for estimating link end moments.
A further discussion of this problem is given in Chaper 5 as well as Chapters 8
and 7 where the strain-hardening of steel and its effect on the link end

moments is considered.

Axial Force Effect on the Link Capacity : - It has been recognized that in
usual EBF design the axial force in the link is small. However, as will be pointed
out in Chapter 3, depending on the arrangement of the EBF bay in the global
structure, a large axial force may develop in the link. For such cases, it is pos-
sible to adopt the ideal plastic solution of the moment-shear-axial force
interaction proposed by Neal [62] or Kusuda [45] for determining the link capa-
city. However these solutions are too complex for use in actual design. As will
be discussed in Chapter 6 and 7, an experimental study was undertaken to
determine the axial force effect on the link capacity and a simple relationship
for this effect including strain-hardening was obtained. This problem will not be

discussed in this chapter, since, as will be shown later, the axial force effect is

usually small.
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2.4. Energy Dissipation Mechanisms and Link Deformation Demand

Limit analysis of steel frames is usually concerned with determining col-
lapse mechanisms with plastic hinges in the assemblies of rigid-plastic members
[3\]. Such collapse mechanisms provide a good basis for a simplified analysis of
structures. Using this approach for estimating the upper bound limit load of a
struclure, the designer can select a cellapse mechanism which can sustain the
maximum load satisfying design requirements, such as the strong-ceolumn
weak-bearmn concept, and find the corresponding member strengths. It also
enables one to estimate the member local ductility demand by studying the glo-
bal displacement of a structure in the ultimate limit state [54].

In this section the rigid-plastic displacement fields of EBFs based on col-
lapse mechanisms will be discussed, which in seismic design takes on the mean-
ing of energy dissipation mechanisms. Previously Manheim [54] determined
such a displacement field for two 3-story EBF examples of particular types. The
present study offers an alternative approach which is more general and is
simpler to apply. The proposed solution could be used for an EBF of any
number of stories and of several types. It also includes the effect of pansl zone
width in beam-column joints. When the panel zone does not significantly deform

in conformity with good practice [72], this method is applicable.

Rigid-Plastic Displacement Field for D-brace Frame : - Fig. 2.4 shows a
rigid-plastic displacement field for a porticn of the D-brace frame of Fig. 2.1.
Some latitude in selecting the collapse mechanism is possible subject to
kinematic constraints. For the selected mechanism to occur, the column
should remain elastic except at the column bases.

Fig. 2.4(a) shows the typical mechanism at an i-th level of an N-story D-

brace frame where the points A;, B;. C;, D, are, respectively, the right end of a
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right link, the left end of the same link at a brace, the right end of a left link at
a brace, and the left end of a left link. In order to define the geometry of this

frame, the following topological parameters are required: The right link length

A B, is called e, intermediate beam length ﬁ:ﬁ: is called a;, and left link length
E;D_i is called g, respectively. It is assumed that the eccentricities g;'s are
sufficiently large in comparison with e;”’s to eliminate other hinging. The possi-
bility of such hinges is discussed in the next chapter. Rigid end zones having
lengths equal to half of the column depth are postulated. These lengths are
called d;,; and dg;, respectively, for the left and the right columns. The con-
stant span length between the column center lines is called L.

The angular distortions of the beam at points A;, B;, and D; are called 4,,,
¥g; ., and ¥y, respectively, and the horizontal floor displacement at the i-th level
with respect to the undeformed state is called Ap;. Considering only the
geometrical first order effects in accord with usual limit analysis, for the given
plastic story drift angle ¥,, the expressions for ¥a;. ¥p;. ¥pi. and Ap; are

obtained in terms of the topological parameters enumerated above. As shown

in Fig. 2.4(a), since the rigid elements B;D; and C;_,D;_, are connected by the
rigid brace B;C; .. they act like a mechanism with hinges. Therefore the rota-

tions dp; and ¥p;_, are related by the following equation:

ey
. = . 2.7
raDz {ai+e@'] ﬁDz 1 ( )

Using this equation in a recurrence expression, and noting that point C at the
ground {i=0) does not move {see Fig. 2.4{b)), one obtains the following general

expression:

By = B’:‘_l g; ] 26 86+dL0] o (2 8)
D4 ai+e';' ................... az+e§J a1+e; 86 J P +
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where {(eg+dpg) is the distance of brace offset from column center line at the
ground level. With the above equation the following additional recurrence for-

mulas at the i-th floor level can be obtained for ¥,;, ¥, and Ap;:

e, +a,
13,“_ = [é—[’— ’lgp— : ) : ’?3]31; (2-9)
1 1
Vps = Faq — Vpy (2.10)
Ay = [L—ei"dRz']”"p—[ev:‘"L“i}ﬁDi (2.11)

By using Egs. 2.8 to 2.11, ¥p;, ¥, ¥p;. and Ag; can be calculated beginning
with the first story (i=1). It should be noted that when eg+d; =0, correspond-
ing to the case of intersecting brace and column centerlines at the ground level,
Y¥p; in Eq. 2.8 vanishes. Therefore ¥,,, ¥g;, and Ag; in Eq. 2.9, 2.10, and 2.11 will
not have any contributions from their second terms on the right hand side of
the respective equations. Further, even for the case of an offset brace, as the
value 1 increases, as can be recognized from Eq. 2.8, the ¥p,; rapidly approaches
Zero.
As a simple example, consider a D-brace frame having /=288 in., 2;,=48 in.,
=12 in., d;=dg;=7 in., and @;=214 in. for an i-th level. Applying Egs. 2.8 to

2.11 gives the following result in the order from i=1 to N.:

dpy = 0.08%3¢,, 0.005¥,, 0.0000,, ........... , & 0, (rad) (R.12)
Vae = 5.5829,. 5.977,, 5.9999,, ... . N B9, (rad) (2.13)
dp; = 5.4938,, 5.9729,. 5.999%,, ... . R BY, (rad) (R.14)
Ap; = 212.99,, 231.9%,, 233.00,, ............. . A O2838, (in) - (2.15)

As can be seen from the above, ¥p; becomes negligibly small at the higher floor

levels, thereby its influence on other quantities rapidly diminishes. Eg. 2.8
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indicates that the same trend develops even if e, ei', o;, dy;, dry vary

throughout the height of the frame. Accordingly,

Yp; MO (2.16)
By N ’_L_.‘qg (2.17)
t e.” P
f L 1
o5 % |l (2.18)
€
\
AB.,; R [L -8y _dRi] ’lsp . (219)

Noting the expressions for ¥,; and ¥p; given by Fgs. 2.13 and 2.14, or approxi-
mately by Egs. 2.17 and 2.18, it can be said that the energy dissipation mechan-
isms for EBFs require large plastic deformations of the links of length e;. How-
ever the required plastic rotations ¥p; at the left end of links of length ¢’ are
negligible. The approximate relations, Kgs. 2.18 to 2.189 can be used for the pur-

pose of design, since they are in good agreement with the more accurate Egs.

2.8 to 2.11.

Comparisons of D-, K-, and V-brace Frames : - Using the above approach,
the mechanisms for different types of EBFs can be compared. The desirable
energy dissipation mechanisms for these frames are shown in ¥Figs. 2.5 to 2.9,
Figure 2.8 shows that the K-brace frame mechanism geometrically consists of
two D-brace frame mechanisms, therefore the link angular rotations and floor
deformation can be obtained from either the exact or approximate equations
given previcusly by setiing L equal to L/2, ¢; to g;/ 2, and dg; to 0, respec-
tively. The V-brace frame shown in Fig. 2.7 also can be said to develop two D-
brace frame mechanisms. Hence the analysis can be achieved using the carlier

equations by setting L equal to L/ 2, e equal to 0, and taking d;; as 0. The
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same approach as for this V-brace frame can be used for the V-brace frame
illustrated in Fig. 2.8.

Based on the above considerations, comparisons of active link deforma-
tions and floor deformations can be made using the following approximate

equations for frames of different types:

For D—brace frame: 7, = eA- Ypi, Bpi= [L—e‘- ﬂdR.;] By (2.20)
L
f L 3

For K—brace frame:  7p; = || ¥p:. 8;:= [L—ei] Ty (R.21)
J tl

[
For V—brace frame: 7,; = L‘ ] Vo, Api= {—é‘—-mei —dp;

where 7, ; and A, ; are, respectively, the average link plastic deformation angle
and the horizontal plastic floor displacement measured from the undeformed
position (for a D-brace frame, yp, ;=(%,;+9g;)/ 2, and Ay ;=Ag;).

The above results indicate that for a given ¥,;, the link deformation
demand 7, ; is larger if the span length [ is large and/or e; is small, whereas the
floor deformation Api is mainly governed by the span length /., and is not very
sensitive to a variation in e;-magnitude. For the D- and K-brace frames, y,; and
Ay ¢ are almost the same unless the column depth is unusually large. It is also
important to note that for the V-brace frame, for links of the same lengths e,,
7p¢ and Ay, are only one-half or less compared with those in the D- and K-
brace frames. As Willlbe pointed out in Chapter 4, this is an advantage of V-

brace frames.

Y-brace Frame : - It also may be interesting to comment on the unique

frame type shown in Fig. 2.9, called an inverted Y-brace frame [31,79]. As
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shown, the mechanism of this frame is completely different from those of the
other frame types. The figure suggests that the deformation demand for this
link is {(h;/ ei)ﬂp, where h; is the story height at the i-th level. Therefore, for
this inverted Y-brace frame, instead of the span length L, the story height A,
becomes the key topological parameter for link deformation demand, which
completely differs when compared to D-, K-, and V- brace frames. Considering
the usual proportions of the frames, this frame then has an advantage in that
the link deformation demand may be less than those in the D- and K-brace
frames and is competitive with the V-brace frame. However, since a link
directly resists lateral loading, the plastic shear capacity of this link should
develop nearly the whole lateral story shear force cumulated from the top of
the structure to the corresponding level. This would necessitate the use of
much larger link beam sections than those needed for D-, K-, and V-brace
frames (see Section 5.7) to resist the same lateral loading. Furthermore, the
braces would be exposed to large bending, and since it is technically difficult to
support the link and the braces laterally, there is a possibility for an out-of-
plane buckling of these members, It also appears that the fabrication of this
system of bracing is more complex. At Berkeley, this type of frame has not
been studied either experimentally or analytically, therefore no further discus-

sions will pertain to this frame.

2.5. Conclusion

The following conclusions based on the developments in this chapter can

be made.
1) EBF must have an adequate lateral load carrying plastic capacity and must
q ying p

exhibit desirable mechanism accompanied by plastic link deformation in an
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(3)

(4)

(5
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overloaded structure.

Based on the idealized interaction of moment and shear force of wide
flange beams, three types of links can be defined according toc their
lengths.

The rigid-plastic displacement field for an EBF representing the desired
energy dissipation mechanism provides a basis for obtaining the link defor-
mation demand and the lateral load carrying capacity for an EBF.
Typically, the plastic deformation of the link of length e * is negligibly small,
and its effect on global rigid-displacement field of an EBF is extremely
small. Some exceptional case is explained in Chapters 3 and 4.

The link deformation in a V-brace frame is only one-half of that in the

other type frames if the link lengths and the span lengths are the same.



CHAPTER 3

A METHOD TO OBTAIN EBF PLASTIC CAPACITY

3.1. General

According to previous research [54], the energy dissipation mechanisms
discussed in the previous section for the varicus EBFs generally produce the
most advantageous behavior for strength and ductility. Manheim [54] proposed
a method of computing the upper bound load for EBFs based on energy dissipa-
tion mechanisms. However, using the ideal link M-V interaction described in
Section 2.3 and the solutions proposed in Section 2.4 for rigid-plastic displace-
ment fields of EBFs, a more general treatment and simplifications can be intro-

duced for obtaining EBF plastic capacity.

3.2. Internal Virtual Work of D-brace frame

Considering the mechanism shown in Figs. 2.1{a) and 2.4 for a D-brace

frame, one can obtain the feollowing expression for the internal virtual work W;

done by the plastic virfual story drift angle ¥,:
Wr= W + Wig + W3, (3.1)

where Wy, is the internal work due to the plastic shear and bending deformation
of the links with lengths e;, the expression for which combining the action of
moment and shear is given in Ref. 33. Wy, is the internal work due to the plastic

deformation concentrated at the column face of the links with length ;" and the

- 28 -
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roof beam (see Fig.2.1), and W4 is the internal work due to the plastic deforma-

tion of the columns at the column bases. Accordingly,

W= 3 [ MagS82) + My 983 + Vagee (83 +585))/72 ] (3.2)
i=1,N

Wiz = 3 [ Mp;Sps | {3.3)
i=1,N

Wes = [ Mog1 + Mepa 195, (3.4)

where M,;, ¥p;, and Mp; are, respectively, the moments at A;, B;, D;, at the i-th
level of an N-story D-brace frame shown in Fig. 2.4, and Mgy and Mg are,
respectively, the right and the left column base moment. 4,;, dg;, and dp; were
expressed in terms of 9, in the previous section. It should be noted that
Vi =848 +943) where the first term on the right hand of this equation indicates
rotation due to bending at point A and the second due to shear. Similar expres-
sion is also used for ¥g;. In Eq. 3.2, the third term on the right hand side
expresses the work done due to shear deformation of the link. This expressicn
was given in Ref. 54 based on the assumption that the shear strain in the link
varies linearly over the link length. Henceforth, the properties M, M;, Vp, and

b’ of the link located at the i-th level will be called Mpir Mpi. Vpyo and [

respectively.

Internal Work By Link of Length e : - For obtaining W, the following pro-
cedure can be adopted. As discussed in Section 2.3, in ideal plastric theory the
end moments M,; and My, of a link with length e; are equal in the limit state.

Accepting this and a statical relation for moment and shear force,

VAB'Q’
MA',‘_ = MB';. = _211_. (35)

where V,p,; is the shear force in the active link located at the i-th level. Substi-

tuting Eq. 3.5 into Eq. 3.2 and combining bending and shear deformation,
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W= 2 [ Vapiei(¥as + 05 )/ 2] (3.8)
i=1N§
If instead of the exact Egs. 2.9 and 2.10 for ¥,; and ¥g;, the approximate Egs.
2.17 and 2.18 are substituted into Eqg. 3.6, then the following expression for W,

is obtained:

Wy, ™ 'ZN[ Vapi 128, (3.7)

i=1,

This equation is very easy to apply since W is simply the summation of the
shear forces Vyp;'s in all links of the frame multiplied by L9,. The approximate
expressions for ¥,; and Up; overestimate the more accurate magnitudes given
by Egs. 2.9 and 2.10 merely a few percent at the 1-st level of the frame and pro-
vide accurate estimates for the remainder of the frame. Therefore the degree
of overestimation of #;; for a multi-story frame on this basis is insignificant.

According to Eq. 3.7, the magnitude of ¥}, can be obtained if one knows the
magnitude of ¥,p,. To accomplish this it should be noted that in addition to Eq.
3.5, Mp;, Mp,;, and V,p, must also satisfy the M-V interaction relationships
expressed by Egs. 2.4 and 2.5. Accordingly, when g;<b°*; the link is a shear link

L4

with end moments less than M,; and

Vap: ™ Vpq (e<by). (3.8)
On the other hand, when e;>b";, the link is categorized as an intermediate or
moment link, where the end moments become larger than M;; and equal to or
smaller than M,;. Therefore, substituting Eg. 3.5 into Eq. 2.5, the following

equation can be oblained:

1
=1 (e=b"), (3.9)

» 2
Vapiea/ 2 = H5i )° [Vm—
Mpi — My J Y

pi

For a given g, M,;, My;, and V,;, Eq. 3.9 becomes a quadratic equation for Vp,

and can be solved easily. Here, in contrast to Eq. 3.8, the magnitude of V3, is
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less than that of V.

Fig. 3.1 illustrates the above solution scheme showing that the magnitudes
of Vyp; depend on e;. If g;<b*;, the solution point on the interaction surface lies
to the left of the balance point and is identified in the figure as solution 1. For
this case the Vjp;-magnitude is the constant ¥,; per Eg. 3.8. By contrast, if
g;>b";, the solution lies to the right of the balance point and is designated as
solution 3 in the figure. For this case the Vygp;,-magnitude depends on the e-

magnitude per Eq. 3.9. In this manner, Wy given by Eg. 3.7 can be estimated.

Internal Work By Link of Length e* : - I'or estimating #;,, the magnitude of
Mp; in Eq. 3.3 must be known. As discussed in Section 2.3, such magnitude
depends on the shear force in the link of length g Since the plastic rotation
occurs only at one end of this link, as shown in Figs. 2.1(a) and 2.4, the end
moments are not necessarily equal suggesting that the simplification used for
deriving #;; above cannot be used. Although general iteration procedures for
oblaining forces in rigid-plastic frames under combined stresses have been pro-
posed [25], and probably can be modified to solve the present problem, the fol-
lowing alternative approach, taking advantage of the special kinematics of
EBF's, is proposed.

The order of magnitude of #;; and Wy, expressed, respectively, in Egs. 3.2
and 3.3 can be compared by examining the order of magnitude of the moments
and the conjugate plastic rotations appearing in these expressions. First, as
indicated in Section 2.3, the magnitude of Mp,; of a section would be Mp'i or
somewhat higher, but certainly bounded by M,,. Therefore, since a constant
beam section is usually used throughout the span length L, the magnitude of
Mp; should be of comparable order of magnitude with those of M,; and Mg;.

Second, as shown by Egs. 2.12 through 2.14, and Eqg. 2.168 through 2.18, the
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magnitude of dp, is generally extremely small compared with those of 4,; and

¥p;. Therefore

MpyBpy < MpyBp; + Mpidpy. (3.10)
This leads to the conclusion that

Wre << #ry. (3.11)

Therefore the internal work done by the hinges at points D; {(i=1,N) is negligibly

small compared with that done by the plastic hinges of the links with lengths e,.

Internal Work By Column Bases : - For estimating W5 in Eq. 3.4, the magni-
tudes of the moments My, and Mo at the column bases should be known.
These moments depend on the axial force magnitudes in the columns since the
interaction between the moment and the axial force on the column member
capacity is very significant. However, using an approach similar to the above,
the following appreximation can be introduced.

The magnitudes of #;, and W;3 expressed by Egs. 3.2 and 3.4 can be com-
pared by examining the magnitudes of the moments and the conjugate plastic
rotations appearing in these expressions. As will be shown in Chapter 5, in the
usual design of a D-brace frame, the column moments Mg, and Mg, are of
magnitudes close to those of My, and My, which cceur in 1-st floor level links.
Further, as indicated by Egs. 2.17 and 2.18, §,, and g, are approximately

L/ e, times ¥,. Therefore, in general,
(Mepy + HMep2)0p < My Bp1 + M5195, . (3.12)

Numerical experimentation in the design and analysis of EBFs showed that typi-
cally W 1s at most 2e,/ L times the internal work done by the links at the 1-st
level. Since many links occur in a multi-story frame, W3 would be much smaller

than the work dene by all the links, i.e.,
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Wis <& Wy {(3.13)

Total Internal Work : - Considering Eqgs. 3.1, 3.7, 3.11, and 3.13, the follow-
ing approximation can be used with very little error in estimating the internal

energy of the frame.

Wy~ Wy N‘EN[ Vapi 1L 9, {3.14)
=1,

This shows that in an EBF most of the energy is dissipated by the plastic defor-
mation of the active links, It is also interesting to note from Fig. 3.2 the physi-
cal meaning of Iq. 3.14 by displacing a D-brace frame to the right and to the
left. The first mechanism will be called Mechanism 1 and the second Mechanism
2. In these mechanisms the links rotate in opposite directions. The work done
by a link is simply the link shear force times the relative displacemsnt of the

link, which is approximately L9,, and is the same for either Mechanism 1 or 2.

3.3. External Virtual Work of D-brace Frame

The virtual work Wy done by the external forces is given by:
Wg = Wg, + Wgg (3.15)

where Wg, is the work done by the lateral loads and Wg; is the work done by

vertical loads.

External Work By Lateral Loads : - Fig. 3.3(a) shows the lateral force distri-

bution on an EBF exhibiting two possible Mechanism 1 and 2; for either case the

Wz, can be expressed as

Wer=¢ 2 [ L H 16, (3.18)

i=1.N
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where F; and H; are, respectively, the generalized lateral load and the distance
of lpad application point from the ground. The parametler ¢ is an unknown load

factor.

External Work By Vertical Loads : - For estimating Wg, first consider
Mechanism 1 where the lateral load acts frem the left to the right and the verti-
cal load will produce positive external work as in Fig. 3.3{b}. This mechanism is
the same that would result under the condition of no veriical loads. The verti-
cal load is modeled as a point load type and it is assumed that no vertical load
acts on the link so that the shear force throughout the link length remains con-
stant, enabling the use of the previously developed plastic theory formulation.
For the case of a linearly varying shear foree in the link, see Chapter 4. The
work done by all the point loads at each story level can be simply expressed as
the total load acting on the beam times the displacement of the centroid of the
point loads. Therefc;re such work can be expressed for the i-th level as
w; L-Ag;/ 2, where, as shown in Fig. 3.3, w; is the magnitude of equivalent uni-
form load and Ag; is the vertical displacement of the point B;. Accordingly, for

an N-story D-brace frame,

Wee = = 2 wiLhp; . (3.17)
2w

The Ap; was previously expressed by either the accurate Eq. 2.11 or the approx-
imate Eg. 2.18. The latter simpler equation gives a sufficiently accurate esti-

mate for Ag;. Hence
ABi R‘-‘(L—Bi"‘dRi)’lyp. (318)

By substituting Eq. 3.18 into Eq. 3.17, one obtains the following expression for

Wgp in terms of Yy and tepological parameters:

&

1
Wez "2—2 wy(L —e; —dp;) LYy (3.19)
*

=1,
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Next, consider Mechanismiz in Fig. 3.3 corresponding to the case where the
lateral load acis from right to left. With under no vertical Ioads, the mechanism
is analogous to the one before. For this mechanism to oceur it is assumed that
g’s are sufficiently small compared with e;’s and the magnitude of the vertical
load is sufficiently small to cause no intermediate plastic hinge within the span.
On this basis, Wp; can be calculated in the same way as above, but it should be

kept in mind that the work done by the vertical loads is now negative, i.e.,

. 1
W.E'E ~ e z 'LU-‘(L ~ei —dRi) L’ﬂp (320)
% TN

3.4. Virtual Work Solution for a D-brace Frame

Both external and internal work for a D-brace frame were expressed above

for a virtual displacement ¥,. Since
WE = W_{ I (3.21)

one can determine the unknown lateral load factor £. Based on Egs. 3.14 and

3.15, the above eguation yields:
Wegy + Wgp = W . {(3.22)

For Mechanism 1, using Egs. 3.16 and 3.19 for Wy, and Wg,, respeetively, and Eqg.

3.14 for W, one obtains

¢ Y [(Fr]s, + L O [wilL~e;—dp) 100, = ¥ [Vag: L%, (3.23)
t=1,N 2 i=1,N =1 N

Therefore for Mechanism 1,

1
L 2 [VAB-E - E"wi(L—ei—dRi)]
E=1,N

£= = SR E]

i=1N

(3.24)
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For Mechanism 2, using Eq. 3.20 for Wg,,

LY [Vae + gra(b=e;=dny)]
T Y RAD (929

i=1N

If no vertical loads are acting, by setting w;=0 in Eqgs. 3.24 and 3.25 for both

mechanisms, an identical simple expression for £ is obtained:

L{EN[ Vagil
= SRR 529

i=1,N

Once £ is determined, the lateral load capacity of a frame can be calculated
knowing that the lateral forces are £F; (1 =1, N}. It can be recognized from Eqgs.
3.24 through 3.26, that the vertical loads will decrease the plastic capacity of
the frame if the lateral loads act from left to right on the D-brace frame, and
increase otherwise. As one can also recognize from the above solutions, £
depends on the link length e; since Vg, is a function of g;. Further discussion

of these points is given in Chapter 4.

3.5. Alternative Solution for D-brace Frame Plastic Capacity

In general, a limit analysis solution based on the yield criteria of the
members and assumed mechanism of a frame gives an upper bound estimate of
the frame plastic capacity since the solution does not necessarily satisfy equili-
brium. The scolution which gives the lowest estimate of plastic capacity among
all other solutions based on the various assumed mechanisms is exact. There-
fore the assumption of an appropriate mechanism plays a major role in estimat-

ing the BEBF plastic capacity.
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In the above discussion it was assumed that the D-brace frame exhibits
either Mechanism 1 or 2 which are the reverse of each other. When the lateral
load acts from left to right, the solution based on Mechanism 1 would provide
the most appropriate estimate for a D-brace frame capacity. With large vertical
loads, it was initially felt that another mechanism with hinges in the intermedi-
ate region of the beam may occur; however, as will be discussed in Chapter 4,
such a case is not likely to ocecur.

On the other hand, if the lateral load acts from right to left, there is a need
to reconsider Mechanism 2 if the magnitudes of the vertical loads and/or of the
g;’s are large. A mechanism with refinements on Mechanism 2 will be referred
io here as Mechanism 3, see Fig. 8.4. Similar to the the virtual work approach
discussed for Mechanisms 1 and 2, the same approach can also be applied to
this case. Fig. 3.4 shows that Mechanism 3 consists of three types of beam
mechanisms {a), (b), and {¢). The beam mechanism (a) is the same one as used
previously in Mechanism 2 and is formed by the plastic deformation of link ATE:
of length #;, and may develop in Mechanism 3 also. The beam mechanism {b) is
formed by the plastic deformation of link (_3;17; of length g;”. The beam mechan-
ism (¢} consists of simultaneously occurring plastic deformations in links ATE:

and C;D,.

Internal Work for Alternative Mechanism : - For the beam mechanisms (a)
and (b) in Fig. 3.4, the internal work done by the links at the i-th level, namely
W;,8) and W) can be simply calculated as the link shear force times the rela-
tive link displacement £49,. As explained previously for deriving Eq. 3.7 from Eq.
3.8, this can be justified since the plastic rotations at both ends of the link are

of the same magnitude. Accordingly, for beam the mechanism (a),

Wr®) = Vg, LS, (3.27)
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and for the beam mechanism (b),
W)= Vop L, (3.28)

For the beam mechanism (¢), illustrated in Fig. 3.4, the plastic rotations of
the links at both ends are not equal, thus the above simplification cannot be

made, and the rotations for the link ATB: are expressed as

yA
Baq = . Bp {3.28}
1)
and
L, L
Vg; = [ei + o ]ﬂp, (3.30)

which is larger than dp; forrthe bearn mechanism {a). By substituting the above
relations into Eq. 3.6, the work done by this link is seen to be
Vapi{1+e,/Ra;)8,, larger than the work done by the beam mechanism (a)
given by Eq. 3.27. The contribution to the work done by the link Cjﬁ; should
also be included. The total work done by the two links for bearn mechanism {c)
is
Wi lo) = Vyp (14 -f"—)w + Vepi {1+ —ei.—)w , (3.31)
20, L ¢ 2a,; pA
indicating that this beam mechanism produces much more internal work than
the beam mechanisms {a) and (b).
As discussed previously, neglecting the relatively much smaller work done

in other regions of the frame, the total internal virtual work can be expressed

as

Wy ™ iy, ™ EW]II(G) + EWHU’) + mel(c) (3.32)
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External Work for Alternative Mechanism : - The equations for the external
work due to the lateral load has the same form as that for Mechanisms 1 and 2.

Its basis is illustrated in Fig. 3.5{a). Accordingly,

Wg, = ¢ ‘EN[ F H 19, (3.33)

The external work done by the vertical load can be estimated using Fig. 3.5(b).

For the beam mechanism (a), the point B; moves upward and the work due to

the vertical load is negative which has the same form as Fq. 3.20, ie.,
Wral®) ™ = 2wy (L — e ~dpo) L9, (3.34)

For the beam mechanism (b), since the peint C; moves downward, the work due

to the vertical load is positive, L.e.,

1 .
Wgal®) m EY wy(L—e)—dp;) LY, (3.35)

For the beam mechanism {(c) where the point B; moves upward and the point C;
downward, it was found that the work done by vertical load is negligibly small

compared with the above estimates, hence
Weo'®) m 0 (3.38)
Accordingly, the external work done by the vertical load in Mechanism 3 is

Wog 3 Wral® + 3 Wl + 3 W) , (3.37)

Yirtual Work Solution for Aliernative Mechanism : - Based on the above dis-

cussion, £ can be obtained using the above relationship Eq. 3.22 and to find

£ = ‘E‘T%m {%[VAB'E + %wi(L_ei —dgy)]

i=1,N

b
1 .
+ g[VCDi - ‘z‘wi(L —-e—dp;)]
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*

SV (1 ) & V(14 210y (3.36)
AB+ 2a; Coi 20.,;

By comparing Fgs. 3.25 and 3.38 for Mechanisms 2 and 3, respectively, the fol-
lowing observation can be made: As explained previously, ¢ is proportional to
the magnitude of the internal work done by the links minus the external work
done by the vertical loads. Since Mechanism 3 essentially has larger internal
work dene by the links due to the formation of beam mechanism {c), if w; is
small, £ for Mechanism 3 is likely to be larger than that for Mechanism 2, which
suggests the development of Mechanism 2. However, if w; is large, Mechanism 3
without beam mechanism (a) and a large number of beam mechanisms (b) would
have large positive external work done by the vertical load, which could result
in smaller ¢ compared with that for Mechanism 2, since the external work done
by the vertical load for Mechanism 2 is negative and has the effect of increasing
£. Only actually comparing the magnitude of ¢'s for the assumed mechanisms,
can a conclusion be reached as to which mechanism would occur. In Chapter 4,

the above solutions are applied to some example cases.

3.8. Plastic Capacity of K-, and V-brace frames

Plastic Capacily of K-brace Frame : - The above discussion pertained to a
D-brace frame. Fig. 3.8 illustrates the internal and the external work of an
eccentric K-brace frame. Since the plastic rotation angles are the same at both
ends of a link, the internal work can be calculated as the link shear force times
the relative link displacement as previously explained for a D-brace frame.

Accordingly,

Wi R Y [ VagJL5,, (3.39)
i=1,N
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and for the external work done by the lateral loads,

Weo=¢ P LFH 1%, (3.40)
i=1.N

It should be noted that due to symmetric configuration, the plastic capacity of
the K-brace frame is the same regardless of the lateral load direction even in
the presence of vertical loads. Therefore if 2,"’s are small; Fig. 3.6{b) shows that

the work done by the vertical loads is zero, iL.e.,
Wga =0 (3.41)
Considering the above relations, regardless of the lateral load direction,

L__ZN[ Vapi]
Y RAT (3.42)

i=1.N

If the vertical load and/or e;'s are large, as with Mechanism 2 of a D-brace
frame, due to large plastic deformation of the link with length e, the vertical
load may do positive work so that £ may be reduced. Fortunately, however, for
this frame in practice e; is usually kept small; thus this behavior is not

expected. This problem is discussed further in Chapter 4.

Plastic Capacity of V-brace Frame : - It is interesting to comment that for
the V-brace frame shown in Fig. 3.7, the internal work done by each link is only
half of that in the links of other types of frames, since the plastic deformation
of a link at each story level is one half that for a D- or a K-brace frame as shown
earlier by Eq. 2.22 and Figs. 2.7 and 2.8. However, at each story, a V-brace
frame has two links, thus the internal work of a V-brace frame becomes the
same as that of a D- or a K-brace frame. Furthermore, due to symmetric
configuration of this frame, the same conclusions as those for a K-brace frame

follow for the external work due to the vertical loads. Accordingly the above
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Egs. 3.39 through 3.42 for a K-brace frame are also valid for a V-brace frame.
Since no eccentricity e is present in this frame, the consideration for an alter-

native mechanism under vertical loading is not needed.

Comparison of Plastic Capacities of Three Frame Types : - Based on the
above considerations for D-, K-, and V-brace frames, regardless of the frame
type, if the beam sections, span lengths, story heights, and link lengths are the
same, the lateral load carrying capacities of the frames are the same, however,
in the presence of vertical loads, the D-brace frame forms an exception. 1t
should be noted that because of the different geomestries and member sections
for these types of frames, their elastic stiflnesses are not the same as will be

pointed out in Chapter 4.

3.7. Conclusions

The following conclusions based on the developments in this chapter can
be made.

(1) Based on the special kinematics of EBFs and ideal plastic theory, a very
simple formula for an EBF plastic capacity can be derived.

(2) Most of the internal energy is absorbed by the plastic action of the active
links, and the contribution from the other plastic actions can be neglected
and still result in a sufficiently accurate estimate for the EBF plastic capa-
city.

(8) The plastic capacity of an EBF depends on the link length, since shear
resisting capacity of a link is length dependent when the length is larger

than the maximum shear hinge length & °.



(4)

(5)
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Some alternative mechanism could occur in an EBF if the vertical loads
and/or g’s are sufficiently large. Such cases can be studied using the limit
analysis procedure.

D-, K-, and V-brace frames have approximately the same lateral ioad carry-
ing capacity if the beam sections, span lengths, story heights, and link
lengths are the same, in the absence of vertical loads. Due to the sym-
metric configuration of the K- and V-brace frames, the capacities of these
frames are less sensitive to the applied vertical loads than those of the D-

brace frame.



CHAPTER 4

CONSIDERATION OF BASIC EBF BEHAVIORS IN DESIGN

4.1, General

In the previous chapter rigid-plastic mechanisms and limit analysis for
obtaining the plastic capacity of EBFs were discussed. In this chapter, using
nonlinear finite element analyses, general elasto-plastic behavior of varicus
types of EBFs is considered and compared with that of the plastic mechanisms
and capacities predicted by the limit analysis. By applying the limit analysis
procedures general conclusions are drawn on the effect of eccentricities e and
2'’s on the link deformation demand and EBF plastic capacity. Standard steel
sections are reviewed from the view point of their suitability for achieving the
desired plasiic capacity. A brief discussion on the effect of eccentricities on the
elastic stiffness of various EBFs is also made. It is the intent of this chapter to
indicate the important factors to be considered in the initial design for deter-

mining EBF configurations.

4.2. General Elasto-Plastic Behavior of EBFs

Basic Factors Considered : - In this section, the elasto-plastic behavior of
various types of EBFs under the action of lateral and vertical dead and live
loads on the beams is considered and compared with the case of no vertical
loadings. The study presented in the previous chapter indicated that the EBF

behavior under vertical and lateral loading depends on many factors such as

- 44 -
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the type of framing, the size of beafns, which is directly related to the lateral

load capacity of a frame, eccentricities e and e'’'s, beam span lengths, magni-

tudes of vertical loads, the distribution pattern of vertical loads, direction of
lateral loads fo.r unsymmetrical frames, ete. Therefore, in order to consider
these situations, the following studies of the various factors were performed:

1.- Three types of 3-story EBFs, in which the D-, V-, and K-brace frames as
illustrated in Fig. 4.1 are considered.

2.- The lateral load plastic carrying capacities of these frames with e¢'=0 and
no verlical loads are either 25 or 214 kips. Since three of these frames
have relatively heavy and light sections, henceforth they will be identified,
respectively, as "heavy"” or "light" frames. The sizes of the members for
each frame type are given in Fig. 4.1, where "HD-frame" indicates a heavy
D-brace frame and "LD-frame” indicates a light D-brace frame and so on.
In all frames the beam sizes are the same at all floor levels.

3.- The link lengths e and e*’'s are constant at all floor levels. As shown in Fig.
4.1, for HD-frames, e =29 in. and e*=e or 0. For HK-frames, =29 in. and
e'=14 in. or 0. For HV-frames, e=29 in. For LD-frames, ¢=38 in. and e'=¢
or 0. In all cases the ¢ and &*’s are smaller than d* for the beam sections
used, i.e,, shear links were employed in all cases.

4.- The span length I for the heavy frames was 216 in., and for the light frame
is 288 in. The height of each story for the heavy and light frames was 108
in. and 144 in., respectively.

5.- As shown in Fig. 4.1, the lateral load P is applied at the top of the frame.
When P>0, the lateral load acts from left to right, and when P<Q0, it acts in
the opposite direction.

6.- For all cases, a vertical floor load of 120 psf was considered. Fig. 4.2 illus-

trates the modeling of this load for analyses assuming that the slab is
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placed on both sides of the beam in an EBF. Depending on the deck direc-
tion, the line lead w on a beam of heavy frame with L=216 in. was calcu-
lated as either 0.06 k/in. or 0.18 k/in. The latter estimate might be some-
what censervative. For a light frame, w=0.08 k/in. only was considered.

7.- The above vertical loads were mocdeled either as uniformly distributed or
equivalent point loads as illustrated in Fig. 4.3. For the D-brace frames
subjected to point leads there were seven vertical load points. As can be
seen from Fig. 4.3, for uniform loading the shear force in the link varies
linearly, whereas the point load model generates constant shear. For the
K- and V-brace frames either the uniform or the equivalent point loads

were alsoc used.

The above conditions required analyses of a total of 32 cases of three-story
EBFs. The lengths of the rigid end zones dj and dp were kept constant at all
story levels and their magnitudes are given in Fig. 4.1. For the analyses,
Young's modulus, yield stress, and Poisson’s ratio were set at 30,000 ksi, 36 ksi,
and 0.3 respectively. Table 4.1 summarizes some of the main features for the

frames considered.

Load-Deflection Behavior of EBFs : - Nonlinear finite element analyses were
performed for the above frames, using the beam and cclumn models developed
by Hjelmstad [32]. These analyses take into account both the geometric and
the material nenlinearity without the strain-hardening effect using the
moment-shear interaction relationship given earlier by Egs. 2.4 and 2.5 as a
yield surface for the iinks. It should be noted that shear capacity ¥, of the link
beam for the present analyses was calculated using the formula given in Ref, 54
which considers the height of the beam section in calculating the shear area.

Accordingly, the magnitudes of ¥y for the used link sections W14x53 and W8x31
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were set as 107 kips and 47.5 kips respectively. The moment-axial force
interaction [32] was considered for the long main beam segments, braces, and
columns in which the axial forces are prominent.

The 8-th column of Table 4.1 gives analytically obtained P, 's for all the
frames which correspond teo the lateral load magnitudes at an average story
drift ¥=0.015 rads. The ¥'s were calculated by dividing the top lateral displace-
ment by the height of the frame. It should be noted that for all frames with the
same -beam sections, span 1eng§hs. story heights, and link lengths, approxi-
mately the same lateral load carrying capacities were obtained when no vertical
load was applied. The capacities of the K- and V- brace frames were much less
sensitive to vertical load than those of the D-brace frames. These observations
agree with the conclusion reached in the previous chapter. For all D- and K-
brace frames whose e*’s were varied, the frames with e¢°=0 developed slightly
larger lateral load capacities than frames with e*#0. This will be further com-
mented upon later. The effect on the plastic capacities of frames of the vertical
load medeling, whether by the peint or uniform loading, was negligible. The
elasto-plastic load-deflection relationships of some of the above frames are
shown in Fig. 4.4 through 4.8.

Fig. 4.4 shows the relationships between the applied lateral load F and
average story drift ¥ of an HD-frame with e*=e. If P>0, the vertical load caused
a decrease in the plastic capacity of HD-frames. The larger the magnitude of
the vertical load, the more prominent this effect. On the contrary, when P<0,
some increase of plastic capacity occurs.

Fig. 4.5 shows the P—¥ relationships of an HD-frame with e*=0. As in the
previcus case with e‘=e, the vertical load had the eflect of increasing or
decreasing the lateral load resisting plastic capacity of the frame depending on

the direction of the lateral load. However the condition that e*=0 resulted in



- 48 -

the following trend in the magnitude of P,:
'Pu’wveo = lPuiw=0iAPu (4-1)

where the negative sign is used for the lateral load direction from left to right,
and vice versa. As can be noted from Fig. 4.5 and Table 4.1, AP, was about 5%
of |P,|w=p when w=0.08 k/in., and about 15% when w=0.18 k/in., which sug-
gests that the magnitude of AP, is proportional to the magnitude of the vertical
load. This will be proved later by limilt analysis.

Fig. 4.6 shows the P-4 relationships for the LD-frames with either e*=¢ or
0. These frames showed similar behavior to that obtained for HD-frames with
e’=e or 0. However, it should be noted that in spite of the moderate magnitude
of w considered, the variation of frame capacities was larger than that for the
HD-frames. About a 40% difference in the frame capacity can be noted between
the cases of P>0 and P<0. This suggests that a significant loss or gain in lateral
load capacity can occur in lighter D-brace frames due to vertical loads. [t also
should be noted that the vertical loads on these LD-frames produced a
significant initial Iate‘ral displacement of the frames.

Fig. 4.7 shows the P—¥ relationships of HK-frames with either e°=0 or 14
in., corresponding te approximately half the magnitude of e. As can be seen no
significant effect from the veriical loads was found to oceur even when they
were of large magnitude. Also since the frame is symmetric, the behavior of the
frame is the same regardless of the lateral load direction. Fig. 4.8 shows that

the same conelusions can be reached for V-brace frames.

It should be noted that in the above figures the P—3 behavior of all frames
under vertical loads whether modeled as uniform or point loads was almost

identical. Therefore, only one of these loading cases was shown above for each

frame.
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Mechanisms and Beam Moments in D-brace frame with e* = e : - The
mechanisms for HD- or LD-frames, with the condition that e*=e for large inelas-
tic displacements are illustrated in Fig. 4.9. When P>0, a D-brace frame exhi-
bits Mechanism 1 discussed in Chapter 3 regardless of the magnitude of the
vertical loads considered. The illustrations in Figs. 4.9(a) and (b) physically
suggest that the vertical loads aid in the formation of this type of mechanism,
resulting in a lower £, than that occurring with no vertical loading.

When P<0, the mechanism with no vertical load shown in Fig. 4.9(c) is
merely a reversed mechanism from the one shown in Fig. 4.9(a), i.e., as recalled
above it is Mechanism 2. However, in the presence of the vertical loads, when
P<0, the mechanism shown in Fig. 4.9(d) (Mechanism 3 according to Chapter 3)
occurs. Here a link of length ¢ deforms considerably, whereas links of length e
deform little exceptl for the one at the 1-st floor level of the frame.

In Fig. 4.10 typical moment distributions in floor beams of a D-brace frame
are shown. Since the envelopes of the moment diagrams for the uniform and
the peint load models agreed very closely, only the smoothed moment diagrams
are drawn. Since in the analysis the brace was considered to be fixed to the
beam, some concentrated moments from the brace to the beam create discon-
tinuities in the moment at points B and C. The moment gradients in the links AB
and CD are considerably higher than those in the beam BC, indicating that the
links are subjected to a much higher shear than in the main beam segments.
When point load modeling was employed, the shear force in the link was con-
stant over the link length, and equal to ¥, of the sections used since ¢ and e’
are smaller than b* and the links were shear links. For uniformly distributed
vertical loads, the moment gradients vary across the link length, however, since
the magnitude of the ¥, is much larger than the variation of the shear force

produced by the uniform vertical load, the moment gradients were also
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approximately V, for all such cases. The shear forces in the beam segments
adjacent to the links were only about 10% of those occurring in the links.
Without the vertical loads, the moment distribution in the floor beams when
e'=e is almost skew-symmetric as shown in Fig. 4.10(a) and {c}. With vertical
loadings some changes in this distribution occur as illustrated in Fig. 4.10 (b)
and (d), where the inflection points in the intermediate beam segment shift due
to the parabolic distribution of moment caused by w. The effect of the vertical
load on the beam moments was as great as is shown in the figures even when the
vertical load was very large and/or beam sizes were small corresponding to
HD11, HD12, LDZ, and LD3.

For the mechanisms and moment distributicns for the bea.ms illustrated in
Fig. 4.10, the following comments may be added: From separate elastic analyses
for D-brace frames subjected to vertical load only, it was found that the
moment and shear force distributions in the beams are similar to those for
beams fixed at the columns. On the other hand, if load F>0 only acts on the
frame, the elastic moment and shear force distributions are skew-symmetrie,
similar to the one in Fig. 4.10(a). Therefore for a combined loading, both the
moment and the shear force at A add up, whereas those at D tend to be
reduced, which results in yielding at A causing further concentrated plastic
deformation in the link AB. By the same token, if P<0, the yielding at D and the
subsequent large plastic deformation of the link CD can be explained. These
conclusions confirm the predictions based on limit analysis of the formation of

Mechanisms 1 and 3.

Mechanisms and Beam Moments in a D-brace frame with e* = 0 : - In con-
trast with the above case for e’=e, for a D-brace frame, with ¢'=0, an essen-

tially reversing mechanism, shown in Fig. 4.11, would develop regardless of the
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vertical load magnitude. Similarly to the case with e*#0, if P>0, the vertical
load has the eflect of aiding the formation of the mechanism shown in Fig. 4.11
(b) thereby decreasing the magnitude of P,. If P<0, a typical Mechanism 2 is
formed as in Fig. 4.11{c), whereas the presence of a vertical load resists the for-
mation of this mechanism, thereby increasing the magnitude of P,, as in Fig.
4.11(d).

As illustrated in Fig. 4.12, the moment distribution is also quite different
from the case with £'=e. Regardless of the vertical load magnitude, typically
the moment at point C coinciding with D, since e°'=0, was very small. On the
other hand, the large moment gradient in link AB and the large moment at A
develop just as in the case with e*=e. As seen from the diagrams in Figs. 4.12(a)
and {c), for lateral loading only, the moment distribution in the floor beam is
not skew-symmetric, and the magnitude of the moment at the center of beam
segment BC is not zero. Therefore when a vertical load is applied, if P>0, the
magnitude of this moment increases more than in the case with e*=e. The
significance of these moments is illustrated in Fig. 1.12(b) for the cases when
the magnitudes of vertical ivads are very large or the beam size is small. It is
significant to note that even for these cases with very large vertical loads, the
peak moments did not occur within the beam spans BC and no hinges were

formed.

Mechanisms and Beam Moments in K-brace frames : - As illustrated in Fig,
4.13, the formation of mechanisms for the split K-brace framss showed some
similar trends to those in the D-brace frames. When e’#0, the mechanisms with
and without vertical load are different, and under vertical loads the plastic
deformation of a link with length ¢ may become large. Such plastic deforma-

tions were nol very significant in the example problems due to the use of a
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relatively small e* of 14 in. When ¢°'=0, the mechanisms are the same with or
without vertical load. Tig. 4.14 shows that the beam moment distribution essen-
tially consists of the moment distribution for the beams in two D-brace frames
such as illustrated in Figs. 4.10 and 4.12 and depends on the magnitude of e”.
Since the beams of the K-braced frames were supported by the braces, and the
distances between the supports were much smaller in the D-brace frames, the

effect even of the largest vertical leads causing parabolic moment distribution

was almost negligible.

Mechanisms and Beam Moments in V-brace Frames : - The mechanisms for
the V-brace frames were also the same regardless of the vertical load magni-
tude as illustrated in Fig. 4.15. Except scme small concentrated moments,
caused by the braces connected to the beams at the center of the span, the
moment diagrams as illustrated in Fig. 4.16 are similar to the ones in Fig. 4.12
for the D-brace frames with 2'=e. As in the K-brace frame, the small distances
between the supported points make the effect of vertical load on the distribu-

tion of the moment negligible.

4.3. Application of Limit Analysis

Based on the above analytical results for EBFs and the application of two
types of verlical loading (the point loads and the uniformly distributed loads), it
can be concluded that either type of loading would result in almost the same
elasto-plastic behavior of frames. From this study and since there is a certain
difficulty in obtaining solutions based on the ideal plastic theory for links under
uniformly distributed loading causing different shears at link ends, the theory

developed in Chapters 2 and 3 which considers a constant shear force in the
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link is adopted here for investigating the effect of vertical loads on the lateral
load capacity of EBFs. The limit analyses are applied here to the EBFs analyzed

elasto-plastically in the preceding sections.

Limit Analysis App]icatic;ns for D-brace Frames : - The basic equations for
determining the plastic capacities of D-brace frarme exhibiting Mechanisms 1, 2,
and 3 were given, respectively, by Egs. 3.24, 3.25, and 3.38. For the present
cases, £F,=¢Fp=0 and £Fy=|F,|, and the distances Hy, Hp, and [, are, respec-
tively, 3k, 2h, and A. All other parameters are constant for all story levels.

This results in the following simple expressions for |P,|:

Mechanism 1: | B, | = %[ v, - %'w(L —e—dg)] (4.2)
. _ L 1
Mechanism2: |R,| = ;z—[ Vo + -é—w(L—e —dg)] (4.3)

As for Mechanism 3, Eg. 3.28 shows that one must determine how the beam
mechanism (a), {b), and {c) combine to form Mechanism 3. Earlier Fig. 3.4 illus-
trated two such possible combinations, where the left frame mechanism con-
sists of beam mechanisms {b) and {c), and the right frame mechanism consists
of beam mechanisms (a) and (c). Since in the present case, the shear resisting
capacities cf the links AB and CD are equal te V, at all story levels, both frame
mechanisms would have the same total internal work done by the links. How-
ever, for these two frame mechanisms, one can recognize from Fig. 3.5(a) that
the total external work done by the vertical loads is positive in the left diagram,
and negative in the right one. This leads to the conclusion that the left mechan-
ism gives a lower estimate of the lateral load capacity and suggests that it is the
appropriate mechanism to consider for the present case. Based on the above’

reasoning, and from Eq. 3.38 one has

Mechanism 3: [P, | = %[Vp(l"' -é%)—-é—'w(L—e —dg) ] (4.4)
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where d;=dp and e ‘=e are assumed.

The above scolutions can be adapled for estimating FP,'s. For a D-brace
frame subjected to P>0, regardless of the magnitude of ¢°, Chapter 3 predicted
the occurrence of Mechanism 1, thus Eq. 4.2 applies. For a D-brace frame
under the action of a P<0, if €*=0, the frame does not develop Mechanism 3 and
Mechanism 2 occurs, thus Eq. 4.3 applies, On the other hand, if a D-brace frame
is acted upon by a P<0, and e ‘=g, then depending on the magnitude of the vert-
ical loads, either Mechanism 2 or 3, as suggested in Chapter 3 become applica-
ble. In order to determine which mechanism would occur, by equating the right
hand sides of Eqs. 4.3 and 4.4, one can obtain an expression for w for which
either Mechanism 2 or 3 give the same magnitudes of |P,|. Naming such a w as

w”, one has

v _ e
T Ra{lL-e-dg) Ve (4-5)

Accordingly, if w<w®, the | P, | for Mechanism 2 is less than that for Mechanism
3, and Mechanism 2 should be used. If w>w”®, the use of Mechanism 3 is

appropriate,

Limit Analysis Applications for K- and V-brace frames: - For K- and V-brace
frames Chapter 3 suggests that because of the skew-symmetric mechanisms no
significant effect due to w would occur. Therefore, P, could be calculated by

setting w =0 in either Eq. 4.2 or 4.3, and

P =Ly, (4.6)

Comparisons with Elasto-Plastic Solutions : - Based on the limit analysis

solutions, F,’s for the investigated frames were calculated with the same I&,
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values used for the elasto-plastic analyses explained in Section 4.2. The numer-
ical results for such £, are listed in the 7-th column of Table 4.1. The error
estimates are given in the 8-th column, where one can recognize the very accu-
rate predictions that are found using approximate limit analyses. In Section
4.2, it was pointed out that the elasto-plastic solutions F, with ¢*#0 become
somewhal smaller than those with e*=0. This can be explained using an accu-
rate rigid-displacement fleld in the limit analysis discussed in Chapter 2, where
it was indicated that if 2° is large, the magnitudes of the link deformation angles
in the lower stories become smaller than if e’=0. thus, internal work done by
the link, and consequently P, become somewhatf smaller.

As indicated in Table 4.1, for the case e"=0 the magnitudes of F, estimated
by the elasto-plastic analyses and those estimated by the limit analyses for the
D-, K-, and V-brace frames differ by only a few percent.

For the case e’#0 in D-brace frame exhibiting Mechanism 1, the
discrepancy of F,, estimates with the two analyses were at most 6 percent. The
approximate limit analysis being used here for Mechanism 1 of D-brace frame is
based on an approximate rigid-plastic displacement field which ignores the
effect of non-zero e* and d;, thus the link deformation at the 1st story level is
somewhatl overestimated, and the estimaled P, becomes somewhat larger than
that from elasto-plastic solution. These errors can be expected tc be sven
smaller if the D-brace frame has a larger number of stories, since the effect of
non-zero e's and dys on its rigid-displacement field diminish at higher story
level. Also, for the case g*#0 in D-brace frame exhibiting Mechanism 3, the
discrepancy of P, estimates with the two analyses were at most 8 percent,
which indicates that the approximation employed for the limit analyses of
Mechanism 3 as explained in Secticon 3.5 would lead to a satisfactory estimate

for F,.
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It should be noted that for the X-brace frame with e*#0, Eq. 4.8 assumes
that no work is done by the vertical loads since a skew-symmetric mechanism
was used. A slight disturbance in such a mechanism occurs due to a non-zero
magnitude of e*, as discussed in Section 4.2, which results in positive work due
to the vertical load (see Fig. 4.13(a)). Therefore, P, is somewhatl smaller than

for the case of no vertical load.

4.4. Effect of Link Length e* on the Plastic Capacity and Mechanism

3-story D-brace Frames: - As discussed above, the limit analysis yields
sufficiently accurate estimates for the plastic capacities of diflerent types of
FEBFs. Accordingly, using FEgs. 4.2 through 4.5, the general relationships
between the magnitudes of P, and w for both the HD- and the LD-frames were
derived and illustrated in Fig. 4.17.

For an LD-frame, P, is quite sensitive to the magnitude of w. If ¢'=0,
either an increase or a decrease of | P, | proportional to w occurs as previously
suggested by Eq. 4.1, When w=0.16 k/in., a relatively large magnitude of the
vertical load but is a possible case in practice, the magnitude of | B, | may differ
by as much as 80% between the positive lateral loading case and a negative cne,
resulting in Mechanisms 1 and 2, respectively. However, if e*=e and P<J0, the
figure shows that w*’ in Bg. 4.5 is quite small and for most of the range of w,
LD-frame develops Mechanism 3, which is quite different from the case when
g'=0, i.e., the | P, | under vertical load is likely to be lower than that under no
vertical load.

For an HD-frame, the change in plastic capacity due to vertical load is less
significant. For the negative lateral loading case of the HD-frame with ¢’=e,

Mechanism 2 would occur for w less than w’®=0.06 k/in, which is larger than
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that for the LD-frame. However for a considerable range of w > w’, Mechanism

3 would develop.

7-story D-brace Frame: - A limit analysis was also performed on a 7-story
D-brace frame whose proportions are given in Fig. 4.18{a). It was assumed that
four identical EBFs such as shown in Fig. 4.18(a), resist 100% of the in-plane
lateral load against the whole building with a plan dimension of 98 x 98 ft. The
megnitudes of the dead and live loads were assumed to be as 8D and 35 psf,
respectively. Considering that the building is in a seismicaily most active area
and satisfles the seismic lateral force requirements for Zone 4 defined in UBC
[94], it was found that the base shear capacity of each EBF would be 224 kips.
By considering simplified triangularly distributed lateral loads and using the
design procedures to be explained in Chapter 5, it was found that the shear
resisting capacities of the links would be about 28, 52, 72, 88, 100, 108, and 112
kips in order from the 7-th level to the 1-st of the EBF, i.e., unlike the above 3-
story frame examples, the shear resisting capacities of the links varies through
the story height.

The load factor § given in the table of ¥ig. 4.18, were obtained using the
previously developed Eqs. 3.24, 3.25, and 3.38 for each of the mechanisms
assumed.

When the lateral load is applied from left to right {¢>0), Mechanism 1 in Fig.
4.18(b) occurs regardless of the magnitudes of ¢*’s, and ¢ decreases in propor-
iion to w. When no vertical load is applied, for the designed frame £=1, whereas
for w=0.16 k/in., £ is 0.76.

On the other hand, if the lateral load is applied from right to left {(¢<0) and
e*=0, Mechanism 2 would occur and |£| increases in proportion to w. If, how-

ever, e'=¢, the lowest |§{| has to be found by assuming various mechanisms
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such as shown in Fig. 4.18(b), where the Mechanisms 4 and 5 are variations of
Mechanism 3 discussed previously. The table suggests that at a relatively small
w, Mechanism 2 could cccur, whereas with an increasing w, either Mechanism 3,
4, or 5 might develop, and for a magnitude of w such as 0.18 k/in., conly

Mechanism 3 would occcur.

Recommendations for Design: - Fig. 4.19 illustrates the brace arrangements
for the 7-story EBFs discussed above. If one assumes that w=0.16 k/in., for
coupled EBFs with e’=e shown in Fig. 4.19(a), the ¢s are 0.76 and 1.01, respec-
tively, thus the combined EBFs would have B8% of the required design capacity.
Due to cyclic excursions likely to occur during a severe earthguake, large plas-
tic deformations could develop in the links of either length e or e*. Fig. 4.19(b)
shows a case with e'=0, where uncoupled EBF's have £s of 0.76 and 1.24, thus,
unlike the above case, the coupled system would satisfy a required capacity.
Fig. 4.19(c) shows the case where the coupled EBFs are not arranged in a sym-
metrical manner, resulting in a serious problem since the coupled system now
attains only 76% of required capacity. Since this arrangement has an increased
capacity for lateral loads acting in the opposite direction, there arises a strong
possibility for an incremental eollapse of the structure during a major earth-
guake. Furthermore, as pointed out in Section 4.2, since the slastic lateral dis-
placement of an EBF varies depending on the direction of the lateral loading
and vertical load magnitude, this could result in additional problems.

Based on the above observations, it is necessary to reduce magnitudes of
vertical loads on the beams in D-brace frames and to arrange the D-brace
frames in a symmetrical manner to avoid a possible serious effect of vertical
loads on plastic capacity and elastic lateral displacement. In addition, as sug-

gested by Figs. 4.19(a) and {b) it is desirable to keep the length ¢* small to
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obtain good lateral load resisting capacity in coupled D-brace frames. Since
this requirement still permits some offset from the column centerline, detailing
for a brace-beam connection need not be so costly. Moreover, web stiffeners to
assure ductility in the link e®, would not be required and the resulting framing
has an advantage in economy. It should be noted that the eflect of vertical
loads are large for D-brace frames with a small lateral lvad resisting capacity
and this consideration becomes particularly important for low-rise building as
well as for higher story levels of tall buildings.

Due to some architectural requirements sometimes it is possible to have
only one EBF bay in the same plane of a building. In such a case, careful con-
siderations of the above problems enumerated above must be made, and it is
far better to adopt either the K- or the V-brace frames if permitted architec-
turally. It is also desirable to keep e’ as small as possible for K-brace frame, in
order to prevent the loss of lateral load resisiing capacity and concentration of
plastification in the link of length e* {see Section 4.3),

Fig. 4.20 illustrates some examples of arrangements and configurations of
EBFs to be avoided in practice. The D-brace frame depicted in Fig. 4.20(a) have
e'=0, but as noted in Section 4.4, these frames should be placed to result in a
symmetrical structure. The V-brace frame in Fig. 4.20{b) does not have a sym-
metric conflguration. In such a case, if vertical load were supported by this
frame, this frame would have the problem of different lateral deflection and
loading capacity in the two directions. Figs. 4.20{c) and {d) show other cases of
unsymmetric arrangement of D-brace frames. For both buildings, the initial
lateral deflection caused by the vertical loading may be amplified due to the
P—6 effect. The building shown in Fig. 4.20(d) would have a tendency to twist.
For these frames it is advisable to use symmetric X- or V-brace frames or alter-

natively the vertical loads on the D-brace frames should be reduced as much as
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possible.

4.5. Effect of Link Length e on Frame Plastic Capacity

Based on the above discussion, it appears that for good performance of
EBFs, e’ should be small, and then for the global behavior of a frame only large
inelastic deformations in the link of length e need be considered. Therefore,
the internal work of an EBF becomes mainly due to the work done by the link of
length e, and the laterai load capacity of an EBF becormes dependent on the
links of length e.

In order to investigate this important aspect, some example EBFs such as
illustrated in Fig. 4.21 were considered. The lateral load F was applied at the
top of the frame, and using limit analysis, F, was obtained for two span lengths:
L=Lgy and L=2L,. The beam sections for both cases were set egqual and it was
assumed that M;/ My, is 0.75, and h*is L/ 6. Fig. 4.21 illustrates the variation
in P, against the e/ [ ratio for the two span lengths. The plateau in the figure
indicates the range of e/ L where shear yielding of the link occurs. It is impor-
tant to note that the shear link gives a much larger F, than does either the
intermediate or the moment link. Depending on the span length, a shear link
can provide 4.5 to © times the lateral load resisting vapacity one can obtain
with MRFs which corresponds to the case of e/ £;=1, and F, = E’Mp/h.

Due to the great strength of EBF's, usually only a small number of EBF bays
are needed to resist the seismic loads acting on a whole structure especially
when shear links are employed in EBFs. Moreover, the beam sections for EBF
shear links are of a much smaller size than that for MRFs. Figure 4.21 also indi-
cates that TBFs employing shear links have capacities F, proportional to the

span length, this can be clarified from Egs. 3.28 and 3.42 by setting the shear
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resisting capacity of the link te a constant V,. However, EBFs employing either
intermediate or moment links develop capacities B, which for the same e/
are almost independent of the span lengths. In general, the capacity of an EBF
employing a shear link can be increased by simply extending the span length
with the beam sizes unchanged. The column and possibly the brace size
become smaller when normalized to the same frame capacily. If the above
advantages of EBFs employing shear links are incorporated into the design of a

frame for the required capacity, significant economy can be achieved.

4.8. Link lLength e and Deformation Demand

The link deformation angles 7, obtained in Chapter 2 for rigid-plastic dis-
placements on D-, K-, and V-brace frames provide a good basis for evaluating
the deformation demand of the links for a given plastic story drift ¥,. As can be
scen from Eg. 2.20 to 2.22, for a given plastic story drift angle 4,, the link
deformation demand is inversely proportional to the g/ L ratio. Therefore it is
essential that a link be made sufliciently long so that no excessive link deforma-
ticn would occur. However, for obtaining large capacity of an EBT as noted in
Section 4.5, the link has to be made sufficiently short so that it would primarily
yield in shear. Therefore the link selection must satisfy the above two
conflicting requirements. The V-brace frame appears to be particularly advan-
tageous in satisfying these conflicting requirements since for a given e, Vp 18
only one half of those in the other two basic frames.

For achieving the above design one has to know the deformation capabili-
ties of shear links. Fortunately, in spite of the large 7p Uusually imposed on
shear links due to smaller e/ L ratio, past experimental research [32,53,84] has

demonstrated that shear links can have a greater deformation capacily than
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moment links if appropriate stiffening of the web is employed to prevent prema-
ture web buckling. Accordingly, web stiffening plays a key role in shear link
design. Although such criteria were offered in the past [32,53], they have not
been found to be entirely satisfactory for practical use in design. In this report,
more accurate criteria are given in order to achieve a better ultimate state

design for shear links. For such information see Chapter 6, 7, and 8.

4.7. Statistical Surveys of Standard Steel Sections

Based on the above considerations, it appears that the shear link provides
a great advantage for the seismic design of structures. As indicated in Chapter
2, ideal plastic theory requires that for the link to be a shear link, the link
length should be less than b°. Therefore it is important to know the practical
range of the available &”. From this view point, 156 standard sections ranging
from the W8 to the W36 sections listed in AISC manual [1] are reviewed. Fig.
4.22(a) shows the relationships belween ¥, and * for the sections of A36 steel,
where b° is approximately bounded by
1 1
15[5’-]5 < bt < 30[1"?—]5 (a.7)
Ty Ty
where g, is the yield strength of the steel, The above inequality suggests that
the links with larger V,'s tend to have larger b ’s.
The relationships between 5" and cross-sectional area A of a section is
shown in Fig. 4.22(b). These quantities are strongly correlated, indicating that
sections with unusually large 5°s tend to make the beams for EBFs heavier,

hence costlier.
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4.8B. Link Lenglh e and EBF Elastic Stifiness

One of the unigue features of an EBF is that the elastic story stiffness can
be controlled by varying the e-value at each story while maintaining its plastic
capacity as long as e<b”. A study was made to determine a typical range of
stiffnesses is available for this purpose [40]. First, the 20-story EBFs shown in
Fig. 4.23 employing three types of bracing schemes were plastically designed
using the design computer program to be explained in Chapter 5. The propor-
tions and the design lateral forces as well as the vertical forces were similar to
those used in Refs. 84 and 22. Corresponding to the various values of ¢ and
e ‘=0, four single-story EBF panel models located at different floor levels were
analyzed by eliminating the boundary effects [9,59] resulting from the roof or
base boundaries.

Fig. 4.24 exhibits the analytical results for the elastic story shear drift of
the panels located at the 3-rd and the 19-th story levels subjected to the
corresponding plastic design loads. The horizontal axis in this figure indicates
the eccentricity ratios, which are e/ L for the D- and K- brace frames, and
2e/ I for the V-brace frame to provide a comparison under the same link defor-
mation demand. Therefore, the length of each link in the V-brace frame is half
of that in the other frames. For modeling, the shear deformation of the beam
was considered and rigid end zones were assumed.

From this figure, it should be noted thatl the shear drift of the designed
EBFs is well below the UBC story drift limits [94]. In some case, it was found
that maximum stifiness can be attained with non-zero e-values meaning that an
EBF sometimes is stiffer than a CBF. The important point to observe is that the
stiffness of the V-brace is much greater than that of the others when the eccen-

tricity ratio is larger than 0.1. The K-brace frame is the most flexible one in
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spite of the fact that the member section properties used were almost the
same as those for the V-brace frame. This can be explained by comparing the
elastic deformation patterns for half portions of the K- and the V-brace frames
shown in Fig. 4.25, where for the same eccentricity ratio, the eccentricity
lengths for half frames become the same. One end of a link in a half portion of
the K-brace frame is free to rotate, whereas that in the the V-brace frame is
supported by the column, thus the link rotates less, resulting in the larger
stiffness of the V-brace frame. It was also found that if the eccentricity ratio of
the V-brace frame is twice as those in a K-brace frames, that is, length e of the
links in V-brace frame is the same as that in K-brace frame, the elastic
stifinesses of both frame types become approximately the same. Some exam-
ples of this can be seen from earlier Figs. 4.7 and 4.8.

It can be seen from Fig. 4.24 that the decrease of stiffness by increasing
the eccentricity ratio is more pronounced for the 19-ih floor level panels. This
suggests that the stiffness of EBF with lighter sections is sensitive to eccentri-
city. It also should be noted that although the magnitude of the shear drift is
small, for the frames such as shown in Fig. 4.23, the chord drift at the higher
story levels progressively increases, which is a common behavior of slender
brace frame. Some design solutions to reduce this are available in the area of
tall building technology, but are not discussed here.

The elastic stiffness of the an FBF is an important factor to be considered
for seismic design, since it directly influences the period of the structure which
governs the seismic design force. Further studies on this aspect of the problem

are being pursued at Berkeley [41].
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4.9, Conclusions

From the above discussion, the following factors to be considered in EBF

design may be noted.

(1

()

(3)

(1)

(5)

In the presence of vertical loads, D-brace frames exhibit different plastic
capacities as well as different lateral deflections depending upon the direc-
tion of the lateral force. Therefore in a structure an even number of D-
brace frames with braces arranged in a symmetrical manner should be
used. Due to their intrinsie symmetric configuration, these problems do not
arise in the K- and the V-brace frames.

It is necessary to keep e* as small as possible to minimize the loss of EBF
lateral load resisting capacily due to the positive work done by the vertical
loads. In this manner large inelastic deformations are largely confined to
the links of length e. This also leads tc an economical design since web
stiffeners are needed only for the links of length e.

The proposed approximate limit analyses and EBY mechanisms agree
extremely well with elasto-plastic solutions., The accuracy increases when
e’ is small and/or the number of EBF stories is large.

It can be proved by limit analysis that the loss or gain of D-brace frame
capacity due to vertical lead is a function of vertical load magnitude and
topological parameters of the frame. The importance of this behavior
increases for the light frames occurring in low-rise buildings or in the
higher steries of tall buildings, for which the veriical lead should be
reduced as much as possible.

The plastic capacity of EBFs with shear links is much greater than of those
using moment links. If a shear link is to be used prior to the detailed

design process, for reasons of economy the span length [ should be made



- B8 -

as large as possible yet retaining maximum strength.

(8) The elastic stiffness of an EBF is greatly influenced by e/ L. This ratio
should be small if a large elastic stifiness is required. If the member sec-
tions as well as eccentricity ratios are the same, V-brace frame is much
stiffer than the K-brace frame.

(7) The link sections with large ;s also tend to have large &* and weight. The
use of a section with an unnecessarily large b*' might make a frame
uneconomical. |

{8) The energy dissipation mechanism provides a good measure on the ductil-
ity demand of the links. The basic link length e should be selected using
the geometric relationships between the given plastic story drift and the
wanted plastic link deformation. The maxirmum deformation criteria for

shear links is given in Chapter 8.

Based on the above considerations, e, e*, L, and the frame type needs to be
carefully chosen in EBF design. The advantages of a V-brace frame is clearly
evident al least from the link deformation demand and elastic stiffness point of
view., For the same link deformation demand, e in this type of a frame needs to
be only one-half as large as for the other types. If so designed, the stiffness of a
V-brace frame is larger, and the beam sections can have half &*s resulting in
less weight of the frame. On the other hand, for the same e the stiffness of a V-
brace frame is about the same as that of a K-brace frame. However the link
deformation demand in the V-brace frame is now only one half that in the K-
brace frame. This effect is particularly beneficial when a relatively small shear
capacity in the link is necessary. For such a shear link usually &7 is small
requiring a small e. Therefore the use of an other frame type rather than V-

bracing would impose too large a deformation demand on the links used.



CHAPTER 5

PLASTIC DESIGN METHODS FOR EBFS

5.1. General

Basic Principles for Ideal EBF Design : - The development of any design
method requires understanding the behavior of a structure. Based on the elas-
tic and plastic behavior of EBFs discussed in the previous chapters, it is now
possible to develop a design method for EBFs. As has been repeatedly pointed
cut, for good performance, the EBFs should be designed such that inelastic
activity is primarily confined to links of length e. For such behavior the link
shear resisting capacity governs the plastic capacity of the frame as discussed
in the previous chapters. Therefore the primary objective in EBF design is to
select a link of an appropriate shear resisting capacity for the required plastic
capacity of an EBF, and to select the other members so that they remain eclastic
in order to assure the plastic activity of the link. Such a task can be carried

out following the three basic steps given below:

Step 1: Estimate the member force distribution likely to occur satisfying glo-
bal equilibrium for an EBF in a plastic state for the design capacity
load.

Step 2: Find beam sections with a capacity as close as possible to the
estimated link member forces in order to attain the required EBF
capacity. The selected beam sections must remain elastic in regions

other than the link.

- 87 -
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Step 3: Select braces and celumns to remain elastic by assigning reasonable

safety factors on the estimated member forces.

As one can note from above, it is considered that basically a plastic design
method which directly refers to the member forces in the plastiec state is most
appropriate for EBF design. A design method satisfying the above principles will
assure the required plastic capacity and the desired energy dissipation
mechanism which are essential for good EBF behavior. Once an EB¥F is plasti-
cally designed, the serviceability requirement of elastic behavior, such as story
drift, should be checked by performing an elastic analysis. Because of their
superior capacity it also should be emphasized that only shear links are con-
sidered in this chapter.

As pointed out in the previous chapter, a plastically designed EBF employ-
ing shear links usually has sufficient stiffness for the shear drift. However if an
EBF has an unusually slender configuration, the cherd drift may be so large
that the drift limit might be exceeded. Nevertheless such a condition will not
change the selection of either the beams or the braces. Since the chord drift is
due to the column axial deformations, only the column size would have to be
increased. An estimate of the required column axial stiffness can be made by
idealizing the braced frame as a cantilever beam, and since such a method has

been commeonly used in practice, it is not discussed here,

Background and Proposed Design Method : - Design methods for EBFs were
previously presented by Roeder [B84], Manheim [54], and Teal [92]. The first two
of these methods are based on the limit analysis approach and use the lower
and upper bound theorems for ideally plastic structures. However, as will be
indicated in this chapter, it is very difficult to obtain a reasonable estimate of

member force employing these methods. The third method is an allowable
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stress design method utilizing modified safety factors based on code provisions,
Since this method does not directly refer to the plastic state of an EBF and the
member force estimaltes are not necessarily accurate, the degree of conserva-
tism for individual member design is very difficult to assess.

Since the above design methods seem to present problems in ease of appli-
calion, accuracy, or consistency, an alternative approach was developed, and
will be discussed herein. Unlike the above methods, the proposed approach
easily satisfies the requirements of equilibrium. Because of a straight-forward
approach in the proposed design method, the member forces can be estimated
very guickly with simple hand calculations. In order to minimize the design
effort even further, a computer program for the basic Steps 1 through 3 given
above was developed. Some example EBFs were designed using this program,
and the accuracy of the developed procedure is demonstrated by comparisons
with elasto-plastic solutions. Furthermore, based on this development, a
simplified precedure approximating the global equilibrium yet yielding reason-

able estimates of member forces was also derived and will be presented herein.

5.2. Comments on Previous Plastic Design Methods

General Concepts in Previous Plastic Design Methods : - Pioneering plastic
design methods for FBFs were previously studied by Roeder [84] and Manheim
[54].

The first method [84] consisted of applying the moment balancing pro-
cedure [20,34]. This technique is based on the concept that, if a structure is
designed for any moment diagram which satisfies statics, the loading will be a
lower bound solution for the structure. If the design is performed so as to attain

also a specific mechanism, the lower and upper bound solutions are
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simultaneously satisfied. However, it is immaterial how the distribution of
forces and moments is attained in the mement balancing procedure. This dis-
tribution can be obtained by a good guess or by any number of iterative pro-
cedures.

In contrast to the above method, the second method [54] is based on the
upper bound solution satisfying the desired energy dissipation mechanism. The
procedure can be explained as follows : By assurming a desired mechanism for a
structure such as shown earlier in Fig. 3.3(a), for the given plastic design lateral
loads, one obtains Wz according to Eq. 3.186. Then the ratios of ¥,'s at all floor
levels to the one at a reference floor level are assumed, and the ratios of the
works done in the plastie links of length e is determined. In this manner %
given by Eq. 3.14 is expressed in terms of one unknown, which is the Vp-value
for a reference story level. On equating Wz to W, one can solve for ¥, at a
reference story level, and consequently V,’s for aill the links are obtained
according to the ratios assumed. The other member forces follow by applying

conditions of statics.

Problems in Previous Plastic Design Methods : - Attempts were made to
apply both of the above two methods for designing EBFs. The first one of these
[84] starts with an assumption for the percentage of lateral force to be resisted
by the braces, for which B0% was recommended. Moment balancing satisfying
equilibrium to achieve appropriate kinematics involves a considerable amount
of trial and error, and depends very much on intuition. Qn applying this
method it was soon recognized that the suggested initial assumption for load
distribution would not lead reasonable column moment estimates. For example,
the columns in the frame would tend to develop single curvature accumulating

moments from the top to the bottom of the structure. This results in very large
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moments in the columns. Therefore, the assignment of 80% of the lateral force
to the braces was modified and the same procedure was followed. However,
again no satisfactory results were achieved and large column moments were
cbtained. A column moment distribution typically obtained is illustrated in Fig.
5.1{a).

Next, the second method [54] was tried. On applying it, after obtaining the
link shear forces, distribution of the member forces was sought by assuming
magnitudes for the redundant forces. These assumptions, satisfying statics,
were varied in order to obtain reasonable member forces. However, again as in
the first method, no satisfactory solutions were achieved even when the ratio of
link shears in all floor levels initially assumed was changed.

In either one of the above two methods it is difficult to obtain an equili-
brium selution which gives an appropriate estimate for eclumn design moments.
This stems from the initial assumptions for the link shear or brace force quanti-
ties. A relatively small perturbation of these quantities from the correct ones
causes a large deviation from the acceplable shears and moments of the
columns. As will be shown later, this is because in the global equilibrium, con-
tribution of column moments are much smaller than the link shear or the brace
force quantities. Either one of the above two methods for EBF design is likely to
result in single curvature in columns with large moments unless a good scherne
for controlling column moments by changing the link shears or brace forces is
given.

If the celumns were proportioned for the extraordinary large moments
indicated by the above solutions, the designed frame would have a very small
beam-sirength-to-column-strength ratio, which suggest that the flexural
behavior of the columns designed in this manner will be similar to that of cou-

pled shear walls connected by small link beams. However, from the EBF design
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point of view, this is an unrealistic solution. An optimized solution for the
column moments is difficult to obtain using either one of the above two

methods, and therefore a new approach was sought.

5.3. Proposed Design Approach

Basic Equilibrium Equations : - Figure 5.2 shows a free-body diagram of a
D-brace frame at a typical story level. It is subjected to the lateral loads Fy and
Fg on the left and on the right side of the frame, respectively. For the beams
and columns, the moment, shear, and axial forces are defined by #, ¥, and P,
respectively, with subscripts on these quantities for particular members. For
example, Mg, Vg and Pg indicate the moment, shear, and axial forces at the
bottom of the right column as shown in Fig. 5.2, and My, Mp, Vap, and P,p indi-
cate those for the link AB, respectively, etc. The vertical component of the
brace axial force is defined as Hy. The forces transferred from the upper story
level are My', Vi'. Fg’. at the top of the right column, My, V', F,', at the top of
the left column, and By'. the veriical component of the brace axial force form
the upper story level. All of these quantities are known from the analysis of the
upper foor. If the frame is locaied at the top of a structure, these forces are
zero. As discussed in Chapter 4, it has been found that the vertical load on a
beam is not likely to cause significant changes in the loecal member forces, thus,
it is not included. Further, the brace moment magnitudes are small, and since
neglecting them reduces the statical indeterminacy of the problem, they are
not included in the formulation.

The task is to find both statically and kinematically admissible solutions for
the frame. As discussed previously in Chapter 4, if for a given structure e” is

small enough, the desired mechanism is of only one kind being either
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Mechanism 1 or 2. This means that one can assign plastic hinges deterministi-

cally for the frame.

Further, in order to reduce the statical indeterminacy of the structure and

to stabilize the column moment solutions, it is necessary to assign the location

of the column inflection points. The parameter defining the location of the

inflection point is oy and g, a ratio of the bottom end moment to the top end

moment of the right and left columns respectively. o and ¢j, can be assumed

as unity for a typical story except at bottom, where they should be larger than

one to ensure hinging at the base. For simplicity it could be assumed that

og=oy, The equations for moment equilibrium for the two columns are :

FR + VR’ +PAB - ll!‘—(l + C{R)(MA_MR( + VABdR) =0

I, + VL! — Pep + ’1"—(1 + OLL)(MD '"ML' + VCDdL) =0

Three force equilibrium equations can be written for the beam BD

al

h,Ev =

PAB_PCD+ ]%“BV—
VAB_VCD'_BV_FBV’:D

1 . [
Vap — By + (—;_‘_e.)"(MB—MD*e By)=0

(5.1)

{5.2)

(5.3)

(5.4)

(5.5)

In the above 5 equations there are 8 unknowns., However the following 3 equa-

tions should alsoc be considered :

-
MA-:ﬁA[eEAB} '

V
My = (2 — fi) EZAB '

14
Mp = ﬂn[e BAB} .

(5.8)

(5.7)

(5.8)
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where §, and fp, respectively, are the amplification factors for moments at A
and D for the ideal equal end moments at the yield limit state for link AB. The

above equations can be solved if the following quantities are established.

Estimate for End Moments of Shear Link. - If one considers the limit state
for a link of length e, as discussed in the previous chapters, }, is equal to My,
i.e., B4 = 1 in Egs. 5.6 and 5.7. However, for column design, as will be elaborated
upon in Section 5.6, the critical condition develops prior to such a limit state,

especially if a shear link is used, and it is plausible [40] to set

B, = % =1 (5.9)

which means that a moment M; occurs at a point such as A in ¥ig. 5.2. As can
be seen from Egs. 5.6 and 5.7, this implies unequal end moments in the link AB.
Also, 8 can be assumed to be the same as 8, in Eq. 5.9 if e* is the same as
e, since as illustrated earlier in Fig. 4.10, the moment diagram becomes approx-
imately antisymmetric for e *=e. However, since it is best to have ¢” as small as
possible, as illustrated in Fig. 4.12 the importance of My for design decreases,
Based on some numerical experimentation, the following empirical equation for

Bp was found to be useful :

fo=(02+08%)p, | (5.10)

Equilibrium Solution and Shear Link Beam Selection : - At this point, one
can recognize that Egs. 5.1 to 5.5 can be solved if 84 as given by Eq. 5.9 is
known. However, b° in Eq. 5.9 is dependent on the beam section which is not
known before it is selected. Therefore for an accurate estimate of the member
forces, the beam sections must be known, which depend on the member forces.

This suggests a need for an iterative procedure for arriving at a solution. The
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main criteria for selecting the initial beam sections are:

(1) b’ of a section must be equal to or less than the link length e.

() The estimated link shear force Vg should be as close as possible to the ¥
of the beam.

{3) The moment and axial force interaction formulas 2.4-2 and 2.4-3 specified
in Part 2 of Ref. 1 for plastic design should be satisfied for the estimated

moments and axial force in the beam BC in Fig. 5.2.

It should be noted that criterion 2 above neglects the axial force in the link
which is usually of small magnitude {See Section 2.3 and Chapters 8 and 7 for
the exceptional case). On the other hand, the axial force in the beam BC is
large, and criterion 3 considers this effect,

By using the above criteria for beam selection, in order to obtain an accu-
rate estimate of member forces, either one of the following two alternative
iterative methods can be used :

First Methed : - The first method starts by assuming magnifude of 8, in the
range from 1.0 to 1.4. Solving Fq. 5.1 through 5.5 beam sections according to
the above three criteria are selected. After that, a new f§,’s are calculated
using the actual b*s for the selected sections, and the solution of Egs. 6.1
through 5.5 is repeated. For the newly obtained member forces, the criteria 2
and 3 given above are verified. If they are violated, new sections satisfying
three criteria are made and the calculations are repeated. Typically no change
of sections is necessary after one or two iterations. The estimated member
forces at the final iteration should be used for designing the braces and
columns.

Second Method: - The second method starts by selecting a beam before

solving Egs. 5.1 through 5.5. This can be done by assuming that V,g is
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approximately A/ L times the story shear force cumulated from top te the level
in question of an EBF. This procedure will be explained in Section 5.7. During
the first step the selection is based on criteria 1 and 2 only. After that, using
b*’s for the selected sections, 8,'s are calculated and Eq. 5.1 through 5.5 for the
member forces are solved. The remaining follows the first method outlined

above. This procedure may reguire less effort compared to the first method.

Yielding Checks in Other Regions : - For the member forces estimated in the
final iteration, it is necessary to check whether the yield criteria for the shear

force in a link CD is satisfied in relation to the link AR, i.e., whether

| Ven! = | Vanl . (5.11)

This condition is likely to be the case when the lateral load distribution

smoothly varies along the height of a building and/or the g ”’s are small.

Selection of Braces and Columns : - When a beam is selected within the
prescribed tolerance, the braces and columns can be proportioned based on
the member forces estimated in the final iteration. In order to assure the link
plastic action, these members must remain elastic.

For brace selection, the calculated axial compression forces can be used to
select the brace sections empleoying formula 2.4-1 given in Ref. 1. For columns,
the two formulas 2.4-2 and 2.4-3 for the moment and axial force interaction
must be used.

It should be neted that in order to assure the elastic bebavier of columns
and brace, some approximate safety factors must be used In selecting the
members, especially when the link beam with a ¥, larger than the required Vg
is chosen, since then the capacities of the columns and the braces must be

correspondingly upgraded. For such cases the member forces transferred from
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the links to the columns and braces must be increased in the ratio of ¥, /V)g.

It should be emphasized that in the present discussion perfectly plastic
behavior of steel is assumed. An increase in the link shear capacity due to
sirain-hardening should be considered in the ullimate state design, since the
member forces transferred from the links to the columns and braces increase.

This problem is discussed in more detail later in this report.

General Coraments : - By repeating the above procedures from the top of a
structure to a bottom, the design of the frame is completed. Some general
comments on the design follow:

Fig. 5.3 illustrates typical variations in the beam and link forces during
iterations with respect to the B,-value. A change in g8, influences significantly
the moment distribution in the link AB and the beam BC as shown in Fig. 5.3(a).
On the other hand, the link shear force V,p and beam axial force Ppe are quite
insensitive to changes in §, as shown in Figs. 5.3(b) and {c).

As explained earlier, the selection of a beam size is made by checking the
shear force in the link portion AB as well as combined moment and axial force
in the beam portion BC. The above discussion indicates that the beam size
sometimes might be changed due to a significant change in the moment in beam
]-::i_(f, but since combined effect of moment and axial force is checked for ﬁ. such
a change in the moment alone is not very influential on the design. Therefore,
typically no change of member size is necessary after the first or second itera-
tion.

The choice of oy and gy, is rather arbitrary. It is better to assign to these
guantities positive values in order that inflection points develop in the column,
and moment growth along a column stack is prevented. Optimum size of

column is most likely achieved by assuming ag=a=1 except at the ground level.
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If the lateral load distribution over the height of a frame is not smooth, some
iterations of ag and oy may be necessary.

Tt is to be noted that a solulion obtained in the above manner satisfies
three conditions for the correct plastic behavior of a frame, the yield criteria,
kinematics and equilibrium. Therefore a design of a frame on the above basis
satisfies both the upper and the lower bound solutions to this plastic problern,

and inelastic activity is confined to appropriate locations.

Design of K- and V-brace Frames : - Because of the intrinsic geometrical
similarities, the above procedure for designing D-brace frame is also applicable
for K- and V-brace frames with some appropriate changes in the equilibrium
equations.

For the K-brace frame, Fig. 5.4 illustrates the free body diagram obtained
by moedifying that for the D-brace frame shown earlier in Fig. 5.2. Taking advan-
tage of the symmetry of the frame cenfiguration, and assuming that equal
lateral forces are applied on both sides of the frame, a smaller number of equili-

brium equations can be obtained, i.e.,

FL + VL' — PCD + ;1;'(1 + QL)<MD et ML’ + VCDdL) =0 (5.12)
Fep — %BV + %,—Bv' = (5.13)
VAB - VCD - B‘V + BV' =0 (5.14)
Vag — By + —“—l‘“—(MB"MD+9'Bv')=0 ; (5.15)
{(ac +e°)
and
V,
My = —2—5“3 . (5.18)

»
Mp=(0.2 + 0.8 -gf——

eV, . _€
3‘“’] (e"<3) (5.17)
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The assumed moment magnitudes are influenced by the first term in Eqg. 5.17
and also ¢y, only. usually no iteration is needed for this type of frame.
For the V-brace frame a similar procedure applies based on the free body

diagram in Fig. 5.5, i.e.,

Fg + Vg' + Pag - -’llt—(l ¥ og) (M, — My + Vipdg) = 0 (5.18)

Pyp + %Bv —~ %,—Bv’ =0 (5.19)

VAB — VCD - BV + BV' =0 (5.20)
Mp

V b + = 0 ] 5' 1

AB BV (U, + ea) ( 2 )

where
GVAB

My = 5A[ 5 ] , (5.22)
eV,

My = (2 - m[—gﬁ] . (5.23)

b'
By= 2—=1 , (5.24)

Since Mp=0, the equations for this frame are simpler. However, iterations for Ba

are suggested.

For both the K- and the V-brace frames the remainder of the design pro-

cedure follows that for the D-brace frame discussed previously.

5.4. Design Computer Program

The above procedures can easily be made using hand calculations. How-
ever, in order to reduce work, a design program for EBFs was developed based

on the first method described in the previous section. The computer program
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was written for three types of frames: the D-, K-, and V-brace frames with an
iteration capability for 8,. The flow chart for the program is shown in Fig. 5.8.
The program automatically calculates the lateral forces specified by the
UBC[94] or ATC[4]. The lateral forces may be alternatively given as input. The

basic design load condition is given as
Design Lead = £, E + D + usL (5.25)

where E, D, and L are the sarthquake lateral, dead, and live loads, respectively,
and i, ttg, Mg are the corresponding load facters for plastic design.

The members are proportioned using the envelopes for member force
resultants. Some standard 157 wide flange beam sections for beam and brace
members and 124 tube sections for hrace members can be specified depending
on preference. Further, some 83 sections which are mainly W14's, W1R's, and
W1i0's are available in the program for the columns.

Except for the beams, minimum weight member sections were selected.
For the beams, the sections with minimum weight were chosen only from groups
of sections which have V, values close Lo the calculated Vap. Therefore the
selected beams do not necessarily have minimum weights in an absolute sense.
This is because a beam section with a considerably larger ¥, than Vg was con-
sidered to be inappropriate, since using a such a seclion, the distribution of
link energy dissipation throughout the story height may not vary smoothly com-
pared with the design lateral force distribution.

The computation time necessary for the execution of this program is very
short since the forrulation explained above is straight-forward and due to the
small memory space required even for a 40-story EBF, the use of a micro com-

puter is possible.
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5.5. Design Examples and Behavior of Plastically Designed Frames

Design Example : - In order to test the proposed design method, the frames
illustrated in Fig. 5.7 were designed for lateral loads of 260 kips applied at the
top of each frame. These frames could be viewed as the lowest 3 stories of a
medium-rise building. The member sections for the two frames selected by the
computer program are shown on the figures.

The proportion as well as the loading condition of the D-brace frame are
the same as those previously designed by Roeder {77,84]. For such a frame, Fig.
5.8 shows the comparison of moment as well as axial force distribution obtained
respectively by the plastic moment balancing {Roeder) and the proposed
method. As can be seen there is a marked difference in the estimate for the
column design moments between the two methods. As previously noted (see Fig.

5.1), this discrepancy would become even larger for taller buildings.

Elasto-Plastic Behavior of Plastically Designed Frames : - I'ig. 5.9 illustrates
the elasto-plastic load-deflection behavior for the two frames designed by the
proposed method. It can be seen that the plastically designed frames attained
the expected capacities. The large elastic stifinesses of the frames can be
recognized.

Fig. 5.10 illustrates the progress of plastic zone formation in the D-brace
frame, where one can see thal three links of lengths e yielded at the same time.
Yielding of a rather long 1-st story link of length ¢’ occurred at a large story
drift. In general, the figure shows that an appropriate mechanism was obtained
in the designed D-brace frame.

Fig. 5.11 shows that in the V-brace frame the yielding of links developed at
somewhat smaller story drift than in the D-brace frame since the beam sections

are lighter having smaller Mp"s. However, this ylelding had insignificant effect
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on the global behavior as shown in Fig. 5.9. Until the links fully yield, the frame
continues to resist further increments in loading. For this frame, the desired
kinematic mechanism was also obtained and the required plastic capacity was
attained. The plastic shear deformations of these links at considerable story
drift were only about half as large as those in the D-brace frame since the same
link lengths ¢ were used in both frames {see Section 4.9).

The comparisons between the moments and axial forces for D- and V-brace
frames predicted by the propesed methed and elasto-plastic analysis is shown
in Figs. 5.12 and 5.13. Some discrepancies, which are not significant from the
design viewpoint, ccecur because the capacities of the selected beams somewhat
exceed the design forces. The excess beam capacity was larger in the D-brace
than the V-brace frame.

It is interesting to note that in the elastic range, the moments at link ends
differed by ratios varying from 2 to 4, which is due to the different rotational
restraint provided by the columns and the adjacent beams. Generally, the link
end attached to a column develops a higher moment than at the other end
because of the greater rigidity of the column compared to the beam. In a study
of a 20-story EBF it was found that the ratio of link end moments was in the
order of 8 or 9 near the bottom of the frame where columns are very rigid. If
this ratic is of such a large magnitude an earlier yielding of the link & at a
column face is likely to occur. However, as the present results for the V-brace
frame show such yielding is not very important for either the stiffness or the
strength of a frame,.

Figs. 5.1 and 5.13 show that in general for both frames the design
moments, shear forces, and axial forces are in excellent agreement with the
results of the elasto-plastic analyses, leading to the conclusion that the pro-

posed design method is very accurate.
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5.6. Link End Moments for Column Design

Flasto-plastic analyses of EBFs such as discussed in the previous section
suggest that the critical moments in the shear link from the column design
point of view occur during the earlier stages of loading rather than the theoret-
ical limit state explained earlier in Section 2.3. This guestion is elaborated
upon below.

Fig. 5.14 illustrates a single story EBF with lateral load applied at the top of
the structure. Corresponding to the loading path 1-2-3-4 shown in Fig. 5.14(a),
the moment and shear forces at end A of an elastic-ideal plastic link follow the
path such as shown in Fig. 5.14(b).

After reaching the inleraction curve with shear force less than V,, the Vyp
continues to increase whereas My decreases, thus due to a relation of statics
between the moment and the shear, Mp increases. When Vg becomes equal to
Vp at point 3, a negligibly small increase in Vg occurs and the link approaches
the limit state, i.e., M, and My tend to equalize. The magnitude of M, changes
significantly between 3 and 4, whereas V,p is almost the same.

The above considerations suggest that the moment transferred from the
link to the top of the column shown in Fig. 5.14{c) would differ a great deal
between the load points 3 and 4, whereas the column axial force, which is equal
to link shear V,p, is almost the same. Accordingly, Fig. 5.14(e) illustrates that a
column designed for the theoretical link limit state point 4, is not sufficiently
strong to remain elastic during the elasto-plastic loading process. The design
should be done considering the most critical loading which occurs at point 3 as
illustrated in the figure.

Recognizing this, unlike the earlier design methods [77,84,92] which con-

sider equal end moments in a link, unequal end moments must be considered in
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the design. On the other hand, it should be noted that for the beam BC, the
design based on load point 3 is less conservative than that based on point 4
since Mg is smaller at point 3 than at 4. This, however, can be considered to be
acceptable since numerous trial elasto-plastic analyses indicate that loading
corresponding to peint 4 is not likely to oceur within the practical range of EBF
deformations.

A good estimate of link end moments is of greal importance in design of
EBF. The strain-hardening effect which has a great influence on the capacity of
a link must also be considered in the design. This motivated the experimental

investigation to be discussed in the next two chapters.

5.7. Approximate Solutions for Link Shear Force in EBF

Significance of Bending Moments in Glebal Equilibrium : - In Section 5.2 an
exact equilibrium method which gives a reasonable estimate for the beam and
colunin moments was presented. It was indicated there that during an iteration
process for satisfying equilibrium, the shear and axial forces in the beams are
insensitive to variations in beam moments {see Fig. 5.3). This shows that the
importance of the beam {or column) moment in the global equilibrium is small
in comparison with that in the shear and axial forces. One can take advantage

of this fact in order to estimate the shear forces approximately in the following

manner,

Approximate Analysis for D-brace Frame: - An approximate approach to
obtain the link shear force can be developed based on Fig. 5.15 for the D-brace
frame. In Fig. 5.15(a) is shown a typical moment distribution for an i-th level.

In this development the story shear force cumulated from the top to the i-th
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level will be called Vgyy. Fig. 5.15(b) illustrates a D-brace frame panel at the i-
th level where for sirmplicity it is assumed that on the left the brace intersects
at the column centerline. Using the same notation for the moment, shear, and
axial forces as used in Section 5.2, and by setting the horizontal component of

the brace force as Vg, for equilibrium one has
Voo = V' + V' + Vp" , (626)

It is to be noted that the moments ;' and M are opposing each other and
could be expected to be of the same order of magnitude. In any event the
significance of these column moments compared with that of Vygl™ is very
small, therefore the relative magnitude of the term (M;-M;') is is likely to be
extremely small in the sense of global moment equilibrium, Therefore, neglect-

ing this term,
(VL' + VB')h R Vgl ™ + Pagh (527)

Further, making a summation of moments around the bottom of the right

column, and neglecting the term (Mz-My') as above, one has
VR' N Vap(L — L7) — Ppgh (5.28)
Substituting Egs. 5.27 and 5.28 inte Rg. 5.28 gives,

Vapl~ VaplL—17)

Vouu ™ — Py (5.29)
Accordingly, one can obtain an extremely simple formula stating that
o B
Vap ™ fVCUM {5.30)
Approximate analysis for the K- and V-brace Frame : - For K-brace frame,

due to symmetry of the configuration, the left portion of the above free body

diagram can be used for modeling left half of a K-brace frame, and P,g can be
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set at zero both in Pig. 5.15 and Eq. 5.27. Therefore, Eq. 5.30 remains valid for
the K-brace frame.
By following a similar procedure, one can reach the conclusion that Eg.

5.30 also holds for V-brace frame.

Design Applications : - Unlike the exact eguilibrium method developed in
Section 5.2, Eq. 5.30 was derived from approximate equilibrium conditions.
Nevertheless the estimated link shear forces are in reasonably good agreement
with the accurate solutions, even for the cases where braces are offset. It can
be expected that this accuracy will hold as long as the difference in the column
moments at the top and bottom is not very large, and would apply whether the
frame is in an elastic or plastic condition. In design application, the beam sec-
tions may be chosen by calculating V,p's using Eg. 5.30. Iterations satisfying
the equilibrium conditions as in Methed 2 of Section 5.2 could then be per-

formed if desired.

5.8. Comments on Allowable Stress Design Method

An alternative approximate procedure for estimating member forces in
EBFs has been proposed by Teal {92]. By modifying the allowable stress
approach given in the specifications [1], the members are proportioned for the

calculated forces.
Estimation of Member Forees : - The method begins by calculating the base
shear V for allowable stress design [94]:
V=ZIKCSW, (5.31)

where W is the total weight of a building, and Z, /, K, C, and & respectively are
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the coefficients depending on the zone, importance of the building, type of
building frame, period of building, and soil properties,.

In the approach developed by Teal [92] the member forces are calculated
by iterating the magnitudes of the link shear forces assuming the inflection
points in the middle of each link and approximately maintaining the equilibrium
conditions, However, since this implies equal link end moments, according to
Section 5.6 this procedure underestimates the link moment at A and overesti-
mates it at B. Although not explicitly stated in Ref. 92, the above approach
seems to try to predict the elastic member force distribution, and in such a
case according to the discussions in Section 5.5, the error in link end moment
estimates would be usually very large.

Furthermore, due fo an inaccurate basic assumption employed, the itera-
tions for obtaining the correct link shear force is no better than the simple esti-
mate given by Eq. 5.30, which, in facl is used in the above method {o provide an

initial estimate for the link shear forces prior to iteration.

Salety Factor in Allowable Shear Stress Design: - Since the specifications
[1] and the code [94] were not written with EBFs in mind, several modifications
had to be introduced in the above allowable stress design approach [92]. For
example, the code specifies that all members in braced frame shall be designed
for 1.25 times the force determined on the basis of Eq. 5.831. This factor is
intended to compensate for a lack of ductility in compression members loaded
with axial ferces. However in Ref. 92 it is assumed that for an EBF, this should
apply only to the colummns, braces, and beam connections but excludes the
beam from this requirement.

The standard codes also allow a 1/3 increase in the allowable stresses

excepl for the connection stresses. Therefore, the usual allowable shear stress
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of 0.40F,, is modified to be

F, =(0.40F,){1.33) = 0.53F, . (5.32)
where F, is the yield stress of the steel, and F, is the average shear stress
taken on the area df, [1] for obtaining the allowable shear force. As given by
Eq. 2.3, the plastic shear capacity ¥, is calculated herein using yield shear
stress Fy/WN 0.58F, and the shear area {d—tf){,. As will be commented
upon in Section 7.2, the authors feel that the use of the shear area

(a -Btf)tw & 0.95dt,, would represent an actual P;, more closely. Thus using the

latter area, Eq. 5.32 provides a safety factor

S.F. = 0‘5(8) sg—ga = 1.04, for allowable shear stress. {(5.33)

Therefore an EBF designed for such an F, would have a base shear capacity ¥,
only 1.04 times the code specified V given by Eq. 5.31, i.e.,

V. = 1.04 7V, by allowable stress design. (5.34)

On the other hand, if the plastic design method is applied, the frame must
be designed with a load factor of 1.3 [1,94]. This load factor is compatible [3]
with the safety factors for the allowable axial and flexural stresses in the

specifications [1], i.e.,

S.F.=1.30, for allowable flexural and axial stresses. (5.35)

and
V. = 1.30 ¥, by plastic design. {5.38)

Although code provisions are not as yet available for EBFs, if the plastic design
method is used for such frames, designed EBFs would have a story shear capa-
city 1.3 times V. Comparing Egs. 5.34 and 5.36, one can recognize that methods

result in about a 268% difference in the base shear capacity. This stems from the
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relatively small 3.F. for the allowable shear stress in the code as Eqg. 5.33 indi-
cates. Using the above allowable stress design it is asserted in Ref. 92 thatl
since the code does not consider the ductile nature of EBFs and assigns a large
K-factor for CBFs in Eq. 5.31 the design base shear V is overly conservative, and
the small S.F. such as given by Eq. 5.33 is acceptable. However, it appears that
the current code development activity tends to categorize EBFs as ductile
seismic resistant frames having a reduced K-factor. In that case, it is neces-
sary to revise the allowable shear stress so that 3.F. wiil become about 1.3 since
the smaller safety factor than 1.3 would give EBFs a smaller capacity than is
normally expected for the other types of frames.

Based on this more consistent approach, from lEg. 5.33 the allowable stress

in shear including one-third increase in stress, would be

_ (0.58£,){(0.95)

Y - = 0.42F, . (5.37)

The allowable shearing stress without the one-third increase would be

0.42F
¥ =
—l- = 0.32F, . (5.38)

F, =

For seismic loads by using the allowable shearing stress given in Eq. 5.37,
V,, for EBFs would be consistent with that determined from Eq. 5.38 for plastic
design.

Lastly, it is also important to clarify how the magnification facter of 1.25
noted above should be applied in the EBF design. According to Ref. 92, this fac-
tor should be used in the design of columns and braces, This consideration is
quite good in assuring the desired mechanism for an EBF. However, the follow-
ing should be also noted : The 1.25-factor used in practice for CBFs has the
effect of increasing their capacity thereby improving their seismic performance

of CBF, and if such a factor is also used in the design of EBFs, it may be
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interpreted te mean that the EBF capacity must alsc be increased by a load

factor of 1.25. In such a case,
V., =(1.25){1.3) V = 1,83V (5.39)

As one can see by comparing Eq. 5.34, 5.38, and 5.39, very different base shear
capacities for EBFs are required depending on the interpretation of the code,
It is hoped that these remarks will prove useful in development of the code pro-

vision for EBF's.

5.9. Conclusions

Based on the development in this chapter the following conclusions can be
made.

(1) In order to assure the required plastic capacity and desired energy dissi-
pation mechanism, a plastic design method is essential in EBF design.

(2) The previously developed plastic design methods present some problems in
accuracy and ease of application.

(3) It is believed that the new fully developed plastic design method is both
direct and simple te apply. The predictions of EBF mechanisms, capacities,
and member forces appear to agree well with elasto-plastic solutions.

(4) It is advisable to take into account that link end moments occurring prior
to link limit state are not equal leading to a eritical condition in eoclumn
design. An equalization of end moments in a shear link was not observed in
elasto-plastic analyses of EBFs for reasonably large deformations. It is
believed that if a moment link is used, the end moments'can be expected to

equalize.
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Due to a special equilibrium field for EBFs, unless the distribution of
column moments is very different from the assumed, the shear force in a
link can be estimated simply as h/L times the story shear cumulated from
the top of a frame to the level being investigated. This approach is reason-
ably accurate whether the EBF is in an elastic or plastic state.

An approach for estimating member forces given in Ref. 92 is somewhat
cumbersome, and the assumption employed for determining moment distri-
bution is not in general correct.

The allowable shear stress given in the codes [1,94] provides a smaller
safety factor than is used for the other allowable stresses. Since EBFs
depend on the shear capacity of the links, it is very important to revise this
factor to correspond with others if the allowable stress design is to be per-

mitted.

It should be strongly emphasized that this chapler is based on ideal plastic

behavior of links, and can be considered as the basis for further design

developments where the effect of cyelic strain-hardening on the moment and

shear capacities of the links must be included. In order to obtain the needed

information on this aspect, an experimental study on link cyeclic behavior was

carried oul, and will be discussed in the following two chapters.



CHAPTER 6

EXPERIMENTAL STUDIES ON

GENERAL BEHAVIOR OF SHEAR LINKS

6.1. General

Fig. 6.1(a) illustrates a typical wide flange eccentric beam link of length e
for an EBF. As discussed earlier, in such active links the verlical components of
the brace axial forces are principally transmitted to the columns through bend-
ing and shear. Extensive experimental studies were carried cut at Berkeley on
cyclic inelastic behavior of isclated active link models. It was concluded that
active links proportioned to yield primarily in shear provide excellent energy
dissipation under the severe cyclic loading characteristic of earthquake excita-
tion. Such shear links must be appropriately sized and reinforced with web
stiffeners [32,53], and a criteria for stiffener spacing design are tc be given in
Chapter 8. Experimental and analytical studies have demonstrated that well
stiffened shear links provide larger dissipation of energy than links forming only
end plastic moments [32,40,53,84].

A shear link is usually exposed to high end moments and large shear in
both the elastic and inelastic states. To-daie, no investigations have been con-
ducted on the cyclic performance of links under the action of unequal end
moments and the manner of inelastic moment redistribution. In spite of the
practical importance of this problem for design and analysis of EBFs as pointed

out at Section 5.6, past studies have not addressed this issue since ideal plastic

- 92 -
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theory was used for moment-shear interaction and the inherent strain-
hardening effect was neglected. Furthermore, so far no realistic studies have
been carried out on the exceptional but important situation where the links are
simultaneously subjected to large axial forces. The present experimental inves-
tigation of active link eyclic behavior was undertaken to obtain some basic data
on the foregoing problems. Unlike experiments carried oul in the past, the
subassemblage test setup designed for EBF behavior simulation made it possi-
ble to examine moment redistribution of the ecyclically loaded link and its
behavior with or without the application of an axial force. The results of tests
on seven link beams subjected to monotonic and cyclic excitations are reported
herein. Based on these and past research results, some new proposals for the

design and analysis of links are made.

8.2. Preliminary Remarks

Prediction of Link End Moments By Ideal-Plastic Theory : - If a link in an
EBI is placed next to a column, the elastic link moment at the column is gen-
erally much larger than at the other end of the link as shown in Fig. 6.1{(a). The
basic question is how these moment will redistribute in the the link in the ine-
lastic state. In order to describe this behavior lower bound sclutions using
moment-shear interaction curves based on perfect plastic theory were often
used in the past [32,53,54]. Fig. 6.1{b) shows one of such curves.

Following ideal plastic theory, as discussed for a single-story EBF in Sec-
tion 5.8, the arrows shown in Fig. 6.1(b) indicate the ideal elasto-plastic
behavior of the shear link in Fig. 6.1{a) for a typical story level of an EBF. The
ideal theory predicts that after reaching the interaction curve, the moment in

the yielded region decreases until equalization of moments at both ends cceurs.
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This concept was used in the previous design methods [84,92] as well as in the
development of a finite element model for the link beam [32]. However, since
complete reliance on such procedures can be guestioned as suggested in
Chapter 5, a statically indeterminate system was devised to investigate experi-
mentally the actual link moment redistribution with a high shear force in the

web under monotonic and eyclic loadings.

Effect of Large Axial Force on Link Performance : - In some EBF framing
arrangements, the active links may alsc be subjected teo axial forces P that are
nearly proportional to link shear forces V. If the ratio p=P/V is small, the
effect of P may be neglected. However, there are times when the ratio p may be
large. This is explained with the aid of Fig. 6.2. This figure shows an approxi-
mate relationship between the link shear force and the lateral force acting on
the EBF as estimated by Egq. 5.30. The distribution of lateral force is assumed
as triangular type. An upper bound estimate of the axial force in each link is
obtained by assuming that the entire lateral force assigned to each floor level is
transmitted axially through the link. With these assumptions, the p calculated
for the link at each story level is shown in Fig. 8.2. It is apparent that p is the
largest at the highest story level and becomes progressively smaller for the
lower levels except at the 3-rd story where, as a result of the framing arrange-
ment, the cumulated story shear forces above this level are concentrated on
the link. It is also apparent that p=7/h is the largest upper bound value of p
for any link in this frame, although this large value occurs in only a few links.

Up to tc;day, no information was available on the behavior of links sub-
jected simultaneocusly to cyclic shear, moment, and axial force. Such a case

was studied experimentally in this investigation.
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Effect of Link Length on Performance : - The experimental setup for study-
ing the behavior of a link was based on the kinematics of energy dissipation
mechanisms of typical EBFs such as shown in Fig. 6.3(a). Using the plastic dis-
placement 6},. plastic rotation 7,, and plastic story drift angle ¥, shown in the

figure, from geometry, as discussed earlier in Section 2.4, it follows that

6nS, = LS, (6.1)
5
YRy = E= f.qsp, (8.2)

in which § and v include the elastic components. Approximations as above can
be used for large link deformations as in Ref. 40. The two diagrams in Fig.
6.3(a) suggest that a subassemblage with displacements controlled in the
manner shown in Fig. 6.3(b) can represent the inelastic behavior of a typical
beam in an EBF. An axial force synchronized with link shear simulates the
behavior of axially loaded links.

In the tests, links of various lengths e were investigated for the same cyclic
d-history. Therefore from Eq. 6.2, it follows that y is larger if ¢ is smaller or vice
versa. On the other hand, one can conclude from statics, that the sum of the
end moments for a longer shear link must be larger to achieve the same shear
yvield, meaning that such a link would develop larger bending strain demand at
the ends. Therefore for different lengths e, shear and bending deformation

demands were also studied.

6.3. Experimental Modeling of Active Links

Design of Test Setup : - The setup shown in Fig. 6.4(a) was constructed to
develop the mechanisms shown in Figs. 8.3{a) and (b). The west end of a remov-

able link was connected to a large steel plate girder support, and the east end
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to a long beam of the same cross section as the specimen. The rotation compa-
tibility between the link end plates and these supports was securely maintained
by means of A480 bolts of 1.25 in. diameter. Steel blocks with bolts in direet
contact with the end plates prevented slip {See also Appendix A.1). The detail
of the connection is shown in Fig. 8.4(b). This arrangement permitted replace-
ment of the specimen link after each test.

Cover plates of 0.26x3.6x15 in. were fillet-welded to the west flanges of the
long beam after yielding of the beam was noted in the first experiment. As to be
explained in Appendix A.1, due to the span lenglth selected for this stiffened
beam, the rotational stiffiness at the west end was apprﬁximately 9 times larger
than on the east end, which corresponds to some typical cases in EBF design
with strong columns. Accordingly, the initial elastic link end moments are
unequal, and the experimental setup simulates wsll not only the rigid-plastic
but also the initial elastic displacement field.

As cén be seen from F’igsT 6.5 and 8.8, the whole system was supported by
three wide Teflon coated pads to prevent out-of-plane rotation. The friction

forces due to these supports were found to be negligible,

Instrumentation : - The specimen displacements were monitered with linear
potentiometers, and linear variable differential transformers {(LVDTs} were used
to obtain the rotations of the link ends as well as the beam ends {Fig. 6.86).
Strain gages were attached to the beam to determine whether it remained elas-
tic, and to provide a check on the rotations and resultant forces. The speci-
mens were whitewasﬁed to aid in observing the yielding pattern and its progres-
sion. All the reaction fo?'ces on the three oil jacks were monifored by means of
load cells. With these forces known, moment and shear force at any point in the

beam and specimen link could be obtained from static equilibrium.
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Displacement and Axial Force Control : - The equal in-plane displacements
of the beam were imposed by Jacks 1 and 2, whose movements were automati-
cally controlled by the use of a pseudo-static option of an on-line pseudo-
dynamics experimental computer program [88]. When the axial force was to be
applied, Jack 3 was activated (Fig. 6.3(b)) such that its force is equal to the
shear force in the link. This was made possible by taking the difference of out-
put voltages from the load cells mounted on jack 1 and 2 and using it simultane-
ously as an input voltage for the force control of jack 3. According to the upper
bound for link axial force estimate in Section 6.2, it was concluded that

p=P/V=1Is appropriate to investigate this rare but critical case in link loading.

6.4. Specimens

Section and Material Properties : - All link specimens were of W8x10 sec-
tions, which is approximately half scale of the W18x35 section used earlier in
link tests [32] as well as in the full-size 8 story building model test at Tsukuba
[18,24,97]. The measured section properties of the specimen are given in Table
6.1 where they are compared with the values given in the AISC Manual [1]. All
specimens were made of ASTM A38 steel. The initial material properties were
determined in uniaxial tension tests and are presented in Table 6.2, where g, =
the yield stress, o, = the ultimate stress, g;, = the strain at onset of strain har-
dening, &, = the strain correspending to o,, and & = Young’s modulus. Table
8.3 gives the plastic section constants. In the first row, the values were
obtained by using the different yield stress values obtained for web and flanges.
In the second row, the average value of the above stresses was used. Since 7
and Mp' depend directly on the web and flange yield stresses, respectively, and

the Mps by the above two methods are within 3%, it was consldered more
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accurate to use the values in the first row. Unless noted otherwise, all future

references to plastic section constants refer to these values.

Design of Specimens : - As can be seen from Table 6.4, links 1 to 4 are all
medium length links, links 5 and 8 are relatively long links, and link 7 is a short
link. The behavior of the link reinforced with web stiffeners prior to web buck-
ling was of particular interest. Although in this investigation unegual end
moments were developed, the stiffener spacing criteria given in Ref. 32 was
used, and egually spaced stiffeners on only one side were fillet welded to the
web and both flanges. For all the specimens, a was selected such that a /¢,
ratio was between 21 to 23. The number of panel zones created by the
stiffeners , a, and a/f, are given for each specimen in Table 6.4. All stiffeners

were 0.25 in. thick conforming to the criterion given in Refs. 53 and 74.

6.5. Loading Programs

As indicated in Table 8.4, the applied loadings were varied for different
specimens: monotonically increasing displacement was applied to Specimen 1,
and cyclic displacements were applied to all other specimens. In addition, an
axial force P of magnitude equsal to the applied shear ¥V was applied to Speci-
mens 4 and 8. The cyclic displacement history consisted of one cycle at
6=+0.25 in. (6.5 mm) and two cycles at §=+0.5 in. (13 mm), +0.75 in. {(19.5 mm),
+1,0 in. {25 mm) ...., until failure of the specimen occurred. Each cycle con-
sisted of two excursions from a point of zero shear, one in a southerly direction
(S), followed by one in a northerly direction {N). For sign convention, see Fig.
6.3(b) for 6§ and Fig. 6.4(b) for My, Mg, M, and V. All of these force quantities

were obtained at the displaced positions and the effect of beam rotations and
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elongations {see Appendix A) on the tilting of oil jacks were considered.

6.6. Observed Results

Test 1 : - The first specimen was initially subjected to a monotonically
increasing southerly displacement to 38 in. The link length was medium and
three transverse stiffeners were provided with equal spacing of 4.5 in. Fig. 6.7
shows the appearance of the link after this test, and Figs. 6.8 through 6.10 show
respectively shear-displacement {(V—6), moment-displacement (M —§), moment-
shear {#-V) relationships of the specimen. The intersection of the tangent
lines drawn from the initial elastic region and the initial strain hardening region
of the load-displacement curve gives a yield shear of 44.5 kips, which is a mere
4% below V,. With increasing 4, the link continued to deform in the form of a
parallelogram bounded by the end plates and flanges {Fig. 8.11). At §=2.5 in.,,
the west web panel {at A) began to buckle causing deterioration of shear. Sub-
sequently, a severe flange distortion at A occurred as can be seen from Fig.
6.11. During this initial loading, the flange buckling wave was apparent in the
longitudinal direction only without twisting. That is, it was symmefric with
respect to the web plane. As can be seen from Fig. 6.9, the moment at A (#,)
shown by solid line deteriorated just after web buckling cccurred.

It should be noted that the rotation and strain reading of the supporting
beam indicated early nonlinearity at C due to residual stress. The tangent lines
drawn as above for the moment-rotation curve at C gave an experimental
moment capacity of 460 k-in., 7% below the theoretical one listed in Table 8.3,
This value for a low shear condition can.be considered as the experimental
moment capacity for the link, since both the link and the beam were cut from

the same stock.
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The M-V relation shown in Fig. 8.10 was approximately linear until the #,-V
curve reached a point corresponding to M, and V,, indicating no significant
interaction between ¥ and V. This is completely different from the prediction
given by the ideal plastic theory discussed earlier in connection with Fig. 6.1{b).
With a further increase in V, M, slightly decreased but then began to increase
at a much slower rate than during the elastic stage. whereas Mg continued to
increase at a fast rate. After § reached 3 in., the specimen was unleoaded.

After completely relaxing the specimen, displacement was imposed in the
opposite northerly direction starting from the position of the unloaded state in
above test and ending in the original position of §=0 in. At the early stage of
this loading, the north flange at A started to buckle, whereas the significant
buckling wave of the web panel at A seen in the previous southerly loading
started to vanish. When displaced by about 1.9 in., unsymmelric flange buck-
ling accompanied by twisting occurred and became more severe upon further
loading. At the end of the loading, slight symmetric buckling of the south flange
at B was seen, and the web panel at A became fairly flat: no buckling in the
other panels was observed. Note the aéparent difference of flange buckling
patterns between above two loadings.

It should be noted that because of Lhe experience with this test, the flanges

of the beam adjoining the link were reinforced for the subsequent experiments.

Test 2 : - In Test 2, the cyclic loading program explained in Section 8.5 was
used. The specimen was medium length, identical with the one examined in Test
1. The test was accidentally terminated at the completion of the 1-st half cycle
of southerly excursion {13), and the specimen was unloaded resulting in
approximately +0.12 inches permanent deformation. The test was restarted

from this condition, and the experiment was completed with almost identical
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results to those of Test 3. Accordingly, further experimental observation and

analysis are described under Test 3.

Test 3 : - The cyclic loading explained in Section 8.5 was applied to this test
specimen of medium length, identical with the ones used in Test 1 and 2. Figs.
8.14 through 6.16 illustrate respectively V-4, #—§, and M-V relationships of
the specimen. In these figures, remarkably stable hysteretic behavior of the
specimen can be recognized.

Yielding of the specimen occurred at the 1-st cycle evidenced by fine
cracks in the whitewash in all the web panels. The yield shear force was 43.5
kips, 2% lower than thal of Specimen 1. At cycle 38, cracks in the whitewash on
the south flange at A were noted. A symmetric flange buckling at A was
apparent from the 4-th cycle on {see for example Fig. 6.17(a} and (b}). How-
ever, such buckling was moderate and did not have an appreciable effect on the
V~d and M-0 relations, as Figs. 6.14 and 6.15 show. Ii is also interesting to
note from Figs. 8.15 and 8.18 that M, remained constant with the magnitude of
M, for further cyclic excursions. This will be discussed in Section 6.7 and
further in Chapter 7. At later cycles, the cracks in the whitewash appeared to
be the most severe in the web at region A, whereas the two inner panels showed
much less cracking, suggesting that in addition to shear fcrce, moment also
contributes to web yvielding of a shear link.

When the link was displaced for the 8-th cycle of §=+1.25 in., slight web
buckling at region A was recognized, and this caused slight deterioration of ¥
and M, as seen in Figs. 8.14 and 68.15. The diagonal tension field formed after
the web buckling became apparent at the peak of cycle 105 {(6=1.5 in.) and also
induced the severe symmetric flange buckling at A {(Fig. 6.17(c)}. However, Figs.

8.14 and 8.15 show that deterioration of V was not so large, since although ¥,
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deteriorated, Mp increased significantly. After the loading was reversed and
before cycle 10N was completed, tearing occurred in the west panel originating
from the perimeter of the transverse web stiffener. This resulted in a further
increase of symmetric flange buckling amplitudes, as seen in Fig. 8.17(d).

Fig. 6.18 shows the severity of flange yielding and buckling at regions A and
B. It is apparent that yielding and buckling at regicn A is much more severe

than at region B.

Test 4 : - In Test 4, in addition to the same cyclic displacement history as
used for Tests 2 and 3, an axial force of the same magnitude as the shear force
in the link was simultaneously applied through the third oil jack. When the link
is displaced in the southerly direction, the shear force is positive, and the axial
force in the link was a tension force. The link was subjected to compression
axial force when displaced in the opposite northerly direction. The specimen
was of medium length and identical with the ones used in Test 1 to Test 3.

Figs. 8.20 through 8.22 illustrate respectively V-4, ¥—4, and ¥ -V relation-
ships of the spetimen. These figures indicate that up to cycle 3N the hysteretic
behavior of the specimen was stable and almost the same as those without
application of axial force. The yield shear force cof the specimen was 42.0 kips,
only 3% less than that of the Specimens 2 and 3, tested without axial force. At
cycle 38, large inelastic tension stress on the north flange at region A was
recognized since the whitewash cracked severely (see Fig. 6.23(a)).

At cycle 3N, due to the compression axial force, the unsymmetric buckling
of the north flange at A occurred as shown in Fig. 8.23(b), whereas the diametri-
cally opposite flange showed very little cracking in the whitewash and remained
flat. Fig. 6.21 clearly shows that this unsymmetrical buckling lead to detericra-

tion of M, whereas Mp kept increasing. Thus, V¥ still increased as Fig. 6.20
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illustrates. At cycle 4N, with increased §=-0.75 in., the web panel at region A no
longer appeared as a parallelogram but began to show trapezoidal form, where
the shorter side was created by the severely buckled flange and web, and the
longer side was essentially straight. On the other hand, the other web panels
were essentially flat and formed parallelograms with less cracking of whitewash.
It should be noted that for each southerly excursion, the buckled flange was
straightened because of the tension axial force.

When the specimen was displaced to §=-1.0 in. {cycle 8N), the south flange
at region B also started to buckle severely and the trapezoidal form was seen in
the buckled web panels at both regions A and B. As Figs. 8.20 and 8.21 show, V
started to deteriorate due to deterioration of both M, and Mp. For the interior
web panels, the parallelograms formed in the previous southerly excursion were
never reversed, suggesting that the link shear force was no longer large enough
to cause web yielding. For further southerly excursions, the flanges
compressed in the previous excursions never straightened {see for example Fig.
8.23(c)). When §=-1.25 in. (cycle 8N) was applied, the distortion appearing in
the previous cycles increased in severity as Fig. 6.23(d) illustrates. During cycle
98, tearing initiated from the welded region of the severely buckled flange and
propagated to the buckled web panel at region A, where experiment was ter-
minated.

Fig. 8.24 shows the the severity of flange yielding and buckling al regions A
and B. Compared with the identical specimen tested without axial force {Fig.
6.18), the damage on the flanges was quite unique. The regions damaged with
severe unsymmetric flange bucklings and those undamaged can be clearly con-

trasted in this figure.
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Test 5 : - Unlike the specimens in the previous tests, a long shear link was
used in this test. In order to keep same a/{, ratio as for the medium length
links, the number of web panels was increased to five. The cyclic displacement
history employed was the same as in previous three tests and no axial force was
applied. TFigs. 6.26 through 6.28 illustrate respectively V-4, ¥-4, and M-V
relationships of the specimen. These figures indicate that this long shear link
performed quite well. The number of the cycles prior to failure was the largest
among all the specimens.

Yielding occurred at the 1-st cycle, where fine cracking in the whitewash in
all the web panels was recognized. At cycle 23, whitewash on the flanges at
region A also showed some cracking. At the 4-th cycle, symmetrical flange
buckling at region A initiated. Similar to the medium length specimens previ-
ously discussed, Figs. 6.26 and 8.27 show no appreciable effect of this buckling
on V-8 and M —4d relationships. Also, as Figs. 6.27 and 6.28 show, M, remained
bounded by the magnitude of M,. which is the same behavior as obtained for
the medium length link. However, due to the large length of this specimen, Mp
was the largest among all the specimens, and M, and #p equalized. At the 6-th
cycle of 6=+ 1.0 in., slight symmetric buckling of the flanges at region B was
observed, in addition to that at region A (Fig. 6.29(a) and (b)). At the 8-th
cycles of =+1.25 in., cracking of whitewash on the web panels at both ends of
the link was apparently more severe than that on the inner three web panels.
At eycle 108 (Figs. 6.29{c) and (d)), where § was increased to +1.5 in., slight web
buckling al region A was recognized, and grew substantially larger at the oppo-
site peak (10N). Accordingly, flange buckling at A became severe and M,
bounded by M, up to this cycle, began to deteriorate. Mp increased, since, at
region B, no web buckling occurred although moderate symmetric flange buck-

ling was observed. Before the next cycle of the same &8-magnitude, a weld
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fracture initiated at the connection between the north flange and the end plate
at A, after which tearing of the web panel occurred. The experiment was ter-
minated at this point.

Fig. 6.30 shows the severity of flange yielding and buckling at regions A and
B. Compared with the medium length link shown in Fig. 6.18, the flange damage
at both regions A and B was greater. Also, from Fig. 6.25, one can see that web
damage was primarily concentrated at both end regions. This can be con-
trasted to Fig. 6.13 where damage was more uniformly distributed on the web of

the medium length link.

Test 6 : - The loading method in this test was the same as that used for Test
4, i.e. axial force was simultaneously applied in addition to the imposed cyclic
displacement history. The specimen used was a long link, same as the one used
in Test 5. Based on the results of Test 5, this test was expected to show the
most critical case for flange damage among those tested. The short link under
the axial force, therefore, was not tested in this series of experiment.

Figs. .32 through 8.34 illustrate respectively V-4, M—4, and # -V relation-
ships of the specimen. The hysteresis loops of this specimen were the smallest
among all the specimens, thus the amount of the dissipated energy by this
specimen was the smallest, which will be explained in Chapter 7. A yield shear
force of 41.0 kips was observed, which is 6% lower than the specimen in Test 1.
The manner of damage development in this specimen was same as that in Test 4.
Much cracking of the whitewash on the north flange at region A was seen at the
very early cycle 23. At cycle 3N, unsymmetric buckling appeared in this flange,
which resulted in slight deterioration of #, as shown Fig. 6.33. However, as can
be seen from Fig. 6.35(a), the buckled flange was restraightened at cycle 43. At

cycle 6N, the buckling amplitude of this north flange at A increased, being
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accompanied by slight unsymmetric buckling of the south flange at B. At oppo-
site cycle 53, the north flange at A never restraightened, whereas the south
flange at B became straight.

At cycle 6N with 6=-1.0 in., as Fig. 8.35(c) shows, the flange buckling at
hoth regions became severe and the corresponding web panels buckled and
deformed into the trapezoidal shape. Accordingly, the deterioration of My, Mp,
and V¥ became apparent, as seen in Figs. 6.32 and 8.33. The buckled flanges
were never restraightened at further cycles (Fig. 6.35(d)). At cycle 83 prior to
the peak 6 of 1.25 in., a similar failure as the one seen in Test 4 occurred, and
the test was stopped.

Fig. 8.36 shows the the severity of flange yielding and buckling at regions A
and B. The damage patterns were approximately same as those seen in the
medium link in Test 4 {see Fig. 8.24). However, it should be noted that by com-
paring Fig. 8.31 with 6.19, concentration of damage on the end regions is much

more prominent in the long link.

Test 7 : - The short link was examined using the same cyclic displacement
history as used in the previous tests. No axial force was applied. The number
of web panels was three resulting in the same a/ f,, ratic as those for the links
of other lengths.

Figs. .38 through 8.40 illustrate respectively V-3, ¥4, and #¥—V relation-
ships of the specimen. The number of cyclic excursions of this link prior to
failure was the smallest of all links tested. Yield shear force was determined as
43.7 kips, almost the same as in Test 1. At the 1-st cycle, all the web panels
showed cracking of whitewash. Upon further cyclic loading, it appeared that
the whitewash cracking In this specimen was more severe compared with the

longer links, since y for the same ¢ is the largest for the short link. At cycle 4N,
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the slight symmetric buckling of the north flange at region A occurred as Fig.
8.41{(b) shows. It also became clear that deformation demand on the exterior
panels was greater than on the interior panel. Bounding of M, at the magnitude
of M, also oceurred in this link (Fig. 6.39). With increased é-magnitude at cycle
83, the web at region A began to buckle, which also induced severe symmetric
buckling of the flanges, as Fig. 6.41(c) shows. Accordingly, M, deteriorated,
whereas Mp kept increasing. At cycle 7N, due to the severe diagonal tension
field which formed, tearing initiated from the perimeter of the stiffener closest
to region A.

Fig. 6.42 shows the severity of flange yielding and buckling at regions A and
B. Compared with the longer links shown in Figs. 6.18 and 6.30, the flange dam-
age at both regions A and B was the smallest. Also, from Fig. 6.37, one can see
that a much more uniform distribution of damage on the web was obtained in

this link compared with the longer links shown in Figs. 8.13 and 8.25.

6.7. Sumnmary of Significant Behaviors

Cyclic Tests Without Axial Force : - Specimen 3, 5, and 7 were subjected to
the same displacement history although their lengths differed. (14.5, 17.5, and
11.5 in., respectively.) By comparing Figs. 8.268 through 6.28 with Figs. 6.38
through 6.40, one can see that the performance differs greatly between the long
link {Specimen 5) and the short link (Specimen 7). Although both links showed
aboul the same yield shear close to V,, by inducing larger ys more rapidly,
larger shear strains in the web were evident in the short link at a smaller
number of cycles by exhibiting severe cracking of the whitewash. The west web
panel buckling of the long and short link was observed at cycles 103 and 88,

respectively. In both links moderate symmetric buckling of the flanges at
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region A was apparent from the 4-th cycle on. For the long link additional
buckling in the flanges at region B appeared at the B-th cycle, when My reached
#, and end moment equalization occurred. In contrast, the My and Mp of the
short link showed great inequality throughout the test and no buckling of the
flange at region B was observed due to the small magnitude of My.

Figs. 6.28 and 8.38 show that moderate flange buckling did not have an
appreciable effect on the V-§ relations. Figs. 6.27 and 6.39 illustrate the -4
relations at both ends of the links, and indicate the very interesting result that
the magnitude of M, remained essentially constant in both links after reaching
M. This behavior was seen in most cycles regardless of the development of a
moderate symmetric flange buckling at A indicating that such buckling does not
have a particularly detrimental effect on moment capacity. The moment Mp
having initial 'magnitude smaller than M; kept on increasing during cycling. No
noticeable effect of symmetric flange buckling at B on the moment capacity was
observed in the loeng link.

Figs. 8.28 and 8.40 show the M-V relations for the two test links, where one
can see that with an inereasing number of cycles and displacement amplitudes,
M, reaches its bound with an ever lower value of ¥V and thereafter remains
almost constant. No apparent relationship between the above curves and the
interaction surface suggested in Fig. 8.1(b) is ocbserved.

As noted earlier, the links were subjected to the same §-history, therefore
the <y-histories for the two links differed significantly due to their different
lengths e. Figs. 8.43(a) and (b) show the V-7 histories for the long and the short
link. The number of cycles for the long link when the web buckled was much
larger than for the short link due to the smaller increments of y used. These
figures demonstirate the important result that regardless of the manner in

which s are incremented, the links buckled at almost the same ;; measured
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from the most recent zero shear to the point of buckling. This issue will be dis-
cussed later in Chapters 7 and 8. Due to proper stiffening of the web, present

specimens deformed through very large 's.

Cyclic Tests With Axial Foree : - When in addition to transverse forces an
axial force alsc acts on a link, the flange behavior becomes more critical. In
order to examine this behavior, a medium length link and a long link were
tested {Specimen 4 and 8, respectively). for the long link. By considering Fig.
6.20 through 8.22 with 6.32 through 6.34, it should be noted that the long link
deteriorated faster than the medium length link, cpposite te that of the case
with no axial force. As noted earlier, the axial force was in tension during the
southerly excursion and in compression for the northerly. For both excursions,
the northwest and the southeast flanges experienced much larger normal
stresses than the diametrically opposite flanges, since the stresses from bend-
ing and axial forces having the same sign combine.

As the above figures show, the behavior of the axially loaded link had
essentially three stages. For the first sfage, very similar behavior was observed
to that of the identical link with no axial force. During the second sfage, severe
unsymmefric flange buckling at end A caused marked deterioration in #,.
Nevertheless a substantial increase in Mz, up to about two times #M,, developed,
since no buckling occurred at the end B. This permitted V to increase, and the
usual shear deformation pattern was observed. The third sfage was accom-
panied by severe flange buckling at both ends when both #; and #Mp
deteriorated and V decreased. It is to be noted that unstable hysteretic loops
were observed for northerly excursions only when the compressive axial force
amplified flange buckling. For southerly excursions the tensile axial force

tended to reduce flange buckling and thereby to stabilize the hysteretic loop.
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At this stage of loading the northerly excursions caused concentration of flange
damage in {he end regions, and shear yielding was terminated because the end
moment capacities were insufficient to maintain the high shear force. The
southerly excursions continued to develop web shear yielding because the end
moments were sufficiently large.

The medium length link survived a larger number of cycles and tended to
deform more in shear compared with longer link. This suggests that for a
medium length link the flanges deteriorate slower and have a smaller bending
rotation demand at the ends. The ultimate end moment capacities appear to be
almost the same as for the long link. For both links, the web buckling induced

by the severe flange buckling were the final failure modes.

6.8. Conclusions

Based on the above observations, the following conclusions are noted,

(1) A shear link with properly stiffened web, even with initially unequal end
mements, can deform through large cyclic ys. One sided stiffeners appear
to be satisfactory.

(2) The monotonic and cyclic test results indicate that no significant interac-
tion exists between M and V such as predicted by ideal plastic theory.

(3) The bounding of moment at end A occurred in all the links supported elast-
ically. Accordingly, with increasing link shear force due to strain harden-
ing, the moment at B increased.

{4) Symmetric local flange buckling with an unbuckled web did not have any
deleterious effect on either shear or moment capacities of the link.

(5) Web buckling is the direct cause of link hysteretic behavior deterioration.

The diagonal tension field formed in the post-buckling range induces
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severe symmeltric flange buckling, and both shear and moment capacity
decreases, soon followed by web tearing.

The tests with an axial foree indicate the importance of preventing unsym-
metric local flange buckling in order to aveid premature failure. Web buck-
ling was induced by this type of flange buckling.

The link shear resisting capacity does not deteriorate unless the moment
capacities of both ends of the link deteriorate.

The test results indicate that regardless of the manner in which ¥s are
incremented, the links buckled at almost the same y measured from the

most recent point of zero shear to the point of buckling.



CHAPTER 7

ANALYSIS OF EXPERIMENTAL RESULTS

7.1. General

The experimental investigations on cyclic behavior of beam links can be
subdivided into two categories. Those dealing with statically determinate tests,
and those dealing with statically indeterminate cases. For a statically deter-
minate system such as a cantilever, the M/V ratio in the test beam remains
constant, which is a typical radial loading, and the M-V relationship plots as a
straight line in the M-V space. In this case no moment redistribution can take
place, and no indication of yielding can be found from the diagram.

On the other hand, experiments on statically indeterminate systems enable
one to study moment redistribution in the post yielding stage. The recorded
link behavior projected onto the M-V space offers pertinent information on the
strain hardening effect which readjusts moments and modifies the shape of the
yield surface. Although some monotonic tests for continuous beams under con-
centrated load were made in the past using indeterminate systems, very few
were concerned with shear yielding {63,99], and no cyclic tests have been
reported.

In the experiments discussed in Chapter 6, a statically indeterminate sys-
term was employed in order to provide basic information on redistribution of
link end moements due to strain hardening under eyclic loads. These test
results are interpreted in this chapter emphasizing several link characteristics
such as elastic stiffness, strain hardening behavior and its effects on the yield

surface, energy dissipation, and flange and web buckling behavior.
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severe symmelric flange buckling, and both shear and moment capacity
decreases, soon followed by web tearing.

The tests with an axial forece indicate the importance of preventing unsym-
metric local flange buckling in order to avoid premature failure. Web buck-
ling was induced by this type of flange buckling.

The link shear resisting capacity does not deteriorate unless the moment
capacities of bolh ends of the link detericrate.

The test results indicate that regardless of the manner in which ¥s are
incremented, the links buckled at almost the same ¥ measured from the

most recent point of zero shear to the point of buckling.



CHAPTER 7

ANALYSIS OF EXPERIMENTAL RESULTS

7.1. General

The experimental investigations on cyclic behavior of beam links can be
subdivided into two categories. Those dealing with statically determinate tests,
and those dealing with statically indeterminate cases. For a statically deter-
minate system such as a cantilever, the M/V ratio in the test beam remains
constant, which is a typical radial loading, and the M-V relationship plots as a
straight line in the M-V space. In this case no moment redistribution can take
place, and no indication of yielding can be found from the diagram.

On the other hand, experiments on statically indeterminate systems enable
one to study moment redistribution in the post yielding stage. The recorded
link behavior projected onto the M-V space offers pertinent information on the
strain hardening effect which readjusts moments and modifies the shape of the
yield surface. Although some monotonic tests for continuous beams under con-
centrated load were made in the past using indeterminate systems, very few
were concerned with shear yielding {63,99], and no cyclic tests have been
reported.

In the experiments discussed in Chapter 8, a statically indeterminate sys-
tem was employed in order to provide basic information on redistribution of
link end moments due to strain hardening under cyclic loads. These test
results are interpreted in this chapter emphasizing several link characteristics
such as elastic stiffness, strain hardening behavior and its effects on the yield

surface, energy dissipation, and flange and web buckling behavior.
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7.2. Elastic Behavior and Yield Limit State

Flastic Behavior : - The elastic behavior of the test links were compared
with the well established beam theory including shear deformation. The web
area was used in making shear calculations. Good correlation with experimen-~

tal resulls was obtained for both loading and unleading conditions.

Moment-Shear Force Interaction : - In order to predict the inelastic link
behavior, it is essential to know the M-V interaction surface. The profile of
such a surface can be found by plotting the initial yield points for the speci-
mens on the M-V space. In order to construct such a surface numerous points
are required for various M/V ratios. Fortunately, together with ithe present
test data, additional data were available from previous Berkeley tests [32,84].
Fig. 7.1 shows a plot for 28 specimens normalized by their respective M, and V,
which were calculated in the same manner as in Chapter 8 using the reported
coupon test results. For comparison, the typical theoretical solutions by Hodge
[33] and Neal [61] are also indicated on the diagram by the dashed lines.

The experimental data indicate essentially no M-V interaction which is
similar to the upper bound solution by Leth [48]. Whereas the theoretical lower
bound solutions, which assume no strain hardening and constrain the stresses
by imposing equilibrium and yield conditicn such as the von Mises criterion, are
very different from the experimental results. In reality, the link ends could be
under very high normal and shear strains so that strain-hardening could cccur
at a very high rate after yield [3], resulting in added strength without
significant loss of link global stiffness. Further, it has been shown [84] that due
to warping restraint provided at the link ends, the flange shear may be rela-
tively large sc that the web shear could become smaller, allowing the web

moment to increase in the end regions. In order to overcome the gap between
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experiment and theory, a new theory on kinematics and stress distribution for
the end regions needs to be developed. Since this is not available, the rec-
tangular yield surface bounded by M, and V, based on experimental evidence is
adopted here. Although Eq. 2.3 which considers (d —£,){, as the shear area was
used to caleulate V,, based on Fig. 7.1, the use of the web area 4, ={(d —2f,)¢,

as in Ref. 45 may be more appropriate for design.

Moment-Shear-Axial Force Interaction : - It is also important to establish ¥#-V-P
interaction for the cases where the links are called upon to transmit axial
forces. Thus, considering the initial yield state obiained in Tests 4 and 8 in

Chapter 8, the following equation as suggested in Ref. 54, was considered,

2 4
RO

In this relation a uniform stress distribution through the link cross section due
to the axial force is assumed. Alternatively, assuming no significant interaction

between M and V, the well-known equation for M and P [1,3] was examined, i.e.,

P M___
Bt Tiem C L M= (7.2)

The yield limit of the link Vcould be predicted by using Eqs. 7.1 and 7.2, which-
ever gives the lower yield load. This approach was applied to the present test
results and to Kusuda's short cantilever monotonic tests [45]. For the present
tests, the calculated link shear forces at yield limit had a discrepancy with
experimental results of only 5%. In Kusuda's tests, ¥, V, and P were radially
applied to three different W10x29 beams with P/Py ratios of 0,13, 0.18, and 0.37
to reach the yield limit state. For his results the maximum error in applying
Egs. 7.1 or 7.2 was also only 5%. If the web area 4, is used in calculating ¥,

instead of kg. 2.3 as noled above, the discrepancy between experimental and
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analytical results is even smaller. Considering these small discrepancies, the
above approach of neglecting the M-V interaction is believed to be satisfactory
for predicting the the yield capacity of the wide flange beams under the action
of M, V and P. Kusuda’s analytical solution also suggests that the M-V interac-

tion for large P is negligible.

7.3. Comments on EBF Design.

The ideal plastic theory predicts that for a yield shear V,, the magnitude of
either end moment must be e Vp/z, which for the medium length link is 335 k-
in., whereas the actual #, and Mp in the monotonic test were 480 and 183 k-in.,
respectively, resulting in a £43% error. Such large errors may frequently occur
if the ideal plastic theory is applied in design. There would be no such
discrepancies if the yleld surface were assumed to be a rectangle as proposed
above.

For an EBF with a link attached to the column as shown in Fig. 8.1{a), the
link moment estimate is of great importance in selecting and detailing the
columns. The earlier design methods for EBFs [84,92], underestimate the
ecolumn moment and overestimate the moments for the neighboring beam.
Therefore it is necessary to use the proposed yield surface in the design. For

the ultimate state, the following considerations apply.

7.4. Postyicld Behavior

Formation of Moment Hinge and Shear Hinge : - The behavior of shear links
in the post yield range is of particular importance in seismic design. In all the

{ests the increase in ¥ due to strain-hardening occurred until the development
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of severe buckling. The links become very flexible after shear yielding of the
web., Most of the inelastic deformations are due to web inelastic shear strains,
which cause the formation of a parallelogram bounded by web stiffeners and
flanges, i.e., a shear hinge is formed. Due to progressive web yielding the link
shear stiffness decreases. However as clearly seen from the short link eyclic
test, the moment ratioc M;/Mp did not change significantly until }, became
bounded (Fig. 6.40). The monotonic test (Fig. 6.10) revealed that after #,
reached My, the ratio MA/MB significantly changed, since the increase in M,
became much smaller than that in Mgz due to the drastic decrease of rotational
stiffness at A. The above points indicate that whether a shenr hinge is already
formed or not, a moment hinge develops whenever the end moment reaches M,.
This conclusion is in agreement with the test results reported in Ref. 28.

The bounding of M, ccecurred especially early in the ecyclic fests for the
medium length and the long links since the initial elastic #,/Mp ratios were
larger than for the short link (see Figs. 8.16 and 6.28). The deformation
mechanism consists of a moment hinge at A and a shear hinge. For such
kinematics, the moment hinge rotation at A wouid not be large, and M, would
remain bounded. In order for a link to develop a higher shear due to strain-
hardening, the more rigid end B must develop an ever increasing moment. A
W12x19 link currently being tested [81] with a similar kinematic setup shows
analogous behavior.

In the monotonic test, the second moment hinge was formed early at C in
the unstiffened beam. The end C region in the test corresponds in a prototype
to the reinforced brace-beam region such as shown in Fig. 8.1{a). Therefore the
eyclic tests with stiffened beam was considered to be more appropriate for
modelling purposes. For cyclically loaded long link, the second moment hinge

was formed at B in the very late phase of the cyclic loading.
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Strain-bardening Effect on Moment and Shear Force : - Based on the above
observations, the schematic M-V diagram shown in Fig. 7.2{a) can be used to
illustrate the three possible cases of shear link behavior. Case 1 corresponds
to the condition of equal end moments and the slopes of OJ and QJ’ are identical
during both loading and unloading processes. Case 2 is for a situation with a
moderately large M,/Mp ratio which does not change significantly even after
shear yield (lines EH and E'H'}. The bounding of #, occurs after M, reaches My,
(lines HI and H'T’), due to the formation of a moment hinge at A and a shear
hinge. If further loading were imposed, two end moment hinges would form and
M, could increase along the line 1J. Case 3 illustrates the result for a very large
M,/ Hp ratio where }4 reaches #, at F. Since this link is expected to yield in
shear soon thereafter, the plastic rotation at A would not grow large enough to
cause significant moment increase, and #; would be bounded by line F1. Simi-
larly to Case 2, paths IJ and I'J" could also develop. In all of the above three
cases, no matter where the link is unloaded, the unloading path is parallel to
the original elastic path. Fig. 7.2(b) illustrates the seguences of hinge forma-
tion for the above three cases.

Tests 4 and B indicated that prior to buckling, similar trends can be

expected in the presence of an axial force excepl that the moment bounds

would be smaller.

7.5. Simple Shear Link Modelling for Cyclic Action.

As illustrated by Figs. 8.18, 8.28, and 6.40, in a shear link, the expansion of
an M-V loop due to strain-hardening cccurs primarily in the V-direction
whereas it is bounded in the M-direction through many excursions. This means

that no significant change in the end moment capacity occurs even with very
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large plastic shear deformations. It may also be reasonable to assume that the
link shear capacity cannot be increased by the localized plastic bending rota-
tion. This leads to the conclusion that in the strain-hardening range the cross-
coupling effect between M and ¥ is negligible. Furthermore, if the normality law
for plastic flow is adopted for the M-V space using the rectangular yield surface
proposed above, a simplified analytical approach for the link cyclic behavier
can be developed. Namely, all the constitutive relations for both the moment-
rotation and the shear-shear deformation can be established without consider-
ing the coupling effect between them for the entire inelastic range. Based on
such a concept, an analytical mode! for predicting the global cyclic link
behavior was developed by the authors, using a new cyclic constitutive model to

accurately simulate random eyclic behavior. This is further discussed in Appen-

dix B.

7.6. Maximum Shear Hinge Length.

Maxinmam Shear Hinge Length Without Axial Foree : - The maximum shear
hinge length & proposed in Ref. 32 and 54 given by Eq. 2.8, or 1.156 " proposed
in Ref. 53 have to be modified in view of the above discussion. The rectangular

interaction surface suggests that M, instead of Mp' must be used {o establish

the maximum shear hinge length b, as

RM,
Brpg = —b (7.3)
max I/p

If the length e =b,,,, two end moment hinges form at shear yield.
However if such a length were used for large rotation angles ¥ between
+0.03 and +0.08 radians encountered in EBF design, excessive flange strain

would develop al the link ends due to large end moments and steep strain
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gradients. From the data for the W16x25 section with e=0.92b,,, reported in
Ref. 32, the strain was 4% when end moment was at about M, and premature
buckling occurred in the unstiffened web. However had this link been stiffened
for larger ¥ noted above, a further increase in shear and end moment would
have caused a larger strain. Ref. 53 also reports a link with a highly stiffened
web, developing the largest end moments among all the links of the same sec-
tion tested, which failed in the flange welds. These results suggest the need for
limiting end moments to prevent low cycle fatigue weld failure. Earlier on an
empirical basis Lay suggested for monotonically loaded beams that for A36 steel
1.4M, may be an acceptable upper bound for the moment [47]. Since this is not
entirely conclusive and yet flanges must be conservalively designed Lo prevent
premature failure, the newly obtained data for shear link suggest that 1.2
may be adopted as a reasonable upper bound for the maximum moment for
cyclic loadings. The accurmulated data also show that the shear might reach
1.4V, to 1.5V, at the uitimate state defined by the web buckling. Therefore by

limiting the end moment to 1.2}, for a shear of 1.6V, requires that

1.8M,

P

e = 0.Bb,, = (7.4)

By examining the data in Ref. 32, it can be concluded that the length e limited
by Eq. 7.4 can reduce the moment hinge rotation demand throughout cyclic

loading by keeping the end mement relatively smaller.

Maximum Shear Hinge Length With Axial Force : - By substituting the rela-
tion, P=pV, into Egs. 7.1 and 7.2, the reduced shear and moment capacity for a
link with an axial force can be expressed in terms of p, M. V. A, and the web
area A,. Using the relations so found in Eq. 7.3, and neglecting the P-¢ effect,

the reduced b, expression is found to be approximately
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_M, A
bex = [1.15 - 0.5 p%——] —]-/——p—, for pjﬁz 0.8, otherwise use Eq. 7.3 (7.5)
P

It should be noted that because of the inequality above, very few cases are
likely to arise where the reduction of b,; due to an axial force in an EBF would
be necessary. Prior to a buckling failure, the test links with axially applied
forces showed very similar behavior to the links without such an axial force. If
o,’s in the web and flange are significantly different, one should consider this
effect on M, and V; in Egs. 2.1, 2.3, 7.3, and 7.4, and a slight modification of Eq.

7.5 should be made.

7.7. knergy Dissipation

With the exceptlion of Specimen 1, the energy dissipation of the links was
calculated in relation to the imposed cyclic displacements up to a tearing
failure as a measure of their performance. The three energies measured are: E,
= elastic energy stored by the link at yield, £, = the energy that would have
been dissipated during a cycle by an elastic-perfectly plastic system having the
same yield as the virgin specimen going through the same inelastic displace-
ment, and £, = the actual energy dissipated during each cycle. The displace-
ment ductility u, the ratio of the link maximum relative displacement at each
cycle against the initial theorstical link yield displacement, was also calculated.

Fig. 7.8 shows E, vs. N, where N is the number of half cycles. For the short
link {(No.7), ¥ is larger for the same imposed §-history than for the longer links
resulting in a more rapid strain-hardening and a larger energy dissipation £..
Until the flange buckling occurred at both ends, the specimens with axial force
dissipated only slightly less energy than the specimen to which no axial force

was applied. Fig. 7.4 shows ZE‘. vs. N relations. It is interesting to note that in
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spite of a larger £.s for the short link No. 7, the link deteriorated very early due
to web buckling. The magnitude of ), £. at web buckling for this link was less
than half of that for the long links No. 2 and 3. The figure also indicates that
the links subjected to axial force {Nos. 4 and 8) deteriorated very early after
flange buckling occurred. The difference of the energy dissipating capacity
between the axial load case (No. 6) and the no axial case (No. 5) was the
greatest in the long link test.

Fig. 7.5 shows £./f£, vs. N relations. It is interesting to note that the
curves for both the axial load case {(Nos. 5 and 8) and the no axial load case
{(Nos. 3 and 4) coincide in the initial part of the test. This as well as the exami-
nation of the hysteretic ioops iead {o the conclusion that the cyclic behavior of
links with axial load are analogous to the ones without axial lead until severe
flange buckling occurs at both ends of a link.

Fig. 7.6 shows Y, E./F, vs. 2),{u-1) relations for the test specimens, where
for a perfectly plastic system, } F./E, =23 (u-1). ?xThe specimens Nos. 2, 3, 5,
and 7 without axial force dissipated more energy tﬁan the perfectly plastic sys-
tems over a large range of cumulated cyclic ductility. Refs. 32 and 53 proposed
a constant relationship between ), #./F, and a/t, alt the occurrence of web
buckling, however no such correlation is evident from this diagram.

Fig. 7.7 shows £./F, vs. N, where for a perfectly plastic system £./&, = 1.
Except for the earlier cycles of small 4, E./E;,>1 for the specimens without the
axial forces. For such a case the web buckling was the direct cause of energy
absorption deterioration. For specimens with axial forces, the deterioration in
energy after flanges buckle is more severs for the longer specimen than for the
others. Due to the compressive axial forces, less energy was dissipated in the

northerly excursions than in the southerly ones.
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7.8. Flange and Web Buckling.

Unsymmetric Local Flange Buckling : - The tests with an axial force indicate
the importance of preventing severe unsymmelric local flange buckling in
order to avoid premature failure, and an estimale of the flange yield zone
length as it relates to the end moment is essential. Due to the unique features
of the shear link compared to an ordinary beam with no shear yielding in the
web, some special considerations have to bé introduced in order to derive this
length. The proposed approach is illustrated in Fig. 7.8 where e; is the distance
between the end of a link and the inflection point. It is assumed that the criti-
cal distance from the end is sufficiently long to make the customary idealization
that flange is resisting moment and web the shear force. This idealization is in
conformity with the experimentally observed link deformation pattern and
analysis using the sandwich beam theory [69,84], indicating that a portion of
the shear taken by the web rapidly increases as the distance from the end is
increased thereby reducing the warping restraint of the flanges. Accordingly, it
can be shown thét on neglecting the second order geometric effects the flange

yield length Iy can be expressed as

L

M’
B,

+ p ly=0, (7.86)

Iy =g [ — Jg;
where the first term is the contribution from bending and the second from the
axial force. This equation is believed to be conservative. Iis application with
p=0 to the test links in Refs. 32 and 53 resulted in good agreement with the
strain data.

For deriving the flange buckling condition, the two available derivations by
Haaijer [26,27] and Lay [46,47] include the web restraining effect against flange

twisting. However their methods for obtaining the web restraint stiffness could
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not be directly applied to the link, since the complicated distribution of normal
and shear stresses occur in the plastic web and the effect of the web stiffeners
also plays a role. Since the flange has to be conservalively designed so as not
to induce premature web buckling, in the discussion that follows no web res-
traint is assumed. Such an assumption has been used often to derive a conser-
vative bound on the solution for ordinary beams [3,26,46]. Using Haaijer's plas-
tic buckling equation in the strain hardening range for plates of finite length
compressed longitudinally with one unloaded edge simply supported, and the

other free, the flange stress oy at unsymmetric flange buckling is given as

22D,
12

2t

b, |?
bf + Gg

2y (7.7)

op =

where ly, D,, {; are, respectively, half wave length, plastic plate modulus in
lengitudinal direction, and plastic plate shear modulus.

The magnitudes of D, and G; in Eq. 7.7 were experimentally obtained by
Haaijer [26,27], and were 3,000 ksi and 2,400 ksi, respectively. Lay [46]
developed a theoretical relationship between ; and uniaxial strain-hardening
modulus of steel considering a slip plane in the yielded flange plate. The magni-
tude of G, obtained by Lay was 3,080 ksi based on his empirical assumption that
strain-hardening modulus for A36 steel is 1/33 times the elastic modulus, which
corresponds to 880 ksi. However, as Lay comments [48], there is insufficient
data for a firm evaluation of the strain-hardening modulus. Using Lay's theory,
Haaljer's (; corresponds to the strain-hardening modulus of 870 ksi, which lies
within the range of expected values for A38 steels. Furthermore based on Ref.
3, even for a steel of higher yield strength, this strain-hardening medulus would
not be far ofl the actual one. Therefore Haaijer’'s values for [, and G; were

adopted for the sieels of any yield strength.
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In applying Eg. 7.7 to the present problem, the following procedure was
considered: Typically the flange buckling of a shear link shows only one full
wave length due te the high moment gradient compared toc a conventicnal
beam. Therefore if Iy lies inside of the link end and the nearest web stiffener,
one could assume ly=1;/2 in Egs. 7.6 and 7.7. The flange buckling possibility of
the link could be checked by comparing op and g,y [46], where g,y is the aver-
age normal flange stress along Iy. In Ref. 46 and 47, for a conveniional beam
the maximum flange stress was expressed as ayMA/M , and g,y was taken as
ay(1+MA/Mp )/2. Such an assumption was considered to be reasonable for the
case at hand, since on studying Ref. 100, it can be concluded that the stress
block at a cross section of a beam under large cyclic loadings reverts to a rec-
tangular one commonly used in calculating an M. However for a shear link,
from the strain data in Ref. 32, it appears that the maximum stress should be
increased by approximately 10%. Accordingly o¢,y=0,{1+1.1M,/HM,)/2 was
assumed in the present study. The shear force was conservatively set at 1.5
times V. For the postyield state e;=e /2 was assumed in the calculation. When
the axial force is present, the reduction of V, and M, due to P=pV is taken into

account by using Egs. 7.1 and 7.2, respectively.

Possibility of Flange Buckling in Standard Steel Sections : - Based on the
above approach the possibility of flange buckling was checked for 156 sections
varying from W6 to W36 beams listed in Ref. 1. The conditions checked were for
the combinations of e=0.8b,, and b,, . p=0 and 1, and g,=386, 42, 45, 50, and
55 ksi. The value of by,, was reduced according to Eq. 7.5 when p=1.

The results of calculations are shown in Figs. 7.9 and 7.10. In these figures,
o4v/ 0p calculated for each section is plotted with respect to b/ t, ratio. On
these figures the limits for b,/ ¢, specified by AISC [1] are also shown for com-

parison. A seclion with g4y/ 0 larger than one is likely to have flange buckling.



- 125 -

From these figures, one can see the common trend that the possibility of flange
buckling increases with larger b;/ L, ratios and/or larger 0y. Furthermore, the
following influence of link length and axial force magnitude should be noted.
For e=0.8b_,, and p=0 (Fig. 7.9(a)), no flange buckling was indicated for the
above range of g,’s for the majority of the sections salisfying the bf/tf ratio
limits of Part 1 in Ref. 1 for 'compact cross sections’. However if p=1 {Fig.
7.9(b)), the more stringent b, /f, limit given in Part 2 of Ref. 1 for plastic design
need to be adhered to especially for ¢, stresses of 45 ksi or larger. OUn the
other hand, for e=b_,  (Fig. 7.10(a) and (b)) some sections satisfying even the
bf/tf limits in Part 2 indicate the possibility of flange buckling. The number of
such sections increases for p=1 as shown in Fig. 7.10{b) even though reduced

b using Kq. 7.5 is considered. Based on these results and, since gy is usually

meax
larger than the nominal gy, it is advisable to use the bf/tf ratios specified in

Part 2, and limit ¢ according to Egs. 7.4 and 7.5.

Comments on Specimens 4 and 6 : - The Lig. 7.7 derived for monotonic load-
ing gives reaspnable results for the the cyclically loaded links with axially
applied forces {Specimen 4 and 8). In these cases, ly was larger than the
stiffener spacing a, therefore Iy was taken as a /2 and o,y was calculated over
the length =. The bf/tf ratio of the presenl test specimen series using the
nominal ¢, satisfied Part 1 of Ref. 1, but if the actual ¢,=52.4 ksi would have
been used, the section would be classified as non-compact. The thin flanges
selected for these experiments however, were considered appropriate since the
whole process of inelastic flange buckling and the subsequent failure modes
could be studied. Similar behavior is assumed to occur for thicker flanges with

longer e or larger p.
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Web Buckling : - Refs. 32 and 53 proposed a constant relationship between
E./ E, as well as ) F./F, at web buckling and a /f,,. This finding is contradicted
by the present more comprehensive tests. The experimental results shown in
Fig. 7.5 for specimens 2, 3, 5, and 7 indicate that at web buckling the magnitude
of F./ F, predicted by the earlier theory were 1.81 to 2.63 times larger than
found in the tests. Similar large discrepancies of 2.23 to 3.19 times the magni-
tude of ), f./F, at web buckling can be seen from Fig. 7.6.

Furthermore, as discussed in the previous section, ¥ £./E, at web buckling
differed greatly among the specimens although their a /¢t,, ratios were about the
same. The number of full cycles applied to the links up to web bucklings
differed being 6, 8, and 10, respectively, for short, medium length, and long
specimens, resulting in different y-histories. However, it should be noted that
the measured ‘)E from the most recent zero shear to the point of buckling were
all about 0.14 to 0.16 radians (for the monotonically loaded link, 75 was 0.17).
This suggests a relation between the stiffener spacing and *;; regardless of the
number of cycles, Lhe y-history, or the amount of energy dissipated. Previously,
a similar trend was reported for flange buckling of ordinary beams cyclically
loaded, and it was concluded that the beam rotation limit is the same regard-
less of the number of cycles applied unless they are excessively large [95]. For
eyclic web buckling an accurate relation between '}; and a /t, as well as d /£,

was found and is discussed in Chapter 8,

7.9. Conclusions

The following conclusions based on the above results may be reached.

Most of them are of great importance for a correct design and analysis of EBFs.
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Because of the strain-hardening no reduction of link moment capacity due
to high shear need be considered and the link yield limit state can be
defined by a rectangular yield surface bounded by ¥, and .

The proposed equations for reduction ef ¥, and M, due to axial force seem
to agree well with the available experimental data. No interaction between

v

» and M, need be considered even in the presence of an axial force.

The concept of end moment equalization based on ideal plastic theory can
lead tc? large errors in end moment estimates, which may be critical in EBF
design.

For cyclic loading no coupling effect between bending deformalion and
shear deformation need be considered for the modification of the yield sur-
face in the sirain hardening range.

The bounding, increase, and equalization of end moments can be rational-
ized by the seguential formations of moment and shear hinges caused by
strain-hardening.

The limit proposed for the shear link length seems to be reasonable for
avolding variocus failur-é patterns due to excessive bending demand, and for
assuring inelastic shear deformation.

For a large axial force, the flange buckling can become a potential cause of
premature failure. This possibility can be reduced by selecting a small
b, /t, ratio and short link length.

Web buckling cannot be predicted on the basis of energy as given in Ref. 32.
A relation between the critical ¥ and web stiffeners spacing exists regard-
less of the amount of energy dissipation, y-history, or the number of cycles
applied unless they are excessively large.

It is to be noted that in all experiments to-date, the ends of shear links

were connected to stiff elements. Therefore it is recommended to design
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the column panel zones to have small shear distortions [72].



CHAPTER 8

CYCLIC WEB BUCKLING CONTROL FOR SHEAR LINK BEAMS

8.1. General

Based on the experimental studies on one-third scale 3-story EBFs [54,84],
together with analytical studies in Chapter 4, Fig. 8.1{a) show the typical energy
dissipation mechanisms for EBFs under severe cyclic loadings, characteristics
of strong earthquake excitation, where the active links designed to remalin elas-
tic at small loads, deform inelastically on overloading of the structure (Fig.
8.1(a) and (b)), thereby dissipating large amounts of energy. The active links
therefore play a cardinal role in the proper functioning of the system.

In order to determine the active cyclic link behavior, in the majority of the
experimental investigations the link beams were isolated from the remainder of
the framing systems [32,53]. These studies showed that the links which yield
primarily in shear {(shear links) are more effective energy dissipaters than those
which yield primarily in bending {moment links). For shear links it was recog-
nized early that plastic web buckling causes a significant drop in the load car-
rying capacily and energy dissipation for subsequent link displacements, and
that such a reduction in the link capability could be prevented by transverse
web stiffeners. This behavior is illustrated in Fig. 8.2 where the hysteretic loops
for the shear force vs. displacement for an unstiffened and a stiffened shear
link beam of identical section are compared [32]. Based on the above findings,

equal link stiflener spacing as shown in Figs. 8.1{b) and 8.2{(b) was suggested.

-129-
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Since the lateral load carrying capacity of EBFs is governed by the link
capacity [40,54], the link has to be detailed so that no premature link failure
wauld cecur. In shear links web buckling must be prevented up to a link design
deformation level (Fig. 8.1). If a proper spacing of the stiffeners is not made,
Fig. 8.2(a) suggests that web buckling would lead to a large loss of EBF capacity
and could even cause a collapse of the structure.

The first criterion for spacing stiffeners for delaying web buckling in order
to sustain large cyclic deformations usually encountered in EBF design was pro-
posed in Ref. 32, assuming that there is a constant relationship between the
energy dissipated up to web buckling and the ratic o /f,, where a is stiffener
spacing and £, is web thickness. However, Chapters 8 and 7 in this report ques-
tioned the accuracy of this assumption and suggested a new formulation for the
stiffener spacing on the basis of the required deformation angle 7, such as
shown in Fig. 8.1(a). With this as the motivation, this chapter presents a re-
analysis of 30 shear links tested at Berkeley [32,53,81] including those investi-
gated in Chapter 8 and 7. After examining these shear links subjected to a
variety of loading histeries, a relationship between the link web deformation
angle and the web panel aspect ratio as well as beam depth-to-web-thickness
ratio is proposed. The application of such a relationship for EBF seismic design

is then discussed.

B.2. Description of Link Specimen and Tests

Test Specimens : - As shown in Fig. 8.1(b), a shear link under an overload
deforms into a parallelogram bounded by flanges and stiffeners, and most of the
link deformation is due to web inelastic shear strzins [32). To develop this

mechanism the link must be sufficiently short so that although the link end
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moments are relatively small, the web shear yields due to a high shear force.
The maximum link length for such shear links was propcsed in the past
[32,40,53,54,84], and has been refined in Chapter 7.

Most of the links tested at Berkeley were shear links. Table B.1 lists 30
shear links tested to date, where the specimen series AB, and D, respectively,
correspond to the ones reported in Refs. 32, 53, and 81, and specimen series C
corresponds to the ones studied in Chapter 8 and 7. Shear links which failed
prematurely at the end connections prior to web buckling were excluded. The
sections for the specimens varied from W8 to W18. The mechanical material
properties of the webs of the specimens are given in Table 8.2, where a wide
variation in the yield stresses g, can be observed, ranging from 39.5 ksi. to 80.6
ksi. although the steel was A36 grade throughout. In this table, g, = yield stress,
o, =ultimate stress, g5, =strain at onset of hardening, g, =ultimate strain,
F =slope of a straight line drawn between the point of onset of strain-
hardening and peint ¢, in the monotonic stress-strain curves; EF=Young's
modulus. The ratic Uu/Uy ranged from 1.22 to 1.54, and F; varied from 66.7 ksi.
to 146.2 ksi., suggesting that the strain hardening characteristics of specimens
differed greatly.

The 3-rd and 4-th columns of Table B.1 give, respectively, the values of the

web ponel aspect ralio o and the web panel height-to-thickness ralio § defined

as
o = -:— (8.1)
L = (d__nz_tfl, (8.2)

A= »

where d, b, and £, are, respectively, beam depth, panel height, and flange

thickness ; as before, o =stiffener spacing, f,, =web thickness. The value of a
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varied widely from 0.42 to 2.40. Most specimens had multiple panels. In some
cases they were of different sizes. Since the prominent buckling occurred typi-
cally in the panel of the largest a, only such an a is listed in Table 8.1. The
shear tab region was excluded in calculating a. The stiffeners were typically
welded to the web and flanges, either on both sides of the web or only cn one
side. Specimens B21 and B28 were different : in the former, the one-sided-
stiffeners terminated at a distance k (See Ref. [1]) from one of the flanges, in
the latter, the one-sided-stiffeners were not attached to either of the link
flanges.

The g values ranged from 40.1 to 57. For the numerous sections listed in
the AISC Manual [1], the maximum g is about 60, with the smallest 8-values com-
monly used for beam sections at about 40. For reasons of economy, the sec-
tions meeling the shear link capacity requirements tend to have a large .
Moreover, since it is necessary that the beam regions adjoining the link (Fig.
8.1(a)) should remain elastic under large axial forces and moments, economy is
best achieved by selecting a deeper beam. For these reasons the range of #'s
considered in this study adequately covers the cases likely to be encountered in

practice.

Testing Methods : - Experimental setups for the Berkeley link tests are
schematically illustrated in Fig. 8.3. The links in Refs. 32 and 53, (Fig. 8.3{a)),
were tested by fixing the link ends. As explained in Chapler 6, the subassem-
blage setup shown in Fig. 8.3(b) consisted of a link, an adjoining beam, and a
simulated column to study the interaction between these structural com-
ponents. In Ref. 81, (Fig. 8.3(c)), the main concern was the slab-link interac-
tion, although two bare links were alsc tested. In all of the above tesis, one

could clearly see the links deforming into parallelograms bounded by flanges
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and stiffeners, and

y= 2L (8.3)

was considered as the measure of the link deformation angle. In a few excep-
tional cases, the rotalion of link support was of some significance especially
when ¥ was small, therefore a correction for ¥ was made in Eq. 8.3. The length e
corresponded te the clear length of the link. If shear tabs were welded to the
link web, e was measured from the edge of the tab.

The loading schemes in the above tests can be categorized into two basic
categories: In the one, the cyclic ys are symmetrically imposed up to web buck-
ling (S-loading), and in the other the imposed ¥s are unsymmetrical (T~
loading). Depending on the manner of increasing or decreasing the peak ¥'s,
the S-loading types were caltegorized into ten groups. Load types S-4 and S-8
are illustrated in Fig. 8.4(a) and (b). In S-8, the cyclic y-history consisted of one
cycle at y=+0.02%2 and twe cycles at y=+0.044, +£0.0686, +0.088, ...... , until failure
of the specimen occcurred. In 8-4, several initial elastic and inelastic cycles with
small v, were applied first, followed by cycles similar to S-8 with the -
magnitudes of 83% of the former case. In load types S-1, S-2, 8-3, 8-9, and $-10,
respectively, B8%, 81%, 83%, 76%, and 92% of the y-magnitude of the load type
S-8 were applied at each cycle. For type S-7, 107% of the y-magnitude for load
type 3-4 were induced. Accordingly, the number of cycles in the tests differed
in arriving at the same y-magnitudes. In some cases, they differed by a factor
of about two. The random load types S-5, 3-8, U-1 are illustrated in Fig. 8.4(c),
(d), and {e), respectively. A large single pulse loading was considered to be of
the load type U-2. The 10-th and 11-th columns of Table 8.1 give N, the number
of inelastic half cycles applied up to buckling for each specimen, and load type.

For detailed descriptions of specimen behavior, see Refs. 32, 53, and 81.
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B.3. Analysis of Test Results

Web Cyclic Buckling and Energy : - In an earlier paper [32] empirical equa-
tions relating the stiffener spacing to the amount of energy dissipated due to

the shear force and link inelastic deformation were given in two different forms

as
Ef
o X
— = 80 -91n 8.4
» Z (8.4)
o _ _ E*
t - 94 — 14 In T (8.5)

where E,, E', K&, respectively, are the elastic energy stored by a link at yield,
e %

the energy absorbed during the largest prebuckling cycle, and the total energy
dissipated prior to buckling. These equations were based on the test results of
15 specimens including moment links, where S-iype loads were employed, and it
was proposed [32,74] that the stiffener spacing should be less than a/ £, given
by either Eg. 8.4 or 8.5.

Egs. 8.4 and 8.5 include the topological parameter of the web panel such as
the stiffener spacing distance a and web thickness £,,, but lack another param-
eter, the panel height b, which is not in agreement with the classical plate buck-
ling theory. Moreover, as explained in Chapter 7, more recent tests by the
author showed a considerable discrepancy from Eqgs. 8.4 and 8.5. It was also

found that if one applies different loading histories, E’i;/E‘,, differs greatly. This

indicates that Eg. 8.4 derived from the result with the same loading history is
not applicable for other loading histories.

On the other hand, regardless of the number of cycles applied, energy dis-
sipation, or +-history, the links of the same section with almost the same

stiffener spacings exhibited web buckling at approximately the same ¥ {Section



- 135 -

7.8) Although this finding was based on a limited variety of loading histories, it
does suggest that instead of the energy criterion, the shear link deformation
angle limit is a more reliable parameter for predicting the eyclic web buckling.
Previously a similar conclusion was reached for flange buckling of cyclically

loaded beams [85].

Proposed Approach for Cyclic Web Buckling Problem : - The test data
obtained for the 30 shear links were reduced, where instead of the energy cri-
terion, the deformation-angle ¥ was used as the main parameter for buckling.
As shown in Figs. B.5, the value of ¥ was measured from the farthest point of
zero shear reached during the entire previous history to a current point. This
approach for measuring ¥ was adopted since it was found that regardless of N,
the ¥ and the shear forces at buckling of symmetrically cycled links were nearly
the same as those for the links of identical sections and stiffener spacings which
were unsymmetrically loaded {See Table 8.1 for Specimen C3 vs. C1 and C2, A8
vs. B16, and B24 vs. A9, B17, BR0, B21, and B25, where N varied from 1 to 18).
This approach appears to be also applicable for the flange buckling problem
f9s5].

The deformation-angle at buckling denoted by ¥p is generally the maximum
% attained prior to web buckling. Typically web buckling corresponds to the
largest ¥ in the enlire prebuckling history. In a limited number of cases web
buckling was observed at a magnitude of ¥ somewhat smaller than the maximum
attained in the previous half cycle. For such cases it can be surmised that
slight web buckling must have occurred at the peak of the previous half cycle.

Therefore for such a case, the maximum ¥ attained in the previous haif cycle

was adopted for ¥p.



- 136 -

Although a complicated stress distribution can be expected to develop in

the web [32], in an approximate sense, the average web shear stress T can be

defined (Fig. 8.5) as

s = (8.6)

where V, A, are, respectively, the link shear force and the web area. The
buckling-shear-stress T is defined by Eq. 8.6 at ¥5. The quantities 75 and ¥

for the specimens studied are listed in Table 8.1.

Cyclic Web Buckling Solution : - To date, with the exception of Egs. 8.4 and
8.5, no solutions have been proposed for the plastic cyclic web buckling of wide
lange shear beams, and only solutions for plastic monotonic plate buckling with
idealized stress and strain distributions are available [6,8.21,22.23,29,36,90]
However, considering the similarity of the web buckling modes [32] to the ones
of plates under shear loading, the plastic plate shear buckling theory can be
applied to the present problem. The relevant earlier theories for the plastic
plate buckling problem were based on an analogy to the elastic buckling prob-
lem, and the theoretical plastic buckling shear stress 75 was obtained from
elastic buckling solutions. Following the formalism of such theories, it was

hypothesized that the present plastic buckling problem can be expressed as

T = 9{1) TR (8.7)

where 7 is a plastic-reduction-faclor, a function of plate strain-hardening his-
tory, and 7z is an elastic buckling stress for a plate given as

= _ﬂﬁ_&(a)[% '

2
TE T Te(1-R) } (8.8)

where v is Poisson's ratio, and K, is a plate-buckling-coeflicient which is a func-

tion of the aspect ratio o and the boundary conditions [5,8]. It should be noted
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that Eq. 8.7 is non-linear. However, the topological plate parameters o and g
have the same meaning for the plastic solutions as for the elastic buckling solu-
tions.

In order to solve Eq. 8.7, the expression for 7 should be known. In the
present investigation, an empirical approach based on the 30 shear link tests
was used to derive the expression for 7. This approach is similar te the one
developed by Gerard [21,22,23] for the plate problem. Experimental values of 5
at buckling follow from Eq. 8.7 by calculating T7p/7Tr. As pointed out in Ref. 53,
since shear links are relatively short and are laterally braced at both ends, for
the usual rolled sections it would appear that the flange provide significant res-
traint along the longitudinal edges of the web. Therefore it seems reasonable to
assume a clamped end condition for estimatling 75. Accordingly, 75 in Eq. 8.8

was calculated using X, for clamped end conditions [8] ie.,

8.98 + 5’620 {a=1),
K (o) = X (8.9)
5.80 + 298 (4=1)

Also following Gerard, the secant modulus &G, for the shear link was defined {Fig.

8.5) as

(8.10)

By substituting 7p and ¥y into Eq. 8.10, the value of G; at buckling was obtained
for each specimen. Using the above equations, together with G=E/2{(1+v) and v
of 0.3, n and G, /G were calculated for each specimen at buckling and plotted in
Fig. 8.86. Remarkably, regardless of the cyclic histories applied to the links, the
wide range of g,'s and Ey's, and a variety of a's and #'s, an excellent correla-
tion between 7 and G,/G was obtained. The linear relation between these two

quantities suggests that for the postyield state, regardless of the loading
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histories,

Gy

n =872 (n=03) (B.11)

Using Eqg. B.11 with FEq. 8.7 for determining plastic plate buckling leads to good
agreement with experimental results. The expression for # is purely a function
of strain-hardening of the material and is independent of the topological
parameters o and 8. Regardless of the wide range of the nonlinear characteris-
tics of the materials used in the experiments, the same expression applies.
Moreover the wide range of oy, g, /0, and B, suggests that the relation between
n and G, /G given by Eq. 8.11 is generally applicable for A36 steel. As for elastic
buckling, the solution depends on parameters o and 8.

It would further appear that Eq. 8.7 can be applied even to the link cyclic
web buckling problem. This suggests that cyclic web buckling is strongly
related to the web plate plastic modulus. Substituting Egs. 8.10 and 8.11 into

Eq. 8.7, with 7=75 and y=¥p at a buckling stage results in

.
Tp = 3.7 BG TE (8.12)

It sheould be emphasized that this solution based on the secant modulus has a
great advantage since it can be recast into a direct equation for ¥p by cancel-

ling T7p in Eq. 8.12 leading to
5g = 3.7%’— - (8.13)

Using Eq. 8.8 with v=0.3, a further simplification of Eq. 8.13 can be made, yield-

ing

¥ = 8.7 K {(a)

]
1
F] (8.14)

Eg. B.14 is an extremely simple relationship showing that ¥p is merely a function
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of two topological p'arameters o and f#. Fig. B.7 shows the relationship between
8275 and «, where excellent correlation between Eq. 8.14 and the test data can
be seen.

Based on Eg. 8.14, if the aspect ratio « is the same, ¥5 for a beam with
f=40 is more than double the one for a section with §=60. This is confirmed by
experimental results. For example see data for Specimen AB and All in Table
8.1 and the corresponding plots in Fig. 8.7. Alternatively, for the same magni-
tudes of 8, ¥p increases for smaller a's. For instance, although Specimens Al
through A4 had identical sections, their a’s ranged from 1.66 to 0.42, since the
number of equally spaced stiffeners varied from none to three. As can be seen
from Table 8.1 and Fig. 8.7, compared to the unstiffened Specimen Al, ¥p's for
A2, A3, and A4 were about 1.9, 3.3, and 5.8 times larger in close conformity with

the predictions by Eq. B.14.

Comparison with Plate Buckling Problem : - Earlier plastic buckling solu-
tions for monotonic loadings were derived from elastic solutions for plates, and
theoretical expressions for 77 were based on different loading and boundary
conditions. Various theoretical expressions for 7 were proposed by Bijlaard [8],
Ilyushin [38], Stowell [90], Handelman and Prager [29] etc. Typically, the
parameter 7 was expressed as a function of the uniaxial plate tangent modulus
F; and the secant modulus F;. These solutions were based either on the defor-
mation or the incremental theory of plasticity with or without consideration of
the strain reversal.

Gerard [21,22,23] reported that the above theories gave much higher esti-
mates for the buckling stress compared to the test data for the plates in uni-
form shear, and proposed an empirical expression for # as a function of G, /G,

where (7, is the secant modulus in shear. The maximum errors by this approach
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in estimating plastic buckling shear stresses and strains for his specimens in
Ref. 21 were about 15% and 80%, respectively. The expression for 7 given by Eq.
8.11 was obtained in a manner similar to that used by Gerard. It is to be noted
that due to completely different proportions of the plates tested in his experi-
ments, the critical shear strains wers on the order of 0.01 radians, whereas in
the present study ¥p’s were from 0.03 to 0.18. The experimentally obtained #'s
in Gerard's study mostly were in the range of 0.3 to 1.0, whereas in this study 28
links out of 30 had %’'s under 0.3. Moreover, his solutions were derived for very
long plates where dependence on a is suppressed.

None of the earlier theories are conclusive, and Gerard's empirical solution
based on a limited number of tests may not be sufficiently general. Moreover,
the experimentally observed non-uniformity of stresses and strains in the
actual shear links [32] indicates further unresolved theoretical problems.
Therefore, since the present test results strongly correlate with the proposed

Eq. 8.11, in the discussion that follows, Eq. 8.14 is adopted.

Effect of Stiffener Rigidity : - It should be noted that no significant effect of
stiffener rigidity and detail on the proposed solution was observed. According
to Refs. 8, 83, and 89, it may be concluded that the stiffeners used in the shear
link experiments were much more rigid than necessary to achieve maximum 75
and ¥p. However, the large rigidity of the stiffeners appears to be necessary to

prevent a rapid deterioration of the links in the post-buckling stage [53].

8.4. Link Cyclic Behavior and Web Buckling

Prebuckling Behavior : - Figs. 8.8 and 8.7 indicate that regardless of
different loading histories applied to the links, the ¥y limit was stable and can

be simply expressed by Eg. 8.14. As can be seen from Fig. 8.2(b), the cyclic V-y
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relationship of the link prior to web buckling was very stable generating hys-
teretic curves analogous to the one for uniaxial loading. However, for speci-
mens such as Bi8, on applying nine identical full cycles with a ¥ of 88% of
theoretical 7p, hysteretic loops were identical up to the 8th cycle, then a small
deterioration in the loops was cobserved with the development of slight web
buckling. This suggests that a large number of excursions with magnitude of ¥

near ¥g may initiate web buckling.

Post Buckling Behavior {Case 1) : - Fig. 8.8 shows two examples of
envelopes for V-y link hysteretic loops up to buckling. An envelope for sym-
metric loops is shown in Fig, 8.8{a) and for some extreme unsymmetrical one-
sided loops in Fig. 8.8(b). If further loading is applied with the ¥'s exceeding
such envelopes, unstable loops of the type shown in Fig. 8.2{(a) would develop.
The deterioration in capacity is more likely to occur in the less stiffened links
where typically the loop pinching develops due to flange buckling when the web
buckles. In such cases the flanges became severely compressed when a diago-
nal tension field forms in the web. The less stiffened links provide less support
for the flanges, and thereby permit deterioration to occur more rapidly.
Lateral-torsional buckling of a link may also be induced due fo such failures
[32]. For a link with a large number of stiffeners, instead of gradual deteriora-
tion after buckling, a sudden tearing failure may develop along the perimeter of
the link panels due to stress conecentrations created by the buckled web. The
prediction of post-buckling behavior of links exceeding the envelopes discussed
above is very cvomplex and eventually can resull in hazardous lateral torsional
bueckling and tearing. Therefore, since an EBF greatly depends on link capacity
and behavior, one cannot rely on the link performance in such a range of load-

ing. Accordingly, as asserted in Ref. 32, it would be appropriate to consider web
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buckling as the shear link design ultimate limit state.

It should be noted that links with #'s much smaller than the ones con-
sidered in this investigation tend to show remarkably stable behavior accom-
panied with increase of shear capacity even in the post-buckling stage, and web
buckling may not be an appropriate ultimate state. See Refs. 18 and 84 for this

behavior of sections having §=29.8 and 23.8.

Post-Buckling Behavior {Case 2) : - In contrast to the above case, if after
buckling further cycles do not exceed but fall within the buckling hysteretic
leop envelop such as shown in Fig. 8.8, an alternative type of link post-buckling
behavior occurs. Specimens B16 and B20 with such a loading showed that the
subsequent hysteretic loops were essentially stable and the ductile nature of
the link behavior was retained during further cycles not exceeding the envelop.
It can be said that if the severe web buckling does r;ot occur ie., if ¥ at the
buckling excursion is not much larger than ¥p, the stable post-buckling
behavior can be maintained for the subsequent loadings within the buckling
hysteretic loop envelop. These considerations suggest that regardless of when
the largest loading excursion occurs, web buckling as an ultimate limit state
can be safely adopted. This behavior is similar to the flange buckling cyclic

behavior of ordinary beams [95].

B.5. Stiffener Spacing for Seismic Design

Story Drift and Link Deformation : - Fig. 8.9(a) shows two typical relation-
ships befween the cumulated story shear force # and the story drift angle 4 for

a typical EBF. In general,

V=1, + . \ (8.15)
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where 4, is the elastic and ¥, is the plastic story driit. For the usual magnitude
of the ¥ considered in design, ¥, is of such a magnitude that it cannot be
neglected [40], as can be seen from Fig. 8.9(a). In this figure a realistic 7§
relationship for an EBF panel is contrasted with the cne for an ideal elasto-
plastic model. Although 49, for these two cases may differ (compare 8, and 8, °,
in Fig. B.9(a)), for simplicity the elasto-plastic model is used herein, and ¥,
defines the elastic story drift. The ¥, includes elastic flexural and axial defor-
mations of beams, columns, braces, and, a small contribution from the links.
On the other hand, ¥, is due almost entirely to the link plastic deformation

angle 7, as illustrated in Fig. 8.1(a), whence from geometry,

Yp = f«dp (8.16)

Since 7y, in an EBF ultimate state design is much larger than the elastic link
deformation angle v,, the total link deformation angle y=7,+7, can be approxi-
mated by 7, [40]. Hence applying Egs. B.15 and 8.18 for cyclic action, at a given

peak values of 4,
I
yulozs,), (8.17)

where the negative sign should be used for a positive ¢ and vice versa. This is
schematically illustrated in Fig. 8.9(b) based on experimental results for a 3-
story EBF [54]. As can be seen from this figure, Eq. B.17 provides a reasonable
estimate of ¥ for the inelastic excursions. The somewhat conservative estimate
for ¥y is due to neglecting the increase in ¥, in the strain-hardening loading

range and support rotations at link ends.

Design for Seismic Load : - For a well designed EBTF the inelastic link defor-

mation is largely respensible for the non-linear response of the frame during an
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earthguake. The remarkably stable behavior of the shear links prior to web
buckling has been recognized and modeled by the authors (see Appendix B),
and should be useful in performing non-linear dynamic analyses of EBFs. The
unstable postbuckling behavior of the links is difficult to model, and at this
stage of the development only the EBF with stable link behavior should be used
in design.

Since no unigue earthquake motion can be selected for any given site, and
because of the considerable cost involved in the time-history analyses in practi-
cal design of EBFs, one either turns to a response spectrum approach or simply
to the structural code provisions [4,70,94]. For the response spectrum applica-
tion, there is some question on its applicability for structures with degenerate
hysteretic loops [70]. In EBF applications such behavior would ocecur if the link
web severely buckles causing lateral torsional buckling of a beam or web tear-
ing in the link [32].

In current seismic code development activity EBFs are classified as a duc-
tile seismic resistant system, and thereby benefit from a substantial reduction
in the design lateral force. In order either to assure the reliability for the
response spectrum approach, as well as to satisfy the code requirement for a
ductile system, the links must be appropriately stiffened to prevent web defor-
mation at the required ulfimuate story drift angle ¥,,. In applying either one of
the above two approaches no information on the type of cyclic loading to be
expected is given, and therefore it becomes essential to satisfy the ductility
requirement for the drift of | ¥, |, for which the link web does not buckle.
Clearly by substituting #= |4, | into Eq. 8.1%, the required uitimate link defor-

mation angle |y, ] can be calculated.
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Proposed Stiffener Spacing Formula : - In Eg. 8.14, the web buckling defor-
mation angle ¥g was expressed with two parameters: the panel web aspect ratio
o, and the web panel height-to-thickness ratic 8. In the actual design of a link
it is more convenient te rewrite this relation in terms of 7;. On reviewing the
V- hysteretic loops of the links tested, it can be concluded that Zv, is only
about 5% to 10% larger than ¥g. Furthermore, instead of using g=b/t,, as in Eqg.
8.2, it is more convenient to approximalte this by a beam-depih-fo-web-
thickness-ratio d/t,, where for typical beams d/¢t, is only about 5% to 8%
larger than 8. Also since it has been pointed out that the web stiffeners are
effective in reducing the possibility of lateral torsional buckling [32], a max-
imum permissible spacing of a/d=1 is adopted. Considering these factors, for
the range of 7, from 0.03 teo 0.08 radians, a conservative approximation for Eq.

8.14 in the following form can be established:

2,18 =g (a=d), (8.18)
t, 5

t‘w
where the constant Cg = 56, 38, and 28, respectively, for y, = 0.03, 0.06, and
0.09. For other values of the v,. Cp can be linearly interpolated. In Table 8.1
columns 7 and B provide a comparison between the experimentally determined
v,'s and the calculated y,* using Eq. 8.18. It is believed that the correlation is

remarkably good with slight conservatism for most of the cases {(see column 9}.

Effect of Random Loading on Design : - For the various loading types inves-
tigated, the above formula for web stiffener spacing for 7, is quite reliable. For
general loadings, considering the symmetric loop envelopes bounded by +7, as
in Fig. 8.8(a), it has been asserted that, if the link hysteretic history lies within
the loop, no web buckling would occur. In order to justify this further, experi-

mental investigations employing random types of loading history are necessary.
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Fortunately, some information recently became available to clarify this issue.

A full-scale B-story, two-bay steel structure with eccentric bracing (see
right hand Tig. 8.1{a)) recently was tested using the pseudo-dynamic method
[18,24] at Tsukuba, Japan. This structure was subjected to a simulated Taft
earthquake with the maximum ground acceleration scaled to 0.5g. Fig. 8.10(a)
shows the ¥-history from this test for the 1-st story EBF panel {18]. Based on
Ref. 18 and Eq. 8.17, it was estimated that about 16 to 20 inelastic half cycles
were imposed to the link located at the 2-nd floor level with maximum and
minimum ¥'s of 0.08 and -0.035, respectively. For the WiBx40 shear link
employed having stiffeners spaced at a=7.25in., using Eqg. 8.18, v, is estimated
to be 0.072. Therefore the random link excursions were well within the
envelope bounded by +7, and as to be expected, no web buckling was observed
during the test. Inasmuch as in the Tsukuba tests it was decided to determine
the ultimate strength of the structure, additional "'final” tests were performed
by applying sinusoidal motions schematically shown in Fig. 8.10(b}. During the
second test, the peak ¥ reached 0.011, and the correspending 's including sup-
port rotations were about +0.08 [18]. It is reported that during this test the
web was about to buckle [18]. However, due to failure at the brace-beam con-
nection, no further loading was imposed on the link, therefore no actual buck-
ling could be observed. Considering the conservatism of Eq. 8.18 for estimating
Y.+ il is believed that this shear link would have sustained the initially planned
on random excursions.

At Berkeley several subassemblage tests of the type shown in Fig. 8.3{c)
simulating the Tsukuba framing were run by Ricles [81] with W12x19 links hav-
ing @ =6.75in. In these experiments the a /t,, ratio of the web panels was larger
and d /t,, ratio was smaller than those in the Tsukuba test, and according to Eg.

B.18, ¥, should attain 0.0868. Several of the links were subjected to a random
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history of lvad reversals, and the loading applied to one of the links simulated

the effect of a scaled 0.5g Taft earthquake as in the Tsukuba tests. These

experimental results conflrmed that Egs. 8.14 and 8.18 are applicable for

severe randormn loadings.

B.G. Conclusions

Based on the resulls of experimental and analytical studies discﬁssed in

this paper, the following conclusions may be reached.

(1;

(=)

(3)

4

(5)

In spite of the various loading histories and energies dissipated, it appears
that the onset of webh buckling can be reasonably well predicted by the link
deformation angle ¥ for either symmetric or unsymmetric loadings.
Experimental resulls strongly suggest that the classical monotonic plastic
plate buckling theory provides guidance for shear link cyelic web buckling,
therefore the aspect ralic o and the height-to-thickness ratic g play a
simmilar role as in the elastic buckling solution.

Buckling iink deformation angle ¥ can be simply expressed in terms of
parameters a and # only. This relationship appears to be independent of
the varialion in the material nonlinear characteristics of the available
tests, and it is similar to Gerard's empirical plastic buckling solution utiliz-
ing the secant modulus as the plastic reduction factor.

The proposed solution for ¥ appears to be valid not only for the loading
types investigated, but also for other types of random loadings.

Web buckling is the direct cause of link hysteretic behavior deterioration
for the sections comumonly used for EBF applications. Since postbuckling
behavior and final failure are difficult to predict, and since stable link

action is essential in EBF design, link web buckling is the most appropriate
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state to consider for EBF ultimate design.
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Frame Link Vertical Lateral
Type Length Load Load
e e* w Type | B,* | |P,*| | |P,*"]
(in) | (in) | (k/in) (k) (&) P
(1) () | 3) (4) (5) (8) (7) {8)
HD- 1 29 29 0. - +204 214 1.06
HD- 2 29 29 0.08 point | +154 203 1.05
HD- 3 29 29 0.06 point 211 225 1.07
HD- 4 29 0 0. - +214 214 1.00
HD-5 29 0 0.08 point | +202 203 1.00
HD- 6 29 0 0.06 point | -224 225 1.00
HD- 7 29 29 0.06 unif. +182 203 1.08
HD-8 29 29 0.08 unif. -209 225 1.08
HD-9 29 0 0.086 unif, +201 203 1.01
HD-10 29 0 0.086 unif. -221 225 1.02
HD-11 29 29 0.18 point | +172 182 1.08
HD-12 29 29 0.18 point -217 218 1.00
HD-13 29 0 0.18 point | +180 182 1.01
HD-14 29 o 0.18 point -242 246 1.02
1D-1 36 36 C. - +90 95 1.08
LD-2 36 38 0.08 unif. +72 75 1.04
1LD- 3 38 386 0.08 unif. -92 94 1.02
1D-4 36 0 0. - +94 95 1.01
LD-5 36 0 0.08 unif. +72 75 1.04
LD-6 36 0 0.08 unif. -110 114 1.04
HEHK-1 28 14 0. - 199 214 1.08
HK- 2 28 14 .08 point 195 214 1.10
HK- 3 29 0 0. - 209 214 1.02
HK- 4 29 ) 0.08 point 208 214 1.02
HK- 5 28 14 0.18 peint 197 214 1.09
HK- 6 29 0 0.18 point 208 214 1.03
HK- 7 29 14 0.18 unif. 194 214 1.10
HK-8 29 0 0.18 unif. 207 214 1.03
Hv-1 29 0 0. - 214 214 1.00
Hv-2 29 0 0.06 point 214 214 1.00
HV- 3 29 o 0.18 point 213 2l4 1.00
HV- 4 28 ) 0.18 unif. 209 214 1.02

* Obtained from elasto-plastic analysis at 4 =1.5%
** Obtained from approximate limit analysis.
Note: For HD-,HK-,HV-frames, L=218 in., and for LD-frames L=288 in.

Table 4.1 Summary of Nonlinear Analyses for 32 Eccentrically Braced Frames.
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Section d ty b ty A ! 7z
(in.) (in.} (in.) (in.) (in.?) {(in.4) (in.%)

Specimen T.87 0.17 3.96 0.208 2.98 31.6 8.07
W8x10 7.89 0.17 3.94 0.205 2.96 30.8 8.87

Table 6.1. Specimen Section Properties

Location Oy Ty Esn Eu E
(ksi.) {ksi.) (in. /in.) (in./in.) (k=i )

Web 60.6 79.9 0.031 0.163 30,001
Flange 52.4 T0.7 0.028 0.198 31,118

Table 8.2. Specimen Material Properties

Gy P, A A M, 6" | brax
Web Flange {k.) {k.) (k—in.) {k —in.) (in.) (in.)
60.6 52.4 167.1 46.2 321 498 13.9 21.8
58.5 (averaged) 168.4 42.6 3486 513 18.2 <4.1

Table 6.3. Specimen Plastic Properties

Specimen ¢ Panel zones Loading
No. (in.) | Number | a (in.) | o/f,

1 14.5 4 3.63 21.3 Monotonie {twice)
2 14.5 4 3.63 21.3 Cyclic

3 14.5 4 3.83 21.3 | Cyclic

4 14.5 4 3.63 21.3 Cyclic + Axial force
5 17.6 5 3.50 20.8 Cyclic

6 17.5 5 3.50 20.6 Cyclic + Axial force
7 11.6 3 3.83 22.5 Cyclic

Table 8.4. Test Specimens
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Speci- Section o 8 7B ¥p Y o Yu N Load
men (ksi) | (rad) | (md) (rud) 7e Type
1 & (3 4 1) (8 ) 8 (9) (100 | {11
Al W 18x40 1.86 53.8 255 0.032 0.018 0.016* 1.00 3 52
A2 W 18x40 0.83 53.8 304 0.082 0.033 0.030 1.10 4 51
A3 W 18x40 0.55 B3.8 34.8 0.108 0.056 0.055 102 11 &1
A4 W i8x40 0.42 53.6 381 0.184 0.096 0.074 1.30 18 21
ADb W 18x40 0.65 53.6 32.5 0.105 0.058 0.046 1.2 8 51
AB W 18x40 0.50 63.6 38.1 0.114 0.081 0.060 102 8 S1
AT W18x35 0.55 52.3 37.5 0.117 0.082 0.057 108 11 32
AB W 18x80 213 40.1 35.0 0.080 0.034 0.030* 113 9 33
AS W 18x40 0.71 53.6 32.5 0.078 0.042 0.041 1.0 9 53
A0 W 16x28 2.40 57.0 312 0.040 0.022 0.015* 1.47 4 53
All W 18x35 213 52.3 288 0.032 0.019 0.018* 1.08 4 33
Al13 W 16x26 C.80 &57.0 34.3 0.058 0.031 0.027 LB 7 53
Al4 W 18x35 071 52.3 335 0.078 0.042 0.043 0.98 10 53
Bis W 18x60 2.13 40.1 38.4 0.080 0.033 0.030* 1.10 3 U-1
B17 W 18x40 0.71 535 34.0 0.075 0.040 0.041 0.98 8 54
B18 W 18x60 2.13 40.1 36.4 0.047 | 0.028 0.030* 0.93 12 &5
B20 W 18x40 071 83.5 34.5 0.077 0.041 0.041 1.00 4 3-8
B2l W 18x40 071 535 352 0.082 0.044 0.041 1.07 13 >4
B2z W 18x40 0.67 535 35.2 0.101 0.054 0.045 1.20 15 57
B23 W 18x40 0.87 93.5 36.2 0.081 0.845 0.045 1.00 14 S
B2 W 18x40 0.71 63.5 353 0.090 0.049 0.041 1.20 1 U-2
B25 W 18z40 0.71 535 33.5 0.073 0.040 G.041 0.98 13 54
B26 W 18x40 0.50 53.5 40.1 0.134 0.072 0.059 122 19 54
C1 W8x10 0.48 44.4 51.8 0.17 0.092 0.084 1.10 1 U-2
ce W 8xi0 0.48 4.4 484 0.160 0.086 0.084 1L 18 U-3
ca wexio 0.48 44.4 4684 0.180 0.086 0.084 1.02 18 5-2
C5 W ax10 0.46 44.4 45.9 0.136 0.07 0.087 0.86 18 53
cv WBx10 0.51 44.4 50.6 0.135 0.073 0.080 0.91 11 58
D1 Wi2x18 0.60 44.7 395 0.118. 0.083 0.066 0.95 11 59
D2 W 12x18 0.80 44.7 408 0.121 0.063 0.088 0.9 11 510
* Obtained from Fig. B.7 {a> d).
Table 8.1, Shear Link Cydic Test Results
Test Section Oy Cu Eg, £, Oy B E
(ksi) | (ksi)) | (AR) | (nAn) | oy | (ksD) (ksi)
(1) (2 3 @ ) (8) & ®) (9)
A W 16x26 48.3 87.2 0.026 0.24 139 83.3 30150
W 18x35 46.7 £8.9 0.020 0.20 147 123.3 28650
W 18x40 39.6 80.1 0.018 0.22 152 102.0 28300
W 18x80 4.4 68.4 0.018 0.21 1.54 125.7 28800
B W 18x40 48.0* 64.0% D.02% 0.26% 133 66.7 28000**
W 1860 44.4 68,4 0.018 0.21 1.54 125.7 28800
C Y 8x10 60.6 79.9 0.031 0.163 1.32 146.2 30001
D W12x19 54.3 68.4 0.035 0.175 122 87.1 28730

* From mill tests
** Fstimated

Table 8.2. Specimen W eb M aterial Properties
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Fig. 1.1 A Typical Moment Resisting Frame (MRF).
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Fig. 1.2

Lateral Displacement Components of MRF.
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Fig. 1.3 Typical Arrangements for Concentrically Braced Frames (CBFs).
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Fig. 1.4 Severe Plastic Deformation of a Concentric K-braced Frame.
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Fig. 1.5 Hysteretic Loops for Axial Force v.s. Axial Displacement
of a Pin-Ended Brace Strut [7].
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Fig. 1.6 Hysteretic Loops for One-third Size Concentric K-brace Frame [52].
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ACTIVE LINK

Fig. 1.9 Typical Plastic Deformation of Eccentric K-braced Frame.
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Fig. 1.10 Hysteretic Loops for One-third Size EBF [54].
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Fig. 3.2 Internal Virtual Work in D-brace Frame for Mechanisms 1 and 2.
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(a) Work Done By Lateral Load.
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(b) Positive and Negative Work Done by Vertical Loads.

External Virtua! Work in D-brace Frame for Mechanisms 1 and 2.
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VARIATIONS OF MECHANISM 3

beam mechanism (a)
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Fig. 3.4 Approximate Estimates of Link Deformation Angles and
Internal Virtual Work in a D-brace Frame for Mechanism 3.
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(a) Work Done by Lateral Load.
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(b) Work Done by Vertical Loads.

Fig. 3.5 External Virtual Work in a D-brace Frame for Mechanisms 3.
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Fig. 3.6 Internal Work and External Work for K-brace Frame.



-179-

Il 12 VABl 6

(a) Internal Work for V-brace Frame.

y
r——

We, = €2 Rl We,

=0
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Fig. 3.7 Internal Work and External Work for V-brace Frame.



FRAME L h e er dydg BEAM BRACE COLUMN
TYPES (in) (in) (in) (in) (in)
HD 216 108 29 29 or 0 7 wld x 53 8x8x5/16 wl4 x 82
HK 216 108 29 29 or 0 7 wl4 x 53 8x8x1/4 wld x 82
HY 216 108 29 -- 7 wld x 53 8x8x1/4 wld4 x 82
LD 288 144 36 36or0 7 w 8 x 31 8x8x1/4 wld x 48

Fig. 4.1

Basic Parameters for EBF Analyses for Laterat and Vertical Loads.
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Fig. 4.3

Modeling of Distributed Load by Point Loads
and Shear Force Distributions in a Beam.
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Fig. 4.6 Load-Deflection Relationships for LD-frames.
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Fig. 4.7 Load-Deflection Relationships for HK-frames with ¢ = ¢/2 and ¢ "=0.
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Fig. 4.8 Load-Deflection Relationships for HV-frames.
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Fig. 4.9 Mechanisms for a 3-story D-brace Frame with large e .
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Fig. 4.10 Typical Behavior of Beams in a D-brace Frame with Large ¢ .
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Fig.'4.10 Typical Behavior of Beams in a D-brace Frame with Large ¢ .
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(c)

Mechanisms for a 3.gtory D

_prace Frame with ¢ =
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Fig. 4.12 Typical Behavior of Beams in a D-brace Frame with ¢ =0,
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(b)

y K-brace Frame with (&) o= el and (O e =0.

Fig. 4,13 Mechanistas for a J-stof



-190-

(d)

Fig. 4.14 Typical Behavior of Beams in a K-brace Frame with e ‘= e/2, and 0.
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Fig. 4.17 Variation of Lateral Load Carrying Capacities and Mechanisms for 3-story

HD- and 1L.D-frames Due to Vertical Load Magnitudes.
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Fig. 4.19 Some D-brace Frame Arrangements and Variations
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Fig. 5.15 Free-Body Diagram of a D-brace Frame Panel for Approximate Analysis Method.
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EBF EXAMPLE

Fig. 6.2
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1 Fo 21, % 0.05 'hL"

Approximate Relationship of Link Shear and Axial Forces.
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(a) Energy Dissipation Mechanism of EBFs.

ARV VN ANV

{b) Displacement and Axial Force Control.

Fig. 6.3 Experimental Simulation of Beam Deformation in EBF.
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Global View of Actual Experimental Setup.

Fig. 6.5
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Fig. 6.6 Photos of Supports, Connections, and Instrumentation for Rotation Measure-
ments.
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Photo of Specimen 1 at the End of Testing.

Fig. 6.8

Shear-Displacement Relationship of Specimen 1.
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Fig. 6.10 Moment-Shear Relationship of Specimen 1.



221~

Fig. 6.11 Photo of Specimen at §=3 in,

Fig. 6.12 Photo of Specimen Reversed to §=0 in.
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(c) Cycle 108, at §=1.5 in.
Fig. 6.17

{d) Cycle 10N, at §=-1.5 in.

Photo of Specimen 3 During Test.
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(c) End Region B, North Flange.
Fig. 6.18

(d) End Region A, North Flange.

Photo of End Regions of Specimen 3 After Test.
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Fig. 6.19 Photo of Specimen 4 at the End of Testing.
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Fig. 6.20 Shear-Displacement Relationship of Specimen 4.
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Fig. 6.22 Moment-Shear Relationship of Specimen 4.
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(c) Cycle 8S, at §=1.25 in.
Fig. 6.23

(d) Cycle 8N,

Photo of Specimen 4 During Test.

\

at 8=-1.25 in.
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(a) End Region B,

North Flange.

Fig. 6.24 Photo

of End Regions

(d) End Region A, North Flange.

of Specimen 4 After Test.
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Photo of Specimen 5 at the End of Testing.

Fig. 6.26
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Shear-Displacement Relationship of Specimen 5.
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Reproduced from
best available copy.

(a) Cycle 65, at §=1.0in.

(¢c) Cycle 108,

at 8=1.5 in.

Fig. 6.29

(b) Cycle 6N, at §=-1.0 in.

(d) Cycle 10N, at 8=-1.5in.

Photo of Specimen 5 During Test.
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(¢c) End Region B, North Flange.
Fig. 6.30

Photo

(d) End Region A, North Flange.

of End Regions of Specimen 5 After Test.
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Photo of Specimen 6 at the End of Testing.

Fig. 6.32
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Shear-Displacement Relationship of Specimen 6.
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Moment-Displacement Relationship of Specimen 6.

Fig. 6.33
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Moment-Shear Relationship of Specimen 6.
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6N, at =-1.0in.

Fig. 6.35

(d) Cycle 7S, at 8=1.0 in.

Photo of Specimen 6 During Test.

(b) Cycle 4N, at 3=-0.75 in.

-9t T



(a) End Region B, South Flange.

(c) End Region B, North Flange.
Fig. 6.36

(d) End Region A, North Flange.

Photo of End Regions of Specimen 6 After Test.
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Fig. 6.37 Photo of Specimen 7 at the End of Testing.
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Fig. 6.38 Shear-Displacement Relationship of Specimen 7.
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(c) Cycle 68, at 5=1.0 in.
Fig. 6.41

Photo of Specimen 7 During Test.

(d) Cycle 7N, at 5=-1.0 in.
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(¢) End Region B. North Flange.
Fig 6.42

(b) End Region A, South Flange.

{(d) End Region A, North Flange.

Photo of End Regions of Specimen 7 Afier Test
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Fig. 6.43 Comparison of ¥-—y History of
(a) Long Shear Link, and (b) Short Shear Link.




-243-

V/V,

A
HODGE \/\\ &
NEAL
\ \
® | SPECIMEN \
\y
@ 2 OR MORE SPECIMENS \\
O PRESENT TEST
® PREVIOUS TEST O‘
O 0 MW/Me

Fig. 7.1 M-V Interaction Plots for 26 Links.



-244-

(a)

CASE | CASE 2 CASE 3

1]
1]

+++- SHEAR HINGE

Vv
——— MOMENT HINGE
. MB MA
(b) ’
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Moments, and (b) Sequence of Hinge Formation.
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(a)

(b)

Fig. 8.1 (a) Typical Energy Dissipation Mechanisms of EBFs at Large Displacement, and
(b) Typical Shear Link Inelastic Deformation (Specimen C3)
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Fig. 8.3 Different Experimental Setups for
Shear Link Tests
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APPENDIX A

ADDITIONAL DETAILS ON

EXPERIMENTAL STUDY

A.1. SBupport StifIness of Experimental Setup

As noted in Ref. 32, the tasks in an experimental investigation are first to
model as accurately as possible the physical domain of the problem and then to
excite the model in a meaningful way. Since it is seldom feasible to model a
complete structure due to myriad of technical and economic difficulties, testing
of carefully selected subassemblage as a part of the whole structure provides
an attractive alternative.

The selected subassemblage in the present experimental investigation {see
Chapter 8) was considered to simulate the interaction between the link and an
EBF and yet the setup was quite simple. This section comments on the experi-
mental behavior of the link supports which are important parts of the
subassemblage for simulating the columns and beams adjacent to the link.

Fig. A.1(a) schematically shows the experimental setup employed. This
model was used for preliminary design of the experimental sétup and for the
development of a nonlinear shear beam element briefly discussed in Appendix

B. The spring stifinesses K,,,A and Kj, of the support at A express, respectively,

the rotational and translational stiffness. The moment of inertia along the

beam CE varies due to the attachment of flange coverplates (Section 8.3).
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A deformed subassemblage is shown in Fig. A.1{b), where 94, 95, and B8, are
the rotations at A, B, and D, respectively, and A, is the displacement of the link
end plate in the direction of the shear force applied to the link. The relation-
ship between these displacements and the corresponding force quantities are
shown in Fig. A.2. Fig. A.2(a) shows that the rotational stiffness of the support
at link end A is about 9 times that the rotational stiffness provided by the beam
at link end B. As noted in Section 6.3, this provides a good model for a typical
ratio of a beam stiffness to that of a column for an EBF. Large bolts for con-
necting the end plates to the support, as shown in Fig. 6.4, were chosen in order
to avoid a nonlinear relationship between bolf elongation and bolt axial force
due to link end moment. As can be seen from Fig. A.2(a), in this manner the
nonlinearity of the rotational springs was successfully kept a minimum.

The end moment at B, in addition to causing the rotation ¥z, also caused
the rotation 4;. the experimentally obtained elastic ratio between ¥y and 9,
was 1.7:1. This ratio agreeed very well with the theoretical prediction based on
the model shown in Fig. A.1{a).

Fig. A.2(b) shows the relationship between the link shear force ¥V and Ay, a
translation of the link end A. The A, can be decomposed into two parts: the one
is due to the slip of end plates at A, and the other is due {o the deformation of
the bolts in direct contact with the end plate (see Fig. 8.4). The magnitude of A,

was kept under 0.005 in., thus, A, was of negligible magnitude.

A.2. Axial Deformation of Links.

Fig. A.3 shows the axial shortening A, of the link plotted against link
transversal displacement § for the specimens 3, 5, and 7 where no axial force

was applied. Due to a relatively large deformation angle §/e of the link, the
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second order effect from such an angle can be recognized. It is interesting to
note that without axial force, the link length increased with the number of
eyelic excursions. Previously, a similar trend for ordinary beam was reported
in Ref. 86. The link elongation was largest in the long link (Specimen 5) where it
was about 0.04 in. at d = Q.

Ref. 54 discussed the second order rigid-plastic mechanism for an EBF.
This study attempted to show the second order effect of large link deformation
on the stability of an EBF under cyelic loading. The above findings suggest the
need of considering the additional effect of link elongation. However, at this
stage in research, it is nol possible to accurately predict such elongalions.

In Fig. A.3, a sudden increase in link shortening in the absence of axial load
can be seen at the advanced stages of link loading. This is due to the severe
flange buckling induced by the diagonal tension field formed after web buckling
cccurred. In the link axially loaded, as shown in Fig. A4, the manner of axial
shortening was completely different from that without axial force application.
Significant shortening could be noted after severe flange buckling and subse-
| quent web buckling. The shortening was greatest in the long link {(Specimen 8),
where in the final excursion A,~ 0.7 in.

It is believed that shortening of the links after severe buckling would be
reduced if a concrete slab is attached to the top of a link preventing axial
deformation. Such an effect would be beneficial in reducing the deterioration of

the link during postbuckling behavior.



APPENDIX B

INELASTIC MODELING OF

CYCLICALLY LOADED LINK

B.1. General

The inelastic response of an EBF is dominated by the behavior of the active
link regions. Therefore, the accurate modeling of these elements is of great
importance. Many formulations employed in the analysis of structural systems
neglect the effect of shear on the structural members at either the elastic or
the inelastic state. For an EBF; such modeling is inaccurale since high shear
forces act in the active beam regions. Recognizing this, some models for active
links were made previously taking into account both elastic and inelastic shear
deformation of he beam.

Roeder [84] modeled the shear link as a sandwich beam [69] which assumes
that the web resists shear force and the flanges risist moments. Bi-linear
approximations of shear force - shear deformation and moment - bending rota-
tion relationships were used tc mode! strain-hardening. The parallel com-
ponent medel consisting of an elastic component and an elastic-perfectly plas-
tic component was utilized. For shear, both isotropic and kinematic hardening
effects were considered and their degrees of participation were empirically
assigned. For moment, only the kinematic hardening effect was considered.
Since moment capacity was defined by considering flange resistance only, it was

reported that the model is appropriate only for the case where the link yields
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primarily in shear and moments are small.

However, the newly obtained data explained in Chapters 8 and 7 indicate
that shear links are generally exposed to both high moment and shear force,
and the magnitudes of moment cannot be predicted by considering only flange
resistance. Since moment estimates are also of great importance for EBF
analysis, this element is not considered to be suflicient for proper EBF analysis.
Moreover, some othér unreasonable behavior of this element has been recog-
nized.

Yang [98] modeled the active link as an inclined £russ element in an effort
to represent the shear link behavior including strain-hardening. However, this
assumes the pure shear behavior of the link beam and equal end moments at
both link ends. As discussed in Chapters 8 and 7, this cannot be the case for
general analysis of EBFs.

Hjelmstad {32] developed the finite element modél which, basea on stress
resultant formulation, uses the yield surface similar to the one proposed by
Neal [61,62]. This model was used f.or EBF analysis in Chapters 4 and 5. On
using this model for FBF analyses, however, it has been recognized that each
link must be discretized into many elements, since the error in estimating
moment becomes very large if a small number of elements are used. Obviously
this is not an efficient approach for global analysis of EBFs. The element also
ignores strain-hardening eflect, important for ultimate design and analysis of

EBFs.
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B.2. Proposed Model

As discussed above, none of the elements were suitable for an eflicient and
yet accurate prediction of the link random cyelic behavier. One purpose of per-
forming the link tests explained in Chapters 8 and 7 was to obtain basic infor-
mation to permit simplification of analysis procedures and yet realistic model-
ing. As stated earlier, the behavior was quite simple in that the interaction
between moment and shear is neglected. Being benefited from this
simplification, it was decided to use constitutive relations of the link that are as
realistic as possible. Accordingly, the simple bi-linear model was not con-
sidered, but a nonlinear curve fitting model was considered. Since ths active
link behavior usually governs the EBF behavior, for correct prediction of EBF
behavior, such a constitutive model was considered to be appropriate. Previ-
ously, similar general constitutive models were proposed
[11,14,15,17,30,38,39,55,58,84,87,75,76,82), among which the Ramberg-Osgood
Model [B2], Menegetto-Pinto Model [58], Dafalias-Popov Model [14,15], and
Petersson-Popov Model [67] may be considered state of the art in this area.
However, in order to efliciently match the special numerical algorithm
developed for shear link modeling, another constitutive model was developed.

Alsco, for all nonlinear models, there was a severe limitation on their use for
random eyclic constitutive relations, since the unloading-reloading process
usually results in a large offsei of the load-deflection behavior from the correct
one. The models, therefore, were usually used for regular cyclic loading. Many
attempts have been made to obtain a good algorithm to realistically simulate
random behavior, but they have not been considered satisfactory. As an alter-
native solution, the author obtained a simplified and quite accurate updatling

method for the unloading-reloading process. The use of this updating method is
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not limited to the nonlinear model developed by the author but aiso is applica-
ble for the other nonlinear models. Fig. B.1 contrasts the random cyelic
behaviors predicted by the previous [11,17] and proposed updating method.
Although the size of memory required for both methods was comparable,
remarkably better prediction by the latter method can be seen.

In this report, it is not intended to discuss this element in detail. The ele-
ment is currently being modified for dynamic analysis. For the medium link
specimen tested in Chapter 8, analysis by the proposed element was made. Fig.
B.2 shows that the element can predict very accurately the cyclic behavior of

links.
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P.M. Griffin and W.N. Houston - Dec. 1979{(ADA 092 352)Al5

"Earthquake Response ¢f Concrete Gravity Dams Including Hydrodynamic and Foundation Interaction
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"Inelastic Torsional Response of Structures Subjected to Earthquake Ground Motions," by Y. Yamazaki
April 1980(PB8Ll 122 327)A08
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