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DYNAMIC ANALYSIS OF

SEISMICALLY RESISTANT ECCENTRICALLY BRACED FRAMES

Abstract

This report deals with the nonJinear analysis of eccentrically braced steel frames for

cyclic static and dynamic loading conditions. A companion report entitled Experiments On

Eccentrically Braced Frames With Composite Floors, EERC Report No. 87/06, discusses

experimental results obtained from a test program i~volving the seismic behavior of bare

steel and composite links in eccentrically braced frames. Included in this companion report

is a description of the eccentrically braced structural system, in addition to the need for

analytical research which lead to the work presented in this report. Throughout this report

reference will be made to Chapters 1 to 5 of the companion report.

In the first part of this report two analytical models are developed using a finite ele

ment stress resultant formulation for the purpose of performing static and dynamic nonlinear

analyses. The first of these elements is intended to model links in eccentrically braced steel

frames. The second element is used to model composite floor beams outside the link,

accounting for moment-axial force interaction and the cyclic effects of composite action in a

practical manner. Three numerical examples are then presented concerning the nonlinear

static analysis of links and eccentrically braced steel frames. In the first two examples a

bare steel and composite link specimen of the experimental study presented in the compan

ion report are analyzed. The third example involves an analysis of a previously tested

eccentrically braced steel frame specimen. The results of the analyses are compared with

the experimental behavior related to the three examples to illustrate the reliability and accu

racy of the elements in predicting local link behavior as well as global frame response.

The remaining portion of this report deals with the seismic assessment of eccentrically

braced frames designed by plastic design principles. To achieve this task, a procedure for
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nonlinear dynamic analysis is adopted to analyze eccentrically braced frames subjected to

strong ground motions. In all, a total of three six-story designs were performed (Designs I,

2, and 3) followed by analysis using several major earthquake records. Design 1 consists of

an eccentrically braced frame with moment connections throughout the structural system.

Design 2 is similar to Design I except that the links of the lower floors in Design 2 were

strengthened in order to achieve beller performance during an earthquake. Unlike Designs

1 and 2, pin connections were used in conjunction with moment connections in Design 3.

Design 3 was analyzed several times where the pin connections were assumed to be flexible

as well as rigid, respectively, enabling an evaluation of the use of flexible connections in

eccentrically braced steel frames.
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CHAPTER 6

CYCLICALLY LOADED LINK MODEL

6.1. General

The inelastic response of an EBF is dominated by the behavior of the active link

regions. Therefore, the modeling of links must be accurate if reasonable results are to be

obtained. Since high shear forces act in the active link regions, any appropriate formulation

must include shear effects at the elastic and inelastic states. Recognizing this, previous

researchers have developed models for active links taking into account both elastic and ine

lastic shear deformations.

One of these earlier models was that developed by Roeder [6]. Roeder modeled the

shear link as a sandwich beam [69], where the web resisted shear force and the flanges

resisted moment. The parallel component model [70,71] was utilized. with strain hardening

due to shear and moment approximated by bilinear relationships for the action-deformation

relationships. Combined isotropic and kinematic hardening were considered for shear. For

moment, only kinematic hardening was considered. This model was intended to be pri

marily used in the case where the links yield in shear and the moment is small. However,

as noted in tbis report and in previous findings [7], shear links are generally subjected to

both high moments and shear forces. Primarily for this reason this element was not con

sidered to be sufficiently accurate for proper EBF analysis.

Yang [72] attempted to model an active link using an inclined truss model. The

approach, however, assumed equal end moments at both ends of the link. This is not the

case for a general analysis of EBFs, for experimental results reported herein and by others

[7] indicate that l.uger moments develop at the end of a link adjacent to a column.

A finite element model using a stress resultant formulation had been proposed by

Hjelmstad [3]. The formulation utilized a yield surface similar to that suggested by Neal
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[19,73]. However, the effects of strain hardening were not included. The use of this ele

ment by others [7] indicated that the link must be discretized into many elements in order to

minimize the error in estimating the moment. This makes the element inefficient for global

nonlinear analysis of EBFs. Furthermore._the fact that strain hardening is not included does

not correlate with the cyclic link behavior of test specimens.

From the above discussion it appears that none of the previously developed link ele

ments are suitable for an accurate prediction of link behavior under random cyclic loading.

Consequently, a method was developed to more accurately and yet efficiently predict ran

dom cyclic link- behavior in order to perform global static and dynamic nonlinear analyses

of EBFs. The method involved a simplification of an enchanced general theory, which had

been presented by Chen and Powell [79]. This general theory was enhanced by accounting

for the effects of nonlinear shear deformations. Using the simplified formulation, a planar

link element was developed.

The enhanced general theory and simplification of it are described below. In addition,

a simple means of incorporating the effects of composite action is presented. based on the

experimental behavior discussed in Chapters 3 and 4. This involved adjusting the parame

ters for the link element, in addition to developing a composite beam-column element to

model the floor beam outside the link. Chapter 6 concludes with a presentation of the

results of analyses of test specimens which had developed nonlinear cyclic behavior. The

analyses were performed using the' newly developed elements.

6.2. General Formulation

6.2.1. General Description

Consider a three-dimensional steel beam-column dement which exhibits hysteretic

behavior when subjected to cyclic loads. Such an element may be arbitrarily oriented in the

global XYZ coordinate system. Fig. 6.1. where nodes I. J, and K define the element's length

L and position. A local xyz coordinate system is also defined for the element. where node
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K, together with nodes I and J, 'define the plane containing the local y-axis. Element pro

perties are typically specified in the local xyz coordinate system.

The element consists of a linear elastic beam element with a nonlinear hinge at each

end, as shown in Fig. 6.2. To facilitate the discussion this element will be referred to as the

complete element, consisting of both hinges and the elastic beam. The hinges are con

sidered to have a zero length. Inelastic behavior of the element is concentrated in the

hinges, where each hinge is affected by axial force, two shear forces, two flexural moments,

and a torsional moment. Both hinges are assumed to be initially rigid, therefore the initial

stiffness of the complete element is that of only the elastic beam. As the forces at the ele

ment ends increase, the hinges can yield, resulting in a reduced stiffness of the complete

element.

Each hinge consists of a series of subhinges, Fig. 6.3, where each subhinge possesses

a rigid plastic action-deformation relationship. Eachsubhinge has a yield surface, where

the yield surfaces of the subhinges are arranged in a consecutive manner as shown in Fig.

6.4(a) for a two-dimensional action space. The rigid plastic action-deformation relation

ships for a series of subhinges combine to produce a multi-linear function for each hinge as

shown, and hence multi-linear relationships for the complete element. Under increasing

deformation, the hinges strain harden, folJowing the multi-linear action-deformation rela

tionships. Strain hardening results in a translation of the yield surfaces, as shown in Fig.

6.4(b). The Mroz theory for yielding of metals [75,76] is used to establish tangent stiffness

relationships between the actions and deformations of a yielded subhinge. The tangent

stiffness of the subhinges are then combined with the elastic beam stiffness to produce the

tangent stiffness of the complete element. If the actions at a hinge decrease, the hinge

becomes rigid again as unloading occurs. Under such conditions the stiffness of the com

plete element is equal to th?i of the elastic beam element.
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6.2.2. Degrees of Freedom

The complete element has two external nodes and two internal nodes, as shown in Fig.

6.2. The internal nodes exist at the end of the elastic beam element. The hinges connect

the internal nodes with the external nodes. The external nodes connect to the global struc

ture and have six degrees of freedom each, namely global translations and rotations about

the XYZ axis, as shown in Fig. 6.5(a). In the local element coordinate system, six deforma

tion degrees of freedom exist as shown in Fig. 6.5(b).

The transformation from the global displacements I. to the element deformations X is

accomplished by:

(6.1 )

where

V
T = [VI. v2' v3' V41 vs, V6]

r
T = [r l ' r2, .... rill r 12]

The displacement transformation matrix ~ is well known, and can be found in the literature

[74].

The elastic element has degrees of freedom q which act at the internal nodes. as

shown in Fig. 6.6, and are defined as:

(6.2)

The hinges at nodes I and J have deformations degrees of freedom ~~ and ~:. respec

tively, where:

(6.3a)

and

(6.3b)
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The hinge deformations ~: and !1'~ represent the plastic deformations of the complete ele

ment. The torsional and axial hinge deformations are shared between the hinges at nodes I

and J, hence:

(6.4a)

(6.4b)

The remaining terms in ~: and ...~ represent total rotational deformations, that is, flexural

and shear deformations are included in each term.

Each subhinge can in turn be expressed in terms of four deformation degrees of free-

dom w sp which are associated with the hinge deformations wp- The sum of ~sp of each

subhinge gives the deformation wp of the hinge at a particular end of the complete element.

The deformations ~ of the complete element are obtained by summing the elastic beam

deformations and deformations of both hinges:

_v = q + w·
- -p

where w; are the deformations of both hinges, reading:

6.2.3. Complete Element Stiffness

(6.5)

A flexibility matrix is first formed for the elastic beam in terms of degrees of freedom

q. Thus, the beam element stiffness relationship in matrix form can be writlen as:

~ =lS.'q (6.6)

where ~ and K, respectively, are the n<:>dal force vector and stiffness matrix for the elastic

beam element, in which
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and

EJ. EI.
-·K" -·K, 0 0 0 0L ". L 'J.

EI. EI.
_oK" _oK" 0 0 0 0L 'J, L J),

0 0
Ely Ely

0 0-K, -K,
L ", L ,},

K = Ely Elv0 0 -K -'K 0 0L ,}, L J},

0 0 0 0
GJ

0-
L

0 0 0 0 0
EA-
L

where

My,M: =bending moments about the local y and z axes,

I,J = superscripts to identify end of element associated with nodes I and J,

Mx =torsional moment,

F = axial force,

K;; ,K;} ,K}} =flexural stiffness factors,

Ely,EI: = bending rigidities about the local y and z axes,

GJ ,EA = torsional and axial rigidities.

The relationship expressed by Eq. 6.6 is inverted to obtain a flexibility matrix for the elastic

beam element. Elastic shear deformations are accounted for by appropriately adding shear

flexibility matrices isy and is: to the flexibility matrix of the elastic beam. where:

1 [1 1] ,
is: = -- 1 1

GA-L:

(6.7a)

(6.7b)

in which GA; and GA:·, respectively, are thl' effective shear rigidities associated with shear
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deformations about the y and z axes.

Thus, the elastic beam element flexibility relationship is obtained which includes the

effects of shear, reading:

q =E'~

where E is the flexibility matrix for the elastic beam element defined as:

L 1 L .. 1
0 0 0 0-F· +-- --F +--

EI, ". GA:L EI, 'J, GA,'L

L 1 L 1
0 0 0 0--F·· +-- -F+--

EI, 'J, GA:L EI, JI, GA,'L

0 0
L 1 L 1

0ElF;;, +-- -EiF;i, +-- 0
y GAy'L y GA;L

E = L 1 L 1
0 0 --F· +-- -F·· +-- 0 0

Ely 'J, GA;L EI JJ, GA'Ly y

0 0 0 0
L

0-
GJ

0 0 0 0 0
L

EA

(6.8)

This elastic beam flexibility matrix E is modified by adding the flexibility of the hinges.

resulting in the flexibility matrix for the complete element.

In multi-dimensional action space. each hinge has a 6x6 flexibility matrix I p in terms

of its axial and torsional d~formations associated with the x axis, and flexural and shear

deformations about the y and z axes. As noted previously, the deformation of the hinge is

the sum of the corresponding deformations of its yielding subhinges. Hence:

dr;,p =~ dr;'spi
I

where

dS£p = deformation increment of a hinge,

dr;'spi = deformation increment of associated subhinge i.

(6.9)

The hinge flexibility matrix I p in turn is the sum of the subhinge flexibility matrices. That

is. a binge flexibility relationship can be wriuen as:
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= ~i- ··is
~ sp' -
i

(6.10)

w~ere lspi and d~ • respectively. are tbe flexibility matrix of a subbinge, and action incre-

ment acting on the binge. defined as

The actions ~v and Vz represent the sbear forces acting along the y and z axes.

Before yielding of a subhinge occurs, the flexibility matrix of the subhinge is null and

therefore has no effect on the flexibility of the hinge and the complete element. After yield-

ing. the subhinge develops flexibility and therefore contributes to tbe flexibility of tbe hinge

and complete element. For the hinge at node I. the incremental action-deformation relation-

ship can be expressed as:

del dM;z

del dMI
y y

d- I
(dvs - dqs)"

-I
dM;x

~p = = t p dVydi

d~
dVz

dF
(dV6 - dq6)"

(6.11a)

Likewise. for the complete hinge at node J:
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de; dM;

del dMl
y y

d- l
(dvs - dqs)"

1;
dMx

w = = dVy
(6.llb)-p

dy[

dr;
dVz

dF
(dV6 - dq6)u

where

dE~,dE: = vectors of complete set of hinge deformations at nodes I and J,

dey,de z = incremental rotation due to flexural deformations about the y and z axes,

dy'v,dyz = incremental rotation due to shear deformations about the the y and z axes,

/,J = superscripts to identify the nodes of the complete element,

1~,1: = hinge flexibility matrices at nodes I and J.

The increment of total rotational deformation d¢ is the sum of the flexural and shear

deformations, where at node I:

d¢; = de~ + dyJ

and at node J:

d¢; = de~ + dr;

d¢; = de~ + dy{

(6.12a)

(6.12b)

According ,to Figs. 6.5(b) and 6.6, the above rotational deformation components have the

following meaning:
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d(/)j =dV2 - dq2

d¢1 =dV3 - dq3y

d(/).: =dV4 - dq4 (6.13)

On neglecting second-order effects, the relationships between the shear forces and moments

are:

dVy = dM; + dM{

L
(6.14a)

(6.14b)

Hence. the incremental action-deformation hinge relationships of Eqs. 6.11 (a) and 6.11 (b)

can be expressed in terms of the deformation degrees of freedom !f: and !f:. That is, at

node I:

dMI
z

(dvi - dql)
dMj

(dv3 - dq3) dM I

dw1 i: y

= (dvs - dqs)* =-p
dM J

y

(dv6 - dq6)* dMx.

dF

(6.15a)

and at node J:
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dMf

(dv 2 - dq2)
dM;

(dV4 - dq4) dM'
t; y

dwJ = (dvs - dqs)"
= (6.ISb)-p

dMJ
., .... y

(dV6 - dq6) dM,x

dF

The quantities t~ and t; are 4x6 matrices which contain the appropriately arranged

coefficients of the hinge flexibility matrices 1: and 1:.
As can be noted from Eqs. 6.4 and 6.15, the hinge at node I affects the degrees of

freedom vI' v3. Vs and v6' while the hinge at node] affects the degrees of freedom v2. V4.

Vs and v6' Therefore, the hinge flexibility coefficients of t~ and t; can be simply added to

the appropriate coefficients of the elastic beam flexibility matrix E in order to obtain the

tangent flexibility matrix E, for the complete element.

Thus. using Eqs. 6.8, 6.15 (a), and 6.15 (b) the action-deformation relalionship is

obtained for the complete element expressed in terms of the degrees of freedom X:

d_v = dq + dw·
- -p

where

= £.,·dJ (6.16)
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and

dql + (dv 1 - dql)

dq2 + (dv2 - dq2)

dq3 + (dv3 - dq3)

dq4 + (dV4 - dq4)

dqs + (dvs - dqs)- + (dvs - dqs)"

dq6 + (dv6 - dq6)- + (dV6 - dq6)"

dVI

dV2

dV3
= dV4

dvs

dV6

Having determined the 6x6 tangent flexibility matrix Et. this matrix is inverted to oblain a

6x6 element tangent stiffness K,. That is:

(6.17)

(6.18)

The matrix E, is positive definite because only deformation modes are represellled by this

matrix. Therefore f., can be inverted.

6.2.4. Hinge Flexibility

From Eq. 6.10 it follows that the vector of actions ~ affecting the deformations of a

hinge is defined as:

~T = [Mz• My. Mx• Vy• Vz• F]

Consider a subhinge i of a complete hinge. idealizing the subhinge as being rigid-

plastic. Let dWspi be the corresponding vector of the increment of plastic deformations.

where

in which de.. and do. respectively, arc the increment in torsional deformation about the x-

axis. and the axial defmmation. II is necessary to obtain for the subhinge a flexibility rei a-



13

tionship of the form:

=t- ··issp' _ (6.19)

where 1spi is the subhinge flexibility matrix. To achieve this, the following assumptions

are made:

(I) Let et>(j) be the yield function defining a surface which translates in action space due

to strain hardening. After some amount of hardening has taken place, the yield func-

tion is et>(~ - Q), where Q is the vector defining the location of the origin of the yield

surface. This is illustrated in Fig. 6.7 for a two-dimensional action space. The direc-

tion of translation is governed by the hardening rule, to be discussed later.

(2) Drucker's postulate [77] applies, which states that the network done by an external

agency acting over a cycle of stress is positive. Consequemly, the following holds:

(a) The yield surface is convex for a stable work-hardening material.

(b) Any incremem of plastic deformation is perpendicular to the yield surface, hence

the equation for the yield surface, cfl(j - Q), is a plastic potential function.

(c) An increment of plastic deformation is linearly related to the action increment.

If the action point is on the yield surface, continued loading generates an increment of

plastic deformation dE!spi' According to Drucker's postulate, this deformation is perpendic

ular to the yield surface, hence:

dw . = n·A·_SP' _ I (6.20)

where!! is an outward normal unit vector from the yield surface at the point of action. Ai

is a scalar defining the magnitude of plastic deformation of the subhinge. Because the yield

surface is considered to be a plastic potential function, the direction of the outward normal

to the yield surface is the gradient of the yield function. Hence:
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cJ>'S
11 = -r=====

..jcJ>,f ect>.s

in which ct>.s is the gradient of the yield function. That is:

cJ> r = [ act>. act> act> act> act> act> ]
-'s aM ' aM ' aM ' av ' av ' aF= y x y z

(6.21)

Consider an increment of action d~ shown in Fig. 6.7. The component of d~ in the

direction of !1 is d~n' and is defined by:

- T-
d~ n =11 . <.!1 . d~ ) (6.22)

Since by Drucker's postulate the plastic deformation increment is linearly related to the

action increment, assume:

d~ n = K spi .dri'spi (6.23 )

in which Kspi is a diagonal plastic stiffness matrix from the individual action-deformation

relationships for the subhinge. That is, the off diagonal terms in Kspi are zero, with the

diagonal terms defined as:

(6.24)

The selection of the diagonal terms must be carefully specified in order to provide appropri-

ate post-yield stiffness of the complete element. This will be discussed later.

If Eqs. 6.20 and 6.22 are substituted into Eq. 6.23, and the result premultiplied by 11 T
,

it follows that:

(6.25)

Therefore:
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(6.26)

With Ai now defined. the increment of plastic deformation for the subhinge can be com-

puted due to an increment of action. Upon substituting for Ai into Eq. 6.20:

n·n T

dW'spi = T. d~
n ·K ··n- _sp'_

(6.27)

Therefore. by referring to Eq. 6.19 the required flexibility matrix of a yielded subhinge is

obtained, reading:

n·n T

1spi = ----'T=-='---
n ·K ··n_ _ sp._

(6.28)

As noted previously, the 6x6 flexibility matrix I p of a hinge is .the sum of its yielded

subhinges. Thus:

(6.29)

where k represents the number of yielded subhinges.

After determining I p for the hinges at nodes I and J. the flexibility relationships are

recast in terms of axial and flexural actions and the associated axial and total rotational

deformations using Eqs. 6.12 to 6.14. In this manner the hinge flexibility matrices 1~ and

1; of Eqs. 6.15 (a) and 6.15 (b) are obtained.

6.2.5. Hardening Rule

After initial yielding occurs, the behavior of a subhinge is assumed to obey the Mroz

strain hardening rule for yield in metals [75,76]. In this analysis consider a hinge 10 have

three subhinges. The location of the initial yield surface for each subhinge is ploned in a

two-dimensional action space as shown in Fig. 6.8. Assume the current state, defined by

~ I. has reached a point P] on yield surface YSI, causing subhinge ] to yield. 'Continued
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loading will cause yield surface YS I to translate towards yield surface YS2, in the direction

defined by a vector from point PI to the corresponding point P2. The point P2 lies on yield

surface YS2 and is defined by ~ 2' For points PI and P2 to be corresponding, their outward

normals!! I and !!2 must be parallel, i.e.,

!!f '!!2 = I (6.30)

The translation of yield surface YS 1 is depicted in Fig. 6.9(a). Yield surface YS2 does not

,begin to translate until subhinge 2 yields.

The vector of actions ~ 2 at point P2 can be determined knowing the sizes and current

positions of yield surfaces YS 1 and YS2. In multi-dimensional space this is defined as:

(6.31)

in which Q I and Q2' respectively, are the current positions of the origins of the yield sur-

faces YS 1 and YS2. The matrix ~ u 12 is square, whose off diagonal terms are zero. Each

diagonal term of ~u12 represents the relative size of yield surface YS2 to YSI along the

axes, Le.:

Observing that the vector ~ 2 - ~ I defines a vector from point PI to P2 in Fig. 6.9(a),

it follows that the increment of translation dS!: I of yield surface YS 1 is equal to:

(6.32)

where da ~ is a scalar defining the magnitude of translation of yield surface YS 1. To deter-

mine da ~, Eq. 6.31 is suhstituted into 6.32 to obtain:

dQI = [(~UI2 -1)~ I - ~ul2Q1 - !!:2)] da~

From the definition of the yield function, point PI lies on yield surface YS 1 when:

(6.33)
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(6.34)

The fact that the action point PI must remain on the yield surface YS 1 during translation

requires that:

(6.35)

Upon substituting Eqn. 6.33 into 6.35:

Hence:

(6.36)
l
)

da~ =
T «l>,s d~ I

(6.37)

Thus, yield surface YS 1 undergoes an increment of translation dQ I due to an increment of

action d~ I' where:

_1(Ju12 - D~'1 - (~ul2Q1 - Q2)] ~,f- d~ 1

- «l>.f [(JUI2 - D~ I - ~ul2Q1 - Q2)]

(6.38)

If by the increment of action where yield surface YS 1 translates that yield surface YS2 is

reached, yield surfaces YS 1 and YS2 will translate together towards a corresponding point

P3 on yield surface YS3. This situation is illustrated in Fig. 6.9(b).

In the general case where subhinge i has yielded, yield surface YSi will translate

towards yield surface YSj. where the translation increment is equal to:

do:-.
1 - ] T -fS·· -I)S· - fS .0:. - a) «l>.-·dS\2:!UIJ - _. \2:!U'J-' -J - S _.

- «l>,f [(JUij - D~i - (~ujjQi - Qj)]

(6.39)

An exception to this rule occurs when the outermost yield surface YSN if, reached. This

occurs when all the subhinges of a hinge have yielded. For this situath.m the direction of

translation is obtained by assuming that an additional infinitely large yield surface exists.
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Thus, the diagonal terms in ~uij are infinite. and it can be shown that the translation of yield

surface YSN is equal to:

(6.40)dS!N 1- ] T -,
=~N - S!N ~.s ·d~N

<I>·f [IN - S!N]

The translation of yield surface YSN represented by Eq. 6.40 occurs along the radial direc-

tion connecting the origin of YSN to the current action point IN' This is what is known as

Ziegler's hardening rule [80).

6.2.6. Loading-Unloading Criteria

The loading-unloading criteria must be able to differentiate between plastic flow and

elastic unloading from any plastic state for any specified deformation increment. Various

criteria have been used by past researchers [78.79.80.81.82,83). The procedure used herein

was based on the criterion that the magnitude of plastic deformation defined by Ai (Eq.

6.26) must be positive during continued loading from the yiel.d surface.

Hence. given that the current state ~ is on the yield surface. that is:

<I><! - g) = 1 (6.41)

the loading of a subhinge i continues to occur if the increment of action d~ is such that

(6.42)

while unloading of subhinge i occurs if

(6.43)

If the unloading criterion is met for any yield surface. then the same holds for all remaining

yield surfaces penaining to active subhinges of the same hinge. If unloading occurs from

more than one yield surface, then the surfaces are separated by an amount equal 10 E'!1. as



19

shown in Fig. 6.10(b), where as a result, points Pi, Pj, and Pk each have a distinguishable

state. A very small value of E = 1X 10-6 was used in the analyses. In a general case, points

Pi, Pj, and Pk during previous loading correspond to the points on the yield surfaces YSi,

YSj, and YSk, as shown in, Fig. 6.IO(a). Distinguishable states are necessary for reasons of

numerical stability in the event that reloading occurs along the same normal !1 as unloading

(See Fig 6.IO(b».

6.2.7. Determination of Plastic Stiffness

As noted previously, the post yield behavior of the c.9mplete element is governed by

the plastic stiffness matrix Kspi of each subhinge. For each subhinge, the determination of

the coefficients of Ksp; requires a knowledge of the complete action-deformation relation

ships. Since the matrix Kspi is diagonal, each action-deformation relationship is uncoupled.

Thus the individual coefficients in K sp; for all subhinges can be obtained from separate

applied actions, as indicated in Figs. 6.11 and 6.12. The relationships for axial load, shear,

and torsion are straightforward since the corresponding internal force is constant along the

length of the member. However a complication arises in the case of bending moment, for

Lhe flexural stiffness at the end of a member depends on Lhe variation of moment along the

member. In a concentrated hinge model it is not possible to account for all possible

moment variations which may occur, thus assumptions must be made regarding the hinge

propenies. Under seismic loading the links of EBFs have in-plane end moments which

cause double curvature of the links. Thus, one could consider obtaining an action

deformation relationship where the link is subjected to equal magnitudes of end moments

causing double curvature, as shown in Fig. 6.12(a). Equal end moments, as shown in Fig.

6.12(b), are plausible for out-of-plane bending.

To determine a plastic stiffness coefficient of K sp; for action quantity S, the reciprocal

of the slope of tJle action-deformation relationship for the current state is equated to the

combined flexibilities of the elastic beam, Ks" and all yielded subhinges. Thus. if a
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subhinge 1 yields due to the axial force F exceeding the yield strength Ff,' such that:

then

(6.44)

Whence, the plastic stiffness coefficient KpFI for the first subhinge associated with axial

force is given as

(6.45)

where KF, and KF" respectively, are the axial stiffness of the elastic beam, and slope of the

action-deformation relationship between the strengths Ff, and Ff,' as shown in Fig. 6.11 (a).

If subhinge i yields,

and

(6.46)

1
(6.47)

It can therefore be shown that the plastic stiffness coefficient KpF• for subhinge i associated

with axial force is given as:

(6.48)

In the general case, the plastic stiffness coefficient Kps, for subhinge i associated with

the action S is defined as

KS,Ks,.,

Ks. - Ks,.,
(6.49)

where
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Sy, :s; S < Sy,., (6.50)

In Eq. 6.49. Ks, and Ks.+\, respectively. are the slope of the action-deformation relationship

between the strengths SY'_I and Sy,. and the slope between the strengths Sy, and Sy,." Note

that S must be one of the actions represented in the vector ~ defined by Eq. 6.18.

6.3. Simplified Formulation

The general link model formulation discussed above was simplified in order to per

form economical nonlinear dynamic analyses of EBFs. The simplifications involved intro

ducing assumptions in the general formulation. These assumptions included the following:

(l) Properly designed EBF framing should not permit the development of large axial link

forces. Hence. the effects of axial forces can be neglected.

(2) EBFs can be considered to be planar requiring only in-plane analysis of links.

(3) Since previous research [7] indicated that shear -yielding does not appear to be

significantly influenced by the presence of bending moment, a rectangular yield sur

face was adopted for the subhinges, as shown in Fig. 6.13. Each hinge consisted of

three subhinges,

6.3.1. Degrees of Freedom

As a consequence of assumptions I and 2. the deformation degrees of freedom include

only rotation about the z-axis. Thus, for the elastic beam:

!/ = [q\. q2]
and for the hinges

[w~]T = [vI_q I]

[~:] T = [v2 - q2]

(6.51)

(6.52a)

(6.52b)

The external nodes each have three global degrees of freedom associated with the X- Y
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plane. These are shown in Fig. 6.14, and include translations about the X and Y axes and

rotation about the Z axis. Consequently, from Fig. 6.14:

6.3.2. Complete Element Stiffness

The elastic beam element stiffness relationships are:

s. = lS.'q

where

and

(6.53)

(6.54)

The 2x2 flexibility matrix of the elastic beam. which includes the effects of shear defonna·

tions, is easily obtained from:

F =r' + fro = [::; ;~]
in which

1 [1 1]is: =-- 1 1
GA·L:

(6.55)

The hinge flexibility relationship is affected only by shear and flexural defonnations,

resulting in rotations about the z-axis. For the hinge at node I:
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and at node J:

{
dBJ

} {dM!}J Z -J •
d~' = = i
-p dy{ p dVy

(6.56a)

(6.56b)

where the hinge flexibility matrices are obtained by summing the flexibility matrices of

yielded subhinges:

-/ -r
-r I-/ fi; f ij

i p = " ispi - -/ -r
• f ji f jj

[

-J - J
f,·" f,"}'

-J . -J
i p = ~isp; = -J -J

I f ji f jj

Since from Eqs. 6.12 and 6.13:

and from 6.14 (a):

Thus the flexibility relationship for the hinge at node 1 becomes:

(6.57a)

(6.57b)

(6.58a)

(6.58b)

(6.14a)
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(6.59a)

and at node J:

(6.59b)

Consequently, for the complete element:

where E is the flexibility matrix of the complete element. reading:

(6.60)

t., = (6.61)

The 2x2 tangent stiffness matrix K, for the complete element is easily obtained by inverting

the tangent flexibility matrix EI' that is:

(6.62)

6.3.3. Hinge Flexibility

The yield surface for each subhinge can be idealized as being'constructed of two verli-

cal facets and two horizontal facets. as shown in Fig. 6.15(a). Among these facets. the

adjacent horizontal and vertical facets a and b have been identified. Yield functions and the

outward normal vectors of facets a and b are indicated in Fig 6.15(a). Similar functions
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and outward normal vectors can be defined for the two other facets. The plastic stiffness

matrix K 5pi for eacb subbinge considers only moment and shear forces. Thus for subhinge

i:

= [KPM'i 0]
OK.,·p.,1

in which

KpM,i = plastic flexural stiffness coefficient for subhinge i,

Kpl',i =plastic shear stiffness coefficient for subhinge i.

(6.63)

The flexibility matrix of a yielded subhinge depends on which facet the current state

lies. There are three possible variations of the flexibility matrix of a yielded subhinge.

Consider cases (i), (ii) and (iii) below:

Case (i) • Current state lies only on facet a. Hence only moment yielding occurs.

Since for facet a the outward normal [Ba] T = [1,0], the flexibility matrix for subhinge i is

equal to:

=

1

KpM,i

°
o

°
(6.64 )

Case (ii) • Current state lies only on facet b. Thus only shear yielding occurs. Since

for facet b the outward normal [Bb] T = [0,1], the flexibility matrix for subhinge i is equal

to:

TBb 'Bb
15pi = ----

nb
T

.K ··nb_ _ 5pl_

(6.65)

Case (iii) • Current state lies on both facets a andb. Therefore. both moment and shear

yielding occur. When the current state lies on the intersection of two facets, Eq. 6.20 must
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hold for each of these facets. The increment of plastic deformation for a yielded subhinge

is the sum of the contributions from each facet. That is:

d~'sp;

where for facet a, using Eq. 6.27:

n .n T {dM:)
d

- _a _a
~spi. = T dI;'

.!1a 'Ksp; ·.!1a y

and for facet b:

n .n T {dM<)
d

- _b -b •w --spi. - T K dV
.!1b '_sp; '.!1b Y

Consequently, for subhinge i:

T ] {dM").!1b·.!1b •

+ nbT ,K .nb dVy_ _sp'_

Since from case (i), [.!1a] T = [1,0], and from case (ii), [.!1b] T = [0,1],

(6.66)

(6.67a)

(6.67b)

(6.68)

1
0

KpM,; {dM,)
d§:spi = 1 dVy

(6.69)
0

KpV,i

the flexibility matrix for subhinge i from Eq. 6.69 is:

1
0

lsp;
KpM,;

= 1 (6.70)
0

Kpv,;

If the current action point lies on ar' )f n ~ining facets of th~ yield surface, resuhs

for the subhinge are similar to one of the three cases discussed above. The complete

subhinge flexibility matrix is then obtained by summing the su~hinge flexibility matrices of

all yielded subhinges. Thus, if the current action poinl lies r,n any vertical facet, then:
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k I
I

KM
. 0

1=1 p,'

o 0

If the current action point lies on any horizontal facet, then:

o

o i-I
-

i=1 Kpl',i

(6.7Ib)

If the current action point lies on the intersection of a horizpntal and vertical facet, then:

k 1
I-
i=1 KpM,i

o

o

I 1
I-
i=1 KpV,i

(6.7lc)

In the above, k and I, respectively, are the number of active subhinges due to moment

yielding, and shear yielding.

Note that because the outward nonnals of the intersecting facets are orthogonal, the

hinge flexibility matrices are therefore diagonal. Upon substituting the above into Eq. 6.61,

the complete element flexibility matrix for the general case reads:

E, =

where

Q. [ 1 ] / 1 b [ 1 ] /Fii+I - +-I-
i=1 KpM,i L i=l KpV,i

I C [ 1 ]Jp.·+-I -
IJ L i=1 Kp\',i

1 b [ 1 ]/F+-I -
IJ L i=1 KpV,i

d ( l]J I C ( 1 ]JF}J+I -- +-I--
i=l KpM,i L i=1 KpV,i

(6.72)

I, J = node of the element to which the active subhinges correspond,

a =number of active subhinges due to moment yielding of hinge at node I,

b =number of active subhinges due to shear yielding of hinge at node I,

c = number of active subhinges due to shear yielding of hinge at node J,

d =number of active subhinges due to moment yielding of hinge at node J.
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6.3.4. Hardening Rule

Both kinematic and isotropic hardening rules were incorporated into the shear link ele-

ment. The kinematic hardening rule is similar to that described previously, where the Mroz

hardening rule is used to translate the yield surfaces and the slope of strain hardening is

determined from the plastic stiffness coefficients. The isotropic hardening rule is based on

the anisotropic hardening rule by Mroz [76].

6.3.4.1. Kinematic Hardening

When the current state lies on only one facet the situation is treated as a one dimen-

sional yield surface when calculating the yield surface translation using the Mroz hardening

rule, Eq. 6.39. For example, if the current state lies on only facet a of yield surface YSi

shown in Fig 6.15(a), then a horizonlal translation will occur as shown in Fig 6.15(b).

The gradient cJ>.M, of facet a is given by:

1
<I>'M =--

, MUi
(6.73)

where MUi is the initial yield moment of yield surface YSi. From Eq. 6.39, the increment

of translation daMn due to the increment of bending moment dMz is equal to:

where

[ (
MUJ ] [ MUj ] ] 1-- - 1 (Mu, + aM ) - -- aM - aM. . dM=
MUi n MUi n oJ MUi

(_1] [( MUj _ 1] (Mui + aM ) _ [MUJ aM. - aM ]]
MUi. MUi "MUi" '}

= dM. (6.74)

aM
n

' aM.} = current horizontal position of yield surface YSi, and the next subsequent

yield surface YSj.

MU
J

= initial yield moment of yield surface YSj.

Hence, the translation vector in moment-shear action space for yield surface YSi is equal to:
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dQj = 0

29

(6.75)

Similarly, if the current state lies on only facet b of yield surface YSi, the yield sur-

face will translate vertically due to an increment of shear dVy• as shown in Fig. 6.15(c).

The gradient CI>.v of facet b is equal to:,

1

VUj
(6.76)

where VUj is the initial shear yield force of yield surface YSi. Hence, the increment of

translation dav,. due to an increment in shear force dVy is equal to:

[ [
VUJ _ 1] (VUj + ay ) _ [VUj ay _ ay ]] _1 dV

vVUj ,. VUj" 11 Vu, .
=-=---'-------;-;.------;-------'------;-------'--=---'----',--;~

[_1] [( VUj _ 1] (VUj + ay) - [VUj al' - ay 1] .
VUj VUj " VUj" 11

where

=dVy (6.77)

all,,' aYl1 =current vertical position of yield surface YSi and the next subsequent yield

surface YSj,

VU
J

= initial shear yield force of yield surface YSj.

The translation vector therefore in moment-shear action space for yield surface YSi is equal

to:

(6.78)

Note that the increment in translation of the yield surface facets is equal to the incre-

ment of action causing the translation. This is a property of the Mroz hardening rule, where

a surface with a constant gradient will have the action point re'nain on the yield surface.

For a curved yield surface, such as an ellipse, the gradient is Dot constant and as a result the

action point will drift outside the translated yield surface. In order to achieve accurate
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resulls this drift must be controlled.

When the action point lies on two facets simultaneously, the determination of the

translation of the yield surface becomes complicated if the Mroz hardening rule is applied

directly to the two-dimensional action space. Firstly, the gradient at the comers of the yield

surface cannot be computed from the yield function. Secondly, unless the loading d~ is in
I

the direction of the yield surface translation, depicted in Fig. 6.16(a) as being the vector

~ j - ~ i defined by points Pi and Pj, the action point will drift off the yield surface as

shown in Fig. 6.16(b). Consequently if the vector dS is not parallel with ~j - ~j, then the

action point must be returned to the yield· surface. Therefore the forces in the yielded

subhinge will not be equal to the forces of ~i + d~. As a result, unbalanced loads develop

at the corresponding nodes of the element, requiring equilibrium correction. There have

been many proposed procedures to correct the state determination for drift control

[84,85,86,87,79,88]. For the link element the action point should logically be returned to

the yield surface at the intersection of the two facets, since increased moment and shear

loading should cause further moment and shear yielding. If this return rule were adopted,

then the new action point would always be constrained to remain at the corner of the yield

surface, whose direction of translation is parallel to ~j - ~j.

Rather than try to adopt a suitable gradient at the comers of the yield surface and

attempt to control the drift phenomena, an approximation was made where Mroz's harden-

ing rule was applied separately to each facet on which the current point may lie. Thus, in

addition to yielding, the effect of moment-shear interaction was also ignored during strain

hardening. Therefore, the components of yield surface translation are given by Eqs. 6.74

and 6.77. The yield surface translation is tbus equal to the action increment. That is:

{
dM.)

dQj = dV
y

(6.79)

Note that no unbalanced loads develop in a hinge during yielding until another facet is

reached. implying yielding of an additional subhinge.
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6.3.4.2. Isotropic Shear Hardening

As was observed in the experimental behavior discussed in Chapter 4 and in previous

experiments [3,5,6,7], both isotropic and kinematic hardening occur in links yielding

predominantly in shear. For the cyclic link model an anisotropic rule was devised for each

subhinge whereby isotropic and kinematic hardening occurred in shear, with moment yield-

ing following only a kinematic hardening rule. That is, for moment:

(6.80)

where aM, is the horizontal translation of the vertical facets of the yield surface due to

moment yielding, while for shear:

t1>(Vy - av) =H(e) (6.81 )

where av is the vertical translation of the horizontal facets of the yield surface due to shear
1 .

yielding. H(e) is a function which represents the expansion of the 'yield surface due to

shear yielding, where e is a scalar parameter monotonically increasing in the course of

cyclic plastic flow.

Following the suggestion of Mroz [76], e was defined to be the length of the plastic

shear deformation trajectory. That is:

I

e = f(dYpedYp)O.5dt

°
(6.82)

in which dyp is the increment of shear deformation of the complete hinge. The function

H(e) was obtained by fitting a curve to the experimental data for isotropic hardening

presented in Chapter 4. The following format was found to fit the trend of the experimental

data:

2H(e) = ~Vmu - (~Vmu - 2VYJexp(-ae) (6.83)

The parameters ~Vmu and VYo are defined in Fig, 6.17, where ~Vmax is the clastic shear

force between the yield envelope at a large value of the plastic shear deformation, and \'}'u
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is the initial shear yield strength. The coefficient a is a coefficient obtained by a regression

analysis of the experimental data using the H (E) fonnat.

Examples of func.tion H(E) are shown plotted in Figs. 6.18 and 6.19 for a bare steel

link (Specimen 01) and a composite link (Specimen B 1). The use of function H (E) to

expand the yield surface of a subhinge for shear yielding is illustrated by Fig. 6.20.

6.3.5. Loading.Unloading Criteria

The criteria for distinguishing plastic flow from elastic unloading discussed in Section

6.2.6 was applied separately to each facet of a yield surface involving the current state. For

example, if the current state is on a facet indicating that moment yielding is occurring for

subhinge i, then:

n
T

= {[I,D]
[ -1,0]

and therefore,

if M. > 0

nT·is ± dM. M=}.. = = -
,JM=M=

d0pM,iI T-
KpM,in ·K ··n_ _ sp'_

where

d0pM,i = calculated flexural rotation of subhinge i

Likewise for shear:

(6.84)

!1 T = {lO'I]
[O,-I]

and therefore,

if V.~ > 0

if V.y < 0
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Ai =
± dFy
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(6.85)

dYpV,i =calculated shear defonnation of subhinge i

Consequently. if the current state for subhinge i is on a facet which designates

moment yielding, that is Eq. 6.80 holds, then unloading from this facet occurs if due to an

increment of moment dM:.

M.·d8 M' < 0• P ,I
(6.86)

Likewise. if the current state for subhinge i is on a facet which designates shear yielding.

that is Eq. 6.81 holds, then unloading from this facet occurs if due to an increment of shear

dVy•

(6.87)

The procedure of translating facets by a very small amount when concurrent unloading

occurs was briefly discussed in Section 6.2.6.

6.3.6. Determination of Plastic Stiffness

The required plastic moment and shear stiffness coefficients can be determined from

experimental action-deformation relationships using Eq. 6.49.

6.4. Effects of Composite Action

The simplified formulation presented in Section 6.3 is intended for modeling bare steel

links. For the analysis of EBFs with composite floors a formulation for composite links is

required. In this formulation an approach was adopted whereby the essential features of

composite link behavior are accounted for in a gross sense. That is, items such as the

cyclic stiffness and strength of the links and floor beams outside the links arc modeled

accurately, whereas the crack pallern and stress distribution in the floor slab are considered
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to be of lesser importance.

6.4.1. Modeling of Composite Links

The analysis of the experimental data in Chapter 4 indicated that composite links had

a greater initial elastic stiffness, initial shear yield strength, and ultimate shear strength

compared to bare steel links. The interior composite links were found to exhibit a larger

increase in these quantities then the exterior composite links. These phenomena are evident

in Figs. 4.1 to 4.3, which compare cyclic shear response of the composite and bare steel

links. From these figures it can also be seen that near the ultimate state of a link the plastic

stiffness is greater for the composite specimens relative to the bare steel specimens. These

figures also show no deterioration or pinching of the hysteretic loops. Analyses shown in

Fig. 4.I(b) pertaining to an interior composite and bare steel link of the K-braced EBF

subassemblies indicate that the latter specimen had a higher degree of isotropic hardening in

shear.

The hysteretic moment behavior at the ends of a link, shown in Fig. 4.14, reveals that

severe pinching of the hysteretic loops did not occur as in composite beams of moment

resisting frames [22]. However, the composite links near the ultimate state had a greater

rotational stiffness than the bare steel specimens. It was found by numerical experimenta

tion that this effect is primarily due to the rotational stiffness of the composite floor beams

outside the links. Furthermore, this rotational stiffness was aJso responsible for the increase

in the initial elastic stiffness of the composite links.

Satisfactory results for the analyses of composite links were obtained by adopting the

simplified formulation for bare steel links to model composite links. This involves using

for the properties of the subhinges the corresponding greater shear strengths and plastic

stiffnesses of the composite specimens. Furthermore. appropriate isotropic hardening

parameters for composite specimens are also required, as well as the use of a newly

developed compOSite beam-column element for modeling the cyclic rotational effects of the
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floor beam ourside the link. A summary of the action-deformarion relationships for the bare

steel and composite link specimens are given in Figs. 6.21 to 6.23. These relationships

were obtained after studying the experimental data, and then performing several analyses

using a range of different action-deformation subhinge relationships until a satisfaclOry

correlation with the hysteretic behavior of the test specimens was achieved. The H(e) func

tion to define isotropic hardening in shear were shown earlier in Figs. 6.18 and 6.19 for a

bare steel and composite liole The composite beam-column element is described below.

6.4.2. Cyclically Loaded Beam-Column Element

As noted above, the flexural stiffness of a composite floor beam outside the link

influences the moments which develop at the ends of a link as well as the elastic link

stiffness. In Chapter 4 a study of the experimental moment-rotation cyclic behavior of the

composite floor beams outside the link showed the response to be essentially elastic but

with elastic moduli dependent on the sense of moment. Consequently, these members were

modeled using a composite beam-column element that changes flexural stiffness with the

reversal of moment.

The composite beam-colwnn elemenr, referred to as the complete clement, consisted of

the parallel component beam element [81] in series with a rigid-plastic TOrational hinge at

each end of the element, as sho'Ml in Fig. 6.24. Two beams are used in the parallel com

ponent beam element. The hinges are considered to be of zero length.

The behavior of a hinge depends on the load path. Generally the hinge is either rigid

or has yielded. where yielding can occur only due to the effects of moment. Moment-axial

load interaction is not considered to have an effect on the yielding of the hinges. The fol

lowing rules define when a hinge is rigid or has yielded:

(1) For elastic cyclic loading where the parallel component beam element docs nol yield,

a hinge will remain rigid under positive momenl and will yield when subjected to a

negative moment, resulting in a bilinear elastic moment-rotation response for the com-
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plele elemenl as shown in Fig. 6.25(a).

(2) When yielding of the parallel component beam elemenl occurs, the hinge becomes

rigid. The hinge will remain rigid while unloading from the plastic state of the paral

lel component beam element, as indicated in Fig. 6.25(b). If continued unloading

results in a load reversal, then the hinge will yield, as shown in Fig. 6.25(b).

(3) Following yielding of the parallel component beam element and load reversal, a

yielded hinge will cominue to yield during any elaSlic cyclic loading of the parallel

component beam element, resulting in the response of the complete element as shown

in Fig. 6.25(c). Consequently, the hysleretic response of the complete element for

continued cyclic loading would appear as shown in Fig. 6.25(d).

The elastic moment-rotation response of the complete elemenl was based on the exper

imental behavior of the composite floor beams outside the links, as discussed in Chapter 4.

The hysteretic behavior of the complete element is in reasonable agreement with some pre

vious tests [22] of composite floor beams in a moment resisting frame (see Fig. 4.15). A

properly designed short link could possibly have some yielding outside the link, but it

should be small compared to the yielding in the link. Therefore most of the response of a

complete element is expected to be elastic.

The parallel componenl beam element discussed here for the complete element is simi

lar to thaI developed in Refs. 81, 86, and 89. In this approach first a yield surface is

defined accounting for the interaction of moment and axial force. Such a yield surface is

shown in Fig. 6.26, where the element is asswned to be elastic for action points within the

surface. If the moment-axial load combination al an end of this element lies on or outside

the surface, yielding occurs and a plastic hinge is introduced at the corresponding nodal

pOint of the element. Solution points falling outside the yield surface are brought back to

the yield surface by applying a corrective moment as shown in Fig 6.27. The effeci of axial

load on yielding can be ignored - by specifying a yield surface that accounls only for

moment, Fig 6.28.
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6.4.2.1. Degrees of Freedom

The complete element has .two external nodes and two internal nodes, as shown in Fig.

6.24 where the external nodes are identified as I and J. The internal nodes exist at the ends

of the parallel component beam element. The hinges connect the internal nodes with the

external nodes. The external nodes connect to the global structure and have three global

degrees of freedom, namely translations about the X and Y axes. and rotation about the Z

axis, as shown in Fig. 6.14. In the local xyz coordinate system, three defonnation degrees

of freedom exist for the complete element as shown in Fig. 6.29. Each hinge has only

flexural defonnation. The parallel component beam element has both axial and flexural

defonnations. The translation from global displacements I. to the defonnation degrees of

freedom 1: of the complete element is accomplished by:

(6.88)

where

v
T = [V\,V 2.V3]

I.
T = [r l • r2. r3' r4' rs, r6]

The displacement transfonnation matrix!!. is well known and is available in the literature

[74].

The degrees of freedom 9. for the parallel component beam element are considered to

act at the internal nodes. Fig. 6.30, and are defined as:

9. T = [q\. Q2' Q3]

Because lhe hinges are not affected by axial force.

(6.89)

(6.90)

The hinges at nodes I and J of the complete element each have; degrees of freedom as fol

lows; at node I:
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and at node J:

wJ . = [v,> - q,,]
--p - -

6.4.2.2. Element Stiffness

(6.91a)

(6.91b)

In order to determine the element stiffness, a flexibility matrix is first formed for the

parallel component beam element in terms of the degrees of freedom:J.. The parallel com-

ponent beam element consists of an elastic component with a parallel elastic-plastic com-

ponent. Inelastic axial deformations are assumed not to occur in the parallel component

beam element in order to simplify the problem of interaction between the axial load and

flexural deformations after yield. This procedure is the same as that adopted by Powell

[81,86,89], but is not strictly consistent. However, it is believed to be reasonable for most

practical applications due to the fact that yielding in the floor beams outside the links is

minor.

The force increment dS at the ends of the parallel component beam element can thus

be expressed in terms of the increment of deformation dq by the element's stiffness rela-

tionship:

d~ = K,,·dq

where

in which

dM! = increment in moment at end of the elemen! adjacent to node I,

dMf = increment in moment at end of the element adjacent to node J.

dF = increment in axial force.

(6.92)
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Kb = stiffness matrix of parallel component beam element.

The stiffness matrix Kb of the parallel component beam element is equal to:

That is:

Kbjj Kb · 0I)

Kb = Kb " Kb)) 0I)

0 0
EA-
L

EI. Elz Elz * Elz ' •_OK.. -K 0 -K.. -K 0L /I L ') L /I L I)

Elz Elz
0 +(l-p)

Elz * El, •
0=p -K.. -K· -K --K ..

L ') L 11 L ') L ))

0 0
EA

0 0
EA- -

L L

where

K~I = stiffness matrix of elastic component.

K ep = stiffness matri.x of elastic-plastic component,

Kjj • K jj • K jj =flexural stiffness factors of elastic component,

Elz = bending rigidity,

EA = axial rigidity,

L = length of the parallel component beam element, as defined by nodes I and J.

K j:. Kjj. Kjj = flexural stiffness factors for elastic-plastic component,

p = slope of strain hardening modulus as a proportion of elaslic modulus.

The coefficients of K~p depend on the stute. and are computed as follows:

(6.93)

(6.94)

K* =K(l - A) - KC
-/I /I ')

K· = K ..(l - D) - K·B
_I) '1 /I

(6.95a)

(6.95b)
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K· =K·(l - D) - K·B-JJ JJ IJ

where A. B. C and D are defined in Table 601.

(6.95c)

If an effective shear area A;· is specified. the effects of shear deformations can be

included in a procedure analogous to thai for the link element (Eq. 6.55). Thus, the flexi-

biliry matrix Eb for the parallel component beam element which includes the effect of elas-

tic shear defonnations is equal to:

E = K -I + 1_b s

F F;J o 1/I

= F FiJ

lj
IJ

0 0

where

(6.96)

In this manner, the parallel component beam element flexibility relationship is obtained

which includes the effects of shear:

dq =Eod~

The incremental deformation relationship for the hinge at node I is equal 10:

d~~ = (dvl - dql) =t:·dM!
and at end J:

where

t:, t; = current flexibility of hinge at nodes I and J.

(6.97)

(6.98a)

(6098b)
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dM;. dMf = incr.ement of moment at nodes I and J.

The increment of deformation dJ!. is the sum of the parallel component beam element. and
\

hinge deformation increments .. That is:

r'}
dq I + dJ:!:; I~ 0 0

dV2 = dq2 + dJ:!:: =f.·d~ + 0 I: 0 dS =f.rd~ (6.99)

dv) dq) 0 0 0

where E, is the flexibility matrix for the complete element.

The stiffness matrix K I for the complete element is the inverse of E,:

(6.100)

It is possible that fib is singular. This would be the situation when yielding occurs in the

parallel component beam element followed by no strain hardening. or if apin ended compo-

site beam-column is being modeled. As a result, E, cannot be computed by inverting Kb .

In such cases K I is determined by:

(6.101) .

where the coefficients Klii and Kljj are defined in Table 6.2.

6.4.2.3 Hinge Flexibility

The flexibility of a rigid hinge is considered to be null. A hinge develops flexibility

when it yields under tbe conditions set forth in Section 6.4.2. A yielded hinge has a flexi-

bility Is equal to the inverse of its stiffness Ks- That is:

1
Is = K

s

(6.102)

The determination of Ks requires the knowledge of the action-deformation relationship

for moment. As discussed in Section 6.2.7 it is not possible to account for all possible
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moment variations which may occur. However, in EBFs for composite floor beams outside

the link, it is .believed that a bilinear flexural stiffness at the two ends of these members can

be represented reasonably well by applying the two sets of moments, as shown in Fig. 6.31.

These end moment,s are based on the moment diagrams of the floor beams from the non

linear analysis of K-braced and V-braced EBFs. The. analyses involved subjecting these

EBF models to static lateral loads to simulate inertia forces due to a seismic disturbance.

Knowing the bilinear elastic moment-rotation-relationship (Fig 6.31) for each end of a

member, the corresponding stiffness K s of each hinge is determined individually. This is

accomplished by equating the flexibility of a composite beam, subjected to negative

moments, to the combined flexibilities of the parallel component beam element and a

yielded hinge. That is:

(6.103)

where

K- =negative elastic stiffness of composite floor beam outside the link (Fig. 6.31)

K+ = positive elastic stiffness of composite floor beam outside the link (Fig. 6.31),

equivalent to the elastic stiffness of the parallel component beam element.

Therefore, solving for K s in Eq. 6.103 results in:

(6.104)

6.4.2.4. Plastic Deformation and Loading-Unloading Criteria

Plastic deformations in the parallel componenl beam element arc assumed to occur

only as plastic rotations at either end of an element. For any increment of flexural deforma-

tions dq 1 and dq2 of the parallel component beam element, !he correspond~ng increments of

plastic rotations d8p1 and d8p2 are given by:
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(6.105)

. The deformations at the ends of the parallel component beam element are computed

with the aid of Eqs. 6.98 (a) and 6.98 (b), after lhe deformations for the composite beam-

column model dX have been determined using Eq. 6.88. That is:

(6.106a)

and

(6.106b)

Unloading from the plastic state at an end of the parallel component beam element

occurs when the increment in plastic hinge rotation is opposite in sign to the bending

moment. That is, unloading occurs if:

(6.107)

6.5. State Determination

6.5.1. General

11 is necessary when dealing with inelastic analyses to perform a state determination

after computing the increment in global displacements d.r. in order to determine the updated

internal resisting forces !1. I of the elements. As a result, the unbalanced global nodal loads

11 U can be detennined for the current state, where:

(6.108)
,

in which EE are the external applied loads. If the specified norm of EU is greater than an

allowable tolerance, then an iteration is required as summarized in Fig. 6.32, in order 10

satisfy equilibrium to wilhin the allowable tolerance.
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The algorithm in Fig. 6.32 is for a static analysis. where depending on the solution

approach the effective global structure stiffness matrix Kef can be either the initial elastic

stiffness or tangent stiffness matrix. Applications for nonlinear dynamic analyses are dis

cussed in Chapter 7. Iteration with the initial elastic stiffness depicted in Fig. 6.33(a) is

known as Modified Newton-Raphson iteration. Tangent stiffness iteration illustrated in Fig.

6.33(b) is known as Newton-Raphson iteration. The two methods can be combined, as

illustrated in Fig. 6.33(c). These methods are not the only ones that are used to perform

nonlinear structural analyses. There are many others [90.91.92.93.95], including a form of

displacement control as well as secant stiffness.

6.5.2. Link Element State Determination

Having computed the increment of global displacements dI. for the link element, it is

necessary to compute B./ due to the associated element deformations dl:.. The computa

tional procedure is as follows:

(1) Calculate the element deformation increment:

d];. = g·d!:.

where

dl:. = vector of element defomiation increments,

g =displacement transformation matrix,

d! = vector of nodal displacement increments,

(2) Calculate linear action increments for the element:

dJ. = K, ·dJ:.

and determine the hinge action increments:

d~ =!! ·dJ.

where

(6.109)

(6.] 10)

(6.111)
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d~ = linear action incremenl of the elemenl,

K, = current element tangenl stiffness matrix,

i1 = linear action increment of the hinges.

12 =action transformation matrix from d~ to d'S .

(3) Check for the occurrence of an evenl for each hinge, and calculate the corresponding

event factor FAC for each complete hinge as a proportion of the deformation incre-

ment. Possible events are:

(a) Proportion of deformation increment to reach next yield surface. If this propor

tion is greater than one, then FAC is 1.0. Otherwise, an evenl occurs and FAC

is set equal to the calculated proportion.

(b) Unloading from a facet of the yield surface, then FAC is set to zero.

(4) Select the smallest event factor, FACM, from the evenl factors FAC of both com-

plete hinges.

(5) Compute for both hinges the plastic deformation increment dE:.p from Eqs. 6.56 (a)

and 6.56 (b), and the translation incremenl dS!:.i of the yield surface of yielded

subhinges.

(6) Update the forces d'1, origins S!:.j of the yield surfaces for all subhinges, total plastic

deformations wp ' and accumulated plastic shear deformation parameter E of both

hinges:

(7)

'1 = 'S + FACM .d'S

a· = a + FACM ·da·-I _J _.

~' = Hi + FACM·d~'-p -p -p

£ = E + FACM .,JdYpedyp

Compute the complemenl of the event factor:

(6.112a)

(6.112b)

(6.112c)

(6. I I 2d)
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FACC = 1 - FACM (6.]13)

(8) If any event has occurred. reform the tangent stiffness matrix K, for the element

using Eqs. 6.72 and 6.62.

(9) Calculate the remaining element deformation increment:

dJ. = FACC ·dJ:. (6.114)

(10) If the deformation increment dJ:. for the element has not been exhausted then go to

Step 2.

(I ]) Compute the element action ~:

~ =12T.~

(12) Compute the in~ernal resisting forces !if for the element:

6.S.3. Composite Beam-Column Element State Determination

(6.115)

(6.116)

Having computed the increment of global displacements dr. for the composite bearn

column element (complete element), it is necessary to compute the internal resisting forces

!if due to the associated deformations dJ:.. The computational procedure is as follows:

(1) Calculate the deformation increment for the complete element:

dJ. = f!.·dr.

where

dJ. =vector of deformation increment for the complete element.

E =displacement transformation matrix.

dr. =vector of nodal displacement increment.

(2) Calculate the linear action increments for the complete element:

(6.117)

(6.118)



47

and determine the action incremenls for both hinges and the parallel componenl

beam element:

(6.119)

(6.120)

where

-
d~ =linear action increment of the complete element,

K I =current tangent stiffness matrix of the complete element,

d~h = linear action increment for the hinges,

12 =action transformation vector from d~ to d~h'

d~b = linear action increment for the parallel component beam element,

12b =action transformation matrix from d~ to d~b'

(3) Check for the occurrence of an event in each hinge and the parallel component beam

element. Calculate the corresponding event factor FAC as a proportion of the defor-

mation increment. Possible events are:

(a) 'Proportion of defonnation to cause a hinge to yield or become rigid .. If this

proportion is greater than one, then FAC is 1.0. Otherwise, an event occurs

and FAC is set equal to the, calculated proportion.

(b). Proportion of deformation to cause yielding of the parallel component beam

element. If this is greater than one, set FAC equal to 1.0. Otherwise, an event

occurs and FAC is set equal to the calculated proportion.

(c) Unloading from the yield surface of the parallel component beam element, FAC

is set to zero.

(4) Select the smallest event faclor, FACM, from the event factors FAC of both hinges

and the parallel component beam element.

(5) Compute the plastic defonnation increment d~ at both ends of the parallel com-

ponent beam element, using Eq. 6.105.
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(6) Update the forces ~b and ~II of the parallel component beam element and hinges.

and the plastic deformation ~ at both ends of the parallel component beam element:

(7)

~b = ~b + FACM ·d~b

~h = ~h + FACM ·d~h

~ =~ + FACM.d~

Compute the complement of the event factor:

FACC = 1 - FACM

(6.121a)

(6.121b)

(6.121c)

(6.122)

(8) If any event has occurred, reform the tangent stiffness matrix for the complete ele

ment using Eqs. 6.99 and 6.100, or if necessary Eq. 6.101.

(9) Calculate the remaining deformation increment for the complete element:

dl:, = FACC·dl:, (6.123)

(10) If the deformation increment dv for the complete element has not been exhausted

then go to Step 2.

(11) Compute the action ~ for the complete element:

~ = 12[~b

(12) Compute the internal resisting force 11 I for the complete element:

6.6. Modeling of Experimental Specimens

6.6.1. General

(6.124 )

(6.125)

ANSR-1 is a general purpose computer program [94] which was developed at the

University of California at Berkeley for analysis of nonlinear structural response. Both the

simplified link element formulation and the composite beam-column elerr.ent fonnulation
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were programmed into ANSR-l. Additional elements available in ANSR-l include a three

dimensional beam-column element, three dimensional truss element, and a continuum finite

element for plane stress, plane strain, or axisymmetric analysis. ANSR-l has both static

and dynamic analysis capabilities, with the user having several alternatives for selecting a

solution procedure.

6.6.2. Analysis of a Bare Steel Link

The bare steel link of the K-braced EBF subassembly (Specimen D I) was analyzed by

modeling the test beam as shown in Fig. 6.34. The link element was used, along with the

standard bearn-column element already in ANSR-l. The element propertie~ were based on

the mechanical properties of Specimen 01 and the section propenies summarized in Tables

2.3, 2.6, and 2.7. The area of the web was used as the effective shear area A:*.

The model of Specimen Dl was subjected to the first eight half cycles of the displace

menl history of Specimen Dl. This involved applying nodal cyclic loads PA and PB at

ends A and B of the link. The sign convention for the link deformation y and link forces is

given in Fig 6.35. Included in this figure is the identification of ends A and .~ of the link.

The results of the analysis in terms of the link deformation y and the link forces are com

pared with the measured response of Specimen DJ in Fig. 6.36 and 6.37.

Figures 6.36 and 6.37 indicate that the elastic stiffness of the model is in close agree

ment with the measured value for Specimen Dl. The combined isotropic and kinematic

hardening behavior of the model also correlates well with the experimental behavior. Furth

ermore, lbe model predicts shear yielding in the link, with moment yielding occurring al

end A of the link during Cycle 2 when a y of 0.04 rad. developed in the link. These resulls

are similar to those observed during the testing of Specir.len 01. In later cycles at the peak

link shear force of each half cycle, the model has a greater plastic stiffness than the meas

ured value for Specimen OJ, resulting in a larger ,:;hear and end moments to develop in the

link of the model. This discrepancy, however. is nol too signilicanl and could be minim-
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ized by performing additional analyses where the action-deformation relationship is adjusted

to give beller results. Overall, it appears that the link element is capable of predicting rea-

sonably well the cyclic response of bare steel links.

6.6.3. Analysis of a Composite Link

Specimen B I, an interior composite link, was analyzed by modeling the test beam as

shown in Fig. 6.38. The link element was used along with the composite beam-column ele-

memo The element properties are based on mechanical properties of Specimen Bland the

section properties listed in Tables 2.3, 2.4, 2.6. and 2.7. Based on the experimental results

given in Fig. 4.65, the effective moment of inertia leff equal to 2.61 was assigned to the

composite beam-column element, where 1 is the moment of inertia of the bare steel speci-

mens. The positive bending stiffness K+ was established using this value of I elf in the elas-

tic expression for flexural stiffness of the composite beam-column element subjected to an

end moment, i.e., from Eq. 4.8:

7.8£1
L*

(6.126)

The quantity L * is the length of the composite floor beam between the support and the end

of the link. The value of the negative bending stiffness K- was determined in a similar

manner, requiring the use of 1.281 for the effective moment of inertia. These experimental

results are summarized in Fig. 4.65. The required stiffness K s for each hinge was then

determined using Eq. 6.104. The measured effective 'width of 48 in. based on the stress dis-

tribution at the end of the link for Specimen B1 (Fig. 4.56) was used to estimate the posi-

tive moment and compressive axial load capacities for the composite beam-column element.

The negative moment capacity and tensile capacity were set equal to the values of the bare

steel beam specimens.

The analytical model of the composite beam specimen was subjected lO the first eight

half cycles of the displacement history of Specimen B 1. This involved applying the nodal
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cyclic loads PA and Ps at ends A and B of the link. The model's response in terms of link

deformation y and link forces are compared with the measured values in Figs. 6.39 and

6.40. As before, the sign convention for the response is indicated in Fig 6.35.

Figure 6.39 shows that the shear hysteretic response of the model is in good agree-
.'

ment with the experimental results for elastic stiffness, shear yielding, as well as for

kinematic and isotropic hardening phenomena. In Figure 6.40 the moment at link end A in

the model shows some disagreement in later cycles, where the experimental results indicate

a decrease in the moment during inelastic deformation. This experimental behavior was

noted in Chapters 3 and 4 as being the consequence of damage to the concrete floor slab

above the link. Therefore, by not including in the link element the cyclic deterioration of

the moment capacity due to the effects of floor damage, there is a discrepancy with experi

mental results in terms of the distribution of link end moments. However, this discrepancy

is not too large and the hysteretic response of the analytical model shows generally good

agreement with the experimental behavior. Thus, the methods used to model the composite

liflks and floor beams in EBFs are capable of predicting reasonable cyclic behavior of these

members.

6.6.4. Analysis of a Three-Story EBF

An analysis was performed on a three-story EBF to examine how accurate the link

model predicted global nonlinear response of an EBF. The three-story EBF analyzed was

similar to the one tested in the laboratory by Roeder [6]. The geometry and member sizes

of the test frame are shown in Fig 6.41. All of the connections in tbe test frame were

moment resisting connections. The test frame subassemblage was a one-third scale model

of a bay of the lower three stories of a 20-story EBF, see Fig. 6.42. The test frame was ini

tially subjected to gravity loads PG applied to the columns, followed by a cyclic lateral load

H applied at the third floor which imposed a displacement history shown in Fig. 6.43. This

displacement history was based on a simulation of estimated extreme response to 1.5 times
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the EI Centro earthquake (first 18 half cycles in Fig. 6.43), followed by the unsealed

Pacoima Dam earthquake [6].

The model for the analysis used the section properties of the members shown in Fig.

6.41. The force-deformation relationships were based on experimentally determined

behavior [6], and are summarized in Table 6.3. Moment-axial load interaction was

accounted for in the elements modeling the beams, columns, and braces by a yield surface

defined by Eq. 2.4-3 of the AISC Specification [20]. A schematic of the analysis model is

given in Fig. 6.44, where a loading beam used in the exper,iment has also been modeled axi

ally rigid. Four inch rigid offsets at the link ends adjacent to the column were introduced in

order to maintain the proper length of the links and account for the depth of the columns.

Hence, the column panel zones were modeled as being rigid.

The analysis model was initially subjected to the gravity loads PG , followed by the

first 27 half cycles of the displacement history shown in Fig. 6.43. The displacement his

tory was imposed at the third floor of the model using a nodal force H. as shown in Fig.

6.44. Figures 6.45 to 6.47 show the lateral load-floor deflection for the three floors. The

comparison between the experimental and analytical resulls is extremely good up to half

cycle 25, indicated by the number 25 in these figures. Brace buckling was initiated in the

test frame during half cycle 19 (see Fig. 6.47), causing the test frame's strength to begin to

deteriorate. With further cycling of the test frame, the brace buckling became more pro

nounced, and the south link of the first floor (Fig. 6.41) experienced web tearing during half

cycle 26. As a resull, the test frame experienced a decrease in its strength in each of the

cycles subsequent to cycle 19. Since the analytical model does not account for web tearing

nor brace buckling, the analytical results show no deterioration in strength. Consequently,

the analysis was stopped afler completing the 27th half cycle because of the limited accu

racy that would be expected during further cycles.

The relative vertical deflection between the ends of the model's first floor links are

compared to the experimental results in Table 6.4. The comparison is by no means exact.
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bur it is good for inelastic analysis.

The hysteretic shear response of lhe first floor links of lhe model are shown in Fig.

6.48, indicating that the south link experiericed more defonnation. This magnitude of cyclic

defonnation would likely tear the links once the web buckled. The combined isotropic and

kinematic hardening is evident in these figures. The corresponding moment-link defonna

tion hysteretic response curves are shown in Figs. 6.49 and 6.50. Moment-shear force.

diagrams are shown in Figs. 6.51 and 6.52. These figures indicate that the link moment

adjacent to the column is larger and became bounded near the moment capacity of Mp'

while lhe smaller moment at lhe other end of the link kept increasing. This behavior is

similar to the experimental response of shon links tested by Kasai [7], using the setup

shown in Fig. 6.53. where one end of the link (end A) was restrained from rotating. The

hysteretic response of a short link (Specimen 7) is shown in Figs. 6.54 to 6.56, indicating a

close resemblance to the behavior of the analysis results. Severe web tearing occurred dur~

ing the last half cycle for this specimen.

Overall. the link element results in an accurate prediction of global response of EBFs

if severe cyclic brace buckling and web tearing do not occur. The local response of the link

element appears to resemble experimental cyclic behavior quite well up to the point when

severe web tearing occurs.
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CHAPTER 7

NONLINEAR DYNAMIC ANALYSIS METHOD FOR EBFs

7.1. General

Under strong seismic disturbances EBFs are designed to respond in an inelastic

manner. In properly designed EBFs such activity occurs primarily in the links. In order to

accurately assess the performance of EBFs for such conditions, nonlinear dynamic analyses

are required. Important factors in a nonlinear dynamic analysis are the efficiency and sta-

bility of the solution procedure, in addition to the modeling assumptions which may have a

significant effect on the calculated response.

This chapter presents a procedure to solve the incremental equations of motion for

nonlinear dynamic analyses of EBFs. The procedure is based on a direct integration

method. The effects of nonlinear deformations on the modeling of viscous' damping are

. also examined. This chapter concludes with analyses of single degree of freedom systems

in order to indicate general trends of simple systems and the effects of nonlinear deforma-

tions· during earthquakes.

7.2. Source and Extent of Nonlinear Behavior

The major sources of nonlinearity in a structural system can be classified as follows:

(l) Material nonlinearity - This type of nonlinearity arises through the nonlinearity in the

action-deformation relationships of the members of a structural system.

(2) Geometric nonlinearity - This type of nonlinearity arises through nonlinearity in the

deformation-displacement relationships and through the need to formulate equilibrium

conditions in the deformed configuration.

(3) Force nonlinearity - This type of nonlinearity occun: when the applied forces arc a

function of the displacements of the system. Examples are hydrodynamic loadings on
'-.
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offshore platforms. and pressure loadings on thin membranes.

The choice of a solution scheme depends on the type and severity of nonlinearities

affecting the behavior of the structural system. For the EBF analyses to be performed,

which are presented in Chapter 8, material nonlinearity is the most predominant. These

analyses involved medium height EBFs. consisting of three bays and six stories. For more

slender and taller EBFs the geometric nonlinearity arising from the P-delta effect will likely

become more significant than in the analyses of shorter. stockier EBFs. The nonlinearities

that will be accounted for in the EBF nonlinear analysis procedure will consider material

nonlinearity and the P-delta effect. As will be discussed later. the P-delta effect was con

sidered by including a geometric structural stiffness in the analyses.

7.3. Incremental Equations of Motion

For a structural system subjected to dynamic loading, the equations of motion can be

expressed in an incremental form relating the response to an applied load for a time step M.

Such a format is presented below. where the damping of the system is being modeled

assuming viscous damping:

M '~i + C ·tJ.i + K,·tJ.9. =Et + 6t - ill '!it + C 'it + B.t) (7.1)

The left hand side of Eq. 7.1 expresses the increment in response between time t and

t + M due to the unbalanced load occurring as a result of the applied load Et + 61 at time

t + tJ.t. The terms in Eq. 7.1 include:

M - structural mass matrix, which may be lumped or in consistent form.

£ - damping matrix,

K t - tangent stiffness matrix at time t. which may include a geometric stiffness.

tJ.9.. tJ.i. tJ.!i ~ increment of nodal displacements, velocities, and accelerations.

Et + 6' - external applied loads at time t + tJ.t.

B., - nodal loads in equilibrium with element forces at time t,
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if" 'i, - nodal velocities and accelerations at time t.

It will be assumed that the mass and damping matrices are constant. Viscous damping will

be elaborated on later.

The inertia forces il(t) associated with the seismic ground motions are included in the

E, + ,it term. Typically. they are expressed as:

(7.2)

where

!:. = influence coefficient vector or matrix expressing pseudostatic d'isplacements result

ing from support motions. see [99],

J,gU) = ground accelerations of supports at time t.

For the present study. no relative support motion is assumed. Therefore, the effective earth

quake forces are ,due to a ground acceleration xg<t), reading:

il(t) = -M·!:. xg<t) (7.3)

Note that the effects of soil structure interaction are not being considered, and there

fore are not expressed in Eq. 7.1.

7.4. Solution of the Incremental Equations of Motion

The incremental equations of motion presented in Eq. 7.1 are typically solved using

direct integration techniques. There are basically two methods for the direct integration of

the equations of motion, namely explicit methods, in which the accelerations are found from

the equations of motion and then integrated to obtain the displacements, and implicit

methods, in which the equations of motion are combined with a time inte£'lation operator in

order that displacements are found directly. The most widely used schemes of the two

methods include:

(a) Explicit:
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- Central Difference Method [100]

(b) Implicit:

- Houboll Method [10 I]

- Wilson-E> Method [102]

- Newmark Method [103]

- Hilber-Hughes-Taylor Method [104]

- Hughes-Caughey-Liu Method [105]

To obtain a solution to the incremental equations of motion using an integration

method, it is a requirement that the method possess stability and accuracy. Accuracy is

assessed by measuring amplitude and frequency distonion as a function of time step size

when the integration method is applied to an undamped linear oscillator. Stability is

assessed by studying the amplitude growth of the computed solution.

The stability of integration methods have been established for linear systems

[95,106,107]. However, for nonlinear systems the stability of the integration methods is

generally problem dependent, and has not been fully established. In general. stability in a

linear system is a numerical problem related to the spectral radius [95] of the integration

operator for the different schemes. For a nonlinear system the source of instability is more

complex, and basically is related to the accumulation of energy errors [118]. Sources of

energy errors are due to equilibrium unbalance, and the work done by the unbalanced loads.

To help control this. one should attempt to remove unbalanced loads within each time step

and select a sufficiently small time step. Because of the complexity involved with nonlinear

systems, the stability and accuracy of an integration algorithm can only be established by

numerical experimentation.

The unconditional stability of many single step implicit integration methods in linear

analysis has favored their use for practical nonlinear dynamic analysis. One which is

addressed herein and used by the ANSR-I computer program [94] is that of Newmark

[103]. Newmark's method is an implicit two-parameter scheme in which it is assumed that
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the increments in velocity tl~ and acceleration Doli are related to the increment in displace-

ment tlq and state of motion at time t. That is:

tlq = ~toq - ..r ill + tor [1 - .L..] lil/3 tor - /3 - 2/3 -

_. 1 1. 1 ,.
tlq = /3 (tor)2 to!!. - 13 tlr!!.1 - 2f3!!'1

where

13, y = integration parameters,

tot =time step,

ql' '11 =nodal velocities and accelerations at time r.

(7.4a)

(7.4b)

It has been shown [107] that for uncondilional stability of Newmark's operator involving

linear analysis that. the integration parameters 13 and y must satisfy the following criterion:

y ~ 0.5 (7.5a)

(7.5b)

The constant average accelerarion operator uses 13 =0.25 and y =0.50. A number of

other stable operators can be obtained by specifying appropriate values for the parameters 13

and y which satisfy Eqs. 7.5 (a) and 7.5 (b). It is also possible to introduce numerical

damping effects by specifying a damping parameter 0 such that:

y =0.5 + 0 • o > 0 (7.6)

The incremental equations of motion can be solved for Do!!. by substituting Eq. 7.4 into

7.1, whereby the following results:

KI" ·toq =E"

in which Klo is the effective stiffness matrix and E." the effective load vector. where:

(7.7)
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K· =
-I

and

p. = P - M[[I -_I] q"" __I q"] -'C[M[I --.1.-] q"' + [I --I] q"]
- -I + 41 - 213 -' f3M-' - 213 -' 13 -'

Once tJ.q is determined, the motions are updated at time ( + M. That is:

-R-I

ql + 41 = !II + 1i!I (7.8a)

~I + 41 = [I - -I] iii + .-LtJ.q + M (I - -.1.-] ql13 - 13M - 213 -
(7.8b)

(7.8c)

Equilibrium will not be satisfied at time t + tJ.t if during the time step M nonlineari-

ties are developed. Consequently, an integration algorithm is required in which iterations

are performed within the time step in order to satisfy equilibrium subject to a specified

tolerance. Such an algorithm employing Newmark's integration method is given in Table

7.1. This algorithm is based on iterating with a constant effective stiffness for K,·, as will

be discussed below, and was the procedure adopted for the nonlinear dynamic analyses of

EBFs using ANSR-1.

As noted in Chapter 6, two types of iterative procedures are commonly used, namely

Newton-Raphson iteration and Constant Stiffness or Modified Newton-Raphson iteration. In

Newton-Raphson iteration the structure tangent stiffness matrix K, and hence the effective

tangent stiffness matrix K,· are reformed at every iteration. Consequently, a large amount

of computational effort may be required to form and decompose K;. In Constant Stiffness

iteration K,· maintains its initial value, determined at the beginning of the an~jlysis. Con-

stant Stiffness iteration will converge more slowly than Newton-Raphson iteration, however,
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this may offset the effort of reforming and decomposing !it- at every iteration. Generally. it

is problem dependent. For the analyses of EBFs it was found that Constant Stiffness itera

tion was more efficient. therefore this type of iteration was incorporated into the algorithm

shown in Table 7.1. The initial structure stiffness matrix !io, referred to in the initialization

phase of the solution algorithm. includes a geometric stiffness based on gravity loads

applied before the dynamic analysis.

Values for the integration parameters f3. r. and () for the nonlinear EBF analyses were

chosen whereby the constant average acceleration operator was employed. This operator

was favored for nonlinear analysis because of its unconditional stability for linear analysis.

The selection of the time step M is problem dependent. Therefore, for each EBF model

several trial analyses were performed, where in each analysis a different time step size was

chosen. The final choice for 6t was based on the value which resulted in no significant

change in the response and energy calculations compared to the results obtained using a

further reduced time step size of O.5M. Note that by employing the constant average

acceleration method that () is equal to zero. hence no numerical damping was present. In

nonlinear dynamic response it is desirable to have some form of damping in order to tilter

oUI high frequency noise resulting from sudden changes in the structural stiffness. There

fore, viscous damping was used in the analyses. The effects of nonlinear deformations on

viscous damping in EBFs are discussed next.

7.5. Viscous Damping

The damping matrix C of multi-degree of freedom systems is typically defined for

linear problems to be proportional to the mass matrix M and elastic stiffness malrix is..

That is:

£. =aoM+a,!i (7.9)

This is referred to as Rayleigh damping [99], where £. possesses the property that the gen-
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eralized damping matrix £. is diagonal. The generalized damping matrix is detennined as

follows:

(7.10)

in which «1> are the eigenveclors of the elaslic system. A structural syslem in which £. is

diagonal is said to be a classical damped system. The eigenvectors «1> are obtained by solv-

ing the eigenvalue problem:

(7.11 )

where A is a diagonal matrix which contains the eigenvalues of the system. Each eigen-

value inA represents the square of the frequency of vibration of a parlicular mode for the

system. It is common practice to nonnalize «1> with respect to the mass matrix M, such

thal:

and:

where 1 is the identity matrix.

For a struClural system whose generalized damping malrix is diagonal, the modal

equations of motion for the system are uncoupled [99]. That is, for mode n, where the

eigenvectors have been nonnalized with respect to the mass mattix, the modal equation of ,

mOlion reads:

(7.12)

where

Yn(t), Yn(t), Yn(t) =modal displacement, velocity, and acceleration.

Sn =modal damping ratio,
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OOn = vibration frequency of mode n,

Pn(t) = generalized modal force.

Note that the motions !!(t) in geometric coordinates are related to the modal motions by the

following transformation:

!!(t) = L<1»nYn(t)
n

where <1»n is the eigenvector for mode n.

(7.13)

In elastic analyses the coefficients 00 and 0 I of Eq. 7.9 are typically evaluated by

assigning modal damping ratios for two elastic modes [99], where for mode n:

(7.14)

Consequently, the modal damping ratio varies with frequency for an elastic system as

shown in Fig. 7.1. The first term of Eq.. 7.14 is related to mass proportional damping, while

the second term corresponds to stiffness proportional damping. As evident in Fig. 7.1,

stiffness proportional damping has higher damping at higher frequencies, whereas mass pro-

portional damping has the opposite effect. Since in most linear seismic analyses the

response is dominated by the lowest modes, either stiffness proportional or Rayleigh damp-

ing is typically used in order to filter out any noise created by high frequency response. In

the past, researchers have preferred using stiffness proportional or Rayleigh damping to

filter out the high frequency noise which can develop in a nonlinear system following a sud-

den change of the structural stiffness. ANSR-I has adopted a similar approach for defining

the damping matrix, in addition to allowing for tangent stiffness proportional damping. The

structural damping matrix C in ANSR-I is assembled from the global mass and the element

stiffness matrices, reading:

_c = 00 M + ~ 0 K r1m i + ~ Q" K r1m i~ 1,- ~ _,_,
; ,

where K r'm i and Kt 'm i are the elastic and tangent stiffness matrices for clement i.

(7.15 )
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In nonlinear systems where there exist significant hysteretic energy dissipation the

damping matrix is typically a linear combination of the mass and stiffness matrix. That is.

either Rayleigh or stiffness proportional damping is used. This is based on the assumption

that the response of an inelastic system is dominated by the hysteretic damping and that the

change of the viscous damping properties due to nonlinear deformations is insignificant.

This is generally true for analyses in which the viscous damping is small for all the partici

pating modes.

Two nonlinear dynamic analyses were performed on the six-story EBF shown in Fig.

7.2. In both analyses the EBF was subjected to the NS component of the 1940 El Centro

earthquake record which had been scaled by a factor of 1.5. In the first analysis Rayleigh

damping was used to define the damping matrix for the EBF model where a five percent

damping ratio was assigned to the first and fourth modes. In the second analysis no damp

ing was used in the EBF model. The links in both analyses were modeled with elastic~

perfectly plastic force-deformation relationships. The lumped masses used for the EBF

model are given in Fig. 7.3. Figures 7.4(a) and 7.4(b) show the first floor brace response of

both analyses. Included in these figures are the shear force time history of the link adjacent

to the brace whose response is shown. A direct comparison of the first floor brace response

for the two analyses was made by superimposing their axial force time histories on the

same figure, as shown in Fig. 7.5. This figure indicates a similar axial brace force response

for the two analyses during the first 1.5 seconds. During this time the response was linear

elastic. However, there was a noticeable difference in the response of the two analyses

after the elastic-perfectly plastic link reached the shear force Vp and yielded in shear at 1.6

seconds into the time history.. The EBF model with Rayleigh damping developed a larger

magnitude of axial brace force during link yielding than the EBF model without damping.

This became a general trend, where the increase was as much as 48 percent. occurring at

2.2 seconds into the time history. The axial brace force of the analysis with Rayleigh

damping was considerably larger than was warranted by the shear force in the link. How-
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ever, the analysis without damping showed reasonable results for the axial force in the firsl

floor brace. The same phenomenon of unusually large brace forces was also observed by

Roeder [6], where the damping malrix was proportional to the initial stiffness matrix. Con-

sequently. the assumption that nonlinear deformations do not significantly affect the viscous

damping properties may not be valid for nonlinear analysis of EBFs.

To investigate the reliability of initial stiffness dependent viscous damping for EBFs.

the modal damping ratios were studied for a one-story EBF at several assumed stages of

structural yielding. The assumed stages of structural yielding are shown in Fig. 7.6. where

the following points are identified:

A - Initial shear yielding in link,

B - Continued shear yielding in link with yielding in columns and braces at base of

structure,

C - Full plastic shear yielding with moment yielding in link, continued yielding in

columns and braces at base of structure.

The model of the one-story EBF is shown in Fig. 7.7, where the degrees of freedom have

been reduced to the three generalized degrees of freedom r j , r2. and r3' The damping

matrix C for the model was based on Rayleigh damping, with initial modal damping ratios

for the first three elastic modes of;{ =0.05, ;~ =0.05, and ;~ =0.065. The vibration fre-

quencies of the elastic slructure for the first three modes were w{ =,23.3 rad/sec, w~ =40.5

rad/sec, and w~ = 69.6 rad/sec.

The tangent stiffness K, was determined for each· stage of structure yielding

corresponding to Fig. 7.6. The modal damping ratios were then determined for each stage

from the generalized damping matrix {;.., where:

(7.16 )

The matrix (i) conlains the eigenvectors for the tangenl Sliffness matrix K,. Thai is:
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(7.17)

The generalized damping matrix for the yielded structure will not be diagonal. The modal

damping ratio S of each inelastic mode was approximated by ignoring the off-diagonal

terms of {;.. Thus, for mode n:

SII = (7.18 )

where COli is the vibration frequency of inelastic mode n. obtained by the solution of the

eigenvalue problem represented by Eq. 7.17, and C:II the diagonal term of {;. correspond-

ing to mode n. The accuracy of the above approximation for ~II has been examined in vari-

ous studies. A criterion developed by Warburton and Soni [108] has indicated that this

approximation is accurate as long as the vibration frequencies of the system are adequately

spaced and the magnitudes of the off-diagonal terms of C· are smaller than or of the same

order as the diagonal terms. An examination of {;. for .each stage of yielding of the model

indicated that this crilerion was mel. Shing and Mahin [109] compared the above approxi-

mation for SII with the exact solution for non-classical damped systems [110] and found the

agreement was good. Thus, for this study the approximation should be accurate enough in

order to provide reasonable results concerning the effect of nonlinear deformations on

viscous damping of EBFs.

The effect of yielding on modal damping in the one-story EBF model is shown in Fig.

7.8. The fractional change of modal damping, SII - S~. with respect to initial modal damp-

ing, ~~, is plotted against that of COli for the first and third modes at the assumed stages of

structural yielding. The viscous damping of the second mode appeared to be unaffected by

the nonlinear effects. and therefore is not included in this figure. In the analysis, the pro-

gressive yield states resulted ill an increase in modal periods. This is equivalent to a

decrease in the modal frequencies COli' Figure 7.8 indicates that as link yielding progresses
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the modal damping ratios increase while the modal frequencies decrease. This phenomenon

is most prominen! for the first mode. These results clearly indicate that the damping of the

fundamen!al mode is significantly influenced by the yielding of tbc link. It was dctennined

that the response of the six-story EBF models were primarily in the fundamental mode.

Conscquently, the large unwarranted axial brace forces in Fig. 7.4(a) developed by the Ray-

leigh damped EBF model during link yielding are due to the increase in modal damping.

To reduce the effects of nonlinear defonnations on the viscous damping in EBF

models, while working within the framework of ANSR-I, a fonn of nonproponional damp-

ing was used. That is, when fonnin-g the damping matrix using Eq. 7.15, Rayleigh damping

was maintained for all elements excluding the links, while only mass proportional damping

was used for the link elements. Tangen! stiffness proportional damping was nol used for

any of the elements, thus the coefficients 02, were set equal to zero in Eg. 7.15. With this

fonnal for the damping matrix, the axial brace forces developed in the six-story EBF

models were found to be more reasonable. A comparison between the response of models

using Rayleigh damping and nonproportional damping, respectively, will be discussed in

Chapter 8 for a six-story EBF.

Using the nonproportional damping fonnal, the one-story EBF was reanalyzed for

modal viscous damping behavior during nonlinear defonnations. The results are shown in

Fig. 7.9, where again the damping ratio of the firsl mode is shown to be most affected by

the nonlinear defonnations. A comparison with the previous case involving Rayleigh damp
I

ing is shown in Fig. 7.10 for the first mode. This comparison indicates Ihat the increase in

the modal damping of the first mode is less for the nonproportional damped system, where

this resull is equal to about one-half the increase for the Rayleigh damped system.

7.6. Behavior of Simple Inelastic S),'stems

A simple slructure system shown in Fig. 7.11, consisting of a single degree of freedom

damped oscillator, was analyzed to illustrate phenomena associated with nonlinem dynamic
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response. The purpose for the analyses of single degree of freedom. SDOF, systems was to

gain additional insight into the phenomena associated with nonlinear response due to yield-

ing before performing nonlinear dynamic analyses of multi-degree of freedom, MDOF, sys-

terns. The SDOF system analyzed was assigned a 5 percent viscous damping ratio and an

initial elastic period To of 0.2 seconds. A unit mass was assumed. The post yield stiffness

of lhe oscillator was set at 1.5 percent of its elastic stiffness. A strength level factor TJ was

defined for the oscillator as:

Ry
TJ = ---'-

mxgmax

where

m = mass of the system,

xgmax = maximum ground acceleration of a selected earthquake record,

Ry = yield strength of the oscillator.

(7.19)

Two analyses were performed, one consisting of an elastic oscillator (TJ = 4.0) and the

ot.her an inelastic oscillator (TJ =0.48). In both analyses, the systems were subjected to the

first 20 seconds of the original NS component of tile 1940 EI Centro earthquake record.

The displacement response history for the elastic and inelastic oscillators are shown in Fig.

7.12.

By comparing the responses of the two systems it is apparent that the inelastic oscilla-

tor develops an offset due to yielding, about which it oscillates. This nonlinear system also

appears to develop a greater magnitude of maximum displacement due to yielding compared

to the elastic oscillator. At the end of the analysis the nonlinear system developed a per-

manent deformation, characterized by the oscillations about the offset. A consequence of

cyclic yielding resulting in plastic deformation is the dissipation of hysteretic energy. The

dissipated hysteretic energy is the enclosed area shown in Fig. 7.13 of the force-deformation

hysteretic loops for the inelastic system.
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The input energy IE by an earthquake is equal to the total energy of the system, where

for a nonlinear system:

IE = KE + PE + SE + DE + HE (7.20)

where

KE = kinetic energy,

PE =,change in potential energy of gravity and static loads on system,

SE = recoverable elastic strain energy,

DE = dissipated damping energy,

HE = dissipated hysteretic energy.

An elastic system does not dissipate hysteretic energy, therefore. the term HE would be

deleted from Eq. 7.20 for such systems. The energy time histories for the elastic and ine

lastic systems discussed above are shown in Figs. 7.14(a) and 7.14(b). Since the analyses

involved only inertia forces due to ground motions, no change in potential energy occurred.

For the inelastic system most of the input energy is shown to be dissipated by hysteretic

energy. The elastic system has a greater amount of dissipated damping energy compared to

the inelastic system, however. the input energy is less compared to that of the 'inelastic sys

tem. For both systems the kinetic and recoverable strain energy remain relatively small

throughout the response. Unlike the displacement time histories. which stop increasing after

about 6 seconds, the hysteretic and damping energy continue to increase at an almost con

stant rate. Thus. for systems with limited energy dissipation capacity the duration of

ground motion may have an important effect on the potential failure. Systems which are

designed in order that they yield during strong seismic disturbances must possess ductility

in order to assure that they can continue to dissipate hysteretic energy.

The two systems are a s~ecific example for given properties of structural period.

damping. and post yield behavior. The response of structural systems is particularly sensi

tive to the dynamic and mechanical characteristics of a structure [114]. This is evident in

Figs. 7.15 to 7.17. where the indicated response quantities for the same EI Centro
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earlhquake record have been plotted for systems with different initial periods To and post

yield behavior. In the long period range the systems tend to respond elastically. In the

mid-range and shorter initial period range the systems are required to develop greater elastic

resisting force, whereas systems with a reduced strength level will yield and dissipate

energy. Figure 7.16 shows that lhe displacement ductility Ilo increases as the initial period

decreases, where lhe effect is more pronounced for systems which possess less strain har

dening. The displacement ductility Ilo is defined as:

where

Ilo = qy
(7.21 )

qma1. =maximum displacement during lhe time history for a system,

qy = corresponding yield displacement.

Consequently, Fig. 7.16 implies that greater plastic deformations develop in inelastic sys

tems which have smaller initial periods. The above results are for one earthquake record.

It has been found [98] that the inelastic response of building structures is also sensitive to

the excitation input. Therefore, different types of response can be expected for different

earthquake motions.

7.7. Comments on the Treatment of MDOF Systems as Simple Nonlinear Systems

Often, an MDOF system is analyzed as an equivalent SDOF system. However, such

an approach is not complete for nonlinear response. A MDOF system is typically

transformed to a SDOF system using a mode shape or Ritz vector [111,112,113,117]. The

mode shape or Ritz vector to transform the MDOF system to a SDOF system cannot

express the participation of modes not represented by these vectors. Moreover, the mode

shapes and frequencies will change during nonlinear deformations. The transformation vec

tor is usually selected to represent the fundamental vibration mode. The accuracy of using

these techniques depends to a great extenl on the participation of the higher modes of the
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MDOF system. in addition to the updating of the transformation vector during nonlinear

deformations. Therefore, the conclusions concerning the analyses of SDOF systems dis

cussed above must be carefully scrutinized before considering them appropriate for MDOF

systems.

Applying the ductility levels of the SDOF systems to MDOF systems must be done

with extreme caution. Ductility factors attempt to simplify a complex response, and in gen

eral there is little agreement on the precise definition of ductility [114]. MDOF systems

may not exhibit definite yield points on a global basis, hence the definitions for ductility of

SDOF systems with definite yield points will not hold.

As a final comment. it must be recognized that ductility based on local response (plas

tic hinge rotation, plastic shear deformation. plastic elongation) will be substantially larger

than that based on global displacement. For MDOF systems, multiple internal member

forces develop simultaneously, such as moment and axial load. It has been found that the

interaction of these forces affects the ductility capacity of the members [115]. Therefore,

required ductility factors for a design should be defined for the members, where the internal

forces are reported in order to properly design the structure to survive a major earthquake.
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CHAPTER 8

NONLINEAR DYNAMIC ANALYSES OF EBFs

8.1. General

In practice. the preliminary design of building structures for earthquake conditions is

typically based on code defined seismic forces. where either equivalent lateral forces or ine

lastic response spectra are used [58.66.96]. The equivalent lateral force procedure consists

of designing a structure to resist static lateral forces which represent the inertia fo.rces

resulting from seismic disturbances. These forces are largely associated with the first mode

of dynamic response of typical structures. In an attempt to account for the effects of higher

modes a concentrated force is introduced in some codes [96] at the roof level for tall

frames. NEHRP [66] attempts to account for higher mode effects by increasing the magni

tude of lateral force distribution near the roof level of tall frames. The inelastic response

spectra are often based on the nonlinear dynamic response of a single degree of freedom

oscillator. similar to that shown previously in Fig. 7.15. In such an approach. several spec

tra are usually obtained using different earthquake records and then the responses averaged

and smoothed to obtain design spectra. Newmark and Hall [97] recommended a procedure

for the construction of inelastic design spectra based on applying ductility factors to elastic

spectra. The lateral forces representing the seismic inertia forces for the multi-degree of

freedom structures are calculated from the inelastic response spectra using modal analysis

procedures [99]. The code provisions concerning the equivalent lateral force and inelastic

response spectra procedures have considered the fact that the structure will yield under

strong seismic motions, whereby additional code provisions are recommended to account for

ductility demands and strain t.ardening.

The use of the equivalent lateral force method has the advantage that it is practical for

preparing preliminary ctesigns, for it requires only that the general layout of the structure be
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known. However, this method will admit some inaccuracies since it cannot take into

account the detailed layoul (distribution of stiffness, elc.) and characteristics (structural

damping, stiffness degradation, ductility, etc.) of the structure being designed. On the other

hand, inelastic response spectra attempt to accounl for ductility and the effecls of damping.

However, the use of inelastic response spectra requires that the detailed layout of the struc

ture be known in order to determine the vibration properties. II has been shown by Mahin

and Bertero [125] that inelastic response spectra cannot be viewed as being reliable in terms

of limiting maximum ductility demands to specified values. Furthermore, Mahin and Ber

tero have indicated that the inelastic response of structures is particularly sensitive to the

actual excitation input, as well as to the dynamic and mechanical characteristics of the

structure [125]. In applying the inelastic response spectra method to multi-degree of free

dom 'systems, such systems must be represented as single degree of freedom systems. This

is nOI complete for determining the nonlinear response, as was noted in Chapler 7.

Using either of the above methods in a preliminary design proc~dure can therefore

result in possible inaccUracies in the design result. Consequently, there is a need 10 assess

the preliminary design procedure of EBFs, where the seismic forces are determined by one

of these methods. This was accomplished by scrutinizing the response of code designed

EBFs which had been subjected to strong ground motions. The responses were determined

by conducting thorough nonlinear dynamic analyses of the EBFs.

The link element and composite beam-column element formulated in Chapter 6 were

therefore implemenled into the ANSR-l program [94] with dynamic analysis capabililies.

This enabled EBFs to be analyzed for response to strong seismic motions, where the links

and floor beams could be modeled as either bare steel or composite links with user defined

force-deformation relationships. Three different EBF designs of the same frame were made,

where the provisions of NEHRP [66] were used as design guideline!'. The seismic design

forces were based on the equivalent lateral force procedure of NEHRP. Nonlinear d)'llamic

analyses were then performed on each design, involving a lotal of 27 computer runs. The
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same design was often reanalyzed for response to a different earthquake input record. Also.

the effect of using different assumptions to model the EBFs were examined. Consequently

the effects of strain hardening, geometric stiffness. composite action, Rayleigh versus

nonproportional damping, and the use of pin connections in EBFs subjected to different

ground motions were included in the assessment. The assessment of each EBF design

involved examining the forces and deformations of the members, areas of plastic deforma

tion in the EBF: in addition to energy dissipation and ductility of members obtained from

the various analyses.

8.2. EBF Design Procedure

The structure selected for this study represented a six-story, three-bay exterior EBF of

a symmetric building. A typical plan and elevation are shown in Fig. 8.1. This building

was to provide office space in the San Francisco area. The exterior frames at the north and

south ends· of the building were both EBFs. All other frames were moment resisting

frames. The two EBFs were assumed to resist all lateral seismic forces in the east-west

direction. Each EBF had eccentric K-bracing in the upper three floors of the middle bay

and eccentric D-bracing in the lower three floors of the exterior bays.

The three different EBF -designs included the following:

Design 1 - An EBF was designed where all- connections were assumed to behave as

moment type connections.

Design 2 - An EBF was designed where all connections were assumed to behave as

moment type connections. The link capacity at critical locations was

increased. whereby the ratio of shear capacity to required shear strength

Vp/V/ink of each link was made more consistent among the floors compared to

Design 1.

Design 3 - An EBF was designed with pins at the beam and brace-to-column connec

tions. All other connections, including those at the ends of the links adjacent
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to the exterior columns and of the first floor braces which framed into the

base of the EBF, were assumed to behave as moment type connections. An

attempt was made to maintain the same distribution of the ratio of Vp/V/inl:

among the links in the lower three floors as that of Design 2.

All links in the EBFs complied with the recommendations of Kasai and Popov [35]

discussed in Chapter I, for only short links were used in the designs. That is:

M
e ~ 1.6-P

Vp
(8.1 )

where Mp and Vp ' respectively, are the plastic moment and shear capacity of a wide flange

steel section. The definition of the quantities Mp and Vp were given previously by Eqs. 1.1

and 1.3. It was decided to maintain the same length for all the links in· the upper and lower

three floors, respectively.

The gravity loads for the building were based on the recommendations of ANSI [126].

where the dead and live load, respectively, were equal to 100 psf and 50 psf per floor with

100 psf and 20 psf for the roof. The facade of the building consisted of precast concrete

cladding weighing 35 psf. An allowable reduction in live load per ANSI was used for the

design of the individual members. The beams were considered to have been fabricated

from A36 steel, the columns from A572 grade 50 steel, and the braces from A44l struclural

steel tubing.

As noted above, the building was designed to resist earthquakes using the equivalent

lateral force provisions of NEHRP, which is an ultimate strength code. The equivalent

lateral forces were based on the effective weight of the building, consisting of full dead and

cladding load in addition to 25 percent of the live load. Thus, the design base shear \lB

was calculated according to tbe following [66]:

(8.2)

where W is the building's effective weight. The coefficient Cs is the seismic design

coefficient. defined by the following relationship 166]:
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(8.3)

where

A v = effective peak velocity-related acceleration coefficient,

S =soil profile coefficient,

R =response modification factor,

T =fundamental period of structure.

For the location and type of building being designed, the NEHRP provisions required

an ~, value equal to 0.4, with S equal to 1.2. The building's fundamental period Twas

estimated using Eq. 4.5 in NEHRP, which reads:

where

T =
0.05h"

-JL
(8.4)

h" =height in feet above the base to the highest level of the building,

L = overall length (in feet) of the building at the base in the direction under con-

sideration.

In the east-west direction, corresponding to the plane of bending for the EBFs (see Fig 8.1),

the estimation of the fundamental period was 0.45 seconds. For the two EBF designs with

all moment connections (Designs 1 and 2) the NEHRP provisions require a value of 7 for

the response modification factor R. The EBF design with pin connections (Design 3)

required a 17 percent reduction in the the response modification factor. This is necessary in

order to comply with the NEHRP requirement that the design base shear be increased by 20

percent for braced frames with pmned connections.

The total effective weight of the building for determining lhe design base shear ~'B

was equal to 4542 kips. This resulted in a value of VB equal to 636 kips for Designs 1 and

2, and 763 kips for Design 3. Each of the EBFs was assumed to resist equal amounts of
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VB' Hence the required base shear capacity VfBF of each EBF was 318 kips for Designs 1

and 2, and 381.5 kips for Design 3. These values of VfBF are a result of accumulating the

lateral story shear forces. The lateral seismic force Fx at each floor level was determined

using Eq. 4.6 of NEHRP, where for story level x:

where

F = C V EBF
.. v.. B (8.5)

in which

CV.r =
wxhx
6
~w-h
~ I I

;=]

(8.6)

wx ' Wi = ponion of effective weight located at story level x or i.

h.. = height above base to level x.

The resulting vertical distribution of lateral seismic forces for the EBFs is shown in Fig 8.2.

In order to predict member forces in an EBF at the preliminary design stage, the use

of a plastic analysis technique is the most rational approach. Using such an approach the

required strength and desired energy dissipation mechanisms for a frame can best be

achieved. To assure good perfonnance. EBFs should be designed such that inelastic

activity is confined primarily to the links. For such behavior the link shear resisting capa·

city governs the plastic capacity of the frame. Therefore, the primary objective in EBF

design is to select a link with an appropriate shear resisting capacity Vp that satisfies the

required plastic capacity of the EBF, followed by the selection of the other members in

such a manner that they remain elastic in order to assure the plastic activity of the link.

All members were designed considering bare steel behavior, and satisfied the compact-

ness requirements of the AISC Specification [20]. The floor beams in braced bays were

designed first. using the plastic design procedure by Kasai [7,119]. This method is analo-

gOllS to that of Popov and Engelhardt [127]. In order to use this procedure an
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approximation of the amount of story shear developed at each story level was required for

the braced bays. For the EBF designs using all moment connections (Designs I and 2) it

was assumed that the braced bay in each of the upper three floors developed 80 percent of

the story shear, while each braced bay in the lower three floors developed 45 percent of the

story shear. For the EBF design with pin connections (Desi~ 3) these corresponding

values were assumed equal to 92.5 percent in the upper three floors and 48.75 percent in the

lower three floors. An analysis of each of the final designs for Designs 1, 2, and 3 indi-

cated that these approximations were reasonable. The required shear force V/j/lk in each link

was then established, where the foll()wing expression [7] was used for each floor:

(8.7)

where

V/i/lk = required link shear force at a particular floor level,

Vcum = static design shear force accumulated from the roof to the corresponding floor

level,

h ,L =story height and braced bay width, respectively, associated with the floor level.

Tills approach is illustrated in Fig. 8.3 for K and D-braced one bay EBFs. For the K-

braced EBF, Eq. 8.7 can be derived by writing a moment equilibrium relationship around

the column base at point A, in Fig. 8.3(a), where the significance of moments acting at the

upper and lower ends of the EBF panel are assumed negligible. For the D-braced EBF it

has been shown [7] that Eq. 8.7 remains reasonably accurate. Popov and Engelhardt [127]

derived Eg. -8.7 by considering moment equilibrium of a simplified free-body diagram of an

EBF with points of inflection at midheight of the braces and columns, and at midspan of the

links.

The required axial force in the braces Ph, and floor beams outside the link Pbm were

then detennined by statics. These forces were based on !he ultimate link state. As dis-

cussed in Chapter 1 and supported by the results of the experimental study· presented in
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Chapter 4, the ultimate link shear force V"Jr should be at least equal to the following:

(8.8)

where Vp is the actual plastic shear capacity of the beam section used for the link which

satisfies Eq. 8.7. Based on the experimental behavior of short links [119], the link end

moments MA and MB at the ultimate state were assumed to be equal to the following:

K-braced EBF, MA MB
e'Y"lr= = 2

D-braced EBF. MA = Mp

MB = e·Y"Jr - Mp

(8.9a)

(8.9b)

where for the D-braced EBF MA and MB • respectively, are the link moments at the column

face and at the opposite end of the link. Using the free body diagrams of~the beam-brace

subassemblage shown in Figs 8.4(a) and (b), estimates for the axial forces of the braces and

floor beams outside the links in K-braced and D-braced panels of Designs 1, 2, and 3 were

determined corresponding to the ultimate state of each link.

The moments in the braces and floor beams outside the links corresponding to the uhi-

mate link state were then determined. By numerical experimentation it was found, depend-

ing on the relative stiffness of the adjoining floor beam and brace. that a brace above the

first floor with a moment connection developed 15 to 25 percent of the adjacent link end

moment Mb . The design moments for braces above the first floor were therefore assumed

to be equal to 0.2Mb . For Designs 1 and 2, equal end moments were assumed for all braces

above floor 1. Due to the arrangement of the pin and moment connections in Design 3, a

moment developed at only the upper end of each brace above the first floor, which was

attached to a link. This moment was assumed to be equal to 0.2 Mb • In all three designs.

moment connections were used at both ends of the first floor brace. The brace moment at

,
the lower fixed end was assumed to be equal to O.4Mb , while the brace moment at the link

was assumed to be equal to 0.2Mb .
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The beam outside the link was assigned a design moment to resist the beam moment

Me developed at the end of the gusset plate, see Fig. 8.5. The gusset plates were assumed

to have a length L g of 20 in. along the floor bearn. It was found that the axial forces gen

erated in the braces and floor beams outside the links were large, consequently these

members had to be designed as beam-columns. Therefore, Eqs. 2.4-2 and 2.4-3 of the

AISC Specification were employed to design for moment and axial force interaction, con-

sidering both strength and stability.

The floor beams in the unbraced panels of Designs I, 2, and 3 were then designed.

The effect of axial force was ignored for these members. Required moment capacities were

determined by equating the internal work to the external work done by the seismic forces

Fx and gravity loads for the assumed collapse mechanism of the EBF. The assumed
.

mechanism for Designs 1 and 2 is shown in Fig. 8.6 (a), while that of Design 3 is shown in

Fig. 8.6 (b). The internal work was expressed in terms of the unknown capacity Mp..= of

the floor beams of unbraced panels, as shown in Figs. 8.6(a) and (b), by assuming propor-

tionality factors aj for the capacity of each floor beam in the unbraced panels. The internal

work done by columns yielding at the base is generally small compared to that' of the links

[120], and therefore was ignored. The capacities of the floor beams selected for each

unbraced panel equaled or exceeded the required capacity for a local beam mechanism, Fig.

8.7, based on factored gravity loads [66].

The columns of the EBF were designed as beam-columns using Eqs. 2.4-2 and 2.4-3

of the AISC Specification. The moment capacity of all floor beams and links framing into

columns were increased to 1.25Mp ~o account for possible overstrengthen floor bearns, as

required by NEHRP for column design. In addition, the shear force in all of the links was

. assumed to have reached V../I' The column axial design forces accounted for the combined

effect of seismic forces and gravity loads. using the NEHRP load factors. The co!umn

design moments for Designs 1 and 2 were determined using the weak bearn-stronp- column

concepl. As will be discussed later in the analyses results, the point of inflcnion in the
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columns of EBFs with beam-to-column moment connections can have widely varying posi

tio~s during an earthquake, particularly in columns which are adjacent to links. This

phenomenon is associated with the floor beam and link moments at a beam-column joint

being unevenly distributed to the adjoining columns above and below the floor. Hence. an

allowance must be made if plastic ~inge development at the top and bollom end of a

column in a story is to be. avoided. Using the recommended column design procedure of

Paulay [121.122]. this allowance was made by introducing a dynamic magnification factor

cu. Therefore, for Designs 1 and 2 the required flexural capacity Mcol of the columns was

based on the following:

M col = cuMcodt (8.10)

where Mcodt is the required column moment capacity determined by the weak beam-strong

column concept. In the weak beam-strong column concept the beam moments are distri

buted equally to the columns above and below the particular floor. That is for a particular

floor level where moment-connections exist, the column moment Mcodt based on the weak

beam-strong column concept is in general equal to:

Mcodt = 0.5 [~).25Mp.._ + ~).25Mpl'" + LMbract + LMD.._] - . (8.11)

where Mp_ and Mp..... respectively. are the flexural capacities of the floor beam and link

which frame into the column. The moment Mbract is the brace end moment adjacent to the

column, which was assumed previously to be equal to 0.2Mb for Designs 1 and 2. The

moment MD_ is associated with the floor beam end moment adjacent to the columns in the

braced panels. as shown in Fig. 8.8. Numerical experimentation indicated that MD....,. for

Designs 1 and 2 could be approximated by:

MD.._ = 0.20Mb (8.12)

Equation 8.10 is used at each floor level to establish the required moment capacity at

the ends of adjoining columns. The column moment at the base was assumed to be equal to
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twice the momenl developed at the top of the first floor column. Because only one column

frames into a beam-column joint at the roof, no dynamic amplification factor was applied to

the these column moments. Therefore, the required column moment capacity Mcol for

Designs 1 and 2 at the roof was in general equal to the following:

M ev/ = L,1.25Mp.._ + L,MD_ (8.13)

Because of the arrangement of the pin connections in Design 3, the entire length of

each interior column was assumed to be a cantilever fixed at the base of the EBF. In addi

tion, each exterior column in the upper three floors was idealized as a cantilever fixed at the

third floor. The design envelope for end moments in these columns was then established by

estimating the shear force developed in these members. This is recognized to be a very .

severe criterion for sizing the column. In any event some provision for moment capacity

must be included in the preliminary design. Each interior column of Design 3 was assumed

to develop 1.25 percent of the story shear through cantilever action, while each exterior

column in the upper three floors was assumed to develop 2.5 percent of the story shear

through cantilever action. These values were based on examining the results of previous

static analyses of EBFs. The moments in the columns idealized as cantilevers were not

amplified by w, for these column moments were determinate for a given vertical distribu

tion of lateral force along the corresponding column.. In the remaining exterior columns,

located in the lower three floors, moment connections attached the links to the columns.

Therefore, the required moment capacity at each end of these columns was deteimined, as

in Designs 1 and 2, using the strong column-weak beam concept and the dynamic

amplification factor w.

After completing the preliminary design, the story drift, link deformation, and member

forces were checked for compliance with NEHRP provisions. This involved performing an

elastic analysis of the designed frame, where the gravity loads and lateral forces F.. were

applied to the structure using the approrciate load combination factors [66]. The calculated

displacements and deform'ations were then scaled to simulate ultimate conditions. That is,
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the story drift for ultimate conditions in EBFs is assumed by NEHRP to be equal to the

elastic story drift multiplied by a deflection amplification factor Cd of 5. The corresponding

plastic deformation in the links at ultimate conditions is assumed by NEHRP to be equal to

the elastic link deformation multiplied by the factor (Cd - 1). These scaled deformations

were then compared with the limits recommended by NEHRP, where the maximum allow

able story drift is 1.5 percent, and the maximum allowable plastic link deformation is 0.06

radians. Member forces were examined for compliance with NEHRP by comparing the cal

culated elastic link shear forces with the recommended limit of Vp ' The other members

were checked to assure their stability and strength allowed the ultimate link state to be

obtained. Two additional requirements besides those of NEHRP were considered which the

EBF designs had to satisfy. Firstly, if the elastic analysis indicated that yielding outside the

links would occur then the design was considered inappropriate. Secondly, the vertical

floor deflection of the floor beams under serviceability conditions had to meel deflection

limits of the AISC Specification. If the preliminary design did not meet the NEHRP and

the two additional requirements, then the plastic design procedure was repeated, where

questionable members were replaced followed by another design check. It was found that if

a preliminary design had to be repeated it was due to excessive link deformation.

The result for Designs I, 2, and ,3 are shown in Figs. 8.9 to 8.11. Recommended link

and connection details for typical EBFs can be found in Refs. [7,18,119,127].

8.3. Program of Investigation

As noted previously, the three designs were analyzed for nonlinear response to strong

motion earthquake "records. It was decided to use more then one earthquake record in order

that the performance of the EBF designs could be assessed for response involving several

cycles of significant link yielding, in addition to large excursions of plaslic link deforma

tion, respectively. When subjecting the EBF designs to the south-east component of the

1940 EI Centro earthquake record which had been scaled by a factor of 1.5, several cyclc~
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of significant link yielding occurred. The original EI Centro earthquake record was

recorded in ~e epicentral area of the earthquake. and is considered to be a strong mOlion

earthquake [123]. The scaled EI Centro earthquake record had a magnitude of peak ground

acceleration equal to 0.5 g. as indicated by the scaled accelerogram shown in Fig. 8.12.

When subjecting the EBF designs to the north-east component of the 1966 Parkfield earlh-

quake. the responses contained large excursions of plastic link. deformation. The Parkfield

earthquake record was recorded 200 feet from the ruptured fault, resulting from a lesser

magnitude earthquake than EI Centro. However. the Parkfield accelerogram possessed a

magnitude of peak ground acceleration equal to 0.49 g, as shown in Fig. 8.13. The

response to other earthquake records was also examined (Taft, Pacoima Dam), however, it

was determined that the EI Centro and Parkfield earthquake records were the most represen-

-
tative. Therefore. the discussion will focus on the response of the three EBF designs to the

scaled El Centro and original Parkfield earthquake records.

A summary of the nomenclature to identify the results of the analyses using the scaled

EI Centro and original Parkfield earthquake records is given in Table 8.1. Each design was

initially analyzed for the first 15 seconds of one of the earthquake records as a bare steel

frame with representative strain hardening. The damping matrix was based on nonpropor-

. tional damping. The effects of modeling assumptions were then examined, where the dura-

tion of the input eanhquake record was again 15 seconds.

Design 1 was thus reanalyzed (scaled EI Centro record) assuming elastic-perfectly

plastic behavior (EPP) in order to study the effects of strain hardening. Design 1 was also

analyzed assuming Rayleigh damping (scaled EI Centro,record) in order to examine the sen-

sitivity of the response to different forms of modeling viscous damping.

To determine if the P-della effect were significant. the resulls of one of the initial ana-

lyses of Design 2 was compared with the results of an additional analysis which did not

include a geometric stiffness. The analysis used to assess the P-delta effect involved the

EBF model subjected to the Parkfield earthquake record. To assess the effects of composite
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floor slabs in EBFs, Design 2 was modeled using composite floor beams with representative

strain hardening. Thus. the composite beam properties were determined for an exterior and

an interior EBF with composite floor slabs. An exterior EBF is located at a parameter of

the building. Such a frame was part of the original building plan. An interior EBF is

situated at the interior of the building. Such an arrangement was not part of the original

building plan. The intent of modeling an interior EBF with composite floor slabs was to

assess the response of an EBF with increased composite action compared to an exterior

EBF with composite floor slabs. In addition to comparing the responses of EBFs with com

posite floor slabs to the responses of the bare steel EBFs, the bare steel based design pro

cedure was compared with the responses of the EBFs with composite floor slabs. Conse

quently, it could then be established whether the effects of composite action should be

incorporated into the design procedure for EBFs. This involved performing four more ana

lyses of Design 2, whereby the response of EBFs with different degrees of composite action

to different earthquake records was assessed.

Originally, Design 3 was analyzed assuming that the pin connections did behave as

true pins. Since in practice a pin connection, also referred to as a shear connection, will

likely develop some bending moment, Design 3 was reanalyzed using all moment type con

nections. This enabled an assessment to be made concerning the effects of developing

bending moment at the pin connections, and also the use of pin connections versus moment

connections in EBFs.

The response quantities examined included those which would enable a comparison of

the responses with the design procedure, and give an indication of the effects of the earth

quake record and modeling assumptions. Therefore, the response quantities included the

following: member forces, areas of inelastic activity in the EBFs, link deformation, plastic

deformation demand outside the links, member energy dissipation, '.he stability of braces

and columns. the point of inflection in columns, story drift and di:;placement, and the story

shears.
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8.4. ANSR Model

As indicated previously, the ANSR-l program was used to perform the nonlinear

dynamic analyses of the EBF designs. The model of each EBF consisted of two

dimensional elements. where in the plane of the EBF horizontal, verticaJ, and rotational

degrees of freedom were defined for each node. The nodal degrees of freedom at the sup

ports were fully restrained to simulate fixed boundary conditions. Centerline dimensions

between members were used. Rigid offsets were jncluded in the model to simulate rigid

gussets plates at the ends of the links and also eccentricities between the column centerlines

and the pin connections. The total mass of the building was based on the effective weight

W. Since only the EBFs of the building were asswned to resist the lateral seismic forces,

the total mass of the building was divided equally among its two EBFs. In each floor of the

EBF model the mass associated with that floor was lumped at the nodes based on the tribu

tary length of the floor beams. Since in the experimental study (Chapter 4) significant uplift

of the floor slab was found to occur at the ends of the links, lwnped mass associated with

vertical inertia forces was defined at the corresponding nodes of the EBF models. These

lumped masses were based on the tributary area of the floor slab. No rotational inertia

force at the nodes was considered. A summary of the lumped masses for the EBF models

is given in Fig. 8.14.

The links were modeled using the newly implemented link element. The AISC

Manual [124] was consulted for the section properties, where the effective shear area A:·

was based on the area of the web. The action-deformation relationships for the links of the

various analyses are given in Fig. 8.15. These relationships were used to establish the

subhinge stiffnesses. The parameters to define the effect of isotropic shear hardening (Eq.

6.83) are also given in Fig. 8.15. Both the action-deformation relationships and the isotro

pic shear hardening parameters were based on experimental data presented in Chapter 4

(Figs. 6.18 and 6.19. and Figs. 6.21 to 6.23) which had been normalized by their respective

yield forces. A set of preliminary analyses indicated that the amount of axial force
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developed in the links was small and could be ignored in determining the link capacity.

The braces, columns. and bare steel floor beams outside the links were modeled using

the standard two-dimensional beam-column element in ANSR. The composite t100r beams

outside the links were modeled with the newly implemented composite beam-column ele~

ment. Both of these elements considered moment-axial force interaction, accounting for

inelastic flexural deformations but not buckling. The interaction surface was based on the

AISC moment-axial force interaction formula, Eq. 2.4-3, and is shown in Fig 8.16. The sta

bility of each member was checked after the completion of an analysis. using Eq. 2.4-2 of

the AISC Specification and the member forces developed during the analysis. The assumed

action-deformation relationship for the bare steel beam-column element is shown in Fig.

8.17. The effective moment of ine!tia leff and effective width beff based on stress distribu

tion were determined for the composite beam-column elements using the procedure dis

cussed in Chapter 5. This involved using the loading conditions shown in Fig. 8.18 to

approximate the conditions of the composite floor beams in the EBFs. The floor slab was

assumed to be constructed of a metal deck with a 6.5 in. thick concrete slab, and behave as

an orthotropic plate. The degree of orthotropic behavior was the same as that measured in

the experimental specimens (see Chapter 5). With I~ and beft established, the· action

deformation relationships were defined for the composite beam-column elements, see Fig.

8.19, where the hinge stiffness Ks for each composite beam-column elemenl was determined

by Eq. 6.104. The composite positive moment and compressive axial load capacities. Mp+

and Py-. were determined using beff. A summary of the propenies to define the action

deformation relationships and interaction surfaces for the composite beam-column elements

is given in Tables 8.2 and 8.3. The momenl of inertia I, moment capacity Mp-. and tension

axial load capacity Py+ in these tables are based on the properties of the bare steel section of

the composite floor beam, available in the AISC Manual.

In Chapter 5 it was shown that b~ff varies along the floor beam outside the link for
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seismic conditions. Consequently. for the presenl case the floor beam will not likely have

the same value of b~ff at the column and at the end of the link, points D and B in Fig 8.18.

This is also true for I~ff' Because point B of the floor beam is adjacent to the link, it

develops a larger moment and deformation compared to that at point D. Therefore, the pro-

perties at point B of the floor beam will have a greater influence on the response of the

EBF. Consequently, using similar properties at both ends of the floor beams outside the

links should give reasonable results, where the properties at the end adjacent to the link are

used.

The local force effect due to the distributed gravity loads along the beams and links

was accounted for by assigning initial ~forces to the elements involved. The initial forces of

a beam or link were equal to the fixed end forces developed in the members under gravity

load.

The damping matrix C for the EBF models required the detennina~ion of the natural

periods of the elastic structure. A summary of the natural periods for the first five elastic

modes is given in Table 8.4 for the models of the three EBF designs. For each model the

coefficients ao and aI, were calculated using Eq. 7.14 of Chapter 7 in order lO define the

damping matrix using Eq. 7.15. For the EBF models with Rayleigh damping, the first and

fourth elastic modes were assumed to have a 5 percent damping ratio. As noted in Chapter

7, the damping matrix based on nonproportional damping was obtained by ignoring the con-

tribution of the initial link stiffness to C in Eq. 7.15. That is:

C =aaM + ~>l,K~/m i
j

(8.14)

where ai, =0 for the link elements. For the EBF model with nonproportional damping the

coefficient ao. as well as the coefficients a I, of the elements excluding the links. were deter-

mined using a 5 percent damping ratio for the first and fourth elastic modes. Based on this

value of ao, the damping ratio for the first elastic mode was equal to 4.1 percent for the link

elements.
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8.5. Analysis Procedure

Each of the analyses was initiated by applying the gravity loads and then calculating

the structural response. A geometric stiffness was then determined based on the member

axial forces due to these gravity loads. This geomelric stiffness was added to the initial

elastic stiffness of the model. The nonlinear dynamic analysis was then performed using

the procedure described in Section 7.4 of Chapler 7. which involved Constant Stiffness

iteration. Therefore. the geometric stiffness was not updated during a dynamic analysis.

This should not have a significant effect on the results. for it was found that the P-delta

effect was not pronounced for the EBF designs being analyzed.

The dynamic analyses were performed using a constant time step size of 0.005

seconds. Hence 3.000 time steps were required to analyze the EBF designs for the first 15

seconds of a selected earthquake record. The time step size of 0.005 seconds was selected

using the criteria discussed in Seciion 7.4.

8.6. Analysis Results

8.6.1. Response of EBF Design 1

Design 1 was designed on the premise that all links be W18 beam sections. as shown

in Fig. 8.9. As in ·a real situation. members sizes were repeated in order to have an

economical design.

To facilitate the discussion of Design 1. as well as the other designs. the various ana

lyses will be referenced by the nomenclature defined in Table 8.1. Furthermore. the link

end moments MA and MB will have the positive sign convention shown in Fig. 8.20. The

results to be discussed concerning Design 1 will include ECI, EC2. and EC3 from the

scaled El Centro analyses. and PA 1 from the Parkfield analyses. Hence. the effects of strain

hardening. damping model. and earthquake record will be examined.

The areas in which yielding occurred in these four analyses of Design I are shown in
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Fig. 8.2 l. From this figure it can be seen that the locations of links yielding in shear are

. similar for all four analyses. Furthermore, moment yielding developed adjaceDl to the exte-

rior columns in the links. It appears that Design 1 developed more yielding· outside the

links· when subjected to the Parkfield earthquake record, for in analysis PA I additional plas

tic hinges developed at the ends of several floor beams adjacent to the ends of links, at the
.' ,

base of an exterior column, and in the floor beams of unbraced panels at floors 3 and 4

compared to analysis ECl.

The time histories for the lateral floor displacemeDls from the four analyses of Design

are shown in Fig. 8.22. The response to the scaled EI Centro earthquake record of the

models with strain hardening but with differeDl damping assumptions (analyses ECI and

EC3) had a similar displacement history, where all floors tended to oscillate about their ori-

ginal positions. On the other hand, the elastic-perfectly plastic model (analysis EC2)

developed more of a one-sided lateral floor displacement time history. leading to larger

magnitudes of lateral displacement than the analyses with strain hardening. The one-sided

displacemeDl is an indication of permanent link deformation resulling from link yielding.

The response to the Parkfield earthquake record (analysis PAl) included sustained displace-

ments with intermediate unloading and reloading from time t = 4.0 to 5.0 seconds. This

was followed by oscillations about a non-zero reference for all floors above floor 1. Design

1, when modeled with strain hardening, appears to have developed more permanent defor-

mation when subjected to the Parkfield earthquake record.

The maximum story drift during the EI Centro analyses are shown in Fig. 8.23(a).

This figure indicates that compared to the upper floors, the lower floors developed greater

story drift, where slightly larger magnitudes occurred in the elastic-perfectly plastic model

compared to the models with strain hardening. The maximum story drift developed during

the Parkfield earthquake record is shown in Fig. 8.23(b), where it is apparent that the story

drift is greater than that due to the scaled EI Centro earthquake record. Furthermore, during

the Parkfield earthquake the story drifl in the first and second floors approached the code
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limit of 1.5 percent.

The limited resislance of the model without strain hardening is evident in the base

shear time hislory shown in Fig. 8.24(a), where it is compared to the results of the model

with strain hardening. For completeness, base shear lime histories for the other analyses of

Design 1 are shown in Figs. 8.24(b) and (c). A summary of the maximum base shear for

these analyses, as well as those of Designs 2 and 3, is given in Tables 8.5 and 8.6. The

story shear envelopes for Design 1 are shown in Figs. 8.25(a) and (b). From Fig. 8.25(a) it

is apparent thaI the strain hardening effect caused larger story shears, with a greater increase

occurring in the lower floors. By including strain hardening, the base shear increased by 30

percent in the model with nonproponional damping. This figure also indicates that Ray

leigh damping apparently adds greater resistance than nonpropohional damping. The story

shears were generally six percent greater in the model with Rayleigh damping compared to

the model with nonproportional damping. The story shear envelope for the response to the

Parkfield earthquake record (analysis PAl) is shown in Fig. 8.25(b), where it is compared to

the maximum story shear forces developed during the scaled El Centro earthquake record

(analysis ECI). This figure indicates that greater SIOry shear forces developed during the

Parkfield earthquake, where the maximum base shear of analysis PAl is 12 percent greater

than thaI of analysis ECI.

The maximum shear forces developed in the links are shown in Fig. 8.26. The fourth

floor link developed a slightly greater maximum shear force than some of the links in the

lower floors, particularly during the Parkfield earthquake. This phenomenon is attributed to

the sudden change of the bracing configuration at floors 3 and 4. However, a general trend

exists where larger shear forces developed in the links of the first floor, particularly in the

analyses involving strain hardening. Larger shear forces were also found to exist in the

links of lower floors in the preliminary design. However, as shown in Fig. 8.26, the ana

lyses results are greater than the preliminary design link shear forces. This can be attri

buted to the fact that the selected sections for the links had greater capacities than the
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required design forces. Strain hardening is not included in the link shear design forces,

therefore the results of the analyses with strain hardening show an even bigger discrepancy

compared to the design forces.

Greater amounts of link strain hardening developed in the lower floors, as shown in

Fig. 8.27 by the increase in the link shear force beyond the yield strength Vp' Figure 8.27

indicates that the first floor links developed a maximum shear of 1.55 Vp during born the

scaled EI Centro and original Parkfield earthquakes. Figure 8.27(b) indicates that the

Parkfield earthquake record causes greater link strain hardening in the upper floors than the

scaled EI Centro earthquake record. The EI Centro analyses using different damping

models (analysis ECI and EC3) appear to have developed similar magnitudes of strain har

dening and thus maximum link shear forces, as shown in Figs. 8.26 and 8.27. Therefore the

use of the different damping modeling does not appear to have significantly influenced the

shear force in the links.

Shear-deformation hysteretic loops for links in floors 1 and 4 are shown in Fig. 8.28

from analysis ECl. Corresponding results are shown in Fig. 8.29 for the same EBF model

(analysis PAl) subjected to the Parkfield earthquake record. These figures indicate thaI a

greater number of yield excursions occurred during the response to the scaled El Centro

earthquake, however, greater link deformations occurred during the Parkfield earthquake.

Furthennore, the link deformation in the first floor link is greater than that of the fourth

floor link for both analyses. The link deformation envelopes for all of the floors are given

in Fig. 8.30. This figure indicates that the links of the lower floors generally developed

greater deformation. Strain hardening apparently decreased the amount of link defonnation,

as shown in Fig. 8.30(a). However, the code limit of 0.06 radians for link defonnation is

exceeded by the first floor link during the scaled El Centro earthquake (Fig. R.30(a», and by

the lower three floors during the Parkfield analysis (Fig. 8.30(b». Appar(;;:ntly the Parkfield

earthquake record results in a significant increase in the link defonnation of all floors.

Moment-deformation hysteretic loops for the first and fourth floor links are shown in
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Fig. 8.31 for analysis ECl, and in Fig. 8.32 for analysis PAl. From these figures it is

apparenl that the end moments of the links adjacent to a column are not equal. In Figs.

8.31(a) and 8.32(a) the link end momeD! MB next to the column was as much as four times

the end moment MA at the other end of the link during elastic loading. After strain barden

ing, MB was equal to 2MA • Therefore, fuJI equalization of end moments did not occur in

this linJe This was found to also have occurred in the other links which were adjacent to

the columns. Figures 8.31(b) and 8.32(b) indicate that the link at lhe fourth floor had

approximately equal magnitudes of end momenl. This was found to occur in all of the links

in the K-braced panels. With strain hardening, the link end moments adjacent to columns

developed a maximum moment as large as 1.15 Mp' as shown in Fig. 8.33, indicating a

desirability of using 1.25Mp as suggested in the code for column design. This figure also

illustrates that the use of a differenl damping model (analyses ECI and EC3) did not appear.

to significantly influence the amount of end moment developed in the links.

Figure 8.34 shows the maximwn relative· vertical displacements 60 r developed between

the ends of each link. Consistent with the link· deformation envelopes, 60 r increased in the

lower floors, with greater values of 60 r occurring during the Parkfield earthquake. For the

results shown in Fig. 8.34(b), in which the links were modeled with strain hardening, the

maximum value of 60 r during the Parkfield earthquake (analysis PAl) and the scaled El

Centro earthquake (analysis ECl), respectively, was nine percent and seven percent of the

link's length. The permanent relative vertical displacemeD! 60rp of the links was determined

at the end of the time histories for floors I, 2, and 4 shown in Figs. 8.35 through 8.37. The

values of 60rp are summarized in Tables 8.7 and 8.8. It was found lh~lt larger values of 60rp

occurred in floors 2 and 4 compared to floor 1, with the Parkfield earthquake record causing

a 60pr of 0.77 inches in floor 4. This was the largest value of 6op~ developed in Design I,

and was equal to about lhree percent of the link's length.

An examination of the zones of yielding during the analyses of Design I was

presented earlier in Fig. 8.21. As was noted then, yielding outside the links was more pro-
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nounced during the Parkfield earthquake (analysis PA I), where yielding in floor beams of

braced panels occurred outside the links. Figure 8.38 shows for these members the max-

imum moment and axial force corresponding to the EBF model with strain hardening and

nonproportional damping. These results are from the response to the scaled EI Centro

(analysis ECI) and original Parkfield earthquake records (analysis PAl). The maximum

forces shown in Fig. 8.38 indicate that the design forces are more reasonable for the upper

floors. During the Parkfield earthquake the calculated response exceeded the design forces

in the lower three floors, resulting in yielding. The maximum plastic rotation 9 p of these

members however was found to be less than one-half the rotation 9 y , where 9 y is the rota-

tion at yield of the floor beam outside the link determined by:

MyL
9 y = 3EI

where

My =yield moment of floor beam,

L = length of floor beam between the column and the end of the link,

EI =bending rigidity of floor beam.

(8.15)

It is not expected that this yielding would result in local buckling which will limit the duc-

tility of these members, for 9 p is in the range where the compact floor beams can control

local buckling [115].

The maximum moments developed in the floor beams of unbraced panels are shown in

Fig. 8.39 from the analyses of Design 1. An examination of Fig. 8.39(a) indicates that the

analyses with strain hardening developed approximately the same maximum floor beam

moments as the elastic-perfectly plastic analysis. Figure 8.39(b) indicates that the Parkfield

earthquake record produced larger moments in these floor beams than the scaled El Centro

earthquake record. Although the results in Fig. 8.39(b) correspond to models with strain

hardening, there was not a significant increase in the moment beyond Mr'
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The use of 1.25Mp for column design however is still justified, for it serves as a safe

guard against situations where the floor beams have overstrength and columns understrength

due to the varying yield strength of structural steel. The axial force in the floor beams of

unbraced panels was found to be small, where the maximum member axial force was less

than seven percent of the member axial yield force. The yielded floor beams of unbraced

panels developed larger amounts of 0 p compared to other members in the EBF models.

The maximum amount of 0 p developed in the floor beams of the unbraced panels was

found to be equivalent to 1.5 times the rotation 0 y , where 0 y is the rotation at yield of the

floor beam as determined by:

MyL
8 y = 6EJ

where

My = yield moment of the floor beam,

L = length of the floor beam,

EJ = bending rigidity of the floor beam.

(8.16)

This amount of ductiliry demand is reasonable, and likely can be supplied by the floor

beams [115].

The braces of the models were checked after the completion of each analysis and

found to have developed no stability problems. Axial force time histories for a first floor

brace are shown in Fig. 8.40. The results in Fig. 8.40(a) correspond to the models with and

without strain hardening, using nonproportional damping. From this figure it is apparent

that the link with strain hardening caused a greater axial force to develop in the adjoining

brace. This was found to occur in all braces framing into links which developed yielding.

as shown in the axial brace force envelopes plolted in Fig. 8.41 (a). These results arf' from

the response to the scaled 'EI Centro earthquake record, where all of the links exce~)t for the

one at the roof (s,ee Fig. 8.21) developed yielding. The increase in the axial bra,:" force due

to link strain hardening is shown in Fig. 8.41 (a) to be more, pronounced in tt,c lower floors,
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where a 25 percenl increase in the axial brace force occurred in the firsl floor. However,

the design envelope appears to be satisfactory for these two analyses. On the conlrary, Fig.

8.41 (b) indicates thaI the Parkfield earthquake record caused greater axial brace forces than

the scaled EI Centro earthquake record in models with strain hardening. Consequently, the

axial force in the braces of the lower three floors during the Parkfield earthquake exceeded

the compressive design force. At the first floor the Parkfield analysis results were 10 per-

cent greater than the design force.

As discussed in Chapter 7, Rayleigh damping compared to nonproponional damping

leads to larger brace forces. It was shown that this was due to the increase in damping of

the lower modes during inelastic deformations. A time history of the axial force for a firsl

floor brace is shown in Fig. 8.42(a) corresponding to the model with Rayleigh damping.

These results are based on the response to the scaled EI Centro earthquake record (analysis

EC3). The shear force time history for the link adjacent to this brace is shown in Fig...
8.42(b). Superimposed on these two figures is the response for the model with nonpropor-

tional damping which was subjected to the scaled EI Centro earthquake record (analysis

ECl). The increase in the axial brace force in the model with Rayleigh damping is evident

compared to that in the model with the nonproponional damping. The shear forc~ in the

first floor link of the two models however is similar at the instances when the maximum

magnitudes of axial brace force develops. The axial brace force envelope corresponding to

these two analyses is shown in Fig. 8.43. This figure illustrates the fact thaI the braces next

to-- yielded links (floors 1 through 5) developed larger axial forces when the EBF was

modeled with Rayleigh damping as opposed to nonproponional damping. The increase is

more pronounced in the braces of the lower floors, whose links happen to develop the most

strain hardening. An 11 percent increase in the maximum axial force was found in the firsl

floor brace. This increase is enough to cause the axial force in the first floor brace to

exceed the design envelope by 10 percent during the analysis involving Rayleigh damping .

. The phenomenon of the axial brace forces increasing when higher damping develops
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in lhe link can be explained by considering a free body diagram of a floor beam and brace

in an EBF. This free body diagram must include the members' damping forces f D and the

vertical inenia force !J which develops at the end of lhe link. Such a free body diagram is

shown in Fig. 8.44. Considering lhe vertical equilibrium of the node at the end of the link,

an expression for the axial brace force Pb, and axial damping brace force f Do. can be writ-

ten, reading:

where

+
II + I DL + I D... + I D.

sinE>
(8.17)

Vii"b Vbm =shear forces of lhe floor beam in the link and outside the link,

f I =vertical inertia force associated with the lumped mass,

f D
L

, I D,. = damping shear forces of lhe floor beam in the link and outside the link,

f D.. = damping force associated with the lumped mass,

E> = angle of inclination between the brace and floor beam, see Fig. 8.44.

It is believed that the term I D
ir

is small relative to Pb, because the velocity associated with

the axial extension of the brace is small. Hence, Eq. 8.17 clearly illustrates lhat the effect

of inertia and damping forces leads to an increased brace force Pb, during the dynamic

response. It was determined that the inertia and damping forces increased the maximum

value of Pb, of the first floor brace by 3 to 5 percent in the EI Centro analysis with nonpro-

portional damping and strain hardening (analysis ECI). In the EI Centro analysis with Ray-

leigh damping and strain hardening (analysis EC3) the damping and inertia forces increased

the maximum value of Pb, of the first floor brace by 11 to 15 percent, while the Parkfield

analysis with nonproportional damping (analysis PA 1) had an 8 to 11 percent increase in

the maximum value of Pb, of the first floor brace.

The maximum end moments developed in lhe braces are shown in Fig. 8.45. This

figure indicates that the maximum magnitude of brace moments which developed above the

first floor were appruximately equal for the analyses. There was a noticeable increase in the
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moment of the first floor brace, which developed at the fixed end of the brace. Strain har-

dening and damping modeling did not appear to influence the developmenl of the brace

moments. A small increase in the brace moments occurred during the Parkfield earthquake

record compared to the scaled EI Centro earthquake record, where the increase is greater in

the braces of the lower floors. With the increase in the brace momenl at the first floor dur-

ing the Parkfield earthquake, the brace design moment envelope was exceeded at the first

floor by approximately 20 percent. At other floors, the design envelope for the brace

moments appears to have been reasonable for all analyses of Design 1.

A review of the response of the columns indicated that all of the columns remained

stable during the analyses. As noled previously. the first floor exterior column yielded at

the base during the Parkfield earthquake. however the maximum plastic rotation was less

than one-fourth the rotation Sy, where Sy is the rotation at yield of the column determined

by:

Myh
8 y =

6El

where

My = yield moment of the column,

h =height of the column.

El = bending rigidity of the column.

(8.18)

Il is expected that this will not result in any ductility problems, for only one yield excursion

occurred and the plastic deformation is in the range where the compact section selected for

the first floor column can control local buckling [115].

The column axial force envelopes are shown in Fig. 8.46. The effect of link strain

hardening on the column axial force is evident in Fig. 8.46(a). In this figure the maximum

column axial force was 700 kips in the exterior columns and 650 kips in the interior

columns for the model with strain hardening. This amounts to an increase of 22 percent

and 13 percent compared to the elastic-perfectly plastic model. These res'Jlts correspond to
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a compression force. The use of Rayleigh damping compared to nonproporlional damping

resulted in an increase in the maximum axial force by 100 kips and 50 kips in the exterior

and interior columns, respectively, as shown in Fig. 8.46(b). This amounts to a 13 percent

and 8 percent increase in the maximum column axial forces, and were compressive axial

forces. The column axial force envelope shown in Fig. 8.47 indicates that the Parkfield

eart.hquake record produced larger column axial forces than the scaled EI Cenlro earthquake

record. This is most noticeable in the exterior columns adjacent to the links of the lower

three floors. An increase of 10 to 15 percent in the axial force was found to have occurred

in these columns. For all of the analyses of Design I, the column axial force preliminary

design envelope appears to have served well for determining the design forces.

For the columns. a moment diagram was drawn corresponding to the maximum

moments developed in each column, as shown in Figs. 8.48 to 8.51. Considering strain har

dening, Figs. 8.48 and 8.49 show that the column moments based on the weak beam-slrong

column concept (indicated by Mcode ) need to be amplified by Paulay's procedure [121] in

order to give an appropriate design envelope for the columns adjacent to the links (exterior

columns of floors I through 3). Elsewhere in the EBF, the use of McoJe for column design

would appear to have been sufficient. Figure 8.50 indicates thai the elastic-perfectly plastic

link response causes the columns to develop greater moments, particularly in the lower

floors. This is an indication that the additional laleral load carrying capacity of the EBF

models with strain hardening was developed through the truss action of the EBFs, as

opposed to bending of the columns. This same phenomenon is also present when compar

ing the results in Fig. 8.51 from the I wo analyses corresponding to Rayleigh damping and

nonproportional damping. The former analysis developed a greater base shear (see Fig.

8.25(a» compared to the analysis with nonproportional damping, where the additional

lateral load was resisted by truss action.

Figures 8.52 and 8.53 show the energy time histories for the analyses of Design 1.

Note the resemblance with the results for the inelastic single degree of freedom system dis-
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cussed in Chapter 7 (see Fig. 7.14). where a majority of the input energy was dissipated by

hysteretic energy. The energy time histories shown in Fig. 8.52 indicate that the cyclic

response to the scaled EI Centro earthquake record resulted in a greater amount of energy

dissipation compared to the response to the Parkfield earthquake record. This occurred in

spite of the fact that the Parkfield earthquake record caused larger member forces and a

base shear to develop. as well as yielding in more of the members than the scaled EI Centro

earthquake record. The scaled EI Centro earthquake record resulted in a greater amount of

energy dissipation because of the greater number of yield excursions occurring in the links

of the model. Most of the energy dissipated during the response to the Parkfield earthquake

record occurred between 4 and 5 seconds when large sustained displacements developed in

the links.

Tables 8.9 and 8.10 summarize the energy results. showing that. the input energy IE

was not a coristant, nor was the dissipated hysteretic energy HE and damping energy DE of

the models. These values were found to vary for different earthquakes and modeling

assumptions. For similar models (analyses ECI and PAl). the scaled EI Centro earthquake

record resulted in a larger amount of input energy to the EBF, compared to the Parkfield

earthquake record. Tables 8.9 and 8.10 also indicate that the links dissipated almost all the

hysteretic energy, where the links in the lower floors dissipated larger portions of energy.

Considering strain hardening (analyses ECI and PAl), the two links in the first floor dissi

pated about 67 percent of the total hysteretic energy dissipated by the EBF during the

scaled EI Centro earthquake record. and about 57 percent during the Parkfield earthquake

record. The elastic-perfectly plastic and Rayleigh damped models, when subjected to the

scaled EI Centro earthquake record. responded in a manner where the first floor links dissi

pated about the same percentage of the EBF's hysteretic energy as in analyses ECI and

PAL The amount of hysteretic energy dissipated per link is shown in Fig. 8.54.

It is apparent that the links in the first floor are severely taxed compared to the links in

the other floors. A more unifonn distribution of energy dissipation among the links is
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desirable in order 10 mainlain the efficiency of the EBF. Wilh a majorily of the inelaslic

aClivity occurring in one link, the energy dissipalion capacity of the EBF becomes limited

by the energy dissipalion capacily of thai link.

8.6.2. Response of EBF Design 2

Design 2 was a modification of Design 1, where the links of the first and second floors

were replaced by links of a larger seclion size. This was done in order 10 force the links in

the upper floors to develop greater amounts of plastic deformation, and therefore dissipate

more hyslerelic energy. As a result, the firsl floor links of Design 2 would likely dissipale

less energy than Design 1, thereby resulting in a more uniform distribution of energy dissi

pation among all links. The ensuing link shear strength 10 required shear strength ralio

VplVlink for the floors is shown in Fig. 8.10. With the increased link capacity in floors I

and 2, larger section sizes were required for the braces and eXlerior columns of floors 1 and

2.

With the changing of the section sizes, the elastic fundamental period of vibralion

became equal to 0.69 seconds (see Table 8.4). Hence, the elaslic fundamenlal period of

vibration for Design 2 was about 4 percent shorter than that of Design 1. The higher elastic

vibralion periods for Design 2 show a smaller change with respect to those of Design 1.

Therefore, the initial vibration periods of Designs 1 and 2 appear to be very similar.

8.6.2.1. Comparison of Design 2 with Design 1

A comparison of Design I and 2 is appropriate in order to evaluate whether Ihe design

modifications served their purpose. Therefore, Design 2 was subjected 10 the scaled EI

Centro earthquake record as well as the Parkfield earlhquake record. The resulls to be dis

cussed in the comparison of Design 2 with Design 1 pertain to the model whic:1 considered

slrain hardening with nonproportional damping. The two ensuing analyses of Design 2 arc

identified in Table 8.1 as ECS' and PA2.
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The maximum shear forces developed in the lin!'s of Designs 1 and 2 are shown in

Fig. 8.55. Normalized results with respect to the link shear capacity Vp are shown in Fig.

8.56. These figures indicate that although larger shear forces developed in all of the links

of Design 2 compared to Design I, less strain hardening developed in the first and second

floor links of Design 2. Furthermore. in Design 2 greater amouDlS of strain hardening

developed in the links above the second floor than in Design 1. In Design 2 the links of

floors 1 through 3 have about the same amount of strain hardening, reaching a maximum

shear force of 1.46Vp during analysis EC5 and 1.5Vp during analysis PA2. The correspond

ing -link deformation envelopes are shown in Fig. 8.57. This figure indicates that the max

imum magnitude of link deformation in Design 2. while having decreased in floors 1 and 2,

increased in floors 3 through 5 compared to Design 1. Consequently, during the Parkfield

earthquake the link deformation in floors 1 through 4 exceeded the code limit of 0.06 rad.

[66].

The energy time histories of Designs 1 and 2 were found to be similar in form for

corresponding earthquake records, and therefore are not shown for Design 2. Figure 8.58

shows the amount of hysteretic energy dissipated by the links of Designs 1 and 2 due to the

scaled EI Centro and original Parkfield earthquake records, respectively. These resuJts indi

cate that the links of floors 3 through 5 of Design 2 dissipated more hysteretic energy than

those of Design I, while the first floor links of Design 2 dissipated less energy than those of

Design 1. The percentage of hysteretic energy dissipated per link and the total amount dis

sipated by the EBF model of Design 2 are included in Tables 8.9 and 8.10. These tables

shows that the links of floors 3 through 5 accounted for a larger percentage of the hysteretic

energy dissipated by the EBF model of Design 2 compared to Design 1. The first floor

links of Design 2 accounted for about 42 percent of the hysteretic energy dissipated by the

EBF model during the scaled EI Centro earthquake record, and about 46 percent during the

Parkfield earthquake record. It therefore appears that by having increased the link shear

capacity of the lower two floors, a greater amount of hysteretic energy was dissipated by
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the upper floor links. Consequently a more desirable distribution of energy dissipation was

achieved among the floors.

The story drift for Designs 1 and 2 are compared to each other in Fig. 8.59. As a

result of strengthening the first and second floor links, the maximum story drift was reduced

by 43 percent in the El Centro analysis and 12 percent in the Parkfield analysis. Base shear

time histories for Designs 1 and 2 are shown in Fig. 8.60. This figure indicates that Design

2 achieved a greater lateral load resistance for almost all cycles of vibration. The maximum

base shears for Designs I and 2, summarized in Tables 8.S and 8.6, indicate that Design 2

developed a 10 percent greater base shear compared to Design 1 during the response to the

scaled EI Centro earthquake record, and a 19 percent greater base shear during the response

to the Parkfield earthquake record.

8.6.2.2. Effect of Composite Floor Slabs

As noted previously, Design 2 was analyzed accounting for the effect of composite

floor slabs. To facilitate the discussion, an interior EBF with composite floor slabs will be

referred to as a composite interior EBF. Likewise, an exterior EBF with composite floor

slabs will be referred to as a composite exterior EBF.' The effects of composite floor slabs

on the response of EBFs were evaluated by comparing responses of the composite exterior

EBF model (analyses EC7 and PAS) and composile interior EBF model (analyses EC8 and

PA6), respectively, with the previously presented results of the bare steel model for Design

2 (analyses EC5 and PAZ). All analyses of Design 2 for composite action included strain

hardening and nonproportional damping, where the models were subjected to both the

scaled El Centro and original Parkfield earthquake records. The periods of vib!ation for the

first five elastic modes of the models with composite floors are included in Table 8.4. The

period of~ibration for the first and second elastic modes for the composite exterior EBF

model were about ] and 3 percent shorter than those for the corresponding bare steel EBF

model. A decrease of about 2 and 3 percent occurred for the composite interior EBF
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model. Smaller changes in the periods of the higher elastic modes are noted for the compo-

site EBF models relative to those of the bare steel EBF model. Consequently, the elastic
~.

periods of vibration appear to be very similar for the composite and bare steel EBF models.

The yielded members of the bare steel and composite EBF models are shown in Figs.

8.61 and 8.62. These figures indicate that the composite and bare steel EBF models had

similar patterns of link shear yielding among the floors. Furthermore, additional moment

yielding occurred in the fourth floor link of the composite interior EBF model when sub-

jected to both the scaled El Centro and Parkfield earthquake records. Additional yielding

also appears to have developed outside the Jinks in the interior composite EBF model com-

pared to the bare steel EBF model. It has been determined that this yielding occurred when

the composite members developed tension in the floor slab. It was assumed that the con-

crete floors offered no tensile capacity, and therefore composite members under such condi-

tions had capacities of only the bare steel sections.

The floors' lateral displacement time histories for the bare steel and composite EBF

models are shown in Figs. 8.63 and 8.64. For each respective earthquake record, the lateral

floor displacement time histories appear to be nearly identical. As in Design I, the

response of Design 2 to the scaled El Centro eanhquake record was more cyclically sym-

metric compared to the response of Design 2 to the Parkfield earthquake record. The laller

response was more one sided, implying permanent deformation. The maximum story drift,

shown in Fig. 8.65, indicates that the story drift developed in the composite and bare steel

EBF models were very similar. However, in the bottom three floors the composite EBF

models had a slightly greater story drift than the bare steel EBF model for both the El Cen-

tro and Parkfield earthquake records. The increase in the story drift of the composite EBF

models was not enough to cause the code limit of 1.5 percent to be exceeded. The story

shear forces were also found to be greater in the composite EBF models than the bare sted

EBF model, as shown in the story shear envelopes plolted in Fig. 8.66. The base shear time

histories for the composite EBF models are compared to the bare steel EBF model in Figs.
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8.67 and 8.68. The maximum base shear was found to be about 3 percent greater for the

composite exterior EBF model and 10 percent greater for the composite interior EBF model

compared to the bare steel EBF model (see Tables 8.5 and 8.6).

The shear-deformation hysteretic loops for the first and fourth floor links are shown in

Figs. 8.69 and 8.70, and correspond to the bare steel and composite interior EBF models.

These results indicate that the composite links hysteretic shear response resembles that of

the bare steel links, although the shear force of the composite links is slightly greater. The

maximum shear forces developed in the links of the bare steel and composite EBF models

are shown in Fig. 8.71. These results were normalized by their respective shear yield

strengths Vr , and plotted in Fig. 8.72. Apparently, larger shear forces developed in the

composite links (Fig. 8.71), where for the first floor link: the composite interior EBF had a 9

percent greater shear force than that of the bare steel EBF, and the composite exterior EBF

a 3 percent greater shear force compared to that of the bare steel EBF. The composite link

shear forces correspond to 1.63 Vp and 1.55Vp' where Vp is the shear capacity of the bare

steel section. The corresponding bare steel link of the first floor reached a maximum shear

of 1.5 Vp ' As in Design I, the link shear forces from the analyses of Design 2 exceeded the

preliminary design sbear forces. This is due to the link capacity of tbe selected section

sizes exceeding the required design values. as well as the preliminary design link shear

forces not considering the affects of strain bardening and composite action. Although the

composite links developed a greater shear force than the bare steel links, the composite

links developed less strain bardening, as indicated by Fig. 8.72. This is due to the fact that

the composite link elements were assigned a greater yield strength Vy than the bare steel

link elemenis. The link properties for the composite link: elements were summarized previ

ously in Fig. 8.15, and are based on the experimental data of the test program discussed in

Chapter 4. Hence, referring to Fig. 8.15, the links of the composite ex terior and interior

composite EBF models, respectively, were assigned a 5 and 17 percent greater shear yield

strength (indicated as Vy I in Fig. 8.15) than the links of the bare steel EBF model.
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The link deformation envelopes corresponding to the bare steel and composite EBF

analyses of Design 2 are given in Fig. 8.73. This figure indicates that the maximum link

deformation for the bare steel and composite EBF models are very similar. where greater

amounts of link deformation develop in the lower floors. The largest discrepancy between

the maximum link deformations of the bare steel and composite EBF models was eight per

cent, which occurred at the second floor during the Parkfield earthquake. While the max

imum link deformation was satisfactory for the EI Centro analyses, the code limit of 0.06.

rad. was exceeded by the bare steel and composite links at floors I. 2, and 3 when subjecl

ing Design 2 to the Parkfield earthquake record.

The maximum moments developed in the links are shown in Fig. 8.74. With respect

to the bare steel link moments, the composite links of the K-braced panels (floors 4 to the

roof) show a greater increase in the link end moment than the composite links of the D

braced panels (floors 1 through 3). For the composite links in the K-braced panels. this

increase was from 10 to 15 percent. The maximwn amount of moment strain hardening in

the composite links occurred at the end of the link which was connected to the, exterior

columns. The bare steel link was found to behave in a similar manner. The second floor

link of the composite interior EBF model developed the largest amount of strain hardening,

where the end moment reached 1. 14Mp . However. this moment was only four percent

larger than that of the corresponding bare steel link. Hence. it appears that composite

action did not significantly influence the amount of moment strain hardening in the links.

Moment-deformation hysteretic loops for first and fourth floor links of the composite

interior EBF model are shown in Figs. 8.75 and 8.76. For the first floor composite link.

during elastic deformations the end moment MB at the colwnn was found to be three to four

times larger than the moment MA a~ the other end of the link. After significant strain har

dening, MB was two to three times larger than MAo This was found to be consistent with

the results of the other links \vhich were adjacent 10 columns in the composite interior EBF

model. It was also found thai the links adjacent to Ihe columns in the composite exterior
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and bare steel EBF models had similar ratios for the end moments as the above resuils for

the composite interior EBF model. Therefore, an equalization of the end moments of links

adjacent to the columns did not occur. From the fourth floor composite link response

shown in Figs. 8.75(b) and 8.76(b), it is apparent that these link end moments were also not

equal. This was found to have occurred in all of the composite links of the K-braced panels

(floors 4, 5, and the roof} The composite links of these upper three floors were found to

have developed a greater end moment at the end of the link ~here the floor slab was in

compression. This phenomenon was more pronounced in links of the composite interior

EBF model. As noted in the experimental resuils, this is due to the effect of the floor beam

outside the link developing an increase in its flexural stiffness when compression developed

in the floor slab. Although the end moments of the composite links of the K-braced panels

were not equal, the ratio of the end moments for these links was closer to unity than for the

links adjacent to the exterior columns. The ratio of end moments for the composite links in

the K-braced panels ranged from 1.25 to 1.5 for the composite interior EBF, and from 1.2

to 1.3 for the composite exterior EBF. Based on the above observations with regard to the

links adjacent to columns and in K-braced panels, it appears that composite action did not

have a significant effect on the link end moments.

The values of the maximum relative vertical displacement ti r between the ends of the

links are shown in Fig. 8.77. Composite action does not appear to have significantly

influenced ti r The time histories for ti r for links of floors I, 2, and 4 are shown in Figs.

8.78 and 8.79, corresponding to the responses of the bare steel and composite interior EBF

models subjected to the scaled El Centro and original Parkfield earthquake records. These

results, as well as time histories for the composite exterior EBF model (not shown), were

used to determine the permanent relative vertical displacement ti rp in the links at the end of

the analyses. The ensuing results for ti rp are summarized in Tables 8.7 and 8.8. These

results indicate that ti rp was not consistently greater for the bare steel model (analyses EC5

and PA2) relative to the models with composite floors (analyses EC7, PAS and EO~, PA6).
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For corresponding earthquake records tJ.rp of the composite EBF models appears to have

decreased at some floors, while at other floors to ha"e increased relative to the bare steel

EBF model's results. This phenomenon also appears to be affected by the use of differenl

earthquake records. Overall. !!J. rp remained small compared to the length of the links. For

the composite EBF analyses the maximum value of !!J. rp was about 0.9 in.• which occurred in

the second floor link of the composite interior EBF model during the Parkfield earthquake.

This result was about 3.5 percent of the link's length. For the bare steel EBF model the

maximum value of tJ.rp was 3.5 percenl of the link's length, which occurred in the fourth

floor link.

Higher degrees of composite action were found to have caused slightly greater end

moments of the floor beams outside the links in the K-braced panels. This was more evi

dent at the ends of these members which were adjacent to links. as shown in Fig 8.80(a) for

the Parkfield earthquake. The maximum end moments of the floor beams of the D-braced

panels (floors 1.2, and 3) are shown to have been nearly equal for both the composite and

bare steel EBF models. Due to the larger shear forces associated with the composite links,

the axial forces which developed in the floor beams outside the links increased in the EBF

models with composite floors. This is evident in Fig. 8.80(b), which shows the maximum

axial forces of these members corresponding to the response to the Parkfield earthquake

record. Consequently, the composite interior EBF model developed larger axial forces out

side the links than the bare steel and composite exterior EBF models, resulting in the axial

design forces being exceeded in floors 1 through 4. These axial forces for the composite

interior EBF model, however. were only about ]0 percent greater than the result for the

bare steel EBF model. As noted in Figs. 8.61 and 8.62. yielding did occur in some of the

floor beams outside the links of the bare steel and composite EBF models. This yielding

occurred in the C:BF models with composite floors when the axial force and bending

moment resulted in tension in the concrete floor slab. As noted previously, the composfte

sections had the capacity of only a bare steel section under these conditions. However. the
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yielding of the floor beams oUlside the links did not resull in a significant amounl of plastic

deformation. The maximum plastic deformation of these members was found to be rela

tively minor, being less than the rotation Sy defined by Eq. 8.15. II therefore appears that

the design procedure for the floor beams outside the links does not have to be modified 10

account for the effects of composite action.

The maximum moments developed in the floor beams of unbraced panels is shown in

Fig. 8.81. Composite action does not appear to have significantly influenced these resulls.

The composite floor beams were found to have yielded when the floor slab developed ten

sion. The axial force of the floor beams in unbraced panels for both the bare steel and

composite EBF models was relatively small. A maximwn value equivalent to seven percent

of the bare steel section's axial yield strength was observed. Like Design I, the majority of

the plastic deformation occurring outside the links developed in the floor beams of unbraced

panels, particularly during the Parkfield earthquake. The composite floor beams experi

enced greater plastic deformation than the bare sleel floor beams, however, the maximum

plastic deformation of the composite floor beams was only 1.38y , where 8 y is the rotation

defined by Eq. 8.16. This amount of plastic deformation is considered relatively minor.

It is expected that since larger shear forces developed- in the composite links, greater

axial brace forces would also develop in the composite EBF models compared to the bare

steel EBF model. The axial force envelopes for the braces are shown in Fig. 8.82. This

figure indicates that the axial forces in the braces of the composite interior EBF model were

indeed greater compared to those of the bare steel EBF model. Axial brace force time his

tories for the first floor are given in Fig. 8.83 for the bare steel and composite interior EBF

models. These resulls indicate that the axial brace force of the composite interior EBF

model exceeded that of the bare steel EBF model several times during the analysis. It was

found thai the braces of the composite interior EBF model developed axial brace forces in

floors I through 4 which were approximately 12 percent greater than those of the bani sleel

EBF model. The maximum axial brace forces in floors 1 through 4 of the composite exle-
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rior EBF model (not shown) were found to be about four percent greater than those of the

bare steel EBF model.

The axial brace force design envelopes in Fig.' 8.82 appear to have been satisfactory

for the bare steel analysis, although the first floor brace axial force exceeded the design

force by about five percent during the Parkfield earthquake. The shear force in the link

corresponding to this brace force was 1.5Vp (see Fig. 8.72(b». The phenomenon of the

axial brace force in the bare steel EBF model exceeding the design envelope is attributed to

the effect of the inertia and damping forces, as discussed previously. For the composite

exterior EBF model, the axial force of the first floor brace (not shown) also exceeded the

design envelope. This occurred during the Parkfield earthquake, where the axial force was

about nine percent greater than the design value. The design envelope in Fig. 8.82 appears

to also have been satisfactory for braces of the composite intenor EBF model when sub

jected to the scaled El Centro record. However, during the Parkfield earthquake the axial

brace forces in floors 1 through 4 of this model exceeded the design envelope. For this

analysis the axial forces exceeded their design loads by 14 percent at the first floor, 9 per

cent at the second floor, 10 percent at the third floor, and less than 4 percent at the fourth

floor. The phenomenon of the axial brace forces of the composite interior EBF model

exceeding the design loads is attributed to the effect of the inertia and damping forces, III

addition to the increased shear capacity of the composite links.

The effect of composite floors also resulted in larger moments in some of the braces,

as shown in Fig. 8.84. The design moments, while satisfactory for the EI Centro analyses.

do not appear to have been satisfactory for the first and second floor braces of the Parkfield

analyses. Fortunately, the capacity of selected structural tubes for the braces exceeded the

required design moments, and ',:onsequently the braces did not yield nor buckle.

The columns of the composite EBF models developed greater axial forces compared to

the columns of the bare steel EBF model. Columns of the composite interior EBF model

were found to have aeveloped the largest increase of axial force relative to the results for
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the bare steel EBF model. Column axial force envelopes for the composite interior and

bare steel EBF models are shown in Fig. 8.85. From this figure it was determined that

cohunn axial forces of the composite interior EBF model were greater than those of the

bare steel EBF model by as much as 10 percent in the exterior columns, and 12 percent in

the interior columns. However, the column axial design forces, which were based on a bare

steel frame, appear to have been satisfactory for the composite EBF.

The individual moment diagrams corresponding to maximum moments of each column

for the bare steel and composite interior EBF models are shown in Figs. 8.86 to 8.89. From

Figs. 8.86 and 8.87 it is evident that composite action caused larger column moments. A

-
comparison of the bare steel analyses results with the design forces, Figs. 8.88 and 8.89,

indicates that the use of column moments M rode based on the weak beam-strong column

concept appears to have been satisfactory for, the interior columns. However, for the exte-

rior columns adjacent to the links (floors I, 2, and 3), the bare steel- analyses results

exceeded Mrodr Fortunately, as was noted previously, the column design moments were

based on magnified moments cuMrodr

Moments developed in the exterior and imerior columns of the bare steel EBF model

at selected times are shown in Figs. 8.90 to 8.93. These results indicate that the sum of

floor beam moments are not equally distributed to the columns above and below the floors.

This is quite evident in the exterior columns at the second and third floors at time r = 5.4

seconds during the EI Centro analysis (Fig. 8.90), and also at the first and second floors at

time t = 4.5 and 5.0 seconds during the Parkfield analysis (Fig. 8.92). As a result, the

moments at the top of the exterior columns between the first and second floors and also the

ground level and first floors iexceeded the moment Me-ude at t = 4.5 and 5.0 seconds during

t:le Parkfield analysis. During the same analysis, at t = 4.5 seconds the exterior column

moments at the base of lhe EBF also exceeded M,uJe' The moments of the interior columns

compared to the exterior columns remained relatively small above the first floor, but unlike

the exterior columns, some of the interior columns developed single curvature. TIle
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moment. diagrams of Figs. 8.90 to 8.93 also indicate that the point of inflection for the

columns cannot be considered as a stationary point. This fact should be accounted for

when designing the column splices of EBF, since it is likely that a column splice will be

subjected to a bending moment during an earthquake regardless of where it is placed along

a column.

Based on an examination of the above results for the column moments, it was con

cluded that magnifying Lhe moments Meode based on the weak. beam-strong column philoso

phy was appropriate for the design of the exterior columns adjacent to links. This com pen

sales for the unequal distribution of floor beam moments to columns above and below the

floors, in addition to the increased column moments in the EBFs due to the effects. of com

posite floors. For the interior columns, as well as the exterior columns not adjacenl to

links, it was determined that the use of unmagnified moments Meode based on the weak

beam-strong column philosophy is appropriate for design. Design envelopes based on these

concepts are compared in Figs. 8.94 and 8.95 with the analysis results. As indicated in

these figures, a magnification factor of 1.8 was used to obtain the design moments M eol for

the exterior columns supponing floors I, 2, and 3. Although all of the columns in Design 2

were actually designed using the magnified moments (1.8Meode ), yielding developed at the

base of the first floor exterior column. However, the maximum plastic rotation was small,

being equal to 0.258 y , where 8 y is the rotation defined by Eq. 8.18. Furthermore, all of

the columns were checked for stability using the analyses results and found not to develop

any potential instabilities.

The summary of the hysteretic, damping, and total energy dissipated by the EBF

models of Design 2 are included in Tables 8.9 and 8.10. From these tables, it is apparent

that the amount of bystereticenergy dissipated by the EBF models of Design 2 was at least

3.5 times more than that due to viscous damping. Furthermore, the links accounted for

practically all of the energy dissipated by the EBFs. The hysteretic energy dissipated by the

links of each floor is shown in Fig. 8.96 for the bare steel and composite EBF models.
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From this figure, as well as Tables 8.9 and 8.10, it is appare!!t that for corresponding earth

quake records the amount of hysteretic energy dissipated by the links of EBF models wilb

composite floors was practically equal to that of the bare steel EBF model. Hence, the

amount of hysteretic energy dissipated by the links appears not to have been significantly

influenced by the effects of composite action.

8.6.2.3 P·Delta Effect

As noted previously, a bare steel model of Design 2 was also subjected to the

Parkfield eanhquake record, where the geometric stiffness was not included in the model.

A comparison of the ensuing results (analysis PA4) with those of the analysis with a

geometric stiffness (analysis PA2) helped to establish the extent the P-delta effect had on

the response.

It was found that the yielded members of analysis PA4 were identical to those of

analysis PA2, shown previously in Fig. 8.62(a). It was also found that the maximum story

drift and story shear force envelopes, shown in Figs. 8.97 and 8.98, for analyses PA2 and

PA4 were very similar, except for a slightly greater story drift at the third floor in the

analysis without a geometric stiffness. Furthermore, the link forces (shown in Fig. 8.99),

the forces in the floor beams outside the links (not shown), and forces in the floor beams of

the unbraced panels (also not shown) were found to be nearly identical for corresponding

members of lbe two analyses.

The envelopes for link. deformation and the maximum relative vertical displacement ti,

developed between the ends of the links are shown in Fig. 8.100 for analyses PA2 and PA4.

This figure is analogous to the maximum story drift, where although corresponding results

for both analyses are similar, the analysis with no P-delta effect tended to have a slighlly

greater link deformaticn and a !J., at the third floor: This is partially attributed to the effects

of changing the bracing configuration and hence story stiffness between floors 3 and 4.

The braces and columns in EBFs under combined gravity and seismic loading were
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found in the previously discussed analyses to develop large axial forces. Consequently.

these members are susceptible to the P-delta effect if significant transverse displacement

develops in these members. The axial force envelopes and maximum moments of the

braces are shown in Fig. 8.101 for analyses PA2 and PA4. This figure indicates that the

axial force and moment in the braces are not significantly influenced by the P-delta effect.

There is however evidence in Fig~ 8.101 (a) that the compression axial force is increased by

the P-delta effect, but it was detennined that this increase was less than six percent. The

axial force envelopes and maximum individual column moments, respectively, are shown in

Figs. 8.102 and 8.103. These figures indicale that the columns also are not significantly

influenced by the P-delta effect. The axial force in the columns did increase due to the P

delta effect, but this increase was less than six percent.

An examination of Table 8.10 indicates that the hysteretic and damping energy dissi

pated by the EBFs were nearly identical for analyses PA2 and PA4. Apparently~ the energy

dissipated by the EBFs was not significantly influenced by the P-deIta effect.

8.6.3. Response of EBF Design 3

As noted previously, Design 3 consisted of an EBF with pins at the beam and brace

to-column connections. Hence by NEHRP provisions a 20 percent increase in the design

base shear was required [66]. The reason for designing an EBF with pin connections is that 

during construction it eases the erection of the frame.

In Design 3 an attempt was made to choose the section sizes for the Jinks in such a

manner that the 'phenomenon of one or two links dissipating a major portion of the hys

teretic energy was avoided. Therefore. the ratio of link shear strength to required shear

strength Vp/Vlink for each of the floors was given careful consideration. An attempt was

made to match the VplVlink ratios in the lower three floors of Design 2, and use smaller

ratios of VplVlink in the remaining upper three floors of Design 3 compared to Design 2. In

selecling the section sizes for the links, consideralion was also given 10 the d'plMp ratio of
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each link, where it was desired to use values similar to those of Design 2. Available sec

tion sizes resulted in the use of the members shown in Fig. 8.11. Compared to Design 2,

shown in Fig. 8.10, the VplV/ink ratios of Design 3 were nearly equal for the first floor,

greater in the second and third floors, and smaller in the remaining floors.

Design 3, with its pin connections, was analyzed using the scaled EI Centro earth

quake record (analysis ECI0) and original Parkfield earthquake record (analysis PA8). As

noted previously, to examine the effect of pin connections acting as semi-rigid cOIUlections,

full moment connections were assumed and Design 3 was reanalyzed using the scaled EI

Centro earthquake record (analysis EC9) and original Parkfield earthquake record (analysis

PA7).

The initial elastic periods of vibration for Design 3 are included in Table 8.4. These

values indicate that the first and second elastic modes of the EBF model with pin connec

tions had about a one and five percent longer period, respectively, than the corresponding

EBF model with all moment connections. The periods of the higher elastic modes showed

an even smaller discrepancy between the two EBF models. Therefore, the use of the pin

connections in the EBF did not appear to significantly affect the elastic periods of vibration.

For corresponding earthquake records the yielding of links was similar for both EBF

models of Design 3, as shown in Figs. 8.104 and 8.105. The EBF model with all moment

connections developed yielding in some of the floor beams of the lower unbraced panels.

Compared to the response to the scaled EI Centro earthquake record, the Parkfield earth

quake record resulted in more inelastic activity, where yielding occurred in the link at the

roof and at the base of the exterior first floor columns. Although the links at the roof in the

bare steel EBF models of Design 1 and 2 did not yield, Designs 1 and 2 tended to have

more yielding in the floor beams outside the link and also in the floor beams of unbraced

panels compared to Design 3.

The lateral floor displacement time histories for the two EBF models of Design 3 were

similar for corresponding earthquake records, as shown in Figs. 8.106 and 8.107. As in the
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analysis of Designs I and 2, the scaled EI Centro earthquake record resulted in both of the

EBF models of Design 3 to respond in a more cyclically symmetric manner compared to

that of the response to the Parkfield earthquake record. However, unlike the responses of

Designs 1 and 2 to the Parkfield earthquake, the lateral roof displacement of Design 3, fol

lowing the large sustained displacements from t = 3.5 to 5.0 seconds, was less than the

lateral displacements of some of the lower floors. Figure 8.107 indicates that the lateral

displacements of the fourth and fifth floors were consistently larger than the lateral roof dis

placement.

The story drift envelopes for the EBF model with pin connections and the EBF model

with all moment connections were practically identical, as shown in Fig. 8.108. Similar to

Designs 1 and 2, bothEBF models of Design 3 developed a greater story drift in the lower

floors compared to the upper floors. Furthennore, the story drift of Design 3 satisfied the

code limit of 1.5 percent.

Base shear time histories for the two EBF models, shown in Fig. 8.109. indicate that

the backup moment frame created by using all moment connections did not add much addi

tional resistance to the EBF model with pin connections. Tables 8.5 and 8.6 reveal that the

maximum base shear was only three to four percent greater in the EBF model with all

moment connections. In fact, the maximum shear of all stories of this EBF model were

also only slightly greater than those of the EBF model with pin connections, as shown in

the story shear envelopes presented in Fig. 8.110.

It was found that for the same earthquake record. the hysteretic behavior of

corresponding links of the two EBF models were almost identical. The maximum shear

forces developed in the links and the corresponding normalized shear forces, respectively,

are shown in Figs. 8.111 and 8.112. These results show the similarity with respect to shear

force between corresponding links of the two EBF models. Like Design 2, the first floor

links of Design 3 strain hardened to a maximum shear force of 1.45 Vp during the scaled EI

Centro earthquake and to 1.5Vp during the Parkfield earthquake. However, unlike ~sign 2,
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the third floor link of Design 3 developed slightly less strain hardening than the fourth and

fifth floor links. The associated maximum link deformations for each floor are shown in

Fig. 8.113. indicating the similarity between corresponding links of the two EBF models of

Design 3. Like the bare steel EBF models of Designs I and 2, greater magnitudes of link

deformation developed in the lower floor links in both EBF models of Design 3. While the

maximwn link deformation of the lower three floors of Designs I and 2 exceeded the code

limit of six percent. only the link deformation of the first and second floors of Design 3

exceeded this code limit for the Parkfield earthquake.

The maximum link end momenls corresponding to the response of the two EBF

models of Design 3 are shown in Fig. 8.114, where they have been normalized by their

respective plastic capacities Mp- These results indicate the similarity with regards to

moment between corresponding links of both EBF models. From this figure it is apparenl

that the links in the lower floors developed greater end moments. These link end momenls

developed at the face of the exterior columns. reaching a moment of approximately 1.07Mp

in the first and second floor links during the Parkfield earthquake. Designs 1 and 2 had

similar characteristics. During the Parkfield earthquake. Designs I and 2 developed a

moment of 1.15Mp and LIMp at the face of the exterior columns in the first floor links (see

Figs. 8.33(b) and 8.74(b». It was found that the ratio of end momenlS of the links adjacent

to columns in both EBF models of Design 3 were similar, where during elastic deformations

the moment MB at the column was 2 to 3 times larger than the moment MA at the other end

of the link. After significant strain hardening developed in the link, Ms was 1.5 to 3 times

larger than MAo Thus, as in the analyses of Designs 1 and 2, the link end moments next to

the exterior columns in D.esign 3 did not equalize. On the other hand. the link end

moments of the K-uraced panels (floors 4, 5. and the roof) remained nearly equal in magni

tude for Design 3.

The m"lximum relative vertical displacement 6., between the ends of the links are

shown in Fig. 8.115. For corresponding earthquake records, these results appear to have
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also been similar for both EBF models of Design 3. The permanent relative vertical dis

placement t1rp between the ends of the linkS of floors 1, 2, and 4 were obtained from t1 r

time histories. These results are summarized in Tables 8.7 and 8.8.. The EBF model with

pin connections subjected to the scaled EI Centro earthquake record (analysis EClO) was

found to have developed values of t1rp which were greater than or equal to t1rp for the

corresponding links of the EBF model with all moment connections (analysis EC9). Such

consistency however was not evident in the response to the Parkfield earthquake record.

However, t1rp of the fourth floor link for the Parkfield analyses of Design 3 was

significantly less (0.07 and 0.09 inches) than that from the corresponding analyses of

Designs I (0.77 inches) and 2 (1.04 inches).

The maximum moments developed in the floor beams outside the links are shown in

Fig. 8.116. From this figure it is apparent that for corresponding earthquake records the

maximum moments adjacent to the links of floors 1, 2. and 3 were nearly equal in the two

EBF models. In the remaining upper three floors. these moments were about 10 percent

greater in the EBF model with pin connections. The maximum axial forces developed in

the floor beams outside the links are shown in Fig. 8.117. From this figure it is apparent

that the maximum axial forces which developed in the floor beams outside the links were

invariant with respect to the type of connection used to atlach the braces and floor beams to

the columns. Furthermore. the axial design forces appear to have been satisfactory. The

design moments appear to also have been reasonable in the upper three floors (Fig. 8.116).

Although in the lower three floors the design moments were exceeded during the Parkfield

earthquake, yielding did not occur in these members under the combined action of moment

and axial force since the floor beams had adequate capacity.

The maximum moments which developed in the floor beams of the unbraced panels in

the EBF model with all moment connections are shown in Fig. 8.118. The largest floor

beam end moments were developed at the first floor during the Parkfield earthquake, where

the moment was equal to approximately 1.03Mp . This indicates that minimal strain harden-
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ing occurred in the floor beams of the unbraced panels. The axial force in these members

was found to be less than six percent of the axial yield strength of their steel sections.

While yielding occurred in these members at the first and second floors during the Parkfield

earthquake (see Fig. 8.105(b», the ensuing maximum plastic deformation was equivalent to

1.48 y , where 8 y is the rotation defined by Eq. 8.16. Therefore. for the EBF model with all

moment connections. the maximum ductility demand in the floor beams of the unbraced

panels was about the same as that of Designs 1 and 2.

The maxi~um axial brace forces for the two EBF models of Design 3 were found to

be nearly identical, as shown in Fig. 8.119. The axial design forces appear to have been

satisfactory. although during the Parkfield earthquake the maximum axial force in the first

floor brace of the EBF model with all moment connections exceeded the corresponding

design force by about three percent. At this instant the first floor link developed a shear

force of 1.5Vp" The first floor brace exceeding the design envelope is attributed to the

effect of the damping and vertical inertia forces, as discussed previously. Maximum

moments developed in the braces of both EBF models are shown in Fig. 8.120. The max

imum brace moments developed during the scaled El Centro earthquake record appear to

have been nearly identical for the two EBF models of Design 3. However, during the

Parkfield earthquake record the model with all moment connections had a tendency to

develop significantly larger moments in the braces of the third and fourth floors than the

EBF model with pin connections. The corresponding moments of the third and fourth floor

braces were 46 percent greater than the brace maximum moments of the EBF model with

pin connections. Although the design moments appear to have been satisfactory for the

brace moments developed during the scaled El Centro earthquake. both EBF models

developed brace moments at the base of the EBF during the Parkfield earthquake which

exceeded the design envelope. The third floor brace moment of the EBF model with all

moment connections also exceeded the design envelope, however, the amount by which it

exceeded the design envelope was considerably less than that at the base. FOrlunately.
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Design 3 used structural tubing sizes for the braces which had enough capacity that failure

did not occur. A check of brace stability found no indications of brace buckling occurring

during the analyses of Design 3.

The maximum axial forces developed in the columns were found to be similar for

corresponding columns of the two EBF models. This phenomenon is illustrated by the

column axial force envelopes shown in Fig. 8.121. In this figure the axial design forces are

shown to have been satisfactory for the exterior columns, and all interior columns. except

for the first floor. The interior first floor column of the EBF model with pin connections

exceeded its axial design force by about 13 percent during the Parkfield earthquake. In all

previous analyses the axial design forces were always found to be satisfactory. The reason

for the axial force exceeding the design force in the present case is attributed to the fact

that the design envelope was based on the assumption that all links simultaneously reached

a shear force of 1.5 Vp-

The behavior of the EBF in the present study is such that when the braces of the upper

three floors develop compressive axial force due to lateral seismic forces, an accumulation

of compressive axial force occurs in the interior columns of the upper three floors, as ideal

ized in Fig. 8.122. The braces of the lower three floors will in turn develop tension, reliev

ing the interior columns of some of the compressive axial force. The situation of column

compressive axial force as opposed to tension was chosen for discussion for two reasons.

Firstly, columns resist dead load by developing compressive axial force, and therefore,

when combined with the column seismic axial forces created by the braces, develop greater

compression than tension axial forces. Secondly, the resistance in compression is less than

in tension for columns in which stability controls. In the Parkfield analysis of Design 3, the

axial brace forces which developed in the upper three floors resulted in larger compressive

axial forces in the interior columns between the second and third floors compared to

Designs 1 and 2. However, the third floor link of Design 3 developed a maximum shear

force of only 1.25 Vp compared to approximately 1.45 Vp for Designs 1 anJ 2. This is atlri-
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buted to the fact that the third floor link of Design 3 bad about a 24 percent greater VpH'link

ratio than Designs 1 and 2 (see Figs. 8.9 to 8.11). As a result, the compressive axial force

in the interior columns below the second floor were larger than anticipated because a ten

sion force corresponding to 1.25 Vp instead of 1.5Vp developed in the second floor braces of

Design 3. Apparently, in Designs 1 and 2 the link shear force of 1.45Vp at the third floor

was close enough to 1.5 Vp that tbe axial force in the interior columns below the second

floor did not exceed the design force. Therefore, in designing the columns of EBFs where

the braces in tension are relied upon to relieve the accumulation of column compressive

axial force, the designer must consider very carefully the Vp/Vlink ratios of the floors and

thereby detennine whether these braces in tension will likely be resisting link shear forces

of 1.5Vp' Fortunately, the section size selected for the first and second floor interior

columns provided enough capacity that failure did not occur. A stability check of all

columns was made. The results indicated that buckling of the columns did not occur during

the analyses.

The moment diagrams for individual columns corresponding to maximum moments for

each column of both models of Design 3 are shown in Figs. 8.123 and 8.124. These figures

indicate that the maximum moments developed in the exterior columns of the botlom three

floors were nearly identical for corresponding columns ofthe two EBF models. However,

the interior columns of the EBF model with all moment connections developed larger

moments than the columns of the EBF model with pin connections. This phenomenon also

occurred in the exterior columns above the third floor. Moment diagrams for the exterior

and interior columns at selected times during the analyses are shown in Figs. 8.125 to

8.132. These figures indicate that the moments of the corresponding columns of the fwO

EBF models had a close resemblance. This was particularly true for the exterior columns of

the lower three floors. This was expected, since links with momeDl connections framed into

the exterior columns at the bottom three floors in both EBF models. The phenomena of

unequal distribution of beam moments to columns above and below the corresponding
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floors. and the point of inflection not being stationary is evident in these moment diagrams.

These observations were most pronounced in the exterior columns between the second and

third floors at time t = 4.5 seconds, and between the first and second floors at time t = 5

seconds during the Parkfield analyses.

The design moment envelope Mcol for the columns based on cantilever action are

shown in Figs. 8.123 and 8.124 (all interior columns and the exterior columns above the

third floor). As noted previously. no dynamic amplification factor was used for these design

moments. The design moment envelope Mcol appears to have been satisfactory for these

members in the EBF model with pin connections. For the EBF model with all moment con

nections. Mcol for the same columns. excluding the interior column below the first floor,

was also satisfactory. However. as seen in these figures as well as the moment diagrams of

Figs. 8.125 to 8.132. these columns in the EBF model with pin connections did not always

develop single curvature. This is due to two reasons. Firstly, eccentric pin connections

with respect to the centerline of the columns were assumed and accounted for in the EBF

model by using offsets from the column centerline. As a result, these eccentricities

developed moments in the columns of the EBF models with pin connections. Secondly.

participation of the higher modes resulted in the lateral inertia loads at the different floor

levels to act sometimes in opposite directions. This led to double curvature of the columns.

It is seen in Figs. 8.123 and 8.124 that the maximum moments of the exterior columns

of the lower three floors all exceeded the design value Mcode during the scaled El Centro

and Parkfield eart'hquakes. The design momenls for the exterior columns of the three lower

floors based on the amplified moments 1.8Mcode therefore appear to be more practical than

the moments Mcode ' where Mcode was derived from the weak beam-strong column concept.

Although during the Parkfield earthquake yielding occurred at the base of the first floor

columns (see Fig. 8.105). which were designed using moments 1.8Mcode ' the ensuing plastic

defonnation was less than D.Sey • where e y is the rotation delined by Eq. 8.18.

The amounts of hysteretic energy dissipated by the links are shown in Fig. 8.1 :n. indi-



122

cating that these results of both EBF models were nearly identical. An examination of

Tables 8.9 and 8.10 indicates that the links accounted for practically all of the energy dissi

pated by the EBF models ·of Design 3. The hysteretic energy dissipated by both of the first

floor links accounted for over 60 percent and 56 percent of the total hysteretic energy dissi

pated during the EI Centro and Parkfield earthquakes, respectively. This result is more con

sistent with the response of Design I than Design 2. It appears that although it was

intended to have the links above the first floor participate in a manner similar to Design 2,

Tables 8.9 and 8.10 show the distribution of energy dissipated by the links of Design 3 was

more similar to that of Design 1. As noted in the discussion of Design 2, this phenomenon

is influenced by the distribution of the link shear strength to required shear strength ratio

VplV/irlk among the floors. In Design 3, the second and third floor links had VplVI;rlk ratios

that were 7 and 24 percent greater than the corresponding links of Design 2. For Design 3,

a more desirable performance could be achieved by reducing the capacity of the third floor

links.

8.7. Summary and Conclusions of EBF Analyses

From the above discussion, the following conclusions are noted with respect to the

design and nonlinear analyses of the 6-story EBFs:

(1) Strain hardening in the links and other members of tbe EBFs resulted in less link

deformation and story drift compared to an elastic-perfectly plastic response. Furth

ermore, the effect of link strain hardening resulted in greater brace forces, as well as

forces in the beams and columns. Through strain bardening, the links developed a

maximwn shear force of 1.5Vp in the bare steel EBF models, and 1.63Vp in the inte

rior EBF models with composite floor slabs. In both cases these maximum link

shear forces developed in the lower floors.

(2) Including the effect of composite action in the EBF models resulted in an increase of

the ultimate link shear forces. The links of the interior EBF model with composite
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floor slabs developed maximum shear forces which were as much as 10 percent

greater than the corresponding link shear forces of the bare steel EBF model. In the

exterior EBF model. with composite floor slabs. this increase was as much as 4 per

cent. The increase in the link shear forces resulted in larger forces developing in the

other members of the EBF models. For the interior EBF model with composite floor

slabs the axial forces in. the colwnns and braces, respectively, were as much as 10

and 12 percent greater than the corresponding member forces of the bare steel EBF

model. Likewise, the moments in the columns and braces, respectively, were as

much as 14 percent and 40 percent greater than those of the bare steel model. A

smaller increase in the member forces occurred in the exterior EBF model with com

posite floor slabs relative to those of the bare steel EBF model. The column and

brace axial forces increased as much as 4 percent. while the moments in the columns

and braces, respectively. increased as much as 5 and 25 percent for this model rela

tive to the bare steel EBF model. Although greater forces developed in the members

of the EBF models with composite floor slabs, the amount of hysteretic energy dissi

pated by these EBF models was almost identical to that of the bare steel EBF model.

(3) The dynamic excitation of EBFs led to vertical inertia forces and damping forces in

the links and other members as the links deformed and the floors developed uplift.

The link damping forces increased as the links yielded due to the effect of yielding

on viscous damping and the increased relative vertical motion between the ends of .

the links. Including the elastic stiffness of the links in the viscous damping matrix

through initial stiffness proportional damping resulted in larger link damping forces

than if the elastic stiffness of the links were not included. Axial forces in the braces

were increased due to the venical inertia and the damping forces. As a result, the

axial force of some of the braces exceeded the design forces that were established

considering static equilibrium .based on link shear forces. of 1.5Vp- The combined

effects of the vertical inertia and damping forces. and the increased shear capacity of
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links with composite floors resulted in a axial brace force which exceeded the design

force by as much as 14 percent. Considering these phenomena in addition to the

possibility that the webs of links may be stronger and the braces weaker than antici

pated due to the variation in material strengths, it is recommended that at critical

locations where significant inelastic activity is expected that the axial design force

for the braces be increased to where they are based on link shear forces of 1.7Vp

instead of the current value of 1.5Vp '

(4) The preliminary design assumption of using 20 percent of the link end moment as

the design moment for braces with moment connections was not satisfactory in the

lower three floors for all analyses. It is at these floors where the maximum story

drift and yielding outside the 'link in the floor beam developed. These phenomena

have been determined to cause an increase in the brace moment. In order to ensure

that a safe EBF design exist the moment capacity of each brace considering axial

force effects must balance the moments developed at the ends of the adjoining link

and floor beam outside the link. Therefore analysis of preliminary EBF designs are

required in order to assess whether the braces will be able to resist the forces

developed in the adjoining floor beam and link. At critical locations where major

inelastic activity and strain hardening are expected in the link, consideration must be

given to the fact that the floor beams could possibly yield outside the links thereby

forcing the adjoining brace to resist any additional increase in link end moment. It

is recommended that a pin connection for braces be used at the base of the EBF in

order to avoid potential problems associated with the large brace moments which

were found to develop at the lower end of such braces'.

(5) Accounting for the P-delta effect did not result in any significant change in the

response. The most pronounced effects were a six percent increase in the brace and

column axial forces when the P-delta effect was accounted for.

(6) The use of pin connections in an EBF resulted in a response that was almost identi-
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cal to the response of the corresponding EBF with all moment connections. How-

ever, the increase in the equivalent lateral loads for designing EBFs with pin connec-

tions is necessary because of the associated loss of redundancy.

(7) A major portion of yielding and strain hardening of the EBF models occurred in the

links, with the links accounting for practically all the hysteretic energy dissipated by

the EBF models. The effect of viscous damping energy was found to be smaller

compared to the hysteretic energy where the damping accounted for an average of 20

percent of the total energy dissipated by the system.

(8) The maximum story drift was within the code limit of 1.5 percent. However, the

defonnation of the lower floor links in the EBF models with strain hardening and

nonproportional damping often exceeded the code limit of 0.06 rad. during the

Parkfield earthquake. In Design 1 the first floor link developed a defonnation as

large as 0.11 rad. The improved designs. Designs 2 and 3. experienced maximum

link defonnations of about 0.10 and 0.08 rad. during the Parkfield earthquake. The

maximum link defonnation developed during the scaled El Centro earthquake was

0.075 rad. (Design 1). while Designs 2 and 3 both developed 0.04 rad. Therefore.

even though the preliminary design was found to satisfy the code limit for link
,

defonnation, this limit was exceeded during the nonlinear analyses of the EBFs.

Experimental data summarized in Chapter 4 and by Kasai [7] noted that an important

aspect of link deformation is the measurement of the maximum link defonnation y",

where Yu is the deformation measured from the point of zero shear during a half

cycle (see Fig. 4.25). This experimental data indicated that links had been able to

sustain values of y" equal to 0.13 to 0.15 rad. before web buckling occurred. Values

of y" related to the EBF analyses involving the Parkfield earthquake were detennined

from the link hysteretic loops and found to be no more than 0.15 rad. for Design 1,

0.11 rad. for Design 2, and 0.10 rad. for Design 3. For the scaled El Centro earth-

quake record. these values were 0.09 rad. for Design 1, 0.05 rad. for Design 2. and
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0.06 rad. for Design 3. Thus, while the three designs did not always satisfy the code

limit of 0.06 rad. of link deformation, experimental data indicates that the defonna

tion developed in the links during the analyses was possible if appropriate link

details are used.

(9) In designing EBFs. careful consideration must be given to the selection of section

sizes for the links. This includes observing the relative values of the link shear

resistance to required design shear strength ratios Vp/Vlil1k among the floors. To

prevent the occurrence of one or two links dissipating a majority of the hysteretic

energy (soft stories), the Vp/Vlil1k ratio of the links in all floors should be as close as

possible to the same value, where this ratio is established using the plastic design

procedure described herein. A smaller Vp/Vlil1k ratio for the upper floor links relative

to the lower floor links is more advantageous than having a larger Vp/V/il1k ratio for

the upper floor links relative to the lower floor links. Using these guidelines soft

stories can be avoided, resulting in a more uniform distribution of energy dissipation

among the links. This will also aid in decreasing the maximum story drift as well as

the link deformation which would otherwise occur in the links of a soft story.

(10) Links that were adjacent to columns developed unequal initial elastic end moments.

The link end moment at the column, MB , was 2 to 4 times greater than the other end

moment of the link, MA • If strain hardening occurred in the link following shear

yielding, the moment MA increased more than MB , however, equalization of the link

end moments did not occur. The moment MB often reached Mp , the plastic capacity

of the section, and by strain hardening in flexure developed a moment as large as

1.15Mp- The moment MA remained less than Mp . The links which were not adja

cent to columns (links in the K-braced panels) had approximately equal end

. moments in the bare steel EBF analysis. The maximum end moments in these links

were less than Mp- Composite action resulted in a larger moment at the end of the

links in the K-braced panels where the slab was in compression due to the bending
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moment. These end moments were about 1.2 to 1.5 times larger than the end

moments at the other end of the links. The maximum moments developed in these

links at the third floor was about 1.1 Mp .

(11) The plastic deformation imposed on yielded members outside the links was small

relative to that in the links. Of the yielded members outside the links, the floor

beams of the unbraced panels developed the most plastic deformation. The max-

iinum plastic deformation of these members was less than 1.5 times the yield rola-

tion of, similar members subjected to equal end moments. Since these members are

compact sections and the axial force was less than six percent of the yield force, no

ductility problems would be expected. The floor beams outside the links and the

exterior columns at the base had even smaller ductility demands. It is anticipated

that ductility· problems would also not occur in these members. Current ongoing

research [41] will attempt to set guidelines for ductility capacity of such members.

(12) The design values for moment and axial load of the floor beams outside the links

were exceeded by the forces developed during the response to the earthquake
(

records. However, as noted above, yielding outside the links in these floor beams

did not impose excessive ductility demands. Furthermore, EBFs with composite

floors have increased resistance. As a result, the design procedure used herein,

appears to be satisfactory for these members.

(13) The maximum moment developed adjacent to columns in the floor beams of

unbraced panels was 1.03Mp • As noted previously, for links next to columns the

maximum end moment was 1.15Mr These values were less than the recommended

value of 1.25Mp for column design. However, due to the variation in material pro

perties which could result in a higher nominal beam strength and a lower nominal

column strength, the use of the 1.25 factor is warranted.

(14) Applying the weak beam-strong column design philosophy to columns adjacent to

links without a dynamic amplification factor is not satisfactory. Under dynamic
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excitation the link end moment at the columns is often not distributed equally to the

columns above and below a yielded link. As a result, the point of inflection was

found not to be stationary in these columns. The use of a dynamic amplification fac

tor is also justified by the fact that composite action in EBFs resulted in larger

column moments compared to a bare steel EBF. In view of the above, great care

must be taken in designing column splices.

(15) When designing columns where braces are relied upon to relieve the accumulation of

axial compressive force in the column, one must carefully consider whether the links

that are connected to these braces will develop a shear force of 1.5 Vp' Examining

the relative values of the VplV/ink ratios among the links will be helpful in making

such decisions.

Each earthquake has unique ground motions, and as a result an EBF subjected to

different earthquake records will develop unique responses. A major portion of the inelastic

response of the EBF designs to the Parkfield earthquake record occurred during one cycle of

sustained plastic link deformation. The scaled EI Centro earthquake record produced many

yield excursions, which resulted in more cyclically symmetric plastic deformations. Conse

quently, while the Parkfield earthquake record generally caused larger member forces and

deformation, the scaled EI Centro earthquake record resulted in more energy dissipation.

By using a plastic preliminary EBF design procedure with equivalent seismic lateral forces.

and then performing nonlinear dynamic analyses on the design result, it was demonstrated

that the energy dissipation can be designed to remain mostly in the links. This involved

designing the EBF where the links yield, with all of the other members remaining essen

tially elastic. Consequently. only minor inelastic activity. if any. develops outside the links

as they strain harden.

The analytical results reported in this chapter should help to further the design

developments of EBFs. While the element formulations were based on cyclic static

response of experimental specimens, the nonlinear dynamic analyses results are believed to
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be reasonable. However, there is still a need to verify the responses through experimental

investigation of EBFs under dynamic loading. The conclusions reached with regards to the

nonlinear dynamic analyses are appropriate for the EBFs analyzed. In these analyses, it was

assuO?ed that the structural detailing of the links, connections, and other members was ade

quate for seismic resistant design. General EBF designs must be carefully scrutinized

before considering whether the conclusions of this study are applicable to such designs.

The reader is reminded that the conclusions reponed herein are based on results obtained

from EBF models where the effects of soil structure interaction are not included in the

analysis.
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Yield Condition A B C D

Elastic 0 0 0 0

Plastic Hinge 1 K;/K;i 0 0

at Node I Only

Plastic Hinge 0 0 K;/~ 1

at Node J Only

Plastic Hinges 1 0 0 1

at Nodes I and J

Table 6.1 Coefficients for Determining Stiffness Matrix and Plastic Hinge Rotation of Parallel

Component Beam Element [81].

Singularity Condition K;ii K;jj

0
1

No Flexural Stiffness at I I J-+--+f
Node I, Kbii = ~ij = 0 ~jj GA;L S

1
0

No Flexural Stiffness at I 1-+--+r.
Node J, Kbjj = Kbij = 0 Kbii GAOL S

z

No Flexural Stiffness at 0 0

Nodes I and J, ~b = Q

Table 6.2 Stiffness Coefficients (or Complete Element when Stiffness Matrix of Parallel Com

ponent Beam Element is Singular.
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Beam-Column Elements

Member Strain Hardening Py My

Ratio p (kip) (kip-in)
[1] [2] [3] [4]

W 6 x 12 Beams 0.03 173 350

W 6 x 25 Beams 0.03 358 797

W 8 x 25 Columns 0.03 367 1259

2·C 5 x 6.7 Braces 0.03 158 282

Link Elements

-

Member Isotropic Hardening Subhinge My Vy ~M ~v
a .1Vm.. (kip-in) (kip) (kip-in) (kip)

[1] . [2] [3] [4] [5] [6] [7] [8]

W 6 x 12 8.34 2.2 VYo 1 350 33 9298 442
2 396 41 9028 429
3 420 46 692 33

W 6 x 25 8.34 2.2 VYo 1 797 45 22466 614

2 900 57 21812 595

3 956 64 778 46

Table 6.3 Force-Defonnation Properties of Elements for Modeling the Bottom Three Stories of 20

Story EBF.

\



North Link South Link
Half Cycle Lateral Load 3rd Floor Lateral Displacement 1st Floor Vertical Deflection 1st Floor Vertical Deflection

(kips) (inches) (inches) (inches)

Test ANSR Test ANSR Test ANSR Test ANSR
[I] [2] [3] [4] [5] [6] [7] [8] [9]

I 64.3 66.9 0.50 0.49 0.06 0.02 0.14 0.08

7 83.2 90.5 0.99 0.99 0.17 0.12 0.32 0.24

13 100.0 106.2 1.49 1.49 0.23 0.20 0.53 0.47

19 1I3.6 114.1 3.00 2.99 0.52 0.34 1.I6 1.20

23 1I3.0 116.9 4.53 4.50 0.82 0.57 1.79 1.82

Table 6.4 Maximum Relative Displacement Between Ends of Links at Selected Half Cycles.

I-'
~

0'\
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TABLE 7.1 NONLINEAR DYNAMIC ANALYSIS SOLUTION ALGORITHM.

I. Initialization of Algorithm

(1) Specify parameters /3, y, time step size ~t, and convergence tolerance TOL.

(2) Compute iDlergration parameters:

a-~
4 - /3~t

a - y5 - -
/3

1
a3 =-

2/3

(3) Form the effective stiffness matrix:

K: = aIM + a,& + ~

(4) Perform decomposition of effective stiffness matrix:

(5) Specify initial conditions for the analysis, e.g. ~I' ~I' and ~l at time = O.

II. Iteration Within Time Step

(1) Determ ine load vector ft + AI'

(2) Set iteration index i= 0 and initialize the motion vectors:

(I)
ql+ 61 = ~I

9~1~ 61 =(1 - a3)91 - a2~1

(3) Perform state determination for current configuration to determine equivalent nodal

forces RP> in equilibrium with the element internal forces.
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(4) Solve for incremental displacement ~q(1 + I) for iteration i:

(5) Update motions:

q
' (I + I) _ q'(I) + a ~q(1 + I)

t + <101 - I + <lot 4- .-

·,(1 + I) _ q,,(I) + a ~q(l + 1)
,9t + ~t - _' + ~, 1_

(6) Perform state determination for updated configuration to determine ~I + 1) correspond-

ing to q(1 + I)
,+~, .

(7) Compute the residual load vector:

f =P - [M.q··(I+I) + C.q·(l+I) +R(i+I)]- ~+~\ __1+<10\ __1+/11 ~

(8) Check convergence:

lf~
II~+ <lot II
lf~

11~+<Iotll

< TOL then proceed to next time step.

~ TOL then i = i +1, go to Step 4.



I.S·EL CENTRO 1940 SE PARKFIELD 1966 NE
ANALYSIS DESCRIPTION - -

DESIGN I DESIGN 2 DESIGN 3 DESIGN I DESIGN 2 DESIGN 3

[IJ (2J [3J [4J [SJ [6J [7J

1. Bare Steel Frame, Strain

Hardening, P-delta Effect,
EC1 EC5 EC9 PAl PA2 PA7

Nonproportional Damping

2. Bare Steel Frame, Elas. Per-

fectly Plastic, P-delta Effect,
EC2 EC6 PA3

Nonproportional Damping

3. Bare Sleel Frame, Strain

Hardening, P-delta Effect, Ray-
EC3

leigh Damping

4. Bare Sleel Frame, Etas. Per-

fectly Plastic, P-delta Effect,
EC4

Rayleigh Damping

S. Bare Steel Frame, Strain
"-

Hardening, No P-delta Effect,
PA4

Nonproporllonal Damping

6. Composite Exterior Frame,

Strain Hardening, P-delta

Effect, Nonproportional Damp- EC7 PA5

ing

7. Composite Interior Frame,

Strain Hardening, P-delta

Effect, Nonproportional Damp- EC8 PA6

ing

8. Bare Steel Frame, Strain

Hardening, Pin Beam & Brace

Connection, P-delta Effect, ECIO PA8

Nonproportional Damping

Table 8.1 Summary of Nonlinear Dynamic EBF Analyses.
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I"" be" I"ff
Ks M+ M- p- p+

p p y y

SECTION -
(in4

) (in) I (k-in) (k-in) (k-in) (kips) (kips)

[1] [2] [3] [4] [5] [6] [7] [8] [9]

W 18x65 link beam,
1721 13.3 1.61 1167910 6648 4788 857 688

exterior bay

W 18x46 link beam,
1246 12.8 1.75 687050 4936 3265 649 486

exterior bay

W18x46 link beam,
1189 13.5 1.67 951878 5001 3265 658 486

interior bay

W 18x40 link beam,
1095 12.6 1.79 573462 4393 2822 586 425

exterior bay

W18x40 link beam,
1053 13.4 1.72 784162 4449 2822 595 425

interior bay

W 18x35 link beam,
908 13.2 1.78 624246 3963 2394 539 371

interior bay

W18x35 link beam,
903 7.7 1.77 576399 3455 2394 469 371

interior bay

W16x26 link beam,
536 6.2 1.78 506587 2370 1591 356 277

exterior bay

Table 8.2 Composite Beam Properties for EBF Design 2, Exterior Composite Frame.

I"" b.ff
I"ff

Ks M+ M- p- p+
p p y y

SECI'ION - ,
(in4

) (in) I (k-in) (k-in) (k-in) (kips) (kips)

[1 ] [2] [3] [4) [5] [6] [7] [8] [9]

W18x65 link beam,
2111 31.8 1.97 897279 8034 4788 1093 688

exterior bay

W18x46 link beam,
1518 30.4 2.13 554565 6193 3265 878 486

exterior bay

W18x46 link beam,
1454 32.9 2.04 749094 6314 3265 905 486

interior bay

W18x40 link beam,
1335 30.4 2.18 467214 5595 2822 813 425

exterior bay

W18x40 link beam,
1280 32.6 2.09 629404 5721 2822 840 425

interior bay

W18x35 link beam,
1106 32.2 2.17 507346 5064 . 2394 781 371

interior bay

Wl8x35 link beam,
1098 18.5 2.15 468389 4352. 2394 607 371

interior bay

W16x26 link beam,
650 15.0 2.16 413280 3043 1591 467 277

exterior bay

Table 8.3 Composite Beam Properties for EBF Design 2, Interior Composite Frame.



Natural Periods (Seconds)
EBF Model

Mode I Mode 2 Mode 3 Mode 4 Mode 5
[I] [2] [3] [4] [5] [6]

Design 1 - Bare Steel
0.713 0.275 0.168 0.161 0.136

EBF

Design 2 - Bare Steel
0.688 0.271 0.164 0.160 0.133

EBF

Design 2 - Composite
0.680 0.264 0.161 0.160 0.132

Exterior EBF

Design 2 - Composite
0.678 0.262 0.161 0.160 0.132

Interior EBF

Design 3 • Bare Steel
0.627 0.265 0.153 0.152 0.126

EBF. Pin Connections

Design 3 - Bare Steel
EBF, All Moment 0.621 0.253 0.152 0.149 0.125

Connections

Table 8.4 Natural Periods of First Five Elastic Modes of EBF Models.
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Analysis

Design I Design 2 Design 3

ECI EC2 EC3 EC4 EC5 EC6 EC7 EC8 EC9 ECIO
[1] [2] [3] [4] [5] [6] [7] [8] [9] [10] [11 ]

V max 650 497 694 556 718 572 739 796 910 880
(kips)

V max
2.04 1.56 2.18 1.74 2.26 1.79 2.33 2.50 2.39 2.31

VDcsign

Vmax =Maximum Base Shear, Analysis

V Design =Design Base Shear

Table 8.5 Maximum Base Shear for EBF Design Subjected to First IS Seconds of 1.5 ... EI Centro

Earthquake Record.

Analysis

Design 1 Design 2 Design 3

PAl PA2 PA3 PA4 PA5 PA6 PA7 PA8
[1] [2] [3] [4] [5] [6] [7] [8] . [9]

V max 727- 862 612 857 880 940 983 946
(kips)

V max
2.29 2.71 1.93 2.69 2.77 2.96 2.58 2.48

V Design

Vmax =Maximum Base Shear, Analysis

VDesign =Design Base Shear

Table 8.6 Maximum Base Shear for EBF Design Subjected to First 15 Seconds of Parkfield

Earthquake Record.
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Permanent Relative Link Displacement· Inches

Design I Design 2 Design 3

~
ECI EC2 EC3 EC4 EC5 EC6 EC7 EC8 EC9 EClO

Floor

[1] [2] [3] [4] [5] [6] [7] [8] [9] [10] [11]

1 0.14 0.24 0.07 0.17 0.10 0.09 0.07 0.05 0.19 0.J9

2 0.42 0.29 0.14 0.33 0.10 0.02 0.10 0.23 0.04 0.09

4 0.28 0.49 0.28 0.33 0.21 0.77 0.35 0.17 0.25 0.50

Table 8.7 Permanent Relative Displacement Between Ends of Links, 1.5·El Centro Earthquake
Record.

Permanent Relative Link Displacement· Inches

Design 1 Design 2 Design 3

~
PAl ' PA2 PA3 PA4 PA5 PA6 PA7 PA8

Floor

[1] [2] [3] [4] [5] [6] [7] [8] [9]

1 0 0.28 0.56 0.26 0.25 0.33 0.J2 0.02

2 0.59 0.77 1.18 0.79 0.89 0.90 0.66 0.79

4 0.77 1.04 1.94 1.10 0.89 0.69 0.07 0.09

Table 8.8 Permanent Relative Displacement Between Ends of Links, Parkfield Earthquake Record.



(DISSIPATED HYSTERETIC LINK ENERGY,frOTAL DISSIPATED HYSTERETIC ENERGY) • 100

DESIGN 1 DESIGN 2 DESIGN 3

~ ECI EO Ee3 EC4 EC5 EC6 EC7 . ECH EC9 ECIO
FLOOR

R 0 0 0 0 0 0 0 0 0 0

5 1.9 0.6 2.3 1.3 4.6 3.4 4.1 3.5 4.7 5.3

4 2.7 1.0 3.5 1.7 6.8 3.8 7.1 6.5 5.0 5.9

3 3.9+3.9 1.9+2.1 5.6+5.7 3.9+4.0 11.5+11.3 11.4+ 11.0 11.5+ 11.2 11.8+11.7 3.2+3.2 3.0+3.1_ ..

2 10.2+10.1 9.3+9.1 10.8+10.8 9.8+9.8 11.7+11.6 8.7+8.6 11.5+ 11.6 10.9+11.2 10.7+10.8 10.8+10.9

I 33.4+33.5 37.8+37.9 30.6+30.6 34.6+34.5 21.2+21.2 26.5+26.5 21.5+21.4 22.1+22.0 31.1+31.3 30.3+30.7

l:FLOORS 99.6 99.7 99.9 99.6 99.9 99.9 99.9 99.7 100.0 100.0

DESIGN 1 DESIGN 2 DESIGN 3

~ ECI EC2 EC3 EC4 EC5 EC6 EC7 ECH EC9 ECIO
ENERGY

TOTAL

DUE 8359 7688 7262 6793 7828 7918 7662 7380 6767 6609

(kip-in)

DDE
2268 1445 1387 270 2236 1783 2071 2109 1700 1605

(kip-in)

IE@ 1=15.
10782 9319 8809 7257 10362 10014 10046 8909 866\9823

(kip-in)

DUE = Dissiputed Hysteretic EJlCI'8Y

DDE = DissipUled Viscous Damping Energy

IE = Input EurthquBke Energy

Table 8.9 Energy Tabulations for EBF Designs Subjected to 1.5*EI Centro Earthquake Record.

.....
lJ1
~



(DISSIPATED HYSTERETIC LINK ENERGYjrOTAL DISSIPATED HYSTERETIC ENERGY) • 100

DESIGN 1 DESIGN 2 DESIGN 3

~ PAl PA2 PA3 PA4 PAS PA6 PA7 PA8
FLOOR

R 0 0 0 0 0 0 0.2 0.1

05 2.05 4.7 2.8 4.1 4.0 3.7 6.4 S.6

4 2.9 6.S 6.1 6.4 6.2 .5.9 S.4 4.6

3 4.9+4.8 8.6+8.4 11.6+1 t.I 9.9+9.7 9..5+9.4 9..5+9.4 2.9+2.9 2.9+3.1

2 13.6+13.7 12.S+12..5 13..5+13.S 12.9+13.1 13.1+13.1 12.9+12.9 12.8+13.0 11.8+11.9

1 28.0+27.9 22.9+22.8 19.9+19.9 21.4+21.3 21.6+21.6 22.2+22.2 28.0+28.1 29.2+29.4

lFLOORS 98.3 98.9 98A 98.8 98..5 98.7 99.7 98.6

DESIGN 1 DESIGN 2 DESIGN 3

~ PAl PA2 PA3 PA4 PAS PA6 PA7 PA8
ENERGY

TOTAL

DHE 636.5 6SS4 S961 6S29 6.571 6712 6438 6628

(kip-in)

DDE
1401 I44S 1090 14S9 1484 IS43 IS3S 1469

(kip-in)

IE @ I=IS.
7898 7179 8093 8121 83S8 8079 82018101

(kip-in)

DRE =Dissiputed Hy.leretie Energy

DDE =Diaaipuled Viscou., Dumping Energy

IE = lnpUI Earthquake Energy

Table 8.10 Energy Tabulations for EBF Designs Subjected to Parkfield Earthquake Record. ",
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Fig. 6.1 Defining Position of Beam-Column Element in Space.

External NodeHinge
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Fig. 6.2 Beam-Column Element Components.
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Fig. 6.3 Hinge and Subhinges at End I.



(b) Translation of Yield Surfaces After Hardening
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Fig. 6.4 Strain Hardening Behavior of Hinges.
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(a) Global Displacements
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(b) Local Deformations

Fig. 6.5 Degrees of Freedom. 3-D Beam-Column Element.
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Fig. 6.6 Elastic Beam Deformation Degrees of Freedom.
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Fig. 6.7 Defining Yield Surfaces by Yield Functions.
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Fig. 6.8 Subhinge Yield Surfaces Prior to Yielding.
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Fig. 6.9

(b)

Translation of Yield Surfaces Following Mroz's Rule.
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(a) State Prior to Unloading
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(b) Defining Unique Points P" P" and P/.. While Unloading

Fig. 6.10 Unloading From Concurrent Yield Surfaces.
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Fig. 6.11 Determining Action-Deformation Relationships for
(a) Axial Force, (b) Shear, and (c) Torsion.



166

(a)

\

M(;t.:-_- B, 'M
q s~'-

~ L . .l~

M

K MI

e

(b) M r;;; <ZS ~M

Mj-----~

I_ L .1
M

e

Fig. 6.12 Determining Action-Deformation Relationships for Moment. Involving
(a) In-Plane Bending. and (b) Out-of-Plane Bending of Links.
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Yield Surfaces for Subhinges of Planar Link Element.

Global Degrees of Freedom. Planar Link Element.

167



168

1
(a) Facets a and b of Yield Surface
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(c) Vertical Translation Due to
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Fig. 6.15 Description and Hardening Behavior of a Yield Surface. Planar Link Eler,lenl.
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Fig. 6.18 Isotropic Hardening E/fect on Cyclic Shear Yield Strength, Specimen 01.
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Fig. 6.19 Isotropic Hardening Effect on Cyclic Shear Yield Strength. Specimen B I.
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Force-Deformation Relationships for (a) Shear, and
(b) Moment to Model Bare Steel Links.
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Fig. 6.22 Force-Deformation Relationships for (a) Sh.:ar. and
(b) Moment to Model Composite Links in Exterior EBFs.
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Fig. 6.24 Composite Beam-Column Element Components.
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Hysteretic Behavior of Composite Beam-Column Element.
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Fig. 6.30

Deformation Degrees of Freedom, Composite Beam-Column Element.
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P:trallel Component Beam Element Deformation Degrees of Freedom.
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Fig. 6.31 Determining Elastic Bilinear Moment-Rotation Relati ..mship.
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Elements ) . 3 : Standard ANSR-) Beam-Column Element

• Strain Hardening Proportion, p = 0.015

• A 5.72in
2

• A; 2.88 in2

• I 128.1 in4

• E 28783 ksi

• IJ 0.33

• M, 1192 k-in

• p) 284 kip

Element 2 : Link Element

• A 5.72 in 2

• A· 2.88 in2
z

• I 128.1 in 4

• E 28783 ksi

• IJ 0.33

• Action-Deformation Relationship from Fig. 6.21.

• Isotropic Hardening Coefficient. a = 8.336

AV rnax =2.68 V\(I

Fig. 6.34 Modeling of Specimen D I.
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Fig. 6.35 Positive Sign Convention for Link Response.
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Fig. 6.38 -Modeling of Specimen B I.



150, i i

Experimental

Vp '; 93.2k~

••••-,
••,,,

I
I•l(__._.1--::s~---

.-vp ,; 93.2k

>

..-..
crJ
~
~

~ 0 •• I J • iI !/ ~ I Ja z t--

0.08o
'Y (RAD)

-I 50 ' , , , , , , , ,
-0.08

Fig. 6.39 Shear-Deformation Response of Link, Specimen B I.

......
ex>
........



188

1600r-----------r-------------.

.--,.------;
-'Co~-:.:.:..:.:.:.---, ,

-=.,.'C.- -----tr '1192"-ln

Or---~,~;--~HI'---H---+-+---I---ff----~
I
I
I
I
I
I
I
I
I
I
I
I
I
I

!t---!;:=:;:;~~~=:=t::::.:.:-
t.-----_ ..••

--Z-I
~---

-1600L--_.....L..__'--_.....L..__'--_.....L..__'--_.....L.._----I
-0.08 0 0.08

y (RAD)
(a)

1600,.......---------...,------------.

.. " - '.-

--Z-I
~ O~----r+--_M_-~-__+-_P_____Jl~-+__f_---_t

---

-1600L___.........__.&.-_---L__~-----'--......I---L--,-~

-0.08 0 0.08

y (RAD)
(b) -

Fig. 6.40 Moment-Deformation Response of Link. Specimen B 1.



189

C7J
N
•

C7J
~

W'","2

W6x 12 >-

1'-0"-----

W6125

I..

114". 1314"
(BOTH STlFF'£NER

SIDES) TYP.

C7J
N
•

C7J
~

~
I

3'-10"

3'-10'

I

4'·101/2'

ELEVATION

Fig. 6.41 GeneralD .eSlgn of Test Frame 2 [6].



(a) LOCATION OF TEST FRAME (b) FREEBOOY OF TEST FRAME

.......
\.0
o
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Fig. 6.44 Schemati~' of Analysis Model.
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(a) Strain Hardening with Nonproportional
Damping, 1.5 • EI Centro Earthquake
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(b) Elastic-Perfectly Plastic with
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(d) Strain Hardening with Nonproportional

Damping. Parkfield Earthquake

Fig. 8.21 Yielded Members of EBF Models for Design I.
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Fig. 8.105 Yielded Members of ESF Models for Design 3
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