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DYNAMIC ANALYSIS OF

SEISMICALLY RESISTANT ECCENTRICALLY BRACED FRAMES

Abstract

This report deals with the nonlinear analysis of eccentrically braced steel frames for
cyclic static and dynamic loading conditions. A companion report entitled Experiments On
Eccenrrically Braced Frames With Composite Floors, EERC Report No. 87/06, discusses
experimental results obtained from a test program involving the seismic behavior of bare
steel and composite links in eccentrically braced frames. Included in this companion report
is a description of the eccentrically braced structural system, in addition to the need for
analytical research w:hich lead to the work presented in this report. Throughout this report
reference will be made to Chapters 1 to 5 of the companion report.

In the first part of this report two analytical models are developed using a finite ele-
ment stress resultant formulation for the purpose of performing static andh dynamic nonlinear
analyses. The first of these elements is intended to model links in eccentrically braced steel
frames. The second element is used tc model composite floor beams outside the link,
accounting for moment-axial force interaction and the cyclic effects of composite action in a
praétical manner. Three numerical examples are then presented concerning the nonlinear
static analysis (;f links and eccentrically braced steel frames. In the first two examples a
bare steel and composite link specimen of the experimental study presented in the compan-
ion report are analyzed. The third example involves an analysis of a previously tested
eccentrically braced steel frame specimen. The results of the analyses are compared with
the experimental behavior related to the three examples to illustrate the reliability and accu-
racy of the elements in predicting local link behavior as well as global frame response.

The remaining portion of this report deals witp the seismic assessment of eccentrically

braced frames designed by plastic design principles. To achieve this task, a procedure for



i

nonlinear dynamic analysis is adopied to analyze eccentrically braced frames subjected 1o
strong ground motions. In all, a total of three six-story designs were performed (Designs 1,
2, and 3) followed by analysis using several major earthquake records. Design 1 consists of
an eccentrically braced frame with fnoment connections throughout the structural system.
Design 2 is similar to Design 1 except that the links of the lower floors in Design 2 were
strengthened in order 1o achieve better performance during an earthquake. Unlike Designs
1 and 2, pin conaections were used in conjunctien with moment connections in Design 3.
Design 3 was analyzed several times where the pin connections were assumed to be flexible
as well as rigid, respecilively, enabling an evaluation of the use of flexible connections in

eccentrically braced steel frames.
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CHAPTER 6

CYCLICALLY LOADED LINK MODEL

6.1. General

The inelastic response of an EBF is dominated by the behavior of the active link
regions. Therefore, the modeling of links must be accurate if reasonable results are to be
obtained. Since high ;hear forces aclt in the active link regions, any appropriate formulation
must include shear effectg at the elastic andl inelastic states. Recognizing this, previous
researchers have developed models for active links taking into account both elastic and ine-
lastic shear deformations.

One of these earlier models was that developed by Roeder [6]. Roeder modeled the
shear link as a sandwich beam [69], where the web resisted shear force and the flanges
resisted moment. The parallel component model [70,71]_ was utilized, with strain hardening
due to shear and moment approximated by bilinear relationships for the action-deformation
relationships. Combined isotropic and kinematic hardening were considered for shear. For
moment, only kinematic hardening was considered. This rﬁodel was intended to be pri-
marily used in the case where the links yield in shear and the moment is small. However,
as noted in this report and in prévious findings (7], shear links are generally subjected 10
both high moments and shear forces. Primarily for this reason this element was not con-
sidered to be sufficiently accurate for proper EBF analysis.

Yang [72] attempted to model an active link using an inclined truss model. The
approach, however, assumed equal end moments at both ends of the link. This is not the
case for a general analysis of EBFs, for experimental results reported herein and by others
[7] indicate that ] srger moments develop at the end of a link adjacent to a column.

A finite element model gsing a stress resultant formulation had been proposed by

Hjelmstad {3]. The formulation utilized a yield surface similar to that suggesied by Neal



[19,73]. However, the effects of strain hardening were not included. The use of this ele-
ment by others [7] indicated that the link must be discretized into many elements in order to
minimize the error in estimating the moment. This makes the element inefficient for global
nonlipear analysis of EBFs. Furihermore,. the fact thal strain hardening is not included does
not correlate with the cyclic link behavior of test specimens.

From the above diséussion it appears that none of the previously developed link ele-
ments are suitable for an accurate prediction of link behavior under random cyclic loading.
Covnsequemly, a method was developed to more accurately and yet efficiently predict ran-
dom cyclic link behavior in order to perform global static and dynamic nonlinear analyses
of EBFs. The method involved a simplification of an enchanced general theory, which had
been presented by Chen and Powell [79]. This general theory was enhanced by accounting
for the effects of nonlinear shear deformations. Using the simplified formulation, a planar
link element was developed.

The enhanced general theory and simplification of it are described below. In addition,
a simple means of incorporating the effects of composite action is presented, based on the
experimental behavior discussed in Chapters 3 and 4. This involved adjusting the parame-
ters for the link element, in additidn to developing a composite beam-column element to
model the floor beam outside the link. Chapter 6 concludes with a presentation of the
results of analyses of test specimens which had developed nonlinear cyclic behavior, The

analyses were performed using the'newly developed elements.
6.2. General Formulation

6.2.1. General Description

Consider a three-dimensional steel beam-column clement which exhibits hysteretic
behavior when subjected to cyclic loads. Such an element may be arbitrarily oriented in the
global XYZ coordinate system, Fig. 6.1, where nodes I, J, and K define the element’s length

L and position. A local xyz coordinate system is also defined for the element, where node



K, together with nodes I and J, define the plane containing the local y-axis. Element pro-
perties are typically specified in the local xyz coordinate system.

The element consists of a linear elastic beam element with a non’iinear hinge at each
end, as shown in Fig. 6.2. To facilitate the discussion this element will be referred to as the
complete element, consisting of both hinges and the elastic beam. The hinges are con-
sidered to have a zero length. Inelastic behavior of the element is concentrated in the
hinges, where each hinge is affected by axial force, two shear forces, two flexural moments,
and a torsional moment. Both hinges are assumed to be initially rigid, therefore the initial
stiffness of the complete element is that of only the elastic beam. As the forces at the ele-
ment ends increase, the hinges can yield, resulting in a reduced stiffness of the complete
element. |

Each hinge consists of a series of subhinges, Fig. 6.3, where each subhinge possesses
a rigid plastic action-deformation relationship. Each subhinge has a yield surface, where
the yield surfaces of the subhinges are arranged in a consecutive manner as shown in Fig.
6.4(a) for a Iwo-dimensional action space. The rigid plastic action-deformation relation-
ships for a series of subhinges combine to produce a mulli-linear function for each hinge as
shown, a.nd‘hence multi-linear relationships for the complete element. Under increasing .
deformation, the hinges strain harden, following the multi-linear action-deformation rela-
tionships. Strain hardening results in a translation of the yield surfaces, as shown in Fig.
6.4(b). The Mroz theory for yielding of metals [75,76] is used to establish tangent stiffness
relationships between the actions and deformations of a yielded subhinge. The tangent
stiffness of the subhinges are then combined with the elastic beam stiffness to produce the
tangent stiffness of the complete element. If the actions at a hinge decrease, the hinge
becomes rigid again as unloading occurs. Under such conditions the ‘s;tiffness of the com-

plete element is equal to the: of the elastic beam element.



6.2.2. Degrees of Freedom

The complete element has two external nodes and two internal nodes, as shown in Fig.
6.2. The inlernal nodes exist at the end of the elaslic beam element, The hinges connect
the internal nodes with the external nodes. The external nodes connect to the global struc-
ture and have six degrees of freedom each, namely global translations and rot;:\tions about
the XYZ axis, as shown in Fig. 6.5(a). In the local element coordinate system, six deforma-
tion degrees of freedom exist as shown in Fig. 6.5(b).

The transformation from the global displacements z 1o the element deformations v is

accomplished by:

Yy =ar (6.1)
where
T _
Yy = [Vl! Va, V3, V4, Vs, Ve]
T _
I — [rl, rz, aae p r”, rlz]

The displacement transformation matrix a is well known, and can be found in the literature
{74).

The elastic element has degrees of freedom ¢ which act at the internal nodes, as

shown in Fig. 6.6, and are defined as:

q = [‘hv 92, 93 94+ 455 46] (6.2)

The hinges at nodes I and J have deformations degrees of freedom E}f and w3, respec-

tively, where:

T
[h’;] = [(Vl - g1 (v3 = g3), (vs = 45)‘, (ve = 96).] (6.3a)

and

| e |
Is
l_:—l
ﬂ
1l

[(Vz = @) (va = qa) (vs — q5)"", (vg - %)"] (6.3b)



The hinge deformations ﬁ’li and 1’1{ represent the plastic deformations of the complete ele-

ment. The torsional and axial hinge deformations are shared between the hinges al nodes 1

and J, hence:
(vs—g5)" + (vs = q5)"" = (vs — g5) (6.4a)
(ve— g¢)" + (vg — 4" = (v — q¢) (6.4b)

The remaining terms in w

» and _11*}',' represent total rotational deformations, that is, flexural

and shear deformations are included in each term.
Each subhinge can in turn be expressed in terms of four deformation degrees of free-
dom w,, which are associated with the hinge deformations w,. The sum of w,, of each

subhinge gives the deformation w, of the hinge at a particular end of the complete element.

The deformations v of the complete element are obtained by summing the elastic beam

deformations and deformations of both hinges:

y=g+w, ' | (6.5)

where y; are the deformations of both hinges, reading:

T |
[l,’;j = [(Vn = q1), (va— g2} (va = q1), (va — qa), (Vs = gs), (Vg — qﬁ)}

6.2.3. Complete Element Stiffness

A flexibility matrix is first formed for the elastic beam in terms of degrees of freedom

g. Thus, the beam element stiffness relationship in matrix form can be written as:

L%}

where § and X, respectively, are the nodal force vector and stiffness matrix for the elastic

beam element, in which

sT = [M,’, M] M) M M, F}



and

I=

where

M, M. = bending moments about the local y and z axes,
1,J = superscripts to identify end of element associated with nodes I and J,

M, = torsional moment,

F = axial force,

Kii ’

K.

Ely,EI= = bending rigidilies about the local y and z axes,

GJ .EA = torsional and axial rigidities.

i}

Kj-j = flexural stiffness factors,

o

The relationship expressed by Eq. 6.6 is inverted to obtain a flexibility matrix for the elastic

beam element. Elastic shear deformations are accounted for by appropriately adding shear

flexibility matrices £, and £, to the flexibility matrix of the elastic beam, where:

Ls

IJ:

GAL L

(6.7a)

{6.7b)

in which GA; and GA;, respectively, are the effective shear rigidities associated with shear



deformations about the y and z axes.
Thus, the elastic beam element flexibility relationship is obtained which includes the

effects of shear, reading:

g =FS ) (6.8)

where F is the flexibility matrix for the elastic beam element defined as:

ELI.F"' ¥ G,«:;L —Eif.ﬁ"" * j,‘l. o ° ° 0
_.E{‘—I:FU‘ + #}L EL],F""" + -6’:7 0 0 0 0
i i} 0 EL!,F“’ + G:,’L ——él?’—F,-,-’ + ?;7:,7[ 0 0
- 0 0 —ELEF,-,-’ + ?;L EL%FH, + ﬁ,l- 0
0 0 0 0 EL? 0

0 0 0 0 0 _ELT“-J

This elastic beam flexibility matrix £ is modified by adding the flexibility of the hinges,
resulting in the flexibility matrix for the complete element.

In multi-dimensicnal action ’space, each hinge has a 6x6 flexibility matrix fp in terms
of its axial and torsioﬁa.l deformations associated with the x axis, and flexural aﬁd shear
deformations about the y and z axes. As noted previously, the deformation of the hinge is

the sum of the corresponding deformations of its yielding subhinges. Hence:

di’p = Zdi'spi (6.9)

where
dw, = deformation increment of a hinge,

dw,,, = deformation increment of associated subhinge 1i.

The hinge flexibility matrix fP in turn is the sum of the subhinge flexibility matrices. Thai

is, a hinge flexibility relationship can be writlen as:



d:p 7= .fpd§

o

> Fpi-dS (6.10)

L3

\ ~ ~
where f ., and 45, respectively, are the flexibility matrix of a subhinge, and action incre-

ment acting on the hinge, defined as

8T = [sz. M, dM,. dv,, dv,, dF]
The actions V, and V, represent the shear forces acting along the y and z axes.

Before yielding of a subhinge occurs, the flexibility matrix of the subhinge is null and
therefore has no effect on the flexibility of the hiqge and the complete element. After yield-
ing, the subhinge develops flexibility and therefore contributes to the flexibility of the hinge
and complete element. For the hinge at node I, the incremental action-deformation relation-

ship can be expressed as:

aoe! am!
7
i dM]
P (dvf! - dqﬁ). __[< de .
dw! =] b= F ‘ (6.11a)
P d){ P dV)'
av,
a1 dF
(dvg — dqg)*

Likewise, for the complete hinge at node J:



de; am?
J
doy dM;
s (dvs - dQS)"} 1 9ML
dw’ = | = f (6.11b)
P | de, P a'Vy
dVZ
@, dF
(dvg ~ dgg)""

where

dﬁ';,dg’; = vectors of complete set of hinge deformations at nodes I and J,
d®©,,d0, = incremental rotation due to flexural deformations about the y and z axes,
dy,,dy, = incremental rotation due to shear deformations about the the y and z axes,

I.J = superscripts to identify the nodes of the complete element,
f‘f,f; = hinge flexibility matrices at nodes I and J.

The increment of total rotational deformation d¢ is the sum of the flexural and shear

deformations, where at node I:

d¢; = do} + dyj

do! = de! + dy (6.12a)

and at node J:

d¢] = doj + dy]

d¢! = de! + ay/ (6.12b)

According to Figs. 6.5(b) and 6.6, the above rotational deformation componenis have the

following meaning:

d¢:, = dvl - dq]
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dg! = dvy - dg>

do) = dv; - dg;

de] = dv, - dq, (6.13)

On neglecting second-order effects, the relationships between the shear forces and moments

are:

am! + am!

av, = ———- (6.14a)
dM} + am;]

v, = ———= (6.14b)

Hence, the incremental action-deformation hinge relationships of Eqs. 6.11 (a) and 6.11 (b)

can be expressed in terms of the deformation degrees of freedom ﬁ,{ and E;- That is, at

node I:

am!

' J

(dvy = dgq,) aM;

, (dvy = dg;) R am; |
dw! = ot = f (6.15a)
—F dve = d P

(dvs 45)‘ dM;

(dvg = dqe) aMm,

darF

and at node J:
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am!

1

(dv; — dg3) aM;

| @vy-dgy RECA
dw! = { wt = f ’ (6.15b)
=p dve — P

(P Vs d%)“ dM_\','

(dVé - d‘?G) dM‘

daF

The quantities _[; and _[; are 4x6 matrices which contain the appropriately arranged

coefficients of the hinge flexibility matrices 7} and 7.

As can be noted from Eqs. 6.4 and 6.15, the hinge at node 1 affects the degrees of

freedom v,, vy, vs and v4, while the hinge at node J affects the degrees of freedom v, vy,

vs and vs. Therefore, the hinge flexibility coefficients of f; and £, can be simply added to
the appropriate coefficients of the elastic beam flexibility matrix F in order to obtain the

tangent flexibility matrix F, for the complete element.

Thus, using Egs. 6.8, 6.15 (a), and 6.15 (b) the action-deformation relationship is

obtained for the complete element expressed in terms of the degrees of freedom y:

dv =dq + d&’;

= F,.dS (6.16)

where
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dg, + (dv, = dq}) dv,
dgs + (dv, = dq,) v,
) dqy + (dvy — dg3) dvﬂ
dg + dw, =17 dgs + (dvy - dgg) = Wdu
dgs + (dvs — dgs)" + (dvs — dgs)™* dvs
dge + (dvs — dqe)” + (dve — dge)™ dvg

and

s’ = [de, dM], aM], aM;. aM,, dF]
Having determined the 6x6 tangent flexibility matrix F,, this matrix is inverted to oblain a

6x6 element tangent stiffness X,. That is:

K = [L] B _ : | (6.17)

The matrix F, is positive definite because only deformation modes are represented by this

matrix. Therefore F, can be inverted.

6.2.4, Hinge Flexibility

-~

From Eq. 6.10 it follows that the vector of actions § affecting the deformations of a

hinge is defined as:

=T _
37T = [M:, My, M, V, V. F] (6.18)
Consider a subhinge i of a complete hinge, idealizing the subhinge as being rigid-

plastic. Let dw,,; be the corresponding vector of the increment of plastic deformaiions,

2Lspi
where
| . \
[d@,m.] = [d@:. 2e,, de,, dy, dy, d6]

in which d©, and dé, respectively, arc the increment in torsional deformation about the x-

axis, and the axial defoimation. It is necessary to obtain for the subhinge a flexibility rela-
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tionship of the form:

d.v:‘:_,spi = .fspi'd§ (619)
where f;},,- is the subhinge flexibility matrix. To achieve this, the following assumptions
are made:

(1) Let (5 ) be the yield function defining a surface which translates in action space due

to strain hardening. After some amount of hardening has taken place, the yield func-

tion is ®(S - o), where « is the vector defining the location of the origin of the yield
surface. This is illustrated in Fig. 6.7 for a two-dimensional action space. The direc-
tion of translation is governed by the hardening rule, to be discussed later.

(2) Drucker's postulate [77] applies, which states that the network done by an external
agency acting over a cycle of stress is positive. Consequently, the following holds:
(a) The yield surface is convex for a stable work-hardening material.

(b) Any increment of plastic deformation is perpendicular to the yield surface, hence

the equation for the yield surface, S - a)isa plastic potential function.
(c) An increment of plastic deformation is linearly related to the action increment.

If the action point is on the yield surface, continued loading generates an increment of

plastic deformation dw,,;. According to Drucker’s postulate, this deformation is perpendic-

spi*

ular to the yield surface, hence:

aw

Zspi

= n-A; (6.20)
where n is an outward normal unit vector from the yield surface al the point of action. A;
is a scalar defining the magnitude of plastic deformation of the subhinge. Because the yield

surface is considered to be a plastic potential function, the direction of the outward normal

1o the yield surface is the gradieni of the yield function. Hence:
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n=—=_ 6.21)
in which @,z is the gradient of the yield function. That is:

b 9d 9P I D b

2. IM.’ 3M,’ aM,’ 3v,’ aV,' oF

Loy

Consider an increment of action 45 shown in Fig. 6.7. The component of dS in the

direction of n is dS . and is defined by:

dS, =n-(a" -dS) (6.22)
Since by Drucker's postulate the plastic deformation increment is linearly related 10 the

action increment, assume:

dS, = K, -dw

spi Y 2spi (6.23)

in which K,

4

is a diagonal plastic stiffness matrix from the individual action-deformation

relationships for the subhinge. That is, the off diagonal terms in K

spi are zero, with the

diagonal terms defined as:

K, = [KPM,i- Kom,io Komt,in Koy i Ky KpFi:l (6.24)

The selection of the diagonal terms must be carefully specified in order to provide appropri-
ate post-yield stiffness of the complete element. This will be discussed later.

If Eqs. 6.20 and 6.22 are substituted into Eq. 6.23, and the result premuliiplied by »”,

it follows that:

nT-dS =nT K, nk (6.25)

Therefore:
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n’-d§

T
h 'L(.rpi ‘h

A = (6.26)

With A; now defined, the increment of plastic deformation for the subhinge can be com-

puled due lo an increment of action. Upon substituting for A; into Eq. 6.20:

das , ' (6.27)

dEJ‘ =
P HT'

Therefore, by referring to Eq. 6.19 the required flexibility matrix of a yielded subhinge is

obtained, reading:

Lo = . o | (6.28)

As noted previously, the 6x6 flexibility matrix fP of a hinge is the sum of its yielded

subhinges. Thus:

L d k Lad
.ip = Ef;p.‘ (629)
i=1
where k represents the number of yielded subhinges.

After determining fp for the hinges at nodes I and J, the flexibility relationships are

recast in terms of axial and flexural actions and the associated axial and total rotational
deformations using Egs. 6.12 to 6.14. In this manner the hinge flexibility maltrices [‘i and

f; of Egs. 6.15 (a) and 6.15 (b) are obtained.

6.2.5. Hardening Rule

After initial yielding occurs, the behavior of a subhinge is assumed to obey the Mroz
strain hardening rule for yield in metals [75,76). In this analysis consider a hinge to have
three subhinges. The location of the initial yield surface for each subhinge is plotted in a

two-dimensional action space as shown in Fig. 6.8. Assume the current siate, defined by

S . has reached a poinl P1 on yield surface YS1, causing subhinge 1 to yield. *Continued
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loading will cause yield surface YS1 to translate towards yield surface YS2, in the direction

defined by a vector from point P1 to the corresponding point P2. The point P2 lies on yield
surface YS2 and is defined by ;S'z. For poinis P1 and P2 to be corresponding, their cutward

normals n; and n, must be parallel, ie.,

af -m =1 (6.30)
The translation of yield surface YS1 is depicted in Fig. 6.9(a). Yield surface YS2 does not

‘begin to translate until subhinge 2 yields.

The vector of actions Sz at point P2 can be determined knowing the sizes and current

positions of yield surfaces YS1 and YS2. In multi-dimensional space this is defined as:

§; =88 - e+ a ' (6.31)
in which &, and a,, respectively, are the current positions of the origins of the yield sur-
faces YS1 and YS2. The matrix §,,; is square, whose off diagonal terms are zero. Each

diagonal term of S, represents the relative size of yield surface YS2 to YS1 along the

axes, i.e.:

g ] _ Mzu2 Myu2 M.ru2 V_vuZ Vzu2 FuZ
Mzul ’ Myul quI’ Vyul ' V:uli‘ Ful

diag [.‘Su 12

Observing that the vector S, — §, defines a vector from point P1 to P2 in Fig. 6.9(a),

it follows that the increment of translation da, of yield surface YS1 is equal to:

da, = (§, - §))de; (6.32)
where da; is a scalar defining the magnitude of translation of yield surface YS1. To deter-

mine doej, Eq. 6.31 is substituted into 6.32 (o obtlain:

doy = [(.5.,12 -5, - E.ne - Ez)] do; : (6.33)

From the definition of the yield function, point P1 lies on yield surface YS1 when:
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S, - ) =1 - (6.34)
The fact that the action point P1 must remain on the yield surface YS1 during translarion

requires that:

dd =@,L(dS, - da)) =0 (6.35)

Upon substituting Eqn. 6.33 into 6.35:

©}d5, - 01 [En - D3 - Guner - @) da] =0 (6.36)

Hence:

@lal
do! = : (6.37)

QE [(Sunz -DS, - S.ne - 22)}

Gy

Thus, yield surface YS1 undergoes an increment of translation de; due to an increment of

action 45, where:

L~y

- dS

[@ulz '1)51 - Suna - 22)] o,

ol [@ulz -DS, - S.pe - 22)]

(6.38)

da, =

If by the increment of action where yield surface YS1 translates that yield surface- YS2 is
reached, yield surfaces YS1 and YS2 will translate together towards a corresponding point
P3 on yield surface YS3. This situation is illustrated in Fig. 6.9(b).

In the general case where subhinge i has yielded, yield surface YSi will translate

towards yield surface YS), where the translation increment is equal to:

[(§qu -3, - Suijoi - _0_5,')] Q.g-dji
da; = (6.39)

Qrg [(‘—gulj - l)s* - (é‘“ijgj B g})]

An exception to this rule occurs when the outermost yield surface YSN is reached. This
occurs when all the subhinges of a hinge have yielded. For this situation the direction of

translation i1s obtained by assuming that an additional infinitely large yield surface exists.
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Thus, the diagonal terms in §,,; are infinile, and it can be shown that the translation of yield

surface YSN is equal to:

(6.40)

The translation of yield surface YSN represented by Eq. 6.40 occurs along the radial direc-

tion connecting the origin of YSN to the current action point Sx. This is what is known as

Ziegler's hardening rule [80].

6.2.6. Loading-Unloading Criteria

The loading-unloading criteria must be able to differentiate between plastic flow and
elastic unloading from any plastic state for any specified deformation increment. Various
criteria have been used by past researchers [78,79,80,81,82,83]. The procedure used herein
was based on the criterion that the magnitude of plastic deformation defined by A; (Eg.

6.26) must be positive during continued loading from the yield surface.

Hence, given that the current state S is on the yield surface, that is:

S -a) =1 (6.41)

the loading of a subhinge i continues (o occur if the increment of action dS is such thal

=}

T
n'-d
ey —

, > 0 (6.42)
ﬂ .53;". 'ﬂ

while unloading of subhinge i occurs if

A o= = <0 (6.43)

n Kgin
If the unloading criterion is met for any yield surface, then the same holds for all remaining

yield surfaces pertaining to active subhinges of the same hinge. If unloading occurs from

more than one yield surface, then the surfaces are separated by an amount equal to €-n, as
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shown in Fig. 6.10(b), where as a result, points Pi, Pj, and Pk each have a distinguishable

state. A very small value of ¢ = 1x1075 was used in the analyses. In a general case, points
Pi, Pj, and Pk during previous loading correspond to the points on the yield surfaces YSi,
YS). and YSk, as shown in Fig. 6.10(a). Distinguishable states are necessary for reasons of
numerical stability in the event that reloading occurs along the same normal n as unloading

(See Fig 6.10(b)).

6.2.7. Determination of Plastic Stiffness

As noted previously, the post yield behavior of the complete element is governed by
the plastic stiffness matrix K of each subhinge. For each subhinge, the determination of

the coefficients of K

K, requires a knowledge of the complete action-deformation relation-

ships. Since the matrix X, is diagonal, each action-deformation relationship is uncoupled.

__\'Pl

Thus the individual coefficients in X

K, for all subhinges can be obtained from separate

applied actions, as indicated in Figs. 6.11 and 6.12. The relationships for axial load, shear,
and torsion are straightforward since the corresponding internal force is constant along the
length of the member. However a complication arises in the cas\;: of bending moment, for
the flexural stiffness at the end of a member depends on the variation of moment along the
member. In a concentrated hinge model it is not possible to account for all possible
moment variations which may océur, thus assumptions must be made regarding the hinge
properties. Under seismic loading the links of EBFs have in-plane end moments which
cause double curvalure of the links. Thus, one could consider obtaining an action-
deformation relationship where the link is subjected to equal magnitudes of end moments
causing double curvature, as shown in Fig. 6.12(a). Equal end moments, as shown in Fig.
6.12(b), are plausible for out-of-plane bending.

To determine a plastic stiffness coefficient of K,,; for action quantity S, the reciprocal
of the slope of the action-deformation relationship for the current state is equated to the

combined flexibilities of the elastic beam, Kg, and all yielded subhinges. Thus, if a
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subhinge 1 yields due to the axial force F exceeding the yield strength Fy , such that:

Fy S F < Fy
then
1 1 1
Kr, Kp Ky

Whence, the plastic stiffness coefficient K p, for the first subhinge associated with axial
force is given as

Ky, = ——— (6.45)

where K and Kp , respectively, are the axial stiffness of the elastic beam, and slope of the
action-deformation relationship between the strengths Fy and Fy, as shown in Fig. 6.11(a).

If subhinge 1 yields,

Fy <F <Fy, (6.46)
and
1 1 L1
= + (647)
Kr,, Kp, ,gi Kpr,

It can therefore be shown that the plastic stiffness coefficient K, for subhinge i associated

with axial force is given as:

KeKr
Kp = ———— =21 6.48
pF. KF, - KF‘,,, ( )

In the general case, the plastic stiffness coefficient K g for subhinge i1 associated with

the action S is defined as

KsKs,,

ps. = m (6.49)

where
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Sy £ 8§ <8y, (6.50)
In Eq. 6.49, Ky and K , respectively, are the slope of the action-deformation relationship

between the strengths Sy _ and Sy, and the slope between the strengths Sy and Sy . Note

that § must be one of the actions represented in the vector § defined by Eq. 6.18.

6.3. Simplified Formulation

The gencr; link model formulation discussed above was simplified in order to per-
form economical nonlinear dynamic analyses of EBFs. The simplifications involved intro-
ducing assumptions in the general formulation. These assumptions included the following:
(1) Properly designed EBF framing should not permit the development of large axial link

forces. Hence, the effects of axial forces can be neglected.

(2) EBFs can be considered to be planar requiring only in-plane analysis of links.

(3) Since previous research [7] indicated that shear yielding does not appear 10 be
significantly influenced by the presence of bendiffg moment, a rectangular yield sur-
face was adopted for the subhinges, as shown in Fig. 6.13. Each hinge consisted of

three subhinges.

6.3.1. Degrees of Freedom

As a consequence of assumptions 1 and 2, the deformation degrees of freedom include

only rotaticn aboult the z-axis. Thus, for the elastic beam:

QT = [‘Ib ‘12} (6.51)

and for the hinges

(6.52a)

|
‘bgm.
—
-
Il
—
-
1
-y
[

(6.52b)

]

The external nodes each have three global degrees of freedom associated with the X-Y

|
—
<
(=]
|
£
=
—
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plane. These are shown in Fig. 6.14, and include translations about the X and Y axes and

rotation about the Z axis. Consequently, from Fig. 6.14:

o= [’1. r2 T3, T4 Ts, "6] (6.53)
6.3.2. Complete Element Stiffness
The elastic beam element stiffness relationships are:
S =Kyqg (6.54)
where
sT = [M!, Mf]
and

85Tk K,
The 2x2 flexibility matrix of the elastic beam, which includes the effects of shear deforma-

tions, is easily obtained from:

, Fi; Fj
F =K"+f. = (6.55)
§ Fij Ky
in which
1 11
I = L, |1 IJ
GA,L

The hinge flexibility relationship is affected only by shear and flexural deformations

resulting in rotations about the z-axis. For the hinge at node 1:
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, de! iy am!
dw, = » = I, av, (6.56a)
and at node J:
, |ae: _,laM;
dw, = & = I av, (6.56b)

where the hinge flexibility mailrices ‘are obtained by summing the flexibility matrices of

yielded subhinges:

. _ Fi Fi

Lp=2Ie =, _, (6.57a)
‘ Fii Ti

- ) i Fi

f=3fm =, . (6.57b)
. 7
' Fii Fii

Since from Eqs. 6.12 and 6.13:
dv,-dg, =d®! + &y (6.58a)
dv,—dg, = dO®] + dy] (6.58b)

and from 6.14 (a):

am! + am;

dv, = . (6.14a)

Thus the flexibility relationship for the hinge at node I becomes:
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- ~ - ~ !
ar x Tt Fio+ T (]
dvi-dg, = ||fi+fl+ ==L |14 (6.59a)
and at node J:
- ~ n - !
i+ Fi w1 zs, Th* TG |M:
dvy—dgy = || =) Fie FLe 0 (6.59b)
am?
Consequently, for the complete element:
dv, dM:I
av,] =& n? - _ (6.60)
where £, is the flexibility matrix of the complete element, reading:
r h|
7o Fl r1 i
1wt Fii v Ty fiyg+fy
Fll+f||+fjf+ L F|,+ L
£ o= (6.61)
fi+ 7 2z Lt T
F.'j+ I Fjj+fi'i+fji+ L

The 2x2 tangent stiffness matrix K, for the complete element is easily obtained by inverting

the tangent flexibility matrix F,, that is:
4
K, = [F,] (6.62)

6.3.3. Hinge Flexibility

The yield surface for each subhinge can be idealized as being constructed of two verti-
cal facets and two horizontal facets, as shown in Fig. 6.15(a). Among these facets, the
adjacent horizontal and vertical facels a and b have been identified. Yield functions and the

outward normal vectors of facets a and b are indicated in Fig 6.15(a). Similar functions
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and outward normal vectors can be defined for the two other facets. The plastic stiffness

matrix K, for each subhinge considers only moment and shear forces. Thus for subhinge
I
Koy O
K, = 6.63
—spi 0 Kp",i ( )
in which

K, p,; = plastic flexural stiffness coefficient for subhinge i,

K= plastic shear stiffness coefficient for subhinge i.
The flexibility matrix of a yielded subhinge depends on which facet the current state
lies. There are three possible variations of the flexibility matrix of a yielded subhinge.

Consider cases (i), (i1) and (iii) below:

Case (i) - Current state lies only on facet a. Hence only moment yielding occurs.
T
Since for facet a the outward normal [g,} = [1,0], the flexibility matrix for subhinge i is

equal to:

— 0
- ﬂa'ﬂz KPM’i
B = — =l o o (6.64)
I, Dspi N

Case (ii) - Current state lies only on facet b. Thus only shear yielding occurs. Since

T
for facet b the outward normal [gb] = [0,1], the flexibility matrix for subhinge t is equal

Lopi = =L (6.65)

Case (iii) - Current state lies on both facets a and b. Therefore, both momenit and shear

yiclding occur. When the current staie lies on the intersection of two facets, Eq. 6.20 must
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hold for each of these facets. The increment of plastic deformation for a yielded subhinge

is the sum of the contributions from each facet. That is:

dﬁ’:pi = dﬁ'.spi. + dﬁsp:h

where for facet a, using Eq. 6.27:
o T aM.
dE,:pi = fa Za [ 4 ]
* n,' K..'n

and for facet b:

. Ay’ M,
W = BT K WV

Consequently, for subhinge i:

e

_’.'a'ﬁaT _’_rb'ﬂbT dM:
* dv

¥

dw,,, =

A spi T
n, 'E.rpi N,

T
ny Koiny

(6.66)

(6.67a)

(6.67b)

(6.68)

Since from case (i), [g‘,} T = [1.0], and from case (ii), [gb] T [0,1],

— 0
Ko dM,
d_"fspi = 1 dvy

pY,i

the flexibility matrix for subhinge i from Eq. 6.69 is:

1

0
7 Kom,i
‘ spi 0 1
KPV,I'

(6.69)

(6.70)

If the current action point lies on ar- »f rc  :ining facets of the yield surface, results

for the subhinge are similar to one of ihe three cases discussed above. The complere

subhinge flexibility matrix is then obtained by summing the subhinge flexibility matriccs of

all yielded subhinges. Thus, if the current aclion point lies on any vertical facel, then:
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ko
by 0
i=1

- Kiom,i
fp = 0 0 (6:712)
If the current action point lies on any horizontal facet, then:
f 0 0 (6.71b)
p = L :
0
j;] KPV,J

If the current action point lies on the intersection of a horizontal and vertical facet, then:

k

Ye— 0

—~ i=|KPM,i

.fp = o ’ (6.71¢)
0

1 KPVi

4

In the above, k and /, respectively, are the number of active subhinges due to moment
yielding, and shear yielding.

Note that because the outward normals of the intersecting facets are orthogonal, the
hinge flexibility matrices"a.re therefore diagonal. Upon substituting the above into Eq. 6.61,

the complete element flexibility matrix for the general case reads:

Fat 3|2 + 13 [ Fye 1y [
" = KPM, L i=1 KPV,J v L i=1 KpV,i
F, = J 7| (6.72)
= 1< 1 4 1 1E 1
Fo+ — F. + — | + =
d L ‘; KPV’I u ;; KpM,i } L ,'; KPVJI

where
I, J = node of the element to which the active subhinges correspond,
a = number of active subhinges due to moment! yielding of hinge at node I,
b = number of active subhinges dué 1o shear yielding of hinge at node I,
¢ = number of active subhinges due to shear yielding of hinge at node J,

d = number of active subhinges due to moment yielding of hinge at node J.
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6.3.4. Hardening Rule

Both kinematic and isotropic hardening rules were Iincorporaled into the shear link ele-
ment. The kinematic hardening rule is similar to that described previously, where the Mroz
hardening rule is used to translale the yield surfaces and the slope of strain hardening is
determined from the plastic stifiness coefficients. The isotropic hardening rule is based on

the anisotropic hardening rule by Mroz [76].

6.3.4.1. Kinematic Hardening

When the currént state lies on only one facet the situation is treated as a one dimen-
sional yield surface when calculaling the yield surface translation using the Mroz hardening
rulé. Eq. 6.39. For example, if the current state lies on only facet a of yield surface YSi
shown in Fig 6.15(a), then a horizontal translation will occur as shown in Fig 6.15(b).

The gradient @,, of facet a is given by:

/ 1
by =— 6.73
M, M ( }

where Muy; is the initial yield moment of yield surface YSi. From Eq. 6.39, the increment

of translation day,_ due to the increment of bending moment dM, is equal to:

MHJ‘ Mu} . 1 '
Mui -1 (MH, + aM“) - Mui aMn - aM:J —Mui dM:
= dM,

daM:, =
L ot + ay) - | gy, - @
| My; . Mu; ! M. Mu, M- M,

(6.74)

where
@y, @y, = current horizontal position of yield surface YSi, and the next subsequent
yield surface YS§j,

Mu, = initial yield moment of yield surface YSj.

Hence, ihe translation vector in moment-shear action space for yield surface YSi is equal to:



29

dM,
de, =1 o (6.75)

Similarly, if the current state lies on only facet b of yield surface YSi, the yield sur-
face will translate vertically due to an increment of shear 4V, as shown in Fig. 6.15(c).

The gradient ®,y, of facet b is equal to:

Qv = — (6.76)

where Vu; is the initial shear yield force of yield surface YSi. Hence, the increment of

translation day, due to an increment in shear force 4V, is equal to:

Vi, Vu, 1 o
V_u,- - (Vu; + avﬂ) - V_u,-av" = ay, V_u, dVy
da‘r = = dVV (677)
i ‘ L (Vi + ) = | |
— —_— - W, +ay)- | —0—ap -«
Vu, Vi, ! Y Vu, 'r Yar
where
ay, , ay = current vertical position of yield surface YSi and the next subsequent yield
surface YS§j,

Vu, = initial shear yield force of yield surface YS;.

The translation vector therefore in moment-shear action space for yield surface YSi is equal

10:

0 ‘
do, = dv (6.78)

Noite that the increment in translation of the yield surface facets is equal to the incre-
ment of action causing the translation. This is a property of the Mroz hardening rule, where
a surface with a constant gradient will have the action point re'nain on the yield surface.
For a curved yield surface, such as an ellipse, the gradient is pot c;)nstanl and as a result the

action point will drift outside the translated yield surface. In order to achieve accurate
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results this drift must be controlled.
When the action. point lies on two facets simultaneously, the determination of the
translation of the yield surface becomes coinplicated if the Mroz hardening rule is applied

directly to the two-dimensional action space. Firstly, the gradient at the corners of the yield

surface cannot be computed from the yield function. Secondly, unless the loading dS is in
{

the direction of the yield surface translation, depicted in Fig. 6.16(a) as being the vector
S; - §; defined by points Pi and Pj, the action point will drift off the yield surface as

shown in Fig. 6.16(b). Consequently if the vector d;.f is not parallel with S,‘ - S,-, then the

action point must be returned to the yield surface. Therefore the forces in the yielded

subhinge will not be equal to the forces of S; + dS. As a result, unbalanced loads develop
al the corresponding nodes of the element, requiring equilibrium coﬁection. There have
been many proposed‘ brocedures to correct the state dcterminationrfof drift control
[84,85,86,87,79,88]. For the link element the action point should logically be returned to
the yield surface at the intersection of the two facets, since increased rﬁomenl and shear
loading should cause further moment and shear yielding. If this return rule were adopted,

then the new action point would always be constrained to remain at the corner of the yield

surface, whose direction of translation is parallel to 5_,- - _§:—,

Rather than try to adopt a suitable gradient at the corners of the yield surface and
attempt to control the drift phenomena, an approximakion was made where Mroz's harden-
ing rule was applied separately to each facet on which the current point may lie. Thus, in
addition (o yielding, the effect of moment-shear interaction was also ignored during strain
hardening. Therefore, the componenl§ of yield surface translation are given by Eqgs. 6.74

and 6.77. The yield surface translation is thus equal to the action increment. That is:

dM,
da; =1 v | (6.79)

¥

Note that no unbalanced loads develop in a hinge during yielding until another facet is

reached, implying yielding of an additional subhinge.
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6.3.4.2. Isotropic Shear Hardening

As was observed in the experimental behavior discussed in Chapter 4 and in previous
experiments [3,5,6,7], both isotropic and kinematic hardening occur in links yielding
predominantly in shear. For the cyclic link model an anisotropic rule was devised for each
s'ubhinge whereby isotropic and kinematic hardening occurred in shear, with moment yield-

ing following only a kinematic hardening rule, Thal is, for moment:

OM, - ay) =1 (6.80)
where oy, is the horizontal translation of the vertical facets of the yield surface due to

moment yielding, while for shear:

OV, - ay) = H(€) : (6.81)
where ay is the vertical translation of the horizontal facets of the yield surface due 1o shear
yielding. H(e) is a function which represenis the expansion of the yield surface due to
shear yielding, where € is a scalar parameter monotonically increasing in the course of
cyclic plastic flow.

Following the suggestion of Mroz [76], € was defined to be the length of the plastic

shear deformation trajectory. That is:

!
£ = i(dyPOdyP)o'sdt (6.82)

in which dy, is the increment of shear deformation of the complete hinge. The function
H(e) was obtained by fitting a curve 10 the experimental data for isotropic hardening
presented in Chapter 4. The following format was found to fit the trend of the experimenial

data:

2H(e) = AV . — (V. — 2Vy dexp(—acE) (6.83)

The paramecters AV, and Vy are defined in Fig. 6.17, where AV, is the clastic shear

mak

force between the yield envelope at a large value of the plastic shear deformation, and Vy,
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analysis of the experimental data using the H () format.

Examples of function A (e) are shown plotted in Figs. 6.18 and 6.19 for a bare steel
link (Specimen D1) and a composite link (Specimen B1). The use of function H(e) to

expand the yield surface of a subhinge for shear yielding is illusirated by Fig. 6.20.

6.3.5. Loading-Unloading Criteria

is the initial shear yield strength. The coefficient a is a coefficient obtained by a regression

The criteria for distinguishing plastic flow from elastic unloading discussed in Section

6.2.6 was applied separaiely to each facet of a yield surface involving the current state. For

example, if the current state is on a facet indicating that moment yielding is occurring for

subhinge i, then:

[1.0] ifM. >0
n' =
[~1,0] if M, <0
and therefore,
T o
n dS T dM: M:
}'i = s = = d@ M,i
HTEIPI .ﬂ KPM' UMzM: d

where
d@,y,; = calculated flexural rotation of subhinge i

Likewise for shear:

(0,1] ifv,>0

LI —1
[0,-1) ifV, <0

and therefore,

(6.84)
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T 8
A Yoy (6.85)
pY,i ‘yVy

where

dy,y,; = calculated shear deformation of subhinge i

Conscquently, if the current state for subhinge/i is on a facet which designates
moment yielding, that is Eq. 6.80 holds, then unioading from this facet oc;:ﬁrs if due to an

increment of moment dM,,

M. dB,y,; <0 : (6.86)
Likewise, if the current state for subhinge i is on a facet which designales shear yielding,
that is' Eq. 6.81 holds, then unloading from this facet occurs if due 10 an increment of shear

dv,,

¥

Vydyy,; <0 (6.87)
The procedure of translating facets by a very small amount when concurrent unloading

occurs was briefly discussed in Section 6.2.6.

6.3.6. Determination of Plastic Stiffness

The required plastic moment and shear stiffness coefficients can be determined from

experimental action-deformation relationships using Eq. 6.49.

6.4. Effects of Composite Action

The simplified formulation presented in Section 6.3 is intended for modeling bare steel
links. For the analysis of EBFs with composite floors a formulation for composite links is
reguired. In this formulation an apprqach was adopled whereby the essential features of
composite link behavior are accounted for in a gross sense. That is, items such as the
cyclic stiffness and strength of the links and floor beams outside the links are modeled

accurately, whereas the crack patlern and stress distribution in the floor slab are considered
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1o be of lesser importance.

6.4.1. Modeling of Composite Links

The analysis of the experimental data in Chapter 4 indicated that composite links had
a greater initial elastic stiffness, initial shear yield strength, and ultimate shear strength
compared to bare steel links. The interior composite links were found to exhibit a larger
increase in these quantities then the exterior composite links. These phenomena are evident
in Figs. 4.1 to 4.3, which compare cyclic shear response of the composite and bare sicel
links. From these figures it can also be seen that near the ullimale state of a link the plastic
stiffness is greatelr for the composite specimens relative to the bare steel specimens. These
figures also show no deterioration or pinching of the hysteretiIc loops. Analyses s.hown in
Fié. 4.1(b) pertaining to an interior composite and bare steel link of the K-braced EBF
subassemblies indicate that the latter specimen had a higher degree of isotropic hardening in
shear.

The hysteretic moment behavior at the ends of a link, shown in Fig. 4.14, reveals that
severe pinching of the hysteretlic lecops did not occur as in composile beamls of moment
resisting frames [22]. However, the composite links near the ultimate state had a greater
rotational stiffness than the bare steel specimens. It was found by numerical experimenta-
tion that this effect is primarily due to the rotational stiffness of the composite floor beams
outside the links. Furthermore, this rotaliongl stiffness was also responsible for the increase
in the initial elastic stiffness of the composite links.

Satisfactory results for the analyses of composite links were obtained by adopting the
simplified formulation for bare steel links to model composite links. This involves using
for the properties of the subhinges the corresponding greater shear strengths and plastic
stiffnesses of the composite specimens. Furthermore, appropriale isotropic hardening
paramelers for éomposi[e specimens are also required, as well as the use of a newly

developed composite beam-column element for medceling the cyclic rotational effects of the
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floor beam outside the link. A summary of the action-deformation relationships for the bare
steel and composite link specimens are given in Figs. 6.21 to 6.23. These relationships
were obtained afier studying the experimental data, and then performing several analyses
using a range of different action-deformation subhinge relationships until a sati;faclory
correlation with the hylslerelic behavior of the test specimens was achieved. The H (¢) func-

tion to define isotropic hardening in shear were shown earlier in Figs, 6.18 and 6.19 for a

bare steel and composite link. The composite beam-column element is described below.

6.4.2. Cyclically Loaded Beam-Column Element

As nbted above, the flexural stiffness of a composite floor beam outside the link
influences the moments which develop at the ends of a link as well as !lhe elastic link
stiffness. In Chapter 4 a study of the experimental moment-rotation cyclic behavior of the
composiu? floor beams outside the link showed the response 10 be essentially elastic bui
with elastic moduli dependent on the sense of moment. Consequently, these memlbers were
modeled using a composite beam-column element that changés flexural stiffness with the
reversal of moment.

The composite beam-column element, referred to as the complete element, consisted of
the parallel component beam element [81] in series with a rigid-plastic rotational hinge at
each end of the element, as shown in Fig. 6.24. Two beams are used in the parallel com-
ponent beam element. The hinges are considered to be of zero length.

The behavior of a hinge depends on the load path. Generally the hinge is either rigid
or has yielded, where yielding can occur only due to the effects of moment. Momeni-axial
load interaction is not considered to have an effect on the yielding of the hinges. The fol-
lowing rules define when a hinge is rigid or has yielded:

(1) For elastic cyclic loading where the parallel component beam element does not yield,

a hinge will remain rigid under positive moment and will yield when subjected 10 a

negative momenlt, resulting in a bilincar elastic moment-rotation response for the com-
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plete element as shown in Fig. 6.25(a).

(2) When yielding of the parallel component beam element occurs, the hinge becomes
rigid. The hinge will remain rigid while unloading from the plastic state of the paral-
lel component beam element, as indicated in Fig. 6.25(b). If continued unloading
results in a load reversal, then the hinge will yield, as shown in Fig. 6.25(b).

(3) Following yielding of the parallel component beam element and load reversal, a
yielded hinge will continue to yield during any elastic cyclic loading of the parallel
component beam element, resulting in the response of the complete element as shown
in Fig. 6.25(c). Consequently, the hysteretic response of the complete element {or
continued cyclic loading would appear as shown in Fig. 6.25(d).

The elastic moment-rotation response of the complete element was based on the exper-
imental behavior of the composite floor beams outside the links, as discussed in Chapter 4.
The hysteretic behavior of the complete element is in reasonable agreement with some pre-
vious tests {22] of composite floor beams in a moment resisting frame (see Fig. 4.15). A
properly designed short link could possibly have some yielding outside the link, but it
should be small compared to the yielding in the link. Therefore most of the response of a
corﬁplele element is expected to be elastic.

The parallel component beam element discussed here for the complete element is simi-
lar to that developed in Refs. 81, 86, and 89. In this approach first a yield surface is
defined accounting for the interaction of moment and axial force. Such a yield surface is
shown in Fig. 6.26, where the element is assumed to be elastic for action points within the
surface. If the moment-axial load combination at an end of this element lies on or outside
the surface, yielding occurs and a plastic hinge is introduced at the corresponding nodal
point of the element. Solution points falling outside the yield surface are brought back to
the yield surface by applying a corrective moment as shown in Fig 6.27. The effect of axial
load on yiclding can be ignored by specifying a yield surface that accounts only for

moment, Fig 6.28.



37

6.4.2.1, Degrees of Freedom

The complete element has two exiernal nodes and {wo internal nodes, as shown in Fig.
6.24 where the external nodes are identified as I and J. The internal nodes exist at the ends
of the parallel component beam element. The hinges connect the internal nodes with the
external nodes. The external nodes connect to the global structure and have three global
degrees of freedom, namely translations about the X and Y axes, and rotation about the Z
axis, as shown in Fig. 6.14. In the local xyz coordinate system, three deformation degrees
of freedom exist for the complete element as shown in Fig. 6.29. Each hinge has only
flexural deformation. The parallel component beam element has both axial and fexural

deformations. The translation from global displacements r to the deformation degrees of

freedom v of the complete element is accomplished by:

(6.88)

|

1}
IS
I~

where

XT = ["1’ Va2, Va]

I~
f

[’1- 20 73 T4 75 re}
The displacement transformation matrix e is well known and is available in the literature
[74].

The degrees of freedom g for the parallel component beam element are considered 10

act at the internal nodes, Fig. 6.30, and are defined as:

q" = [cn, 2. q;] (6.89)

Because the hinges are not affected by axial force,

Vi =43 (6.90)
The hinges at nodes I and J of the complete element each havc degrees of freedom as fol-

lows; at node I:
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h‘}' = [Vl - 4‘1] “ (6.91a)

and at node J:

wy = [vg - q;] (6.91b)

6.4.2.2. Element Stiffness

In order to determine the element stiffness, a flexibility matrix is first formed for the
parallel component beam element in terms of the degrees of freedom g. The parallel com-
ponent beam element consists of an elastic component with a parallel elastic-plastic com-
ponent. Inelastic axial deformations are assumed not to occur in the parallel component
beam element in order to simplify the problem of interaction between the axial load and
flexural deformations after yield. This procedure is the same as that adopted by Powell
[81,86,89], but is not strictly consistent. However, it is believed to be reasonable for most
practical applications due to the fact that yielding in the floor beams oulside the links is
minor.

The force increment dS at the ends of the parallel component beam element can thus
be expressed in terms of the increment of deformation dq by the element’s stiffness rela-

tionship:

ds = K,-dgq (6.92)

where

dsT = [dM;’, am?, dF]

in which
dM! = increment in moment at end of the elemeni adjacent to node I,

am!

increment in moment at end of the element adjacent 10 node J,

dF = increment in axial force,
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K, = sliffness matrix of parallel component beam element.

The stiffness matrix K, of the parallel component beam element is equal to:

Kb = Eel + L(ep - I o o / (693)
That is: '
Kyi Kyy O
K, = Ky Ky O
EA
0 0o =
L
- - .
£l  El, 01 Bl o ELo .
L i TR L Ni TRy
EI,  El, El, ., EI
=p TKU _L—K'U 0 +(1-p) TKEJ _L—K” 0 {6.94)
0 o A 0 o EA
L L
i ) ] ]
where

K., = stiffness matrix of elastic component,
- K., = stiffness matrix of elastic-plastic component,

K

K,

K;; = flexural stiffness factors of elastic component,

El, = bending rigidity,

EA = axial rigidity,

L = length of the paralle]l component beam element, as defined by nodes I and J.

[ ] *

K. K. K _,:, = flexural stiffness factors for elastic-plastic component,

p = slope of strain hardening modulus as a proportion of elastic modulus.

The coefficients of L(,P depend on the stute, and are computed as follows:

K: =K;(1-A)-K,C (6.952)
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where A, B, C and D are defined in Table 6.1.

If an effective shear area A_ is specified, the effects of shear deformations can be
included in a procedure analogous to that for the link element (Eq. 6.55). Thus, the flexi-
biliry matrix F, for the parallel component beam element which includes the effect of elas-

tic shear deformations is equal to:

F =K'+, (6.96)
=\F; £, 0
L
0o 0 —
AE
where
110
fo=——l110
GA'L |0 0 0

In this manner, the pé.rallel component beam element flexibility relationship is obtained

which includes the effects of shear:

dg = F-dS (6.97)

The incremental deformation relationship for the hinge at node I is equal to:

dw) = (dvy - dqy) = fl-dM] | C (6.98a)
and atend J: -

dw’! = (dv, ~ dgy) = fldm! | (6.98b)

—=p 2 q2 5 : .

where

£, f! = current flexibility of hinge at nodes I and J,
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di!, dM! = increment of moment at nodes I and J.

The increment of deformation dv is the sum of the parallel component beam element. and

hinge deformation increments.. That is:

o, dgy + dw, floo
dvy} = \dg,+dw)( =F-dS + {0 f/ 0/dS =F,dS C(6.99)
d\-’3 dQ3 0 0 0

where F, is the flexibility matrix for the complete element.

The stiffness matrix X, for the complete element is the inverse of F,:

K, = [g,] B | (6.100)
It is possible that K, is singular. This would be the situation when yielding occurs in the
parallel component beam element followed by no strain hardening, or if a pin ended compo-
site beam-column is being modeled. As a result, F, cannot be computed by inverling X,.

In such cases K, is determined by:

K

1) 0 .
0 K, . | . (6.101)

K, =

where the coefficients X,;; and X/, are defined in Table 6.2,

i

6.4.2.3 Hinge Flexibility

The flexibility of a rigid hinge is considered to be null. A hinge develops flexibility
when il yields under the conditions sel forth in Section 6.4.2. A yielded hinge has a flexi-

bility f, equal to the inverse of its stiffness K,. That is:

fs = 4 ' | L (6.102)
The determination of K, requires the knowledge of the action-deformation relationship

for moment. As discussed in Section 6.2.7 it is not possible to account for all possible
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moment variations which may occur. However, in EBFs for composite floor beams outside
the link, it is believed that a bilinear flexural stiffness at the two ends of these members can’
be represenied reasonably well by applying the two sets of moments, as shown in Fig. 6.31.
These end moments are based on the moment diagrams of the floor beams from the non-
linear analysis of K-braced and V-braced EBFs. The analyses involved subjecting these
EBF models to static lateral loads to simulate inertia forces due to a seismic disturbance.
Knowing the bilinear elastic momen(-rotation relationship (Fig 6.31) for each end of a
member, the corresponding stiffness K of each hinge is determined individually. This is
accomplished by equating the flexibility of a composile beam, subjected to negative
moments, to the c;)mbmed flexibilities of the parallel component beam element and a

yielded hinge. That is:

1,1
K~ K* K,

(6.17(/)3)
where
K~ = negative elastic stiffness of composite floor beam outside the link (Fig. 6.31)
K* = positive elastic stiffness of composite floor beam outside t‘he link (Fig. 6.31),
equivalent to the elastic stiffness of the parallel component beam element.
Therefore, solving for K in Eq. 6.103 results in:

K*K~

= —— 6.104
Xt - K- ( )

6.4.2.4. Plastic Deformation and Loading-Unloading Criteria

Plastic deformations in the parallel component beam element are assumed to occur
only as plastic rotations at either end of an element. For any increment of flexural deforma-
tions dg, and dg, of the parallel component beam element, the correspond:ng increments of

plastic rotations d8,, and d®,, are given by:
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depl A B |dq) ‘
d6,,] = |C D| ldg; o | (6.105)

where A, B, C and D were defined previously in Table 6.1.

_ The deformations at the ends of the paralle] component beam element are compﬁled
with the aid of Eqs. 6.98 (a) and 6.98 (b), after the deformations for the composite beam-

column model dv have been determined using Eq. 6.88. That is:

1

dg, =dv, - fl.am! (6.106a)

and

dg, = dv, — fl-am! (6.106b)
Unloading from the plastic state at an end of the parallel component beam element
occurs when the increment in plastic hinge rotation is opposite in sign to the bending

moment. That is, unloading occurs if:
M,d8, <0 ' (6.107)

6.5. State Determination

6.5.1. General

It is necessary when dealing with inelastic analyses to perform a state determination
after compuling the increment in global displacements dr in order 10 determine the updated
internal resisting forces R of the elements. As a result, the unbalanced global nodal loads

R U can be determined for the current state, where:

RY =RE - R! (6.108)
in which RE are the external applicd loads. If the specified norm of RY is greater than an

allowable tolerance, then an iteration is required as summarized in Fig. 6.32, in order to

salisfy equilibrium to within the allowable tolcrance.
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The algorithm in Fig. 6.32 is for a static analysis, where depending on the solution

approach the effective global structure stiffness matrix K., can be either the initial elastic
stiffness or tangent stiffness matrix. Applications for nonlinear dynamic analyses are dis-
cussed in Chapter 7. Iteration with the initial elastic stiffness depicted in Fig. 6.33(a) is
known as Modified Newton-Raphson iteration. Tangent stiffness iteration illustrated in Fig.
6.33(b) is known as Newton-Raphson iterétion. The two methods can be combined, as
illustrated in Fig. 6.33(c). These methods are not the only ones that are used to perform
nonlinear structural analyses. There are many others [90,91,92,93,95], including a form of

displacement control as well as secant stiffness.

6.5.2. Link Element State Determination

Having computed the increment of global displacements dr for the link element, it is

necessary to compute R'! due 10 the associated element deformations dyv. The computa-
tional procedure is as follows:

H Calculate the element deformation increment:

dv = a-dr | (6.109)

dy = vector of element deformation increments,
a = displacement transformation. matrix,

dr = vector of nodal displacement increments,

2) Calculate linear action increments for the element:

ds = K,-dv (6.110)

d§ = bds (6.111)
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dS = linear action increment of the element,
K, = current element tangent stiffness matrix,

dS = linear action increment of the hinges,

b = action transformation matrix from dS to 4 .

Check for the occurrence of an event for each hinge, and calculate the corresponding
event facior FAC for each complete hinge as a proportion of the deformation incre-
ment. Possible events are:

(a) Proportion of deformation increment to reach next yield surface. If this propor-
tion is greater than one, then FAC is 1.0. Otherwise, an event occurs and FAC
is set equal to the calculated proportion.

(b) Unloading from a facet of the yield surface, then FAC is set 10 zero.

Select the smallest event factor, FACM, from the event factors FAC of both com-

plete hinges.

Compute for both hinges the plastic deformation increment d#, from Egs. 6.56 (a)
and 6.56 (b), and the translation increment da; of the yield surface of yielded
subhinges.

Update the forces s, origins «; of the yield surfaces for all subhinges, total plastic

deformations W, and accumulated plastic shear deformation parameter € of both

%,
hinges:
S =5 + FACM 48 (6.112a)
@, =g, + FACM dg; ' (6.112b)
®, = ®, + FACM -d%, (6.112¢)
€ =€+ FACM- dyPOdyP {(6.112d)

Compute the complement of the event factor:
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(&

9

(10)

(1n

(12)

FACC =1 - FACM : ' (6.113)
If any event has occurred, reform the tangent stiffness matrix X, for the element
using Eqgs. 6.72 and 6.62.

Calculate the remaining element deformation increment:

dv = FACC-dy (6.114)
If the deformation increment dv for the element has not been exhausted then go to
Step 2.

Compute the element action S:

s =p"§ (6.115)
Compute the internal resisting forces R! for the element:
R =a5§ (6.116)

6.5.3. Composite Beam-Column Element State Determination

Having computed the increment of global displacements dr for the composite beam-

column element (complete element), il is necessary to compute the internal resisting forces

R’ due to the associated deformations dv. The computational procedure is as follows:

(1

2)

Calculate the deformation increment for the complete element:
dv = a-dr ‘ (6.117)
where

dv = vector of deformation increment for the complete element,
a = displacement transformation matrix,

dr = vector of nodal displacement increment.

Calculate the linear action increments for the complete element:

dS = K,-dv (6.118)
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and determine the action increments for both hinges and the parallel component

beam element:

ds, = b-dS (6.119)
ds, = b,-dS (6.120)
where

dS = linear action increment of the complete elemenl;

K, = current tangen! stiffness tﬁatrix of the complete element,

dS, = linear action increment for the hinges,

b = action transformation vector from dS to dS,,,

dS, = linear action increment for the parallel component beam element,

b, = action transformation matrix from dS to dS,.

Check for the occurrence of an event in each hinge and the parallel component beam
element. Calculate the corresponding event factor FAC as a proportion of the defor-
mation incremenl. Possible events are:

(a) ‘Propbnion of deformation to cause a hinge to yield or become rigid. , If this
proportion is greater than one, then FAC is 1.0. Otherwise, an event occurs
and FAC is sel équal to the calculated proportion.

(b) Proportion of deformation to cause yielding of the parallel component beam
element. If this is greater than one, set FAC equal to 1.0. Otherwise, an event
occurs and FAC is set equal (o the calculated proportion.

(¢) Unloading from the yield surface of the parallel component beam element, FAC
is set 10 zero.

Select the smallest event factor, FACM, from the event factors FAC of both hinges

and the parallel component beam element.

Compute the plastic deformation increment 40, at both ends of the parallel com-

ponent beam element, using Eq. 6.105.
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(6)

o))

(&)

9

(10

(11)

(12)

Update the forces S, and.§,, of the parallel component beam element and hinges,

and the plastic deformation @, at both ends of the parallel component beam element:

—F
S, =S, + FACM S, (6.121a)
S, =5, + FACM 48, (6.121b)
©, =8, + FACM-d®, (6.121c)

Compute the complement of the event factor:

FACC =1- FACM ‘ , (6.122)
If any event has occurred, reform the tangent stiffness matrix for the complete ele-
meni using Eqs. 6.99 and 6.100, or if necessary Eq. 6.101.

Calculate the remaining deformation increment for the complete element:

dv = FACC -dv : (6.123)
If the deformation increment d£>for the complete element has not been exhausted
then go to Step 2.

Compute the action S for the complete element:

S =blS, | (6.124)

Compute the internal resisting force R/ for the complete element:

Rl =as5§ (6.125)

6.6. Modeling of Experimental Specimens

6.6.1. General

ANSR-1 is a general purpose compuler program [94] which was developed at the

Universily of California at Berkeley for analysis of nonlinear structural resporse. Both the

simplified link element formulation and the composite beam-column element formulation
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were programmed into ANSR-1. Additional elements available in ANSR-1 include a three
dimensional beam-column element, three dimensional truss element, and a continuum finite
element for plane stfess, plane strain, or axisymmeltric analysis. ANSR-1 has both static
and dynamic analysis capabilities, with the user having several allernatives for selecling a

solution procedure.

6.6.2. Analysis of a Bare Steel Link

The bare steel link of the K-braced EBF subassembly (Specimen D1) was analyzed by
modeling the test beam as shown in Fig. 6.34. The link ¢lement was used, along with the
standard beam-column element already in ANSR-1. The element properties were based on

the mechanical properties of Specimen D1 and the section properties summarized in Tables

2.3, 2.6, and 2.7. The area of the web was used as the effective shear area A_.'.

The model of Specimen D1 was subjected 1o the first eight balf cycles of the displace-
ment history of Specimen D1. This involved applying nodal cyclic loads P, and Py al
ends A and B of the link. The sign convention for the link deformation y and link forces is
given in Fig 6.35. Included in this figure is the identification of ends A and B of the link.
The‘ results of the analysis in terms of the link deformation y and the link forces are com-
- pared with the measured response of Specimen D1 in Fig. 6.36 and 6.37.

Figures 6.36 and 6.37 indicate that the elastic stiffness of the model is in close agree-
men! with the measured value for Specimen D1. The combined isotropic and kinemalAic
hardening behavior of the model also correlates well with the experimental behavior. Furth-
ermore, the model predicts shear yielding in the link, with moment yielding occurring at
end A of the link during Cycle 2 when a y of 0.04 rad. developed in the link. These results
are similar 10 those observed during the testing of Specirien D1. In later cycles al the peak
link shear force of each half cycle, the model has a greater plastic stiffness than the meas-
ured value for Specimen D1, resulting in a larger shear and end moments to develop in the

link of the model. This discrepancy, however, is not too significant and could be minim-
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ized by performing additional analyses where the action-deformation relationship is adjusted
to give better results. Overall, it appears that the link element is capable of predicting rea-

sonably well the cyclic response of bare steel links.

6.6.3. Analysis of a Composite Link

Specimen B1, an interior composite link, was analyzed by modeling the test beam as
shown in Fig. 6.38. The link element was used along wilhv the composite beam-coiumn ele-
ment. The element properties are based on mechanical properties of Specimen B1 and the
section properties listed in Tables 2.3, 2.4, 2.6, and 2.7. Based on the experimental results
given in Fig. 4.65, the effective moment of inerua /; equal to 2.61 was assigned to the

composite beam-column element, where I is the moment of inertia of the bare steel speci-

mens. The positive bending stiffness K* was established using this value of I in the elas-
tic expression for flexural stiffness of the composite beam-column element subjected to an

end moment, i.e., from Eq. 4.8:

3E]
K+ = ot _ 7.8E] (6.126)

L L

The quantity L is the length of the composite floor beam between the support and the end

of the link. The value of the negative bending stiffness X~ was determined in a similar
manner, requiring the use of 1.281 for the effective moment of inertia. These experimental
results are sgmmarized in Fig. 4.65. The required stiffness K, for each hinge was then
determined using Eq. 6.104. The measured effective 'wfdth of 48 in. based on the stress dis-
tribution at the end of the link for Specimen B1 (Fig. 4.56) was used 1o estimate the posi-
live moment and compressive axial load capacities for the composite beam-column element.
The negative moment capacity and tensile capacity were set equal to the values of the bare
siecl beam specimens.

The analytical model of the composite beam specimen was subjected to the first eight

half cycles of the displacement history of Specimen B1. This involved applying the nodal
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cyclic loads P, and Py at ends A and B of the link, The model’s response in terms of link
deformation ¥ and link forces are compared with the measured values in Figs. 6.39 and
6.40. As before, the sign convention for the response is indicated in Fig 6.35.

_ Figure 6.39 shows that the shear hysteretic response of the model is in good agree-
ment with the experimental results for elastic stiffness, shear yielding, as well as for
kinematic and isotropic bardening phenomena. In Figure 6.40 the moment at link end A in
the model shows some disagre.emem in later cycles, where the experimental results indicate
a decrease in the moment during inelastic deformation. “This experimental behavior was
noted in Chapters 3 and 4 as being the consequence of damage to the concrete floor slab
above the link. Therefore, by not including in the link element the cyclic deterioration of
the moment capacity due to the effects of floor damage, there is a discrepancy with experi-
mental results in terms of the distribution of link end moments. However, this discrepancy
is not too large and the hysteretic response of the analytical model shows generally good
agreement with the experimental behavior. Thus, the methods used to model the composite
links and floor beams in EBFs are capable of predicting reasonable cyclic behavior of these

members.

6.6.4. Analysis of a Three-Story EBF

An analysis was performed on a three-story EBF to examine how accurate the link
model predicted global nonlinear response of an EBF. The three-siory EBF analyzed was
similar (o the one tested in the laboratory by Roeder [6]. The geometry and member sizes
of the test frame are shown in Fig 6.41. All of the connections in the test frame were
moment resisting connections. The test frame subassemblage was a one-third scale model
of a bay of the lower three stories of a 20-story EBF, see Fig. 6.42. The test frame was ini-
tially subjected to gravity loads P applied to the columns, {followed by a cyclic lateral load
H applied al the third floor which imposed a displacement history shown in Fig. 6.43. This

displacement history was based on a simulation of estimated extreme response to 1.5 times
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the ElI Centro earthquake (first 18 half cycles in Fig. 6.43), followed by the unscaled
Pacoima Dam earthquake [6].

The model for the analysis used the seclion properties of the members shown in Fig.
6.41. The force-deformation relationships were based on experimentally determined
behavior [6], and are summarized in Table 6.3. Moment-axial load interaction was
accounted for in the elements modeling the beams, columns, and braces by a yield surface
defined by Eq. 2:4-3 of the AISC Specification {20]. A schematic of the analysis model is
given in Fig. 6.44, where a loading beam used in the experiment has also been modeled axi-
ally rigid. Four inch rigid offsets at the link ends adjacent to the column were introduced in
order (0 maintain the proper length of the links and account for the depth of the columns.
Hence, the column panel zones were modeled as béing rigid.

The analysis model was initially subjected to the gravity loads P, followed by the
first 27 half cycles of the displacement history shown in Fig. 6.43. The displacement his-
tory was imposed at the third floor of the model using a nodal force A, as shown in Fig.
6.44. Figures 6.45 to 6.47 show the lateral load-floor deflection for the three fioors. The
comparison between the experimental and analytical results is extremely good up to half
cycle 25, indicated by the number 25 in these ﬁgures. Brace buckling was initiated in the
test frame during half cycle 19 (see Fig. 6.47), causing the test frame's strength to begin to
deteriorate. With further cycling of the test frame, the brace buckling became more pro-
nounced, and the south link of the first floor (Fig. 6.41) experienced web tearing during half
cycle 26. As a result, the test frame experienced a decrease in its strength in each of the
cycles subsequent to ¢cycle 19, Since the analytical model does not account for web tearing
nor brace buckling, the analytical results show no deterioration in strength. Consequently,
the analysis was stopped after completing the 27th half cycle because of the limited accu-
racy that would be expecied during further cycles.

The relative vertical deflection between the ends of the model’s first floor links are

comparcd to the experimental results in Table 6.4. The comparison is by no mcans exact,



but it is good for inelastic analysis.

The hysteretic shear response of the first floor links of the model are shown in Fig.
6.48, indiéaririg that the south link experienced more deformation. This magnitude of cyclic
deformation would likely tear the links once the web buckled. The combined isotropic and
kinematic hardening is evident in these figures. The corresponding moment-link deforma-
tion hysleretic response curves are shown in Figs. 6.49 and 6.50. Moment-shear force
diagrams are shown in Figs. 6.51 and 6.52. These figures indicate that the link moment
adjacent to the column is larger and became bounded near the moment capacity of M,
while the smaller moment at the other end of the link kept increasing. This behavior is
similar to the experimental response of short links tested by Kasai [7], using the setup
shown in Fig. 6.53, where one end of the link (end A) was restrained from rotating. The
hysteretic response of a short link (Specimen 7) is shown in Figs. 6.54 to 6.56, indicating a
close resemblance to the behavior of the analysis results. Severe web tearing occurred dur-
ing the last half cycle for this specimen.

Overall, the link element results in an accurate prediction of global response of EBFs
if severe cyclic brace buckling and web tearing do not occur. The local response of the link
element appears to resemble experimental cyclic behavior quiie well up to the point when

severe web tearing occurs.
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CHAPTER 7

NONLINEAR DYNAMIC ANALYSIS METHOD FOR EBFs

7.1. General

Under strong seismic disturbances EBFs are designed to respond in an inelastic
manner. In properly designed EBFs such activily occurs primarily in the links. In order to
accurately assess the performance of EBFs for such conditions, nonlinear dynamic analyses
are required. Important factors in a nonlinear dynamic analysis are the efficiency and sia-
bility of the solution procedure, in addition to the inodeling assumptions which may have a
significant effect on the calculated response.

This chapter presents a procedure to solve the incremental equations of motion for
nonlinear dynamic analyses of EBFs. The procedure is based on a direct integration
hmethod. The effects of nonlinear deformations on the modeling of viscous damping are

- also examined. This chapter concludes with analyses of single degree of freedom systems
in order to indicate general trends of simple systems and the effects of nonlinear deforma-

tions-during earthquakes.

7.2. Source and Extent of Nonlinear Behavior

The major sources of nonlinearity in a structural system can be classified as follows:

(1) Material nonlinearity - This type of nonlinearity arises through the nonlinearity in the
action-deformation relationships of the members of a structural system.

(2) Geometric nonlinearity - This type of nonlinearity arises through nonlinearity in the
deformation-displacement relationships and through the need to formulate equilibrium
conditions in the deformed conﬁguratiop.

(3) Force nonlinearity - This type of nonline\arity occurs when the applicd forces arc a

function of the displacements of the system. Examples are hydrodynamic loadings on
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offshore platformi ang pressure Ioadipgs on thin membranes.

The choice of a solution scheme depends on the type and severity of nonlinearities
affecling the behavior of the structural system. Fbr the EBF analyses to be performed,
which are presented in Chapter 8, material nonlinearity is the most predominant. These
analyses involved medium height EBFs, consisting of three bays and six stories. For more
slender and taller EBFs the geometric nonlinearity arising from the P-delta effect will likely
become more significant than in the analyses of shorter, stockier EBFs. The nonlinearities
that will be accounted for in the EBF nonlinear analysis procedure will consider material
nonlinearity and the P-delia effect. As will be discussed later, the P-delta effect was con-

sidered by including a geometric structural stiffness in the analyses.

7.3. Incremental Equations of Motion

For a structural system subjected to dynamic loading, the equations of motion can be
expressed in an incremental form relating the response to an applied load for a time step ar.
Such a format is presented below, where the damping of the system is being modeled

assuming viscous damping:

Maj+Cag+Kng =Py~ M4 +C4+R) (7.1)

The left hand side of Eq. 7.1 expresses the increment in response between lime ¢ and
t + At due to the unbalanced load occurring as a resull of the applied load P, ., ,, at lime
t + at. The terms in Eq. 7.1 include: |

M - structural mass matrix, which may be iumped or in consistent form,

C - damping matrix,

K, - tangent stiffness matrix at time ¢, which may include a geometric stiffness,

Ag, ag, A§ - increment of nodal displacements, velocities, and accelerations,

P, . ., - external applied loads at time r + ar,

R, - nodal loads in equilibrium with element forces at time r,
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g.. 4, - nodal velocitics and accelerations at time r.

It will be assumed that the mass and damping matrices are constant. Viscous damping will
be elaborated on later.
The inertia forces f,(r) associated with the seismic ground motions are included in the

P, , ., term. Typically, they are expressed as:

L) = =M i) | (7.2)
where
r = influence coefficient vector or matrix expressing pseudostatic displacements resul-

ing from support motions, see [99],

X,(r) = ground accelerations of supports al time /.

For the present study, no relative support motion is assumed. Therefore, the effective earth-

quake forces are due to a ground acceleration X,(r), reading:

Li(t) = =M1 X(1) (7.3)
Note that the effects of soil structure interaction are not being considered, and there-

fore are not expressed in Eq. 7.1.

7.4. Solution of the Incremental Equations of Motion

'fhe incremental equations of motion presented in Eq. 7.1 are typically solved using
direct integration techniques. There are basically two methods for the direct integration of
the equations of motion, namely explicit methods, in which the accelerations are found from
the equations of motion and then integrated to obtain the displacements, and implicit
methods, in which the equations of motion are combined with a time integralion operator in
order that displacements are found directly. The most widely used schemes of the two
methods include:

(a) Explicit:



- Central Difference Method [100]
(b) Implicit:

- Houbolt Method [101]

- Wilson-® Method [102]

- Newmark Method [103]

- Hilber-Hughes-Taylor Method [104]

- Hughes-Caughey-Liu Method [105]

To obtain a solution to the incremental equations of motion using an integration
method, 1t is a requirement that the method possess stability and accuracy. Accuracy is
assessed by measuring amplitude and frequency distortion as a function of time step size
when the integration method is applied 1o an undamped linear oscillator. Stability is
assessed by studying the amplitude growth of the computed solution.

The stability of integration methods have been established for linear systems
[95,106,107]. However, for nonlinear systems the stability of the integration methods is
generally problem dependent, and has not been fully established. In general, stability in a
linear system is a numerical problem related to the spectral radius [95] of the imégration
operator for the different schemes. For a noniinear system the source of instability is more
complex, and basically is related to the accumulation of energy errors [118]. Sources of
energy errors are due to equilibrium unbalance, and the work done by the unbalanced loads.
To help conirol this, one should attempt to remove unbalanced loads within each time step
and select a sufficiently small time step. Because of the complexity involved with nonlinear
sysitems, the stébili{y and accuracy of an integration algorithm can only be established by
numerical experimentation.

The unconditional stability of many single step implicit integration methods in linear
analysis has favored their use for practical nonlincar dynamic analysis. One which is
addressed herein and used by the ANSR-1 computer program [94] is that of Newmark

[103]. Newmark's method is an implicit iwo-parameter scheme in which it is assumed that
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the increments in velocity Ag and acceleration ag are relaied to the increment in displace-

ment ag and state of motion at time (. That is:

s = Y ag-X

= Bar-= B

g, + At

_ Y|
1 2ﬁ]g, (7.4a)

.. 1 1 . 1 ..
AG = ~Ag - - =
ﬂ B(Ar)’ ﬂ ﬁarg’ 2;35’

(7.4b)
where

B.y = integration parameters,

At = time step,

4,. 4, = nodal velocities and accelerations at time ¢.

It has been shown [107] that for unconditional stability of Newmark's operator involving

linear analysis that the integration parameters 8 and y must satisfy the following criterion:

y 2 05 | (7.52)

B z 0.25(0.5 + v)* | (7.5b)

The constant average acceleration operator uses = 0.25 and y = 0.50. A number of
other stable operators can be obtained by specifying appropriate values for the parameters 8
and y which satisfy Eqs. 7.5 (a) and 7.5 (b). 1t is also possible to introduce numerical

damping effects by specifying a damping parameter & such ihal:

y =05+9, 6 >0 _ (7.6)
The incremental equations of motion can be solved for A¢ by substituting Eq. 7.4 into

7.1, whereby the following results:
K'ag =P' (7.7)

in which X, is the effective stiffness matrix and P " (he effective load vector, where:
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» 1 1
K, =— M+ C+K
Bant— = par— 7

and

At

* _ _L..-_l__. 7 __Y_.. _1. _
P =P, M{[] 2ﬁng ﬂAtgf} c 1 25}21*[ ﬂJg’}

Once Agq is delermined, the motions are updated at time r + ar, That is:

QDvar =G TA49 (7.8a)
g: + at = 1= -ﬁt] ‘_.?1 + ﬁ—LAg + AI[I - %] é{ (78b)
" 1 1. 1 1 . :

rvar = 1- ﬁ] q + mAﬂ = Hgl (7.8¢)

Equilibrium will not be satisfied at time ¢ + A7 if during the time step Af nonlineari-
ties are developed. Consequently, an integration algorithm is required- in which iterations
are performed within the time step in order to satisfy equilibrium subject to a specified

tolerance. Such an algorithm employing Newmark's integration method is given in Table

7.1. This algorithm is based on iterating with a constant effective stiffness for K", as will
be discussed below, and was the procedure adopted for the nonlinear dynamic analyses of
EBFs using ANSR-1.

As noted in Chapter 6, two types of iterative procedures are commonly used, namely
Newton-Raphson iteration and Consta:m Stiffness or Modified Newton-Raphson iteration. In

Newton-Raphson iteration the structure tangent stiffness matrix K, and hence the effective
. - * . -

tangent stiffness matrix X, are reformed at every iteration. Consequenily, a large amount

of compuialibnal effort may be required to form and decompose K,. In Constant Stiffness

iteration X, maintains its initial value, determined at the beginning of the analysis. Con-

stant Stiffness iteration will converge more slowly than Newton-Raphson iteration, however,

Rl
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this may offset the effort of reforming and decomposing K, at every iteration. Generally. it
is problem dependent. For the analyses of EBFs it was found that Constant Stiffness itera-
tion was more efficient, therefore this type of iteration was incorporated into the algorithm
shown in Table 7.1. The initial structure stiffness matrix K, referred to in the initialization
phase of the solution algorithm, includes a geometric stiffness based on gravity loads
applied before the dynamic analysis.

Values for the integration parameters 3, y, and & for the nonlinear EBF analyses were
chosen whereby the constant average accelerarion operator was employed. This operator
was favored for nonlinear analysis because of its unconditional stability for linear analysis.
The selection of the time step ar is problem dependent. Therefbre, for each EBF model
several trial analyses were performed, where in each analysis a different time step size was
. chosen. The final choice for Ar was based on the value which resulted in no significant
change in the response and energy calculations compared to the resulls oblained using a
further reduced time step size of 0.5ar. Note that by employing the constant average
acceleration method that & is equal to zero, hence no numerical damping was present. In
nonlinear dynamic response it is desirable to have some form of damping in order to filter
oul high frequency noise resulting from sudden chaﬁges in the structural stiffness. There-
fore, viscous damping was used in the analyses. The effects of nonlinear deformations on

viscous damping in EBFs are discussed next.

7.5. Viscous Damping

The damping matrix C of multi-degree of freedom systems is typically defined for

linear problems to be proportional to the mass matrix M and elastic stiffness matrix XK.

That is:

Q =00M+GIK (79)

This is referred 1o as Rayleigh damping {99], where C possesses the property that the gen-
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eralized damping matrix C" is diagonal. The generalized damping matrix is determined as

follows:

c'=0'Co (7.10)
in which @ are the eigenvectors of the elastic system. A structural system in which C" is
diagonal is said to be a classical damped system. The eigenvectors & are obtained by solv-

ing the eigenvalue problem:

K® =MDA (7.11)
where A is a diagonal matrix which contains the eigenvalues of the system. Each eigen-
value in A represents the square of the frequency of vibration of a particular mode for the
system. It is common practice to normalize @ with respect to the mass matrix M, such

that:

and:

KD =A
where 1 is the idémity matrix.
For a structural system whose generalized damping matrix is diagonal, the modal
equations of motion for the system are uncoupled [99]. That is, for mode n, where the
eigenvectors have been normalized with respect to the mass matrix, the modal equation of

motion reads:

It + 2E,@,¥,(1) + 02y (t) = p(t) (7.12)

where
ya(t), ¥,(1), ¥,(t) = modal displacement, velocity, and acceleration,

&, = modal damping ratio,

AN
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w, = vibration frequency of mode n,

pa(t) = generalized modal force.
Note that the motions g(t) in geometric coordinates are related to the modal motions by the
following transformation:

q(r) = D, ¥, (1) (7.13)

n

where @, is the eigenvector for mode n.
In elastic analyses the coefficients a4 and a; of Eq. 7.9 are typically evaluated by

assigning modal damping ratios for two elastic modes {99], where for mode n:

ag a,w,
+
2w, 2

¢, = (7.14)

Consequently, the modal damping ratio varies with frequency for an elastic system as
C;hc')wn in Fig. 7.1. The first term of Eq. 7.14 is related to mass proportional damping, while
the second term corresponds to stiffness proportional damping. As evident in Fig. 7.1,
stiffness proportional damping has higher damping at higher frequencies, whereas mass pro-
portional damping has the opposite effecl. Since in most linear seismic analyses the
response is dominated by the lowest modes, either stiffness proportional or Rayleigh damp-
ing is typically used in order to filter c;u! any noise crealed by high frequency response. In
the past, researchers have preferred using stiffness proportional or Rayleigh damping to
filter out the high frequency noise which can develop in a nonlinear system following a sud-
den change of the structural stiffness. ANSR-1 has adopted a similar approach for defining
the damping matrix, in addition 10 allowing for tangent stiffness proportional damping. The

structural damping matrix € in ANSR-1 is assembled from the global mass and the element

stiffness matrices, reading:

C =aM+Ya, K™ +Ya K (7.15)
i i

where K™ and Kf™™  are the elastic and tangent stiffness matrices for element i.
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In nonlinear systems where there exist significant hysteretic energy dissipation the
damping matrix is typically a linear éombination of the mass and stiffness mairix. That is,
either Rayleigh or stiffness proportional damping is used.‘ This is based on the assumption
that the response of an inglastic Syslcm is dominated by the hysteretic damping and that the
change of the viscous damping properties due 1o nonlinear deformations is insignificant.
This is generally true for analyses in which the viscous damping is small for all the partici-
pating modes.

Two nonlinear dynamic analyses were performed on the six-story EBF shown in Fig.
7.2. In both analyses the EBF was subjected to the NS component of the 1940 EI Centro
earthquake record which had been scaled by a factor of 1.5. In the frst analysis Rayleigh
damping was used to define the damping matrix for the EBF model where a five percent
damping ratioc was assigned to the first and fourth modes. In the second analysis no damp-
ing was used in the EBF ‘model. The links in both analyses were modeled v&;'ith elastic-
perfectly plastic force-deformation relationships. The lumped masses used for the EBF
model are given in Fig. 7.3. Figures 7.4(a) and 7.4(b) show the first floor brace response of
both analyses. Included in these figures are the shear force time history of the link adjacent
to the brace whose response is shown. A direct comparison of the ﬁrstt floor brace response
for the two analyses was made by superimposing their axiai force time histories on 'lhe
same figure, as shown in Fig. 7.5. This figure indicates a similar axial brace force response
for the two analyses during the first 1.5 seconds. During this time the responsel was linear
elastic. However, there was a noticeable difference in the response of the two analyses
afier the elastic-perfectly plastic link reached the shear force V, and yielded in shear at 1.6
seconds into the time history. The EBF model with Rayleigh damping developed a larger
magnitude of axial brace force during link yielding than the EBF model without damping.
This became a general trend, where the increase was as much as 48 percent, occurring at
2.2 seconds into the time history. The axial brace force of the analysis with Rayleigh

damping was considerably larger than was warranted by the shear force in the link. How-
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ever, the analysis without damping showed reasonable results for the axial force in the first
floor brace. The same phenomenon of unusually large brace forces was also observed by
Roeder [6], where the damping malrix was proportional to the initial stiffness matrix. Con-
sequenllly, the assumption that nonlinear deformations do not significantly affect the viscous
damping properties may not be valid for nonlinear analysis of EBFs.

To investigate the reliability of initial stiﬂ"ﬁess dependent viscous damping for EBFs,
the modal dampiné ralrios were Studied for a one-story EBF at several assumed stages of
structural yielding. The assumed siages of structural yielding are shown in Fig. 7.6, where
the following points are identified:

A - Initial shear yielding in link,

B - Conlinued shear yielding in link with yielding in columns and braces at base of‘

structure,

C - Full plastic shear yielding with moment yielding in link, continued yielding in

columns and braces at base of structure.

The model of the one-story EBF is shown in Fig. 7.7, where the degrees of freedom have
. been reduced to the three generalized degrees of freedom ry, r,, and ry. The damping

matrix C for the model was based on Rayleigh damping, with initial modal damping ratios
for the first three elastic modes of & = 0.05, &} = 0.05, and &3 = 0.065. The vibration fre-
quencies of the elastic structure for the first three modes were w} = 23.3 rad/sec, w} =405

rad/sec, and w} = 69.6 rad/sec.
The tangent stiffness X, was determined for each stage of structure yielding

corresponding to Fig. 7.6. The modal damping ratios were then determined for each stage

from the generalized damping matrix C", where:

-

g =

et

Tce (7.16)

The matrix @ contains the eigenvectors for the 1angent stiffness matrix X,. That is:
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L2
=)

K-® =M.
The generalized damping matrix for the yielded structure will not be diagonal. The modal

damping ratio § of each inelastic mode was approximated by ignoring the off-diagonal

terms of C". Thus, for mode n:

&n = 20, (7.18)

where o, is the vibration frequency of inelastic mode n, obtained by the solution of the

~

eigenvalue problem represented by Eq. 7.17, and C, the diagonal term of C* correspond-
ing to mode n. The accuracy of the above approximation for , has been examined in vari-
ous studies. A criterion developed by Warburton and Soni [108] has indicated that this

approximation is accurate as long as the vibration frequencies of the system are adequately
spaced and the magnitudes of the off-diagonal terms of C* are smaller than or of the same

order as the diagonal terms. An examination of C" for each stage of yielding of the model
indicated that this criterion was met. Shing and Mahin [109] compared the above approxi-
mation for &, with the exact solution for non-classical damped systems [110] and found the
agreement was good. Thus, for this study the approximation should be accurate enough in
order to provide reasonable results concemihg the effect of nonlinear deformations on
viscous damping of EBFs.

The effect of yielding on modal damping in the one-story EBF model is shown in Fig.
7.8. The fractional change of modal damping, &, — &, with respect to initial modal damp-

ing. &!, is plotied against that of e, for the first and third modes at the assumed stages of
structural yielding. The viscous damping of the second mode appeared 1o be unaffected by
the nonlinear effects, and therefore xs nol included in this figure. In the analysis, the pro-
gressive yield slates resulted in an increase in modal periods. This is equivalent o a

decrease in the modal frequencies w,. Figure 7.8 indicales (hat as link yielding progresses

/\\
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the modal damping fatios increase while the modal frequencies decrease. This phenomenon
is most prominent for the first mode. These results clearly indicate that the damping of the
fundamenial mode is significantly influenced by the yielding of the link., It was determined
that the response of the six-story EBF models were primarily in the fundamenial mode.
Consequently, the large unwarranted axial brace forces in Fig. 7.4(a) developed by the Ray-
leigh damped EBF model during link yielding are due to the increase in modal damping.

To reduce the effects of nonlinear deformations on the viscous damping in EBF
models, while working within the framework of ANSR-1, a form of nonproportional damp-
ing was used. That is, when forming the damping matrix using Eq. 7.15, Rayleigh damping
was maintained for all elements excluding the links, while only mass proportional damping
was used for the link elements. Tangent sliffness proportional damping was not used for
any of the elements, thus the coefficients a, were set equal to zero in Eq. 7.15. With this
format for the damping matrix, the axial brace forces developed in the six-story EBF
models were found to be more reasonable. A comparison between the-response of models
using Rayleigh dampingja.nd nonproportional damping, respectively, will be discuss;:d in
Chapter 8 for a six-story EBF.

Using the nonproportional damping formal, the one-story EBF was reanalyzed for
modal viscous damping behavior during nonlinear deformations. The results are shown in
Fig. 7.9, where again the damping ratio of the first mode is shown 10 be most affecled by

the nonlinear deformations. A comparison with the previous case involving Rayleigh damp-
|

ing is shown in Fig. 7.10 for the first mode. This comparison indicates that the increase in
the modal damping of the first mode is less for the nonproportional damped system, where

this result is equal to about one-half the increase for the Rayleigh damped system.

7.6. Behavior of Simple Inelastic Systems

A simple structure system shown in Fig. 7.11, consisting of a single degrec of freedom

damped oscillator, was analyzed to illustrate phenomena associated with nonlinear dynamic
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response. "The purpose for the analyses of single degree of freedom, SDOF, sysiems was 1o
gain additional insight into the phenomena éssocialed with nonlinear response due to yield-
ing before performing nonlin¢ar dynamic analyses of multi-degree of freedom, MDOF, sys-
tems. The SDOF system analyzed was assigned a 5 percent viscous dampir-l/g ratio and an
initial elastic period T of 0.2 seconds. A unit mass was assumed. The post yield stiffness
of the oscillator was set at 1.5 percent of its elastic stiffness. A strength level faclor n was

defined for the oscillator as:

= ) (7.19)

where

m = mass of the system,

i, max = maximum ground acceleration of a selected earthquake record,

g

R, = yield strength of the oscillator.

Two analyses were performed, one consisting of an elastic oscillator {n = 4.0) and the
other an inelastic oscillator (n = 0.48). In both analyses, the systems were subjected 10 the
first 20 seconds of the original NS component of the 1940 El Centro earthquake record.
The displacement response history for the elastic and inelastic qscillalors are shown in Fig.
7.12.

By comparing the responses of the two systems it is apparent that the inclastic oscilla-
tor develops an offsel due to yielding, about which it oscillates. This nonlinear system also
appears to develop a greater magnitude 6f maximum displacement due to yielding compared
1o the elastic oscillator. At the end of the analysis the nonlinear system developed a per-
mancnt deformation, characlerized_ by the oscillations about the offsel. A consequence of
cyclic yielding resulting in plastic deformation is the dissipation of hysteretic energy. The
dissipated bysteretic energy is the enclosed arca shown in Fig. 7.13 of the force-deformation

hysteretic loops for the inelastic system,
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The input energy IE By an earthquake is equal to the total energy of the system, where

for a nonlinear system:

IE = KE+PE+ SE + DE + HE (7.20)
where
KE = kinetic energy,
PE = change in potential energy of gravity and static loads on system,
SE = recoverable elastic strain energy,
DE = dissipated damping energy,

HE = dissipated hysterelic energy.

An elastic system does not dissipaic bysteretic energy, therefore, the term HE would be
deleted from Eq. 7.20 for such systems. The energy time histories for the elastic and ine-
lastic systemns discussed above are shown in Figs. 7.14(a) and 7.14(b). Since the analyses
involved only inertia forces due to ground motions, no change in potential energy occurred.
For the inelastic system most of the input energy is shown to be dissipated by hysteretic
enérgy. The elastic system has a greater amount of dissipated damping energy compared 10
the inelastic system, however, the inpul energy is less compared to that of the inelastic sys-
tem. For both systems the kinetic and recoverable strain energy remain relatively small
throughout the response. Unlike the displacement time histories, which stop increasing after
about 6 seconds, the hysferetic and damping energy continue 0 increase at an almost con-
stant rate. Thus, for sysiems with limited energy dissipation capacity the durauion of
ground motion may have an important effect on the potential failure. Systems which are
designed in order that they yield during strong seismic disturbances must possess duclility
in order to assure that they cén continue to dissipate hysleretic energy.

The two systems are a specific example for given properties of structural period.
damping, and post yield behavior. The response of structural systems is particularly sensi-
tive to the dynamic and mechanical characteristics of a structure [114]). This is evidenl in

Figs. 7.15 to 7.17, where the indicated response quantities for the same EI Ceniro
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earthquake record have been plotied for systems with different imitial periods T, and post
yield behavior. In the long period.ra_nge the systems tend to respond elastically. In the
- mid-range and shorter initial period range the systems are required to develop greater elastic
resisting force, whereas systems with a reduced strength level will yield and dissipate
energy. Figure 7.16 shows that the displacement ductility up increases as the initial period
decrcases, where the effect is more pronounced for systems which possess less strain har-

dening. The displacement ductility up 1s defined as:

qmax n
Hp = ~ (7.21)
qr

where
= maximum displacement during the time history for a system,

qmax

gy = corresponding yield displacement.

Consequently, Fig. 7.16 implies that greater plastic deformations develop in inelastic sys-
tems which have smaller initial periods. The above results aré for one vearlhquake reﬁord.
It has been found [98] that the inc;laslic response of bui‘lding structures is also .sensitive 1o
the éxcitalion input. Therefore, different l’ypes of response can be expected for different

earthquake motions.

7.7. Comments on the Treatment of MDOF Systems as Simple Nonlinear Systems

Often, an MDOF system is analyzed as an equivalent SDOF system. However, such
an approach is not complete for nonlinear response. A MDOF system is lypicall'y
transformed to a SDOF system using a mode shape or Ritz vector {111,112,113,117]. The
mode shape or Rilz vec.tor to transform the MDOF system to a SDOF syslem Caxmc;l
express the participation of modes not represenied by these vectors. Moreover, the mode
shapes and frequencies will change during nonlincar deformations. The transformation vec-
tor is usually selected to represent the fundamental vibration mode. The acéuracy of using

these techniques depends 10 a great cxient on the participation of the higher modes of the
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MDOF system, in addition to the updating of the transformation veclor-during nonlinear
deformations. Therefore, ‘the conclusions concerning the analyses of SDOF systems dis-
cussed above must be carefully scrutinized before considering them appropriate for MDOF
systems.

Applying the ductility 'levels of the SDOF sysiems to MDOF systems musi be done
with extreme caution, Ductility factors attempt to simpliify a complex response, and in gen-
eral there is little agreement oﬁ the precise definition of ductility [114]. MDOF systems
may not exhibit definite yield points on a global basis, hence the definitions for dl.;cli]ily of
SDOF systems with definite yield points will not hold.

As a final comment, it must be recognized that ductility based on local response (plas-
tic hinge rotation, plastic shear deformation, p.laslic elongation) will be substantially larger
than that based on global displacement. For MDOF syslems, multiple internal member
forces develop simultaneously, such as moment and axial lo:lad. It has been found that the
imeraction of these forces affects the ductility capacity of the members [115]. Therefore,
required ductility factors for a design should be defined for the members, where the internal

forces are reported in order to properly design the structure to survive a major earthquake.
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CHAPTER 8

NONLINEAR DYNAMIC ANALYSES OF EBFs

8.1. General

In practice, the preliminary design of building structures for earthquake conditions is
typically based on code defined seismic forces, where either equivalent lateral forces or ine-
lastic response spectra are used [58,66,96]. The equivalent lateral force procedure consists
of designing a structure to resist static lateral forces which represent the inertia forces
resulting from seismic disturbances. These forces are largely associated with the first mode
of dynamic response of typical structures. In an attempt to account for the effects of higher
modes a concentrated force is introduced in some codes [96] at the roof level for tall
frames. NEHRP [66] attempts to account for highef mode effects by increasing the magni-
tude of lateral force distribution near the roof level of tall frames. The inelastic response
spectra are often based on the nonlinear dynamic response of a single degree of freedom
oscillator, similar to that shown previously in Fig. 7.15. In such an approach, several spec-
tra are usually obtained using different earthquake records and then the responses averaged
and smoothed to obtain design spectra. Newmark and Hall [97] recommended a procedure
for the construction of inelastic design spectra based on applying ductility factors to elastic
spectra. The lateral forces representing the seismic inertia forces for the multi-degree of
freedom structures are calculated from the inelastic response spectra using modal analysis
procedures [99]. The code provisions concerning the equivalent lateral force and inelastic
response spectra procedures have considered the fact that the structure will yield under‘
strong seismic motions, whereby additional code provisions are recommended to account for
ductility demands and strain hardening.

The use of the equivalent lateral force method has the advantage that it is practical for

preparing preliminary designs, for it requires only that the general layout of the structure be
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known. However, this method will admit some inaccuracies since it cannot take into
account the d.ctailed layout (distribution of stiffness, etc.) and characteristics (structural
damping, stiffness degradation, ductility, elc.) of the structure being designed. On the other
hand, inelastic response spectra attempt to account for ductility and the effects of damping.
However, the use of inelastic response spectra requires that the detailed layout of the struc-
ture be known in order to determine the vibration properties. It has been shown by Mahin
and Bertero [125] that inelastic response spectra cannot be viewed as being reliable in terms
of limiling maximum ductility demands to specified values. Furthermore, Mahin and Ber-
tero have indicated that the inelastic response of structures is parlicularly sensitive to the
actual excitation input, as well as to the dynamic and mechanical characteristics of the
structure [125]. In applying the inelastic response spectra method to multi-degree of free-
dom systems, such sysiems must be represented as single degree of freedom systems. This
is not complete for determining the nonlinear response, as was noted in Chapter 7.

Using either of the above methods in a preliminary design procedure can therefore
result in possible inaccuracies in the design result. Consequently, there is a need 10 assess
the preliminary design procedure of EBFs, where the seismic forces are determined Ey one
of these methods. This was accomplished by scrutinizing the response of code designed
EBFs which had been subjected 1o strong ground motions. The responses were determined
by conducting thorough nonlinear dynamic analyses of the EBFs.

The link element and composite beam-column element formulated in Chapter 6 were
therefore implemented into the ANSR-1 program [94] with dynamic analysis capabilities.
This enabled EBFs lo be analyzed for response to strong seismic motions, where the links
and floor beams could be modeled as either bare steel or composite links with user defined
force-deformation relationships. Three different EBF designs of the same frame were made,
where the provisions of NEHRP [66] were used as design guidelines. The seismic design
forces were based on the equivalent lateral force procedure of NEHRP. Nonlinear dynamic

analyses were then performed on each design, involving a total of 27 computer runs. The
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same design was often reanalyzed for response 10 a different earthquake input record. Also,
the effect of using different assumptions to model the EBFS were examined. Conseguently
the effects of strain hardening, geometric stiffness, composite action, Rayleigh versus
nonproportional damping, and the use of pin connections in EBFs subjected to different
ground motions were included in the assessment. The assessment of each EBF design
involved examining the forces and deformations of the inembers, areas of plastic deforma-
tion in the EBF, in addition 10 energy dissipation and ductility of members obtained from

the various analyses.

8.2. EBF Design Procedure

The structure selected for this study represented a six-story, three-bay exterior EBF of

a symmetric building. A typical plan and elevation are shown in Fig. 8.1. This building

was 10 provide office space in the San Francisco area. The exterior frames at the north and

south ends of the building were both EBFs. All other frames were moment resisting
frames. The two EBFs were z;ssumcd to resist all lateral seismic forces in the east-west
direction. Each EBF had eccentric K-bracing in the upper three floors of the middie bay
and eccentric D-bracing in the lower three floors of the exterior bays.

The three different EBF ‘designs included the following:

Design 1 - An EBF was designed where all- connections were assumed to behave as
moment type connections.

Design 2 - An EBF was designed where all connections were assumed lo behave as
moment type connections. The link capacity at critical locations was
increased, whereby the ratio of shear capacity 1o required shear strength
V!V Of each link was made more consisient among the floors compared to
Design 1.

Design 3 - An EBF was designed with pins at the beam and brace-to-column connec-

tions. All other connections, including those at the ends of the links adjacent
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to the exterior columns and of the first floor braces which framed into the
base of the EBF, were assumed 1o behave as moment type connections. An
altempt was made (0 maintain the same distribution of the ratio of V,/V,,
among the links in the lo\wer three floors as that of Design 2.

All links in the EBFs complied with the recommendations of Kasai and Popov [35]

discussed in Chapter 1, for only short links were used in the designs. That is:

MP
e < 16v (81)
P

where M, and V,, respectively, are the plastic moment and shear capacity of a ;vide flange
steel section. The definition of the quantities M, and V, were given previously by Egs. 1.1
and 1.3. It was decided to ma.intAain the same length for all the links in the upper and lower
three floors, respectively.

The gravity loads for the building were based on the recommendations of ANSI [126],
where the dead and live load, respectively, were equal to 100 psf and 50 psf per floor with
100 psf and 20 psf for the roof. The facade of the building cqnsisled of precast concrete
cladding weighing 35 psf. An allowable reduction in live load per ANSI was used for the
design of the individué,l members. The beams were considered to have been fabricated
from A36 steel, the colamns from AS72 grade 50 steel, and the braces from A441 structural
steel tubing.

As noted above, the building was designed to resist earthquakes using the equivalent
lateral force provisions of NEHRP, which is an ultimate strength code. The equivalent
lateral forces were based on the effective weight of the building, consisting of full dead and
cladding load in addition to 25 percent of the live lcad. Thus, the design base shear Vj

was calculated according to the following [66]:

Vg =C, W (8.2)
where W is the buiiding’s effective weight. The coefficient C, is the seismic design

coefficient, defined by the following relationship {66]:
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A,S
C, =12

) P (8.3)

where
A, = effective peak velocily-relaled acceleration coefficient,
S = soil profile coefficient,
R = response modification factor,

T = fundamental period of structure.

For the location and type of building being designed, the NEHRP provisions required
an A, value equal to 0.4, with § equal to 1.2. The building’s fundamental period T was

estimated using Eq. 4.5 in NEHRP, which reads:

_ 0.05h,

==

(8.4)

* where

h, = height in feet above the base to the highest level of the building,

L = overall length (in feet) of the building at the base in the direction under con-

sideration.
In the east-west direction, corresponding to the plane of bending for the EBFs (see Fig 8.1),
the estimation of the fundamental period was 0.45 seconds. For the two EBF designs with
all moment cdnneciions (Designs 1 and 2} the NEHRP provisions require a value of 7 for
the response modification factor R. The EBF design with pin connections (Design 3)
required a 17 percent reduction in the the response modification factor. This is necessary in
order 10 comply with the NEHRP requirement that the design base shear be increased by 20
percent for braced frames with pinned connections.

The total effective weight of the building for determining the design base shear Vg
was equal to 4542 kips. This resulied in a value of Vg equal to 636 kips for Designs 1 and

2, and 763 kips for Design 3. Each of the EBFs was assumed ta resist equal amounts of
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V. Hence the required base shear capacity VEBF of each EBF was 318 kips for Designs 1

and 2, and 381.5 kips for Design 3. These values of VE& are a result of accumulating the
lateral story shear forces. The lateral seismic force F, at each floor level was determined

using Eq. 4.6 of NEHRP, where for story level x:

F, = Cy V5" (8.5)
where
w h
Cv, = —— (8.6)
ZW."’;
i=1
in which

w., w; = portion of effective weight located at story level x or i.

h, = height above base to level x.

The resulting vertical distribution of lateral seismic forces for the EBFs is shown in Fig 8.2.

In order to predict member forces in an EBF at the preliminary design stage, the use
of a plastic analysis technique is the most rational approach. Using such an approach the
required strength and desired energy dissipation mechanisms for a frame can i)est be
achieved. To assure good performance, EBFs should be designed such that inelastic
aclivity is confined primarily to the links. For such behavior the link shear resisting capa-
city governs the plastic capacity of the frame. Therefore, the primary objective in EBF
design is to select a link with an appropriate shear resisting capacity V, that satisfies the
'required plastic capacity of the EBF, followed by the selection of the other members in
such a manner that they reméin elastic in order to assure the plastic activity of the link,

All members were designed considering bare steel behavior, and satisfied the compact-
ness requirements of the AISC Specification [20). The floor beams in braced bays were
designed first, using the plastic design procedure by Kasai {7,119]. This method is analo-

gous to that of Popov and Engelhardt [127]. In order to use this procedure an



77

approximation of the amount of story shear developed a1 each story level was required for
the braced bays. For the EBF designs using all moment connections (Designs 1 and 2) it
was assumed thal the braced bay in each of the upper three floors developed 80 percent of
the story shear, while each braced bay in the lower three floors developed 45 percent of the
story shear. For the EBF design with pin connections (Design 3) these corresponding
values were assumed equal to 92.5 percent in the upper three floors and 48.75 percent in the
lower three floors. An analysis of each of the final designs for Designs 1, 2, and 3 indi-
cated that these approximalions were reasonable. The required shear force V), in each link

was then established, where the following expression [7] was used for each floor:

h
Vla'nk = zvcum (87)

where
Vine = required link shear force at a particular floor level,
V.um = slatic design shear force accumulated from the roof o the corresponding floor

level,

h,L = story height and braced bay width, respectively, associated with the floor level.

This approach is illustrated in Fig. 8.3 for K and D-braced one bay EBFs. For the K-
braced EBF, Eq. 8.7 can be derived by writing a moment equilibrium relationship around
the column base at point A, in Fig. 8.3(a), where the sigm’ﬁﬁance of moments acting at the
upper and lower ends of the EBF panel are assumed negligible. For the D-braced EBF it
has been shown [7] that Eq. 8.7 remains reasonably accurate. Popov and Engelhardt [127]
derived Eq. 8.7 by considering moment equilibrium of a simplified free-body diagram of an
EBF with points of inflection at midheight of the braces and columns, a.nd al midspan of the
links.

The required axial force in the braces P, and floor rbeams outside ihe link P, were
then determined by statics. These forces were based on the ullimate link state. As dis-

cussed in Chapter 1 and supporied by the results of the experimental study presented in
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Chapter 4, the ultimate link shear force V,;, should be at least equal to the following:

Var =15V, (8.8)
where V, is the actual plastic shear capacity of the beam section used for the link which
satisfies Eq. 8.7. Based on the experimental behavior of short links [119], the link end

moments M, and My at the ultimate state were assumed to be equal to the following:

e'vuh
K-braced EBF, My, = Mg = > (8.9a)
D-braced EBF, My, = M,
., Mp = eV - M, (8.9b)

where for the D-braced EBF M, and Mj, respectively, are the link moments at the column
face and at the opposite end of the link. Using the free body diagrams of-the beam-brace
subassemblage shown in Figs 8.4(a) and (b), estimates for the axial forces of the braces and
floor beams outside the links in K-braced and D-braced panels of Designs 1, 2, and 3 were
determined corresponding to the ultimate state of each link.

The moments in the braces aqd floor beams outside the links corresponding to the ulti-
mate link state were then determined. By numerical experimentation it was found, depend-
ing on the relative stiffness of the adjoining floor beam and brace, that a brace above the
first floor with a moment connection developed 15 10 25 percent of the adjacent link end
moment M,. The design moments for braces above the first floor were therefore assumed
o be equal to 0.2M,. For Designs 1 and 2, equal end moments were assumed for all braces
above floor 1. Due to the arrangement of the pin and moment connections in Design 3, a
moment developed at only the upper end of each brace above the first floor, which was
attached to a link. This moment was assumed to be equal to 0.2 M,. In all three designs,
moment 'conneclions were used at both ends of the first floor brace. The brace moment at
the lower fixed end was assumed (0 be equal to 0.4M,, while the brace moment at the link

was assumed to be equal 0 0.2M,,.
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The beam outside the link was assigned a design moment to resist the. beam moment
M, developed al the end of the gusset plate, see Fig. 8.5. The gusset plales were assumed
to have a- length L, of 20 in. along the floor beam. It was found that the axial forces gen-
erated in the braces and floor beams outside the links were large, consequently these
members had to be designed as beam-columns. Therefore, Eqs. 2.4-2 and 2.4-3 of the
AISC Specification were employed to design for moment and axial force interaction, con-
sidering both strength and stability.

The floor beams in the unbraced panels of Designs 1, 2, and 3 were then designed.
The effect of axial force was ignored for these members. Required moment capacities were
determined by equating the internal work to the external work done by the seismic forces
F, and gravity loads for the assumed collapse mechanism of the EBF. The assumed
mechanism for Designs 1 and 2 is shown in Fig. 8.6 (a), while that of Design 3 is shown in
Fig. 8.6 (b). The internal work was expressed in terms of the unknown capacity M,  of
the floor beams of unbraced panels, as shown in Figs. 8.6(a) and (b), by assuming propor-
tionality factors a; for the capacity of each floor beam in the unbraced panels. The internal
work done by columns yielding at the base is generally small compared to that of the links
[120], and therefore was ignéred. The capacities of the floor beams selected for each
unbraced panel equaled or exceeded the required capacity for a local beam mechanism, Fig.
8.7, based on factored gravity loads [66].

The columns of the EBF were designed as beam-columns using Eqs. 2.4-2 and 2.4-3
of the AISC Specification. The moment capacity of all floor beams and links framing into
columns were increased 10 1.25M,, 1o account for possible overstrengthen floor beams, as
required by NEHRP for column design. In addition, the shear force in all of the links was
_assumed to have reached V, ;. The column axial design forces accounted for the combined
effect of seismic forces and gravity loads, using the NEHRP load faciors. The column
design moments for Designs 1 and 2 were determined using the weak beam-strong column

concept. As will be discussed later in the analyses resulis, the point of infleciion in the
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columns of EBFs with beam-to-column moment connections can have widely varying posi-
tions during an earthquake, particularly in columns which are adjacent to links. This
phenomenon is associated with the floor beam and link moments at a beam-column joint
being unevenly distributed to the adjoining columns above and below the floor. Hence, an
allowance must be made if plastic hinge development at the top and botiom end of a
column in a story is to be avoided, Using the recommended column design procedure of
Paulay [121,122], this allowance was made by introducing a dynamic magnification factor
w. Therefore, for Designs 1 and 2 the required flexural capacity M, of the columns was

based on the following:

Moo = OM o4, (8.10)
where M_,,, is the required column moment capacity determined by the weak beam-strong
column concept. In the weak beam-strong column concept the beam moments are distri-
buted equally to the columns above and below the particular floor. That is for a particular
floor level where moment-connections exist, the column moment M., based on the weak

beam-strong column concept is in general equal to:

Moo =0.5 [21.2554,,,__ + T125M,  + S My, + ZMDM] : C(8.11)
where M, _ and M, . respectively, are the ﬂexurai capacities of the floor beam and link
which frame into the column. The moment M, ... is the brace end moment adjacent to the
column, which was assumed previously to be equal to 0.2M, for Designs 1 and 2. The
moment Mp,__ is associated with the floor beam end moment adjacent 1o the columns in the
braced panels, as shown in Fig. 8.8. Numerical experimentation indicated that My _ for

Designs 1 and 2 could be approximated by:

Mp, . = 0.20M, (8.12)
Equation 8.10 is used at each floor level to establish the required momeni capacity at

the ends of adjoining columns. The column moment at the base was assumed (o be equal to
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twice the moment developed at the top of the first floor column. Because only one column
frames into a beam-column joint at the roof, no dynamic amplification factor was applied 10
the these column moments. Therefore, the required column moment capacity M, for

Designs 1 and 2 at the roof was in general equal to the following:

Moy = S125M, _+ S M, | (8.13)
Because of the arrangement of the pin connections in Design 3, the entire length of
each interior column was assumed to be a cantilever fixed at the base of the EBF. In addi-
tion, each exterior column in the upper three floors was idealized as a cantilever fixed at the
third floor. The design envelope for end moments in these columns was then established by
estimating the shear force developed in these members. This is recognized to be a very "
severe criterion for sizing the column. In any event some provision for moment capacity
must be included in the preliminary design. Each interior column of Design 3 was assumed
to develop 1.25 percent of the story shear through ca:;tilever action, while each exterior
column in the upper three floors was assumed to develop 2.5 percent of the story shear
through cantilever action. These values were based on examining the results of previous
static analyses of EBFs. The momenits in the columns idealized as cantilevers were not
amplified by w, for these column moments were dgterminale for a given vertical distribu-
tion of lateral force along the coﬁesponding colummn. In the remaining exterior columns,
located in the lower three floors, moment connections attached the links to the columns.
Therefore, the required moment capacity at each end of these columns was determined, as
in Designs 1 and 2, using the sirong column-weak beam concept and the dynamic
amplification factor w.

After completing the preliminary design, the story drift, link deformation, and member
forces were checked for compliance with NEHRP provisions. This involved performing an
elastic analysis of the designed frame, where the gravity loads and lateral forces F, were
applied to the structure using the approgriale load combination factors [66]). The calculaled

displacements and deformations were then scaled to simulate ultimate conditions. That is,
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the story drift for ultimate conditions in EBFs is assumed by NEHRP to be equal to the
elastic story drift multiplied by a deflection amplification factor C; of 5. The corresponding
plastic deformation in the links at ultimate condiuons is assumed by NEHRP to be equal to
the elastic link deformation multiplied by the factor (C,; - 1). These scaled deformations
were then compared with the limits recommended by NEH.RP, where the maximum allow-
able story drift is 1.5 percent, and the maximum allowable plastic link deformation is 0.06
radians. Member forces were examined for compliance with NEHRP by comparing {hé cal-
culated elastic link shear forces with the recommended limit of V,. The other members
were checked to assure their stability and sirength aliowed the ultimate link siate 10 be
obtained. Two additional requirements besides those of NEHRP were considered which the
EBF designs had to satisfy. Firstly, if the elastic analysis indicated that yielding outside the
links would occur then the design was considered inappropriate. Secondly, the vertical
floor deflection of the floor beams under serviceability conditions had to meet deflection
limits of the AISC Specification. If the preliminary design did not meet the NEHRP and
the two additional re(quirements. then the plastic design procedure was repeated, where
questionable members were replaced followed by another design check. It was found that if
a preliminary design had to be repeated it was due 1o excessive link deformation.

The result for Designs 1, 2, and 3 are shown in Figs. 8.9 to 8.11. Recommended link

and connection details for typical EBFs can be found in Refs. [7,18,119,127].

8.3. Program of Investigation

As noted previously, the three designs were analyzed for nenlinear response 10 strong
miotion earthquake records. It was decided to use more then one earthquake record in order
that the performance of the EBF designs could be assessed for response involving several
cycles of significant link yielding, in addition to large excursions of plastic link deforma-
tion, respectively. When subjecting the EBF designs to the south-east component of the

1940 El Centro earthquake record which had been scaled by a factor of 1.5, several cycles
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of significant link yielding occurred. The original El Centro earthquake record was
recorded in the epicentral area of the earthquake, and is considered to be a strong motion
earthquake [123]. The scaled El Centro earthquake record had a magnitude of peak ground
acceleration equal to 0.5 g, as indicated by the scaled accelerogram shown in Fig. 8.12.
When' subjecting the EBF designs to the north-east component of the 1966 Parkfield earth-
quake, the responses contained large excursions of plastic link deformation. The Parkfield
earthquake record was recorded 200 feet from the ruptured fault, resulting from a lesser
magnitude earthquake than El Centro. However, the Parkfield accelerogram possessed a
magnitude of peak ground acceleration equal to 0.49 g, as shown in Fig. 813, The
response 1o other earthquake records was also examined (Taft, Pacoima Dam), however, it
was de;ennined that the El Centro and Parkfield earthquake records were the most represen'-
tative. Therefore, the discussion will focus on the respoﬁse of the three EBF designs to the
scaled.El Centro and original Parkfield earthquake records.

A summary of the nomenclature to identify the results of the analyses using the scaled
El Centro and original Parkfield earthquake records is given in Table 8.1. Each design was
initially analyzed fof the first 15 seconds of one of the earthquake records as a bare steel
frame with representative strain hardening. The damping matrix was based on nonpropor-
~ tional damping. The effects of modeling assumptions were then examined, where the dura-
tion of the input earthquake record was again 15 seconds.

Design 1 was thus reanalyzed (scaled El Centro record) assuming elastic-perfectly
plastic behavior (EPP) in order to study the effects bf strain hardening. Design 1 was also
analyzed assuming Rayleigh damping (scaled El Cenitro record) in order to examine the sen-
sitivity of the response to different forms of modeling viscous damping,

To determine if the P-delta effect were significant, the resulis of one of the initial ana-
lyses of Design 2 was cdmparcd with the results of an additional analysis which did not
include a geometric stiffness. The analysis used to assess the P-delta effect involved the

EBF model subjected to the Parkfield earthquake record. To assess the effects of composite
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floor slabs in EBFs, Design 2 was modeled using composite floor beams with representative
strain hardening. Thus, the composile beam properties were determined for an exterior and
an interior EBF with composite floor slabs. An exterior EBF is located at a parameter of
the building. Such a frame was part of the original building plan. An interior EBF is
situated at the interior of the building. Such an arrangen;em was not parl of the original
building plan. The intent of modeling an interior EBF with composite floor slabs was to
assess the response of an EBF with increased composite sction compared to an exterior
EBF with compos-ite fioor slabs. In addition to comparing the responses of EBFs with com-
posite floor slabs to the responses of the bare steel EBFs, the bare steel based design pro-
cedure was compared with the responses of the EBFs with composite floor slabs. Conse-
quenlly, it could then be established whether the effects of composiré action should be
incorporaied into the design procedure for EBFs. This involved performing four more ana-
lyses of Design 2, whereby the response of EBFs with different degrees of composite aclion
to different earthquake records was ésseséed.

Originally, Design 3 was analyzed assuming that the pin connections did behave as
true pins. Since in practice a pin connection, also referred to as a shear connection, will
likely develop some bending moment, Design 3 was reanalyzed using all moment type cor;-
nections. This enabled an assessment to be made concerning the effects of developing
bending moment at the pin connections, and also the use of pin connections versus moment
connections in EBFs. |

The response quantities examined -included those which would enable a comparison of
the responses with the design procedure, and give an indication of the effects of the earth-
quake record and modeling assumptions. Therefore, the response quantities included the
following: member forces, areas of inelastic activity in lhg EBFs, link deformation, plastic
deformation demand outside the links, member energy dissipation, 'he stability of braces
and columns, the point of inflection in columns, story drift and displacement, and the story

shears.
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8.4. ANSR Model

As indicated previously, the ANSR-1 program was used to perform the nonlincar
dynamic analyses of the EBF designs. The model of each EBF consisted of two-
dimensicnal elements, where in the plane of the EBF horizontal, vertical, and rotational
degrees of freedom were defined for each node. The nodal degrees of freedom at the sup-
ports were fully restrained to simulate fixed boundary conditions. Centerline dimensions
between members were used. Rigid offsets were included in the model to simulate rigid
gussels plates at the ends of the links and also eccentricities between the column centerlines
and the pin connections. The total mass of the building was based on the effective weight
W. Since only the EBFs of the building were assumed to resist the lateral seismic forces,
the total mass of the building was divided equally among its two EBFs. In each floor of the
EBF model the mass associated with that floor was lumped at the nodes based on the tribu-
tary length of the floor beams. Since in the experimental study (Chapler 4) significant uplift
of the floor slab was found to occur at the ends of the links, lumped mass associated with
vertical inertia forces was defined at the corresponding nodes of the EBF models. These
lumped masses were based on the tributary area of the floor slab. No rotational inertia
force at the nodes was considered. A summary of the lumped masses for the EBF models
is given in Fig. 8.14.

The links were modeled using the newly implemented link element. The AISC

Manual [124] was consulted for the section properties, where the effective shear area A.
was based on the area of the web. The action-deformation relationships for the links of the
various analyses are given in Fig. 8.15. These relationships were used {0 establish the
subhinge stiffnesses. The parameters to define the effect of isotropic shear hardening (Eq.
6.83) are also given in Fig. 8.15. Both the action-deformation relationships and the isotro-
pic shear hardening parameters were based on experimental data presented in Chapter 4
{Figs. 6.18 and 6.19, and Figs. 6.21 to 6.23) which had been normalized by their respective

yield forces. A set of preliminary analyses indicated that the amount of axial force
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developéd in the links was small and could be ignored in determining the link capacity,

The braces, columns, and bare steel floor beams outside the links were modeled using
the standard two-dimensional beam-column element in ANSR. The composite floor beams
outside the links were modeled with the newly implemented composite beam-column ele-
ment. Both of these elements considered moment-axial force interaction, accounting for
inelastic flexural deformations but not buckling. The interaction surface was based on the
AISC moment-axial force interaction formula, Eq. 2.4-3, and is shown in Fig 8.16. The sta-
bility of each member was checked afier the completion of an analysis, using Eq. 2.4-2 of
the AISC Specification and the member forces developed during the analysis. The assumed
action-deformation relationship for the bare steel beam-column element is shown in Fig.
8.17. The effective moment of inertia I,z and effective widih b,; based on stress distribu-
tion were determined for the composite beam-column elements using the procedure dis-
cussed in Chapter 5. This involved using the loading conditions shown in Fig. 8.18 10
approximate the conditions of the composite floor beams in the EBFs. The floor slab was
assumed to be constructed of a metal deck with a 6.5 in. thick concrete slab, and behave as
an orthotropic plate. The degree of orthotropic behavior was the same as that measured in
the experimental specimens (see Chapter 5). With [z and by establi.shed, the - action-
deformation relationships were defined for the composite beam-columin elements, see Fig.

8.19, where the hinge stiffness K, for each composilte beam-column element was delermined
by Eq. 6.104. The composile positive moment and compressive axial load capacities, M,

and P/,

were determined using b, A summary of the properties 1o define the action-

deformation relationships and interaction surfaces for the composite beam-column elements
is given in Tables 8.2 and 8.3. The moment of inertia /, moment capacity M_". and tension

axial load capacity P; in these tables are based on the properties of the bare steel section of
the composite floor beam, available in the AISC Manual.

In Chapter 5 it was shown thal bz varies along the floor beam outside the link for
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seismic conditions. Consequently, for the present case the floor beam will not likely have
the same value of b,¢ at the column and at the end of the link, points D and B in Fig 8.18.
This is also true for /. ‘Becausc point B of the floor beam is adjacent to the link, it
develops a larger moment and deformation compared to that at point D. Therefore, the pro-
perties at point B of the floor beam will have a greater influence on the response of the
EBF. Consequently, using similar properties at both ends of the floor beams outside the
links should give reasonable results, where the properties at the end adjacent to the link are
used.

The local force effect due to the distributed gravity loads along the beams and links
was accounted for by assigning initial fférces to the elements involved. The initial forces of
a beam or link were equal 1o the fixed end forces developed in the members under gravity
load.

The damping matrix C for the EBF models required the determination of the natural
periods of the elastic structure. A summary of the natural periods for the first five elaslic
modes is given in Table 8.4 for the models of the three EBF designs. For each model the
coefficients a, and a, were calculated using Eq. 7.14 of Chapter 7 in order to define the
damping matrix using Eq. 7.15. For the EBF models with Rayleigh damping, the first and
fourth elastic modes were assumed to have a 5 percent damping ratio. As noted in Chapiler
7, the damping matrix based on nonproportional damping was obtained by ignoring the con-

tribution of the initial link stiffness to C in Eq. 7.15. That is:

C =aM + Ya K" (8.14)

“where a; = 0 for the link elements. For the EBF model with nonproportional damping the
coefficient ag, as well as the coefficients a; of the elements excluding the links, were deter-
mined using a 5 percent damping ratio for the first and fourth elastic modes. Based on this
value of a,, the damping ratio for the first elastic mode was equal 1o 4.1 percent for the link

elements.
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8.5. Analysis Procedure

Each of the analyses was initiated by applying the gravity loads and then calculating
the structural response. A geometric stiffness was then determined based on the member
axial forces due to these gravity loads. This geomeuric stiffness was added to the initial
elastic stiffness of the model. The nonlinear dynamic analysis was then performed using
the procedure described in Section 7.4 of Chapter 7, which‘involvcd Constant Stiffness
iteration. Therefore, the geometric stiffness was not updated during a dynamic analysis.
This should not have a significant effect on the results, for it was found that the P-delta
effect was not pronounced for the EBF designs being analyzed.

Tl"nc dynamic analyses were performed using a constant time step size of 0.005
seconds. Hence 3,000 time steps were required to analyze the EBF designs for the first 15
seconds of a selected carthquake record. The time step size of 0.005 seconds was selected

using the criteria discussed in Section 7.4.
8.6. Anaiysis Results

8.6.1. Response of EBF Design 1

Design 1 was designed on the premise that all links be W18 beam sections, as shown
in Fig. 8.9. As in -a real ﬁtuation, members sizes were repeated in order to have an
economical design.

To facilitate the discussion of Design 1, as well as the other designs, the various ana-
lyses will be referenced by the nomenclalure defined in Table 8.1. Furthermore, the link
end moments M, and My will have the positive sign convention shown in Fig. 8.20. The
results to be discussed concemning Desigﬁ 1 will include EC1, EC2, and EC3 from the
scaled El Centro analyses, and PA1 from the Parkficld analyses. Hence, the effects of strain
hardening, damping model, and earthquake record will be examined.

The areas in which yielding occurred in these four analyses of Design 1 are shown in
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Fig. 8.21. From this figure it can be seen that the locations of links yielding in shear are
- similar for all four analyses Furthermore, moment yielding developed adjacent 10 the exite-
rior colnmnS‘ in the links I appears that Desngn 1 developed more yielding outside the
links when subjected 1o the Parkfield earlhqua.kc record, for in analy31s PA1 additional pias-
tic hinges develdped at the ends of several floor beams adjaeem to the ends of links, at the
base of an exle}ior icolnm'n, and in the floor beams of unbraced panels at floors 3 and 4
compafed tn analysis EC1. | |

The time histories .for the lateral floor displacements fron'l the four a'nlalyses'of Design
1 are ;‘hown in Fig. 8.22. The response to the scaled El Centro earthquake record of the
models with strain llardenjng but with different damping assumplions' (analyses EC1 and
EC3) had a similar displacement history, where all foors tended to oscillate about their ori-
ginal Ipositions. o‘ﬁ :-Lhe dther hand, the elaslic-perfecuy plastic model (analysis‘ EC2)
d:eveloped more of a one-sided lateral floor displacement time history, leading to larger
magnit-udes of lateral di/eplaccment than the analyses with strain hardening. The one-sided
displacement is an indicerion ol' permanent link deformation resulting from link yielding.
The response (o lhe‘Parkﬁeld earthquake record .(analysis PAL) included sustained displace-
ments with intermediate unloading and reloading from time r = 4.0 to 5.0 seconds. This
was followed by oscillations about a non-zero reference for all floors abow;'e floor 1. Design
1, when modeled with strain hardening, appears to have developed more permanent defor-
mation when subjected to the Parkfield earthquake record.

The maximum story drift during the El Centro analyses arev shown in Fig. 8.23(a).
This figure indicates that compared to the upper floors, the lower floors developed greater
story drift, where slightly larger magnitudes occurred in the elastic-perfectily plastic model
compared to the models with strain hardening. The maximum story dnft developed during
the Parkfield earthquake record is shown in Fig. 8.23(b), where it is apparenl that the story
drift is greater than that due to the scaled El Centro earthquake record. Furthermore, during

the Parkfield earthquake the story drifl in the first and second floors approached the code
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limit of 1.5 percent.

The limited resistance of the model without strain hardening is evident in the base
shear time history shown in Fig.'8.24(a), where it is compared to the results of the model
with strain hardening. For completeness, base shear time histories for the other analyses of
Design 1 are shown in Figs., 8.24(b) and (¢). A summary of the maximum base shear for
these analyses, as well as those of Desigﬁs 2 and 3, is given in Tables 8.5 and 8.6. The
story shear envelopes for Design 1 are shown in Figs, 8.25(a) and (b). From Fig. 8.25(a) it
is apparent that the strain hardening effect caused larger siory shears, with a greater increase
occurring in the lower floors. By including strain hardening, the base shear increased by 30
percent in the model with nonproportional dam;a'mg. This figure also indicates that Ray-
leigh damping apparently adds greater resistance than nonpropoi’tional damping. The story
shears were generally six percent greater in the model with Rayleigh damping compared to
the model with nonproportional damping. The story shear envelope for the response to the
Parkfield earthquake record (analysis PA1) is shown in Fig. 8.25(b), where it is compared to
the maximum story shear forces developed during the scaled El Centro earthquake record
(analysis EC1). This figure indicates that greater story shear forces developed during the
Parkfield earthquake, where the maximur.n base shear of analysis PA1 is 12 percent greater
than that of analysis EC1,

The maximum shear forces developed in the links are shown in Fig. 8.26. The fourth
floor link developed a slightly greater maximum shear force than some of the links in the
lower floors, particularly during the Parkfield earthquake. This phenomenon is attributed o
the sudden change of the bracing configuration at floors 3 and 4. However, a general trend
exists where larger shear forces developed in the links of the first floor, particularly in the
analyses involving strain hardening. Larger shear forces were also found lo existl in the
links of lower floors in the preliminary design. However, as shown in Fig. 8.26, the ana-
lyses results are greater than the preliminary design-link shear forces. This can be auri-

buted to the fact that the selected sections for the links had greater capacities than the



91

required design forces, Strain hardening is not included in the link shear design forces,
therefore the resulls of the analyses with strain hardening show an even. bigger discrepancy
compated to the design forces.

Greater amounts of link strain hardening developed in the lower floors, as shown in
Fig. 8.27 by the increase in the link shear force beyond the yield strength V. Figure 8.27
indicates thal the first floor links developed a maximum shear of 1.55 V, during both the
scaled El Centro and original Parkfield earthquakes. Figure 8.27(b) indicates that the
Parkfield earthquake record causes greéler link strain hardening in the upper floors than the
scaled El Centro earthquake record. The El Centro analyses using different damping
models (analysis EC1 and EC3) appear to have developed similar magnitudes of strain har-
dening gnd thus maximum link shear forces, as shown in Figs. 8.26 and 8.27. Therefore the
use of the different damping modeling does not appear to have significantly influenced the
shear force in the links.

Shear-deformation hysteretic loops for links in floors 1 and 4 are shown in Fig. 8.28
from analysis EC1. Corresponding results are shown in Fig. 8.29 for the same EBF model
{analysis PA1) subjecléd to the Parkfield earthquake record. These figures indicate that a
greater number of yield excursions occurred during the response to the scaled El Centro
earthquake, however, greater link deformations occurred during the Parkfield earthquake.
Furthermore, the link deformation in the first floor link is greater than that of the fourth
floor link for both analyses., The link deformation en;elepes for all of the floors are given
in Fig. 8.30. This figure indicates that the links of the lower floors generally developed
greater deformation. Strain hardeﬁing apparently decreased the amount of link deformation,
as shown in Fig. 8.30(a). However, the code limit of 0.06 radians for link deformation is
exceeded by the first ﬂoo.r link during the scaled El Centro earthquake (Fig. £.30(a)), and by
the lower three floors during the Parkfield analysis (Fig. 8.30(b)). Apparently the Parkfield
earthquake record results in a significant increase in the link deformation of all floors.

Momeni-deformation hysteretic loops for the first and fourth floor links are shown in
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Fig. 8.31 for analysis EC1, and in Fig. 8.32 for analysis PAl. From these figures it is
apparent that the end moments of the links adjacent to a column are not equal. In Figs.
8.31(a) and 8.32(a) the link end moment My next to the column was as much as four times
the end moment M, at the other end of the link during elastic loading. Afier strain harden-
ing, Mg was equal 10 2M,. Therefore, full equalization of end moments did not occur in
this link. This was found to also have. occurred in the other links which were adjacent to
the columns. Figures 8.31(b) and 8.32(b) indicale that the link at the fourth floor had
approximately equal magnitudes of end moment. This was found to occur in all of the links
in the K-braced panels. With strain hardening, the link end moments adjacent to columns
developed a maximum moment as.large as 1.15 M,, as shown in Fig. 8.33, indicating a
desirability of using 1.25M,, as suggested in the cﬁde for column design. This figure also
illustrates that the use of a different damping modei (anal;'ses EC1 and EC3) did not appear
to significantly influence the amount of end moment developed in the links.

Figure 8.34 shows the maximum relative vertical displacements A, developed between
the ends of each link. Consistent with the link- deformation envelopes, A, increased in the
lower floors, with greater values of A, occurring during the Parkfield earthquake. For the
results shown in Fig. 8.34(b), in which the links were modeled with strain harderiing, the
maximum value of A, during the Parkfield earthquake (analysis PAl) and the scaled El
Centro earthquake (analysis EC1), respectively, was nine percent and seven percent of the
link’s length. The permanent relative vertical displacement A, of the links was determined
at the end of the time histories for floors 1, 2, and 4 shown in Figs. 8.35 through 8.37. The
values of A, are summarized in Tables 8.7 and 8.8. It was found that larger values of 4,
occurred in floors 2 and 4 compared to floor 1, with the Parkfield earthquake record causing
a A, of 0.77 inches in floor 4. This was the larges! value of A,, developed in Design 1,
and was equal to about three percent of the link's length,

An examination .Of the zones of yiclding during the analyses of Design 1 was

presented earlier in Fig. 8.21. As was noted then, yielding outside the links was more pro-
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nounced during the Parkfield earthquake (analysis PA1), where yieldi'ng in floor beams of
braced panels occurred outside the links. Figurg 8.38 shows for these members the max-
imum moment and axial force corresponding 1o the EBF model with strain hardening and
nonproportional damping. These results are from the response to the scaled El Centro
(analysis EC1) and original Parkfield earthquake records (analysis PAl). The maximum
forces shown in Fig. 8.38 indicate that the dgsign forces are more rgasonabie for the upper
floors. During the Parkfield earthquake the calculated response exceeded the design forces
in the lower three floors, resulting in yielding. The maximum plastic rotation @P of these
merﬁbers however was found to be less than one-half the rotation ©y, where @y is the rota-

tion at yield of the floor beam outside the link determined by:

o MyL
Y = 3EI

{8.15)

where
My = yield moment of floor beam,
L = length of floor beam between the column and the end of the link,

El = bending rigidity of floor beam.

It is not expected that this yielding would result in local buckling which will limit the duc-
tility of these members, for ©, is in the range where the compact floor beams can control
local buckling [115].

The maximum moments developed in the floor beams of unbraced panels are shown in
Fig. 8.39 from the analyses of Design 1. An examination of Fig. 8.39(a) indicates that the
analyses with strain hardening developed approximately the same maximum floor beam
moments as the elastic-perfectly plastic analysis. Figure 8.39(b) indicates that the Parkfield
earthquake record produced larger moments in these floor beams than the scaled El Centro
earthquake record. Although the results in Fig. 8.39(b) correspond to models with sirain

hardening, there was not a significant increase in the moment beyond M,,.
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The use of 1.25M,, for column design however is still justified, for it serves as a safe-
guard against situations where the floor beams have overstrength and columns understrength
due to the varying yield strength of structural steel. The axial force in the floor beams of
unbraced panels was found (o be small, where the maximum member axial force was less
than seven percent of the member axial yield force. The yielded floor beams of unbraced
panels developed larger amounts of @P compared to other members in the EBF models.
The maximum amount of ©, developed in the floor beams of the unbraced panels was
found to be equivalent to 1.5 times the rotation ©y, where @, is the rotation at yield of the

floor beam as determined by:

8, = | (8.16)

where
My = yield moment of the floor beam,
L = length of the floor beam,

EI = bending rigidity of the floor beam.

This amount of ductility demand is reasonable, and likely can be supplied by the floor
beams [115]. |

The braces of the models were checked after the completion of each analysis and
found to have developed no stability problems. Axial force time histories for a first floor
brace are shown in Fig. 8.40. The results in Fig. 8.40(a) correspond to the models with and
without vstralin hardening, using nonproportional damping. From this figure it is apparent
that the link with strain hardening caused a greater axial force to develop in the adjoining
brace. This was found to occur in all braces framing into links which developed yielding,
as shown in the axial brace force envelopes plotted in Fig. 8.41(a). These results are from
the response to the scaled El Centro earthquake record, where all of the links excent for the
one at the roof (see Fig. 8.21) developed yielding. The increase in the axial brace force due

to link strain hardening is shown in Fig. 8.41(a) 10 be more pronounced in the lower floors,
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where a 25 percent increase in the axiall brace force occurred in the first floor. However,
the design envelope appears to be satisfactory for these two analyses. On the contrary, Fig.
8.41(b) indicates that the Parkfield earthquake record caused greater axial brace forces than
the scaled El Centro earthquake record in models with strain hardening. Consequently, the
axial force in the braces of the lower three floors during the Parkfield earthquake exceeded
the compressive design force. At the first floor the Parkfield analysis results were 10 per-
cent greater than the design force.

As discussed in Chapter 7, Rayleigh damping compared (0 nonpropertional damping
leads to larger brace forces. It was shown lhal‘lhis was due 10 the increase in damping of
the lower modes during inelastic deformations. A time history of the axial force for a first
floor brace is shown in Fig. 8.42(a) corresponding to the model with Rayleigh damping.
These results are based on the response 10 the scaled El Centro earthquake record (analysis
EC3). The shear force time history for the link adjacent to this brace is shown in Fig.
8.42(b). Superimposed on these two figures is the response for the model with nonpropor-
1‘ional damping which was subjected to the scaled El Centro earthquake record (analysis
EC1). The increase in the axial brace force in the model with Rayleigh damping is evident
compared to that in the model with the nonproportional damping. The shear force in the
first floor link of the two models however is similar at the instances when the maximum
magnitudes of axial brace force develops. The axial brace force envelope corresponding (o
these two analyses is shown in Fig. 8.43. This figure illustrates the fact that the braces next
to yielded links (floors 1 through 5) developed larger axial forces when the EBF was
modeled with Rayleigh damping as opposed (o nonproportional damping. The increase is
more pronounced in the braces of the lower floors, whose links happen to develop the most
strain hardening. An 11 percent increase in Lhé maximum axial force was found in the first
floor brace. This increase is enough to cause the axial force in lh; first floor brace to
exceed the design envelope by 10 percent dufing the analysis involving Rayleigh damping.

. The phenomenon of the axial brace forces increasing when higher damping develops
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in the link can be explained by considering a free body diagram of a floor beam and brace
in an EBF. This free body diagram must include the members’ damping forces f,, and the
verlical inentia force f, which develops al the end of the link. Such a free body diagram is
shown in Fig. 8.44. Considering the vertical equilibrium of the node at the end of the link,
an expression for the axial bra(;c force Py, apd axial damping brace force fp_can be writ-

ten, reading:

Viik + Vom . fr+fp + fo, + fo.

8.17)
sin® sin® ( )

Py + fp, =
where
Viinks V;,,,, = shear forces of the floor beam in the link and outside the link,
f; = vertical inertia force associated with the lumped mass,
fb,» fp, = damping shear forces of the floor beam in the link and outside the link,
fp, = damping force associated with the lumped mass, |

© = angle of inclination between the brace and floor beam, see Fig. 8.44.

It is believed that thé term fp_ is small relative 1o P, because the velocity associated with
the axial exiension of the brace is small. Hence, Eq. 8.17 clearly illustrates that the effect
of inertia and damping forces leads to an increased brace force P,, during the dynamic
response. It was delermined that the inertia and damping forces increased the maximum
value of P,, of the first floor brace by 3 to 5 percent in the El Centro analysis with nonpro-
portional damping and strain hardening (analysis EC1). In the El Centro analysis with Ray-
leigh damping and strain hardening (analysis EC3) the damping and inertia forces increased
the maximum value of P,, of the first floor brace by 11 to 15 percent, while the Parkfield
analysis with nonproportional damping (analysis PA1) had an 8 to 11 percent increase in
the maximum value ;)f P,, of the first floor brace.

The maximum end tnoments developed in the braces are shown in Fig. 8.45. This
figure indicates that the maximum magnitude of brace moments which developed above the

first floor were approximately equal for the analyses. There was a noticeable increase in the
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moment of the first floor brace, which developed at the fixed end of the brace. Strain har-
dening and damping modeling did not appear to influence the development of the brace
moments. A small increase in the brace moments occurred during the Parkfield earthquake
record compared to the scaled El Centro earthquake record, where the increase is greater in
the braces of the lower floors. With the increase in the brace moment at the first floor dur-
ing the Parkfield earthquake, the brace désign moment envelope was exceeded al the first
floor by approximately ‘20 percent. At other floors, the design envelope for the brace
moments appears (0 have been reasonable for all analyses of Design 1.

A review of the response of the columns indicated that all of the columns remained
stable during the analyses. As noted previously, the first floor exterior column yielded at
the base during the Parkfield earthquake, however the maximum plastic rotation was less
than one-fourth the rotation 8y, where By is the rotation at yield of the column determined

by:

0y = —1 | (8.18)

where
My = yield moment of the column,
h = height of the column,

El = bending rigidity of the column.

It is expected that this will not result in any ductility problems, for only one yield excursion
occurred and the plastic deformation is in the range where the compact section selected for
the first floor column can control local buckling [115].

The column axial force envelopes are shown in Fig. 8.46. The effect of link s(raiﬁ
hardening on the column axial force is evident in Fig. 8.46(a). In this figure the maximum
column axial force was 700 kips in the exterior columns and 650 kips in the interior
columns for the model with strain hardening. This amounts 10 an increase of 22 percent

and 13 percent compared to the elastic-perfectly plastic model. These results correspond 1o
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a compression force. The use of Rayléigh damping compared to nenproportional damping
resulted in an increase in thé maximum axial force by 100 kips and 50 kips in the exterior
and interior columns, respectively, as shown in Fig. 8.46(b). This amounts to a 13 percent
and 8 percent increase in the maximum column axial forces, and were compressive axial
forces. The column axial force envelope shown in Fig. 8.47 indicates that the Parkfield
earthquake record produced larger column axial forces than the scaled El Centro earthquake
record. This is most noticeable in the exterior columns adjacent to the links of the lower
three floors. An increase of 10 to 15 percent in the axial force was found to have occurred
in these columns. For all of the analyses of Design 1, the column axial force preliminary
design envelope appears to have served well for determining the design forces.

For the columns, a moment diagram was drawn corresponding to the maximum
moments developed in each column, as shown in Figs. 8.48 10 8.51.. Conéidering strain har-
‘dening, Figs. 8.48 and 8.49 show that the column moments based on the weak beam-strong
column concept (indicated by M, ) need to be amplified by Paulay’s procedure [121] in
order (o give an appropriate design envelope for the columns adjacent to the links {exterior
columns of floors 1 through 3). Elsewhere in the EBF, the use of M, for column design
would appear to have been sufficient. Figure 8.50 indicates that the elastic-perfectly plastic
link response causes the columns to develop greater moments, parlicularly in the lower
floors. This is an indication that the additional lateral load carrying capacity of the EBF
models with strain hardening was developed through the truss action of the EBFs, as
opposed to bending of the columns. This same phenomenon is also present when compar-
ing the results in Fig. 8.51 from the two analyses corresponding to Rayleigh damping and
nonproportional damping. The former analysis developed a gfeater base shear (sec Fig.
8.25(a)) compared to the analysis with nonproportional démping where the additional
lateral load was resisted by truss action.

Figures 8.52 and 8.53 show the energy time histories for the analyses of Design 1.

Note the resemblance with the resulis for the inelastic single degree of freedom system dis-
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cusséd in Chapter 7 (see Fig. 7.14), where a majority of the input energy was dissipaied by
| hysteretic energy. The energy time histories shown in Fig. 8.52 indicate that the cyclic
response 1o the scaled El Centro earthquake record resulted in a greater amount of energy
dissipation compared to the response (0 the Parkfield earthquake record. This occurred in
spite of the fact that the Parkfield earthquake record caused larger member forces and a
base shear to develop, as well as yielding in more of the members than the scaled El Centro
earthquake record. The scaled El Centro earthquake record resulted in a greater amount of
energy dissipation because of the greater number of yield excursions occurring in the links
of the model. Most of the energy dissipated during the response to the Parkfield earthquake
record occurréd between 4 and 5 seconds when large sustained diSplacemgnts developed in
the links.

Tables 8.9 and 8.10 summarize the energy results, showing that the input energy IE
was not a constant, nor was the dissipated hysteretic energy HE and damping energy DE of
the models. These values were found to vary for different earthquakes and modeling
assumptions. For similar models (analyses EC1 and PALl), the scaled El Centro earthquake
record resulted in a larger amount of input energy to the EBF, compared to the Parkfield
earthquake record. Tables 8.9 and 8.10 also indicate thai the links dissipated almost all the
hysteretic energy, where the lihi:s in the lower floors dissipated larger portions of energy.
Considering strain hardening (analyses EC1 and PAT), the two links in the first floor dissi-
pated about 67 percent of the total hysteretic energy dissipated by the EBF during the
scaled El Centro earthquake record, and about 57 percent during the Parkfield earthquake
record. The elastic-perfectly plastic and Rayleigh damped models, when subjected to the
scaled El Centro earthquake record. responded in a manner where the first floor links dissi-
pated about the same percentage of the EBF's hysteretic energy as in analyses EC1 and
PA1l. The araount of hysteretic energy dissipated per link is shown in Fig. 8.54.

It is apparent that the links in the first floor are severely taxed compared to the links in

the other floors. A more uniform distribution of energy dissipation among the links is
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desirable in order to maintain the efficiency of the EBF. With a majority of the inelastic
activity occurring in one link, the energy dissipation capacity of the EBF becomes limited

by the enérgy dissipation capacity of that link.

8.6.2. Response of EBF Design 2

Design 2 was a modification of Design 1, where the links of the first and second floors
were replaced by links of a larger section size. This was done in order to force the links in
the upper floors to develop greater amounts of plastic deformation, and therefore dissipate
more hysteretic energy. As a result, the first floor links of Design 2 would likely dissipale
less energy than Design 1, thereby resulting in a more uniform distribution of energy dissi-
pation among all links, The ensuing link shear strength to required shear strength ‘ralio
Vol Viink for the floors is shown in Fig. 8.10. With the increased link capacity in floors 1
and 2, larger section sizes were required for the braces and exterior columns of floors 1 and
2.

With the changing of the section sizes, the elastic fundamental period of vibration
became equal 10 0.69 seconds (see Table 8.4). Hence, the elaslic fundamental period of
vibration for Design 2 was about 4 percent shorter than that of Design 1. The higher elastic
vibration periods for Design 2 show a smaller change with respect to those of Design 1.

Therefore, the initial vibration periods of Designs 1 and 2 appear to be very similar.

8.6.2.1. Comparison of Design 2 with Design 1

A comparison of Design 1 and 2 is appropriate in order 10 evaluate whether the design
modifications served their purpose. Therefore, Design 2 was subjecled to the scaled El
Centro earthquake record as well as the Parkfield earthquake record. The results to be dis-
cussed in the comparison of Design 2 with Design 1 pertain to the model which considered
strain hardening with nonproportional dimping. The two ensuing analyses of Design 2 are

identified in Table 8.1 as EC5 and PA2.
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The maximum shear forces developed in the links of Designs 1 and 2 are shown in
Fig. 8.55. Normalized results with respect to the link sheat capacity V, are shown in Fig.
8.56. These figures indicate that although larger shear forces developed in all of the links
of Design 2 compared to Design 1, less strain hardeniﬁg developed in the first and second
floor links of Design 2. Furthermore, in Design 2 greater amounts of strain hardening
developed in the links above the second floor than in Design 1. In Design 2 the links of
floors 1 through 3 have about the same amount of strain hardening, reaching a maximum
shear force of 1.46V, during analysis EC5 and 1.5V, during analysis PA2. The correspond-
ing -link deformation envelopes are shown in Fig. 8.57. This figure indicates tha-t the max-
imum magnitude of link deformation in Design 2, while having decreased in floors 1 and 2,
increased in floors 3 through 5 compared to Design 1. Consequently, during the Parkfield
earthquake the link deformation in floors 1 through 4 exceeded the code limit of 0.06 rad.
[66].

The energy time histories of Designs 1 and 2 were found to be similar in form for
corresponding earthquake records, and therefore are not shown for Design 2. Figure B.58
shows the amount of hysteretic energy dissipated by the links of Designs 1 and 2 due to the
scaled El Centro and original Parkfield earthquake records, respectively. These results indi-
cate that the links of floors 3 through 5 of Design 2 dissipated more hysteretic energy than
those of Design 1, while the first floor linics of Design 2 dissipated less energy than those of
Design' 1. The percentage of hysteretic energy dissipated per link and the total amount dis-
sipated by the EBF model of Design 2 are included in Tables 8.9 and 8.10. These tables
shows that the links of floors 3 through S accounted for a larger percentage of the hysleretic
energy dissipated by the EBF model of Design 2 compared to Design 1. The ﬁrél floor
links of Design 2 accounted for about 42 percent of the hysteretic energy dissipated by the
EBF model during the scaled El Centro earthquake record, and about 46 percent during the
Parkfield earthquake record. It therefore appears that by having increased the link shear

capacily of the lower two floors, a greater amount of hysteretic energy was dissipated by
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thcv upper floor links. Consequently a more desirable distribution of energy dissipation was
achieved among the fioors.

The story drift for Designs 1 and 2 are comp;nred to each other in Fig. 8.59. As a
result of strengthening the first and second floor links, the maximum story drift was reduced
by 43 percent in the El Centro analysis and 12 percent in the Parkﬁeld analysis. Base shcar
time histories for Designs 1 and 2 are shown in Fig. 8.60. This figure indicates that Design
2 achieved a greater lateral load resistance for almost all cycles of vibration. The maximum
base shears for Designs 1 and 2, summarized in Tables 8.5 and 8.6, indicate that Design 2
dcveloped a 10 percent greatér base shear compared to Design 1 during the response to the
scaled El Ceniro earthquake record, and a 19 percent greater base shear during the response

1o the Parkfield earthquake record.

8.6.2.2, Effect of Composite Floor Slabs

As noted previously, Design 2 was analyzed accounting for the effect of composite
floor slabs. To facilitate the discussion, an interior EBF with composite floor slabs will be
referred to as a composite interior EBF. Likewise, an exterior EBF with composite floor
slabs will be referred to as a composite exterior EBF.: The effects of composi‘te floor slabs
on the response of EBFs were evaluated by comparing responses of the composite exterior
EBF model (analyses EC7 and PAS5) and comﬁosjle interior EBF model (anal);ses ECE and
PAG6), respectively, with the previously presented results of the bare steel model for Design
2 (analyses ECS and PA2), All analyses of Design 2 for composite action included strain
hardening and nonproportional damping, where the models were subjected to both the
scaled El Centro and original Parkfield earthquake records. The periods of vibﬁralion for the
first five elastic modes of the models with composite floors are included in Table 8.4. The
period of vibration for the first and second elastic modes for the composite exterior EBF
model were. about 1 and 3 percenlt shorter than those for the corresponding bare stecl EBF

model. A decrease of about 2 and 3 ‘percent occurred for the composite interior EBF
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modeil. Smaller changes in the periods of the higher elastic modes are noted for the compo-
site EBF models relative to those of the bare steel EBF model. Consequently, the ela:stic
periods of vibration appear to be very similar for the composite and bare sieel EBF mode.ls.

The yielded members of the bare steel and composite EBF models are shown in Figs.
8.61 and 8.62. These figures indicate that the composite and bare steel EBF models had
similar patterns of link shear yielding among the floors. Furthermore, additional moment
yielding occurred in the fourth floor link of the composite interior EBF model when sub-
jecled to both the scalezi El Centro ana Parkfield earthquake records. Additional yielding
also appears to have developed outside the links in the interior composite EBF model com-
pared to the bare steel EBF model. It has been determined that this yielding occurred when
the composite members developed tension in the floor slab. It was assumed that the con-
crete floors offered no tensile capacity, and therefore composite members under such condi-
tions had capacities of only the bare steel sections.

The floors’ lateral displacement time histories for the bare steel and composile‘ EBF
models are shown in Figs. 8.63 and 8.64. For each respective earthquake record, the lateral
floor displacement time histories appear to be nearly identical. As in Design 1, the
response of Design 2 to the scaled El Centro earthquake record was more cyclically sym-
metric compared to the response of Design 2 to the Parkfield earthquake record. The latter
response was more one sided, implying permanent deformation. The maximum story drift,
shown in Fig. 8.65, indicates that the story drift developed in the composite and bare steel
EBF models were very similar. However, in the bottom three floors the composite EBF
models had a slightly greater story drift than the bare sieel EBF model for both the El Cen-
tro and Parkfield earthquake records. The increase in the story drift of the composite EBF
models was not enough to cause the code limit of 1.5 percent to be exceeded. The story
shear forces were also found to be grealter in the composite EBF models than the bare stecl
EBF model, as shown in tﬁe story shear envelopes plotted in Fig. 8.66. The basc shear lime

histories for the composite EBF models are compared 10 the bare steel EBF model in Figs.
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8.67 and 8.68. The maximum base shear was found to be about 3 percent greater for the
composite exterior EBF model and 10 percent greater for the composite interior EBF model
compared to the bare steel EBF model (see Tables 8.5 and 8.6).

The shear-deformation bysterctic loops for the first and fourth fioor links are shown in
Figs. 8.69 and 8.70, and correspond to the bare steel and composite interior EBF m‘odels.
These results indicate that the composite links hysteretic shear response resembles that of
the bare steel links, although the shear force of the compositg links is slightly greater. The
maximum shear forces developed in the links of the bare sieel and' composile EBF models
are shown in Fig. 8.71. These results were normalized by their respective shear yield
strengths Vy, and plotted in Fig. 8.72. Apparently, larger shear forces developed in the
composite links (Fig. 8.71), where for the first floor link the composite interior EBF had a 9
percent greater shear force than that of the bare steel EBF, and the composite exterior EBF
a 3 percent greater shear force compared to that of the bare steel EBF. The composite link
shear forces correspond to 1.63V, and 1.55V,, where V, is the shear capacity of the bare
steel section. The corresponding bare steel link of the first floor reached a maximum shear
of 1.5V,. As in Design 1, the link shear forces from the analyses of Design 2 exceeded the
preliminary design shear forces. This is due to the link capacity of the selected section
sizes exceeding the required design values, as well as the preliminary design link shear
forces not considering the affects of strain hardening and composite actien. Although the
composite links developed a greater shear force than the bare steel links, the dcomposile
links developed less strain hardening, as indicated by Fig. 8.72. This is due to the fact that
the composite link elements were assigned a greater yield strength Vy than the bare steel
link elements. The link properties for the composite link elements were summarized previ-
ously in Fig. 8.15, and are based on the experimental data of the test program discussed in
Chapter 4. Hence, referring to Fig. 8.15, the links of the composite exterior and interior

compositec EBF models, respectively, were assigned a 5 and 17 percent greater shear yield

strength (indicated as V) in Fig. 8.15) than the links of the bare steel EBF modcl.
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The link deformation envelopes corresponding to the bare steel and composite EBF
analyses of Design 2 are given in Fig. 8.73. This figure indicates that the maximum link
deformalion for the bare steel and composite EBF models are very similar, where greater
amounts of link deformation develop in the lower floors. The largest discrepancy belween
the maximum link deformations of the bare steel and composite EBF models was eight per-
cent, which occurred at the second floor during the Parkfield earthquake. While the max-
imum link deformation was satisfactory for the El Centro analyses, the code limit of 0.06.
rad. was exceeded by the bare steel and composite links at floors 1, 2, and 3 when subjeci-
ing Design 2 to the Parkfield earthquake record.

The maximum moments developed in the links are shown in Fig. 8.74. With respect
to the bare steel link moments, the composite links of the K-braced panels (floors 4 to the
roof) show a greater increase in the link end moment than the composile links of the D-
braced panels (floors 1 through 3). For the composiie links in the K-braced panels, this
increase was from 10 to 15 percent. The maximum amount of moment strain hardening in
the composite links occurred at the end of the link which was connected to the exterior
columns, The bare steel link was found 10 behave in a similar manner. The second floor
link of thercomposite interior EBF model developed the largest amount of strain hardening,
where the end moment reached 1.14M,. However, this moment was only four percent
larger than that of the corresponding bare steel link. Hence, it appears thal composite
action did not significantly influence the amount of moment strain hardening in the links.

Moment-deformation hysterelic loops for first and fourth floor links of the composite
interior EBF model are shown in Figs. 8.75 and 8.76. For the first floor composite link,
during elastic deformations the end moment My at the column was found to be three to four
times larger than the moment M, a' the other end of the link. After sigqiﬁcanl strain har-
dening, My was two to three times larger than M,. This was found to be consistent with
the results of the other links which were adjacent to columns in the composite interior EBF

model. Tt was also found that the links adjacent to the columns in the composile exterior
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and bare steel EBF models had similar ratios for the end moments as the above results for
the composite interior EBF model. Therefore, an equalization of the end moments of links
adjacent to the columns did not occur. From the fourth floor composite link response
shown in Figs. 8.75(b) and 8.76(b), it is apparent that these link end moments were also not
equal. This was found to have occurred in all of the composite links of the K-braced panels
(floors 4, S, and the roof): The composite links of these upper three floors were found to
have developed a greater end moment at the end of the link where the floor slab was in
compression. This phenomenon was more pronounced in links of the composite interior
EBF model. As noted in the experimental results, this is due to the effect of the floor beam
outside the link developing an increase in its flexural stiffness when compression developed
in the floor slab. Although the end moments of the composite links of the K-braced panels
were not equal, the ratio of the end moments for these links was closer (0 unity than for the
links adjacen! to the exterior columns. The ratio of end moments for the composite links in
the K-braced panels ranged from 1.25 to 1.5 for the composite interior EBF, and from 1.2
to 1.3 for the composite exterior EBF. Based on the above observations with regard 1o the
links adjacent to columns and in K-braced panels, it appears that composite action did not
have a significant effect on the link end moments.

The values of the maximum relative venilcal displacement A, between the ends of the
links are shown in Fig. 8.77. Composite action does not appear (o have significantly
influenced A,. The time histories for A, for links of floors 1, 2, and 4 are shown in Figs.
8.78 and 8.79, corresponding to the responses of the bare steel and composite interior EBF
modecls subjected o the scaled El Centro and original Parkfield earthquake records. These
results, as well as time histories for the composite exterior EBF model (not shown), were
used to determine the permanent relative verlical displacement A, in the links a1 the end of
the analyses. The ensuing results for A,, are summarized in Tables 8.7 and 8.8. These
resulls indicate that A, was not consistently greater for the bare steel model (analyses ECS

and PA2) relative to the models with composite floors (analyses EC7, PAS and ECE, PAG).
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For corresponding earthquake records A, of the composite EBF models appears (o have
decreased at some floors, while at other floors to have increased relative to the bare steel
EBF model’s results. .This phenomenon also appears {0 be affected by the use of diﬂ'érenl
earthquake records. Overall, A,, remained small compared to the length of the links. For
the composite EBF analyses the maximum value of A, was about 0.9 in., which occurred in
the second floor link of the composite interior EBF model during the Parkfield earthquake.
This result was about 3.5 percent of the link’s length. For the bare steel EBF model the
maximum value of A, was 3.5 percent of the link’s length, which occurred in the fourth
floor link.

Higher degrees of composite action were found to have caused slightly greater end
moments of the floor beams outside the links in the K-braced panels. This was more evi-
dent at the ends of these members which were adjacent to links, as shown in Fig 8.80(a) for
the Parkfield earthquake. The maximum end moments of the floor beams of the D-braced
panels (floors 1, 2, and 3) are shown to have been nearly equal for both the composile and
bare steel EBF models. Due 1o the larger shear forces associated with the composite links,
the axial forces which developed in the floor beams outside the links increased in the EBF
models with composite floors. This is evident in Fig. 8.80(b), which shows the maximum
axial forces of these members corresponding to the response to the Parkfield eanh\quake
record. Consequently, the composite inierior EBF model developed larger axial forces out-
side the links than the bare steel and composite exterior EBF models, resulting in the axial
design forces being exceeded in floors 1 through 4. These axial forces for the composite
interior EBF model, however, were only about 10 percent greater than the resull for the
bare steel EBF model. As noted in Figs. 8.61 and 8.62, yieldling did occur in some of the
floor beams outside the links of the bare steel and composite EBF models. This yielding
occurred in the £BF models with composite floors when the axial force and bending
moment resulted in tension in the concrete floor slab. As noted previously, the composite

sections had the capacity of only a bare steel section under these conditions. However, the
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yielding of the floor beams outside the links did nof resull in a significant amount of ptastic
deformation. The maximum plastic deformation of these members was found to be rela-
tively minor, being less than the rotation ©y defined by Eq. 8.15. It therefore appears that
the design procedure for the floor beams outside the links does not have 1o be modified to
account for the effects of composite action.

The maximum moments developed in the floor beams of unbraced pancls is shown in
Fig. 8.81. Composite action does not appear to have significantly influenced these results.
The composite floor beams were found to have yielded when the floor slab developed 1en-
sion. The axial force of the floor beams in unbraced panels for both the bare steel and
composite EBF models was relatively small. A maximum value equivalent to seven percent
of the bare steel section’s axial yield strength was observed. Like Design 1, the majority of
the plastic deformation occurring outside the links developed in the floor beams of unbraced
panels, particularly during the Parkfield earthquake. The composite floor beam§ experi-
enced greater plastic deformation than the bare sleel ﬂ‘00r beams, however, the maximum
plastic deformation of the composite floor beams was only 1.30,, where @, is the rotation
defined by Eq. 8.16. This amount of plastic deformation is considered relatively minor.

It is expected that since larger shear forces developed in the composite links, greater
axial brace forces would also develop in the composite EBF models compared to the bare
stee! EBF model. The axial force envelopes for the braces are shown in Fig. 8.82. This
figure indicates that the axial forces in the braces of the composite interior EBF model were
indeed greater compared to those of the bare steel EBF model. Axial brace force time his-
tories for the first floor are given in Fig. 8.83 for the bare steel and composite interior EBF
modcls. These results indicate that the axial brace force of the composite interior EBF
model exceeded that of the bare steel EBF model several times during the analysis. It was
found thal the braces of the composite interior EBF modcl developed axial brace forces in
floors 1 through 4 which were approximately 12 percent greater-than those of the bare sieel

EBF model. The maximum axial brace forces in floors 1 through 4 of the composite exlc-
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rior EBF model (not shown) were found to be about four percent greater than those of the
bare steel EBF model.

The axial brace force design envelopes in Fig. 8.82 appear to have been satisfactory
for the bare steel analysis, although the first floor brace axial force exceeded the design
force by about five percent during the Parkfield earthquake. The shear force in the link
corresponding to this brace force was 1.5VP {see Fié. 8.72(1;)). The phenomenon of the
axial brace force in the bare steel EBF model iexceeding the design envelope is attributed to
the effect of the inertia and damping forces, as discussed previously. For the compos;le
exterior EBF model, the axia]jforce of the first floor brace (not shown) also exceeded the
design envelope. This occurr‘ed during the Parkfield earthquake, where the axial force was
about nine percent greater than the design value. The design gnvelope in Fig. 8.82 appears
to also have been satisfactory for braces of the composite interior EEF model when sub-
jected to the scaled ﬁl Centro record. However, during the Parkfield earthquake the axial
brace forces in floors 1 through 4 of this model exceeded the design envelope. For this
analysis the axial forces exceeded their design loads by 14 percent at the first floor, 9 per-
cent at the second floor, 10 percent at the third floor, and less than 4 percent ai the fourth
floor. The phenomenon of the axial brace forces of the composite interior EBF model
exceeding the design lroads is attributed to the effect of the inertia and damping forces, in
addition to the increased shear capacily of the composite links.

The effect of composite ﬂoor's also resulted in larger moments in some of the braces,
as shown in Fig. 8.84. The design moments, while satisfactory for the El Centro analyses,
do not appear to have been satisfactory for Ilhe first and second floor braces of the Parkfield
analyses. Fortunately, the capacity of selected structural tubes for the braces exceeded the
required design moments, -and ":onsequenl]y the braces did not yield nor buckle.

The columns of the composite EBF models developed greater axial l'or‘cés compared o

the columns of the bare steel EBF model. Columns of the co‘mposite interior EBF model

were found to have developed the largest increase of axial force relative to the results for
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the bare steel EBF model. Column axial force envelopes for the composite interior and
bare steel EBF models are shown in Fig. 8.85. From this figure it was determined that
column axial forces of the composite interior EBF model were greater than those of the
bare steel EBF model! by as much as 10 percent in the exterior columns, and 12 percent in
the interior columns. However, the column axial design forces, which were based on a bare
steel frame, appear to have been satisfactory for the composite EBF.

The individual moment diagrams corresponding o maximum moments of each column
for the bare steel and composite interior EBF models are shown in Figs. 8.86 to 8.89. From
Figs. 8.86 and 8.87 it is evident that composile action caused larger column moments. A
comparison of the bare steel analyses results with the design forces, Figs. 8.88 and 8.89,
indicates that the use of column moments M_,,;, based on the weak beam-strong column
concepl appears to have been salisfactory for. the interior columns. However, for the exte-
rior columns adjacent to the links (flocors 1, 2, and 3), the bare steel analyses results
exceeded M,,,. Fortunately, as was noted previously, the column design moments were
based on magnified moments oM, ,.

Morﬁents developed in the exterior and interior columns of the bare steel EBF model
at selected times are shown in Figs. 8.90 to 8.93. These results indicate that the sum of
floor beam moments are not equally distributed to the columns above and below the floors.
This is quile evident in the exterior columns at the second and third floors at time ¢ = 5.4
seconds during the El Centro analysis (Fig. 8,96)‘ and also at the first and second floors at
time ¢t = 4.5 and 5.0 seconds during the Parkfield analysis (Fig. 8.92). As a resuli, the
moments at the top of the exterior columns between the first and second floors and also the
ground level and first floors‘exceeded the moment M, at + = 4.5 and 5.0 seconds during
the Parkfield analysis. During the same analysis, at + = 4.5 secondé the exterior column

moments at the base of the EBF also exceeded M The moments of the interior columns

code®

compared to the exterior columns remained relatively small above the first floor, but unlike

the exterior columns, some of the interior columns developed single curvature. The
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moment diagrams of Figs. 8.90 to 8.93 also indicate that the point of inflection for the
columns cannot be considered as a siationary point. This fact should be accounted for
when designing the column splices of EBF, since it is likely that a column splice will be
subjected to a bending moment during an earthquake regardless bf where it is placed along
a column.

Based on an examination of the above results for the column moments, it was con-
cluded that magnifying the moments M., based on the weak beam-strong column philoso-
phy was appropriate for the design of the exterior columns adjacent to links. This compen-
sales for the unequal distribution of floor beam moments to columns above and below the
floors, in addition to the increased column moments in the EBFs due (o the effects of com-
posile floors. For the interior columns, as well‘as the exterior columns not adjacent to
links, it was determined that the use of unmagnified moments M., based on the weak
beam-strong column philosophy is appropriate for design. Design envelopes based on these
concepls are compaired in Figs. 8.94 and 8.95 with the analysis results. As indicated in
these figures, a magnification factor of 1.8 was used to obtain the design moments M, for
the exterior columns supporting floors 1, 2, and 3. Although all of the columns in Design 2
were actually designed using the magnified moments (1.8M,,,,), yielding developed ai the
base of the first floor exterior column. However, the maximum plastic rotation was smatl,
being equal to 0.25@y, where ©y is the rotation defined by Eq. 8.18. Furthermore, all of
the columns were checked for stability using the analyses results and found not to develop
any polential instabilities.

The summary of the hysteretic, damping, and total energy dissipated by the EBF
models of Desigﬁ 2 are included in Tables 8.9 and 8.10. From these tables, it is apparent
that the amount of hysteretic energy dissipated by the EBF models of Design 2 was at least
3.5 times more than that due to viscous damping. Furthermore, the links accounted for
practically all of the energy dissipated by the EBFs. The hysteretic energy dissipated by the

links of each floor is shown in Fig. 8.96 for the bare steel and composite EBF models.
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From this figure, as well as Tables 8.9 and 8.10, it is apparent that for corresponding earth-
quake records the amount of hysteretic energy dissipated by the links of EBF models with
composite floors was practically equal to that of the bare steel EBF model. Hence, the
amount of bysteretlic energy dissipaled by the links appears not 10 have been significantly

influenced by the effects of composite action.

8.6.2.3 P-Delta Effect

As noted previously, a bare steel model of Design 2 was also subjected 1o the
Parkfield earthquake record, where the geometric stiffness was not included in the model.
A comparison of the ensuing results (analysis PA4) with those of the analysis with a
geometric s;iffness (analysis PA2) helped to establish the extent the P-delia effect had on
the response.

It was found that the yielded members of analysis PA4 were identical to those of
analysis PA2, shown previously in Fig. 8.62(a). It was also found that the maximum story
drift and story shear force envelopes, shown in Figs. 8.97 and 8.98, for analyses PA2 and
PA4 were very similar, except for a slightly greater story drift at the third floor in the
analysis without a geometric stiffness. Furthermore, the link forces (shown in Fig. 8.99),
the forces in the floor beams outside the links (not shown), and forces in the floor beams of
the unbraced panels (also not shown) were found 10 be nearly identical for corresponding
members of the two analyses.

The envelopes for link deformation and the maximum relative vertical displacement A,
developed between the ends of the links are shown in Fig. 8.100 for analyses PA2 and PA4.
This figure is analogous 10 the maximum story drift, where although corresponding results
for both analyses are similar, the analysis with no P-dehia effect tended 10 have a slighily
greater link deformaticn and a A, at the third floor. This is partially aluiﬁuled to the effects

of changing the bracing configuration and hence story stifiness between floors 3 and 4.

The braces and columns in EBFs under combined gravity and seismic loading were
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found in the preyiously discussed analyses to develop lﬁrge axial forces. Consequently,
these members are susceptible to the P-delta effect if significant transverse displacement
develops in these members. The axial force envelopes and maximum moments of the
braces are shown in Fig. 8.101 for analyses PA2 and PA4. This figure indicales that the
axial force and moment in the braces are not significantly influenced by the P-delia effect.
There is however evidence in Fig. 8.101(a) that the compression axial force is increased by
the P-delta effect, bul it was determined that this increase was less than six percent. The
axial force envelopes and maximum individeal column moments, respectively, are shown in
Figs. 8.102 and 8.103. These figures indicate that the columns also are not significantly
influenced by the P-delta effect. The axial force in the columns did increase due to the P-
delta effect, but this increase was less than six percent.

An examination of Table 8.10 indicates that the hysteretic and damping energy dissi-
pated by the EBFs were nearly identical for analyses PA2 and PA4. Apparently, the energy.

dissipated by the EBFs was not significantly influenced by the P-delta effect.

8.6.3. Response of EBF Design 3

As noled previously, Design 3 consisled of an EBF with pins at the beam and brace-
to-column connections. Hence by NEHRP provisions a 20 percent increase in the design
base shear was required [6.6]. The reason for designing an EBF with pin connections is thal
during construction it eases the erection of the frame.

In Design 3 an alitempt was made (0 choose the section sizes for the links in such a
manner that the phenomenon of one or two links dissipating a major portion of the hys-
leretic energy was avoided. Therefore, the ratio of link shear strength (0 required shear
strength V,/Vy,, for each of the floors was given careful consideration. An atlempt was
made to match the V,/V, ratios in the lower three floors of Design 2, and use smaller
ratios of V,/V,,, in the remaining upper three floors of Design 3 compared to Design 2. In

selecling the section sizes for the links, consideration was also given to the eV /M, ratio of
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each link, where it was desired to use values similar to those of Design 2. Available sec-
tion sizes resuited in the use of the members shown in Fig. 8,11, Compared to Design 2,
shown in Fig. 8.10, the Vp/Viine 1atios of Design 3 were nearly equal for the first floor,
greater in the second and third floors, and smaller in the remaining floors.

Design 3, with its pin connections, was analyzed using the scaled El Centro earth-
quake record (analysis EC10} and original Parkfield earthquake record (analysis PAB). As
noted previously, to examine the effect of pin connections acling as semi-rigid connections,
full moment connections were assumed and Design 3 was reanalyzed using the scaled El
Centro earthquake record (analysis EC9) and original Parkfield earthquake record (analysis
PAT).

The initial elastic periods of vibration for Design 3 are included in Table 8.4, These
values indicate that the first and second elastic modes of the EBF model with pin connec-
tions had about a one and five percent longer period, respectively, than the corresponding
EBF model with all moment connections. The periods of the higher elastic modes showed
an even smaller discrepancy between the two EBF models. Therefore, the use of the pin
connections in the EBF did not appear to significantly affect the elastic periods of vibration,

For corresponding earthquake records the yielding of links was similar for both EBF
models of Design 3, as shown in Figs. 8.104 and 8.105. The EBF model with ail moment
connections developed yielding in some of the floor beams of the lower unbraced panels.
Compared to the response to the scaled El Centro earthquake record, the Parkfield earth-
quake record resulted in more inelastic activity, where yielding occurred in the link at the
roof and at the base of the exterior first floor columns. Although the links at the roof in the
bare stecl EBF models of Design 1 and 2 did not yield, Designs 1 and 2 tended 1o have
more yielding in the floor beams outside the link and also in the floor beams of unbraced
panels compared to Design 3.

The lateral floor displacement time histories for the two EBF models of Design 3 were

similar for corresponding earthquake records, as shown in Figs. 8.106 and 8.107. As in the
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analysis of Designs 1 and 2, the scaled El Centro earthquake record resulted in both of the
EBF models of Design 3 to respond in a more cyclically symmetric manner compared to
that of the response to the Parkfield earthquake record. However, unlike the responses of
Designs 1 and 2 to the Parkfield earthquake, the laterﬂ roof displacement of Design 3, fol-
" lowing the large sustained displacements from + = 3.5 to 5.0 seconds, was less than the
lateral displacements of some of the lower floors. Figure 8.107 indicates that the lateral
displacements of the fourth and fifth floors were consistently larger than the lateral roof dis-
placement.

The story drift envelopes for the EBF model with pin connections and the EBF model
with all moment connections were practically identical, as shown in Fig. 8.108. Similar to
Designs 1 and 2, both EBF models of Design 3 developed a greater story drift in the lower
floors compared to the upper floors. Furthermore, the story drift of Design 3 satisfied the
code limit of 1.5 percent.

Base shear time histories for the two EBF models, shown in Fig. 8.109, indicate that
the backup moment frame created by using all moment connections did not add much addi-
tional resistance to the EBF model with pin connections. Tables 8.5 and 8.6 reveal that the
maximum base shear was only three to four percent greater in the EBF model with all
mroment connections. In fact, the maximum shear of all stories of this EBF model were
also only slightly greater than those of the EBF model with pin comnections, as shown in
the story shear envelopes presented in Fig. 8.110.

It was found that for the same earthquake record, the hysteretic behavior of
corresponding links of the two EBF models were almost identical. The maximum shear
forces developed in the links and the corresponding normalized shear forces, respectively,
are shown in Figs. B.111 and 8.112. These results show the similarity with respect to shear
force beiween comresponding links of the two EBF models. Like Design 2, the first floor
links of Design 3 strain hardened to a maximum shear force of 1.45V, during the scaled El

Centro earthquake and to 1.5V, during the Parkficld earthquake. However, unlike Design 2,
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the third fioor link of Design 3 developed slightly less strain hardening than the fourth and
fifth floor links. The associated maximum link deformations for each floor are shown in
Fig. 8.113, indicating the similarity between corresponding links of the two EBF models of
Design 3. Like the bare steel EBF models of Designs 1 and 2, greater magnitudes of link
deformation developed in the lower floor links in both EBF models of Design 3. While the
maximum liok deformation of the lower three floors of Designs 1 and 2 exceeded the codc
limit of six percent, only the link deformation of the first and second floors of Design 3
exceeded this code limit for the Parkfield earthquake.

The maximum link end moments corresponding to the response of the two EBF
models of Design 3 are shown in Fig. 8.114, where they bave been normalized by their
respective plastic capacities M,. These results indicate the similarity with regards to
moment between corresponding links of both EBF models. From this figure it is apparent
that the links in the lower floors developed greater end moments. These link end moments
developed at the face of the exterior columns, reaching a moment of approximately 1.07M,
in the first and second floor links during the Parkfield earthquake. Designs 1 and 2 had
similar characteristics. During the Parkfield earthquake, Designs 1 and 2 developed a
moment of 1.15MP and 1.1MP at the face of the exterior columns in the first floor liﬁks (sce
Figs. 8.33(b) and 8.74(b)). It was found that the ratic of end moments of the links adjacent
to columns in both EBF models of Design 3 were similar, where during elastic deformations
the moment My at the column was 2 to 3 times larger than the moment M, at the other ‘end
of the link. After significant strain hardening developed in the link, My was 1.5 1o 3 times
larger than M,. Thus, as in the analyses of Designs 1 and 2, the link end moments next to
the exterior columns in Design 3 did not equalize. On the other hand, the link end
moments of the K-braced panels (floors 4, 5, and the roof) remained nearly equal in magni-
tude for Design 3.

The maximum relative vertical displacement A, between the ends of the links are

shown in Fig. 8.115. For corresponding earthquake records, these results appear 10 have
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also been similar for both EBF models of Design 3. The permanent relative vertical dis-
placement 4,, between the ends of the links of floors 1, 2, and 4 were obiained from A,
time histories. These resulls are summarized in Tables 8.7 and 8.8. The EBF model with
pin connections subjected to the scaled El Centro earthquake record (analysis EC10) was
found to have developed values of A, which were greater than or equal to A, for the
qorrespond'mg links of the EBF model with all moment connections (analysis EC9); Such
consistency however was not evident in the respbnse to the Parkfield earthquake record.

However, A_, of the fourth floor link for the Parkfield analyses of Design 3 was

e
significantly less (0.07 and 0.09 inches) than thai from the corresponding analyses of
Designs 1 (0.77 inches) and 2 (1.04 inches).

The maximum moments developed ‘in the floor beams outside the links are shown in
Fig. 8.116. From this figure it is apparent that for corresponding earthquake records the
maximum momen!s adjacent to the links of floors 1, 2, and 3 were nearly equal in the two
EBF models. In the remaining upper three floors, these moments were about 10 percent
greater in the EBF model with pin connections. The maximum axial forces developed in
the floor beams outside the links are shown in Fig. 8.117. From this figure it is apparent
thal the maximum axial forces which developed in the floor beams outside the links were
invariant with respect 1o the type of connection used to attach the braces and floor beams to
the columns. Furthermore, the axial design forces appear to have been satisfactory. The
design moments appear to also have been reasonable in the upper three floors (Fig. 8.116).
Although in the lower three floors the design moments were exceeded during the Parkfield
earthquake, yielding did not occur in these members under the combined action of moment
and axial force since the floor beams had adequate capacity.

The maximum moments which developed in the floor beams of the unbraced panels in
the EBF meodel with all moment connections are shown in Fig. 8.118. “The largest floor

beam end moments were developed ar the first floor during the Parkfield earthquake, where

the moment was equal 1o approximately 1.03M,. This indicates that minimal strain harden-
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ing occurred in the floor beams of the unbraced panels. The axial force in these members
was found to be less than six percent of the axial yield strength of their steel sections.
While yielding occurred in these members at the first and second floors during the Parkfield
earthquake (see Fig. 8.105(b)), the ensuing maximﬁm plastic deformation was equivalent to
1.40y, where By is the rotation defined by Eq. 8.16. Therefore, for the EBF model with all
moment connections, the maximum ductility demand in the floor beams of the unbraced
panels was aboul the same as that of Designs 1 and 2.

The maximum axial brace forces for the two EBF models of Design 3 were found 10
be nearly identical, as shown in Fig. 8.119. The axial design forces appear to have been
satisfactory, although during the Parkfield earthquake the maximum axial force in the first
floor brace of the EBF model with all moment conpections exceeded the corresponding
design force by about three percent. At this instant the first floor link developed a shear
force of 1.5V,. The first floor brace exceeding the design envelope is atlribuled. to the
effect of the damping and vertical inertia forces, as discussed previously. Maximum
moments developed in the braces of both EBF models are shown in Fig. 8.120. The max-
imum brace moments developed during the scaled El Cemrb earthquake record appear to
‘have been nearly identical for the two EBF models of Design 3. However, during the
Parkfield earthquake record the model with all moment connections had a tendency to
develop significantly larger moments in the braces of the third and fourth floors than the
EBF model with pin connections. The corresponding moments of the third and fourth floor
braces were 46 percent greater than the brace maximum moments of the EBF model with
-pin connections. Although the design moments appear to have been satisfactory for the
brace moments developed during the scaled El Centro earthquake, both EBF models
developed brace moments at the base of the EBF during the Parkfield earthquake which
exceeded the design envelope. The third floor brace moment of the EBF model with all
moment connections also exceeded the design envelope, however, the amount by which it

exceeded the design envelope was considerably less than that al the base. Foriunately,
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Design 3 used structural tubing sizes for the braces which had enough capacity that failure
did not occur. A check of brace stability found no indications of brace buckling occurring
during the analyses of Design 3.

The maximum axial forces developed in the columns were found to be similar for
corresponding columns of the two EBF models. This phenomenon is illustrated by the
column axial force envelopes shown in Fig. 8.121. In this figure the axial design forces are
shown to have been satisfaclory for the exterior columns, and all inlerior columns excepl
for the first floor. The intetior first floor column of the EBF model with pin connections
exceeded its axial design force by about 13 pcrcen't during the Parkfield carthquake. In all
‘previous analyses the axial design forces were always found to be satisfactory. The reason
for the axial force exceeding the design force in the present case is attributed to the fact
that the design envelope was based on the assumption tl;at all links simultaneously reached
a shear force of 1.5 V.

The behavior of the EBF in the present study is such that when the braces of the upper
three floors develop compressive axial force due to lateral seism;c forces, an accumulation
of compressive axial force occurs in the interior columns of the upper three floors, as ideal-
ized in Fig. 8.122. The braces of the lower three floors will in turn develop tension, reliev-
ing the interior- columns of some of the compressive axial force. The situation of column
compressive axial force as opposed to tension was chosen for discussion for two reasons.
Firstly, columns resist dead load by developing compréssive axial force, and therefore,
when combined with the column seismic axial forces created by the brhces. develop greater
compression than tension axial forces. Secondly, the resistance in compression is less than
in tension for columns in which stability controls. In the Parkfield analysis of Design 3, the
axial brace forces which developed in the upper three floors resulted in larger compressive
axial forces in the interior columns between the second and third floors compared to

Designs 1 and 2. However, the third floor link of Design 3 developed a maximum shear

force of only 1.25V, compared (o approximately 1.45V, for Designs 1 and 2. This is autri-
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buted 1o the fact that the third floor link of Design 3 had about a 24 percent greater V,/V;,,
ratio than Designs 1 and 2 (see Figs. 8.9 to 8.11). As a result, the compressive axial force
in the interior columns below the second floor were larger than anticipated because a ten-
sion force corresponding to 1.25V, instead of 1.5V, developed in the second floor braces of
Design 3. Apparently, in Designs 1 and 2 the link shear force of 1.45V, at the third floor
was close enough to 1.5V, that the axial fprce in the interior columns below the second
fioor did not exceed the design force. Therefore, in designing the columns of EBFs where
the braces in tension are relied upon te relieve the accumulation of column compressive
axial force, the designer must consider very carefully the Vo/Viini TatlioS of the floors and
thereby determine whether these braces in lension will likely be resisting link shear forces
of 1.5V,. Fortunaiely, the section size selecied for the first and second floor interior
columns provided enough capacity that failure did not occur. A stability check of all
columns was made. The results indicated that buckling of the columns did not occur during
the analyses.

The moment diagrams for individual columns corresponding to maximum moments for
each column of both models of Design 3 are shown in Figs. 8.123 and 8.124. These figures
indicate that the maximum moments developed in the exterior columns of the botiom three
floors were nearly identical for corresponding columns of the two EBF models. However,
the interior columns of the EBF model with all moment connections developed larger
moments than the columns of the EBF model with pin connections. This phenomenon also
occurred in the exterior columns above the third floor. Moment diagrams for the exterior
and interior columns at selected times during the analyses are shown in Figs. 8.125 10
8.132. -These figures indicate that the moments of the corresponding columns of the two
EBF models had a close resemblance. This was particularly true for the exterior columns of
the lower three floors. This was expected, since links with moment connections framed into
the exterior columns at the bottom three floors in both EBF models. The 'phenomena of

unequal distribution of beam moments to columns above and below the corresponding
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floors, and the point of inflection not being stationary is evident in these moment diagrams.
These observations were most prenounced in the exterior columns between the second and
third floors at time r = 4.5 seconds, and between the first and second floors at time 7 = §
seconds during the Parkfield analyses.

The design moment envelope M, for the columns based on cantilever action are
shown in Figs. 8.123 and 8.124 (all interior columns and the exterior columns above |h¢
third floor). As noted previously, no dynamic amplification factor was used for these design
moments. The design moment envelope M,,; appears to have been satisfactory for these
members in the EBF model with pin connections. For the EBF model with all moment con-
nections, M, for the same columns, excluding the interior column below the first floor,
was also satisfaclory. However, as seen in these figures as well as the moment diagrams of
Figs. 8.125 1o 8.132, these columns in the EBF model with pin connections did not always
develop single curvature. This- is due to two reasons. Firstly, eccentric pin connections
with respect to the centerline of the columns were assumed and accounted for in the EBF
model by using offsets from the column centerline. As a result, these eccentricities
developed moments in the columns of the EBF models with pin connections. Secondly,
participation of the higher modes resulted in the lateral inertia loads at the different floor
levels to act sometimes in opposite directions. This led to double curvature of the columns.

It is seen in Figs. 8.123 and 8.124 that the maximum moments of the exierior columns
of the lower three floors all exceeded the design value M_,,, during the scaled El Centro
and Parkfield earthuakes. The design moments for the exterior columns of the three lower
floors based on the amplified moments 1.8M_,;, therefore appear 1o be more practical than
the moments M, ;. where M_,, was derived from the weak beam-strong column concept.
Although during the Parkficld earthquake yiclding occurred at the base of the first floor
columns (see Fig. 8.105), which were designed using moments 1.8M_ ., the ensuing plastic
&cformalion was less than 0.50,, where Oy is the rotation defined by Eq. 8.18.

The amounts of hysteretic energy dissipated by the links are shown in Fig. 8.133, indi-
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cating that these results of both EBF models were nearly identical. An examination of
Tables 8.9 and 8.10 indicates that the links accounted for practically all of the energy dissi-
pated by the EBF models of Design 3. The hysteretic energy dissipated by both of the first
floor links accounted for over 60 percent and 56 percent of the total hysteretic energy dissi-
pated during the El Centro and Parkfield earthquakes, respectively. This result is more con-
sistent with the response of Design 1 than Design 2. It appears that although it was
intended to have the links above the first floor participate in a manner similar to Design 2,
Tables 8.9 and 8.10 show the distribution of energy dissipated by the links of Design 3 was
more similar to that of Design 1. As noted in the discussion of Design 2, this phenomenon
is influenced by the distribution of the link shear strength to required shear strength ratio
Vp/Ving among the floors. In Design 3, the second and third floor links had V /V;, ratios
that were 7 and 24 percent greater than the corresponding links of Design 2. For Design 3,
a more desirable performance could be achieved by reducing the capacity of the third floor

links.

8.7. Summary and Conclusions of EBF Analyses

From the above discussion, the following conclusions are noted with respect to the
design and nonlinear analyses of the 6-story EBFs:
(1)  Strain hardening in the links and other members of the EBFs resulted in less link
deformation and story drift compared to an elastic-perfectly plastic response. Furth-
" ermore, the effect of link strain hardening resulted in greater brace forces, as well as
forces in the beams and columns. Through strain hardening, the links developed a
maximum shear force of 1.5V, in the bare steel EBF models, and 1.63V, in the inte-
rior EBF models with composite floor slabs. In both cases these maximum link
shear forces developed in the lower floors.
(2) Including the effect of composite action in the EBF models resulted in an increase of

the ultimate link shear forces. The links of the interior EBF model with composite
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floor slabs developed maximum shear forces which were as much as 10 percent
greater than the corresponding link shear forces of the bare sieel EBF model. In the
exterior EBF model with composite floor slabs.this increase was as much as 4 per-
cent. The increase in the link shear forces resulted in larger forces developing in the
other members of the EBF models. For the interior EBF model with composite floor
slabs the axial forces in the columns and braces, respectively, were as much as 10
and 12 percent greater than the corresponding member forces of the bare steel EBF
model. Likewise, the moments in L!]e columns and braces, respectively, were as
much as 14 percent and 40 percent greater than those of the bare steel model. A
smaller increase in the member forces occurred in the exterior EBF model with com-
posite floor slabs relative 10 those of the bare steel EBF model. The column and
brace axial forces increased as much as 4 percent, while the moments in the columns
and braces, respectively, increased as much as 5 and 25 percent for this model rela-
tive to the bare stec] EBF model. Although greater forces developed in the members
of the EBF models with composite floor siabs, the amount of hysteretic energy dissi-
pated by these EBF models was almost identical to that of the bgre steel EBF model.
The dynamic excitation of EBFs led to velllical inertia forces and damping forces in
the links and other members as the links deformed and the floors developed uplifi.
The link damping forces increased as the links yielded due to the effect of yielding
on viscous damping and the increased relative vertical motion between the ends of |
the links. Including the elastic stiffness of the links in the viscous damping matrix
through initial stiffness proportional damping resulted in larger link damping forces
than if the elastic stiffness of the links were not included. Axial forces in the braces
were increased due to the vertical inertia and the damping forces. As a resuli, the
axial force of some of the braces exceeded the design forces that were established
considering static equilibrium based on link shear forces of 1.5V,. The combined

effects of the vertical inertia and damping forces, and the increased shear capacity of
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links with composite floors resulted in a axial brace force which exceeded the design
force by as much as 14 percent. Considering these phenomena in addition to the
possibility that the webs of links may be stronger and the braces weaker than antici-
pated due to the variation in material strengths, it is recommended that at critical
locations where significant inelastic activity is expected that the axial design force
for the braces be increased to where they are based on link shear forces of 1.7v,
instead of the current value of 1.5V,

The preliminary design assumption o_f using 20 percent of the link end moment as
the design .mom-cnt for braces with moment connections was not satisfactory in the
lower three floors for all analyses. It is at these floors where the maximum story
drift and yielding outside the 'link in the floor beam developed.‘ These phenomena
have been determined (o cause an increase in the brace moment. In order to ensure
that a safe EBF design exist the moment capacity of each brace considering axial
force effects must balance the moments developed at the ends of the adjoining link
and floor beam outside the link. Therefore analysis of preliminary EBF designs are
?equired in order to assess whether the braces will be able to resist the forces
developed in the adjoining floor beam and link. At critical locations where major
inelastic activity and strain hardening are expected in the link, consideration must be
given to the fact that the floor beams could possibly yield outside the links thereby
forcing the adjoining brace to resist any additional increase in link end moment. It
is recommended that a pin ¢comnection for braces be used at the base of the EBF in
order to avoid potential problems associated with the large brace moments which
were found to develop at the lower end of such braces.

Accounting for the P-delta effect did not result in any siguificant change in the
response. The most pronounced effects were a six percent increase in the brace and
column axial forces when the P-delta effect was accounted for.

The use of pin connections in an EBF resulted in a response that was almost identi-
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cal to the response of the corresponding EBF with all moment connections. How-
ever, the increase in the equivalent lateral loads for designing EBFs with pin cénnec-
tions is necessary because of the associated loss of redundancy.

A major portion of yielding and strain hardening of the EBF models occurred in the
links, with the links accounting for practically all the hysieretic energy dissipated by
the EBF models. The effect of viscous damping energy was found to be smaller
compared to the hysteretic energy where the damping accounted for an average of 20
percent of the total energy dissipated by the system.

The maximum story drift was within the code limit of 1.5 percent. However, the
deformation of the lower floor links in the EBF models with strain bardening and
nonproportional damping often exceeded the code limit of 0.06 rad. during the
Parkfield earthquake. In Design 1 the first floor link developed a deformation as
large as 0.11 rad. The improved designs, Designs 2 and 3, experienced maximum
link deformations of about 0.10 and 0.08 rad. during the Parkfield earthquake. The
maximum link deformation developed during the scaled El Centro earthquake was
0.075 rad. (Design 1), while Designs 2 and'3 both developed 0.04 rad. Therefore,
even though the preliminary design was found to satisfy the code limit for link
deformation, this limit was exceeded during the nonlinear analyses of the EBFs.
Experimental data summarized in Chapter 4 and by Kasai [7] noted that an important
aspect of link deformation is the measurement of the maximum link deformation ¥,,
where ¥, is the deformation measured from the point of zero shear during a half
cycle (see Fig. 4.25). This experimental data indicated that links had been able to
sustain values of y, equal to 0.13 to 0.15 rad. before web buckling occurred. Values
of y, related to the‘ EBF analyses involving the Parkfield earthquake were determined
from the link hysteretic loops and found to be no more than 0.15 rad. for Design 1,
0.11 rad. for Design 2, and 0.10 rad. for Design 3. For the scaled El Centro earth-

quake record, these values were 0.09 rad. for Design 1, 0.05 rad. for Design 2, and
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0.06 rad. for Design 3. ‘Thus, while the (hree designs divd not always satisfy the code
limit of 0.06 rad. of link deformation, experimental data indicates that the deforma-
tion developed in the links during the analyses was possible if appropriate link
details are used.

In designing EBFs, careful consideration must be given to the selection of‘section
sizes for the links. This includes observing the relative values of the link shear
resistance to required design shear strength ratios V,/V,,, among the floors. To
prevent the occurrence of one or two links dissipaling a majority of Eﬁe hysteretic
energy (soft stories), the VP/V,i,,," ratio of the links in all floors should be as close as
possible to the same value, where this ratio is established using the plastic design
procedure described herein. A smaller Vp/Viini Tatio for the upper floor links relative
to the lower floor links is more advantageous than having a larger V,/V fatio fo?
the upper floor links relative to the lower floor links. Using these guidelines soft
stories can be avoided, resulting in a more uniform distribution of energy dissipation
among the links. This will also aid in decreasing the maximum story drift as well as
the link deformation which would otherwise occur in the links of a soft story.

Links that were adjacent to columns developed unequal initial elastic- end moments.
The link end moment at the column, Mg, was 2 to 4 times greater than the other end
moment of the link, M,. If strain bardening occurred in the link following shear
yielding, the moment M, increased more than My, however, equalization of the Iink
end moments did not occur. The moment My often reached M, the plastic capacity
of the section, and by strain hardening in flexure developed a moment as large as
1.15M,. The moment M, remained less than M,. The links which were not adja-

cent to columns (links in the K-braced panels) had approximately equal end

~moments in the bare stee] EBF analysis, The maximum end moments in these links

were less than M, Composite action resulted in a larger moment at the end of the

links in the K-braced panels where the slab was in compression due to the bending
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moment. These end moments were about 1.2 to 1.5 times'la:ger than the end
moments at the other end of the links. The maximum moments developed in these
links at the third floor was about 1.1M,,.

The plastic deformation imposed on yielded members outside the links was small
relative to that in the links. Of the yielded members outside the links, the floor
beams of the unbraced panels developed the most plastic deformation. The max-
imum plastic deformation of these members was less than 1.5 times the yield rota-
tion of similar members subjecied to equal end moments. Since these members are
compact sections and the axial force was less than six percent of the yield force, no
ductility problems would be expected. The floor beams outside the links and the
exterior columns at the base had even smaller ductility demands. It is anticipated
that ductility- problems would also not occur in these members. Current ongoing
research [41] will attempt to set guidelines for. ductility capacity of such members.
The design values for moment and axial load of the floor beams outside the links
were exceeded by the forces develo;;ed during the response to the earthquake
records. However, as noled above, yielding outside the links in these floor beams
did not impose excessive ductility demands. Furthermore, EBFs with composite
floors have increased resistance. As a result, the design procedure used herein,
appears (o be satisfactory for these members. '

The maximum moment developed adjacent to columns in the floor beams of
unbraced panels was 1.03M,. As noted previously, for links next to columns the
maximum end moment was 1.15M,. These values were less than the recommended
value of 1.25MP for column design. However, due to the variation in material p}o-
perties which could result in a higher nominal beam sirength and a lower nominal
column strength, the use of the 1.25 factor is warranted.

Applying the weak beam-strong column design philosophy to columns adjacent to

links without a dynamic amplification factor is not satisfactory. Under dynamic
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excitation the link end moment at the columns is often not distributed equally to the
columns above and below a yielded link. -As a result, the point of inflection was
found not to be stationary in these columns. The use of a dynamic amplification fac-
tor is also justified by the fact that composite action in EBFs resulted in larger
column moments compared to a bare steel EBF. In view of the above, great care
must be taken in designing column splices.

(15) When designing columns where braces are relied upon 1o relieve the accumulation of
axial compressive force in the column, one must carefully consider whether the links
that are connected to these braces will develop a shear force of 1.5V,. Examining
the relative values of the V,/Vy,, ratios among the links will be helpful in making

such decisions.

Each earthquake has unique ground motions, and as a result an EBF subjected 10
different earthquake records will develop unique responses. A major portion of the inelastic
response of the EBF designs to the Parkfield earthquake record occurred during one cycle of
sustained plastic link deformation. The scaled El Centro earthquake record produced many
yield excursions, which resulted in more cyclically symmetric plastic deformations. Conse-
quently, while the Parkfield earthquake record generally caused larger member forces and
deformation, the scaled El Centro earthquake record resulted in more energy dissipation.
By using a plastic preliminary EBF design procedure with equivalent seismic lateral forces,
and then performing nonlinear dynamic analyses on the design result, it was demonstrated
thar the energy dissipation can be designed to remain mostly in the links. This involved
designing the EBF where the links yield, with all of the other members remaining essen-
tially elastic. Consequently, only minor inelastic activity, if any, develops outside the links
as they strain harden.

The analytical results rei)orted in this chapter should_help to further the design
developments of EBFs. While the element formulations were based on cyclic static

response of experimental specimens, the nonlinear dynamic analyses results are believed to
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be reasonable. However, there is still a need to verify the responses through experimental
investigation of EBFs under dynamic loading. The conclusions reached with regards to the
nonlinear dynamic analyses are appropriate for the EBFs analyzed. In these analyses, it was
. assumed that the structural detailing of the links, connections, and other members was ade-
quate for seismic resistant design. General EBF designs must be carefully scrutinized
before considering whether the conclusions of this study are applicable to such designs.
The reader is reminded that the conclusions reporied herein are based on resulis obtained:
from EBF models where the effects of soil structure interaction are not included in the

analysis.
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Yield Condition A B C D
Elastic 0 0 0] 0
Plastic Hinge [ KKy 0 0

at Node I Only

Plastic Hinge 0 0 lgj/Kﬁ
at Node J Only

b

Plastic Hinges 1 0 o 1
at Nodes I and J

Table 6.1 Coefficients for Determining Stiffness Matrix and Plastic Hinge Rotation of Parallel
Component Beam Element [81].

Singularity Condition | Ky

0 1

No Flexural Stiffness at A . L

Node I, Ky; = Ky;; = 0 _ Koy GaL
L 0

No Flexural Stiffnessat | 1 1 P

Node J,Ky;=Ky; =0 | Kei  GALL

No Flexural Stiffness at 0 0

NodesIand J,K, =0

Table 6.2  Stiffness Coefficients for Complete Element when Stiffness Matrix of Parallel Com-
ponent Bearn Element is Singular.
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Beam-Column Elements
Member Strain Hardening P, M,
Ratio p (kip)  (kip-in)
(1] 2] (31 (4]

W 6 x 12 Beams 0.03 173 350

W 6 x 25 Beams 0.03 358 797

W 8 x 25 Columns 0.03 367 1259

2-C 5 x 6.7 Braces 0.03 158 282

Link Elements
Member Isotropic Hardening | Subhinge M, v, Kom Kov
a AV s (kip-in)  (kip) (kip-in)}  (kip)
(1] " [2] (3] [4] (5] [6] [7] (8]
Wé6x12 | 8.34 22 Vy, 1 350 33 9298 442
2 396 41 9028 429
3 420 46 692 33
W6x25 | 834 22 Vy, 1 797 45 22466 614
2 900 57 21812 595
3 956 64 778 46
Table 6.3 Force-Deformation Properties of Elemenis for Modeling the Bottom Three Stories of 20

Story EBF.

~



North Link South Link
Half Cycle Lateral Load 3rd Floor Lateral Displacement | Ist Floor Vertical Deflection | Lst Floor Vertical Deflection
(kips) (inches) (inches) (inches)
Test  ANSR | Test ANSR Test ANSR Test ANSR

m (2] (3 (4] (5] (6} (7] (8] (9]

1 64.3 66.9 | 0.50 049 0.06 0.02 0.14 0.08

7 83.2 90.5 | 0.99 0.99 0.17 0.12 032 0.24

13 100.0 1062 | 149 1.49 0.23 0.20 0.53 047

19 1136 114.1 | 3.00 299 0.52 034 1.16 1.20

23 113.0 1169 | 4.53 4.50 0.82 0.57 1.79 1.82

Table 6.4 Maximum Relative Displacement Between Ends of Links at Selected Half Cycles.

91
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TABLE 7.1 NONLINEAR DYNAMIC ANALYSIS SOLUTION ALGORITHM.

L. Initialization of Algorithm

(1) Specify parameters B, vy, time step size At, and convergence tolerance TOL.

(2) Compule intergration parameters:

Y o] o] R
' T B(an? 7 Bat Y
; Y Y Y
=X =Y =at|1- X
= Bat BB % 2;3}

(3) Form the effective stiffness matrix:

Ki =aM +a,C +Kg

(4) Perform decomposition of effective sliffness malrix:

LDLT =K/

(5) Specify initial conditions for the analysis, e.g. g, g, and g, at time = 0.

II, Iteration Within Time Step

(1) Determine load vector P, , ,,.

(2) Set iteration index i= 0 and initialize the motion vectors:

f]_f'l a =4

ﬂfll s = a- aS)gt + 3631

ql(")O- a =1 - 33)91 - ag,

(3) Perform state determination for current configuration to determine equivalent nodal

forces R{Y in equilibrium with the element internal forces.
iy q
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(4) Solve for incremenial displacement aq * ! for iteration i:

LD

[—l

T 1+1 . (i . () i
ag"* 0 =B, - (M0, + 0, + RO

(5) Update motions:

i+1) _ i+1
g =alh . +agtt?

A+ 1) _ () I+1
St+Al - ﬂl+m +_3459_( ‘

LA+ _
qut) =ﬂflAl+alAﬂ

i+

(6) Perform state determination for updated configuration to determine R'* ! correspond-
+1)

g O gy s

(7) Compute the residual load vector:

¥ = S+ 1 i+ 1) i+1
f =P~ [M'ﬂ1++m)+g'ﬂt+at +5EI+ )}

(8) Check convergence:

iIf JL“— < TOL then proceed 1o next time step.
(1P|

If —“-Q-l— 2 TOL theni =i +1, go to Step 4.
1By o



ANALYSIS DESCRIPTION

3]

1.5*EL CENTRO 1940 SE

PARKFIELD 1966 NE

DESIGN |
(2]

DESIGN 2
(31

DESIGN 3
[4]

DESIGN |
(3)

DESIGN 2
(6]

DESIGN 3
(7)

1. Bare Steel Frame, Strain
Hardening, P-delta Effect,
Nonproportional Damping

EC)

ECS

EC9

PAI

PA2

PA7

2. Bare Steel Frame, Elas. Per-
fectly Plastic, P-delta Effect,
Nonproportional Damping

EC2

ECé

PA3

3. Bare Steel Frame, Strain
Hardening, P-deha Effect, Ray-
leigh Damping

EC3

4. Bare Stecl Frame, Elas. Per-
fectly Plastic, P-delta Effect,
Rayleigh Damping

EC4

|
5. Bare Stee! Frame, Sirain

Hardening, No P-dela Effect,
Nenproportional Damping

PA4

6. Compesite Exterior Frame,
Strain Hardening, P-delia
Effect, Nonproportional Damp-

ing

EC7

PAS

7. Compaosite Interior Frame,
Strain Hardening, P-delta
Effect, Nonproportional Damp-

ing

EC8

PA6

- 8. Bare Steel Frame, Strain
Hardening, Pin Beam & Brace
Connection, P-delia Effect,
Nonproportional Damping

ECI10

PAS

Table 8.1 Summary of Nonlinear Dynamic EBF Analyses.
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Lﬂ' bgﬁ' Lﬂ- Ks M; M; P; P;
SECTION _ _ il _
(in") {in) 1 (k-in) (k-in} (k-in) (kips) (kips)
[1] [2] [3} (4] (51 (6] [7] [8] {91
W18x65 link b
3 €A1 1721 | 133 | 161 | 1167910 | 6648 | 4788 | 857 | ess
exterior bay
W 18x46 link be
x MM 246 | 128 | 175 687050 | 4936 | 3265 | 649 486
exterior bay
W1846 link beam, | 00 | 135 | 167 951878 | 5001 | 3265 | 658 486
interior bay
W18240 Link beam, 1095 | 12,6 | 1.79 573462 | 4393 | 2822 | 586 425
exterior bay
W18x40 link beam, ooy | 134 | 172 784162 | 4449 | 2822 | 595 425
interior bay
W18x35 link beam, 908 | 13.2 | 1.78 624246 | 3963 | 2394 | 539 171
interior bay
W18x35 ki
W18x35 link beam, 903 | 77 | 177 576399 | 3455 | 2394 | 469 371
interior bay
W16x26 link beam, 5% | 62 | 1.8 506587 | 2370 | 1591 | 2356 277

exterior bay

Table 8.2 Composite Beam Properties for EBF Design 2, Exterior Composite Frame.

r + - - +
Ly b |, Ks M| M P; P; |
SECTION _ _ il . ' , _
{in%) (in) I {k-in) (k-in) | (k-in) | (kips) | (kips)
(1] (2] {3) [4] (5] [6] (7] 18] 9]

W18x63 link beam. | o1, | 315 | 1907 897279 | 8034 | 4788 | 1003 688
extenior bay
W18x46 link beam, | 1510 ) 304 | 213 554565 | 6193 | 1265 878 486
exterior bay
W1Bx46 link beam, |\ 4o | 350 | 204 | 740094 | 6314 | 3265 905 486
interior bay .
W18x40 link beam, | 0.5 | 304 | 218 | 467214 | 5595 | 2822 813 425
exterior bay

| WISxd0link beam, | 1,00 | 306 | 200 | 629404 | S721 | 2822 840 425
intenior bay .
Wi8x33 link beam. | 106 | 322 | 217 | 507346 | s064 | 2394 | 781 371
intenor bay
W .
WIBx3S link beam. | o5 | 185 | 2105 | 468389 | 4352 | 2394 | 607 | 37
interior bay
W16x26 link beam, 650 | 150 | 216 | 413280 | 3043 | 1591 467 277
extenor bay

Table 8.3 Composite Beam Properties for EBF Design 2, Interior Composite Frame.




Natural Periods (Seconds)

EBF Model
Mode ] | Mode 2 | Mode 3 | Mode 4 | Mode §
[1] [2] [3] 4} [5] [6]
Design 1 - Bare Steel | 012 | 5995 | o168 | 0161 | 0.136
EBF
Design 2 - Bare Steel | coc | 0271 | 0164 | 0460 | 0.133
EBF
Design 2 - Composite |, oy | 0264 | 0161 | 0160 | 0.132
Exterior EBF ) i
Design 2 - Composite
0678 | 0262 | 0.161 | 0160 | 0.132
Interior EBF
Design 3 - Bare Steel
627 | 026 0.153 152 | o2
EBF, Pin Connections 0.6 3 0 6
Design 3 - Bare Steel .
EBF, All Moment 0621 | 0253 | 0152 | 0.149 | 0.125

Connections

Table 8.4 Natural Periods of First Five Elastic Modes of EBF Models.
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— .
Analysis T
Design 1 7 Design 2 Design 3 —‘
ECl | EC2 | EC3 | EC4 | ECS | EC6 | ECT7 | ECB EC9T EC10
(1] (2] (3) | [l (5] [6] {7] (8] (9] | [10) | [11]
v'_“‘" 650 | 497 | 694 | 556 | 718 | 572 | 739 | 796 | 910 880
(kips)
vrnu
204 | 156 | 2,18 | 174 | 226 | 179 | 233 [ 250 | 239 | 23]
vD:sign J

Vo = Maximum Base Shear, Analysis
Vesign = Design Base Shear

Table 8.5 Maximum Base Shear for EBF Design Subjected to First 15 Seconds of 1.5 * El Centro

Earthquake Record.

Analysis
Design 1 Design 2 Design 3
PAL PA2 | PA3 | PA4 | PAS | PA6 | PA7 | PAS
1 (21 (31 | (41 | (51 { 161 | [71 | [8] | [9]
V’T"" 727 862 | 612 | 857 | BBO | 940 [ 983 | 946
(kips)
Vmu
2.29 271 193 | 269 | 277 | 296 | 2.58 | 2.48
VDesign

Ve = Maximum Base Shear, Analysis
VDesign = Design Base Shear

Table 8.6 Maximum Base Shear for EBF Design Subjected to First 15 Seconds of Parkheld

Earthquake Record.
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Permanent Relative Link Displacement - Inches
Design 1 Design 2 Design 3
N Ambei* | EC1 | EC2 | EC3 | EC4 | ECS | EC6 | EC7 | EC8 | ECS | ECIO
O0r .
1 (2] {3) (4] [5] (6] (7] (8] (91 | (100 | [11]
1 014 | 024 | 007 | 017 | 0.10 | 0.09 | 0.07 | 005 | 0.19 | 0.19
2 042 | 029 | 014 | 033 | 010 | 002 | 0.10 | 0.23 | 0.4 | 0.09
4 028 } 049 | 028 | 033 | 021 | 077 | 035 | 0.17 | 025 | 050
Table 8.7 Permanent Relative Displacement Between Ends of Links, 1.5*El Centro Earthquake
Record.
Permanent Relative Link Displacement - Inches
Design 1 Design 2 Design 3
Analysis I T
- PAl - PA2 | PA3 | PA4 | PAS | PA6 | PA7 | PAS
(1] (2] (4] (5] 9 (7 (81 | . [9]
1 0 028 | 056 | .26 | 0.25 | 033 | 0.12 | 002
2 0.59 077 | 1.18 | 0.79 | 0.89 | 090 | 0.66 | 0.79
4 0.77 1.04 | 194 | 1.10 | 0.89 | 069 { 0.07 | 0.09
Table 8.8  Permanent Relative Displacement Between Ends of Links, Parkfield Earthquake Record.



DHE = Dissiputed Hysterctic Energy

DDE = Dissipated Viscous Damping Energy

IE = Input Earthquake Energy

(DISSIPATED HYSTERETIC LINK ENERGY/]'OTAL DISSIPATED HYSTERETIC ENERGY) * 100
DESIGN 1 DESIGN 2 DESIGN 3
ANALYSIS
ECI EC2 EC3 EC4 ECS ECS EC7 - ECS8 EC9 ECI0
FLOOR
R [1] (4] 0 0 0 (] D 0 0 0
5 1.9 06 2] 1.3 4.6 34 4.1 35 47 53
4 2.7 10 3.5 1.7 638 38 7.1 6.5 50 59
3 39439 1.942.1 5.645.7 39440 | 11.S+113 | 1144110 | 1154102 | 1184117 | 32432 3.043.1
p—- - - A
2 10.2+10.1 93491 10.8+108 QR+OR 11.74¢11.6 R.7+8.6 11.5+11.6 1094312 10.7+10R 10.R+109
1 331.4+33 58 1784379 10.6+30.6 34.6+34.5 2124212 26.5+26.5 21.5+.4 22.1+22.0 11.1431.3 30.3430.7
ZFLOORS 99.6 99.7 9.9 99.6 9.9 99.9 9.9 99,7 100.0 100.0
DESIGN 1 DESIGN 2 DESIGN 3
ANALYSIS | N
ECI1 EC2 EC3 EC4 ECS EC6 ECT ECE EC9 ECI0
ENERGY
TOTAL
DHE 8359 | 7688 | 7262 { 6793 | 7828 | 7918 | 7662 | 7380 | 6767 | 66tM
{kip-in)
DDE
2268 1445 1387 270 2236 1783 2071 2109 1700 1605
(kip-in)
IE @ t=15s
10782 | 9319 | HEO9 | 7257 10362 10014 10046 { 9823 8909 26061
(kip-in) L L

Table 8.9 Energy Tabulations for EBF Designs Subjected to 1.5*El Centro Earthquake Record.
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(DISSIPATED HYSTERETIC LINK E.N'ERGY/'I' OTAL DISSIPATED HYSTERETIC ENERGY) * 100
DESIGN 1 DESIGN 2 DESIGN 3
ANALYSIS
PAl PA2 PA3 PA4 PAS PAG PAT PAS
FLOOR
R 0 o 0 0 0 o 0.2 0.1
s 2.5 4.2 2.8 4.1 © 40 3.7 6.4 5.6
4 2.9 T 65 6.1 6.4 62 59 5.4 1.6
3 49448 8.648.4 11.6+11.1 9.949.7 9.549.4 9.549.4 2942.9 29411
2 13.6+13.7 12.5¢12.5 13.5+13.5 129+13.1 13.1+13.1 129+12.9 128+13.0 11.8+11.9
1 28.0427.9 2294228 19.9+19.9 2144213 21.6421.6 2224222 28.0428.1 2924294
TFLOORS 98.3 98.9 98.4 98.8 98.5 98.7 9.7 98.6
DESIGN 1 DESIGN 2 DESIGN 3
ANALYSIS
Pal PAZ | PAY | PA4 | PAS | PAG | PAT | Pas
ENERGY
TOTAL
DHE 6365 6554 | 5961 | 6529 | 6571 | 6712 | 6438 | 6628
(kip-in)
DDE
! 1401 1445 | 1050 | 1459 | 1484 | 1543 | 1535 | 1469
(kip-in)
IE @ =158
7898 B101 | 7179 | 8093 | 8121 | 8358 | 8079 | 8201
(kip-in)

DHE = Dissiputed Hysteretic Encrgy
DDE = Dissipated Viscons Damping Energy
IE = Inpul Earthquake Encrgy

Table 8.10 Energy Tabulations for EBF Designs Subjected to Parkfield Earthquake Record.
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Fig. 6.1 Defining Position of Beam-Column Element in Space.

Hinge External Node

Internal Node

Fig. 6.2 Beam-Column Element Components,

/ Hinge at End I

Subhinges
e

g
I

External Node, dof v! / | I

\ Internal Node, dof g
Subhinge, dof W,

Fig. 6.3 Hinge and Subhinges at End 1.




F‘ F First Yield Point

-Subsequent Yield Points
YS3 | ’A.
YS2 — Kg,
Ky,
KFZ ’
F
YS| - ()
0
1 /1/1 n Current State
| /
L1
[ 1]
A
o \ i
YSI
YS2
YS3
(b) Translation of Yield Surfaces After Hardening
o

(a} Initial Position of Subhinge Yield Surfaces

Fig. 6.4 Strain Hardening Behavior of Hinges.
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(a) Global Displacements

V4

{b} Local Deformations

Fig. 6.5 . Degrees of Freedom. 3-D Beam-Column Element.



Fig. 6.6 Elastic Beam Deformation Degrees of Freedom.

Current State

®(S)

{a) Initial Position of Yield Surface

161

Current State

&S - a)

Fig. 6.7 Defining Yield Surfaces by Yield Functions.

(b} Translated Yield Surface
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Fig. 6.8 Subhinge Yield Surfaces Prior 1o Yielding.
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I~

F

Y33
YS2

(b)

Fig. 6.9 Translation of Yield Surfaces Following Mroz's Rule.
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2y

(a) State Prior to Unloading

YSi =
YSj -
YSK

~
|

(b) Defining Unique Points P,. P,. and P, While Unloading

!

Fig. 6.10 Unloading From Concurrent Yield Surfaces.
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(a)
v
4
4 |
y
o
g
{s)
y o
e
/]
/ —
/ T
(c)
Fig. 6.11 Determining Action-Deformation Relationships for

(a) Axial Force, (b) Shear, and (¢) Torsion.
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(a) \ M
g
4—
0
C
(b) M(y‘: < \M
f
Fig. 6.12 Determining Action-Deformation Relationships for Moment, Involving

(a) In-Plane Bending. and (b) QOut-of-Plane Bending of Links.
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Fig. 6.13 Yield Surfaces for Subhinges of Planar Link Element.

Is
T_.,.—rlll
2,

N

g

Fig. 6.14 Global Degrees of Freedom, Planar Link Element.
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facet b +_‘
Y

3
1
vy, ‘ et [ol
;‘b —_— (a) Facets a and b of Yield Surface
facet a

lM - M
@a = 1

-YSi Muy,
V - Cl‘\.'_‘I

Mu, s = Vu,

Pi@—n¢ P,
(b) Horizontal Translation» Due to

0
0 M Moment Hardening
YSti YS;j
dale
v
P YSJ P] P,
b -& ]
YSi f
T;. (¢) Verucal Translation Due to

Shear Hardening

doy, } 10

Fig. 6.15 Description and Hardenming Behavior of aYield Surface. Planar Link Eleraent.
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YSi

YSj

(a) Load Increment Causing Hardening

{ S, + dS
4 PJ
\ Current State
——— S+ dS-dg,
] ——
A\ M
da,
YS!I

YS)

(b) Updaied State

Fig. 6.16 Drift of State From Yield Surface.
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2H (KIPS)
250 |
oy o o —a—
2H(e) = 217.2 - 55.2exp(-8.34¢)
125
© Measured
Regression Analysis
0 1 1 i 1
0.0 0.2 0.4 0.6 0.8 1.0
¢ (RAD)
Fig. 6.18 Isotropic Hardening Effect on Cyclic Shear Yield Strength, Specimen D1.
2H (KIPS)
250
- / o —l - Q-
]
Wﬂi(e) = 225.0 - 35.0exp(~5.67¢)
125 |
© Measured
i Regression Analysis
0 L 1 1 1
0.0 0.2 0.4 0.6 0.8 1.0

¢ (RAD)

Fig. 6.19 Isotropic Hardening Effect on Cyclic Shear Yield Strength. Specimen BI.
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Fig. 6.20 Bchavior of Yield Surfaces Due to Isotropic and Kinematic Hardening.
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Vy = 81 kips
L.40V, ——
1,26V,
Ga; |
Vy Ky, ¢ == - 1706 k/in
Ky, = 0.03Ky,
Ky, = 0.015K,,
Ky, = 0.002Ky,
§ =
Yee
Sym
M
+ My = [192k —~in
1.20My | —
- K
1 IBM\ My
My
6EI
Ky, = é, = 1.211x10" k -in
Ky, = 0.03Ky,
KM‘ = O,OISKMI
K?\h = 0'002KM|
& ——
Q)
Sym. ||
=4
Fig. 6.21 Force-Deformation Relationships for (a) Shear, and

(b) Moment to Model Bare Stee] Links.
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1.43Vy
1.26Vy

1.05Vy

GA, )
Ky — = 1706 k/in
Ky, = 0.03Ky,
Ky, = 0.015K,,
Ky, = 0.0035K,,

— —
Yee
Sym.
M
M\,‘ = 1192 k—in
e R
Ky,
SEI, .
K-\'[l:- = 1.211x10°k - in
KM_. = 0'03KM|
K\I: = 0.0lSKM}

K, = 0.0035Ky;,

-

Fig. 6.22

o

Force-Deformation Relationships for (a) Shear. and
(b)Y Moment to Model Composite Links in Exterior EBFs.



1.50Vy
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Yee
Sym.
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Sym.
Fig. 6.23 Force-Deformation Relationships for (a) Shear. and

(b) Moment to Model Composite Links in Interior EBFs.
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Hinge _ External Node

\

AR

L)
\ Paralle] Component

Internal Nade Beam Element

Fig. 6.24 Composite Beam-Column Element Components.
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(a) (b)

My

My
(c) (d)
FIoor\Slab
= ———r m%)M+‘@*
74 757

Fig. 6.25 Hysteretic Behavior of Composite Beam-Column Element.
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Fig. 6.26 Yield Interaction Surface [81].
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Ig. 6.28 Yield Surflace, Ignoring Effect of Axial Load [81].

Fig. 6.27
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(a)
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(b)

Equilibrium Correction for Yield Surface
Overshoot [81].
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y
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X D e V3
Z v, Ve
Fig. 6.29 Deformation Degrees of Freedom, Composite Beam-Column Element.
y
I J
X
z
- - i q 3
q; as

Fig. 6.30 Parallel Component Beam Element Deformation Degrees of Freedom.
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M, M(w$_~: M, = 5M
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Ma=-M{ﬁ‘€'—-‘ M, = -5M
N

K* K*

(a) Adjacenltlio Column {b) Adjacent 10 Link.

Fig. 6.31 Determining Elastic Bilinear Moment-Rotation Relationship,
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5) STOP
Fig. 6.32 Computing Global Displacements for a Nonlinear Statics Problem.

Computed Response

RE

True Response

)-»l'
(a) Modified Newton-Raphson
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RE

Computed Response

True Response

- T
(¢} Combination of {a) and (b)

")

RE

Fig. 6.33

-4

Computed Response

True Response

I

(b) Newton-Raphson

Iteration Techniques for
Nonlinear Softening
Systems.
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BS.5 19 85.5

Elements 1 , 3 :Standard ANSR-1 Beam-Column Element
¢ Strain Hardening Proportion, g = 0.015
A 5.72 in”
, = 2.88in°
128.1 in*
= 28783 ksi
= 0.33
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Action-Deformation Relationship from Fig. 6.21.

Isotropic Hérdening Coefhicient. a = 8.336
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Fig. 6.34 Modeling oFSpecimen D!.
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Fig. 6.35 Positive Sign Convention for Link Response.
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1 , 3 :Standard Composite Beam-Column Element
Strain Hardening Proportion, p = 0.03
A = 572in°
A, = 2.88in’ ‘
La = 333in’, where I5 = 2.61 [Fig. 4.65)
E = 28783 ksi
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Action-Deformation Relationship from Fig. 6.23.
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Fig. 6.38 -Modeling of Specimen B1.
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Fig. 6.42 Location and Free Body of the Test Frame [6].
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Experimental Setup for Testing of Links by Kasai [7].
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Fig. 7.3 Lumped Mass Description for EBF Model.
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Fig. 7.13 Force-Deformation Hysteretic Response of Inelastic Oscillator, n = 0.48.
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Fig. 8.14

Lumped Mass Description for EBF Models.
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Fig. 8.21 Yielded Members of EBF Models for Design 1.
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Fig. §.22 (Continued) Lateral Floor Displacements for EBF Models of Design 1.
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