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CHAPTER 1

Introduction

1.1. Introduction

Over the last two and a half decades, a significant amount of research has been

conducted in the field of soil liquefaction. This research has led to the development of

several techniques which can now be used to make reasonable assessments of the

liquefaction potentials of sand sites under most levels of earthquake shaking. One

aspect of the problem which is still under debate however, is the minimum level of

shaking required to liquefy a deposit

Many researchers currently believe that liquefaction will not occur unless the

peak ground surface accelerations generated at a site exceed some value between about

O.05g and O.lOg. lbis range is based on relationships between Intensity, say as meas

u~d on the Modified Mercalli Scale, and observed field performance. In addition, it

appears to be supported, at least for level sites, by experimental data such as

laboratory-determined values of threshold strain.

However, while such a range might seem appropriate, it also seems probable that

levels of shaking significantly l~ss than this value have caused liquefaction in the past.

For example, Fuller (1912) reports that a sand island near Vicksburg, Mississippi

disappeared during the 1811 New Madrid earthquake (approximately magnitude 8.2).

This island was located at a distance of about 460 kms (300 miles) from the epicentral
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region and presumably failed as a result of soil liquefaction. The above observation is

significant because the ground surface accelerations generated at this distance are

expected to be about 0.03g (based on the attenuation relationships referred to in Sec

tion 2.2). thereby suggesting that the minimum level of shaking may actually be about

one-half to one-third of the higher values referred to above.

Further suppon for the lower level is provided by the observation that even non

seismic sources of vibration are reponed to be capable of causing liquefaction. For

example, Broms (1978) states that the stability of slopes is affected by "a temporary

increase in pore water pressure in the bottom layers from e.g. vibrations caused by

pile driving, heavy traffic, etc." Such an observation is imponant because the ground

vibrations generated by non-seismic sources are of a very low level compared with the

shaking generated be even small (magnitude 5) eanhquakes.

In faet, over the last 40 years alone, non-seismic sources appear to have caused a

number of large-scale liquefaction failures (Szcrdy, 1985), some involving up to 4 mil

lion cubic yards of soil. Seven slides which seem to have been clearly associated with

the liquefaction of sands, are listed in Table 1.1. The causes of these failures are

reported to include quarry blasting, blasting for removal of trees, vibrations associated

with pile driving, and those associated with the passage of trains.

Thus, it indeed seems probable that levels of ground shaking significantly less

than 0.05g may well be capable of inducing liquefaction. and while this suggestion

appear.: to be in conflict with the levels based on the Modified Mercalli Intensity scale.

it may not be inconsistent with the levels determined from experimental results. For



Table 1.1: Landslides Induced by Sources of Low Level Vibrations

Case Location
No. and Date Soil Type Slide Area Volume Vibration Source

l. Toulnustouc River. Very stiff, sensitive Light blasting to remove
Canada e1ay with silt and 3200' x 800' 3 X 106 cu. yds. trees (Conlon, 1966).
May 23. 1962 sand seams

2. Froland. Sweden Sensitive clay with Blasting in quarry about
June 5. 1978 silt and sand seams 600' x 400' 5 X 105 cu. yds. 80 meters from slide area

(Bjurstrom and Broms, 1973).

3. Sune. Sweden Sensitive clay with Pile driving in slide area.
Sept. 29. 1950 sand seams and lenses 2000' x 1200' 4 x 106 cu. yds. Train had just left area

(Jacobsen, 1952).

4. Save River. Sweden Sensitive clay with Slide occurred about 4 hrs.
Aug. 6. 1966 silt and sand seams 400' x 160' 7 x 104 cu. yds.

after driving 60 timber
piles in slide area (Broms
and Bennemark. 1967).

5. Guntorp, Sweden Sensitive clay with Slide occurred just after
April 13. 1953 silt and sand seams 240' x 200' 3 x I~ cu. yds.

passage of trau. on upper
end of slide area
(FelJenius, 1955).

6. Cajon Pass. Calif. Uncompacted clean 100' x 120' I x 104 cu. y1s.
Train on slide mass at

March 6, 1978 sand embankment time of failure.

7. San Joaquin River Sand embankment Train on slide mass at
Delta. California saturated at base. time of failure.

w
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example, the higher acceleratinns were computed for level deposits subjected to zero

initial shear stress, and recent experimental evidence has shown that as the magnitudes

of the initial shear stress/normal stress ratios imposed upon a sand are increaseJ, the

liquefaction resistance of loose sands is significantly reduced (Szerdy, 1985, Vaid and

Chern, 1983, Castro er al., 1982, and Yoshimi and Oh-Oka, 1975). Since the magni

tudes of the initial shear stresslnormal stress ratios are a function of both the slope of

the site, and the artesian pressure conditions, cenain deposits may well he predicted to

liquefy under much lower levels of shaking.

The ability of certain non-seismic sources to induce liquefaction has been noted

for many years. In fact, engineers have used tc:.';lmiques such as bll'sting and dynamic

com:_ ·t"tion to densify sand deposits by causing liquefaction. Another source which

might also be capable of causing liquefaction is trains. This belief is based on the fact

that trains are associated with several of the failures listed in Table 1.1, and that they

are conunonly regarded as a significant source of ground vibration. It therefore

seemed approprjate to try to determine the levels of shaking generated by this source,

and hence detennine whether train-induced ground vibrations might have caused any

of the failures referred to above.
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1.2. Scope

This study was perfonned in four pans:

I) A literature survey which was undertaken to both detennine the levels of

ground shaking generated by various non-seismic sources of vibration, and

to relate these levels to observed field performance.

2) Measurements were made of train-induced ground vibration amplitudes in

the field, since it appeared that the levels reponed in the literature were

somewhat inconsistent with the common perception that trains are a

significant source of ground vibration.

3) Analytical studies were performed to predict the levels of cyclic sht.ar stress

and shear strain, likely to be induced within a site by trains, and hence

attempt to determine whether trains might be capable of causing liquefac

tion.

4) Analytical studies which were also perfonned to examine the effects of

both artesian pore pressures and initial static shear stresses on the minimum

level of shaking required to cause liquefaction at a site.
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1.3. Outline

To assist the reader, a brief outline of the material covered in each chapter is

pxesented below.

The characteristics of the ground motions that are generated by the following

non-seismic sources of ground vibration axe presented in Chapter 2: blasting, dynamic

compaction, pile driving, construction equipment, and road and rail traffic. This infor

mation ~ presented along with a brief discussion on the maximum distances at which

different magnitude earthquakes have caused liquefaction. Chapter 3 presents a sum

mary of the methods that may be used to evaluate the liquefaction potential of sand

sites subjected to ground shaking. The relative advantages and disadvantages of the

two approaches, the shear strain and the shear stress approach. are discussed.

The characteristics of the train-induced ground vibration records that were

obtained during this investigation axe presented in Chapter 4. This is followed by an

evaluation of their liquefaction potential (in Chapter 5), and their possible relevance in

two of the liquefaction failures that have been associated with trains (and are listed in

Table 1.1).

The effects of both artesian pore pressures and initial static shear stresses on the

minimum level of earthquake shaking required to cause liquefaction at a site is investi

gated in Chapter 6. Conclusions are present~d in the final chapter along with recom·

mendations for further study.
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CHAPTER 2

Sources of Low Level Excitation and Their Liquefaction Potential

2.1. Introduction

Most engineers associate large-scale liquefaction with ground vibrations generated

by earthquakes. However as discussed in Chapter I non-seismic sources of ground

vibration also appear to be capable of causing liquefaction failures of a similar magni

tude. This lack of awareness can possibly be attributed to the fact that earthquakes

themselves are large dramatic events and that non-seismic ground vibrations appear to

have caused a much smaller number of large-scale failures. This is not meant to imply

that non-seismic sources of vibration cause fewer liquefaction failures since in reality

they cause a large number of these types of failure~. Rather that most liquefaction

failures associated with non-seismic sources of vibration result in small ground settle

ments close to the source.

1be differences between the general extent of failures associaled with each source

of vibration (seismic or non-seismic) can probably be attributed to differences in the

characteristics of the ground vibrations produced by each source. One of the principal

differences is in the amount of energy that is imparted to the soil since ground vibra

tions produced by even a moderate earthquake, contain much larger amounts of energy

than ground vibrations generated by non-seismic sources. Another major difference is

in the frequency contents of these motions. The ground vibrations that are generated
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by eanhquakes are altered as they propagate venically up through a site. Since

motions with frequencies close to the natural period of the site are amplified, the

predominant period of the surface motion is often close to the natural period of the site

which typically ranges from 1/4 to 2 seconds (1/2 to 4 Hz). In contrast, non-seismic

sources tend to produce transient ground vibrations with much higher predominant fre-

quencies, even though these frequencies also appear to depend on the soil type at the

site. Predominant frequencies for different soils have been presented by a number of

researchers such as Wiss (1967) and Manin (1980) whose values are listed in Table

2.1. Dalmatov et al (1968) funher report that ground motions with a predominant fre-

quency of 24 Hz were recorded at a site consisting of 24m of loam (glacial in origin)

which was overlain by 2.Om of rubbish. These motions were produced by impact pile

driving.

When energy is imparted to a soil mass, most of the energy is transmitted as

some combination of compression waves (P waves), shear waves (S waves) and Ray-

leigh waves. However the proportion of energy that is carried by each wave type is

Table 2.1 : Predominant Frequencies for Different Soils

Material Predominant Frequencies Predominant Frequencies
after Manin (1980) after Wiss (1967)

peat 5 - 10 Hz

loose alluvial fill 5 - 10 Hz

silt 10Hz

clay 20 - 30 Hz 15·25 Hz

sand 30 - 40 Hz
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unknown. In 1955, Miller and Pursey (1955) examined the case of a unifonnly distri-

buted circular energy source, oscillating vertically on the surface of an ideal, homo-

geneous, isotropic, elastic half space and they concluded from this analysis that

approximately two-thirds of the energy that was imparted to the soil was transmined as

Rayleigh waves. As a result of their findings, most researchers now believe that sur-

face sources of vibration predominantly generate Rayleigh waves. ltesearchers such as

Dalmatov et al (1968) and La (1976) have confirmed Miller and Pursey's findings by

measuring attenuation rates in the field.

The attenuation rates of P waves, S waves, and Rayleigh waves can be deter-

mined approximately by elastic theory. Such an analysis shows that both compression

waves and shear waves which are collectively known as body waves, attenuate at a

significantly faster rate than Rayleigh waves. For example, body waves traveling

within an elastic half-space radiate outwards from the source on a spherical front and

therefore the amplitude of this motion attenuates at a rate which is proportional to d-1,

(where d is defined as the distance from the energy source). At the surface of an elas-

tic half-space, the amplitudes of body waves attenuate at an even faster rate propor-

tional to d-2
• In contrast, Rayleigh waves which radiate from the source on a conical

1

front, attenuate at a rate which is proportional to d 2. Rayleigh waves with real wave

numbers, K, are characterized by the fact that all points on a venical plane move in

phase with each other.
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The ground vibrations that are produced by non-seismic sources can further be

classified as one of three types of vibration (after Wiss, 1981):

1) Transient or impact ground vibrations which are typically generated by

activities such as blasting. impact pile driving and demolition, where there

is sufficient time between each impact for vibrations t(' attenuate

significantly•

2) steady-state or continuous vibrations which are generated by pieces of

equipment such as vibratory pile drivers, large pumps and compressors, and

3) pseudo-steady-state vibrations which are typically produced by equipment

such as jackhammers, pavement breakern, trucks, bulldozers. cranes and

scrapers. These vibrations are either random in nature or generated by sur

face impacts which occur at a short enough interval so that the induced

vibrations approach steady-state conditions.

These three types of vibration are illustrated in Figure 2.1.

Before vibration levels for the various sources are presented it should also be

pointed out that the magnitude of non-seismic ground vibrations is usually assessed by

measuring peak particle velocities at the ground surface. This measure was probably

chosen because early researchers were primarily interested in the effects of ground

vibrations on structures and it was concluded that levels of structural damage could

best be correlated with peak ground surface velocities measured adjacent to the struc

ture (Edwards and Northwood (1960), Northwood et al (1963) and Nicholls ct al
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Types of Construction Vibrations
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Transient~
v

• T

Steady- State T
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Steady-State

V· Vibration Amplitude T. Time

FIG 2.1 TIiREE TYPES OF NON-SEISMIC GROUND VIBRATIONS
(from Wiss, 1981).
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(1971». Other researchers subsequently found that peak particle velocity could also be

closely related to ground settlements and to levels of human awareness. For example

Dalmatovet al (1968) repon that peak panicle velocity is closely related to ground set

tlements associated with pile driving, and Wiss (1974) states that human awareness to

vibrations is closely related to the peak panicle velocity. It should also be noted how

ever, that levels of building damage, human awareness, and ground settlements have

also been related to peak ground accelerations and peak ground displacements.

This chapter presents a summary of the characteristics of ground vibrations that

are generated by such non-seismic sources as blasting, dynamic compaction, pile driv

ing, construction equipment, road traffic and rail traffic. No attempt was made to

investigate the characteristics of ground vibrations produced by machinery or by the

demolition of buildings. A brief discussion of earthquake-induced liquefaction is also

presented in order to provide an indication of the lowest levels of acceleration at which

liquefaction is known to have occurred during these events.

1.2. Liquefaction Potential of Earthquakes

'The maximum distance at which liquefaction cat) occur from the zone of faulting

has been studied by a number of investigators including Kuribayashi and Tatsuoka

(1975) who developed a plot of the maximum distance of liquefaction, R, versus earth

quake magnitude. 1be distance, R, was defined by these authors as being the distance

from the epicenter of an earthquake to ~ most distant occurrence of liquefaction.

While it is commonly accepted that the level of shaking at a site is more closely
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related to the shortest distance from the surface expression of rupture than to the epi

central distance. rupture surface determinations were only made for a few of the earth

quakes reponed by Kuribayashi and Tatsuoka (Davis and Berrill. 1983). Therefore the

amount of data that could be shown on a plot of earthquake magnitude versus closest

distance to the causative fault would be insufficient to produce an acceptable upper

bound for R. The data points presented in the Kuribayashi and Tatsuoka plot represent

Japanese sites which liquefied during the last century. ApproJlirnately 100 sites were

noted to have liquefied during more than 44 earthquakes.

Several authors have subsequently added points to Kuribayashi and Tatsuoka's

original plot. These authors include Youd (1977) who provided points from 13 non

Japanese earthquakes, Davis and Berrill 0983) who provided 5 points from earth

quakes recorded in several countries. and Tokimatsu and Seed (1984) who provided

the additional 7 points listed in Table 2.2. A complete plot showing all of this data is

presented in Figure 2.2.

Since post-earthquake reconnaissance studies such as the study conducted by

Youd (1977) appear to show that earthquakes below a magnitude of about 5 are inca

pable of inducing liquefaction. the upper bound curve in Figure 2.2 drops off sharply

for earthquake magnitudes less than about 5 ~ and is shown dashed in this region.

Youd investigated several magnitude 4 to S earthquakes which occurred in areas con·

taining potentially liquefiable sediments. and was unable to find any evidence of

liquefaction. TIle limiting earthquake magnitude suggested by this figure is approxi-
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Case Histories of Maximum Distance to Liquefaction versus Earthquake
Magnitude

Year Earthquake Magnitude Epicentral Distance (lem)

1811 New Madrid EQ 8.2 460
(Fuller, 1912)

1966 Parkfield EQ 5.6 25
(Ross, \;768)

1981 Mammoth Lakes EQ 6.1 27
(LADWP, 1981)

1957 San Francisco EQ 5.3 5
(Ross, 1968)

1978 Miyagiken-oki EQ 6.7 110
(Tohno and Yasuda, 1981)

1983 Nihonkai-chubu EQ 7.7 180
(Tohno et al, 1983)

1983 6/21/83 EQ 7.1 140
(Tohno et al, 1983)

mately equal to 4 ~ and is only slightly smaller than the cutoff of M =5 suggested by

Youd.

With the aid of both the upper bound curve shown in Figure 2.2 and available

attenuation relationships between maximum ground acceleration, earthquake magnitude

and epicentral distance, it is possible to estimate the minimum ground accelerations for

which liquefaction has been induced by earthquake shaking. The values of ground

acceleration shown adjacent to the curve in Figure 2.3 were obtained by averaging the

results of attenuation relationships presented by Orphal and Lahoud (1974), McGuire

(1977), Donovan and Bomstein (1978), Iwasaki et at (1978a), McGuire (1978), Cornell

et al (1979), Battis (1981) and Hasegawa et al (1981). It may be noted from this
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figure that ground vibrations generated by magnitud~ 8 earthquakes are predicted to be

capable of liquefying sands when their ground surface accelerations exceed ~. value of

about O.02g. This level of shaking is significandy smaller than 0.05 - a.lOg, which is

commonly perceived to be the minimum level of shaking required to induce liquefac

tion.

2.3. Ground Vibrations Produced by Blasting

The ground vibrations that are generated by blasting are known to be capaille of

liquefying saturated sands. In fact engineers have used this capability to densify deep

deposits of loose saturated sand by detonating charges within these layers. Ground

vibrations produced by the blast liquefy the sand which increases in density as the pore

pressures dissipate. This ability to liquefy sands has also been used by Russian

engineers as a means of evaluating the liquefaction potential of sand sites.

The characteristics of ground vibrations that are produced by blasting have been

extensively studied by numerous researchers. However despite UUS ei~::'Tt, researchers

are still unable to predict the intensity of shaking with a high degree of accuracy. pri

marily because of the large number of factors which influence the ground vibration

magnitudes. It is the influence of these factors which include the weight of charge per

delay. the delay timing, the geological conditions, the type of explosive and the

geomeuy of the blast that helps to explain the large amount of scatter in any plot of

peak particle velocity versus some scaled distance tenn.
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The high degree of uncertainty that is associated with predicting blast-induced

ground vibration levels is a direct consequence of the large amount of scatter evident

in the recorded data. This scatter is clearly illustrated in a plot developed by Dowding

(1985), who plotted values of peak particle velocity against scaled distance for over

2500 construction, quarry, and surface coal mine blasts. Dowding attempted to reduce

the scatter in this plot by making separate plots for construction blasts, quarry blasts

and surface coal mine blasts; however replotting the data in this fdShion did not

significantly reduce the scatter. These three plots which are reproduced in Figure 2.4

show that peak panicle velocity still varies by as much as two orders of magnitude for

any single value of scaled distance.

It is because of this scatter that most empirical formulae which pn:dict ground

vibration magnitudes represent specific levels of exceedence as illustrated by the lines

shown in Figure 2.4. The line labeled 50 is the least squares, best fit line for the data,

while the other two lines are bounds below which lie 84% and 95% of the data points.

Most researchers state that in the absence of site specific measurements, 95 percentile

relationships should be used to predict peak particle velocities at any given site.

The velocity amplitudes of blast-induced ground vibrations are most cormnonly

expressed as a function of either square root scaled distance, .;f; or cube root scaled

d
distance, ---vJ' where d is defined as the distance from the sour<;e and w is the

w

weight of explosive detonated per delay. Both of these terms were derived from the

more general non-dimensionaIized term ~. Dowding (1985) states that both P
pc d
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(the density of the rock mass) and c (the seismic velocity of rock) were subsequently

neglected because these parameters are not observed to vary significantly for different

rocks. However the seismic velocity may vary from one rock to another by a factor of

two, and changes in seismic velocity of this magnitude would appear to significantly

affect the value of the non-dimensionalized term.

Several of the attenuation relationships which predict vibration levels as a func

tion of cube root scaled distance are presented in Figure 2.5. The solid line shown in

this figure was proposed by Ambraseys and Hendron (1968), who developed their rela

tionship from measurements of ground vibrations at a wide range of sites. The ground

vibrations at these sites were produced by blast~ in which the weight of charge per

delay varied from 14 to 14,500 kg (30 to 32,000 Ibs). Ambraseys and Hendron's rela

tionship implies that ground vibrations decay at a rate proportional to d-2.8 near to the

source, and at a rate proportional to d-1.6 for scaled distances greater than 10; these

rates of decay are similar to the rates of decay associated with body waves (refer to

Section 2.2).

Three of the most commonly used square root relationships are shown in Figure

2.6. Curves A and B in this figure represent upper and lower bounds for peak particle

velocities produced by conventional blasts and Oriard (1971) states that the upper

bound curve, curve B, should be used to predict peak particle velocities in the absence

of a site-specific survey. Since blasts with unusual confinement tend to produce

ground vibrations of greater magnitude than conventional blasts, curve C should be

used to predict vibration levels produced by these types of blasts. Two examples of
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blasts with unusual confinement are blasts produced by the simultaneous detonation of

holes along a presplit line or blasts produced by detonation of the first holes in the cut

round of a tunnel. Curves A, B and C are based on Oriard's personal experience with

ground vibration amplitudes while Line D is the line of best fit suggested by Devine

(1966). Curves A and B imply that peak panicle velocities vary by approximately one

order of magnirude for any value of scaled distance. Hendron (1977) states that a

scatter of this magnirude is typical for data obtained from down-hole blasting.

It is worth noting that the peak panicle velocities predicted by square root scaling

relationships are approximately the same as those predicted by cube root scaling rela

tionships, a point which is amply illustrated by Dowding (1985), who compared the

peak panicle velocities predicted by Oriard's (1971) relationship and Ambraseys and

Hendron's (1968) relationship. Dowding found that the velocities predicted by these

two relationships were not significantly different within a range of 6m to 31m (20 ft to

100 ft) from the blast. At distances greater than 31m from the source however, the

square root relationship suggested by Oriard was observed to be more conservative

while the cube root relationship was more conservative at distances closer than 6m

from the source.

Time history traces depicting the three perpendicular components of a typical

blast-induced ground vibration are shown in Figure 2.7. This ground vibration was

produced by a blast in a\ surface coal mine. Component L (the longirudinal <:om

ponent) depicts the motion along a horizontal radius from the blast, component V dep

icts the vertical component, and component T depicts the transverse component which
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is perpendicular to the longitudinal component. Fourier amplitude spectra indicating

the relative amplitudes of different frequency peaks for these motions are shown on the

right of this figure.

The dominant frequencies of blast-induced ground vibrations are noted to vary

over a range of 0.5 to 200 Hz (Cording et al, 1975). However this range is misleading

since individual types of blasting tend to produce a more limited range of frequencies

as shown in Figure 2.8 (after Siskind, 1980). The bar graphs for surface coal mine

blasting, quany blasting and construction blasting that are presented in this figure sug-

gest the following ranges of predominant freq,Jcncy:

Surface coal mine blasting
Quarry blasting
Construction blasting

5to25 Hz
10 to 35 Hz
15 to 60 Hz

The frequency content of ground vibr:J.tions is also dependent on the distance from the

source and the medium through which the motions propagate.

One recent development in the field of blast vibration prediction is the develop-

ment of techniques to predict Jesponse spectra for ground motions produced by blast-

ing. The development of these techniques is important because the dynamic Jesponse

of a structure is dependent upon both the magnitude of the ground vibrations and their

frequency content. Components of ground motions with frequencies clo5e to the

nalUral frequency of the structure will be amplified. One of the first techniques for

developing response spectra for blast-induced vibrations was proposed by Dowding

(1971), and a detailed description of this procedure is provided by Dowding (1985).
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Other procedures for developing response spectra for ground vibrations produced by

blasting have been presented by Medearis (1977) and Naik (1979)

Despite the fact that the characteristics of ground vibrations produced by blasting

have been studied extensively. it is concluded that researchers are still unable to

predict the magnitude of blast-induced vibrations with any reasonable degree of accu-

racy. Accurate prediction is thwarted by the large number of factors which influence

the intensity of shaking and it is these factors that are responsible for the wide ranges

in values of typical blast parameters, presented in Table 2.3 (after Cording et ai, 1975).

Since these values ale associated with normal blasting operations for tunneling, surface

mining and construction activities, Dowding (1985) states that the ranges presented in

this table should be extended to higher values for special cases such as close-in blast-

ing. Unfortunately data is not available for vibration levels close to the source because

most monitoring equipment is unable to withstand this extreme environment.

Table 2.3 : Typical Range for Blast Parameters (after Cording et al, 1975)

I

Parameter Range

displacement 10-4 - 10 mm
velocity 10-3 - 10-1 mm Isec

acceleration 10-3 • 10 g

pulse duration 0.5 - 2 sees

wavelength 3 to l500m
frequency 0.5 to 200 Hz

strain 3x10-6 to 5x10-2
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Because peak particle velocity is observed to vary by as much as 2 orders of

magnitude for any value of scaled distance, the best way to detennine ground vibration

characteristics is to conduct a site specific survey. Ground vibration levels measured

at the site can be extrapolated to greater distances by expressing these levels as a func

tion of either square root scaled distance or cube root scaled distance. In the absence

of such a survey however, vibration levels should be predicted by using fonnulae

which represent 95 percentile upper bound curves for previously recorded data; these

levels should be revised once blasting has conunenced. Figure 2.9 which shows velo

city attenuation curves for blasts involving 10 kg (22 lbs), 100 kg and 1000 kg of

charge per delay, is included to provide the reader with a feel for the amplitudes of

typical blast-induced ground vibrations. These curves are based on the upper bound

curve (curve B in Figure 2.6) proposed by Oriard (1971).

2.4. Ground Vibratiom Produced by Dynamic Compaction

Even though dynamic compaction has been used to compact soils for centuries, it

was not until 1970 that Louis Menard formally promoted this technique as a means of

attaining significant levels of ground improvement. The technique of dynamic com

paction involves dropping weights from significant heights onto the ground surface;

most weights vary in size from 5 to 20 toones (5.5 to 22 tons), and drop heights typi

cally range from 10 to 25m (30 to 85 ft); however they may be as high as 4Om. The

degree of densification that can be attained and the depth of significant improvement,

lR dependent upon the soil profile and the impact energy of the weight.
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Dynamic compaction is particularly effective as a method for compacting loose

saturated cohesionless soils. principally because the ground vibrations generated by the

impact of a weight on the ground surface, are capable of liquefying these types of

soils. This capacity to liquefy satUrated cohesionless soils is noted by Mitchell (1981)

and a specific example is cited by Lukas (1980). In addition Charles et al (1981) who

measwed the pore pressure response in a piezometer located directly beneath a

pounder, observed that the pore pressure rose over a period of half a second. This

observation is significant since the duration of significant shaking produced by a single

impact typically lasts for about half a second.

Numerous researchers have proposed empirical relationships which predict ground

vibration levels produced by dynamic compaction; the simplest of these express peak

particle velocity as a function of distance. Relationships of this latter type have been

proposed by both Leonards et al (1980) and Mayne (1985) who compiled a plot of

peak panicle velocity versus distance for ground vibration levels recorded at twelve

dynamic compaction sites. Equations 2.1 and 2.2 represent upper bounds for the data.

[ ]

1.7
153

PPV (mmls~c)= -
d(m)

[ ]

1.7

PPV (ips) =~
d(jt)

2.1

2.2

whete
and

PPV =peak particle velocity
d = distance to point of impact
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The data presented in Mayne's plot indicates that peak. panicle velocities varied by

more than one order of magnitude for any given distance. a sr.atter that is typical of

such plots. This scatter may be panially attributed to the observation that the size of

weights being dropped at these sites varied from 3.1 to 40.5 tonnes (3.4 to 45 tons),

and that the drop heights varied from 1.5 to 30.5 meters (5 to 100 it). The soils at

most of the twelve sites were granular fill.

The majority of empirical relationships which predict ground vibration levels pro

duced by dynamic compaction express peak particle velocity as a function of some

scaled distance tenn involving the potential energy of the falling mass. Relationships

of this type have been proposed by Mayne. Jones and Dumas (1984), Lukas (1984),

Gambin (1984) and Mayne (1985) who plot peak. particle velocity as a function of

~. where Eo is the potential energy of the falling weight and d is the distiiIlcc

from the point of impact. The plot compiled by Mayne, Jones and Dumas presents

field data from some 14 sites which included deposits of silty sands, sandy fills, sandy

clays rubble, coal spoil and debris fill. They concluded from their plot that a safe

upper limit for preliminary estimates of peak. particle velocity is provided by the equa

tion:
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[
.~]1.4vW ·H

PPV (mmlsec) :S 70 d 2.3

where W =mass of weight (tonnes),
H = height of drop (meters), and
d =distance from impact (meters)

A typical plot of peak particle velocity versus scaled distance is shown in Figure

2.10 (from Mayne, 1985). The data shown in this plot was recorded at 12 compaction

sites and is bounded by the equations:

[" ]1.7W·H
PPV (mm Isec) =92 d 2.4

where W is measured in tonnes, and
d, and H are measured in meters

[" ]1.7W·H
PPV (in/sec) =8 d 2.5

where W is measured in tons, and
d, and H are measured in feet

Since the peak particle velocities shown in Figure 2.10 vary by almost one order of

magnitude for any given value of scaled distance, it may be concluded that neither the

relationships derived from plots of PPV versus scaled distance nor those derived from

plots of PPV versus distance are able to predict the amplitude of dynamic compaction-

induced ground vibrations with a high degree of accuracy. A similar degree of scatter
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was also evident in Mayne, Jones and Dumas '5 (1984) plot of PPV versus scaled dis-

tance.

The best relationship for predicting peak particle velocity appears to be that pro-

posed by Mayne (1985) who observed that the scatter in ground vibration levels was

greatly reduced by ploning the data as normalized particle velocity against a nonnal-

izcd distance term. Mayne normalized the peak. particle velocities by dividing them bV

the theoretical velocity of the free falling weight on impact, while the distance from

the point of impact was nonnalized against the radius of the weight, r() . Replotting

the data in Figure 2.10 in this form lead to the greatly reduced scatter shown in Figure

2.11. This small degree of scatter is particularly encouraging considering the wide

range of weights and drop heights involved; however Mayne cautions that it may be

fortuitous. The best representative line through the data in Figure 2.11 (after Mayne,

1985) is expressed by the equation:

PPV [d ]-1.7-;===::= = 0.2 -
"2' g . H ro

where d and ro, and PP\l and "2 .g . H are in consistent units.

2.6

This apparent dependence of peak pMlticle velocity on the dimensions of the falling

weight was also observed by Menard (no date) who notes: "the amplitude of the vibra-

tions is only slightly influenced by the height of fall of the pounder but increases

noticeably with the area of impact." However since in reality, the equivalent radii of

most dynamic compaction weights only range from 0.6 to Um (2 to 3.5 ft), scatter is
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also likely to be small in plots of nonnalized peak particle velocity versus distance.

A typical recording of a near field dynamic compaction-induced ground motion is

shown in Figure 2.12. This trace which was produced by the impact of a 5.9 tonne

(6.5 ton) weight falling from a height of 12 meters (40 ft), was recorded by a seismo-

graph located on a footing at a distance of 3.5 meters from the point of impact. As is

typical of these ground motions the longitudinal component of the ground motion

shown in Figure 2.12 is dominant and the transverse component is very small. Pub-

lishcd ground vibration records also appear to show that each impact typically pro-

duces 2 to 3 cycles of significant shaking near to the source and that this number of

cycles tends to increase as the waves propagate away from the source due to wave

dispersion. Menard (no date) states that a typical compaction-induced ground vibration

consists of 3 to 6 cycles of almost constant amplitude.

Both Mitchell (1981) and Mayne (1985) suggest that the predominant frequencies

of ground vibrations produced by dynamic compaction range from about 2 to 20 Hz.

Menard however proposes a more limited range of 2 to 12 Hz and further states that

predominant iiequencies of 3 to 4 Hz are most common. Values of predominant fre-

quency reported by other investigators include the following:

Leonards et aJ. (1980)
Lukas (1984)

Loose fine to medium sand
Rubble fill

6 - 8 Hz
10 - 20 Hz

Because the predominant frequencies of dynamic compaction-induced ground vibra-

lions are typically much smaller than !he predominant frequencies of ground vibrations
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produced by other non-seismic sources and the natural frequencies of many residential

sttuetures lie within the same range, ground vibrations generated by dynamic compac-

tion are potentially more damaging than those generated by other non-seismic sources.

The relatively low predominant frequencies are attributed to the large Strains induced

in the soil by the impact of the falling weight; Hansbo (1977, 1978) states that the

shear moaulus associated with such large strains is about one tenth of the low strain

shear modulus.

One factor of major interest in the use of dynamic compaction is the depth of

significant ground improvement which is primarily a function of the impact energy

impaned by the falling weight. 'Three formulae which predict this depth are listed in

Equations 2.7, 2.8 and 2.9. Menard and Broise (1975) suggest that the maximum

depth of influence can be calculated using:

where

D =..JW . H

D = maximum depth of influence (meters),
W =mass of falling weight (tonnes). and
H = h~ Ll of drop (meters)

2.7

Leonards et al (1980), who ploned the results from seven sites, found that the line of

best fit through their data was given by Equation 2.8:

D =O.5...}W ·H 2.8
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The third relationship which was proposed by Lukas (1980) is as follows:

D = (0.65 - 0.80) ..rw-:Jj 2.9

These different results may be partially attributed to the fact that the depth of

significant ground improvement is a matter of subjective judgement. As Mitchell

(1981) points out, this depth depends upon both the method of measurement and the

engineer's definition of what constitutes significant ground improvement. Two factors

which also influence the maximum depth of improvement are the efficiency of the

weight-dropping system and the nature of the soil profile at the site. For example Leo-

nards et al (1980) report that clay seams within a site greatly reduced the efficiency of

dynamic compaction.

All of of the fonnulae that have been presented thus far are based on field perfor-

mance data; however it should also be pointed out that several researchers such as

Scott and Pearce (1975), Mayne, Jones and Boudra (1983), Mayne, Jones and Fedosick

(1982) and Wallays (1983) have developed formulae based on numerical models.

Most of these formulae predict the impact stresses generated by a weight colliding

with the ground surface; however several also predict stress attenuation from the point

of contact. Mayne and Jones (1983) reviewed fonnulae of this type and concluded

that elastic theory provided a reasonable prediction of stress attenuation in granular

soils, even though only those relationships proposed by Wallays had been compared

with the results of full scale tests. Since acceptable predictions were made in four out

of the five case studies that Wallays examined, Wallays concluded that his formulae
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provided an acceptable rneans of forecasting the performance of dynamic compaction

and particularly the maximum depth of influence. Wallays also proposed formulae

which predict the likely magnitudes of settlements at the surface and those at any

depth within the site. Theoretical formulae for predicting the depth of influence. peak

particle velocities and properties of the compacted soil such as effective stress friction

angle, soil modulus, undrained shear strength, and overconsolidation ratio, have been

presented by Mayne, Jones and Fedosick (1982).

In summary. it may be stated that most fonnulae which predict the level of

ground vibrations produced by dynamic compaction express these levels as a function

of either distance or some scaled distance term and since plots of peak particle velocity

versus either distance or scaled distance indicate that measured values of peak particle

velocity typically range over at least one order of magnitude for any given value of

either distance, most of these formulae predict upper bound vibration levels. The for

mula which appears to provide the most accurate prediction of ground vibration levels

is Equation 2.6, which was developed by Mayne (1985). Mayne discovered that by

plotting normalized ground vibration levels against a normalized distance term the

scatter in his data was greatly reduced although he cautions that such a limited scatter

may be fortuitous.

In order to compare the levels of ground vibration that are likely to be generated

by the various different non-seismic sources, Equation 2.6 has been used to produce

velocity attenuation curves for two hypothetical dynamic compaction operations.

1bese curves which are shown in Figure 2.13 are believed to depict upper bound



~-

100908060 70

(meters)

5 tonne (5.5 ton) weight falling 10 metel"8 (JJ It).
Radius of weight - 0.5Jm (1.7 ft) .

15 tonne (16.5 ton) weight failing 20 metel"8 (65 ft).
Radius of weight - O.17m (2.5 ft).

30 40 50

Distance from Source
2010

o I I I?- I --I I • I • I
o

50

.........
0
Q)
en 40

"E
E
'-'

~
30

'0
0

~
Q) 20
0

~
c
a.
.x 10c
Q)

a.

FIG 2.13 PEAK PARTICLE VELOCITY AS A RlNCTION OF DISTANCE FOR TWO HYPOTHETICAL
DYNAMIC COMPACTION OPERATIONS, BASED ON THE RELATIONSHIP PROPOSED
BY MAYNE (1985).



42

vibration levels for a 5 tonne weight falling from a height of 10m and a 15 tonne

weight falling from a height of 20m and were calculated assuming a radius of O.53m

for the S tonne weight and a radius of O.17m for the 15 tonne weight.

Over the last two decades dynamic compaction has become an accepted technique

for compacting large areas of loose fills economically. This leclmique is particularly

effective in compacting saturated cohesionless materials because the high levels of

ground vitlration that are produced by dynamic compaction are able to liquefy these

materials. However. while such high levels of vibration are advantageous when trying

to liquefy a soil they are also detrimental since these levels of vibration are capable of

damaging structures. Dynamic compaction-induced ground vibrations are particularly

damaging because they contain low predominant frequencies that are close to the

natural frequencies of structures; therefore caution is required in using dynamic com

paction in LU'ban areas. Thompson and Herbert (1978) report a case history where

ground vibrations produced by dynamic compaction were successfully arrested by dig

ging 3m deep trenches at a distance of 10m from a bridge abutment. As a result

vibrations in the abutment were reduced in amplitude by 95%.

1.5. Ground Vibrations Produced by Impact Pile Driving and Dynamic Pile

Driving

Pile driving operations at sites containing saturated loose to medium-dense sands

conunonly cause significant ground senlements which often appear to be associated

with some degRe of liquefaction of the sand. This observation is supported by Lacy
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and Gould (1985) who state that "in vulnerable sands the effect of pile driving is

sometimes similar to that of a limited liquefaction in which materials are reponed to

have gone "quick"". Lacy and Gould further note that even marginally contractive

sands may be liquefied by hard driving.

The settlements that are caused by pile driving are typically small in magnirude

and are usually of little consequence. However in some cases, these settlements have

had serious consequences and have led to the demolition of buildings located close to

pile driving operations. Tschebotarioff (1973) describes a case history where H piles

were being driven into a saturated mediurn-dense sand using both impact pile drivers

and vibratory pile drivers. The wall of a six story building adjacent to the site had

been underpinned in an attempt to prevent damage and the top of the wall was main

tained to within 25 rom (1 inch) of its original position throughout the driving. Unfor

tunately, settlements occurred at distances well beyond the underpinned wall and as a

result of these settlements two buildings, a 6 story building adjacent to the site and a

neighboring 16-story building, had to be demolished.

Case histories involving ground settlements associated with pile driving have been

reported by Lynch (1960), Dalmatov et al (1968), Tschebotarioff (1973), Heckman and

Hagerty (1978), Oough and Chameau (1980), Lacy and Gould (1985) and Picomell

and del Monte (1985) and several of these are presented in Table 2.4 (after Lacy and

Gould, 1985). It is interesting to note that liquefaction is cited as the cause of most of

the failures listed in this table. For example, Lacy and Gould state that settlement of

the street in case b was probably caused by an increase in pore pressures due to pile



Table 2.4 : Possible Liquefaction Failures Induced by Pile Driving (after Lacy and Gould, 1985)

Case Description Distance to DR of
Desig. Location of Operation Measurement Velocity Sand Settlement

A Foley Square, 80ft long, 20 ft. 0.19 in/s 42-49% Building at 20ft settled
New York City 14HP73 piles 20 ft. 0.14 in/s 53-57% 3" (destroyed). 1ft

at 3ft centers. 20 ft. 0.19 in/s settlement between piles.

B Lower Manhanan, 60ft long, 18" Sheetpile wall displaced
New York City dia. open pipe. 40-60% 2ft at top. causing

Close spacing. street to settle l.5ft.

C West Brooklyn, lOO-150ft long, 0.1 in/s 30-50% Structure settled 3" as
New York City 14HP73 piles. 5-30 ft. on 40-60% piles were driven.

40 driven. building Piling operation stopped.

D South Brooklyn, 80-150ft long, 0.1 in/s Structure on 30ft long
New York City 10.75" closed- 10-80 ft. to 40% timber piles settled

end pipe piles. 0.9 in/s 3". 220 piles driven.

E Lower Connecticut 80ft long, Pier foundation
River 12HP53 piles.

40%
underwater. 2.75ft

160 piles at settlement between
3ft centers. piles.

+'
+'-
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driving. These increased pore pressures are believed to have reduced the passive resis

tar.ce of berms inside the excavation, thus pennining the walls of the unbraced

cofferdam to move inward.

It is evident from the large number of pile driving-induced failures that are

reponed in the literature, that pile driving operations cause a significant amount of dis

tress within the ground. Two possible reasons for this are as follows:

1) Most pile driving contracts produce a large number of cycles of ground

vibration. Crockett (1979) notes that driving 10 piles to a depth of 10

meters is likely to produce approximately 10,000 cycles of ground vibra

tion. In contrast, a site near a quany will probably only be subjected La

several hundred cycles of vibration over a period of several years.

2) Most of the pile driving energy that is transferred to the soil, is transferred

tIuough the base of the pile. Lacy and Gould (1985) repon a case history

where surface vibration levels generated by pile driving were sJnilar in

magnitude to those prodUced by vehicular traffic on streets adjacent to a

site. However despite this fact, no settlements were observed as a result of

the vehicular traffic prior to the commencement of pile driving. Lacy and

Gould conclude that the ground vibrations produced by pile driving caused

more distress because most of the energy was imparted at depth. Ground

vibrations produced by vehicles are confined to the surface layers.

Despite the fact that ground vibrations generated by pile driving have been stu

died in detail, very few, if any, of the numerous empirical relationships that have been
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developed are able to predict ground vibration levels with a high degree of accuracy.

This particularly applies to the simplest of these relationships which are derived from

plots of peak particle velocity versus distance. Plots of this type, such as those

developed by Luna (1967), Dalmatov et al (1968), Attewell and Fanner (1973), Lo

(1976), Heckman and Hilgerty (1978), Mallard and Barstow (1979) and Theissen and

Wood (1982), commonly show that values of peak panicle velocity vary by almost 2

orders of magnitude for any given distance. Such a scatter is shown in the Skipp

(1984) plot presented in Figure 2.14 and may be partially attributed to pile drivers of

varying capacities.

Several relationships attempted to account for the effect of different capacity

drivers, by expressing peak particle velocity as a function of scaled distance tenns,

which incorporate the enery,y imparted by a pile driver. Unfonunately plotting the

data in this manner does not appear to significantly reduce the scatter. The scaled dis-

tance tenn which is most commonly used is ~, where E is the input energy pro

vided by the pile driver, and d is the distance from the pile and plots of peak particle

velocity versus ~ have been presented by Wiss (1967), Attewell and Farmer (1973)

and Mallard and Barstow (1979). Attewell and Farmer's plot which is based on data

from five sites where the soils ranged from coarse sand to laminated clays is shown in

Figure 2.15. The least squares line of best fit through the data in this figure and an

upper bound line for the same data, are described by Equations 2.10 and 2.11, respec

tively:
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[

..fEdE ]0.87
V = 0.76

V = 15 {£. d

E = input energy (joules),
d = distance from pile (meters). and
V = panicle velocity (mm/sec)

2.10

2.11

Because of the scatter that is evident in such a plot. Attewell and Farmer recommend

the use of upper bound values determined by Equation 2.11 to predict ground vibra-

tions levels produced by pile driving. However they also acknowledge that the use of

the coefficient 1.5 in this equation is probably conservative. since vibration levels

measured at 4 of the 5 sites for which data are presented are bounded by the equation:

V = 075 {£. d 2.12

The ground vibration data plotting above this line were produced by driving sheet piles

through a stiff silty clay which was underlain by a firm laminated clay.

As previously noted. the scatter in plots of vibration amplitude versus scaled dis-

tance (approximately equal to I ~ orders of magnitude in Figure 2.15) does not appear

to be significantly less than the scatter in plots of peak particle velocity versus dis-

tance. Researchers have attributed this remairUng scatter to factors such as soil proper-

ties. type of hammer. size and type of pile, and the efficiency of the pile driving sys-

tern.
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Other fonnulae which predict peak particle velocity as a function of scaled dis-

lance are presented in Equations 2.13, 2.14 and 2.15. Equation 2.13 which was

developed by Mallard and Barstow defines the line of best fit through their data.

where

v - 32.36 [-;r
E is the input energy in kNm,
d is the distance from the pile in meters, and
V is the particle velocity in mm/sec

2.13

Equations 2.14 and 2.15 which were developed by Heckman and Hagerty (1978)

are based on levels of ground vibrations generated by driving piles into a silty loam

using an impact hammer.

For 305 mm (12'') H piles :

For 350 mm (14") H piles :

V = 0.98 ..fE
d

{£
V = 0.52 d

2.14

2.J5

where E is the input energy in joules,
d is the distance from the pile in meters, and
V is the particle velocity in mm/~c

B,..cause the ground vibration levels recorded by Heckman and Hagerty appeared

to be significantly influenced by the impedance of the pile being driven, these authors

developed a third relationship which expresses peak particle velocities as a function of

both pile impedance and scaled distance: This fannula is described by the equation:
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V=K.fE
d

K is a fun crion of the pile impedance and
is dependent on the units of E and d.

2.16

The impedance of a pile which is a measure of the maximum force that can be

transmitted along a pile. is defined by Peck, Hanson and Thombum (1974) a'l being

equal to the pile area multiplied by the pile density and the sonic velocity of the pile.

Heckman and Hagerty's plot of K versus pile impedance is presented in Figure 2.16.

It appears from the limited scatter shown in this figure that Equation 2.16 is likely

to predict peak particle velocities more accurately than the other relationships currently

available. However, even so, the results obtained from this equation are still only

approximate. This is due to the large number of remaining factors such as the position

of the water table, the composition of the soil profile, the advent of hard driving and

possible resonance effects that also influence ground vibration levels but are not taken

into account. The effect of one such factor is illustrated in Figure 2.16. Point I which

lies significantly above the curve proposed by Heckman and Hagerty. was recorded on

the surface of a rubble fill through which piles were being driven. Heckman and

Hagerty state that the position of this point is due the influence of the hard layer on

transmitting vibrations. In soft soils. most of the impact energy goes into advancing

the pile, while in stiff soils most of th~ energy is transmitted out into the soil mass as

waves. A plot indicating a direct relationship between peak particle velocities and

SPT blow counts was presented by these authors and is shown in Figure 2.17.
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The fact that very few researchers have anempted to develop theoretical fonnulae

which predict the magnitude of ground vibrations induced by pile driving can probably

be attributed to the complicated nature of the wave field that is generated by driving a

pile. A schematic illustration of this wave field is presented in Figure 2.18 (from Mar

tin, 1980). 1Nben a harruner impacts on the top of a pile, a body wave is generated in

the pile. This body wave travels down the pile to its base where some of the energy is

transmitted into the soil as P waves and S waves before being reflected back up the

pile. As the wave propagates down the pile energy is lost through skin friction along

the side of the pile, although Anewell and Fanner (1973) believe that most of the

impact energy is transmitted through to the pile base. AtteweU and Fanner further

suggest that the relative energy contents of the transmitted and reflected waves can be

estimated from Zoeppitz's equations (presented by Richart et al, 1970), use of which is

based on the assumption that both the pile and the soil remain elastic. If these equa

tions are used, the approximate ratio of transmitted energy to reflected energy is

estimated to be 2 to I at a steel-soil interface.

The shear waves that are produced at the base of the pile radiate outwards from

their source and those S waves arriving at the surface at some critical distance from

the pile, approximately equal to the depth of the pile tip, create a headwave. Both of

these waves interaet with the low amplitude conical expanding shear waves generated

as a result of skin friction between the pile and the soil, to form a very complex sur

face motion. Attewell and Farmer report that we Rayleigh wave motions are only

likely to develop at gJUler <munces from the pile.
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Due to the complex nature of this wave field the exact amount of energy that is

associllled with each wave fonn is unknown. Many researchers contend that at least in

the near-field region, the surface motions generated during pile driving primarily con

sist of body waveS. This contention is often based on the observation that the peak

particle velocities generated by pile driving attenuate at a rate proportional to about

d- 1 (for example, Attewell and Farmer, 1973), a rate which is the same as the attenua

tion rate for body waves propagating within an ideal elastic half-space. Along the SUf

face of such a half-space, these waves attenuate at a rate proponional to d-2• Other

evidence which may suggest that pile driving-induced ground vibrations primarily con

sist of body waves is presented by Mallard and Barstow (1979) who repon a case his

tory where the amplitudes of the horizontal components of ground vibrations (produced

by pile driving) were observed to increase in magnitude with the advent of hard driv

ing. They state that the amplitudes of the horizontal sutface motions are not expected

to increase if these motions are comprised of "pure surface waves". Mallard and Bar

stow attributed this phenomena to two possible causes:

1) the arrival of shear waves generated at the base of the pile, and

2) the prebored pile starting to whip horizontally.

However while much of the evidence appears to support the contention of body waves,

some of this evidence appears to be inconclusive. For example, Attewell and Farmer

(1973) who present plots of the motions at points on the ground surface at varying dis

tances away from the pile, state that these vibrations are not wholly typical of surface

R wave transmissions. This may be ttue but nonetheless it is also somewhat surprising
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since the motions at these points are shown to be retrograde, and the dominant Ray-

leigh wave mode of vibration is also likely to be retrograde. Further, for most natural

deposits, numerous Rayleigh waves are gcnerated with significantly different mode

shapes and therefore it would seem hard to detennine what a typical Rayleigh motion

should look like. The conclusion by Attewell and Farmer that most of the energy is

transmitted as body waves may also be in partial conflict with the line of best fit

drawn through their data. For example, this line indicates that pile driving-induced

ground vibrations anenuate at a rate proportional to d..{J·897 and even in the near-field

region, the amplitudes of body waves might be expected to atlc:nuate at a rate

significantly faster than d-1•O due to material damping.

Two authors who conclude that Rayleigh waves transmit most of the pile driving

energy that is imparted to a soil are Dalmatovet al (1968) and Lo (1976). La's belief

is based on the observation that he was ablc to adequately predict the attenuation of

ground vibrations by using the following equation which was established for Rayleigh

waves;

where A , A 1 are the amplitudes of particlc velocity
measured at distances r and r 1 respectively,

d, d 1 ate distances from the source, and
a = coefficient of attenuation

2.17

Several values of u are listed in Table 2.5 and a more complete listing for different

soils is provided by Barkan (1962).



58

Table 2.5 : Values of a Proposed by Different Investigators

Reference Soil Type a (m-1)

1.0 (1976) soft-medium saturated 0.04 - 0.06
silts

sands and gravels 0.12

Barkan (1962) average value 0.05

Attewell and Farmer 0.03 - 0.12
(1975)

Richart Hall and 0.02 - 0.14
Woods (1971)

The likelihood that liquefaction will occur during pile driving is most commonly

assessed by measuring the magnitude of peak particle velocities at the ground surface.

Crockett (1979) states that vibrations with amplitudes less than 0.3 mrn/sec (0.1

incheS/sec) have caused undesirable levels of soil compaction in some piling contracts.

However it appell'S that these arc extreme cases and a peak particle velocity of 2.5

mmlsec (0.1 inches/sec) might be a more appropriate minimum level of surface vibra-

tion. Table 2.4 presented earlier. lists several case histories where significant surface

settlements were associated with peak particle velocities of 2.5 mm/sec and Lacy and

Gould (1985) state that pile driving-induced ground vibrations with peak particle velo-

cities at the ground surface as low as 2.5 to 5.1 mmlsec (0.1 to 0.2 inches/sec) appear

to cause significant ground settlement. A5 a rough comparison, Crandell (1949)

reports that pile driving-induced ground vibrations were not observed to damage struc-

tures unless their peak particle velocities exceeded 85 rnm/sec (3.3 inches/sec). Thus it

may be concluded that levels of ground vibration well below the levels required to
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damage structures are capable of inducing significant ground settlements.

The probability thai: liquefaction will be induced by pile driving is also a function

of the type of pile driver. its operating frequency, the hammer energy, the size of the

job, the soil type and the position of the waler table. For example, the overall size of

a piling contract can determine whether settlements are likely to be insignificant or

potentially damaging. Lacy and Gould (1985) cite a case history where neigh~ring

struetw'es started to settle after the first 100 piles had been driven, and continued to

settle at a steady rate during driving of the next 120 piles. Panicle velocities at the

ground surface ranged from 2.5 to 23 mm/sec (0.1 to 0.9 inches/sec). A dewatering

system was subsequently installed and no further settlements were observed during the

driving of an additional 250 piles. leading Lacy and Gould to sunnise that the dewater

ing system mitigated the effects of pore pressure buildup.

1lle soils that are most likely to settle during pile driving are loose to medium

cby or dense sands, and particularly those with relative densities less than about 55%.

In addition, the gradation curves for these sands commonly lie within the range for

sands that are susceptible to liquefaction during eanhquakes (refer to Figure 2.19).

1lle gradation curves presented in this figure are the curves for those sands that were

thought to have liquefied in case histories reported by Lacy and Gould (1985). Curves

A, B, D and E in Figure 2.19 are the gradation curves for those sands that liquefied in

cases A, B, D and E in Table 2.4.

It is wolth noting that several investigators including Oough and Chameau (1980)

and Dalmatov et al (1968) have shown that the magnitude of ground settlements is
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also closely related to peak ground surface accelerations. Dalmatov et al analyzed the

results of two case histories where piles were driven by an impact t.ammer. The first

of these involved driving sheet piles into a saturated silty sand with a relative density

of 50% while the second case history involved driving cast iron pipe piles into a 22

meter thick layer of loam (lacustrine-glacial and glacial in origin) which was overlain

by 2 meters of building waste (described as consisting of vegetable growld, broken

bricks, etc). Dalmatovet al noted that no settlements occurred at either site unless the

surface vibration levels exceeded a certain critical acceleration. The critical accelera

tion for the sand site was 98 mmlser? (0.01~) while the critical acceleration level at

the second site was 500 mm/ser? (0.05g). Dalmatov et al were also able to predict

theoretically the magnitude of the recorded settlements by using general equations

developed for calculating foundation settlements under the action of static loads. Dal

matov et al achieved this by using moduli (determined by Kovalevsky. 1965) which

represented the total deformation of soils subjected to dynamic loads.

1be effects of driving sheet piles with a vibratory hammer were monitored by

Oough and Chameau (1980) during construction of the San Francisco sewer outfall

system. Field data showed that permanent vertical strains in the soil did not exceed

0.3% in areas where the ground surface accelerations were less than O.1g. Clough and

Chameau not only concluded that there was an excellent correlation between per

manent strains and surface accelerations, but that these seulements could have been

predicted from plots of vertical strain versus applied acceleration, using data developed

by Silver and Seed (1971). Silver and Seed's curves were based on the response of a



62

dry sand (DR =40%) subjected to 10 cycles of loading at a frequency of 10 Hz. In

perfonning their calculations, Clough and Chameau assumed that all of the settlement

occurred within lenses of medium-dense (DR =50 - 60%) and loose (DR = 30 - 40%)

sand that were present in the soil profile.

The form of ground vibrations generated by driving piles is dependent upon the

type of pile driver. For example, impact pile drivers which impm a single blow to the

top of the pile at a frequency within the range 0.5 to 6 Hz, typically produce ground

vibrations that are transient in nature. As a rough guidelirle, most single acting impact

hammers operate at frequencies around 1 Hz, while most double acting impact ham

mers operate at frequencies of around 2.5 Hz. Records which illustrate the nature of

ground vibrations generated by these types of hammers have been presented by Luna

(1967), Wiss (1967), Attewell and Fanner (1973), Lo (1976), Mallard and Barstow

(1979) and Martin (1980). These records not only show that the vibrations produced

by impact pile drivers are b1lnSient in nature but that they contain predominant fre

quencies which appear to caepend on the soil at the site (as discussed in Section 2.1).

It is also observed that each blow of t~e pile driver appears to generate 1 to 2

significant cycles of ground motion at distances close to the pile. Ground motions that

have been recorded at distances of 100 meters from a pile appear to contain 2 to 6

significant cycles of loading. One of the records presented by Martin (1980) is shown

in Figure 2.20.

In contrast, ground vibrations produced by vibratory pile drivers are continuous in

nature and contain predominant frequencies that are the same as the operating
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frequency of the pile driver; most vibratory pile drivers operate at frequencies between

10 and 40 Hz; however some drivers, often referred to as sonic pile drivers, operate at

frequencies up to 135 Hz. Records of ground vibrations generated by vibratory pile

drivers also show these drivers typically produce vibrations that are significantly

smaller in amplitude than the vibrations produced by a comparable impact pile driver.

This observation is reiterated by Wiss (1967) who further states that the ground vibra

tions produced by sonic pile driving are usually one order of magnitude less than those

produced by impact pile driving; however vibration amplitudes vary continuously and

may reach half the magnitude of those produced by a comparable impact hammer.

The fact that these vibration levels may become extreme when a vibratory pile driver

is operated at frequencies at or near the predominant frequency of a soil deposit is

noted by both Heckman and Hagerty (1978) and Tschebotarioff (1973) who reports

that ground vibrations increased sharply as the operating frequency of the pile driver

approached 30 Hz and then reduced rapidly as the operating frequency climbed above

this level. Because sonic pile drivers operate at frequencies that are above the natural

frequency of the soil, significant levels of shaking are generated whenever the opera

tion of these drivers is interrupted; therefore such interruptions are undesirable.

Resonance can also occur when several pile drivers are operating at the same site;

Lacy and Gould report a case history where two pile drivers were operating at the

same site and peak particle velocities increased by a factor of 4 when the hammers

became synchronous.



65

Despite the fact that ground vibrations produced by vibratory pile driving are usu-

ally smaL r in amplitude than vibrations produced by impact pile driving they are

potentially more hazardous. This is primarily due to two factors: (1) the possibility of

resonance, and (2) the larger number of cycles of ground motion that are produced by

vibratory pile drivers. Wiss (1967) allows for these two effects by suggesting that

allowable vibration levels for continuous vibrations should be one-half to one-fifth of

those permissible for transient vibrations.

In summary, it appears th- .he best means of predicting ground vibration levels

is to conduct a site-specific study prior to the start of operations, a belief which is

shared by all researchers including Heckman and Hageny (1978) who emphasize that

field experimentation and measurements will always be the most meaningful and prac-

tical method for detennining vibration levels. In the absence of such a survey. ground

vibration levels can probably be most accurately predicted by using Equation 2.16,

which takes into account the effect of pile impedence. It should be remembered how-

ever that these results BIe only approximate due to the large number of factors that

influence pile driving-induced ground vibrations. It is these factors that are responsible

for peak particle velocities varyinp; over I ~ orders of magnitude for any value of

1bc curves shown in Figure 2.21 are believed to depict upper bound velocity

attenuation curves for ground vibrations produced by a typical ';ibratory pile driver, a

40 kNm (30,000 ft·lb) impact pile driver and a 75 kNm (55,000 £l-lh) impact pile

driver.
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The maximum dis'.anee at which significant ground settlements can occur during

pile driving is a function of both the soil type and the level of shaking that is gen

erated during driving and each site must be evaluated separately. It appears that levels

of shaking less than 2.5 rrun/sec are unlikely to be associated with significant settle

ments in most cases. It should also be noted that roles of thumb such as those pro

vided by Luna (1967) who states that Energy Ratios become negligible at distances

equal to the pile length in sands and 2 to 3 times the pile length in clays. are generally

unconservative since these roles were developed to prevent stroctura! damage and the

level of surface ground vibrations associated with significant ground settlements may

be as low as one-tenth of the level of shaking required to cause structural damage.

Crocken (1979) reports that in some cases surface vibrations as low as 0.3 nun/sec

have been associated with significant settlements. a value which is one-hundredth of

the level required to produce structural damage.

The magnitude of ground vibrations generated by pile driving can be significantly

reduced by !educing the capacity of the pile driver. However. such an action may not

reduce the detrimental effects of pile driving since a smaller driver will take longer to

drive each pile and thus will increase the number of cycles of ground shaking. In

addition, a smaller pile driver may not be able to drive the pile to reach its desired

capacity.
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2.6. Ground Vibrations Produced by Construction Equipment

A paper written by Wiss (1981) is one of the few references that provide infor

mation on the characteristics of ground vibrations generated by construction equip

ment. In this paper, Wiss presents a plot of peak panicle velocity versus distance for

various non-seismic sources of ground vibrations. This plot is reproduced in Figure

2.22. 11Jc lines shown on this figure represent approximate levels of peak particle

velocity and provide a good indication of the relative intensities of ground vibrations

pruduced by the various sources. The data used to prepare Figure 2.22 were obtained

by measuring ground vibration levels during actual construction operations (Wiss,

1974).

The velocity attenuation relationships presented in Wiss's figure imply that the

vibration levels produced by pieces of construction equipment (other than pavement

breakers) are relatively insignificant. This observation is particularly true at sites

where piles 8!e being driven since the levels of ground vibration generated by pile

driving are approximaldy one order of magnitude larger than those produced by

trucks, large bulldozers, and the drilling of caissons; and since construction sources of

vibration typically produce far fewer cycles of loading at lower amplitudes of vibration

than vibratory pile drivers, it is unlikely that they will be capable of causing liquefac

tion, except in the inunediate vicinity of the equipment. This belief is reinforced by

the fact that no case histories describing settlements induced by construction equipment

have been found in the literature.
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Infonnation on the amplitude of ground vibrations generated by pieces of con

struction equipment such as Cat D8 and D9 bulldozers, Cat Eanhmovers, Euclid

Earthrnovers and a Pavement Breaker is also provided by Ames et a1 (1976). It is

worth noting that only the ground vibrations that wer~ generated by a pavement

breaker exceeded the attenuation curve for large bulldoze~ shown in Figure 2.22.

The lJ1lIXimum ground vibrations reported by Ames et al were produced by an

EMSCO Pavement Breaker which generated peak particle velocities of 73 nun/sec

(2.88 inches/sec) and 7 nun/sec (0.275 inches/sec) at distances of 10 ft and 38 ft

respectively. These peak particle velocities are noted to lie slightly above the attenua

tion curve for pavement breakers shown in Figure 2.22 and imply an attenuation rate

that is consistent with the rate of attenuation in Wiss's plot. Since ground vibrations

generated by pavement breakers are similar in amplitude to those generated during

vibratory pile driving (refer to Figure 2.22), it seems likely that these vibrations are

capable of causing significant ground settlements. However any such settlements are

anticipated to be smaller in magnitude than the settlements induced by vibratory pile

drivers due to the significantly smaller number of cycles of ground shaking that are

likely to be involved.

Only one case history has been located where ground settlements were attributed

to vibrations generated by a pavement breaker, and this involved a 6 ft thick layer of

glacial till that was dry to a depth of 3 feet settling approximately one inch beneath a

house. For reference, peak particle velocities of 2S mrn/sec (1 inch/sec) were meas

ured adjacent to the house which was located 9 meters from the compactor.
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2.7. Ground Vibrations Produced by Road Traffic

The amplitudes of ground vibrations generated by road traffic appear to be small

in comparison to vibrations produced by other non-seismic sources such as pile driv

ing, dynamic compaction or blasting. This observation is based on data presented by

numerous researchers including Ames et al (1976), who compiled a plot of ground

vibration data for a wide variety of vehicular equipment, highway structures and

ground conditions. For example, the maximum particle velocity reponed by Ames et

al is approximately equal to 1.4 nun/sec (0.056 inches/sec), a value recorded at a dis

tance of 17 feet from a fully-loaded fill haul truck, traveling over San Francisco Bay

Fill. In comparison, Figure 2.22 indicates that peak particle velocities of about 50

nun/sec (2.0 inches/sec) may be generated at a distance of 20 ft from a 49 kNm

(36,000 ft-Ib) diesel impact pile driver. The vihration levels that are reported by Ames

et al are consistent with ground vibration levels provided by Nicholls et al (1971),

Brown (1971), Tynan (1973) and Whiffin and Leonard (1971) who report that the

amplitude of normal rurming vibrations produced by cars varied from 0.06 to 0.25

"lUll/sec. Whiffin and Leonard further report that the amplitude of vibrations associ

ated with iJTegularities in the pavement (such as manhole covers, expansion joints,

differential settlements, and potholes) may vary from 0.69 to 1.47 mm/sec.

The levels of ground vibration that are produced by road traffic are primarily a

function of vehicle weight, vehicle speed and swface roughness while other factors

such as the resonant frequencies of a vehicle's suspension systems, different founda

tion materials, the position of the water table and different road structures influence
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vibration levels to a lesser extent. The effect of vehicle weight and surface roughness

on vibration amplitude is clearly shown in the results of experiments reponed by

Whiffin and Leonard. These experiments which involved driving trucks of different

weights over planks of varying thickness, at a range of speeds, showed that peak

ground surface velocities of up to 5 mmlsec (0.2 inches/sec) could be developed by

driving the trucks over 20 mm high planks and led Whiffin and Leonard to conclude

that both the size of the irregularity and the weight of the vehicle had a pronounced

effect on ground vibration levels. The same conclusions were also drawn from experi

ments conducted by Frydenlund (no date), and Rudder (1978) who observed that

ground vibration levels increased by approximately 40% for each doubling ')f gross

vehicle weight.

Whiffin and Leonard also examined the effect of vehicle speed on vibration

amplitude and con~luded that vehicle speed had only a minor influence on ground

vibration levels. However, this conclusion is inconsistent with observations made by

other investigators such as Rudder who noted that doubling a vehicle's speed appeared

to inCIease the induced ground vibration levels by 40 to 100%. In addition, other data

presented by Lande (1974) sb·..w an almost linear increase in peak panicle velocity

with increasing speeds for vibration levels recorded within a ravement. Thus it may

be concluded that vehicle speed does have a pronounced effect on ground vibration

amplitudes. Since these speed effects appear to be dependent upon surface roughness

(Rudder 1978), any relationship between vehicle speed and ground vibration levels

must be considered on a site specific basis.
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Traffic-induced ground vibration data from 5 sites where the soils ranged from

loose to medium-dense sands to stiff clays are summarized in a recent study reported

by Bameich (1985) and presented in Figure 2.23. 1bese data which were recorded at

distances of 3 to 6m (10 to 20 ft) from the passing traffic are plotted versus frequency

for different types of vehicles and different values of surface roughness where surface

roughness. R, is defined by Barneich as being the maximum height of an irregularity

divided by t:te square root of the distance between irregularities. Barneich found that

cars traveling over very rough roadways were observed to generate maximum particle

velocities of llbout 0.4 mm/sec (0.015 inches/sec), values that are both consistent with

the levels of vibration presented earlier by Ames et al and similar in magnitude to the

levels generated by buses and trucks traveling over smooth roadways (refer to Figure

2.23). However, the maximum amplitudes of ground vibrations produced by trucks

and buses are approximately six times larger than the highest levels reponed by Ames

et al. Figure 2.23 shows that trucks and buses are capable of generating ground vibra

tions with velocities as large as 8.9 mm/sec (0.35 inches/sec).

Barneich also examined the effect of vehicle speed and vehicle weight on ground

vibration levels and concluded that peak particle velocities increased linearly with both

of these parameters, results which confirm the findings of Whiffin and Leonard (1971),

Lande (1974) and Rudder (1978).

As mentioned in Section 2.1, the belief that road traffic-induced ground vibrations

consist predominantly of Rayleigh waves, is largely based on a theoretical analysis

presented by Miller and Pursey (1955). It should be noted however, that some ground
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vibration measurements appear to contradict this belief. For example, Whiffin and

Leonard repon that the magnitude of horizontal motions tends to be negligible in com

parison to the magnitude of vertical motions. This observation is significant since the

horizontal and vertical components of Rayleigh waves should be similar in magnitude.

However it is also inconsistent with the results of Fydenlund's (no date) experiments

which indicate a much smaller difference in magnitude between these two components.

Frydenlund repons mat it was difficult to distinguish between the 3 components at dis

tances near to the source and while the vertical components of vibration were typically

5 times larger dum the transverse components they were only twice as large as the

longitudinal vibrations for measur~t.lents made at a distance of 20 m from the road.

The predominant frequencies of most traffic-induced ground vibrations lie within

me rcmge of 3 to 30 Hz. This range is suggested by both Rudder (1978) and Barneich

(1985), who further conclude that the peak response usually occurs within the range of

S to 20 Hz. A larger range of 1 to 4S Hz is proposed by Whiffin and Leonard (1971).

1be frequen-:y content of ground vibrations adjacent to the road is probably governed

to a large extent by the characteristics of the tire/suspension systems of the different

vehicles. The resonant frequencies of these systems for typical highway vehicles (after

Chilton et al, 1975) are approximately 1.5 H1! for body oscillations, 10 Hz for rear axle

oscillations and 12 Hz for front axle oscillations. At distances farther away from the

source the predominant frequency of the soil deposit appears to dominate.

Judging by the vibration amplitudes reported in the literature most traffic-induced

ground vibrations are too small to be capable of liquefying saturated sands in the
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majority of cas:s. However this is not t1U~ in all cases since fully laden trucks travel

ing at high speeds over very rough roads are capable of generating peak panicle velo

cities up to 8.9 mrn/sec (0.35 inches/sec), a value which exceeds the level of 2.5

mmlsec which has been associated with significant ground settlements caused by pile

driving. It should be pointed out that the magnitudes of such traffic induced settle

ments are anticipated to be significantly less than those produced by pile driving vibra

tions of a similar amplitude because most of the energy that is imparted to the soil

during pile driving is imparted at depth. whereas ground motions produced by road

traffic are confined to the surface layers. Lacy and Gould (1985) cite a case history

where vehicular traffic on streets adjacent to a site produced ground vibrations of a

similar magnitude to pile driving-induced vibrations; nonetheless they attributed the

observed ground settlements to ground vibrations produced by pile driving. Both

sources of vibration will produce a very large number of cycles of ground shaking.

TIle conclusion that traffic-induced ground vibrations are unlikely to liquefy sands

is also suppo.ted by the fact that only a small number of case histories have heen

presented where road traffic is cited as a cause of significant ground settlements. The

most significant of these case histories is provided by Terzaghi and Peck (1967) who

repan that in Munich, where most buildings rest on 20 feet of dense sand and gravel

overlying rock, truck traffic of increasing intensity caused settlements of such magni

tude that several Stleets had to be entirely closed to trucking. Terzaghi and Peck

further repon that new buildings adjoining old main highways in Holland conunonly

tilt away from the highway. This tilt is attributed to traffic vibrations having



77

compacted the soil beneath and adjacent to the highway, whereas the sand supponing

the rear part of the building was still in its original condition. The detrimental effects

of traffic-induced ground vibrations are also referred to by Crockett (1966) who claims

that settlement of the foundations of certain ancient buildings can be attributed to the

accumulated effect of traffic over several centuries. However Whiffin and Leonard

(1971) stale that Crockett's claim is very difficult to prove because of the many other

possible reasons for subsidence.

Since the low levels of vibration that are reported in the literature are consistent

with the small number of published references describing settlements caused by this

source, it seems reasonable to conclude that the papers referenced in this section pro

vide a good indication of the range of vibrations that can be expected.

2.8. Ground Vibrations Produced by Train Traffic

'The magnitude of train-induced ground vibrations is a complex function of a

variety of factors including axle weight, suspension design, train speed, ground condi

tions and track. fel1tWes such as rail joints, sleeper pitch and long wavelength corruga

tions. 1be influence of factors such as axle weight and suspension design is evidenced

by the fact that vibration levels produced by individual trains may significantly exceed

the levels produced by an average train passing over the same piece: of track. This

fact was borne out in an English survey (conducted by Walker and Field and reported

by Griffin and Stanworth, 1985) which f:mnd that Electric Multiple Units (EM.U.)

were more likely to cause complaints concerning vibration levels than Diesel Multiple
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Units. Griffin and Stanworth concluded that this was probably due to me higher

unspnmg mass of the traction motors in the Electric Multiple Units. The survey also

found that wagons with wedge loaded friction damped suspensions carrying bulk cargo

at 25 tons per axle were par.:icularly likely to cause complaints, a statement which

infers that these types of wagons generated higher levels of vibration than me levels

produced by either average wagons or by Electric Multiple Units.

'The effect of train speed on vibration levels is sununarized by Dawn (1983), who

reports ground vibration levels measured at a distance of 25 m (82 ft) from a passing

train. 'The train, which consisred of 4 axle, 100 ton cars, was repeatedly run over a

section of rest track at speeds ranging from 23 and 88 kmIh. 'The results of this study

which are presented in Figure 2.24. show that ground response peaked when the tr:tin

was traveling at a critical speed of 24.7 kmIh, a speed which is believed to occur

"when the sleeper passage frequency coincided with the resonant frequency of the total

vehicle on the track." Since the peak ground surface velocities presenred in Figure 2.24

are expressed in units of decibels, dB, it is useful to point out that a 3 dB increase is

approximately equal to increasing the peak particle velocity by 40%. This figure also

shows that the amplitude of ground vibrations generated by trains increases only

slightly with increasing train speed for trains traveling at speeds greater than 30 krn/h,

thus implying that reducing the train speed is unlikely to significantly reduce me mag

nitude of ground vibrations. It is worth pointing out that if the train speed is

decreased until it is near to the critical speed then ground vibration levels may

sipificantly increase.
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Ground vibration levels are also influenced by the foundation material; for exam

ple larger amplitude vibrations appear to be generated in soft ground than in hard

ground. Some researchers have attempted to quantify these effects by usinC; survey

techniques to determine the elastic properties of the ground. However as yet research·

ers are still unable to relate measured vibration levels to specific ground properties

(Griffin and Stanworth, 1985).

The dominant frequencies of train-induced gro:Jnd vibrations are functions of both

train speed and the wavelengths of various repeating features such as vehicle length,

sleeper spacing, rail length, and wheel circumference. This primary dependence is

clearly demonstrated by the results of experiments conducted by Dawn (1983) and is

shown in Figure 2.25. The speed-dependent peaks that are plotted in this figure are

linked by lines of constant slope, and the wavelength quoted against each line is

defined by Dawn as the distance traveled by the train for one cycle of oscillation. As

mentioned previously, these wavelengths correspond to the wavelengths of various

repeating features, such as sleeper or tie spacing, which is approximately equal to 0.71

m. It is this wavelength that "tunes in" to give a maximum response at a speed of

24.7 k:rn/h and a frequency of 9.7 Hz, which is thought to be the resonant frequency of

the total vehicle weight on the track. The resonant frequency is primarily a function

of the unsprung mass of the train and the stiffness of the ballast. Other measurements

which indicate dominant ftequencies corresponding to wavelengths of 0.7 m, 1.78 m,

2.48 m and 6.1 m have been reported by Dawn and Stanworth (1979). The peaks at

1.78 m and 2.48 m are caused by long wavelength correlations in the rail, and 6.1



81

meters is equal to half the engine length and one-third of the rail length; every time

the train advances 6.1 m a set of bogies will pass over a rail joint.

The predominant frequencies of most train-induced ground vibrations lie within

the range of 10 to 60 Hz. This range is proposed by both Griffin and Stanworth and

Dawn and Stanworth who further repon that most of the energy in the soil is pro

pagated by motions with frequencies in the range of 10 to 20 Hz. Ground vibrations

analyzed by Ricldey et al (1981) contain peaks at frequencio:s of around 40 Hz.

Measurement of vibrations induced within the rails has shown that significant

vibrations are also generated by sources such as uneven rail joints and wheel flats.

However these vibrations primarily affect the life of the rail. When a wheel impinges

on an uneven rail joint, two forces are produced as shown in Figure 2.26. The

existence of these forces which are commonly denoted as P 1 and P 2 was confirmed in

experiments conducted by Jenkins et al (1974). The PI force which is the largest of

these forces may be as large as 2 ~ times the axle weight (Ahlbeck, J986) and is

unlikely to be transmitted to the ballast since the frequency of this force varies from

1000 to 2000 Hz. However, the P 2 forces which are unlikely to exceed the axle

weight in amplitude are readily transmitted to the ballast since they oscillate at fre

quencies between 20 and 100 Hz. Wheel flats also produce significant venical impact

loads. Impact loads of 400 kN (90 kips) have been recorded beneath static wheel

loads of only 111 kN (25 kips).
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In summary it may be stated that while most people believe that trains are a

source of significant ground vibrations. this belief is inconsistent with the relatively

low levels of vibration that are reponed in the literature. For example. the largest peak

particle velocity reponed by Ames et a1 (1976) is equal to 3.9 mm/sec (0.153

inches/sec). This velocity which was recorded at a distance of 2 m from a diesel

locomotive is smaller in amplitude than peak particle velocities induced by small

pieces of construction equipment such as jackhammers. operating at the same distance.

"\~hat makes the low levels of vibration that are reponed by Ames et al. even more

suqnising is that their data were compiled from measurements made at 3 sites in

response to complaints about vibration levels. It would appear therefore that either

people's perception of the magnitude of train-induced ground vibrations is wrong or

vibration levels reported by Ames et al significantly underestimate the levels of vibra

tions generated by trains. The latter premise is more likely to be trUe for two reasons.

Firstly, vibration levels that have been recorded at large distances from trains imply

that vibration levels close to the train should exceed 4 mm/sec; and secondly, train

induced ground vibrations appear to have induced several large scale liquefaction

failures.

Ames et aI. report that ground vibrations recorded at a distance of 30m from a

passing train contained a peak particle velocity of about 1.4 mm/sec (0.055 inches/sec).

If the amplitude of these ground vibrations is assumed to attenuate at the same rate as

those of an ideal Rayleigh wave, then this value implies a peak panicle velocity of

Ipproximately S.7 nvnIsec at a distance of 2 m from the tracks. In reality, this
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assumption is probably conservative and vibration amplitudes should attenuate at some

rate between that for an ideal Rayleigh wave and that for a body wave at the ground

surface. or possibly at an even higher rate. If the ground vibrations are thus assumed

to attenuate at the same rate as an ideal undamped body wave, then the vibration level

at a distance of 2 m the train is calculated to be about 23 mm/sec (0.92 inches/sec).

Both of these values are significantly higher than the maximum level of 3.9 nun/sec

reported by Ames et al.

The other reason for believing that reported amplitudes of vibration are too low is

that train-induced ground vibrations of these magnitudes are unlikely to be capable of

liquefying a soil. This observation is important since some investigators believe that

ground vibrations generated by trains have caused large-scale liquefaction failures,

several of which are reported in Table 1.1. Two of these failures occurred in 1980 and

involved railroad embankments which failed while trains were traveling over them;

these embankments were principally constructed from sand and water was ponded on

one side of both embankments at the time of failure. Since in both cases the lead

engines passed safely over the embankments and came to rest on the far side of the

failed section, it is believed that their failure was possibly induced by ground vibra

tions generated by the first or second locomotives. The railroad companies suffered

significant economic losses as a result of these failures. Another case history involv

ing a levee failure in Hotland has been learned of, where the failure was attributed to

liquefaction caused by train-induced ground vibrations. Unfonunately no reference

was provided for this failure. Terzaghi and Peck: (1967) repon that a railway
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embankment which rested on a fairly dense sand settled approximately 360 nun (14

inches) during 40 years of operation.

In view of the conflicting evidence concerning the amplitudes of train-induced

vibrations, it seems desirable to collect further data on this subject. The results of sup

plementary studies conducted at four sites are presented in Chapter 4.

2.9. Acceptable Levels or Ground Vibration

2.9.1. Introduction

ConstrUction operations in urban areas are sometimes limited by the ground vibra

tion magnitudes that they are allowed to generate at a site. These levels might be set

in order to prevent strUctural damage or to minimize the dismption to neighbors, and

because the levels of vibration that are perceptible to people are much less than the

levels of vibration that are required to cause strUctural damage, human response may

well gov¢m constrUction operations. This is particularly trUe when noise accompanies

vibrations since humans are much more sensitive to vibrations associated with noise.

The number of complaints that are made against construction operations can be

gteatly reduced by good public relations. This involves infonning neighbors of both

the expected levels of vibration and the proposed activities, prior to the commence

ment of operations. In addition, surveys should be made of all houses in the vicinity

in order to ascertain how much damage. if any. is caused by the vibrations and

whether any of the ncighb<>ring buildings house vibration-sensitive equipment such as
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machine tools, test gear, precision instruments and computers. It is wonh noting that

ground vibrations generated by driving piles are large enough to halt the production

from certain types of machinery such as precision milling machines, jig barers and

profiling millers.

This section attempts to summarize the effectS of ground vibrations on both

humans and structures.

2.9.2. Response or Humans to Vibrations

One of the first comprehensive studies into the response of humans to steady-state

vibrations was conducted by Reiher and Meister (1931) who examined the responses

oi a group of healthy young people to steady-state vibrations which varied both in

amplitude and in frequency. These investigators classified the reactions of their sub

jects as one of six levels of perc..eption (imperceptible, just perceptible, easily notice

able, annoying, unpleasant, and painful) which are still in use; in fact, O'Neill (1971)

states that "no more comprehensive study has since been conducted" to the best of his

knowledge. Because Reiher and Meister expressed their levels of perception as a

function of displacement amplitudes and most researchers currently prefer to express

levels of vibration in terms of peak particle velocities, Wiss (1974) replotted these

relationships as a function of particle velocity and frequency. This plot which is

presented in Figure 2.27 indicates that the response of humans to peak particle velocity

is independent of fIequency at low levels of vibration. Goldman (1948) also compiled

the ~ults of a study on human response to steady-state vibrations.
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TIle respo!'lSe of humans to transient vibrations has also been studied and

corresponding levels of perception have been proposed by Crandell (1949), Rathbone

(1963), Bollinger (1970), and Wiss and Pannelee (1974) who proposed the criteria

shown in Figure 2.27. The results of these studies show that humans appear to be less

sensitive to transient vibrations than to steady-state ·.ibrations.

Research conducted by Hendron has shown that humans aIipeaf to be much more

senslCive to ground vibrations when they &Ie accompanied by sound. Hendron (1977)

staleS that ..all roles for predicting response appear to fall apart when sound effects

accompany the motion and the motion is of short duration", primarily because the

average person is believed to be incapable of isolating the characteristics of ground

motions from their accompanying sound effects. Hendron summarizes this as follows:

"Simply stated h.t. (the average person) thinks the building was subject to strong shak

ing because he heard the sounds of vibrations in parts of Lhe structure." A plot suggest

ing levels of perception for transient vibrations accompanied by sound (after Hendron,

1977) indicates that humans appear to be somewhat more sensitive to transient vibra

tions accompanied by sound than to steady state vibrations.

It is important to realize that the levels of perception that are presented in Figure

2.27 &Ie merely subjective assessments, and that people exhibit a wide range: of sensi

tivity when they are making subjective judgments. This range in sensitivity is graphi

cally illustrated by Wiss and Parmelee (1974), who asked their subjects to determine

levels l,f ground displacement that the subjects considered to be "distinctly percepti

ble." Wiss and P8l"Tlelee then plotted these levels of ground displacement as a function
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of frequency. The ground vibrations that were judged to be "distinctly perceptible"

ranged over one order of magnitude, leading the investigators to concluded that the

human body is an excellent detector of vibrations but a poor measuring device.

People's feelings, attitudes and even work perfonoance can be affected by expo

sure to ground vibrations. In addition, different people may like, dislike or be

indifferent to a given level of vibration, depending on their background. Chilton,

Friesz and Chen (1975) suggest that these psychological effects may be caused by a

direct response to the vibrations or by emotional experiences and associations.

Research also appears to show that long teno exposure to vibrations may be very

fatiguing. Chilton et al quote Goldman and van Gierke (1961) as stating that continu

ous exposure to vibrations at levels only slightly above the level of human perception

leads to irritation and fatigue.

It is interesting to note that certain frequencies seem to excite resonances in

specific organs and organ groups of the human body. Chilton et al quote resonant fre

quencies of 3 to 5 Hz for the thorax abdomen system, 2 to 3 Hz for the shoulder and

head, 20 to 30 Hz for the head alone and 2 to 12 Hz for the whole body. These

resonant frequencies are dependent upon the position and muscle tension of the body.

1.9.3. Damage Criteria for Structures

Numerous authors have presented papers outlining damage criteria for structures,

most of which were developed by observing the response of buildings to blast-induced

ground vibrations. These criteria also tend to focus on the behavior of residential
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strUctures, probably because most of the complaints that arise from construction-

induced ground vibrations are made by the owners of residential structures.

One of the first researchers to present damage criteria for structures was Crandell

(1949) who expressed damage levels as a function of Energy Ratio as defined by the

equation:

where
and

a = peak acceleration (ft / see2)
f = frequency (Hz)

2 18

This comprehensive study investigated the effects of blasting on over 1000 residences,

including residential homes, 2 story businesses, schools and churches and reached the

following conclusions:

1) Structures of average workmanship and good materials would not be dam-

aged by ground vibrations with Energy Ratios less than 3. This level of

vibration was conditional on the fact that the buildings were not over-

stressed.

2) Ground vibrations with Energy Ratios between 3 and 6 were capable of

opening up old cracks and causing the spalling of loose veneers in struc-

tures in poor condition or structures that were overstressed.

3) Structures subjected to ground vibrations with Energy Ratios greater than

six, could be seriously damaged. Serious damage was defined as the
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development of new cracks or actual cracking of foundations and walls in

extreme cases.

Since Energy Ratio is defined as a function of both frequency and peak ground

surface acceleration. values of Energy Ratio can be converted to values of peak pani

cle velocity by assuming that the ground motions consisted of a sinusoidal wave of

any single frequency; while this is obviously a simplifying assumption it provides

some icea of vibration levels for comparison purposes. Energy ratios of 3 and 6 are

thus equivalent to particle velocities of 85 mm/sec (3.3 inc:hes/sec) and 120 mrn/sec

(4.7 inches/sec) respectively. implying that the levels associated with Crandell's dam

age criteria are similar in magnitude to the vibration levels subsequently proposed by

other authors.

'The damage criteria proposed by Nicholls, Jotmson and Duvall (1971) for the

U.S. Bureau of Mines, Edwards and Northwood (1958), and Langefors et al (1958)are

compared in Figwe 2.28 (after Wiss. 1981) and wllile the~ three sets of criteria indi

cate that damage is only likely to occur if vibration levels exceed 100 mmlsec (4.0

inches/sec), both Nicholls et al and Edwards et al suggest that a peak particle velocity

of 50 mm/sec (2.0 inches/sec) should be used as a safe upper limit for allowable vibra

tions.

TIle criteria that are presented in Figure 2.28, associate similar levels of structural

damage with similar levels of ground vibration, an observation which is interesting

because these three sets of criteria were produced by different authors. from data com

piled in three diffclaJt countries. Remarkable similarities between criteria developed
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by different investigators is also reponed by Duvall and Fogelson (1962) who statisti

cally analyzed the vibration measurements and damage criteria presented by Edwards

and Nonhwood (1960), Langefors et al (1958) and Thoenen and Windes (1942) and

like the studies summarized in Figure 2.28, these three studies were also developed

from observations of the response of buildings in three different countries, over

different time periods. The analyses performed by Duvall and Fogelson showed that

there was a 50% probability that structures would suffer major damage such as serious

cracking and the fall of plaster when they were subjected to ground vibrations with

peak partide velocities equal to 190 mm/sec (7.6 inches/sec). In addition, the proba

bility of structures suffering minor damage when subjected to ground motions with

peak particle velocities equal to 140 mm/sec (5.4 inches/sec) was calculated to be

slightly less than 50%. Minor damage is associated with the production of fine plaster

cracks and the opening of old cracks.

Other criteria which define damage levels of vibration have been proposed by

Chae (1978) and Koch (1953) who defines 6 levels of damage as a function of dis

placement amplitude and frequency. After comparing his damage criteria with the lev

els of human perception quoted by Reiher and Meister, Koch concluded that damage

could be expected when the levels of vibration became annoying to humans.

Criteria proposed by OIae (1978) are presented in Table 2.6 and it may be seen

that they suggest the same vibration limits for sound structures as those proposed by

Nicholls et al (presented in Figure 2.28). Chae's criteria classify buildings into one of

four categories and propose a different damage level vibration for each category.
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Table 2.6 : Damage Criteria Recommended by Chae (1978)

Peak panicle velocity, Peak particle velocity,
Class in inches per second in millimeters per second

I a 4 !oo
nb 2 50
me 1 25
JVd 0.5 12
a Structures of substantial construction.
b Relatively new residential slruct...o;:. in sound condition.
e Relatively old residential structure in poor condition.
II Old residential structures in very poor condition.

Note: If Sb'Ucture is subjected to repeated blasting, or if
blasting is done without instrumentation, lower
Category by one.

It might appear from the high degIee of similarity between criteria developed by

difIerent investigators that the damage potential of all sources of non-seismically

induced ground vibrations can be assessed with a reasonable degree of accuracy.

However this is unlikely considering the fact that all of the criteria presented thus far

are based on the observed response of Sb'Uctures to blast-induced ground vibrations.

Since such vibrations are transient in nature and typically generate only a small

number of cycles of significant shaking, it is unlikely that the aforementioned criteria

can be used to make a reasonable prediction of the degree of damage that is likely to

be caused by sources which generate many more cycles of loading such as pile driving

and freeway traffic. Ground vibrations that are smaller in magnitude but act for many

more cycles may be significandy more damaging than a smaller number of huger

amplitude vibrations. Unfortunately, far fewer criteria have been developed for
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sources of ground vibrations which produce large numbers of cycles of significant

ground shaking.

One set of criteria which associates levels of human reaction and structural

response with the magnitude of vibrations produced by road traffic is presented by

Whiffin and Leonard (1971). These criteria not only suggest that peak particle veloci

ties of 10 to IS mmIsec (.39 to .59 inches/sec) will cause architectural damage and

possibly some minor suuetural damage. but that peak particle velocities as low as 5

mm/sec (0.20 inches/sec) may be large enough to cause "architectural damage to

houses with plastered walls and ceilings". In contrast, blast-induced ground vibrations

ue not predicted to cause ~hitectural damage until the peak particle velocities exceed

100 rnm/sec (4 incheS/sec).

Crockett (1979) has proposed a comprehensive method for assessing the damage

potential of ground vibrations generated by pile driving. This method attempts to

account for both the number of cycles of significant shaking that ue associated with

different size piling contracts and other factors such as the type and age of a building.

specific construction details and the soil type. Crockett incorporated the number of

cycles of significant shaking since this pvamcter may vary greatly with the size of the

project and damage increases with an increase in this number of cycles; small piling

contracts typically generate ten thousand cycles of shaking while large piling contracts

may produce more than one million cycles. An importance factor is also introduced

which rates buildings on a scale of one to ten. Light industrial buildings are given a

rating of one, while sensitive historic buildings are given a rating of ten. Crockett's

method is not presented in detail in this document.
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The acceptable vibration levels that are proposed in the Swiss Vibration Standard,

SN 640312, entitled "Effects of Vibrations on Sauctures." are sununarized in Table

2.7. This standard which is based on measurements recorded in Switzerland since the

1960's proposes separate criteria for buildings subjected to blast-induced ground vibra

tions and to ground vibrations produced by machines and road traffic. These buildings

are funher separated into four categories based on structural type. It may be noted

from Tab!e 2.7 that the damage criteria proposed f"f blast-induced vibrations are more

conservative than the criteria presented in Figure 2.28, principally because the Swiss

values were set so as to minimize damage as much as possible. Studer and Suesstnu\l{

(1981) state that the aim of SN 640312 is to set allowable vibration levels below

which light damage to buildings is improbable and damage to the basic suppott struc

ture of a building is excluded. Light damage is associated with the formation of

cracks, the falling away of plaster and the breakage of windows that are improperly

fixed.

It is interesting to note that of all the criteria presented in this section only the

Swiss Standard provides different vibration levels for ground motions with different

frequency contents. This is somewhat surprising since it is universally acknowledged

that a building's response to ground vibrations is significantly influenced by the ratio

of the natural frequency of the sttucture to the predominant frequency of the input

vibrations. Since structural response is greatest when this ratio is equal to one, pennis

sible vibration levels should be lower for sources of vibration which generate motions
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Table 2.7 ; Swiss Vibration Standard, SN 640312

Peak panicle Peak particle
Range of velocity, in velocity, in

Building Vibration frequency, millimeters inches
class source in henz per second per second

I a Machines, traffic 10 - 30 12 0.5
30 - 60 12 - 18 0.5 - 0.7

Blasting 10 - 60 30 1.2
60-90 30 - 40 1.2 - 1.6

rrb Machines, traffic 10 - 30 8 0.3
30 - 60 8 - 12 0.3 - 0.5

Blasting 10 - 60 18 0.7
60-90 18 - 25 0.7 - 1.0

me Machines, traffic 10 - 30 5 0.2
30 - 60 5 - 8 0.2 - 0.3

Blasting 10 - 60 12 0.5
60-90 12 - 18 0.5 - 0.7

Iv<' Machines, traffic 10 - 30 3 0.12
30 - 60 3 - 5 .12 - 0.2

Blasting 10 - 60 8 0.3
60 - 90 8 - 12 0.3 - 0.5

a Buildings in steel or reinforced concrete, like factories, retaining
walls. bridges. steel towers, open channels; underground chambers
and tunnels with and without concrete aligmnent.

b Buildings with foundation walls and floors in concrete, walls in
concrete or masonry; stone masonry retaining walls; underground
chambers and tunnels with masonry alignments; conduits in loose
material.

C Buildings as mentioned previously but with wooden ceilings and
walls in masonry.

d Construction very sensitive to vibrations; objects of historic interest.
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with frequencies that are close to the natural frequency of the structUre. One way to

account for the effect of frequency is to predict levels of building response by usin&

response spectra for these ground motions. Dowding (1985), Medearis (1977) and

Nailc (1979) have all proposed techniques for predicting the response spel."tra of ground

vibrations g~nerated by blasting.

Damage criteria have also been proposed for tunnels. For example, Langefors

and Kihlstrom (1963) state that a peak particle velocity of 300 mm/sec (12 inches/sec)

is the minimum level of shaking required to induce the "fall of rock in unlined tun

nels" and Hendron (1977) states that particle velocities in excess of 600 mrn/sec (24

inches/sec) are required to fonn new cracks in rock. A more detailed summary of the

damage limits for tunnels is provided by Hendron (1977).

Having reported that published criteria for underground utilities such as tile or

concrete drainpipes. sewer and water mains and pipelines are not available. Wiss

(1981) goes on to state that he is not aware of any cases where ground motions with

peak particle velocities less than 15 mm1sec (3 inches/sec) have damaged pipes or

mains. and that high pressure pipelines have withstood peak particle velocities of 250

to 500 rnrn/sec (10 to 20 inches/sec) without experiencing any distress. Dynamic

strain gauge measurements were made to assess the conditions of the pipes.

A problem which is conunonly encountered during cOllStnlction operations is the

detrimental effect of ground vibrations on green concrete. a problem that often arises

on building siteS where piles ale being driven at the same time that concrete is being

placed. Wiss (1981) believes that cured concrete can safely withstand vibrations up to
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125 mm/sec (5 inches/sec), while Atkins and Dixon (1979) propose a safe level of 100

mm/sec (4 inches/sec). It is suggested by these authors that the penrussible vibration

level at times c&rlier than 28 days can be detennined by linearly relating it to the per

centage of total strength (defined as 28 day strength) that has been developed by the

concrete.

A collection of bar graphs whicl> compare damage criteria proposed by a large

number of authors has been presented by Theissen and Wood (1982) and is presented

in Appendix B.
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CHAPTER 3

Summary of Theoretical Liquefaction Evaluation Procedures

3.1. Shear Stress Approach

3.1.1. Discussion

The liquefaction potentials of sand sites subjected to ground shaking can be

evaluated by following either one of two b~lC approaches: the shear stress approach or

the shear strain approach. The shear stress approach, which is the most conunonly

used of the two approaches, evaluates liquefaction potential by comparing the lev~ls of

cyclic shear stress predicted to be induced within a soil deposit (by the ground vibra

tions) with the levels required to cause liquefaction.

Reasonable estimates for the magnimdes the stresses that are generated by earth·

quakes can probably be obtained by perfonning ground response analyses. In suc~

analyses rock motions are applied to the base of a deposit and equivalent-linear pro

grams such as the computer program SHAKE (or more ..:omplex non-linear computer

programs) are used to propagate these motions up through the site. Alternatively, the

site response may be determined approximately by following some simplified pro

cedure such as that proposed Seed and Idriss (1971). This procedure replaces the

irregular earthquake-induced shear stress time history with a sinusoidal motion

comprised of an equivalent number of cycles of loading at a constant level of cyclic
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shear stress (as defined by Equation 3.1). Typical equivalent numbers of unifonn

stress cycles for earthquakes of several different nlllgnitudes are listed in Table 3.1.

The average unifonn stte:ss associated with this ideal motion may be calculated

from the equation:

where

• =06S·:rE.· a 'r'/lIV' mIX dg

'tav = average shear stress,
y = density of the soil,
h = depth of layer being consideled,

amIX = maximwn ground surface acceleration and
rd = stress reduction factor

3.1

The maximwn ground surface acceleration, amax' can be obtained from attenuation

curves which express the maximum surface acceleration as a function of soil type,

earthquake magnitude and distance; a plot of rd versus depth is also presented by the

authors of the method.

However while accepted procedures exist for computing the amplitudes of

earthquake-induced cyclic shear stresses (with a reasonable degree of accuracy), no

such procedures exist for determining the levels of cyclic shear stress likely to be

induced by non-seismic sources of vibration. This lack of acceptable methods can

probably be attributed to the foU<'wing factors: the more complex nature of the wave-

fields produced by most non-seismic sources, and the relaf.vely small amount of

research that has been conducted in the field of non-seismically-induced soil liquefac-

lion. It should be pointed out that simplified procedures such as the approach
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described above cannot be used to predict these levels, primarily because such motions

typically contain significantly higher predominant frequencies than most earthquake

induced ground vibrations. As a result, non-seismic motions induce much lower levels

of cyclic shear stress and strain for the same levels of surface shaking. In addition,

these motions are usually confined to the surface layers and do not propagate up

through the site from depth, as is the case with eanhquake shaking.

The procedure that was used to estimate the magnitudes of the cyclic shear

stresses induced by trains is outlined in Chapter 5. It is important to realize that the

limitations discussed above are not unique to the shear stress approach but are also

encountered when following the shear strain approach, since both procedures require

prediction of the levels of shaking within the site.

The other step in the shear stress approach involves the prediction of the levels of

cyclic shear stress that are required to liquefy a sand in-situ. One way of estimating

these stresses is to sample the soil in the field and then subject these samples to

laboratory tests which simulate the effects of earthquake shaking. However while such

a procedure may seem appropriate, it also has several disadvantages, the most impor

tant being that sampling causes Significant disturbance effects on the soil. For exam

ple, experience has shown that sampling not only tends to densify loose sands and

loosen dense sands, but that it also affects the degree of cementation between particles

and the stroeture of the sand.

A feel for the amount by which the density of a sand may be changed, can be

obtained from the following case history. Seed, Singh, Chan and Vilela (1982) report
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that a dense sand with an in-situ density of 1810 kgl",3 (113 lbl!t 3) was sampled by

taking block samples and by using a piston sampler. The resulting densities of the

sand specimens extracted from the block samples were found to be about 1680 kglm 3

(l05 lblft 3
) while the densities of the samples ~xtraeted by piston sampling were even

less (about 1630 kglm 3, 102 lblft 3), thus showing that sampling may significantly

alter the density of a sand. Changes in relative density of these magnitudes have been

shown to have a large effect on the liquefaction resistance of sand (Seed, 1979).

Obviously, such changes in relative density may be overcome by recompaeting

the sand to its in-situ density. However this approach is also undesirable since cemen

tation is destroyed in the process and it is very unlikely that the soil structure produC'.ed

in the laboratory will be the same as the soil structure present in the field. Seed

(1979) reports that the presence of aging or cementat;.on can increase the liquefaction

resistance of a sand by more than 50% and that different compaction teclmiques may

cause a sands resistance to change by as much ± 50%.

It should be noted at this point that while undisturbed samples can be obtained by

freezing the soil in the field (before sampling) and then keeping the sample frozen

until it is installed in the testing apparatus, this tecJmique is very expensive and

funher. questions would still arise with regards to the ability of the testing equipment

to model in-situ loadings exactly.

It has thelcfore been suggested that the levels of cyclic shear stress required to

liquefy sands in-situ can be determined most accurately by using field performance

plots of cyclic stress ratio versus standard penetration resistance to correlate
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liquefaction resistance with the penetration resistance measured at the site. This

approach not only circumvents the problems associated with sample dismrbance but it

also avoids any questions about the similarity between field loading conditions and

those imposed by laboratory testing equipment. Correlation of field performance data

with in-situ property measurements was first employed by Japanese engineers who

used measurements of standard penetration resistance to differentiate between

liquefiable and non-liquefiable deposits in the Niigata Earthquake.

Investigators such as Seed (1979) have developed the use of standard penetration

resistance as an index for assessing the liquefaction resistance of a sand based on two

observations; (1) that the main factors influencing the liquefaction resistance of a sand,

also influence the penetration resi<;tance in a generally similar manner and (2) that

there appears to be a close correlation between field performance and penetration resis

tance. While other soil characteristics such as shear wave velocity, electrical proper

ties or cone penetration resistance might also correlate well with liquefaction resis

tance. insufficient data exists to enable reliable correlations to be established between

these properties and liquefaction resistance. In contrast. standard penetration resistance

values are available for numerous sites that have been subjected to earthquake shaking.

Recent plots of soil liquefaction resistance versus Standardized Penetration Resis

tance. (N 1)60. where Standardized Penetration Resistance is defined as the penetration

resistance that a soil would exhibit if the soil was subjected to an overburden pressure

of 1 be (1 ts£) and 60% of the potential hammer energy was transmitted to the drill

string. are shown in Figures 3.1 and 3.2 (after Seed. Tokimatsu, Harder and Chung,
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1984). Most of the data presented in these figures were obtained from North and

South American, Japanese and Chinese sites that were shaken by magnitude 7.5 earth-

quakes. The remaining data which pertains to magnitude 6.7, 6.6, 6.3, 6.1, 5.6, and

5.3 earthquakes were adjusted to represent magnitude 7.5 earthquakes by applying the

comction factors proposed by Seed et al (1983) (see Table 3.1). All of the field data

and their corrected values aro: listed in tables presented by Seed et al (1984). It should

be pointed out that the values of cyclic stress ratio shown in Figwes 3.1 and 3.2 were

calculated using Equation 3.1 and that these values apply to overburden pressures typi-

cally less than about) be (I tsf).

The boundary lines shown in Figures 3.1 and 3.2 define approximate lower

bounds for sites that did not liquefy when they were shaken by magnitude 7.5 earth·

quakes and as such, they appear to provide a reliable basis for assessing the in-situ

Table 3.1: Comction factors for the Influence of Eanhquake Magnitude
on Liquefaction Resistance (after Seed et al., 1983)

[ '~.] fd=AI

No. of Representative
ao I

Earthquake Magnitude, M. 'tavcycles at O.65~ for M=7.5.
ao I

8.5 26 0.89

7.5 15 1.0

6.75 10 1.13

6 5-6 1.32

5.25 2-3 1.50
1....--.
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liquefaction resistan;:e of sands subjected to ground shaking produced by earthquakes

of this magnitude. These curves can be modified to represent earthquakes of other

magnitudes (or even ground vibrations generated by non-seismic sources) by using

laboratory-developed curves of required cyclic stress ratio versus the number of cycles

to liquefaction, to account for the different numbers of representative cycles of loading

generated by each evenl This number of cycles is defined as being the number of

cycles of shaking at a constant stress level that will theoretically impose the same

amount of distress on a soil as the irregular earthquake record.

After statistically analyzing numerous earthquake records, Seed et al (1975) con

cluded that magnitude 7.S earthquakes typically produce about 15 representative cycles

of loading at a constant cyclic shear stress level of O.6S"tmax• Thus, the levels of cyclic

stress ratio required to liquefy a sand in-situ (in almost any number of cycles) can be

estimated by multiplying the cyclic stress ratio determined from Figure 3.1 by the

appropriate correction factor. This factor is equal to the cyclic stress ratio required to

cause liquefaction in PI cycles, divided by the cyclic stress ratio required to cause

liquefaction in 15 cycles, where PI is the number of cycles of representative shaking

that is produced by the source being studied. It should be noted that the lower bound

lines shown in figures 3.1 and 3.2 vary with the fines content of the sand.

Figures which relate applied cyclic shear stress to the number of cycles of loading

required to induce initial liquefaction have been ~ted by numerous authors,

includins Dc Alba et al (1976). The De Alba et al relationships were developed from

the results of large-scale cyclic simple shear tests on Monterey sand. Since the cyclic
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loading applied in such tests is thought to resemble in-situ loadings more closely than

the loading applied in other laboratory tests, it is believed that these relationships pro

vide the best representation of in-situ behavior. The original curves which were

developed for relative densities of 90%, 82%, 68%, and 54%. were normalized (by

dividing the values of required cyclic shear stress by the shear stress that caused

liquefaction in one cycle) and then averaged to produce the single curve shown in Fig

ure 3.3 (after Seed and Idriss, 1982).

As shown in this figure, the relationship derived from De Alba et al's research

extends over the range of 1 to 100 cycles and while this range is suitable for evaluat

ing the liquefaction potential of earthquake-induced vibrations, it is too small for

analyzing many non-seismically-induced ground vibrations. Therefore a second curve

which extends to larger numbers of cycles of loading was derived from the results of

tests presented by Szerdy (1985). This latter curve was obtained as described above

by dividing the values of required cyclic stress ratio by the cyclic stress ratio required

to cause failure in one cycle. 'These normalized curves were subsequently averaged to

produce the single relationship shown in Figure 3.3. It is wonh noting that even

though Szerdy subjected some samples to more than 10,000 cycles of loading, the rela

tionship derived from SzeIdy's data is only shown to extend over the range of 10 to

1000 cycles because most of his data fell within the more limited range.

Szerdy's curves were developed from the results of cyclic triaxial tests perfonned

on samples of Sacramento River Fine sand. These samples were compacted to a range

of relative densities, and subjected to different values of confining stress and initial
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shear stress/nonnal stress ratio. It is interesting to note that changes in relative den

sity, confining pressure and the initial shear stl'esslnonnal stress ratio did not appear to

significantly affect the shape of the nonnalized curve.

The average curve shown in Figure 3.3. is believed to provide a realistic

representation of in-situ behavior, even though Szerdy's data were obtained from

cyclic triaxial tests, because at large numbers of cycles of loading there appears to be

little difference of loading between the relationships developed from cyclic simple

shear tests and those developed from cyclic triaxial tests. De Alba et al (1976) who

repon the results of both cyclic triaxial tests and cyclic simple shear tests found that

the relationships developed from the two types of tests are essentially the same for

more than about 10 cycles.

In addition to the number of cycles of loading, the cyclic stress ratio required to

liquefy a sand, is also a function of both the initial shear stress/nonnal stress ratio and

the applied confining pressure. The effect of confining pressure can be taken into

account by applying the K tJ factor. This factor is defined as being equal to the cyclic

stress ratio required to liquefy a sand subjected to any given confining pressure,

divided by the cyclic stress ratio required to liquefy the same sand in the same number

of cycles when subjected to a confining pressure of I bc (I tsf); values of KG can be

obtained from Figure 3.4. The plot shown in this figure was developed from a figure

produced by Harder (1988) who plotted data for 18 different sands.

Because the ground motions that are generated by most non-seismic sources are

confined to the surface layers, and most of the data JmseDted in Harder's plot penains
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to confining pressures in excess of 1 be, this plot was amended by adding points in

the low confining stress range. These new data points are based on the results of

cyclic triaxial tests perfonned on samples of sand which were subjected to confining

pressures of 0.5 lese, 1.0 bc and 2.0 ksc (reported by Szerdy, 1985). A line of best fit

was then drawn through through the amended plot and it is this line that is shown in

Figure 3.4.

Several researchers have also exami:led the influence of initial static shear stresses

on liquefaction resistance (including Vaid and Chern (1983), Szerdy (1985) and Castro

et a1. (1982» and these studies have shown that the effect of such stresses is dependent

upon the relative density 0: the sand. For example, the applied cyclic stress ratio that

is required to liquefy loose sands appears to decrease significantly as the initial static

shear stress/nonnal stress ratio is increased. The converse is true for medium-dense

and dense sands. The plot shown in Figure 3.5 (after Szerdy, 1985) illustrates the

influence of initial shear stresses on the liquefaction resistance of loose saturated sands.

It should be pointed out that two of the curves from Szerdy's original plot were

revised before they were replotted in Figure 3.5. These two curves are the relation

ships developed by Szerdy(l985) and Vaid and Chern (1983), both of which are

derived from the results of cyclic triaxial tests. Based on the premise that the cyclic

stress ratios required to liquefy sands in-situ can be detennined approximately by mul

tiplying those ratios determined from cyclic lriaxial tests, by a correction factor, Szerdy

multiplied the cyclic stress ratios associated with zero initial shear stress by a factor of

0.57 (after Seed, 1979). However the cyclic stress ratios that were associated with
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higher values of initial shear stress/nonnal stress ratio were not reduced, thus leading

to the seemingly erroneous prediction that slightly sloping ground might be almost

twice as stable as level ground. Since such an approach appears to be inconsistent.

both Szerdy's and Vaid and Chern's uncorrected curves arc plotted in Figure 3.5. The

decision to plot the uncorrected curves is funher supported by the observation that

these curves are more similar in shape to the curve detennined by Yoshimi and Oh

Oka which is based on the results of ring torsion tests. The loading applied in ring

torsion tests models in-situ cyclic loading more closely than the loading applied in

cyclic triaxial tests.

The average curve shown in Figure 3.5 is believed to provide a reasonable

representation of the effect of initial static stresses on the liquefal-1:ion resistance of a

35% relative density, satUrated sand.

3.1.2. Advantages and Dmadvantages of the Shear Stress Approach

The primary reason for usmg a shear stress approach to evaluate the liquefaction

resistance of a site is that the amplitudes of the cyclic shear stresses induced within a

site are closely related the magnitude of the ground surface accelerations. This obser

vation is particularly apt when analyzing soil behavior under earthquake shaking condi

tions since accepted methods now exist for making a reasonable prediction of surface

accelerations and relating these values to levels of cyclic shear stress. In contrast, the

cyclic shear strains that are induced as a result of ground shaking are a function of

both the ground surface accelerations and the shear modulus of the soil. Since the
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shear modulus changes as pore pressures are generated. the amplitudes of the induced

cyclic shear strains cannot be evaluated as accurately as the amplitudes of the induced

cyclic shear stresses.

The liquefaction resistance of a soil can probably be detennined most accurately

by relating the standard penetration resistance of the soil to known field performance

data. Such an approach circumvents the inaccuracies that arc inherent with sampling

sands and testing them in a laboratory. The use of standard penetration resistance as

an index for evaluaw6 field perfonnance is !>upported by the observation that there

appears to be a close correlation between field performance and standard penetration

resistance. Furthermore, changes in soil charaC'i:eristics which influence liquefaction

resistance also influence the standard penl"tration resistance in a generally similar

manner.

Use of the shear stress approach is supponed by the large number of StlCSS

controlled laboratory tests that have been performed on sands. The results of these

tests provide researchers with a good understanding of the factors which influence the

liquefaction resistance of soils and enable plots of field performance versus standard

penetration resistance to be extrapolated to account for a large variation in the number

of cycles of loading. This is particularly important when evaluating the liquefaction

potential of non-seismic sources of vibration since such sources typically generate

many more cycles of loading than even large magnitude earthquakes. For example. a

single pile driving operation may produce over one million cycles of loading.
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Another factor which is probably significant whC'n analyzing the liquefaction

potential of non-seismically-induced ground vibrations is the ability ,>f th~ shear stress

approach to account for the presence of initial static shear stresses. Such an ability is

perceived to be important for the following reason: all of the large-scale liquefaction

failures that are listed in Table 1.1 occurred on sloping ground. therefore the sands that

failed were probably subjected to initial static shear stresses. and recent experimental

evidence has shown that the liquefaction resistance of loose sands is reduced

significantly as magnitudes of the initial static shear stress/nonna! stress ratios imposed

upon these sands are increased. Since many of these sites may well have contained

artesian pressure conditions. and the presence of these pressures tends to increase the

magnitudes of the high initial shear stress/normal stress ratios present within the slope.

it may be that non-seismic sources of grounG vibration are only capable of liquefying

sands that are subjected to such initial shear stress/nonnai stress ratios.

In the light of the above appraisal. it seems reasonable to conclude that the shear

stress approach provides a good basic technique for assessing the liquefaction potential

of sand sites being shaken by non-seismic sources of ground vibration. However, this

approach does have one major limitation for this purpose; that is. the difficulty of tak

ing into account the difference between the frequency content of most non

seismically-induced ground vibrations and the loading frequency at which cyclic triax

ial tests are generally performed. As discussed in Chapter 2, the predominant frequen

cies of most non-seismically induced ground motions vary from 10 to 30 Hz and most

triaxial tests are perfonned at a much lower frequency of 1 to 2 Hz.



119

Wong (1971) examined the effect of frequency at low frequencies by comparing

the results of tests performed at 1/60 Hz (1 cycle/minute) and 0.33 Hz and observed

that increasing the loading frequency by a factor of 20 reduced the cyclic stress ratio

required to cause liquefaction by about 10%. It does not seem reasonable to conclude

however, that further increasing the testing frequency from I to 20 Hz would decrease

the liquefaction resistance by a similar amount. In fact, logic would seem to suggest

that this cyclic stress ratio might begin to increase at high frequencies rather than con

tinuing to decrease. Such a belief is based on the premise that the pore pressure

buildup in sands is primarily related to cyclic shear strain and not cyclic shear stress,

and at high frequencies of loading, the cyclic shear strains induced within the soil are

likely to be less than those induced at low frequencies (by the same level of applied

cyclic shear stress) because inertial effects may well become significant. Simply

stated, if a shear stress does not act in one direction for a sufficiently long period of

time, the soil does not have enough time to reach a strain in equilibrium with the

applied cyclic shear stress before the direction of loading is reversed. Therefore the

st1"ains that are induced in the soil are no longer directly related to the levels of applied

cyclic shear stress. Since no laboratory tests results have been found where soils have

been tested at frequencies of loading in excess of 10Hz, this suppositio., has not been

substantiated and thus it remains an open question with regard to the applicability of

the shear stress approach.
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3.2. Shear Strain Approach

3.2.1. Discussion

The liquefaction potential of ground vibrations may also be evaluated by using

the shear strain approach. This approach is based on the premise that cyclic shear

strain is the fundamental parameter governing both the settlement of dry sands, and

pore pressure buildup in saturated sands, during cyclic loading. Laboratory test data

showing this strong dependence (on cyclic shear strain) has existed for many years,

although it is only recently that the shear strain approach has been formally advocated

as a liquefaction evaluation te.:hnique. The shear suain approach is currently the sub-

jeet of extensive research.

Dobry. Yokel and La.dd (1981b) suggest that the cyclic shear strains that are

induced by eanhquakes may be detennined approximately by using the following

equation which was derived from Equation 3.1:

where

't,. Dmu: 'Y'h'rd

'Y,. = -G = 0.65 . -g- . -G-
mu
- ............[ G-G-max~]-y.

'Y,. =equivalent uniform strain,
G =equivalent shear modulus of the soil,

G mu: = maximum, small strain shear modulus and

[G:' )= modulus JOduction coefficient

3.2
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As with the earlier equation, Equation 3.2 replaces the irregular shear strain time his

tory produced by an earthquake, by an equivalent unifonn cyclic shear strain. Yt which

is assumed to act for an equivalent number of cycles of loading. nor While this

number of cycles (n.,) is related to the number of representative cycles of shear stress

loading, the two values are not the same and no references have been found where

values of n., are related to earthquake magnitude.

Since Equation 3.2 is derived from the simplified formula proposed by Seed and

Idriss, and this laner formula is believed to provide an acceptable means of modeling

the actual site response, it might seem reasonable to conclude that Equation 3.2 is

capable of predicting the levels of cyclic shear strain with a similar degree of accu

racy. However this is not the case, primarily because for any given value of"ft' the

ratio (0 / 0 mu).,. changes during the earthquake due to changes in pore pressures

within the soil, and the rate of pore pressure buildup in soils during earthquakes cannot

be determined accurately. Accurate prediction of the levels of induced cyclic shear

strain is further limited by the accuracy with which G mall can be determined, since "it

is shown to be heavily dependent upon the shear modulus of the sand. Values of

Omu: can b~ measured directly by employing in-situ geophysical techniques such as

the cross-hole method; however, such tests are very sensitive and different operators

may determine significantly different values of 0 max for the same site.

TIle shear strain approach evaluates liquefaction resistance by petforming strain

controlled laboratory tests on sand samples taken from the site. However unlike the

shear stMSS approach where laboratory test results are significantly influenced by
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sample disturbance. in this case such a procedure appears to be acceptable. Experi

ments such as those reported by Vuceric and Dobry (1987) have shown that sample

disturbance has only a minor influence on the rate of pore pressure buildup in strain

controlled tests. These investigators report the results of strain-controlled tests per

formed on two Imperial Valley, California., silty sands which liquefied during an earth

quake in 1981. The results of these tests showed pore pressures to build up at the

same rate in "intact" samples as they did in completely reconstituted samples.

The effect of soil structure alone, has been studied by both Park and Silver (1975)

and Dobry and Ladd (1980). The latter investigators plotted values of induced pore

pressure ratio versus cyclic shear strai."'! for sands compacted by dry vibration and wet

rodding (see Figure 3.6) and found that the pore pressure ratios differed by less than

about 10% after 10 cycles of loading. The data presented in the Dobry and Ladd plot

was computed from the results of strain-controlled laboratory tests reported by Park

and Silver (1975) and Dobry and Ladd (1980).

The buildup of pore pressure during cyclic strain-controlled tests has been exam

ined by a number of researchers and plots depicting this pore pressure buildup have

been presented by Vucetic and Dobry (1987), Dyvik et al (1984), Thomas and Dobry

(1984), Dobry, Ladd, Yokel, Chung and Powell (1982) and Dobry et al. (l981b). The

plots shown in Figures 3.7, 3.8 and 3.9 (from Dobry et aI.• 1982) depict the influence

of relative density, confining pressure and number of cycles of loading respectively. on

the amount of pore pressure buildup. 1bese curves were developed from the results of

twelve undrained strain-eontrolled cyclic triaxial tests perfonned on samples of
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saturated Monterey No. 0 sand (a washed, uniform, medium to fine beach sand com

posed of quartz and feldspar panicles). The sand samples were compaeted to relative

densities of 4S, 60 and 80% and tested at confining pressures of 0.26 ksc (S33 psf), 1.0

ksc (2000 pst) and 2.0 ksc (4000 pst). The tests were ron at one of three levels of

cyclic shear strain: 3Xl0-2%, IXlO-1%, and 3xl0-1%. Dobry, Yokel and Ladd

(1981b) also examined the influence of overconsolidation ratio on pore pressure

buildup and report that pressures build up much more slowly in overconsolidated sands

than in nonnally consolidated sands.

A further argument in support of the premise that cyclic shear strain is the funda

mental parameter controlling pore pressure buildup in sands, is provided by the

apparent existence of a threshold shear strain. Ideally, sands cycled at shear strains

less than this threshold value will not generate significant pore pressures. The

existence of a threshold strain was first noted almost 20 years ago by Dmevich and

Richart (1970), Youd (1972) and Pyke (1973), all of whom reponed that no detectable

densification occurred in dry sand samples cycled at shear strains less than 10-2%.

Since volume change in dry sand is directly related to pore pressure change in

saturated sands, it may be infened that significant pore pressures would not have been

generated even if the sands had been saturaled. The value of threshold strain proposed

by these authors is similar in magnitude to values obtained from the results of

undrained strain-contro11ed laboratory tests that were subsequently perfonned on

saturated sand samples. Values of threshold strains for several sands are listed in

Table 3.2.
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Table 3.2 : 1'lueshold Shear Strains, 1" for Dry and Saturated Sands
(after Dobry. Stokoe, Ladd and Youd, 1981a)

SAND TESTING TECHNIQUE 11 REFERENCE

Dry Ottawa Sand Resonant column lxl0-2% Dmevich and
Richart (1970)

Dry Crystal Silica Cyclic Simple 2x1O-~ Silver and Seed
Sand Shear (1971)

Dry and Saturated Cyclic Simple lxlO-~ Youd (1972)
Ottawa Sand Shear (Drained)

Dry Monterey Sand Cyclic Simple Shear Ix10-2% Pylce (1973)
Shaking Table

Saturated Monterey Cyclic Triaxial l.1xI0-2% Dobry et al.
Sand (Undrained) (1982)

1bc results of strain~ontrolled laboratory tests indicate that the threshold shear

strain is independent of relative density, confining pressure and the magnitude of the

initial consolidation shear stresses. For example Dyvik et al (1984) repott that samples

of Monterey No. 0 sand compacted to relative densities of 20% and 60% exhibited the

same values of threshold strain. Other tests (reportcci by Dobry et al. (1981b) and

Dobry et al (1982» have indicated the same value of threshold strain for Monterey No.

o sand samples compaeted to relative densities of 45% and 80%. Dyvik et al also

examined the inftucnce of consolidation suess conditions (represented by values of Kc )

on the value of threshold strain and concluded that their inftualCC was negligible.

Values of Xc (the ratio of effective vertical consolidation stress to effective horizontal

consolidation stress) ranged from 1.0 to 2.5.
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One important factor which has been observed to influence the value of threshold

strain is the overconsolidation ratio. Results reponed by Dobry, Yokel and Ladd

(1981 b) indicate that the threshold shear strain for overconsolidated sands is

significantly higher than the threshold shear strain for nonnally consolidated samples

of the same sand. For example, the threshold shear strain for a sand subjected to an

overconsolidation ratio of 8 was measured to be 2.9xI0-2%, while the threshold strain

for a nonnally consolidated specimen of the same sand was 1.2xl0-2%.

The effect of particle size on threshold strain is reponed by Dyvik et al (1984)

who compared the threshold shear strains for samples of Banding sand and Monterey

No. 0 sand, both of which are unifonn clean quartz sands with parallel grain size dis

tribution curves; D so for Banding sand is slightly less than 0.2 nun while the D so for

Monterey No. 0 sand is equal to 0.4 mm. Since the threshold strain for Banding sand

was reponed to vary from O.8xl0-2% to O.9xl0-2% and the threshold shear strain for

Monterey No. 0 sand is approximately equal to Ixl0-2%, it appears that threshold

shear strain might decrease slightly with decreasing grain size. Tests performed on

reconstituted specimens of Mount St. Helen's volcanic debris (Thomas and Dobry,

1984) have shown that the threshold shear strain for this material is approximately

equal to 0.4xl0-2%. Thomas and Dobry conclude that shear strains of O.7xlO-2% to

I.Ox 10-2% may be taken as reasonable engineering estimates of 1, .
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3.2.2. Advantages and Disadvantages of the Shear Strain Approach

The principal conceptual advantage associated with using the shear strain

approach to evaluate liquefaction potential is that the the pore pressure buildup in

saturated sands appears to be more closely related to cyclic shear strain than applied

cyclic shear stress. This observation is borne out in the results of laboratory tests

which show that the factors which influence the rate of pore pressure buildup in

stress-controUed tests have a much smaller influence on the rate of pore pressure

buildup in suain-controlled tests. For example. different methods of sample prepara

tion may alter the cyclic stress ratio required to induce liquefaction in n cycles by as

much as ± 50%, while such changes in structure appear to influence the pore pressure

built up in n cycles (at a constant level of cyclic shear strain) by less than 10%. Since

factors such as soil Stnlcture. aging and prior seismic history are known to influence a

soil's liquefaction resistance and are not observed to significantly influence the rate of

pore pressure buildup in suain-conuolled tests, these factors are assumed to be taken

into account by measuring the shear modulus in the field.

Another advantage that is associated with using the shear strain approach, is the

apparent existence of a threshold strain. Since saturated sands cycled at shear strains

less than this threshold value are not observed to generate significant pore pressures. it

may be concluded that unless the levels of induced cyclic shear strain exceed this

value no significant pore pressures will be induced at the site. Laboratory tests have

shown that the value of threshold shear strain appears to be relatively insensitive to

changes in relative density, overburden pressure, method of sample preparation, and
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the effect of aging, and is influenced only slightly by c~anges in overconsolidation

ratio and grain size.

However as with the shear stress approach, the shear strain approach also has

several disadvantages. The principal drawback associated with using this approach to

evaluate the liquefaction potential of soils subjected to earthquake shaking is that few

accepted methods exist for evaluating the magnitude of induced cyclic shear strains.

While Equation 3.2 can be used to calculate equivalent uniform strains at low levels of

shaking, the strains calculated for high levels of shaking are very approximate since

the value at _<2.- changes for any given value of Ye as pore pressures are generated.
Gm•

Because this problem is only encountered when pore pressures are generated, use of

Equation 3.2 and the threshold strain concept may still provide an appropriate means

of evaluating the minimum amount of shaking required to induce the buildup of pore

pressures at any site.

Most of the drawbacks associated with using a strain approach to analyze the

liquefaction potential of soils subjected to non-seismically-induced vibrations, are

related to the relatively small number of strain-controlled triaxial tests that have been

performed on sands. One such disadvantage is caused by the relatively limited amount

of information available concerning the buildup of pore pressures under very large

numbers of cycles of loading, an important factor considering that some non-seismic

sources are capable of generating more than I million cycles of loading.
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Evaluation of the liquefaction potential of non-seismically-induced ground shak

ing also hampered by the lack of infonnation on the effect of initial shear stresses.

One of the few sets of published results examining the influence of these stIesses is

reponed by Dyvik et al (1984) who perfonned several anisotropically consolidated,

strain-controlled tests on Monterey No. 0 sand. While far from conclusive. their

results appear to show that for 20% relative density sand samples, pore pressures

develop at a slightly slower rate as the magnitude of the initial shear stresses is

increased. This observation appears to contradict the findings of Szerdy (1985), Vaid

and Chern (1983), and Castro et al (1982) who report that the cyclic resistance of

loose sand !educes significantly as the initial static shear stresses are increased. How

ever, a direct comparison cannot be made without knowing the effect of the initial

stresses on the shear modulus of the soil. Since the presence of initial shear stresses

docs not appear to influence soil behavior in strain-controlled tests, it is presumed that

this effect is taken into account by measuring G in the field. As previously discussed,

it is import<'1nt to be able to assess the effect of initial shear stresses on the cyclic resis

tance of a soil because all of the large scale failures that are listed in Table 1.1,

occuned on sloping ground and it may well be that non-seismically-induced ground

vibrations are only capable of liquefying sands under these conditions.

In spite of the drawbacks as~iated with using the shear strain approach to

evaluate the liquefaction potential of soils under the effects of non-seIsmically-induced

ground vibrations, this approach might still be more appropriate than using the shear

stress approach because of the high frequency content of these ground vibrations. At
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such high frequencies, inertial effects of the soil mass are likely to become imponant

and thus cyclic shear strain might provide a bener indication of the distress felt by the

soil rather than applio:d cyclic shear stress. The existence of a threshold strain is also

likely to be useful when evaluating the liquefaction potential of ground vibrations gen

erated by non-seismic sources because the cyclic shear strains associated with these

motions are often similar in amplitude to the threshold strain.
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CHAFfER 4

Measurement of Ground Vibration Amplitudes Produced by Trains

4.1. Introduction

As previously noted in Section 2.8, the belief that ground vibrations produced by

trains have caused large-scale liquefaction failures appears to be inconsistent with the

relatively small amplitudes (of the train-induced ground vibration records) that are

reported in the literature. For example, Ames et al. (1976) report that a diesellocomo

tive generated peak particle v~locities of about 3.9 mrn/sec (0.153 inches/sec) at a dis

tance of 2 meters from the U'acks. Not only are ground vibrations of this size smaller

in amplitude than the ground shaking generated by pieces of consU'Uction equipment

such as jackhanuners, but they are also probably incapable of causing liquefaction.

Therefore, in an attempt to resolve this inconsistency, it seemed appropriate to measure

the amplitude Of train-induced ground vibrations in the field and hence detennine

whether aetuallevels might exceed the levels of ground vibration reponed to date.

To throw some light on this issue, 24 sets of train-induced ground vibration

records were recorded at a number of sites and at different distances from the tracks.

The results of this investigation are presented in this chapter.
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4.2. Vibration Recording Equipment and Data Reduction Procedure

The ground surface accelerations that were generated by the passage of each train.

were measured with a force balance accelerometer that was capable of recording

motions with amplitudes in the range of ±2g. Accelerometers of this type have

several advantages in that they are highly stable, well calibrated and accurate; however

their use may be restricted in some ;mtances since they require a power supply to gen

erate a signal. Because the battery inside the recorder was only capable of supplying

power to the accelerometer for about 3 hours, and the investigator often spent more

than 7 hours a day recording in the field, the power to the accelerometer was turned

off between events and the recorder was manually triggered before the arrival of each

train. In contrast, the velocity meters that were also used in the investigation do not

require a power supply and thus can be left in the field for extended periods of time

with their recorders being set to trigger automatically when the ground shaking

exceeds some predetennined base level.

In addition to the surface acceleration records. ground surface veloc.. .;cords

were also obtained during the passage of the same trains. The meter used to record

these motions had a velocity gain that was constant for all motions with frequencies

above 4.5 Hz but decreased linearly with respect to the log of the frequency at a rate

of 12 dB per octave for frequencies below this value. The weakened response for low

frequency motions was corrected for when the records were analyzed by enhancing the

response of the low frequency components. It is worth noting that the accelerometer

used in this investigation provided an acceleration gain which was constant for all

frequencies less than 50 Hz.
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On arrival at each site, both the accelerometer and the velocity meter were buried

about lOOmm below the ground surface. This was done to ensure a finn contact with

L'le ground. Similarly, the wires connecting these instruments to their respective

recorders were also buried, so that swaying of the wires did not generate additional

motions in the records. Both instruments were oriented so as to record the following 3

perpendicular componenl:S of ground motion: the vertical compone:tt, and two horizon

tal components perpendicular and parallel to the track.

The ground shaking was recorded (onto digital quality tape cassettes) by modified

Sprengnether DRloo Digital Event Recorders which sampled each of the 3 input chan

nels at a rate of 200 samples per second. Since these recorders were equipped with a

5 pole low pass filter at 50 Hz and a 2 pole high pass filter at 0.2 Hz, motions with

frequencies outside the range of 0.2 to 50 Hz were heavily damped in the digitized

records. The DRloo is a ponable instrument which weighs about 35 lbs and therefore

was easily moved from site to site.

The ground vibration records were subsequently transferred onto the NMM com

puter at the Lawrence Berkeley Laboratory (LBL) where the digitized motions were

analyzed with the aid of the computer program OPSAS (property of the Center for

Computational Seismology at LBL). OPSAS was used to plot both acceleration and

velocity time histories for the recorded ground motions and to produce Fourier ampli

tude spectra for portions of these records. 1be portions of strongest shaking for each

record were subsequently transferred to a MicroVax workstation in the Civil
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Engineering Deparnnent at V.C. berkeley where acceleration response spectra were

generated for the shortened records.

4.3. Ground Vibration Amplitudes

TIle 24 sets of train-induced ground vibration records that were obtained during

this investigation were recorded on level ground at distances of 6.7m. 7.3m. 9.8m.

13.7m, and IS.Sm from the ne~st rail. These records were generated by the passage

of 4 passenger trains and 20 might trains and were recorded at the following 4 sites:

Site No.1: adjacent to the Southern Pacific Railroad track in Albany. Cali·

fornia.

Site No.2: adjacent to the Southern Pacific Railroad tracks. southeast of

Brentwood in the San Joaquin River Delta ~a of Northern California

Sites Nos. 3 and 4: adjacent to the Atchison Topeka and Santa Fe Railroad

tracks, northeast of Brentwood.

1be railroad tracks at 3 of these sites were located on top of 1.5m high and 205m high

embankments which appeared to consist predominantly of sand or gravelly sand and

were capped with approximately O.7m of rock ballast. The tracks at the fourth site,

the Albany site, were level with the surrounding ground.

In order to provide the reader with a feel for the natUre of the ground shaking

generated by trains, a typical ground surface acceleration record is shown in Figure

4.1. This motion was generated by a 4 engine, 49 car freight train passing over a 1.5
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meter high embankment and was recorded at a distance of about 7.3 meters from the

train; the three acceleration time histories shown in the figure jepict the vertical com·

ponent and the two horizontal components (perpendicular and parallel to the track) of

the resulting ground motion. The period of strong shaking seen at the beginning of all

3 traCeS was generated by the engines, while the remainder of the record was gen·

erated by the passage of the railroad cars.

For all but two of the records that were obtained. the ground vibrations generated

by the engines werl; fClUJld to be significantly larger in amplitude than those generat~d

by the cars (as shn'~ b Figure 4.1. for example). Such an observation was expected

for the following reason: higher axle loads appear to generate ground vibrations of

~ater amplimdes. and the axle loads for most locomotives are thought to be

significantly larger than the axle loWs for most railroad cars. few of which are

designed to withstand axle loads in excess of 22 toMes per axle. By way of a com

parison, the axle loads for a typical axle locomotive are reponed to be about 28 tonnes

per axle (Szerety, 1985).

The observation that railroad cars generated higher levels of acceleration in two

of the records can most likely be attributed to a combination of high axle loads and

different suspension design. Unfortunately, this supposition carmot be confinned since

neither the axle loads nor the suspension design are known. As noted in Section 2.8,

Griffin and Stanworth attribute the higher vibration levels generated by certain engines

to the higher unsprung masses of these engines, implying that train-induced ground

vibration levels are a function of both axle weight and suspension design.
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The regions of strong shaking for each of the three components shown in Figure

4.1, are also shown in Figure 4.2. When ploned to this time scale, the true cyclic

nature of train-induced ground vibrations is readily apparent. Since it appears that all

three components contain fairly dominant predominant frequencies, it seems reasonable

to conclude that such vibrations may be modelled fairly realistically by a sinusoidal

motion of single frequency. an approach used later in this investigation. As is typical

of many of the records, the average level of shaking generated by the engines is shown

to be about SO% less than the peak ground surface accelerations.

Examination of the records also revealed that close to the tracks (about 7 meters

from the nearest rail), the accelerations associated with the vertical components of

shaking were significantly larger than those associated with the horizontal components

of the same motion. At this distance, for example, the amplitudes of the horizontal

accelerations measured both perpendicular and parallel to the track, appear to be about

20% and 40% smaller on average, respectively, than the corresponding vertical ground

surface accelerations. This difference in amplitude between the three perpendicular

components was noted to be significantly less at greater distances (about 15m) from

the trades, a change which may well be due changes in the frequency content of the

vertical components of motion (noted in Section 4.4). The generally similar ampli

tudes for the three components of recorded motions was also noted by Griffin and

Stanworth (1985) who repon that trains produce vertical vibrations which are roughly

equal in amplitude to the two horizontal components, measured perpendicular and

parallel to the tracks.
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The influence of train speed on ground vibration levels was also examined; how

ever no finn conclusions could be drawn from the data due to the following rea

sons:(l) the small differences in speed between the trains measured at the three San

Joaquin River Delta sites and (2), the large nwnber of other factors which also

influence ground vibration levels. Comparisons between the motions recorded at the

Albany site and those recorded at the San Joaquin River Delta sites revealed that the

average amplitude of shaking at the Albany site was approximately 30% less than the

average amplitude of the vibrations recorded at the other sites (after the effect of

attenuation was accounted for); while this reduction in amplitude might be due to

slower train speeds at the Albany site it may also be due to significantly different soil

conditions.

1be peak ground surface accelerations that were generated by the passage of each

train are plotted in relation to the distance, d, at which they were recorded from the

nearest rail (see Figures 4.3 and 4.4). When presented in this manner, the data shows

a rapid reduction in the magnitudes of the accelerations with increasing distance from

the track. It should be pointed out that these figures cannot be used to accurately

determine the field attenuation rates for the various sites because each data point

represents the passage of a different train and the accelerations were recorded at four

different sites. Nonetheless, a rough estimate (of these rates) can probably be obtained

from the upper and lower bound curves that are fitted to the data (also shown in Fig

ures 4.3 and 4.4). These curves imply that at least in the near-field region, the ampli

tudes of train-induced ground vibrations attenuate at some rate proportional to about

d-1.4•
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The data shown in Figures 4.3 and 4.4 were obtained from ground vibration

records recorded at distances of between about 7 meters and 15 meters from the tracks.

Since such distanc:s are small in relation to the length of an average freight train

(likely to be about 600m). it might seem reasonable to model trains as line sources in

this region. However if this is so. then the contention (made and supported in Section

5.2) that train-induced ground vibrations consist predominantly of Rayleigh waves

might appear to be somewhat inconsistent with the attenuation rate determined above.

For example. Rayleigh waves generated by a true line source within an ideal.

undamped. elastic. homogeneous half-space do not attenuate with distance from the

source.

This seemingly high rate of attenuation is possibly due to a combination of the

following:

1) Oose to the tracks a significant portion of the ground motions is likely to

consist of body waves and these waves attenuate in amplitude at a much

faster rate than Rayleigh waves.

2) The natwe of the data shown in Figures 4.3 and 4.4. As previously men

tioned. the data shown in these figures represent the peak particle accelera

tions generated by the passage of each train. These peak values were usu

ally significantly larger than the average level of shaking generated by

either the engines or the railroad cars (see Figures 4.1 and 4.2), thereby

suggesting that they were probably generated by a point source such as a
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wheel flat or an uneve'l rail joint. Rayleigh waves generated by this type of

source attenuate at a significantly faster rate than those generated by line

sources, due to geometrical damping.

In reality, trains can probably be most accurately modelled as a line of point sources

with random phasing rather than as a true line source where all points move in phase

with each other. However, such a problem is likely to be difficult to analyze since the

locations of the point sources vary with time.

Later in this investigation, the average levels oi ground shaking are assumed to

attenuate at a rate proportional to d-1.4. This ra'.e was chosen, ever. though it was

believed that these levels should attenuate at a slower rate than the peak accelerations,

because for most sites liquefaction is only predicted to occur within about 6m from the

rail. In this region, the ground motion is likely to contain a higher proportion of body

waves than at distances of even 7 to 15 meters from the tracks, leading to a higher rate

of attenuation in the near-field. This effect may be compensated for by the lower rate

of attenuation for average levels of shaking.

It is interesting to note that jud!,:.ng by the peak particle accelerations plotted in

Figures 4.3 and 4.4 and the rates of attenuation implied by both the upper and lower

bound curves shown in these fig..tes, trains are probably capable of generating peak

panicle accelerations significantly in excess of O.lg at distances less than about 6

meters from the nearest rail. This point is mentioned because many people currently

believe that earthquake-induced ground vibrations with peak surface accelerations in

excess of 0.05g to a.lg (Section 6.2) are capable of liquefying the sands within certa'."l
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site~. However, a direct ar.alogy should not be drawn in this case because train

induced vibrations contain much higher predominant frequencies than seismic motions,

resulting in much smaller levels of induced cyclic shear strains and sttesses for the

same values of surface acceleration.

The peak panicle velocities generated at the ground surface by the passage of

each train were also measured and these values are shown in Figures 4.5 and 4.6. It

may be observed from these figures that as with the ground surface accelerations, the

amplitudes of the peak ground surface velocities generated close to the tracks were

also significantly larger than the amplitudeS reported in the literature. For example,

Ames et al report a peak panicle velocity of 3.9 mm/sec measured at a distance of

about 2 meterS from a diesel locomotive, a value which is significantly less than the

peak particle velocities of 20 mm1sec at 2m from the nearest rail suggested by Figure

4.6. Further, it is not only believed that velocities of the magnimdes suggested in this

figure lIe reasonable, but that these velocities may still underestimate maximum possi

ble vibration levels. These beliefs lIe based on the following observations: (I) Ames

et ai. (1976) also report a peak particle velocity of 1.4 mm/sec (0.055 ips) measured at

a distance of 30m from the tracks and this value lies slightly above the upper bound

line in Figwe 4.6 and (2) the rates of attenuation implied by the curves shown in Fig

ures 4.5 and 4.6 are less than than the rates implied by either Figure 4.4 or Figure 2.21

suggesting that if anything, this curve is likely to underestimate the amplitude of

ground vibrations generated close to the tracks.
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4.4. Frequency Content of Train-Induced Ground Vibrations

The dominant frequencies of the train-inc.uced ground vibration records were

determined by computing acceleration response spectra for the three perpendicular

components of ~ ach motion. These spectra show that close to the source, the predom

inant frequencies for the vertical components were usually significantly higher than the

predominant frequencies for either of the two horizontal components of the same

motion. As shown in Figure 4.7, the vertical components of these records typically

contained predominant frequencies of around 40 Hz while the horizontal components

contained predominant frequencies of either 23 or 33 Hz.

The response spectra shown in this figure represent typical spectra for each of the

3 perpendicular components of near-field train-induced ground motions. It may be

seen that the spectra for the two horizontal components of motion are somewhat simi

lar in shape. however it should be noted that in some cases they were significantly

different. This difference is also noted by Griffin and Stanworth (1985) who report

that spectra for horizontal motions recorded parallel to the track, often differ in shape

from those for the horizontal component of the same motion recorded perpendicular to

the track.

In contrast to train-induced ground shaking recorded close to the source, the

predominant frequencies of the vertical components of motions recorded at greater dis

tances (about 15,5 meters from the tracks) were approximately equal to 23 Hz and

hence very close to the predominant frequencies of the two horizontal components.

This change in predominant frequency with distance, which is clearly illustrated in
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Figure 4.8, was attributed [0 the fact that higher frequency motions anenuate much fas

ter with distance than low frequency motions. Thus. at greater distances the low fre

quency motions tend to dominate.

It is wonh noting that most of the response spectra obtained in this investigation,

contain dominant frequencies of about 23, 33 and 40 Hz and that all three of these fre

quencies lie within the range of 10 to 60 Hz, proposed by both Griffin and Stanwonh

(1985) and Dawn and Stanworth (1979). The latter investigators also proposed a more

confined range of 10 to 20 Hz and stated that most of the peaks should occur within

this range; however this statement is not supported by the data recorded in this study.

Since most of the train-induced ground vibration records contain predominant frequen

cies around 23 Hz, and frequencies close to the predominant period of the site are

predicted to dominate the motion at greater distances from the tracks (as discussed in

Section 2.1), it might be inferred that the predominant frequencies of the sites were

approximately equal to 23 Hz.

In addition to computing acceleration response spectra for all of the train-induced

ground vibration records. the dominant frequencies were also determined by computing

Fourier amplitude spectra for the same motions and as shown in Figure 4.9. these latter

spectra revealed nlJmerOUS other dominant frequencies. Several attempts were made to

associate tI.ese frequencies with repeating features of the track; however all of these

attempts were unsuccessful and their failure was anributed to the fact that the speeds

of the trains that generated these vibrarions were not known, nor could they be deter

mined with an acceptable degree of accuracy from the ground vibration records.
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Because the DR 100 recorder contained a 5 pole. SO Hz low pass filter. none of the

records contained significant motions with frequencies greater than 50 Hz. a fact which

is clearly illustrated in Figure 4.9.

4.5. Summary

In summary. it may be stated that the amplitudes of train-induced ground vibra

tions recorded close to the tracks are significantly larger than the amplitudes reported

in the literature. For example. the upper bound curve shown in Figures 4.5 and 4.6

implies that at distances of about 2m from the nearest rail. trains may be capable of

generating ground shaking with peak particle velocities of about 20 mm/sec. This

value is significantly larger than the maximum peak particle velocity of 3.9 rnm/sec

(recorded at a di:>taIlce of 2m from a diesellucomotive) repolted by Ames et al (1976).

Furthennore. since these authors also report a velocity which lies slightly above the

upper bound curve shown in these figures. and the rate of attenuation implied by this

curve is less than the attenuation rate suggested by Figures 4.4. trains may well be

capable of generating ground vibrations with peak particle velocities which exceed the

values shown by the upper bound curves in Figures 4.5 and 4.6.

In addition to obtaining ground surface velocity records. ground surface accelera

tions were also recorded and the peak particle accelerations generated by the passage

of each train are plotted in Figwes 4.3 and 4.4. These figures show that trains appear

to be capable of genenting accelerations in excess of 0.1 g at distances closer than

about 6m from the nearest nil. thus supporting the corunon belief that trains are
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capable of inducing significant levels of ground vibration.

TIle horizontal components of the train-induced ground motions obtained in this

investigation were typically found to contain predominant frequencies of either about

23 Hz or 33 Hz. These frequencies are similar to the predominant frequencies of the

vertical components of motion recorded at distances of about 15m from the tracks, but

are significantly less than the predominant frequencies for the vertical components

measured close to the tracks (usually about 40 Hz).
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CHAPTER 5

Liquefaction Potential of Train-Induced Ground Vibrations

5.1. Introduction

1bc liquefaction potentials of sand deposits subjected to train-induced ground

vibrations wen: evaluated by following both the shear stress approach and the shear

strain approach (both of which lIe outlined in Chapter 3) and the results of these ana

lyses are presented in this chapter. The magnitude of the cyclic shear stresses and

cyclic shear strains pIedicted to be induced within these deposits wen: calculated

assumina that most of the energy impaned 10 the soil by trains is tranSmitted as Ray

leigh waves. 1be data on which this assumption was based and the procedure used to

calculate the amplitude of these stresses and strains lIe also outlw..d in Chapter s.

5.2. Prediction of Rayleigh Wave Cyclic Shear Strains

1bc assumption that train-induced ground vibrations consist predominantly of

Rayleigh waves is based on the findings of a theoretical study reported by Miller and

Pursey (1955). 1bese authors examined the case of a uniformly distributed circular

energy source, oscillating vertically on the surface of an ideal, homogeneous, isott'opic,

elastic half-space and concluded from their study that approximately two-thirds of the

energy imparted to the soil was ttansmitted as Rayleigh waves. S~lce the energy

imparted by trains is also applied venically at the ground surface. it seemed reasonable
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to assume that the ground vibrations generated by this source would also consist

pIedominantly of Rayleigh waves.

The predominance of this wave type is funher supported by ground motion

attenuation rates measured in the field. For example, Dalmatov et a1 (1968) conclude

from their measurements that most of the energy impaned [0 the soil by non-seismic

sources of vibration is transmitted as Rayleigh waves, and Lo (1976) was able to ade

quately predict the attenuation of ground vibrations generated by pile driving by using

an equation which was developed for Rayleigh waves.

Thus, based on the findings of the Miller and Pursey study, and supported by

field attenuation rates, it seemed most appropriate to compute the magnitudes of the

induced stresses and strains using Rayleigh wave theory, an approach which was

believed to be reasonably accurate at distances greater than about 10 to 15 meters from

the train and considered likely to become less accurate at distances closer to the

source.

In teality of course, the ground vibrations generated by non-seismic sources prob

ably consist of some combination of both surface waves and body waves. Therefore

any calculations made assuming one wave type can only furnish approxima~ values

for the actual levels of induced cyclic shear stress and strain. Despite this fact, the use

of such a simplistic approach may still provide an approximate basis for evaluating

these effects, even though the relative proportions of the various wave types are unk

nown. Thus, even if the other wave types wete taken into account these levels of

strain and stress could not be computed exactly. Use of this approach is further
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supported by the observation that the cyclic shear stresses and strains calculated

assuming Rayleigh wave theory appear to be similar in magnitude to the stresses and

strains calculated using body wave theory (discussed later in this section). Since most

ground motions consist predominantly of some combination of these two wave types,

the accuracy of this analysis was probably not reduced significantly by the simplifying

assumption.

The ground motions associated with each Rayleigh wave mode of vibration may

be described by the following equations, where Ux is the horizontal displacement, Uz is

the venical displacement, and 1 (z) and g (z) ~ the horizontal and vertical mode

shapes respectively:

where

"x (x,z,t) =/(z)' ei(e»t -A:x)

"z (x,z,t) =g(z)' ei(e»t -A:x)

CI) = frequency (rads/sec),
k = wave number,
z =depth,
x = horizontal distanCf;, and

f (z), g (z) ~ comple:o:: functions

5.1

5.2

In an ideal, homogeneous, elastic half-space, all Rayleigh wave motions propagate

with the same nonnalized mode shape; however, ir.. layeted media numerous Rayleigh

waves are generated with a wide variety of mode shapes. Each of these mode shapes

is associated with a couesponding eigenvalue, k (commonly teferred to as the wave

number), and it is this eigenvalue that determines the nature of the growid motion in
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this numerical fonnulation. Since k may be a complex number, fOllr wave types can

be distinguished in an undamped elastic medium (Waas. 1972):

a) If k is complex, i.e. k=k 1+ik2, and k1#O, k 2*O, the corresponding Rayleigh

wave motion propagates in the x direction with the phase velocity c = ro/k 1

and decays or increases in amplitude at an exponential rate of e lcz
.... For

every wave of this type, a "reciprocal" wave which has the same wave

n.unber with opposite sign (i.e. it propagates in the negative x direction

and attenuates at the opposite rate) also exists. These wave pairs transmit

the same amount of energy away from the source as back to the source,

resulting in no net energy transfer.

b) If k is real, i.e. k=k 1, and k 2=O, the resulting motion is a wave which pro

pagates in the x direction with constant amplitude and phase velocity c =

m/k 1. All horizontal displacements are in phase at a constant distan;e, x.

and ~ 90 degrees out of phase with the vertical displacements. Real

wa"'..s do not attenuate with distance and are the only wave types that

transmit energy away from the SOUICC.

c) If k is purely imaginary, i.e. k=ik2, and k2~' the moticn 'Iaries exponen

tially in the x direction and does not propagate. No energy is transmitted.

d) If k =0 the grou..Old motion is independent of distance, x, and degenerates to

a one-dimensional standing Wlive. This type of wave can only occur at cer

tain "natural" frequencies of .1 layered medium over a rigid base. It is not
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likely to be generated by the dynamic loading in question.

Most of the energy impaned to a soil by a source goes into exciting the lower modes

of vibration and in a damped layered system such as a Sll.ld site, these modes tend to

be the lower complex modes. However, provided that the damping is small (as is the

case for train-induced ground vibrations) the imaginary parts of the wave numbers for

these modes are also very small. Further, these modes are similar in shape to the real

nlodes computed for an undamped system. Thus it seems appOOFriate to predict the

levels of cyclic shear strain generated within a real system using the real modes deter

mined for an undamped system.

The various mode shapes predicted to exist within an undamped layered site can

be computed using the finite element program GROUND-2D. This program (which is

still under development at U.C.Berkeley) is based on a computer program written by

Waas (1972) and is being developed to pcrfonn 2-dimensional site response analyses

for sites subjected to shaking by surface waves. Once the mode shapes are known, the

cyclic shear strains that are associated with each Rayleigh wave mode of vibration can

be calculated using Equations 5.3 and 5.4:

max "190" = I "1u I= II'(z) - i . J; • g(z) I 5.3
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max"fw = I 145- I = Ik . f (z) - i . g' (z) I 5.4

where 'Yzx = horizontal and venical shear strain,
145. = shear strain on a 45° plane. and

J'(z), g' (z) = derivatives of f (z), g (z) w.r.t. Z

Derivations for both of these equations are provided in the Appendices. It can be

shown that the maximum strains induced by Rayleigh waves occur on either the verti-

cal and horizontal planes, or the 4S degree plane.

Because GROUND-2D perfonns an elastic analysis using constant values of shear

moduli, and the shear moduli of sands are strain dependent, the site response was

detennined iteratively. The values of shear moduli used as input for each iteration

were detennined from Figure 5.1, using the shear strains computed in the previous

iteration and the value of Gmu. calculated (using Equation 5.7) for each layer. The

analysis was stopped when the shear moduli varied in magnitude by less than 5%

between successive iterations since changes in modulus of this magnitude were judged

to have only a minor effect on the computed site response; site response is dependent

primarily on shear wave velocity which is a function of the square root of the !'hear

modulus.

Thus, estimates for Rayleigh wave motions likely to occur within a loose

(DR =3~% ) sand site were obtained by using GROUND-2D to compute the response

of the model site defined in Table 5.1. The depth of the model was chosen (using

Equation 5.5) to be slightly greater than twice the wavelength of the expected funda-
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mental mode of 'loration:

2 Vsit"
H>--

f
5.5

5.6

where H = depth of the site,
f = frequency (hz),

Vz = shear wave velocity at depth z, and
VsiU = average shear wave velocity for site

This was done to enswe that the base of the model did not inftuence either the wave

number or the mode shape for this mode.

As shown in Table 5.1, the model site was divided into 20 layers which ranged in

thickness from 2 inches at the surface to 130 inches at the base. The small strain

shear moduli for each of these layers were calculated from the following equation

assuming that (K2)m1X =37 (after Seed et aI, 1984, for a sand with DR =35%):

1

G max = 1000 . (K2)mu. • (<J"III ) 2
5.7

where
and

G IIWl = shear modulus for sand (pst)
<J"III = mean effective stress (pst)

1he computer analyses were perfonned with the aid of Mr. Nan Deng and were super-

vised by Professor 1. Lysmer.



167

Table 5.1 ; Model Site Used to Compute Rayleigh Wave Mode Shapes

Layer No. Layer Depth to Base Density V. Vp
Thickness (ft) of Layer (ft) (pet) (fps) (fps)

1 0.1667 0.1667 120 130 5000

2 0.2500 0.4167 120 182 SOOO

3 0.3333 0.7500 120 214 5000

4 0.4167 1.1667 120 240 5000

5 0.5000 1.6667 120 259 5000

6 0.5833 2.2500 120 275 5000

7 0.6667 2.9167 120 291 5000

8 0.7500 3.6667 120 308 5000

9 0.8333 4.5000 120 331 5000

10 ooסס.1 5.5000 120 357 5000

11 1.1667 6.6667 120 392 5000

12 1.3333 OOסס.8 120 411 5000

13 1.5000 9.5000 120 434 5000

14 1.6667 11.1667 120 454 5000

15 OOסס.2 13.1667 120 478 SOOO

16 2.5000 15.6667 120 499 SOOO

17 3.3333 OOסס.19 120 522 5000

18 OOסס.5 OOסס.24 120 550 5000

19 7.5000 31.5000 120 586 5000

20 10.8333 42.3333 120 629 5000
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The three real modes of vibration computed to occur within the model sand site

are shown in Figures 5.2, 5.3 and 5.4; the horizontal mode shapes, f (z) are shown as

solid lines and the vertical mode shapes. g (z) are shown as dashed lines. These waves

were detennined for a peak ground surface acceleration of O.lg and a ground vibration

frequency of 20 Hz. The magnitudes of the induced cyclic shear strains associated

with each of these modes were computed from Equations 5.3 and 5.4 by scaling both

the vertical and the horizontal mode shapes (for each mode) by the same factor to give

a peak horizontal ground surface acceleration of O.lg. These strains are shown in Fig

ures 5.5, 5.6 and 5.7.

A further 9 complex modes and 19 purely imaginary modes were also generated

by the computer analysis. However these modes were not included in the analysis

because it would have been both unnecessary and impractical to try to combine all 31

Rayleigh wave modes in varying proportions (as discussed later). The justification for

neglecting these modes is provided by the following observations:

1) Both the complex and the purely imaginary modes attenuate very rapidly

with increasing distance from the source, and

2) in a similar manner to the earthquake response of structures, most of the

energy imparted to the soil by a source goes into exciting the lower modes

of vibration. Successively smaller amounts of energy go into exciting the

higher modes. Thus, since the real modes are the first, second and third

modes of vibration, these three modes will probably tend to dominate the

resulting ground motion.



169

Dimensionless Scale

03.002.001.000.00-1.00
I I I I

~
I I I I

I
I

\I- \ -
\
\
\

I- , -
\
\
\ Horizontal component

I- \ -
\,

I- \ -
\ Vertical component
\
\

- \ -
\
\

- \ -
\
I
I

- I -
\ Phase Velocity - 402 fps.
I
I Wavelength - 20.1 ft.- -I
I
I

- I -
I
I

I I I I 1 I I

7.5

2.5

-2.00
0.0

5.0

22.5

20.0

25.0

17.5

10.0--.
~

Ql
Ql-...-

12.5
.J:....
a.
Ql

Q 15.0

IG 5.2 HORIZONTAL AND VERTICAL MODE SHAPES FOR 11iE FIRST REAL
RAYLEIGH WAVE MODE OF VIBRAnON.



170

Dimensionless Scale

3.002.001.00

Phose Velocity - 594 fps.

Wavelength - 29.7 ft.

-- Horizontal component

\
I
I
I
I
I
I
I
I,
I
I
I
I
I,
I,,

I,

,, , , , ,,
\

\

-1.00 0.00

Vertical component

2.5

7.5

-2.00
0.0

5.0

22.5

20.0

17.5

10.0-..
~

Q.)
Q.)-.....--

12.5
L:
4J
a.
Q)

Q 15.0

25.0

FIG 5.3 HORIZONTAL AND VERTICAL MODE SHAPES FOR TIlE SECOND REAL
RAYLEIGH WAVE MODE OF VIBRATION.



171

Dimensionless Scale

J.OO2.00

1,1 J2 fps.

- 56.6 ft.

1.00

Phose Veloc:ty 

Wavelength

,'"--- Vertical component

~--Horizontal component

I
I

I
I

I

0.00

I
I

I
I

I
J

J

I
I
I
I
I
I
I
I,
I
I
I
\

-1.00

7.5

2.5

-2.00
0.0

5.0

20.0

17.5

22.5

10.0--eu
eu-.......,

12.5
.c......
Q.
Q)

0 15.0

25.0

FIG 5.4 HORIZONTAL AND VERTICAL MODE SHAPES FOR TI-IE THIRD REAL
RAYLEIGH WAVE MODE OF VIBRATION.



172

Shear Strain (percent)

0.020.01

..... ..... .....
.....

" '\
\

\
I
I
I
J

I
I

I
I

I
I

I
I

I
I

I
J

J
I
I
I
J
I

J
I
I
I
I
I

).00

-
-0.01-0.02

Maximum shear strains
on the horizontal and
vertical planes. ---_~

Uaximum shear strains
on the 45 degree planes. -~-.....-.~

7.5

-0.03
0.0

5.0

2.5

20.0

12.5

25.0

17.5

15.0

22.5

10.0

.s:::.
+'
Q.
Q)

Cl

FIG S.S MAXIMUM CYCLIC SHEAR STRAINS GENERATED BY 1liE FIRST
REAL RAYLEIGH WAVE MODE OF VIBRATION. FOR A PEAK
GROUND SURFACE ACCELERATION OF O.lg.



173

Shear Strain (percent)

-0.03 -0.02 -0.01 0.00 0.01 0.02
0.0 I I I I I( I \ I I

I
/

2.5 f- I -
I

\
I

I
5.0 I- Uaximum shear strains I -

on the horizontal and I
vertical planes.

\
I

I
7.5 l- I -

I
/

10.0 l- I -......... I+I
Q) IQ)-.......,

12.5 I- -
.c:-Q.
Q)

IQ 15.0 f- -I
I

Ltoximum shear strains J
17.5 l- on the 45 degree planes. -I -

20.0 I-

22.5 f-

25.0 I , , I , I , ,

-

-

FIG 5.6 MAXIMUM CYCLIC SHEAR STRAINS GENERATED BY TIlE SECOND
REAL RAYLEJGH WAVE MODE OF VlBRATION. FOR A PEAK
GROUND SURFACE ACCELERATION OF 0.]8.



174

Shear Strain (percent)

0.020.01

I
I

I
/

I
/

\
\
\
\
\

0.00-0.01-0.02

Maximum shear strains
on the 45 degree planes. -_....,

Uaximum shear strains
on the horizontal and
vertical planes.-----~

7.5

2.5

5.0

-0.03
0.0

20.0

10.0

12.5

17.5

15.0

22.5

I
I
1
I
I
I

25.0

FIG 5.7 MAXIMUM CYCLIC SHEAR STRAINS GENERATED BY TIlE rnIRD
REAL RAYLEIGH WAVE MODE OF VIBRATION. FOR A PEAK
GROUND SURFACE ACCELERATION OF 0.18.



175

Thus, the cyclic shear strains induced within the site are predicted to be some

combination of the strains (shown in Figures 5.5, 5.6, and 5.7) associated with the

three real modes of vibration. Unfortunately the exact magnitude of these induced

strains cannot be detcnnined because the computer analysis provides no information on

the relative proportions of ground shaking generated by each mode. It should be

pointed out that the lines shown in Figures 5.2, 5.3, and S.4 merely depict the relative

amplitudes of the vertical component of ground motion with respect to the horizontal

component of ground motion for the same mode of vibration.

In order to overcome this limitation. it seemed most appropriate to calculate an

approximate upper bound for the magnitude of the cyclic shear strains likely to be

induced at the site. This upper bound was obtained by combining the three real modes

of vibration in vlI)'ing proportions which satisfied the ratio of vertical ground motion

to horizontal ground motion at the ground surface (as dctennined from the train

induced ground vibration records described in Chapter 4), while still maintaining a

peak horizontal sround surface acceleration of O.lg. Examination of the train-induced

ground vibration IeCords revealed that on average, the vertical ground surface accelera

tions generated by trains were approximately 20% greater in .-.mplitude than the hor

izontal ground surface accelerations measured perpendicular to the track.

'The cyclic shear strains associated with the six modal combinations (that satisfied

the constraints described above) were calculated by superimposing the strains com

puted for the three real modes of vibration (shown in Fi~s 5.5. 5.6 and 5.7). These

combined strain profiles were then compared and the maximum strains generated at
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any given depth were detennincd. Figure 5.8 shows the maximum cyclic shear strains

generated on horizontal planes at various depths in this deposit, while the curve shown

in Figure 5.9 depicts the maximum cyclic shear strains that were predicted to be gen

erated on 45 degree planes. It is worth noting at this point that while the curves

shown in Figures 5.8 and 5.9 are believed to provide an approximateJpper bound for

the levels of induced cyclic shear strain, the strains implied by these curves are prob

ably not significantly larger in magnitude than the actual cyclic shear strains induced

within the site. Such a belief is held because the three real modes of vibration pro

pagate with different wavelengths and therefore probably combine in widely varying

proportions at different distances from the tracks.

Having completed the Rayleigh wav~ analysis (of the 13 meter, 35% relative den

sity sand site) and calculated what appears to be a reasonable estimate for the magni

tudes of the cyclic shear strains actually induced within the site by train-induced

ground vibrations with peak ground surface accelerations of about 0.18, it was decided

to repeat the analysis assuming that the ground motions consisted entirely of vertically

propagating shear waves. This latter analysis was perfonned in order to compare the

levels of cyclic shear strain induced by the two wave types, and hence assess the effect

of the initial assumption that most of the energy imparted to the soil by trains was

transmitted as Rayleigh waves.

The magnitudes of the cyclic shear strains induced by vertically propagating shear

waves, were determined by creating an anificial sinusoidal ground vibration record and

then deconvolving the motion down through the site using the computer program
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SHAKE. This ideal surface motion was chosen to have a constant amplitude of O.lg

and a predominant frequency of 20 Hz. The strains calculated by this approach are

shown by the dashed line in Figure 5.10, and are presented together with the approxi

mate upper bound curves that were computed using Rayleigh wave theory (also shown

in the previous figure). It should be pointed out tho t the unusually low values of shear

strain at depths of about 7.5 ft and 19 ft indicate the presence of nodes at these points

and are due to the fact that the input motion from which the site response was calcu

lated, was a pure 20 Hz motion. With a less unifonn frequemcy :dS is present in train

vibrations, this marked difference at a depth of 7.5 ft would be ameliorated.

The effect of using an ideal 20 Hz, sinusoidal record to predict site response was

investigated by comparing the cyclic shear strains compmed for the ide:ll motion with

those computed by assigning actual train-induced ground vibration records as the

ground surface motions. All records were scaled to give the same peak horizontal sur

face acceleration of O.lg. As shown in Figure 5.11, it was found that the shear strains

associated with the ideal surface motion ate somewhat higher than those associated

with the actual train-induced records. This is probably due to the higher predominant

frequencies of the latter records. As is expected, the nodes aIC no longer evident at

depths of about 7.5 ft and 19 ft because of the range of frequencies present in the real

motion. The train-induced ground motion used to compute the strains shown in Figure

5.11 was recorded parallel to the tracks.

From the comparisons shown in Figure 5.10 it may be concluded that:
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The maximum cyclic shear strains calculated using venically propagating

shear wave theory are quite similar in magnitude to the upper bound cyclic

shear strains calculated using Rayleigh wave theory.

2) Since both Rayleigh wave theory and venically propagating shear wave

theory (V.P.S.W. theory) predict similar levels of induced cyclic shear

strain. and most ground motions are believed to consist predominantly of

some combination of surface waves and body waves, it seems probable that

the magnitudes of the strains calculated using Rayleigh wave theory are

close in magnitude to the strains actually generated by train-induced ground

vibrations.

Thus, based on the above conclusions, and given that V.P.S.W. analyses require

significantly less computational effon to perfonn than Rayleigh w:J.ve analyses, it

seemed appropriate to use venically propa!; ting shear wave theory to estimate the

magnitude of the cyclic shear strains generated by trains for the remainder of the ana

lyses. The observation that both theories predict similar levels of induced cyclic shear

strain seems plausible since most of the energy transmitted by Rayleigh waves is pro

pagated at depth where the shear modulus of the sand is higher. Therefore, the deeper

layers drive the motions in the layers closer to the surface in a similar manner to that

developed by near-vertically propagating shear waves.
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5.3. Evaluation of Liquefaction Potential Using the Shear Strain Approach

In light of the above results, the liquefaction potentials of sand sites subjected to

train-induced ground vibrations were evaluated by first estimating the levels of induced

Rayleigh wave cyclic shear strains using vertically propagating shear wave theory.

These levels were then compared with the levels of cyclic shear strain required to

liquefy the sand in-situ. Comparisons were made at distances of 10 and 20 ft from the

nearest rail but were not undenaken at distances closer to the tracks since it is believed

that in this near-field range, the soil behavior is likely to be dominated by the weight

of the train. Szerdy (1985) has already shown that these static stresses are capable of

causing liquefaction of saturated sand embankments.

The magnitudes of the strains induced at these distances were computed by scal

ing the 20 Hz record to produce motions of different amplitudes and deconvolving

these motions down through the site using the computer program SHAKE. The

acceleration amplitudes were determined with the aid of Figure 4.4 which indicates

that trains are probably capable of generating peak ground surface accelerations of

about 0.3g and O.lg at distances of 10 ft and 20 ft from the nearest rail respectively.

These accelerations were reduced by 50% to represent average levels of shaking and

thus ideal sinusoidal surface motions with maximum amplitudes of 0.15g and 0.05g

were applied at distances of 10 ft and 20 ft from the .:racks respectively. Examination

of the train-induced ground vibration records presented in Chapter 4 revealed that the

average level of ground shaking generated by the engines was typically half the peak

panicle acceleration.
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The 20 Hz frequency chosen for the sinusoidal surface motion was determined

from the acceleration response spectra computed during this investigation. These spec

tra show that most of the train-induced ground vibration records contain dominant fre

quencies of about 40 Hz, 33 Hz and 23 Hz (as discussed in Section 4.4 and shown in

Figures 4.7 and 4.8). Because several of the ground vibration records contained dom

inant frequencies of approximately 20 Hz, and the magnitude of the bduced cyclic

shear strains was found to drop significantly as the frequency of the input surface

motion was increased, while holding the peak ground surface acceleration constant, it

seemed most appropriate to use an artificial surface motion with a frequency of 20 Hz

in the analyses.

'The cyclic shear strains computed using one dimensional vertically propagating

shear wave theory to occur within a 35% relative density saturated sand site (with a

water table at the ground surface) at distances of 10 and 20 ft from the tracks are

shown by the solid lines in Figures 5.13 and 5.14 respectively. These curves were

then adjusted (with the aid of the comparison presented in Figure 5.10) to determine

estimates for the magnitudes of the Rayleigh wave-induced cyclic shear strains at these

distances, and hence what are believed to be reasonable values for the actual levels of

train-induced shear strains. TIle estimated Rayleigh wave strains are shown by the

dashed lines in the same figures. The same procedure was also used to estimate the

magnitudes of the Rayleigh wave cyclic shear strains likely to be induced within the

same sand site with water tables at depths of 2.0 ft and 5.0 ft and the results for all

three site conditions are sumnwiz.cd in Figures S.15 and 5.16.
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As shown in these figures, the magnitudes of the cyclic shear strains predicted to

be induced within level, loose sand deposits are relatively small. In fact, even at dis

tances as close as 10ft from the nearest rail these strains are not predicted to exceed a

value of about l.5xl0-2%, a Strain which is only slightly larger than the threshold

strains of many sands. For example, the threshold strains for most of the sands for

which data are presented in Table 3.2, may be seen to be about 1.0xlO-2%. In addi

tion, experimental data has shown that even after 100 cycles of loading at a maximum

strain of 1.5xlO-2%, the pore pressure ratio generated within a 45% relative density

Monterey No. 0 sand sample did not exceed a value of about 0.1 (refer to Figure 3.9).

Since changes in the relative density from 45% to 80% have been shown to have a

relatively minor effect on the rate of pore pressure build-up at such low strain levels

(see Figure 3.7), it seems likely that the excess pore pressures generated within loose

(DIl=35%) sand samples would also be small.

Thus it appears that according to the shear strain analysis, the ground vibrations

generated by trains are not only incapable of liquefying level, loose sand deposits

located at distances greater than about 10 ft from the nearest rail, but they are also

probably incapable of generating significant pore pressures within sands at these dis

tances. Such a conclusion is consistent with the observation that no case histories are

known to have been reported where ground vibrations generated by trains have

liquefied level sand sites.
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5.4. Evaluation of Liquefaction Potential Using the Shear Stress Approach

The liquefaction potentials of sand deposits subjected to train-induced ground

vibrations were also evaluated using the shear stress approach. This approach was

employed for the following reasons: (1) in order to compare the conclusions reached

by following both the shear strain and the shear stress approaches and (2), to enable

the effects of initial static shear stresses on the liquefaction potential of the deposits to

be taken into account. The ability to account for these stresses was perceived to be

important because all of the large-scale liquefaction failures listed in Table 1.1

occurred on sloping ground, and it was believed that non-seismic sources of vibration

might only be capable of liquefying sands that were subjected to high initial shear

stress/normal stress ratios.

The magnitudes of the induced cyclic shear stresses predicted to occur within the

35% relative density sand site were calculated from the values of induced cyclic shear

strain shown in Figures 5.15 and 5.16. These stresses were computed with the aid of

the Seed and Idriss (1970) curve of nonnalized shear modulus versus cyclic shear

strain (shown in Figure 5.1) and the values of the maximum (i.e. small strain) shear

moduli calculated from Equation 5.7. The induced cyclic stress ratios calculated by

this approach and shown in Figures 5.17 and 5.18 were subsequently compared with

the levels of cyclic stress ratio that were thought to be capable of inducing liquefac

tion.

In conttaSt to the shear strain approach, wheIe the value of threshold strain

appears to be independent of the number of cycles of applied loading, the level of
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cyclic shear stress thal. is required to liquefy a sand is heavily dependent on this

number of cycles. Therefore, before the level of required shaking could be detennined

it was necessary to estimate the number of representative cycles of loading likely to be

produced by an average freight train. Based on the observation that freight trains of

moderate length are typically powered by four engines which generate about 5 seconds

of strong ground shaking, and given that these motions are represented by an ideal 20

Hz sinusoidal surface motion, it seemed reasonable to assume that the passage of such

a train would generate about lOO representative cycles of shaking.

While it might appear from this description that the ground shaking generated by

railroad cars was ignored, this is not the case. Rather, it was detennined that the shak

ing generated by the cars was likely to impose a relatively insignificant amount of dis

tress on the soil when compared to the amount of distress imposed by the engines.

This belief is based on the observation that the ground surface accelerations generated

by the cars were usually about one-half to two-thirds of the magnitude of the average

levels of shaking generated by the engines. Applied cyclic stress ratios, two-thirds of

the magnitude of the stress ratios required to induce liquefaction in 100 cycles are

probably incapable of liquefying the same sand in any number of cycles (see Figure

3.3).

The magnitudes of the applied cyclic st:ress ratios required to liquefy a 35% rela

tive density saturated sand deposit, in situ, were detennined approximately from the

field performance plots shown in Figwes 3.1 and 3.2. Given that the standard penetra

tion resistance of such a sand is approximately equal to 5 (for a DR:: 35% sand), the
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cyclic stress ratio required to liquefy this sand in 15 cycles of loading is estimated

(from Figure 3.1) to be about 0.07. S:nce trains typically generate around 100

representative cycles of loading, and the stress ratio required to liquefy a sand in 100

cycles is about three-quaners of that required to liquefy the same sand in 15 cycles

(see Figure 3.3), the value obtained above was multiplied by a factor of 0.75. There

fore the applied cyclic stress ratio required to liquefy a 35% relative density saturated

sand (subjected to an overburden pressure of approximately 1 ksc) in-situ in 100

cycles, was estima~d to be 0.07xO.75 = 0.05. The resulting values of cyclic loading

resistance plotted as the dashed lines in Figures 5.19, 5.20, and 5.21 were obtained by

adjusting this value of 0.05 for overburden effectS using the values of K 0 shown in

Figure 3.4.

It may be seen from these figures that analyses using the shear stress approach

indicate that trains be capable of liquefying sands within level sites to distances some

what greater than 10 ft from the tracks. For example, ground motions with peak sur

face accelerations of about O.04g are predicted to cause liquefaction within the upper 2

ft of a loose sand deposit (see figure 5.19), thereby suggesting that iiquefaetion may

occur within such deposits, provided that the water table is at the ground surface, at

distances as far as about 25 ft from the nearest rail (refer to Figure 4.4). Because the

stresses generated by Rayleigh waves decrease rapidly with depth, liquefaction is

confined mainly to the surface layen, and hence the maximum distance of liquefaction

is computed to be heavily depeocknt 00 the depth of the water table.
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The practical significance of this result, however, requires that consideration be

given to the effects of several other factors including: (1) the fact that very few rail

road tracks are likely to pass over 35% relative density sand deposits; (2) the water

table at most sites is very rarely coincident with the ground surface; and (3) most

sands adjacent to railroad tracks have probably been subjected to a significant number

of cycles of prior shaking during construction and during the passage of trains. The

effects of these additional factors may cause the pIece ~lg analytical results to be more

apparent tha- ~al.

The effect of water table height on the liquefaction potential of sand deposits sub

jected to train-induced ground vibrations is illustraLed in Figures 5.19, 5.20 and 5.21.

These figures show that as the depth of the water table (below the ground surface) is

increased, the level of shaking required to induce liquefaction is also increased, result

ing in a marked reduction in the maximum distance at which liquefaction is predicted

to occur. For example, the cyclic shear stresses induced within a level sand site with a

water table at a depth of 5 ft, at a distance of 10 ft from the tracks, are unlikely to

exceed the levels of applied cyclic shear stress required to liquefy a 35% relative den

sity sand (Figure 5.21). In comparison, when the water is at the ground surface,

liquefaction is predicted to occur at distances as great as 25 ft from the tracks (see Fig

we 5.19). Since the water tables at most sand sites are located significantly below the

ground surface, liquefaction is unlikely to occur at distances of 25 ft for the majority

of level sites.
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The other factor which can be expected to affect (increase) the liquefaction resis

tance of a loose satur..ted sand deposit is prior shaking, and this effect was taken into

account by adjusting the liquefaction resistance values as described later. The effect of

prior shaking is particularly significant when analyzing tram-induced ground vibradons,

because (as previously noted) the prior passage of a single train may have generated

over 100 cycles of loading. Since water tables at, or above the ground surface (the

most critical case), are most likely to have arisen as a result of either flooding or

exceptionally high precipitation, the sand near the surface was probably shaken by the

passage of earlier trains while it was in an unsaturated state.

The effect of such dry pre-loading on the liquefaction resistance of loose sands

was examined by Szerdy (1985), who conducted laboratory tests on samples of

Sacramento River fine sand. These tests showed that the cyclic stress ratio required to

liquefy 35% relative density sand samples in 100 cycles, after 1000 cycles of dry

preloading at the same level of cyclic shear stress, is approximately 60% larger in

magnitude than the cyclic stress ratio required to liquefy the same sand, subjected to

no preloading, in the same number of cycles. Thus, the values of cyclic stress ratio

required to induce liquefaction (and shown in Figures 5.19, 5.20 and 5.21) were also

increased by about 60%. The modified values are plotted in Figures 5.22, 5.23 and

5.24 for comparison with the train-ir.duced stresses.

Examination of these latter figures shows that when the effect of prior shaking is

taken into account, the maximum distance at which liquefaction is predicted to occur is

significantly reduced. For example, Figure 5.22 implies that for level sites, even with
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a water table coincident with the ground surface. liquefaction is unlikely to occur at

distances greater thai'. about 15 ft from the tracks and that it is limited to the upper 6 ft

of the sand deposit at a distance of about 10ft from the tracks. In comparison, Figure

5.19 implies that trains might be capable of liquefying loose saturated sands (within

the same site) subjected to no preshaking at distances up to about 25 ft and down to a

depth of about 9 ft at a distance of 10ft from the tracks. It is important to note that

when the effects of prior shaking are taken into account. liquefaction is not predicted

to occur, even at distances as close as 10 ft from the nearest rail, within loose sand

sites with water tables more than 3 ft below the surface.

Thus, in summary. it appears that according to the shear stress approach, the

ground vibrations generated by trains are probably incapable of liquefying level,

saturated, loose sand deposits located at distances greater than about 10ft from the

tracks in all but exceptional cases. This prediction seems to be reasonable since it is

both similar to the conclusion reached by following the shear strain approach, and con

sistent with the fact that no case histories involving train-induced liquefaction failures

of level ground were found in the literature.

5.5. Effects of Train Vibrations on Liquefaction Potential for Sloping Sites

While no effects of liquefaction appear to have been reported for level ground, it

seems likely that the ground vibrations generated by trains have caused sloping depo

sits to liquefy at significantly greater distances from the tracks. Several such failures

are listed in Table 1.1. 'The suggestion that these vibrations might be capable of



205

triggering liquefaction within one type of site and not the other is considered to be

plausible for the following reasons: (l) the sands within sloping deposits may be sub

jected to reasonably high values of initial static shear stress while no such stresses are

likely to exist within level sites and (2), recent research has shown that the cyclic

liquefaction resistance of loose sands decreases significantly with increasing level of

initial shear sttess/normal stress ratio (refer to Figure 3.5).

The possible effects of these initial static shear stresses on the liquefaction poten

tial of sand deposits subjected to train-induced ground shaking were evaluated by first

computing the magnitudes of the cyclic stress ratios induced within a hypothetical, 10

degree, 35% relative density saturated sand slope. These ratios were then compared

with the magnitudes of the cyclic stress ratios required to cause liquefaction of the

sand within the slope. The effect of these stresses could not be evaluated by perform

ing shear strain analyses because the strain approach appears to account for the pres

ence of initial shear stresses by measuring shear moduli in-situ and no relationships

relating change!i in initial shear stress to changes in shear moduli were found.

The magnitudes of the initial static shear stress/nonnal stress ratios present within

a slope (on any plane parallel to the ground surface) may be determined approximately

from Equations 5.8 and 5.9 below, both of which were derived using infinite slope

theory. Equation 5.8 applies to submerged slopes while Equation 5.9 applies to slopes

with water tables coincident with the ground surface and seepage occurring down the

slope and parallel to the surface.
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t a 1 ' . h" . cosa . sina
--=
(f/"a (1' . h" . cos2a) - u~

'ta 1b . h" . cosa . sina

a'"a = (y /. h" . cos2a) - u~

't+ =initial shear stress/nonnal stress ratio
(fila

acting on any plane parallel
to the ground surface,

Yb = bulk density of soil,
y , = effective density of soil,
h" =vertical height from plane to surface,
a = slope of ground surface, and
u~ = excess pore pressure acting at

depth of plane being considered

5.8

5.9

1bese values may then be used in conjunction with Figure 3.5 and the field perfor-

mance plots shown in Figures 3.1 and 3.2 to detennine the liquefaction resistance of

the sands within various slopes. For example, the initial shear stress/nonnal stress

ratio predicted to exist (on any plane parallel to the ground surface) within the sub-

merged 10 degree slope when there are no artesian pressures present in the deposit. is

calculated to be about 0.18 (from Equation 5.8). Referring to Figure 3.4, this value

implies that the cyclic stress ratios required to liquefy loose sands within such a slope

may be about 25% smaller in magnitude than the stress ratios required to liquefy the

same sand within a level site. Since the cyclic stress ratios induced on any plane

parallel to the ground surface (within the 10 degree slope) are only slightly smaller in

magnitude than the ratios induced within level sites (subjected to the same level of

shaking), it therefore appears that significmtly lower levels of shaking are required to
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liquefy the sands within sloping sites than the same sands within level sites.

The magnitudes of the cyclic stress ratios required to cause liquefaction within

the 10 degree slope described above, were obtained by multiplying the values of

required cyclic stress ratio shown in Figures 5.19 and 5.22 for level sites by a factor of

0.75, as indicated previously. These corrected ratios are shown in Figures 5.25 and

5.26 together with the values of cyclic shear stress ratio predicted to be induced within

the site on planes parallel to the ground surface. It may be seen from these latter

figures that reducing the required cyclic stress ratios by a factor of 25% significantly

increases the distance at which liquefaction is predicted to occur from the tracks. For

example, Figure 5.26 implies that the cyclic shear stresses associated with peak ground

surface accelerations greater than about O.06g are capable of liquefying loose saturated

sands more than 2 ft below the ground surface, thereby suggesting that the ground

vibrations generated by trains may be capable of liquefying loose sands at distances up

to about 20 ft from the nearest rail (see Figure 4.4). As a comparison, train-induced

ground vibrations are predicted to be incapable of liquefying the same loose sands

within level sites at distances greater than about 15 ft from the tracks (refer to Figure

5.22). Both of these latter analyses include the effect of 1000 cycles of dry preshaking

on the liquefaction resistance of the sand.

1be same approach was also used to evaluate the liquefaction potential of a

hypothetical 10 degree loose sand slope with seepage down the slope, and since the

initial shear sttesscs that are present within such slopes are significantly larger in mag

nitude that the initial shear stresses present within submerged slopes, the maximum
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distances at which liquefaction is predicted to occur are also much greater. The results

of this seepage analysis are sununariz.ed in Figures 5.27 and 5.28 and these figures

show that the maximum distance from the tracks at which liquefaetion was predicted

to occur is about 80 ft. Since the effe('t of prior shaking was not taken into account

when computing this distance, 80 ft probably represents an extreme value for 10

degree slopes and a value of about 45 ft is considered to be a more realistic maximum.

Thus, it may be concluded from the shear stress analysis that even though train

induced ground vibrations do not appear to be capable of liquefying the majority of

level, loose sand deposits, they may well be capable of inducing liquefaction in similar

deposits that are subjected to high values of initial static shear stress. For example, the

applied cyclic shear stresses generated by trains are predicted to be capable of causing

the liquefaction of loose sands within 10 degree slopes (with downslope seepage) at

distances of up to about 45 ft from the tracks, and possibly up to about 80 ft in

extreme cases. Because steeper slopes tend to contain higher initial shear

suess/nonna! stress ratios than flatter slopes (with similar seepage conditions), and the

liquefaction resistance of loose sands decreases as the magnitudes of these ratios are

increased, trains are theoretically capable of liquefying more critical sand deposits at

distances greater than 80 ft from the tracks.

5.6. Summary

Despite the fact that trains are commonly perceiVed to be a source of significant

sround vibrations, the ground vibrations generated by trains appear to have caused a
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relatively small number of liquefaction failures (several are listed in Table 1.1). All of

these failures seem to have occurred within deposits containing sloping sand seams or

layers. Because the sands within such deposits are subject to initial static shear

stresses and the liquefaction resistance of loose sands subjected to such stresses is

reponed to decrease as the magnitudes of the initial static shear stress/normal stress

ratios are increased, it may well be that train-induced ground vibrations are only capa

ble of liquefying loose sand deposits subjected to reasonably high values of initial

static shear stress, a supposition that is generally supponed by the shear strain and

shear stress analyses, described in this chapter.

1be liquefaction potentials of level loose liand sites subjected to train-induced

ground vibrations, for example, were evaluated by following both the shear strain and

the shear stress approaches and since the levels of cyclic shear strain, predicted to be

generated within the level sites that were analyzed, were only slightly greater in mag

nitude than the threshold strains for most sands, it seemed reasonable to conclude that

the ground vibrations generated by trains are probably incapable of liquefying sands at

distances greater than about 10 ft from the r.earest rail; analyses were not performed at

distances closer than 10 ft from the rail.

The same general conclusion was also reached for those level sites analyzed using

the shear stress approach. However while none of the shear strain analyses predicted

that these sites would liquefy at distances beyond 10 ft from the tracks (see Figure

5.29). analyses using the shear sttcss approach indicated that liquefaction might occur

up to distances of about 20 ft from the track under certain site conditions (Figure
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5.30). Because the WllJ.~r tables at most sand sites probably lie more than 3 ft below

the ground surface and the sandS At ;ill sites have almo..t certainly been subjected to

thousands of cycles of prior shaking, most level 5llI1d silt's a.-e not predicted to liquefy

at distances greater than about 10 ft from the tracks as shown in Figure 5.31.

The results of the shear stress analyses perfonned for sloping ground are summar

ized in Figures 5.32, 5.33, and 5.34 and as noted previously, the findings of these ana

lyses suppon the observation that the ground vibrations generated by trains appear to

be capable of liquefying loose sand deposits subjected to initial ..talic shear stresses.

For example, Figure 5.33 shows that in extreme cases train-induced ground vibrations

may well be capable of liquefying loose sands within 10 degree slopes (with seepage

down the slope) to depths of about 20ft at a distance of about 10 ft from the tracks.

At shallower depths, liquefaction may occur as much as 80 ft from the tracks. Since

prior shaking significantly increases the cyclic loading resistance of loose sands, this

maximum distance is probably closer to 45 ft in reality; however liquefaction is still

predicted to occur down to depths of about 15 ft at 10 ft from the tracks. This max

imum depth is important because two of the large scale liquefaction failures associated

with trains and listed in Table 1.1, were attributed to the liquefaction of sand seams

and lenses within the soil profile (Fellenius, 1953, Booms, 1978).

TIle first of these slides which occuned in the town of Surte, Sweden on Sep

tember 29. 1950 involved the movement of approximately 4 million cubic yards of soil

over distances up to about 500 ft (150 m). Sliding conunenced as a train was pulling

out of the station, a bus was aniving at the bus stop and pile driving was also in
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progress in the upper area of the slide (see Figure 5.35). Measurements made after the

failure revealed that the soil profile consisted of about 35 ft (10 m) of nonnally conso

lidated sensitive clay overlying a similar clay containing sand and gravel lenses and

seams. These lenses and seams contained significant excess pore pressures and the

prevalent belief at the time was that these pressures were due to an artesian pressure

condition existing in the slide before the failwe. Cores taken at the site showed many

slip surfaces but some of these may have been from earlier slides.

Several authors. including Szerdy (1985) and Broms (1978), suggest that the

Surte failwe probably resulted from the liquefaction of one or more of the saturated

sand seams located between 35 ft and 60 ft below the ground surface. They also indi

cate that this liquefaction may have been caused by the ground vibrations generated by

trains. However given that trains appear to be incapable of causing liquefaction over a

significant area at depths greater than about 35 ft (implied by Figure 5.34) it seems

unlikely that train-induced ground vibrations were responsible for this failure. Rather

the ground vibrations generated by pile driving are considered to be a much more

likely cause, a belief supported by the observation that the slide initiated close to the

point where the piles were being driven (Broms, 1978). Most of the energy imparted

by piles is applied at depth (as discussed in Section 2.S) and therefore is not confined

to the surface layers as with trains.

1be second slide occurred 3 years later along the banks of the Guntorp Brook in

Sweden and involved around 30 thousand cubic yards of soil. This slide took place

shortly after a train had passed across the top of the slide area. The soil profile at the
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site consisted of a 35 to 50 ft (10 to 15 m) thick deposit of quick clay underlain by

bedrock. Running through this layer was a 4 inch thick silt seam and within it, a 0.5

inch thick sand parting. Failure is believed to have occurred along this sand parting

which varied in depth from about 15 ft to 40 ft (5 to 12 m) beneath the ground sur

face. Adjacent to the base of the embankment, about 50 ft from the nearest rail, this

parting was only IS ft below the surface; directly beneath the tracks, the same seam

was at a depth of about 35 ft. Thus applying the results summarized in Figure 5.34 it

seems improbable once again. that the ground vibrations generated by the train could

have caused this failure.

However. around two months prior to the failure the railroad embankment at the

top of the slide had settled about 2 to 4 inches (5 to 10 em) and a large crack had

appeared in the embankment, only days before the event. Therefore it was concluded

that the slide was already moving and would have failed without the passage of the

train. but that the train triggered the slide (Fellenius, 1953). Given that the slide was

on the point of failure. the initial shear stress/nonna! stress ratios present within the

sand parting would have been almost twice the value of those within the 10 degrees

slope with seepage downslope. Since the cyclic shear stresses required to liquefy a

loose sand decrease rapidly as the magnitudes of the initial static shear stress/normal

stress ratios the sand are increased, it is therefore possible that these vibrations trig

gered the failure in this casco
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CHAPTER 6

Effects of Artesian Pressure Conditions and Initial Static Shear Stresses

on the Liquefaction Potential of Sand Sites Subjected to Earthquake Shaking

6.1. Introduction

Many researchers cunently believe that liquefaction will not occur within a sand

site unless the ground surface accelerations generated at the site exceed a value of

about 0.05g to O.lOg. However, some evidence appears to suggest that accelerations

as small as 0.02g may have been associated with liquefaction failures. The data sup

porting the various minimum levels are presented in this chapter together with the

results of analytical studies undertaken to examine the effects of artesian pressure con

ditions and initial static shear stresses on the liquefaction potential of loose sand sites.

1bese analyses were performed for both magnitude 8 and magnitude 5.25 earthquakes.

Unless otherwise stated, the minimum level of earthquake shaking capable of

causing liquefaction in the field will simply be referred to as "the minimum level of

shaking" and will be expressed in tenns of the peak ground surface accelerations.

6.2. Evidence Supporting the Various Minimum Levels of Earthquake

Shaking

1be upper bound of the minimum level of shaking required to cause liquefaction

is based on the relationships between Intensity (say as measured on the Modified
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Mercalli Scale) and observed field perfonnance. For example, the field evidence asso

ciated with Modified Mercalli (M.M.) shaking intensities VI and VIl (as summarized

by Brazee, 1980), are shown in Table 6.1. It may be seen from this table that Inten

sity vn is associated with "wet ground cracked", "water in streams and ponds became

turbid and muddy" and "sand and mud are shifted horizontally on beaches on flat

land"; all of these phenomena may be taken to be evidence of soil liquefaction. In

contrast, M.M. shaking intensities of VI and smaller are not associated with any such

evidence of possible liquefaction, leading to the conclusion that earthquake shaking of

these intensities is never associated with soil liquefaction. Ground shaking of

Modified Mercalli Intensity VI has been related to ground surface accelerations of the

order of O.06g (after Trifunac and Brady, 1975) and 0.08g (Krinitzky and Chang,

1987). From this it may be inferred that this level of shaking may be the minimum

level of shaking capable of liquefying sand deposits in the field.

Support for what may be a relatively high minimum level (as discussed later), is

also provided by the results of studies such as those Iq'Orted by Iwasaki et al (1978b),

Tokimatsu and Yoshimi (1983), and Dobty et al (1981a). The first two smdies exam

ined the relationship between the liquefaction characteristics of sands as detennined

&om field tests, laboratory tests on undisturbed samples, and standard penetration resis

tance. 11le results of these studies led the investigators to conclude that a cyclic stress

ratio (t..,. lao') of about 0.05 is required to cause liquefaction of a 20 to 25% rclative

density sand under level site conditions. Sands of this density are probably as loose as

the loosest natural deposits. 'The relationship between peak ground surface
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Table 6.1: Earthquake Effects According to Intensity (MM)

(after Brazee. 1980)

"Eanhquake Effects"

Liquids were spilled from containers.
Roaring sounds were reported.
Slight damage was incurred. Poor construction was
sometimes specified.
Buildings trembled throughout
Small. unstable objects were overturned.
Some furniture of moderately heavy kind (chairs. tables,
small sofas, small dressers, etc.) were moved from
position.
Water or gas pipes were broken in isolated instances.
Trees and bushes were shaken strongly.
Plaster fell in small-to-moderate amounts. Chinmeys
were cracked.
Some dishes, glassware, and windows were broken.
Damage was negligible in well-designed structures
and structures of good construction.
Vibrations were reponed comparable to those caused
by heavy or heavily loaded trUcks.

Free-standing and exterior masonary walls were eraded.
Well-built ordinary structures were damaged slightly
to moderately.
Cornices, briclcwork, tiles and stones fell from
exterior walls and parapets of buildings.
Several landslides were reported. Small quantities of
rocks and boulders were shaken from hillsides and
embanlanents in single instances.

e. Chimneys were broken. Chimneys with a ratio of
height above roof to lateral dimension at roof
exceeding S, were broken sharply at roof-line.

f. Wet ground cracked (no qualifying adjectives).
g. Some found it difficult to stand. Persons were made

to move unsteadily.
h. Water in streams and ponds became turbid and muddy.
i. Waves were produced on ponds. lakes, reservoirs and

running water.
j. Sand and mud wCte shifted horizontally on beaches

and flat land.

"MM Intensity"

VI a.
b.
c.

e.
f.
g.

h.
i.
j.

k.
1.

m.

vn a.
b.

c.

d.
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acceleration and the cyclic stress ratio applied to a representative element of sand

within a sand deposit, may be detennined from the following equation:

0 0 Q max
;:: 0.65' - . -- . rd

00' g
6.1

Assuming the water table to be about 4 ft below the ground surface and considering a

representative element at a depth of 15 ft, this equation leads to (since rd ;:: 0.95 at a

depth of 15 ft, Seed and Idriss, 1983):

'r
QV

=: 0.65' 1800 pst . amu: • 0.95 ;::
1140 pst g

Thus liquefaction is not predicted to occur unless:

Q mu
;:: -- :> 0.05

g

i.e. amu: > 0.058

Qmu:

g
6.2

6.3

1be other set of studies referred to, are those reponed by Dobry et al (1981) and

as previously noted in Section 3.2 (and sununarized in Table 3.1), these studies imply

that sands are unlikely to liquefy unless the applied cyclic shear strain exceeds a value

of about 0.01 % (the threshold strain for the sand). Further, since significant pore pres-

sures do not appear to be generated unless the applied shear strain significantly

exceeds this value (see Figure 3.9), the level of shaking computed using the threshold

strain, "fda, supposedly repteSCl\ts a lower bound for the actual minimum level of shak:-

ing. Once again considering a representative element of sand at a depth of 15 ft

within the same site described above, the peak ground surface acceleration required to
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induce liquefaction may be detennined as follows:

Given that (K 2)max =30 (for a sand with DR = 25%, after Seed et ai, 1984) and

Go' =1140 psI at a depth of 15 ft,

1

G max = 1000· (K 2)max • (Gm ') 2

= 7.8 X lOS psI

At a strain of about 0.01% (see Figure 5.1)

G,ff = 0.75 . G mllt = 5.9 x lOS psI

Thus, if the threshold strain, 'Yth =0.01%

5.7

6.4

'Yth = = 0.01 X 10-2 6.S

and the corresponding threshold shear stress,

'ttll = 0.01 X 10-2 x 5.9 x lOS psI

= 59 psi

The average shear stress, 't"v' induced by earthquake shaking at a depth of 15 ft, may

be detennined by the relationship (using Go =1,800 psf and rd =0.95 as before):

't"v

Q max= 0.65' -- . Go . rd
g

3.1

6.6
Qmu.= 1100· -- Cps/)

g

Thus, in order for liquefaction to occur, the average induced shear stress, "Cav , must

exceed the threshold shear stress, 'till ' i.e.
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a
i.e. 1100'~ > 59

g

or Q max > 0.05g

Thus, based on the field observations associated with Modified Mercalli Intensity, and

supponed by the studies listed above, it seems reasonable to conclude that unless the

peak ground surface accelerations (generated at a site by earthquake shaking) exceed

some value between about 0.05g and 0.1g liquefaction will not occur.

However, having shown support for this minimum level it should also be pointed

out that significantly lower levels of shaking are probably capable of inducing Iiquefac-

tion. For example. Figure 2.2 shows that magnitude 8.5 earthquakes have caused

liquefaction at sites as far as about 700 k:ms (440 miles) from the epicenters of these

earthquakes. Since the peak ground surface accelerations generated at this distance are

indicated by empirical data to only be about 0.02g, the field performance data imply

that the minimum level of shaking may aetuaUy be about one-half to one-fifth of the

levels computed above.

Further support for this lower minimum level is provided by the observation that

over the past four decades, a number of large scale liquefaction failures have been

induced by non-seismic sources of ground vibration (refer to Table 1.1). Such sources

of vibration generate much lower levels of ground shaking than the shaking produced

by even small (magnitude. 5) earthquakes. For example, the analyses presented in

Chapter 5 suggest that trains might cause liquefaction (albeit at shallow depths) if the

ground surface accelerations exceed a value of about 0.058 (see Figure 5.26). Because

train-induced ground vibrations contain mud. higher predominant frequencies than
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seismic ground motions, the magnitudes of the shear strains induced by trains are

much lower than those generated by earthquake shaking of a similar magnitude (refer

to Figure 5.12), thereby suggesting that the minimum level of earthquake shaking

which could induce similar liquefaction is significantly lower than 0.05g.

Thus, it indeed seems probable that levels of earthquake shaking significantly less

than about 0.05g to 0.10g are both capable of, and have caused liquefaction, and that

this minimum level of shaking may well be as low as about 0.02g.

It should be noted at this point that at least in the case of the minimum levels

detennined using experimental data (e.g. Iwasaki et al, Tokimatsu and Yoshimi and

Dobry et al), the discrepancy between these levels and the more probable minimum

level may be r ''''re apparent than real. In fact, this difference can most likely be

explained by considering the effects of two factors: (I) the presence of artesian pres

sure conditions. and (2) the presence of initial static shear stresses which are in tum a

function of the geography of the site and the magnitude of any artesian pore pressures

(Equations 5.8 and 5.9). The effects of these factors are automatically included in the

field observations but were not taken into account when computing the minimum lev

cis discussed above. Referring to Figure 3.5 it may be seen thl'.t the liquefaction resis

tance of a loose sand decreases tnaIk.edly as the magnitude of the initial shear

stress/nonnal stress ratio is increased.

In view of the potentially significant effects of these factors. it seems appropriate

to recompute the minimum levels of earthquake shaking taking into account the effects

of both artesian pressure conditions and initial static shear stresses. Accordingly.
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analyses were perfonned for both magnitude 8 earthquakes and magnitude 5.25 eanh

quakes, because the minimum level of shaking appears to be heavily dependent on the

magnitude of the eanhquake that generated the ground motions (see Figure 2.3). This

dependence is most probably due to the different numbers of representative cycles of

shaking typically generated by earthquakes of different magnitudes.

The effects of these factors were examined by following the shear stress

approach. The shear strain approach was not used because it appears to account for

the presence of initial static stresses by measuring shear moduli in the field and no

relationships were found relating shear moduli to initial static shear stress.

6.3, Minimum Level or Shaking for Magnitude 8 Earthquakes

The effects of both artesian pore pressures and initial static shear stresses on the

liquefaction potential of sand sites were determined by computing the response of

loose sand deposits to earthquake shaking. Analyses were only performed for loose

sands for the following reasons: (I) dense sands have a much higher cyclic loading

resistance than loose sands, and thus require a significantly greater level of shaking to

cause them to liquefy, and (2) the presence of initial static shear stresses within

medium-dense to dense sands appears to increase their resistance (Szerdy, 1985, Vaid

and Finn, 1979, Seed et al., 1973, Vaid and Chern, 1983) rather than reduce it as is the

case for loose sands.

1be rock acceleration record that was used to compute the site response (for all

the magnitude 8 earthquake analyses) is the CUMV NS Mexico City record, a ground
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motion recorded on rock at a distance of about 300 kms (190 miles) from the epicen

tra1 region of the magnitude 8.1 earthquake that occurred off the coast of Mexico on

September 19. 1985. This mmion was chosen because it is one of the few high quality

rock records recorded at such large distances from the epicenters of large (approxi

mately magnitude. 8) earthquakes. Further, the acceleration response spectrum (shown

in Figure 6.1) for the CUMV NS motion is similar in shape to the average response

spectrum computed for all of the rock records recorded in Mexico city during the same

earthquake (Seed et al., 1987), thereby suggesting that this motion is the most

representative long distance record for magnitude 8 earthquakes.

The magnitudes of the cyclic shear suesses induced at such large distances (by

magnitude 8 earthquakes) may be detennined approximately by scaling the CUMV NS

record to produce different peak accelerations and then using these scaled motions as

input for the computer program SHAKE. The levels of acceleration generated at the

surface of loose sand deposits by such low levels of shaking are found to be about

twice the magnitude of the peak accelerations, associated with the corresponding rock

outcrop motions. Thus, since the minimum level of earthquake shaking causing

liquefaction appeared to be about 0.03g (see Figure 2.3), it seemed appropriate to com

pute the strains for peak rock outcrop accelerations of O.Olg, and 0.02g.

The performances of the various sites were evaluated by comparing the magni

tudes of the induced cyclic shear stresses with the magnitudes of the stresses required

to liquefy the sands in-situ. However in order to compute the values of required

stress, it is first necessary to determine the number of representative cycles of loading
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typically generated at such large distances by magnitude 8 eanhquakes. This number

can be obtained from a ground surface acceleration time history using the procedure

described by Seed et al (1975).

The computed response of a 100ft deep, level sand deposit having a water table

at ground surface and a penetration resistance (N 1)60 = 5. to the CUMV NS motion

scaled to give a peak rock outcrop acceleration of 0.02g, is shown in Figure 6.2.

Using the liquefaction evaluation procedure proposed by Seed et al. 1983, the number

of representative cycles at a constant cyclic stress level of 0.65 'tmu is computed to be

about 7. a somewhat surprising value in view of the fact that magnitude 8 earthquakes

are conunonly believed to generate about 20 such cycles of loading (inferred from

Table 3.1). However while this value may appear to be unusually low, it is probably a

more realistic number than the higher number of representative cycles conunonly asso

ciated with such earthquakes for the following reasons:

(l) the higher number of cycles was determined for acceleration records of

large magnitude earthquakes recorded at distances much closer than 300

lens from the epicenter of the earthquake, and

(2) the CUMV NS record is one of the few high quality rock acceleration

records that have been recorded at such great distances from the epicenters

of large (magnitude 8) earthquakes, and the earthquake that generated this

record is, itself, believed to have generated a relatively long duration of

ground shaking (Seed et al.• 1987).
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The Seed et al procedure was also used to calculate the number of representative

cycles of loading generated within a 50 ft deep loose sand site and a 250 ft deep site.

These values are calculated to be about 12 and 6 respectively. Thus, averaging the

values for the three sites, and making some allowance for the fact that magnitude 8

earthquakes are conunonly believed to generate about 20 cycles of loading, it was con

cluded that magnitude 8 earthquakes generate about 10 representative cycles of load

ing, at a constant level of cyclic shear stress of 0.65 t max• at epicentral distances of

about 400 kms (250 miles).

The observation that the same rock outcropping record appears to generate almost

twice the number of representative cycles of loading in the 50 ft site as in the 100 ft

site is interesting to note and is probably due to the shorter natural period of the shal

lower site. Since components of bedrock motions with periods close to the natural

period of a site are amplified as they propagate up through the site, and shallower sites

tend to have shorter natural periods than deeper sites, the motions generated within

shallow sites tend to contain more dominant high frequency components. Thus, shal

low sites are likely to be subjected to more cycles of loading for the same total dura

tion of bedrock motion. For example, the surface motions computed for the 50 ft site

(which had a natural period of about 0.5 sec) have predominant frequencies of about 2

Hz, while the surface motions computed for the 100 ft site, with a 0.9 second natural

period, have predominant frequencies of about 1 Hz (see Figure 6.2).

It seems logical to conclude from such an observation that the level of shaking

required to cause liquefaction of shallow sites might therefore be significantly less than
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the level of shaking required to cause liquefaction for deeper sites. However this does

not appear to be the case. Rather, the magnitudes of the shear stresses induced within

shallow sites are also computed to be less, thereby tending to compensate for the

larger number of applied cycles of loading. For example, the analyses summarized in

Figure 6.3 show that the cyclic shear stresses generated within both 1()() ft deep and

250 ft de-ep loose sand deposits may be about 25% larger in magnitude than those gen

erated within SO ft deep deposits. Since the cyclic stress ratio required to cause

liquefaction of a sand in 6 cycles is approximately 20% greater than the stress ratio

required to liquefy the same sand in 12 cycles (Figure 3.3), these effects tend to can

cel. Thus. the results of analyses based on one depth of site are probably also valid

for similar deposits of other depths.

As discussed in Section 3.1, the values of cyclic stress ratio required to induce

liquefaction of a sand, in-situ, can probably be determined most accurately from the

field perfonnance plots shown in Figures 3.1 and 3.2. Assuming a standard penetra

tion resistance for the sand of (N 1)60 =5, the cyclic stress ratio required to liquefy this

sand in 15 cycles is approximately equal to 0.07 (see Figure 3.1). Since the stress

ratio required to liquefy a sand in 10 cycles appears to be about 10% greater than the

ratio required to liquefy the same sand in IS cycles (Figure 3.3), the cyclic stress ratio

required to liquefy the same sand in 10 cycles is estimated to be about

0.07 x 1.10 =0.08. Thus. the cyclic stress ratios required to liquefy a level loose

«N 1)60 = 5) sand site were detennined by adjusting this value for overburden effects

using the K (J curve shown in Figure 3.4; these ratios are shown by the solid line in

Figure 6.4.
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Also shown in this figure are the cyclic stress ratios required to liquefy the

(N 1)60 = 5 sand within submerged 10 degree slopes, with or without artesian pressure

conditions, and within 10 degree slopes with the water table at the surface and seepage

occurring down the slope. parallel to the ground surface. These stress ratios (shown

by the dashed lines) were computed by scaling the required cyclic stress ratios (shown

by the solid line in the same figure) for the level site by a constant factor to take into

account the effects of the initial static shear stresses imposed on the sands within these

slopes. For example, the initial shear stress/normal stress ratio imposed upon the sarld

within a submerged infinite 10 degree slope is computed to be about 0.18 (from Equa

tion 5.8) and Figure 3.5 implies that the cyclic stress ratios required to liquefy loose

sands subjected to ratios of about 0.18 are approximately 20% smaller than the ratios

required to liquefy the same sand when subjected to zero initial shear stress. Thus, the

ratios required to liquefy a (N 1)60 = 5 sand within submerged 10 degtee slopes with no

artesian pressure conditions may be computed by multiplying the ratios for level sites

by a factor of 0.8.

1be dramatic reduction in the levels of required cyclic stress ratio (for loose

sands) as a result of arl increase in the magnitudes of the initial imposed shear stresses

is also clearly shown in Figure 6.5. The solid curve shown in this figllre is identical to

the proposed average curve shown in Figure 3.5 and as such, is believed to provide the

best indication of the reduction in liquefaction resistance for loose sands subjected to

initial shear stresses. 1be cyclic stress ratios required to liquefy a saturated sand with
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(N 1)60 =5, in-situ, in 10 cycles m~y be detennined by scaling the :iolid curve to give

an applied cyclic stress ratio of 0.08 (detennined above) at an initial static shear

stress/nonnal stress ratio equal to zero. These modified values are shown by the

dashed line in this figure. It should be pointed out that the dashed curve was obtained

by multiplying the solid curve by a constant factor for all values of initial imposed

stress because the field performance plots only apply to sands subjected to zero initial

shear stress and no field data exist for sands subjected to such stresses.

6.3.1. Effects of Artesian Pressures on Liquefaction Potential of Sand

Deposits

One of ,ne phenomena that are thought to be responsible for the discrepancy

between the observed minimum levels of earthquake shaking, and those detennined in

Section 6.2 from experimental studies, is the presence of artesian pressure conditions.

Such conditions not only increase the magnitudes of the initial static shear

stress/nonna! stress ratios present within a site (refer to Equatio=tS 5.8 and 5.9), thus

significantly reducing the liquefaction resistance of sloping sites (Figure 6.4), but they

also appear to result in higher induced cyclic stress ratios for the same rock motion, as

shown in Figure 6.6.

It may be observed from this figure that the cyclic stress ratios induced within a

loose sand site with a 12 ft artesian head acting at a depth of 50 ft (hydraulic gradient,

i, = 0.24), are computed to be about 25% larger than the cyclic stress ratios induced

within the same site with no artesian pressures. Since the ptescnce of such pressures



244

0.1500.125

I
I
I
I
I
I
I
I
I
I
I
I
/

I
I

/
I
/

/
I
I

I
I

Cyclic Stress Ratio
0.050 0.075 0.1000.025

CUW NS Compo Uexico

Peak rock outcrop
acceleration - 0.035g.

Submerged level .ite.

50 ft. thick aand layer
with (N1).0 -5.

12ft. arteaian head at
Hydraulic grad. - 0.24. ---I---r....

: I
, I,
, I,

, I,
: I

I
'I,
, I

! I
, I,
, I

I
I
I
I
I
I
I
I
I
I,
I
j,

I,,,,,,
I,,,,,,

I,,,,,,,,,
6 ft. arteaian head at 50 ft. :
Hydraulic grad. - 0.12. ---f-..-f

o ft. artesian heod at 50 ft.

5.0

45.0

0.000
0.0

40.0

35.0

15.0

10.0

- 20.0-Q)
Q)-'-'

25.0
.c-a.
Q)

::::)
30.0

50.0

FIG 6.6 EFFECT OF ARTESIAN PRESSURE CONDITIONS ON THE MAGNlnJDES
OF TIlE INDUCED CYCLIC STRESS RATIOS· EARTIlQUAKE MAG. =8.



245

has only a minor effect on the liquefaction resistance of level sites. level sites contain-

ing artesian pressure conditions appear to be more susceptible to liquefaction. The

analyses summarized in this figure were performed for a 50 ft deep, (N 1)(:1.) = 5 sand

deposit shaken by the CUMV NS record scaled to contain a peak acceleration of

0.035g. This deposit was underlain by a 10 ft thick gravel layer overlying bedrock.

The magnitudes of the cyclic shear stresses generated within sites containing arte-

sian pressures were computed by modifying the shear moduli for the sands to account

for the presence of these pressures. Such an effect could have been achieved by

reducing the density of the sands and thus the effective stresses (see Equation 5.7);

however this approach is undesirable since the mass of a site would also be affected

and this is not the case in reality. Instead it was achieved by modifying the values of

(K2~ax' also supplied as input for the computer program SHAKE. using the following

equation:

6.7

where (J0' = effective overburden pressure
u, = artesian pore pressure

~ magnitudes of the cyclic stress ratios predicted to be induced within the 50 ft

deep site are shown in Figures 6.7 and 6.8. together with the values of cyclic stress

ratio required to cause liquefaction (shown in Figure 6.4). It may be seen from these

figures that liquefaction is not predicted to occur within level loose sand deposits con-

taining no artesian pore pressures. unless the corresponding peak rock outcropping
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accelerations exceed a value of about 0.035g. Since the ground surface accelerations

are approximately 100% larger in magnitude than the as!'ociated rock outcropping

accelerations, this value implies that the minimum level of earthquake shaking required

to liquefy such a site is about 0.07g. If the effect of artesian pore pressures is taken

into account, the minimum level of shaking required to cause liquefaction may still

only be as low as 0.025g in rock, or 0.05g at the ground surface for a site with 12 ft

of artesian head acting at a depth of 50ft (i = 0.24, Figure 6.8). This suggests that

presence of artesian pore pressures, alone, is not sufficient to account for the

discrepancy between the minimum levels calculated as described above, and those

detennined from field observations (about 0.03g as shown in Figure 2.3).

6.3.2. Effect of Initial Shear Stresses

The other factor believed to have a significant effect on the minimum level of

earthquake shaking required to cause liquefaction is the presence of initial static shear

stresses and the effects of such stresses are shown in Figures 6.9, 6.10, and 6.11. As

with the analyses performed for level sites, the induced cyclic stress ratios shown in

these figures were computed for a 50 ft deep, (N 1)60 = 5 sand deposit. However in

this case, the deposits were located within 10 degree slopes with water tables, level

with and above the ground surface.

Refemng to Figure 6.9 it may be seen that the ground vibrations generated by

magnitude 8 earthquakes appear to be capable of causing liquefaction within loose

sand slopes, with no artesian pore pressures, at distances where the peale rock outcrop



249

0.20

Cyclic Stress Ratio
0.05 0.10 0.150.00

0.0 r---""""T---T"""--~---r"--~--""'--_--"'"

5.0

Peak rock ace. ,
- 0.01 9

Peak rock acc.
- 0.02;

10.0
Peak rock ace.

- 0.035;

15.0

I
I
I
I
I
I

CUMV NS Compo Mexico

10 degree submerged
.'ope.

50 ft. thick sand layer
with eN, )'0 -5.
o ft. artesian head at
50 ft. depth.

'-"--+-- Stress ratio required
to liquefy a sand with
(N,).o-5 in 10 cycles.

I
I
I
I
I
I
I,
I
I
I
I
I
I
I
I
I,,45.0

40.0

35.0

;-. 20.0-Q)
Q)--.-

25.0
~-Q.
Q)

C
30.0

50.0

FIG 6.9 AVERAGE INDUCED CYCLIC STRESS RATIO AS A FUNcrlON OF DEPTIi
FOR DIFFERENT LEVELS OF BEDROCK ACCELERATION - SLOPING SAND
LAYER WIlli NO ARTESIAN PRESSURES· EARlliQUAKE MAG. :: 8.



250

0.20

Cyclic Stress Ratio
0.05 0.10 0.150.00

0.0 ~----"---r---~-~---P---""'-----"'---'

Peak rock acc.
- 0.01g

5.0
Peak rock acc.

- 0.029

10.0

CUMV NS Camp. Mexico

10 degree submerged
slope.

50 ft. thick sand layer
with (N, )'0 -5.

12ft. artesian head at
50 ft. depth (i- 0.24).

Peak rock acc.
- 0.0359

I
I
I
/
I
I
I
I
I
/
I

/
/:..--+-----+-- Stress ratio required

to liquefy a sand with
I (N, )'0 -S in 10 cycles.
I
I
/
I
I
/
/
/
/
/
/,
/
/
I

45.0

40.0

35.0

25.0

30.0

15.0

.s::
~

Co
Q)

Q

'Z' 20.0
Q)
Q)--.....J

50.0

FIG 6.1 0 AVERAGE INDUCED CYCLIC STRESS RAno AS A FUNCTION OF DEPTII
FOR DIFFERENT LEVELS OF BEDROCK ACCELERAnON - SLOPING SAND
LAYER WITH ARTESIAN PRESSURE CONDITIONS - EARTIlQUAKE MAG. ::: 8.



251

0.00
0.0

Cyclic Stress Ratio
0.05 0.10 0.15 0.20

CUW NS Compo Mexico

10 degree .Iope with
downslope seepage.

50 ft. thick sand layer
with (N,).o -5.

Water table at surface.

No artesian pressure
conditions.

Stress ratio required
to liquefy a sand with
(N')ID -5 in 10 cycles.

Peak rock acc.
- 0.035g

I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I
I,
I
I
I

Peak rock acc. I
- O.Olg

Peak rock acc.
- 0.02;

45.0

40.0

5.0

25.0

35.0

20.0

30.0

15.0

10.0

.s::.
~

c.
II)

o

50.0

FIG 6.11 AVERAGE INDUCED CYCLIC STRESS RATIO AS A FUNCflON OF DEPTIi
FOR DIFFERENT LEVELS OF BEDROCK ACCELERAnON· SLOPING SAND
LAYER WIlli DOWNSLOPE SEEPAGE· EARlliQUAKE MAG. = 8.



252

accelerations exceed a value of about 0.025g. It was shown in Figure 6.8 that the

same level of shaking may also be capable of causing the liquefaction of level sites

containing significant artesian pore pressures. This observation is not surprising

because the reduction in the magnitudes of the cyclic stress ratios required to cause

liquefaction in sloping deposits (due to the presence of initial shear stresses) is offset

by the higher applied cyclic shear stresses generated within level sites as a result of the

artesian pressures.

For the case of 10 degyee slopes with artesian pore pressures, however, the

minimum levels of earthquake shaking required to cause liquefaction are gteatly

reduced. For example, Figure 6.10 indicates that liquefaction of submerged, 10 degree

loose sand slopes with 12 ft artesian heads acting at depths of 50 ft (hydraulic gra

dient, i, =0.24), may be caused by bedrock motions with peak rock outcropping

accelerations of about 0.015g, corresponding to ground surfac:: accelerations of about

0.03g. This value is approxima.tely 40% smaller in magnitude than the peak accelera

tions associated with the failure of the same slope without artesian pore pressures.

Thus, when the effects of both artesian pore pressures and initial static shear

stresses are taken into account, levels of earthquake shaking similar to the minimum

levels determined from field performance observations are computed, using current

liquefaction theory, to cause the liquefaction of certain, relatively critical loose sand

slopes. This prediction i.ndire<:tly implies that some of the sites depicted as data points

in Figure 2.2 were probably sloping sites and possibly contained artesian pressures.
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Similarly. the results of the analyses presented in Figure 6.11, for seepage parallel

to the surface of the slope, indicate that magnirude 8 eanhquakes may be capable of

liquefying such loose sand sites when the peak ground surface accelerations exceed a

value as low as about 0.02g (approximately twice the peak rock outcrop acceleration).

These analyses were perfonned for the same 50 ft deep. loose sand deposit located

within a 10 degree slope with a water table at the surface and seepage occurring down

the slope. parallel to the ground surface.

Such a low predicted minimum level of shaking is due to the high initial shear

stresses present within this slope and the significant effects of these stresses on the

liquefaction resistance of loose sand:t. Given that the initial shear stress!nonnal stress

ratios on any plane parallel to the ground surface. 'Cila,.;' are about 0.37 (Equation

5.9). Figure 3.5 shows that the applied cyclic shear stresses required to liquefy this

sand are approximately 60% less than the stresses required to liquefy the same sand

within the submerged 10 degree slope with no artesian pore pressures (where

'Cj I alii' =0.18). Since similar levels of cyclic shear stress are generated within both

slopes, this implies that sloping loose sand sites with seepage down the slope may be

liquefied at much greater epicentral distances than submerged slopes with similar depo

sits (subjected to the same level of shaking) and no artesian pressure conditions.

In the light of these results, it would appear that analytical prediction of liquefac

tion potential can provide results in accord with the maximum observed distances of

liquefaction occurring for some types of site conditions.
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The fact that analyses of the type described above appear to be capable of making

reasonable predictions for the field perfonna.t1ce of sand deposits subjected to eanh

quake shaking, seems to indicate that analyses based on liquefaction theory provide

reasonable results. Thus, the apparent existence of an upper bound distance beyond

which liquefaction is unlikely to occur, is most probably due to either one of the fol

lowing:

1) A practical minimum level of required earthquake shaking that is relatively

independent of the stress state imposed on the soil and probably results

from some characteristic soil propeny such as threshold strain, or

2) That liquefaction failures could have been induced (by magnitude 8 earth

quakes) at epicentral distances greater than about 400 kms but that in his

toric time, the motions have not been irIduced in sufficiently critical depo

sits.

The peak cyclic shear strains that are predicted to occur within loose sand sites

(with anesian pressure conditions for which these strains are largest) at epicentral dis

tances of about 400 k:ms are approximately equal to 0.02%. Since this value is only

slightly larger than the threshold strains for many sands (Table 3.1), it might initially

appear that the minimum level of earthquake shaking is directly related to the concept

of a ttueshold strain. However it should also be pointed out that loose sands cycled at

this level of strain for about 10 cycles, are not predicted to liquefy. In fact, given that

the rate of pore pressure buildup at low levels of cyclic shear strain is only slightly

inJIuenced by relative density (Figure 3.7), the pore pressure ratios built up within
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loose (DR = 30 - 35%) sands cycled at a constant maximum shear strain of

1.3 x 10-2% ( 0.65 x 0.02%) are not even expecteJ to exceed a value of about 0.05,

possibly even after 100 cycles of loading (see Figure 3.9). Therefore, unless magni

tude 8 earthquakes generate peak ground surface accelerations significantly in excess

of 0.03g (at epicentral distance of about 400 kms), which seems unlikely, the

minimum levels of shaking detennined using shear strain theory are likely to be

significantly higher than the minimum levels detennined from field observations (as

shown in Section 6.2). It may be that the value of threshold strain is in fact influenced

by the magnitudes of the initial static shear stresses; however data presented to date

seems to refute this concept (Dyvik et al., 1984).

The apparent existence of an apparent upper bound distance can probably best be

explained by the second suggestion; i.e. that liquefaction may be induced at greater

distances if sufficiently critical site conditions exist. Such a premise appears to be

even more likely when the following are considered:

1) 1be line drawn in Figure 2.3 is only an upper curve drawn to fit the avail

able exttemc dau. and would change significantly if one or two data points

were to plot above this line.

2) Epicentral distance is plotted on a log scale; this gives the impression that

several earthquake-induced liquefaction failures have occurred at epicentral

distances similar to the upper bound distance when in reality, these failules

occurred at epicentral distances which differ by as much as several hundred

kilometers (for magnitude 8 eanhquakes).
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3) Very few, if any, sufficiently sensitive sites are likely to exist, especially in

areas where there is a history of seismic shaking, thereby suggesting that

only a small number of earthquake-induced liquefaction failures may even

occur at distances further than about 400 lans.

Thus, based on the results of the analytical studies, and supported by the sugges

tion that liquefaction may well have occurred at greater epicentral distances, it s~~ms

reasonable to conclude that the ground shaking generated by magnitude 8 earthquakes

is probably capable of liquefying certain critical sites at epicentral distances

significantly greater than 400 kms. For example, the distances at which the four sites

analyzed in this section may be liquefied, are presented in Table 6.2. These distances

were obtained by using the attenuation relationships listed in Section 2.1 to predict the

distances at which the required levels of shaking might be generated. It should be

cautioned that these values ate very approximate.

6.4. Minimum Level of Shaking for Magnitude 5.25 Earthquakes

1be effects of artesian pore pressures and initial static shear stresses on the

minimum level of shaking ~uired to cause liquefaction were also evaluated for mag

nitude 5.25 earthquakes. As for the magnitude 8 earthquake study, this evaluation is

bw'..d on the computed responses of loose «N 1)60 =5) sand deposits to eanhquake

shaking. 1be deposits that were analyzed contained a range of artesian pressure condi

tions and WeJe located within both level sites .:.d 10 depe slopes.
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Table 6.2 : Approximate Upper Bound Distances for Liquefaction
Occurring in Magnitude 8 Earthquake Shaking

Site
Static Shear Stressl Min. level Epicentral
Nonnal Stress Ratio of Shaking Dist. (kms)

Level ground
0.0 0.07g 200

Zero hydraulic grad.

Level ground
0.0 0/)5g 275

Hydraulic grad. =0.24

10 degree slope
0.18 0.05g 275

Zero hydraulic grad.

10 degree slope
0.24 0.03g 400

Hydraulic grad. =0.24

10 degree slope
0.37 0.02g 575

seepage downslope ..J

An initial estimate for the level of shaking required to liquefy such deposits was

detennined from the field perfonnance data presented in Figure 2.2. This data appears

to imply that magnitude 5.25 earthquakes might only be capable of causing liquefac-

tion failures at epicentral distances less than about 11 krns. The peak ground surface

accelerations generated at this distance by earthquakes of this magnitude are expected

to be about 0.15g (Figure 2.3).

Since the ground motions generated at the surface of loose sand sites (by shaking

of this magnitude) are found to be about 130% larger in magnitude than the

conesponding bedrock motions, the field data further imply that liquefaction might

only occur at distances where the peak rock outcrop accelerations (generated by mag-

nitude 5.25 earthquakes) exceed a value of about 0.065g. However, given that the

minimum levels for magnibldc 8 earthquakes were computed to be significantly less
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than those implied by Figure 2.3, it seemed probable that lower levels would also be

predicted for magnitude 5.25 earthquakes. Thus, the various sites were analyzed for

bedrock motions with peak rock outcrop accelerations of O.lOg. 0.065g. and 0.025g.

The rock outcrop motion that was used to compute the site response is the S80E

component of the Golden Gate Parle record of the San Francisco eanhquake of March

22. 1957. 1bis motion was recorded at a distance of about 11 kms from the epicenter

of the earthquake. The predominant period of the record is approximately 0.18 secs

and the peak particle acceleration is about 0.105g. The motion was therefore scaled to

give one of the three desired peak accelerations (listed above) and the modified records

were then used as input for the computer program SHAKE.

The levels of induced ,--yclic shear stress. calculated by this approach were com

pared with the levels of cyclic stress required to cause liquefaction of the sand. in-situ.

From these comparisons it was possible to e.itimate the minimum levels of required

shaking for each site. and hence, determine an approxima~;,; value for the minimum

level of magnitude 5.25 earthquake shaking for all sites.

The magnitudes of the cyclic shear stresses required to cause liquefaction of sand

with (N 1)60 =5 in a Magnitude ';.25 earthquake. can probably be detennined most

accurately from the levels already obtained for magnitude 8 earthquakes (shown by the

solid line in Figure 6..5 and the dashed line in Figure 6.12). 1bis can be achieved by

adjusting the latter values to account for the different numbers of cycles of loading

generated by the different sources. As previously noted (Section 6.2), magnitude 8

t'3Ithquakes at large distances probably generate about 10 representative cycles of

loading at a constant stress level of 0.65 'trou:'
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For the purpose of this analysis, magnitude 5.25 eanhquakes were assumed to

generate about 2 representative cycles of loading at the same stress level. This number

was chosen, even though earthquakes of this magnitude are reported to generate a

slightly higher number of cycles (2 to 3 cycles, refer to Table 3.1), for the following

reasons: (1) this investigation is primarily concerned with the minimum level of shak

ing and hence the maximum distance at which liquefaction can occur, and (2) the

number of cycles probably decreases with increasing distance from the source, as was

found for magnitude 8 earthquakes.

The cyclic stress ratio required to liquefy a sand in 2 cycles is approximately

70% larger than tlle ratio required to liquefy the same sand in 10 cycles (Figure 3.3).

Thus, the required cyclic stress ratios for magnitude 5.25 earthquake shaking were

obtained by multiplying the ratios represented by the dashed line in Figure 6.12 by a

constant factor of 1.7 (for all values of initial shear stress/normal stress ratio). These

modified ratios are shown by the solid line in the same figure. It should be pointed

out that the dashed line was obtained (as described in Section 6.2) by scaling the aver

age curve determined for loose ((N 1)60 = 5) sands (from experimental results) to give

an applied cyclic stress ratio of 0.08 (determined from field performance data) at zero

initial shear stress, and as such, it is believed to provide a reasonable representation for

the in-situ liquefaction resistance of such sands. Therefore it also follows that the

solid line is likely to be equally valid for predicting magnitude 5.25 earthquake resis

tance. Both curves pertaLl to sands subjected to overburden pressures of about 1. lac

(l tsf).
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The cyclic stress ratios required to cause liquefaction of the (N 1)60 =5 sand

deposit for four different site wnditions are shown in Figure 6.13. These curves were

generated (as previously described Sections 5.4 and 6.2) b) adjusting the cyclic stress

ratios obtained from the solid line shown in Figure 6.12, for overburden effects using

the K 0 curve presented in Figure 3.4. The magnitudes of the initial static shear

stress/nonna! stress ratios within the sites (on planes parallel to the ground surface)

were calculated using Equations 5.8 and 5.9. It may be seen from this figure that as

expected, the presence of initial static shear stresses is predicted to have a significant

effect on the liquefaction resistance of loose sand deposits. Furthennore, since the ini

tial stres:>es are a function of the artesian pore pressure conditions (see Equations 5.8

and 5.9), such pressures are also predicted to influence the liquefaction resistance of

sloping sites.

However, it is int~resting to note that in contrast to the findings of the magnitude

8 study, the induced cyclic stress ratios for level sites in Magnitude 5.25 earthquakes

does not appear to be greatly influenced by the magnitude of the artesian pressures.

For example, Figure 6.14 shows that similar levels of cyclic stress ratios are likely to

be induced (by the same bedrock motion) within loose sand deposits Cllntaining

significantly different artesian pressure conditions. These stresses were computed for a

bedrock motion with a peak rock outcrop acceleration of O.lOg. Since the levels of

cyclic stress ratio required to cause liquefaction at level sites are only slightly affected

by the magnitudes of the artesian pressures (due to the effect of the factor, K 0)' it
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seems reasonable to conclude that the minimum level of eanhquake shaking required

to cause liquefaction for level loose sand deposits is also relatively independent of the

anesian pressure conditions. While this result was found in the case of the 50 ft site

considered in this study, it may not occur for all site conditions and all levels of

ground shaking.

The minimum level of shaking predicted to liquefy such deposits is shown in Fig

ure 6.15. This figure implies that magnitude 5.25 earthquakes may be capable of caus

ing liquefaction at distances where the peak rock outcrop accelerations exceed a value

of about O.06g. At these distances the ground surface accelerations are found to be

about 130% larger than the rock outcrop accelerations, thereby suggesting a minimum

level of shaking for level sites of about 0.14g. This value is similar in magnitude to

the minimum level of O.15g associated with the upper bound curve shown in Figure

2.3.

Since liquefaction appears to be confined to the surface layers, unless the peak

ground surface accelerations are significantly greater than 0.14g (Figure 6.14), the

minimum level of shaking detennined from field perfonnance data may well represent

a practical minimum level for level sites. However, while such a conclusion seems

reasonable for level sites, the minimum levels for sloping sites are predicted to be

significantly less than this value. For example, the analyses for sloping sites summar

ized in Figures 6.16, 6.17, and 6.18 imply that rock motions with IX 'c outcropping

accelerations as low as about 0.02g may be capable of liquefying loose sand deposits

within 10 degree slopes. This value was computed for the following conditions: water
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table at the ground surface, seepage occurring down the slope and parallel to the

ground surface, and initial static shear stress ratios of about 0.37 (Equation 5.9) present

on planes parallel to the ground surface. Assuming that the surface accelerations are

about 130% larger than the corresponding bedrock motions, this Iesult would indicate

that loose sand deposits within 10 degree slopes may well liquefy under levels of shak

ing as low as 0.045g, a value approximately 3.5 times smaller than the value deter

mined for level sites.

This predicted acceleration level for magnitude 5.25 earthquakes, is significantly

less than 0.15g, the value indicated by the maximum distances at which liquefaction

has been observed to occur in such earthquakes (see Figures 2.2 and 2.3). However, it

is consistent with the maximum distances at which liquefaction has been observed to

occur in larger magnitude earthquakes. For example, the upper bound curve shown in

Figure 2.2 implies that magnitude 8 earthquakes may be capable of liquefying sand

depo::;its at epicentral distances of about 400 krns. At such distances, these earthquakes

are expected to generate peak ground surface accelerations of about 0.03g, and approx

imately 10 representative cycles of loading (at a cyclic stress level of 0.65 'tmu' Sec

tion 6.2). Thus, given that the cyclic stress ratio required to liquefy a sand in 2 to 3

cycles (for magnitude 5.25 earthquakes from Table 3.1) is only about 50 to 70% larger

in magnitud. than the ratio required to liquefy the same sand in 10 cycles (Figure 3.3),

it seems teasonable to conclude that the minimum level of shaking for magnitude 5.25

earthquakes should be about 0.05g. In fact, even if earthquakes of this magnitude are

assumed to require cyclic stress ratios as much as 150% larger than those required for
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higher magnitude earthquakes, the :ninimum level of shaking is still only predicted to

be as high as about 0.03g x 2.5 = 0.075g. This level of acceleration is still

significandy less than O.lSg. Thus it indeed seems possible that levels of shaking in

Magnitude 5.25 eanhquakes significantly less than the levels shown in figure 2.3 may

be capable of causing liquefaction; this means that liquefaction may occur in these

events 81 epicentral distances significantly greater than about II kms.

The fact that liquefaction does not appear to have been reported in Magnitude

5.25 eanhquakes at epicentral distances greater than about 5 kms may well be due to

some combination of the facts that : (1) earthquakes of this magnitude have caused

liquefaction failures at greater distances, but they have not been reported in the techni

cal literature because they are rarely significant events meriting major studies and (2)

very few, if any. sufficiently susceptible sites are likely to exist, especially in areas

prone to seismic shaking. This second factor is particularly appropriate when consid

ering such low magnitude earthquakes because the region of significant shaking gen

erated by such an eanhquake. is small in comparison to the region shaken significantly

by larger magnitude earthquakes. 1berefore such critical sites. if they do exist, are

less likely to be shaken by low magnitude earthquakes.

A rough estimate for the maximum distance at which critical sites may be

liquefied, can possibly be obtained by using attenuation relationships to predict the lev

els of shaking induced at any given distance. Thus, the attenuation relationships listed

in Section 2.2 were used te ..blain approximate upper bound distances for the four

sites analyzed in this sectiOfl It should be cautioned that these distances, which are
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presented in Table 6.3, are at best very approximate values, as evidenced by the large

scatter in the levels of shaking predicted for any given distance. In the near-field

region (about 15 lans from the source) the scatter was as great as about ± 30%.

It may be seen from this table that the maximum distance at which liquefaction is

predicted to occur is heavily dependent on the magnitudes of the initial shear

stress/nonna! stress ratios. As these values are increased, the level of shaking required

to induce liquefaction is significantly reduced, and hence the same deposit may be

liquefied at even greater distances from the source than those indicated above. In real-

ity, however, the distance determined for 10 degree slopes, with seepage occurring

downslope. may well represent a practical upper bound distance since it seems reason-

able to assume that very few natural deposits are likely to contain initial shear

stress/nonnai stress ratios higher than about 0.4.

Table 6.3: Approximate Upper Bound Distances for Liquefaction
Occurring in Magnitude 5.25 Earthquake Shaking

Site
Static Shear Stress/ Min. level Epicentral
Nonnal Stress Ratio of Shaking Dist. (lans)

Level ground
0.0 O.l5g 12

Hydraulic grad. = 0.12

10 degree slope
0.18 0.10g 16

Zero hydraulic grad.

10 degree slope
0.24 0.07g 23

Hydraulic grad. =0.24

10 degree slope
0.37 0.05g 31

seepage down slope
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6.5. Summary and Conclusions

Many investigators currently believe that the minimum level of earthquake shak

ing required to liquefy a site is approximately equal to some value between about

O.OSg and 0.10g. This level is supported by both field perfonnance observations in the

fonn of the modified Mercalli Intensity scale, and experimental data such as the con

cept of a tlueshold strain. However as discussed in Section 2.2 and reiterated in Sec

tion 6.2, it seems probable that levels of shaking significantly less than these values

have already been known to cause liquefaction in, presumably, loose sand deposits.

For example, the upper bound curve (fitted to the field perfonnance data) shown in

Figure 2.2, seems to imply that sites have been liquefied by earthquake shaking with

peak ground surface accelerations as low as about 0.02g produced by earthquakes with

Magnitudes::: 8.5 Figure 2.3).

It also seems probable that levels of shaking even less than those implied by Fig

ure 2.3, may be capable of causing liquefaction. This prediction is based on the obser

vation that as the magnitudes of the initial static shear stress/normal stress ratios

imposed on a sand are increased, the liquefaction resistance of loose sands becomes

very low (see Figure 3.5), indicating that liquefaction can be induced by extremely low

levels of vibration. Obviously. such a prediction is contingent upon the fact that the

site being shaken is in a sufficiently critical condition, i.e. that the sand within the

deposit is both loose and subjected to very high initial shear stress ratios.

In reality, of course, few such sensitive sites are likely to exist, especially in areas

that are prone to seismic sh&king. Thus, it ma~ well be that a practical minimum level
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of shaking exists, not because of s-:>me cr.aracteristic property of sands such as thres

hold strain, but because of the maximum stati.:: shear stress/nonnal stress ratios that are

likely to be present within a generally stable deposit, i.e. a deposlt that would not have

failed unless it was !iubjected to some critical level of seismic shaking.

The effects of artesian pressure conditions and initial static shear stresses on the

minimum level of eanhquake shaking required to cause liquefaction were evaluated by

computing the responses of a variety of loose sand deposits. These deposits were

sihlated within both level sites and 10 degree slopes and contained a range of artesian

pore pressure conditions. It was found that for large (magnitude 8) earthquakes, the

minim.un level of shaking required to cause liquefaction for leve) sites appears to be

reduced as the magnitudes of the excess pressures increase. Such pressures are

predicted to have an even more substantial effect on the liquefaction potential of slop

ing sites since they also increase the initial shear stl'ess/nonnal stress ratios present

within the slope, and hence, further greatly reduce the liquefaction resistance of loose

sand deposits.

The presence of initial static shear stresses has been shown by a number of inves

tigators to have a significant effect on the cyclic loading resistance of loose

(DR = 35%) sands (see Figure 3.5). Thus, the minimum levels of shaking required to

liquefy sloping deposits is likely to be considerably less than the minimum level

required for level sites. In consequence, the maximum distance at which sloping sites

may liquefy is also predicted to be greater. An indication of the potential effects of

site conditions on the maximum distance of liquefaction, is provided by the lines
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depicting upper bound distances for the following four site conditions are shown in

Figure 6.19: (1) level sites with 6 ft artesian head at a depth of 50 ft: (2) 10 degree

slopes with 0 ft artesian ht'Jd at a depth of SO ft; (3) 10 degree slopes with 12 ft arte

sian head at a depth of SO £1; and (4) 10 degree slopes with seepage down the slope.

It is clear that such site conditions can have a :;ignificant influence on the distances to

which liquefaction may be expected to occur in earthquakes of different magnitudes

and that available dat.& may not be indicative of these possibilities.



10' L iii i i" :J

,-'
-J
v'

-- Submerged 10 degree alope.
No artesian pressure conditions./

//
/ I /.,. Submerged level site.

1/ / /.' 6 It. artesian head at 50 ft. depth.
/ {' Hydraulic gradient = 0.12.

/1/ ~'
III / ,. Curve indicated by field doto in
/I I ' Figure 2.3.

" I :,

10 degree alope with downslope
No artuian pressure conditions. .,......

Submerged 10 degree slop-e.
12 ft. artesian head at 50 ft.
Hydraulic gradient = 0.24. /-Y"

10 •-E
~
~

)(

0

E
a:::

10

3 4 5 6 7 8 9

Earthquake Magnitude

FIG 6.19 POTENTIAL EFFECTS OF SITE CONDmONS ON THE MAXIMUM DISTANCE OF
LIQUEFACTION FOR EARTHQUAKES OF DIFFERENT MAGNITIJDES.



277

CHAPTER 7

Summary and Conclusions

7.1. Summary

The aim of this investigation was to detennine the minimum levels of ground

shaking that are capable of causing liquefaction both from seismic and non-seismic

sources of vibration. As previously mentioned, many researchers currently believe that

liquefaction will not occur unless the peak ground surface accelerations generated at a

site exceed some value between about 0.05g and 0.10g. However, it now seems prob

able that levels of shaking significantly less than this value are not only capable of

causing liquefaction, but have caused liquefaction in the past. This belief is based on

the following:

I) the distances at which large (magnitude 8-9) earthquakes have induced

liquefaction,

2) the fact that non-seismic sources of vibration appear to have caused a

number of large-scale liquefaction failures, and such sources generate much

lower levels of shaking than even small (magnitude 5) earthquakes, and

3) the liquefaction resistance of loose sands becomes very small as the magni

tudes of the initial static shear stress/nonnal stress ratios imposed upon

these sands are increased.
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The ability of certain non-seismic sources to induce liquefaction has been noted

for many years. In fact, engineers have used techniques such as blasting and dynamic

compaction to ddiberately liquefy the sands within loose sand deposits. as a means of

densifying these deposits. Unfortunately, no information was found in the literature

relating the levels of ground shaking generated by these two sources to observed field

performance.

The non-seismic source that appears to generate the most liquefaction failures is

pile driving. This source is panicularly damaging for the following reasons: (1) a sin

gle pile driving operation may generate more than one million cycle of loading, (2)

most of the energy transmitted from the pUe to the soil is imparted at depth, rather

than at the surface. as is the case with the majority of non-seismic sources, and (3)

pore pressures are increased as a result of the volume of the soil displaced by the pile.

Crockett (1979) reports that surface vibrations as low as about 0.3 mm/sec have been

associated with significant ground settlements. However, for most cases, a higher level

of 2.5 mmlsec may well be a more realistic minimum. A 36.000 ft-lb diesel pile

driver is predicted to generate ground surface velocities in excess of this value at dis

tances up to about 150 ft. from the pile (Figure 2.22).

Ground vibration attenuation relationships for most of the sources that were

investigated are provided in Chapter 2. These relationships may be used to obtain

approximate values for the levels of shaking likely to be induced at a site. At sites

where it is necessazy to dctennine these values with a reasonable degree of accuracy. a

site-specific survey should be performed. In the absence of such a survey. it is
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recommended that either upper bound, or 95 percentile curves, be used to predict

ground vibration amplitudes because of the very large scatter in the ground vibration

data on which these relationships are based.

Another non-seismic source which is capable of causing ground settlements is

road traffic. For example, Terzaghi and Peck (1967) report that trucks had to banned

from several streets in Munich because the settlements that they were causing were

significant. However, given that the ground vibrations generated by even fully-loaded

trucks (9 mrn/sec from Figure 2.23), are only slightly larger in amplitude than the

minimum levels detennined for pile driving, and that these vibrations a.rc. confined to

the surface layers (unlike pile driving), it seems reasonable to conclude that the ground

shaking generated by road traffic is probably incapable of inducing large-scale

liquefaction failures.

The train-induced ground vibration records that were obtained in this investigation

confinn the common belief that trains are significant source of ground vibration.

These records reveal that at distances closer than about 6 meters (20 ft.) from the

tracks, trains are capable of generating peak ground surface accelerations in excess of

O.lg. In addition, the recorded motions were found to be considerably larger in ampli

tude than those reported in the literature. For example, Ames et al. (1976) report a

peak particle velocity of about 4 mmlsec recorded at a distance of 2 meters from a

diesel locomotive, while Figure 4.6 indicates that trains might be capable of generating

velocities as large as about 20 mm/sec at the same distance.
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The ability of trains to indue'" Uquefaction was evaluated by following the shear

stress approach, and the shear strain approach where applicable. The magnitudes of

the stresses and strains induced within the various sites were computed on the assump

tion that such motions consist predominantly of Rayleigh waves, an assumption that is

based on ideal elastic half-space theory, and supported by field attenuation me..sure

ments. It was found that for level sites, liquefaction is not predicted to occur at dis

tances beyond about 3 meters 00 ft.) from the tracks. However, for sloping sites with

seepage occurring down the slope and parallel to the ground surface, liquefaction

might well occur as far as about 45 ft. from the tracks. It should be pointed out that

even in this case, however, liquefaction is confined to the surface layers and is not

predicted to occur at depths greater than about 15 ft at distances of about 10 ft. from

the track.

Two failures that have been associated with trains (and are listed ir Table 1.1)

were analyzed during the course of this investigation. Since in both cases, the failure

surfaces were It;>cated more than 35 ft below the ground surface, and train-induced

ground vibrations appear to be confined to the surface layers, it seems reasonable to

conclude that neither of these two failures were caused by trains. The Surte failure

can most probably be attributed to ground shaking generated by pile driving. The

second slide, which occurred at Guntorp. had started to fail prior to the passage of the

train and while the train may have accelerated the failure, it seems likely that ule slide

may have occurred. anyway.
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The effects of both anesian pore pressures, and initial static shear stresses, on the

liquefaction potential of sand sites subjected to earthquake shaking, were evaluated by

computing the responses of a variety of loose sand deposits. It was found that as the

magnitudes of the initial shear stress/nonnal stress ratios imposed upon the deposits are

increased, the levels of shaking required to cause liquefaction are significantly reduced.

For example, level sites shaken by magnitude 8 earthquakes are not predicted to

liquefy unless the peak ground surface accelerations exceed a value of about 0.07g. In

contrast, saturated 10 degree slopes (with seepage down the slope) may liquefy under

much lower levels of shaking of about 0.02g. Magnitude 8 earthquakes are predicted

to generate accelerations of this magnitude at distances of about 570 lans (370 miles)

from the epicenter of the earthquake.

In fact. analysel> based on the shear stress approach imply that liquefaction can

probably occur under extremely low levels of excitation. This prediction is based on

the observation that as the magnitudes of the initial static shear stress/normal stress

ratios imposed on loose sand deposits become large, the cyclic stress ratio required to

cause liquefaction becomes very small. In reality of course, few natural deposits are

likely to contain such high initial shear stress/nonnal stress ratios, especially in areas

subject to ground shaking. Thus, levels of shaking of 0.02g to 0.03g may well

represent a practical minimum for magnitude 8 earthquakes. not because lower levt"'.s

are incapable of causing liquefaction. but because few, if any such critical sites, exist.

The minimum levels of shaking for magnitude 5.25 earthquakes are believed to be

considerably less than those implied by Figure 2.3.
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The presence of artesian pore pressures is also predicted to have a significant

effect on the minimum level of shaking required to liquefy a site. For example, sub

merged, level, loose sand deposits with anesian heads acting at depths of 50 ft., may

liquefy under levels of shaking as low as 0.05g, while similar sites with zero anesian

pore pressures are not predicted to liquefy unless the ground surface accelerations

exceed a value of about 0.07g. Since the presence of such pressures increases the

values of initial static shear stress/nonnal stress ratios within sloping sites, and hence

lowers the liquefaction resistance of loose sand deposits, anesian pressures have an

even more substantial effect on the liquefaction potential of sloping deposits.
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APPENDIX A

Derivations for Relevant Equations

A.I Derivation of Equations to Compute Ray1eiah Wave Cyclic Shear Strains

As discussed in Section S.2, the ground motions that are associated with each

Rayleigh wave mode of vibration may be described by the following equations:

where

Ux (x,z,t)=!(Z)' e i (OlI-k.r)

Uz ex,z,t) = g (z) . e i (Oll - k.r )

(i) = frequency (rads/sec),
k =wave number,
z = depth,
x =horizontal distance, and

! (z), g (z) are complex functions

5.1

5.2

"x is the horizontal displacement, Uz is the vertical displacement, and ! (z) and g (z )

are the horizontal and vertical mode shapes respectively. Once these modes shapes are

known, the cyclic shear strains that are generated by each of the modes can be com-

puted as described below.

The shear strains that exist on the horizontal and venical planes within a soil are

given by the equation:
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A.I

Differentiating Equations 5.1 and 5.2 with respect to z and x, respectively, gives

and

= g(z)' ei(Oll-U). -j . k

At the fixed location, x =0

and

[
dUZ

] = -i . k . g (z) . e j Q) I

ax %-0

and thus by Equation A.I,

Yw = [f'(z) - j . Ie • g(z)] . eiQ)1

A.2

A.3

A.4

A.S

A.6

The maximum shear strains on the horizontal and vertical planes are equal to the abso-

lute value of the complex amplitude:

max Yw = I y~ I= If '(z) - i . " . g (z) I 5.3

whe~ f '(z) is the derivative of f (z) with ~spect to z
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Since, for the "real" Rayleigh wave mod~s (which are of primary interest in this inves-

tigation). I (z) is purely real. and g (z) is purely imaginary. the expression within the

absolute sign is real.

Similarly. the shear strains that exist on any 45 0 plane within a soil are given by the

equation,

A.7

where Ex and E2 are the axial strains in the x and z directions, respectively.

Differentiating Equation 5.1 with respect to x and Equation 5.2 with respect to z:

Ex = a;; = -i . k . I(z)' ei(fJ)/ -koX)

= g'(z) . ei(Q)( -koX)

and considering the strains at x=O,

E - [aux
] = -i . k . I (z) . eim I

x - ax x..o

and

A.8

A.9

A.IO

A.II
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Thus, Equation A.9 leads to the following equation for Rayleigh waves,

145. = [-i·k 'f(z)-g'<z)] 'e iw1 A.12

and the maximum shear strains on the 45 degree planes are equal to the absolute value

of the complex amplitude, giving:

max 'Y45. = I 145· I= Ik . fez) - i . g'(z) I 5.4

where g '(z) is the derivative of g (z) with respect to z

Since, for the "real" Rayleigh wave modes, f (z) is purely real, and g (z) is purely

imaginary, the expression within the absolute sign is once again real. This implies that

the horizontal and vertical motions are 90 degrees out of phase with the motions on

the 45 degree planes. It can also be shown that the maximum cyclic shear strains are

the largest of either max 'Yw or max 145.'
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A.2 Derivation of Equation 5.8

The buoyant weight, W, of a submerged block of soil (Figure A.I) of unit width,

length, L, and venical height, h... , is given by the equation

where

w = y'. h... . cosa . L

y , =the buoyant soil density,
a = the slope angle, and

h.,. = the venical depth of the base of the
block below the ground surface.

A. 13

This force is resisted by a nonnal force, N, and a shear force, T, acting along the base

of the block. The magnitude of the normal force,

N = W· cosa

Thus, the normal stress acting over the base of the block.

W . cosa 2
a'net = = "f" h... . cos a.

L

If an artesian pressure, "e' aets at this depth within the slope then

cf = (y" h . cos2a.) - "/let v e

Swruning forces parallel to the ground surface gives

T = W . sina

and thus, the shear stress acting along the base of the block,

A.14

A.15

A.16

A.I?

'ta =
W . sina = y'. h... • cosa . sina

L
A.18
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sz Water Table

A.l FORCES ACflNG ON A BLOCK OF SOn... WITHIN A SUBMERGED
INFINITE SLOPE.

"'--.-.

A.2 FORCES ACflNG ON A BLOCK OF SOn... WITHIN AN Il'.'FINITE
SLOPE WTnI A WATER TABLE AT TIlE GROUND SURFACE AJ"D
SEEPAGE OCCURRING DOWN TIlE SLOPE.
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The initial static shear stIess/nonnal stress ratio acting on any plane parallel to the

ground surface i!: therefore given by the equation

'ta 'Y ' . hv • cosa . sina
=

a'"a ('Y' . hv • cos2cx) - u~

A.3 Derivation of Equation 5.9

5.8

The forces acting on a block of soil within an infinite slope with a water table at

the ground surface and seepage occurring down the slope are shown in Figure A,2. As

for the case of the submerged slope, the buoyant weight of this block,

where

w = 'Y" hv • coscx . L

'Y ' = the buoyant soil density,
a =the slope angle, and

hv =the vertical depth of the base of the
block below the ground surface.

A,13

In addition to this force, a second driving force acts on the block due to the head loss

experienced by the water flowing down the slope. This force,

S = !lh . 'Yw . A = L· sina . 'YIAI . hv • cosa A19

where tJJ = head loss,
'Yw = density of water, and
A = area

Summing forces nonnal to the base of the block,
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N = W . eaSel

Thus, once again the nonnal stress acting over the base of the block is given by

A.20

a'lIa = W . eoscx = y'. h\l . cos 2a
L

A.21

and if an artesian pressure, u" acts at this depth within the slope then

a' = (y'. h . eos2cx) - UlIa " ,

Summing forces parallel to the base of the block,

T = W . sincx + S

and dividing by the area of the base,

t a = (y' + Yw) . h... . cosa. . sina.

A.22

A.23

A.24

Thus, the static shear stress/nonnal stress ratio acting on any plane parallel to the

ground surface at depth, hy is given by the equation,

'ta Yb . h" . cosa . sina.
=a'lIa (Y , . hy • cos2cx) - u,

5.9

where Yb =the bulk density of the soil.
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A.4 Derivation of Equation 6.7

The small strain shear modulus of a sand can be computed using the following

equation,

Assuming that,

then,

where
and

where

1

G max = 1000· (K2)max . (cr'm) Z

G max = shear modulus for sand (pst)
cr'm =mean effective stress (pst)

a'". = 0.63' a'D

ciD = the effective overburden pressure.

5.7

A.25

1

G max = 1000· (KZ)max . (0.63 . a'0)2 A.26

Since the presence of artesian pressure conditions reduces the shear modulus of a sand,

and the computer program SHAKE does not account for the presence of such pres-

sures, they may be taken into account by using a modified value of (KZ>max as input

for the program. This modified value can be computed as follows,

1

1000 . (K 2)_ • (0.63 . a'0)2

which implies that

1

= 1000· (K 2)max . (0.63 . 0'0 - "It) 2
A.27
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...)(0.63 . er'o - u,)
= (K 2)max . --;::::=====-

"I}(0.63 . er'o)
A.28

6.7

where (fa' = effective overburden pressure
u, = artesian pore pressure



307

APPENDIX B

Comparisons of Exiding Damage Criteria (from Theissen and Wood, 1982).
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