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CHAPTER 1

Introduction

1.1. Introduction

Over the last two and 2 half decades, a significant amount of research has been
conducted in the field of soil liquefaction. This research has led 1o the development of
several techniques which can now be used to make reasonable assessments of the
liquefaction potentials of sand sites under most levels of earthquake shaking. One
aspect of the problem which is still under debate however, is the minimum level of
shaking required to liquefy a deposit.

Many researchers currently believe that liquefaction will not occur unless the
peak ground surface accelerations generated at a site exceed some value between about
0.05g and 0.10g. This range is based on relationships between Intensity, say as meas-
ured on the Modified Mercalli Scale, and observed field performance. In addition, 1t
appears to be supported, at least for level sites, by experimental data such as

laboratory-determined values of thresheld strain.

However, while such a range might seem appropriate, it also seems probable that
levels of shaking significantly less than this value have caused liquefaction in the past.
For example, Fuller (1912) reports that a sand island near Vicksburg, Mississippi
disappeared during the 18§11 New Madrid earthquake (approximately magnitude 8.2).

This istand was locared at a distance of about 460 kms (300 miles) from the epicentral



region and presumably failed as a result of soil liquefaction. The above observation is
significant because the ground surface accelerations generated at this distance are
expected to be about 0.03g (based on the attenuation relationships referred to in Sec-
tion 2.2), thereby suggesting that the minimum level of shaking may actually be about

onec-half to one-third of the higher values referred to above,

Further suppon for the lower level is provided by the observation that even non-
seismic sources of vibration are reported 10 be capable of causing liquefaction. For
example, Broms (1978) states that the stability of slopes is affected by "a temporary
increase in pore water pressure in the boftom layers from e.g. vibrations caused by
pile driving, heavy traffic, erc.” Such an observation is important because the ground
vibrations generated by non-seismic sources are of a very low level compared with the

shaking generated be even small (magnitude §) earthquakes.

In fact, over the last 40 years alone, non-seismic sources appear to have caused a
number of large-scale liquefaction failures (Szerdy, 1985), some involving up to 4 mil-
lion cubic yards of soil. Seven slides which seem to have been clearly associated with
the liquefaction of sands, are listed in Table 1.1. The causes of these failures are
reported to include quarry blasting, blasting for removal of trees, vibrations associated

with pile driving, and those associated with the passage of trains.

Thus, it indeed seems probable that levels of ground shaking significantly less
than 0.05g may well be capable of inducing liquefaction, and while this suggestion
appears to be in conflict with the levels based on the Modified Mercalli Intensity scale,

it may not be inconsistent with the levels determined from experimental resuits. For



Table 1.1

Landslides Induced by Sources of Low Level Vibrations

Case Location
No. and Date Soil Type Slide Area Volume Vibration Source
L. Toulnustouc River, Very stiff, sensitive Light blasting to remove
Canada clay with silt and 3200 x  800° | 3 x 10%cu. yds. | trees (Conlon, 1966).
May 23, 1962 sand seams
2. Froland, Sweden Sensitive clay with Blasting in quarry about
June 5, 1978 silt and sand seams 600" x 4007 5 x 10° cu. yds. | 80 meters from slide arca
(Bjurstrom and Broms, 1973).
3. Surte, Sweden Sensitive clay with Pile driving in slide area.
Sept. 29, 1950 sand seams and lenses | 2000° x 1200° | 4 x 10% cu, yds. | Train had just left area
(Jacobsen, 1952).
4, Save River, Sweden | Sensitive clay with Slide occurred about 4 hrs.
Aug. 6, 1966 silt and sand seams 400" x 160° 7 x 10* cu. yds. afler c.!nvu)g 60 timber
piles in slide arca (Broms
and Bennemark, 1967).
5. Guntorp, Sweden Sensitive clay with Slide occurred just after
April 13, 1953 silt and sand seams 240" % 200’ 3% 10* cu. yds. passage c.j»f trair. on upper
end of slide area
(Fellenius, 1955).
6. Cajon Pass, Calif. Uncompacted clcan , ’ 1 Train on slide mass at
1s.
March 6, 1978 sand embankment 100> 1207 14X 107 eu. y35 | e of failure.
7. San Joaquin River Sand embankment Train on slide mass at

Dela, California

saturated at base.

time of failure.




example, the higher acceierations were computed for level deposits subjected 10 zero
initial shear stress, and recent experimental evidence has shown that as the magnitudes
of the initial shear smess/normal stress ratios imposed upon a sand are increased, the
liquefaction resistance of loose sands is significantly reduced (Szerdy, 1985, Vaid and
Chern, 1983, Castro et al., 1982, and Yoshimi and Oh-Oka, 1975). Since the magni-
tudes of the initial shear stress/normal stress ratios are a function of both the slope of
the site, and the artesian pressure conditions, certain deposits may well be predicted to

liquefy under much lower levels of shaking.

The ability of centain non-seismic sources to induce liquefaction has been noted
for many years. In fact, engineers have used tecuniques such as blzsting and dynamic
con. ~tion to densify sand deposits by causing liquefaction. Another source which
might also be capable of causing liquefaction is trains. This belief is based on the fact
that trains are associated with several of the failures listed in Table 1.1, and that they
are commonly regarded as a significant source of ground vibration. It therefore
seemed appropriate to try to determine the levels of shaking generated by this source,
and hence determine whether train-induced ground vibrations might have caused any

of the failures referred to above.



1.2. Scope

This study was performed in four pars:

Y

2)

3)

4)

A literature survey which was undertaken to both determine the levels of
ground shaking generated by various non-seismic sources of vibration, and

to relate these levels to observed field performance.

Measurements were made of train-induced ground vibration amplitudes in
the field, since it appeared that the levels reported in the literature were
somewhat inconsistent with the common perception that trains are a

significant source of ground vibration.

Analytical studies were performed to predict the levels of cyclic shear stress
and shear strain, likely to be induced within a site by trains, and hence
attempt to determine whether trains might be capable of causing liquefac-
tion.

Analytical studies which were also performed to examine the effects of
both artesian pore pressures and initial static shear stresses on the minimum

level of shaking required to cause liquefaction at a site.



1.3. Outline

To assist the reader, a brief outline of the material covered in each chapier is

presented below.

The characteristics of the ground motions that are generated by the following
non-seismic sources of ground vibration are presented in Chapter 2: blasting, dynamic
compaction, pile driving, construction equipment, and road and rail traffic. This infor-
mation is presented along with a brief discussion on the maximum distances at which
different magnitude earthquakes have caused liquefaction. Chapter 3 presents a sum-
mary of the methods that may be used to evaluate the liquefaction potential of sand
sites subjected to ground shaking. The relative advantages and disadvantages of the

two approaches, the shear strain and the shear stress approach, are discussed.

The characteristics of the train-induced ground vibration records that were
obtained during this investigation are presented in Chapter 4. This is followed by an
evaluation of their liquefaction potential (in Chapter 5), and their possible relevance in
two of the liquefaction failures that have been associated with trains (and are listed in

Table 1.1).

The effects of both artesian pore pressures and initial static shear stresses on the
minimum level of earthquake shaking required to cause liquefaction at a site is investi-
gated in Chapter 6. Conclusions are presented in the final chapter along with recom-

mendations for further study.



CHAPTER 2

Sources of Low Level Excitation and Their Liquefaction Potential

2.1. Introduction

Most engineers associate large-scale liquefaction with ground vibrations generated
by earthquakes. However as discussed in Chapter 1 non-seismic sources of ground
vibration also appear to be capable of causing liquefaction failures of a similar magni-
tude. This lack of awareness can possibly be attributed to the fact that earthquakes
themselves are large dramatic cvents and that non-seismic ground vibrations appear to
have caused a much smaller number of large-scale failures. This is not meant to imply
that non-seismic sources of vibration cause fewer liquefaction failures since in reality
they cause a large number of these types of failures. Rather that most liquefaction
failures associated with non-seismic sources of vibration result in small ground settle-

ments close to the source.

The differences between the gencral extent of failures associated with each source
of vibration (seismic or non-seismic) can probably be antributed to differences in the
characteristics of the ground vibrations produced by cach source. One of the principal
differences is in the amount of e¢nergy that is imparted to the soil since ground vibra-
tions produced by even a moderate earthquake, contain much larger amounts of encrgy
than ground vibrations gencrated by non-seismic sources. Another major difference is

in the frequency contents of these motions. The ground vibrations that are generated



by earthquakes arc alicred as they propagate verically up through a site. Since
motions with frequencies close to the narural period of the site are amplified, the
predominant period of the surface motion is often clase to the natural period of the site
which typicaily ranges from 1/4 to 2 seconds (1/2 1o 4 Hz). In contrast, non-seismic
sources tend to produce ansient ground vibrations with much higher predominant fre-
quencies, even though these frequencies alse appear to depend on the soil type at the
site. Predominant frequencies for different soils have been presented by a number of
researchers such as Wiss (1967) and Manin (1980) whose values are listed in Table
2.1. Dalmatov et al (1968) further report that ground motions with a predominant fre-
quency of 24 Hz were recorded at a site consisting of 24m of loam (glacial in origin)
which was overlain by 2.0m of rubbish. These motions were produced by impact pile
driving.

When energy is imparted to a soil mass, most of the energy is transmitted as
some combination of compression waves (P waves), shear waves (S waves) and Ray-

leigh waves. However the proportion of energy that is camed by each wave type is

Table 2.1 : Predominant Frequencies for Different Soils

Material Predominant Frequencies | Predominant Frequencies
after Martin (1980) after Wiss (1967)
at 5-10Hz
loose alluvial fill 5-10Hz
silt 10Hz
clay 20 - 30 Hz 15 - 25 Hz
sand 30 - 40 Hz




unknown. In 1955, Miller and Pursey (1955) examined the case of a uniformly disti-
buted circular energy source, oscillating verucally on the surface of an ideal, homo-
geneous, isotropic, elastic half space and they concluded from this analysis that
approximately rwo-thirds of the energy thar was imparted to the soil was ransmined as
Rayleigh waves. As a result of their findings, most researchers now believe that sur-
face sources of vibration predominantly generate Rayleigh waves. Researchers such as
Dalmatov et al (1968) and Lo (1976) have confirmed Miller and Pursey’s findings by

measuring attenuation rates in the field.

The attenuation rates of P waves, S waves, and Rayleigh waves can be deter-
mined approximately by elastic theory. Such an analysis shows that both compression
waves and shear waves which are collectively known as body waves, attenuate at a
significantly faster rate than Rayleigh waves. For example, body waves traveling
within an clastic half-space radiate outwards from the source on a spherical front and
thercfore the amplitude of this motion attenuates at a rate which is proportional to d~!,
(where d is defined as the distance from the energy source). At the surface of an elas-
tic half-space, the amplitudes of body waves attenuate at an even fasrer rare propor-

tional to d~2. In contrast, Rayleigh waves which radiate from the source on a conical

1

front, attenuate at a rate which is proportional to d 2, Rayleigh waves with real wave
numbers, K, are characterized by the fact that all points on a vertical plane move in

phase with cach other.
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The ground vibrations that are produced by non-seismic sources can further be

classified as one of three rypes of vibration (after Wiss, 1981):

1)

2)

3)

Transient or impact ground vibrations which are typically generated by
activities such as blasting, impact pile driving and demolition, where there
is sufficient time between each impact for vibrations te attenuate
significantly,

steady-state or continuous vibrations which are generated by pieces of

equipment such as vibratory pile drivers, large pumps and compressors, and

pseudo-steady-state vibrations which are typically produced by equipment
such as jackhammers, pavement breakers, trucks, bulldozers, cranes and
scrapers. These vibrations are either random in nature or generated by sur-
face impacts which occur at a shor enough interval so that the induced

vibrations approach steady-state conditions.

These three types of vibration are iilustrated in Figure 2.1.

Before vibration levels for the various sources are presented it should also be

pointed out that the magnitude of non-seismic ground vibrations is usually assessed by

measuring peak particle velocities at the ground surface. This measure was probably

chosen because carly researchers were primarily interested in the effects of ground

vibrations on structures and it was concluded that levels of structural damage could

best be corrclated with peak ground surface velocitics measured adjacent to the struc-

wre (Edwards and Northwood (1960), Northwood et al (1963) and Nicholls et al
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Types of Construction Vibratiens

v
Transient T
v
Vv
Pseudo - T
Steady-State
V= Vibration Amplitude T= Time

FIG 2.1 THREE TYPES OF NON-SEISMIC GROUND VIBRATIONS
{from Wiss, 1981),
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{1971)). Other researchers subsequently found that peak particle velocity could also be
closely related to ground settlements and to levels of human awareness. For example
Dalmatov et al (1968) report that peak particle velocity is closely related to ground set-
tlements associated with pile driving, and Wiss (1974) states that human awareness to
vibrations is closely related to the peak particle velocity. It should also be noted how-
ever, that levels of building damage, human awareness, and ground settiements have

also been related to peak ground accelerations and peak ground displacements.

This chapter presents a summary of the characteristics of ground vibrations that
are generared by such non-seismic sources as blasting, dynamic compaction, pile driv-
ing, consuuction equipment, road traffic and rail traffic. No attempt was made to
investigate the characteristics of ground vibrations produced by machinery or by the
demolition of buildings. A brief discussion of earthquake-induced liquefaction is also
presented in order to provide an indication of the lowest levels of acceleration at which

liquefaction is known to have occurred during these events.

2.2. Liquefaction Potential of Earthquakes

The maximum distance at which liquefaction can occur from the zone of faulting
has been studied by a number of investigators including Kuribayashi and Tatsuoka
(1975) who developed a plot of the maximum distance of liquefaction, R, versus earth-
quake magnitude. The distance, R, was defined by these authors as being the distance
from the epicenter of an ecarthquake to the most distant occurrence of liquefaction.

While it is commonly accepted that the level of shaking at a site is more closely
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related to the shortest distance from the surface expression of rupture than to the epi-
central distance, rupture surface determinations were only made for a few of the carth-
quakes reported by Kuribayashi and Tarsuoka (Davis and Berrill, 1983). Therefore the
amount of data that could be shown on a plot of earthquake magnitude versus closest
distance to the causative fault would be insufficient to produce an acceptable upper
bound for R. The data points presented in the Kuribayashi and Tatsucka plot represent
Japanese sites which liquefied during the last century. Approximately 100 sites were

noted to have liquefied during more than 44 carthquakes.

Several authots have subsequently added points to Kuribayashi and Tatsuoka's
original plot. These authors include Youd (1977) who provided points from 13 non-
Japanese earthquakes, Davis and Berrill (1983) who provided 5 points from earth-
quakes recorded in several countries, and Tokimatsu and Seed (1984) who provided
the additional 7 points listed in Table 2.2. A complete plot showing all of this data is

presented in Figure 2.2.

Since post-earthquake reconnaissance studies such as the study conducted by
Youd (1977) appear to show that carthquakes below a magnitude of about 5 are inca-

pable of inducing liquefaction, the upper bound curve in Figure 2.2 drops off sharply
for earthquake magnitudes less than about 5% and is shown dashed in this region.
Youd investigated several magnitude 4 to S earthquakes which occurred in arcas con-

taining potentially liquefiable sediments, and was unable to find any evidence of

liquefaction. The limiting earthquake magnitude suggested by this figure is approxi-
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Table 2.2 : Case Histories of Maximum Distance to Liquefaction versus Earthquake
Magnitude
Year Earthquake Magnitude | Epicentral Distance (km)
1811 | New Madrid EQ 8.2 460 |
(Fuller, 1912)
1966 | Parkfield EQ 56 25
(Ross, i568)
1981 | Mammoth Lakes EQ 6.1 27
(LADWP, 1981)
1957 | San Francisco EQ 53 5
(Ross, 1968)
1978 | Miyagiken-oki EQ 6.7 110
(Tohno and Yasuda, 1981)
1983 | Nihonkai-chubu EQ 7.7 180
(Tohno et al, 1983)
1983 | 6/21/83 EQ 7.1 140
(Tohno et al, 1983)

mately equal to 4% and is only slightly smaller than the cutoff of M = 5 suggested by
Youd.

With the aid of both the upper bound curve shown in Figure 2.2 and available
attenuation relationships between maximum ground acceleration, earthquake magnitude
and epicentral distance, it is possible to estimate the minimum ground accelerations for
which liquefaction has been induced by earthquake shaking. The values of ground
acceleration shown adjacent to the curve in Figure 2.3 were obtained by averaging the
results of attenuation relationships presented by Orphal and Lahoud (1974), McGuire
(1977), Donovan and Bomstein (1978), Iwasaki et al (1978a), McGuire (1978), Comell

et al (1979), Battis (1981) and Hasegawa et al (1981). It may be noted from this
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figure that ground vibrations generated by magnitud; 8 earthquakes are predicted to be
capable of liquefying sands when their ground surface accelerations exceed a value of
about 0.02g. This level of shaking is significantly smaller than 0.05 - 0.10g, which is
commonly perceived to be the minimum level of shaking required to induce liquefac-

tion.

2.3. Ground Vibrations Produced by Blasting

The ground vibrations that are generated by blasting are known to be capaole of
liquefying sarurated sands. In fact engineers have used this capability 1o densify deep
deposits of loose saturated sand by detonating charges within these layers. Ground
vibrations produced by the blast liquefy the sand which increases in density as the pore
pressures dissipate. This ability to liquefy sands has also been used by Russian

engineers as a means of evaluating the liquefaction potential of sand sites.

The characteristics of ground vibrations that are produced by blasting have been
extensively studied by numerous rescarchers. However despite this efiort, rescarchers
are still unable to predict the intensity of shaking with a high degree of accuracy, pri-
marily because of the large number of factors which influence the ground vibration
magnitudes. It is the influence of these factors which include the weight of charge per
delay, the delay timing, the geological conditions, the type of explosive and the
geometry of the blast that helps to explain the large amount of scatter in any plot of

peak particle velocity versus some scaled distance term.
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The high degree of uncertainty that is associated with predicting blast-induced
ground vibration levels is a direct consequence of the large amount of scatter evident
in the recorded data. This scarter is clearly illustrated in 2 plor developed by Dowding
(1985), who plotted vaiues of peak paricle velocity against scaled distance for over
2500 construction, quarry, and surface coal mine blasts. Dowding attempted to reduce
the scatter in this plot by making separate plots for construction blasts, quarry blasts
and surface coal mine biasts; however replotting the data in this fashion did not
significantly reduce the scatter. These three plots which are reproduced in Figure 2.4
show that peak particle velocity still varies by as much as two orders of magnitude for

any single value of scaled distance.

It is because of this scatter that most empirical formulae which predict ground
vibration magnitudes represent specific levels of exceedence as illustrated by the lines
shown in Figure 2.4. The line labeled 50 is the least squares, best fit line for the data,
while the other two lines are bounds below which lie 84% and 95% of the data points.
Most researchers state that in the absence of site specific measurements, 95 percentile

relationships should be used to predict peak particle velocities at any given site.
The velocity amplitudes of blast-induced ground vibrations are most commonly

expressed as a function of either square root scaled distance, -f_— or cube root scaled
w

distance,%.whemdisdeﬁnedasthedistanoefrommcsourceandw is the
w
weight of explosive detonated per delay. Both of these terms were derived from the

more general non-dimensionalized term ——‘;—:—1-3— Dowding (1985) states that both p
pc
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(the density of the rock mass) and c (the seismic velocity of rock) were subsequently
neglected because these parameters are not observed to vary significantly for different
rocks. However the seismic velocity may vary from one rock to another by a factor of
two, and changes in seismic velocity of this magnitude would appear to significantly

affect the value of the non-dimensionalized term.

Several of the attenuation relationships which predict vibration levels as a fanc-
tion of cube root scaled distance are presented in Figure 2.5. The solid line shown in
this figure was proposed by Ambraseys and Hendron {1968), who developed their rela-
tionship from measurements of ground vibrations at a wide range of sites. The ground
vibrations at these sites were rroduced by blasts in which the weight of charge per
delay varied from 14 to 14,500 kg (30 1o 32,000 lbs). Ambraseys and Hendron's rela-
tionship implies that ground vibrations decay at a rate proportional to d =% near to the
source, and at a rate proportional to d ™% for scaled distances greater than 10; these
rates of decay are similar to the rates of decay associated with body waves (refer to

Section 2.2).

Three of the most commonly used square root relationships are shown in Figure
2.6. Curves A and B in this figurc represent upper and lower bounds for peak particle
velocities produced by conventional blasts and Oriard (1971) states that the upper
bound curve, curve B, should be used to predict peak particle velocities in the absence
of & site-specific survey. Since blasts with unusual confinement tend to produce
ground vibrations of greater magnitude than conventional blasts, curve C should be

used to predict vibration levels produced by these types of blasts. Two examples of
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blasts with unusual confinement are blasts produced by the simultaneous detonation of
holes along a presplit line or blasts produced by detonation of the first holes in the cut
round of a tunnel. Curves A, B and C are based on Oriard’s personal experience with
ground vibration amplitudes while Line D is the line of best fit suggested by Devine
(1966). Curves A and B imply that peak particle velocities vary by approximately one
order of magnirude for any value of scaled distance. Hendron (1977) states that a

scatter of this magnitude is typical for data obtained from down-hole blasting.

It 15 worth noting that the peak particle velocities predicted by square root scaling
relationships are approximately the same as those predicted by cube root scaling rela-
tionships, a point which is amply illustrated by Dowding (1985), who compared the
peak paricle velocities predicted by Oriard’s (1971) relationship and Ambraseys and
Hendron’s (1968) relationship. Dowding found that the velocities predicted by these
mwo relationships were not significantly different within a range of 6m to 31m (20 ft to
100 ft) from the blast. At distances greater than 31m from the source however, the
square root relationship suggested by Oriard was observed to be more conservative
while the cube root relationship was more conservative at distances closer than 6m

from the source.

Time history traces depicting the three perpendicular components of a typical
blast-induced ground vibration are shown in Figure 2.7. This ground vibration was
produced by a blast in a surface coal mine. Component L (the longitudinal com-
ponent) depicts the motion along a horizontal radius from the blast, component V dep-

icts the vertical component, and component T depicts the transverse component which
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is perpendicular to the longitudinal component. Fourier amplitude spectra indicating
the relative amplitudes of different frequency peaks for these motions are shown on the
right of this figure.

The dominant frequencies of blast-induced ground vibrations are neted to vary
over a range of 0.5 1o 200 Hz (Cording et al, 1975). However this range is misleading
since individual types of blasting tend to produce a more limited range of frequencies
as shown in Figure 2.8 (after Siskind, 1980). The bar graphs for surface coal mine
blasting, quarry blasting and construction blasting that are presented in this figure sug-

gest the following ranges of predominant freguency:

Surface coal mine blasting 5 to 25 Hz
Quarry blasting : 101t 35 Hz
Construction blasting : 15w 60 Hz

The frequency content of ground vibrations is also dependent on the distance from the

source and the medium through which the motions propagate.

One recent development in the field of blast vibration prediction is the develop-
ment of techniques to predict response spectra for ground motions produced by blast-
ing. The development of these techniques is important because the dynamic response
of a structure is dependent upon both the magnitude of the ground vibrations and their
frequency content. Componemts of ground motions with frequencies close 1o the
natural frequency of the structure will be amplified. One of the first techniques for
developing response spectra for blast-induced vibrations was proposed by Dowding

(1971), and a detailed description of this procedure is provided by Dowding (1985).
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Other procedures for developing response spectra for ground vibrations produced vy

blasting have been presented by Medearis (1977) and Naik (1979)

Despite the fact that the characteristics of ground vibrations produced by blasting
have been studied extensively, it is concluded that rescarchers are still unable to
predict the magnirude of blast-induced vibrations with any reasonable degree of accu-
racy. Accurate prediction is thwarted by the large number of factors which influence
the imtensiry of shaking and it is these factors that are responsible for the wide ranges
in values of typical blast parameters, presented in Table 2.3 (after Cording et al, 1975).
Since these valucs are associaied with normal blasting operations for tunneling, surface
mining and construction activities, Dowding (1985) states that the ranges presented in
this table should be extended to higher values for special cases such as close-in blast-
ing. Unformnately data is not available for vibration levels close to the source because

most monitoring equipment is unable to withstand this extreme environment.

Table 2.3 : Typical Range for Blast Parameters (after Cording et al, 1975)

Parameter Range
displacement 107 - 10 mm
velocity 1072 - 107! mun/sec
acceleration 1072.10g
pulse duration 0.5 - 2 secs
wavelength 3 to 1500m
frequency 0.5 to 200 Hz
strain 3x1075 1o 5x1072
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Because peak particle velocity is observed to vary by as much as 2 orders of
magnitde for any value of scaled distance, the best way to determine ground vibration
characteristics is to conduct a site specific survey. Ground vibration levels measured
at the site can be extrapolated to greater distances by expressing these levels as a func-
tion of either square root scaled distance or cube root scaled distance. In the absence
of such a survey however, vibration levels should be predicted by using formulae
which represent 95 percentile upper bound curves for previously recorded data; these
levels should be revised once blasting has commenced. Figure 2.9 which shows velo-
city anenuation curves for blasts involving 10 kg (22 lbs), 100 kg and 1000 kg of
charge per delay, is included to provide the reader with a feel for the amplitudes of
typical blast-induced ground vibrations. These curves are based on the upper bound

curve (curve B in Figure 2.6) proposed by Oriard (1971).

2.4. Ground Vibrations Produced by Dynamic Compaction

Even though dynamic compaction has been used to compact soils for centuries, it
was not until 1970 that Louis Menard formally promoted this technique as a means of
attaining significant levels of ground improvement. The technique of dynamic com-
paction involves dropping weights from significant heights onto the ground surface;
most weights vary in size from S to 20 tonnes (5.5 to 22 tons), and drop heights typi-
cally range from 10 to 25m (30 to 85 f1); however they may be as high as 40m. The
degree of densification that can be attained and the depth of significant improvement,

are dependent upon the soil profile and the impact energy of the weight.
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Dynamic compaction is particularly effective as a method for compacting loose
saturated cohesionless soils, principally because the ground vibrations generated by the
impact of a weight on the ground surface, are capable of liquefying these types of
soils. This capacity to liquefy saturated cohesionless soils is noted by Mitchell (1981)
and a specific example is cited by Lukas (1980). In addition Charles et al (1981) who
measured the pore pressure response in a piezometer located directly beneath a
pounder, observed that the pore pressure rose over a period of half a second. This
observation is significant since the duration of significant shaking produced by a single

impact typically lasts for about half a second.

Numerous researchers have proposed empirical relationships which predict ground
vibration levels produced by dynamic compaction; the simplest of these express peak
particle velocity as a function of distance. Reclationships of this latter type have been
proposed by both Leonards et al (1980) and Mayne (1985) who compiled a plot of
peek particle velocity versus distance for ground vibration levels recorded at twelve

dynamic compaction sites, Equations 2.1 and 2.2 represent upper bounds for the data.

1.7
e ey = (2] 21
75 |V

where PPV = peak particle velocity
and d = distance to point of impact
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The data presented in Mayne's plot indicates that peak particle velocities varied by
more than one order of magnitude for any given distance, a scaner thart is typical of
such plots. This scatter may be partially attributed to the observation that the size of
weights being dropped at these sites varied from 3.1 to 40.5 tonnes (3.4 to 45 tons),
and that the drop heights varied from 1.5 ro 30.5 meters (5 to 100 ft). The soils at

most of the rwelve sites were granular fill,

The majority of empirical relationships which predict ground vibration levels pro-
duced by dynamic compaction express peak particle velocity as a function of some
scaled distance term involving the potential energy of the falling mass. Relationships
of this type have been proposed by Mayne, Jones and Dumas (1984), Lukas (1984),

Gambin (1984) and Mayne (1985) who plot peak particle velocity as a function of

VE,

Ta, where E, is the potential energy of the falling weight and 4 is the distance

from the poimt of impact. The plot compiled by Mayne, Jones and Dumas presents
field data from some 14 sites which included deposits of silty sands, sandy fills, sandy
clays rubble, coal spoil and debris fill. They conciuded from their plot that a safe
upper limit for preliminary estimates of peak particle velocity is provided by the equa-

tion:
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1.4
PPV (mmisec) S 70 [______mde

where W = mass of weight (tonnes),
H = height of drop (meters), and
d = distance from impact (meters)

A typical plot of peak particle velocity versus scaled distance is shown in Figure
2,10 (from Mayne, 1985). The data shown in this plot was recorded at 12 compaction

sites and is bounded by the equations:

17
W H
PPV (mmisec) = 92 [—%—H—] 2.4
where W is measured in tonnes, and
4, and A are measured in meters
woH |
PPV (inisec) =8 —a 25

where W is measured in tons, and
d, and H are measured in feet

Since the peak particle velocities shown in Figure 2.10 vary by almost one order of
magnitude for any given value of scaled distance, it may be concluded that neither the
relationships derived from plots of PPV versus scaled distance nor those derived from
plots of PPV versus distance are able to predict the amplitude of dynamic compaction-

induced ground vibrations with a high degree of accuracy. A similar degree of scatter
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was also evident in Mayne, Jones and Durnas’s (1984) plot of PPV versus scaled dis-

tance.

The best relationship for predicting peak particle velocity appears to be that pro-
posed by Mayne (1985) who observed that the scarter in ground vibration levels was
greatly reduced by plotting the data as normalized particle velocity against a normal-
ized distance term. Mayne normalized the peak particle velocities by dividing them by
the theoretical velocity of the free falling weight on impact, while the distance from
the point of impact was normalized against the radius of the weight, r,. Replotting
the data in Figure 2.10 in this form lead to the greatly reduced scattet shown in Figure
2.11. This small degree of scafter is particularly encouraging considering the wide
range of weights and drop heights involved; however Mayne cautions that it may be
fortuitous. The best representative iine through the data in Figure 2.11 (after Mayne,

1985) is expressed by the equation:
-17
PPV __ _ps2 |4 26
J2 Y H r 0
where d and rg, and PPV and V2 - g - H are in consistent units.
This apparent dependence of peak putticle velocity on the dimensions of the falling
weight was also observed by Menard (no date} who notes: "the amplitude of the vibra-
tions is only slightly influenced by the height of fall of the pounder but increases

noticeably with the area of impact.” However since in reality, the equivalent radii of

most dynamic compaction weights only range from 0.6 to 1.1m (2 to 3.5 ft), scaner is
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alsu likely to be small in plots of normalized peak particle velocity versus distance.

A typical recording of a near field dynamic compaction-induced ground maotion is
shown in Figure 2.12. This trace which was produced by the impact of 2 5.9 tonne
(6.5 ton) weight falling from a height of 12 meters (40 ft), was recorded by a seismo-
graph located on & footing at a distance of 3.5 meters from the point of impact. As is
typical of these ground motions the longitudinal component of the ground motion
shown in Figure 2.12 is dominant and the transverse component is very small. Pub-
lished ground vibration records also appear to show that each impact typically pro-
duces 2 1o 3 cycles of significant shaking near to the source and that this number of
cycles tends to increase as the waves propagate away from the source due to wave
dispersion. Menard (no date) states that a typical compaction-induced ground vibration

consists of 3 to 6 cycles of almost constant amplitude.

Both Mitcheil (1981) and Mayne (1985) suggest that the predominant frequencies
of ground vibrations produced by dynamic compaction range from about 2 to 20 Hz.
Menard however proposes a more limited range of 2 to 12 Hz and further states that
predominant frequencies of 3 to 4 Hz are most common. Values of predominant fre-

quency reported by other investigators include the following:

leonards et al. (1980) : Loose fine to medium sand 6 -8 Hz
Lukas (1984) :  Rubble fill 10 - 20 Hz

Because the predominant frequencies of dynamnic compaction-induced ground vibra-

tions are typically much smaller than the predominant frequencies of ground vibrations
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produced by other non-seismic sources and the natural frequencies of many residential
stuctures lie within the same range, ground vibrations generated by dynamic compac-
tion arc potentially more damaging than those generated by other non-seismic sources.
The relatively low predominant frequencies are anribuied to the large strains induced
in the soil by the impact of the falling weight; Hansbo (1977, 1978) states that the
shear moaulus associated with such large strains is about one tenth of the low strain

shear modulus.

One factor of major interest in the uvse of dynamic compaction is the depth of
significant ground improvement which is primarily a function of the impact energy
imparted by the falling weight. Three formulae which predict this depth are listed in
Equations 2.7, 2.8 and 2.8. Menard and Broise (1975) suggest that the maximum

depth of influence can be calculated using:
D =W - -H 27

maximum depth of influence (meters),
mass of falling weight {(tonnes), and

D =
W =
H = h. i of drop (meters)

Leonards et al (1980), who plotied the results from seven sites, found that the line of

best fit through their data was given by Eguation 2.8;

D=05VW - H 2.8
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The third relationship which was proposed by Lukas (1980) is as follows:
D = (065 - 080) VW - H 29

These different results may be partially attributed to the fact that the depth of
significant ground improvement is a matter of subjective judgement. As Mitchell
(1981) points out, this depth depends upon both the method of measurement and the
engineer’s definition of what constitutes significant ground improvement. Two factors
which also influence the maximum depth of improvement are the efficiency of the
weight-dropping system and the nature of the soil profile at the site. For example Leo-
nards et al (1980) report that clay seams within a site greaty reduced the efficiency of

dynamic compaction.

All of of the formulae that have been presented thus far are based on field perfor-
mance data; however it should also be pointed out that several researchers such as
Scott and Pearce (1975), Mayne, Jones and Boudra (1983), Mayne, Jones and Fedosick
(1982) and Wallays (1983) have developed formulae based on numerical models,
Most of these formulae predict the impact stresses generated by a weight colliding
with the ground surface; however several also predict stress attenuation from the point
of contact. Mayne and Jones (1983) reviewed formulae of this type and concluded
that elastic theory provided a reasonable prediction of stress attenuation in granular
soils, even though only those relationships proposed by Wallays had been compared
with the results of full scale tests. Since acceptable predicticns were made in four out

of the five case studies that Wallays examined, Wallays concluded thar his formulae
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provided an acceptable means of forecasting the performance of dynamic compaction
and particularly the maximum depth of influence. Wallays also proposed formulae
which predict the likely magnitudes of settlements at the surface and those at any
depth within the site. Theoretical formulae for predicting the depth of influence, peak
particle velocities and properties of the compacted soil such as effective stress friction
angle, soil modulus, undrained shear smength, and overconsolidation ratio, have been

presented by Mayne, Jones and Fedosick (1932).

In summary, it may be stated that most formulae which predict the level of
ground vibrations produced by dynamic compaction express these levels as a function
of either distance or some scaled distance term and since plots of peak particle velocity
versus either distance or scaled distance indicate that measured values of peak particle
velocity typically range over at least one order of magnitude for any given value of
cither distance, most of thesc formulae predict upper bound vibration levels. The for-
mula which appears to provide the most accurate prediction of ground vibration levels
is Equation 2.6, which was devcloped by Mayne (1985). Mayne discovered that by
ploning normalized ground vibration levels against a normalized distance term the
scatter in his data was greatly reduced although he cautions that such a limited scatter

may be fortuitous.

In order to compare the levels of ground vibration that are likely to be generated
by the various different non-scismic sources, Equation 2.6 has been used to produce
velocity artenuation curves for two hypothetical dynamic compaction operations.

These curves which are shown in Figure 2.13 are believed to depict upper bound
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vibration levels for 2 5 tonne weight falling from a height of 10m and a 15 tonne
weight falling from a height of 20m and were calculated assuming a radius of 0.53m

for the 5 tonne weight and a radius of 0.77m for the 15 tonne weight.

Over the last two decades dynamic compaction has become an accepted technique
for compacting large areas of loose fills economically. This technique is particularly
effective in compacting saturated cohesionless materials because the high levels of
ground vibration that are produced by dynamic compaction are able to liquefy these
materials. However, while such high levels of vibration are advantageous when trying
to liquefy a soil they are also detrimental since these levels of vibration are capable of
damaging structures. Dynamic compaction-induced ground vibrations are particularly
damaging because they conrain low predominant frequencies that are close to the
natural frequencies of structures; therefore cantion is required in using dynamic com-
paction in urban areas. Thompson and Herbert (1978) report a case history where
ground vibrations produced by dynamic compaction were successfully arrested by dig-
ging 3m deep trenches at a distance of 10m from a bridge abutment. As a result

vibrations in the abutment were reduced in amplitude by 95%.

2.5. Ground Vibrations Produced by Impact Pile Driving and Dynamic Pile
Driving

Pile driving operations at sitcs containing saturated loose to medium-dense sands
commonly cause significant ground sertlements which often appear to be associated

with some degree of liquefaction of the sand. This observation is supported by Lacy
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and Gould (1985) who state that “in vulnerable sands the effect of pile driving 1s
sometimes similar to that of a limited liquefaction in which materials are reported to
have gone "quick"". Lacy and Gould further note that even marginally contractive

sands may be liquefied by hard driving.

The serlements that are caused by pile driving are typically small in magnitude
and are usually of little consequence. However in some cases, these scttlements have
had serious consequences and have led 10 the demolition of buildings located close to
pile driving operations. Tschebotarioff (1973) describes a case history where H piles
were being driven intc a saturated mediom-dense sand using both impact pile drivers
and vibratory pile drivers. The wall of a six story building adjacent to the site had
been underpinned in an attempt to prevent damage and the top of the wall was main-
tained to within 25 mm (1 inch) of its original position throughout the driving. Unfor-
tunately, settlements occurred at distances well beyond the underpinned wall and as a
result of these settlements two buildings, a 6 story building adjacent to the site and a

neighboring 16-story building, had to be demolished.

Case histories involving ground settlements associated with pile driving have been
reported by Lynch (1960), Dalmatov ¢t al (1968), Tschebotarioff (1973), Heckman and
Hagerty (1978), Clough and Chameau (1980), Lacy and Gould {1985) and Picornell
and del Monte (1985) and several of these are presented in Table 2.4 (after Lacy and
Gould, 1985). It is interesting to note that liquefaction is cited as the cause of most of
the fatlures listed in this table. For example, Lacy and Gould state that settlement of

the smeer in case b was probably caused by an increase in pore pressures due to pile



Table 24 :  Possible Liquefaction Failures Induced by Pile Driving (after Lacy and Gould, 1985)
Case Descripdon Distance to Dy of
Desig. Location of Operation Measurement | Velociry Sand Seniement
A Foley Square, 80ft long, 20 ft. 0.19in/s | 42-49% | Building at 20ft settled
New York City 14HP73 piles 20 ft. 0.14 infs | 53-57% | 3" (destroyed). 1ft
at 3ft centers. 20 ft. 0.19 in/s settlement between piles.
B Lower Manhattan, | 60ft long, 18" Sheetpile wall displaced
New York City dia. open pipe. 40-60% | 2ft at top, causing
Close spacing. street to settle 1.5ft.
C West Brooklyn, 100-150ft long, 0.1 in/s | 30-50% | Structure sertled 3" as
New York City 14HP73 piles. 5-30 fi. on 40-60% | piles were driven.
40 driven. building Piling operation stopped.
D South Brooklyn, 80-150f1 long, 0.1 infs Structure on 30ft long
New York City 10.75" closed- 10-80 ft. to 40% timber piles settled
end pipe piles. 0.9 in/s 3". 220 piles driven.
E Lower Connecticut | 80ft long, Pier foundation
River 12HP53 piles. 40% underwater. 2.75ft
160 piles at settlement between
3t centers. piles.

v
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driving. These increased pore pressures are believed to have reduced the passive resis-

ar.ce of berms inside the excavation, thus permiming the walls of the unbraced

cofferdam to move inward.

It is evident from the large number of pile driving-induced failures that are

reported in the literature, that pile driving operations cause a significant amount of dis-

tress within the ground. Two possible reasons for this are as follows:

)

2)

Most pile driving contracts produce a large number of cycles of ground
vibration. Crockett (1979) notes that driving 10 piles to a depth of 10
meters is likely to produce approximately 10,000 cycles of ground vibra-
tion. In contrast, a site near a quarry will probably only be subjected to

several hundred cycles of vibration over a period of several years.

Most of the pile driving energy that is transferred to the soil, is mransferred
through the base of the pile. Lacy and Gould (1985) report a case history
where surface vibration levels generated by pile driving were sumilar in
magnitude to those produced by vehicular traffic on streets adjacent to a
site. However despite this fact, no settlements were observed as a result of
the vehicular traffic prior to the commencement of pile driving. Lacy and
Gould conclude that the ground vibrations produced by pile driving caused
more distress because most of the energy was imparted at depth. Ground

vibrations produced by vehicles are confined to the surface layers.

Despite the fact that ground vibrations generated by pile driving have been stu-

died in detail, very few, if any, of the numerous empirical relationships that have been
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developed are able to predict ground vibration levels with a high degree of accuracy.
This particularly applies to the simplest of these relationships which are derived from
plots of peak particle velocity versus distance. Plots of this type, such as those
developed by Luna {1967), Dalmatov et al (1968), Attewell and Farmer (1973}, Lo
(1976), Heckman and Hagerty (1978), Mallard and Barstow (1979) and Theissen and
Wood (1982), commonly show that values of peak particle velocity vary by almost 2
orders of magnitude for any given distance. Such a scatter is shown in the Skipp
(1984) plot presented in Figure 2.14 and may be partially attributed to pile drivers of
varying capacities.

Several relationships attempted to account for the effect of different capacity
drivers, by expressing peak pamicle velocity as a function of scaled distance terms,
which incorporate the energy imparted by a pile driver. Unfortunately plotting the

data in this manner does not appear to significantly reduce the scatter. The scaled dis-

tance term which is most commonly used is el where E is the input energy pro-

vided by the pile driver, and 4 is the distance from the pile and plots of peak particle
: vE :

velocity versus a4 have been presented by Wiss (1967), Attewell and Farmer (1973)

and Mallard and Barstow (1979). Attewell and Farmer's plot which is based on data
from five sites where the soils ranged from coarse sand to laminated clays is shown in
Figure 2.15. The least squares line of best fit through the data in this figure and an
upper bound line for the same data, are described by Equations 2.10 and 2.11, respec-

tively:
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0.87
d
V =15 -‘J-g_— 2.11
d
where £ = input cnergy (joules),

d = distance from pile (meters), and
¥V = particle velocity (mm/sec)

Because of the scatter that is evident in such a plot, Attewell and Farmer recommend
the use of upper bound values determined by Equation 2.11 to predict ground vibra-
tions levels produced by pile driving. However they also acknowledge that the use of
the coefficient 1.5 in this equation is probably conservative, since vibration levels

measured at 4 of the 5 sites for which data arc presented are bounded by the equation:

V. =075 % 2.12

The ground vibration dara ploting above this line were produced by driving sheet piles
through a stiff silty clay which was underlain by a firm laminated clay.

As previously noted, the scatter in plots of vibration amplitude versus scaled dis-
rance (approximately equal to 1% orders of magnitude in Figure 2.15) does not appear

to be significantly less than the scatter in plots of peak particle velocity versus dis-
tance. Researchers have attributed this remaining scatter to factors such as soil proper-
tics, type of hammer, size and type of pile, and the efficiency of the pile driving sys-

tem.
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Other formulae which predict peak particle velocity as a function of scaled dis-
tance are presented in Equations 2.13, 2.14 and 2.15. Equation 2.13 which was

developed by Mallard and Barstow defines the line of best fit through their data.

1.6
V = 3236 [if-] 2.13

where E is the input energy in kNm,
d is the distance from the pile in meters, and
V is the particle velocity in mm/sec
Equations 2.14 and 2.15 which were developed by Heckman and Hagerty (1978)

are based on levels of ground vibrations generated by driving piles into a silty loam

using an impact hammer.

For 305 mm (12YH piles: V = 098 if— 2.14
For 350 mm (14") H piles : V = 0.52 _"[_;1_5_ 2.15

where E is the input energy in joules,
d is the distance from the pile in msters, and
V is the particle velocity in mm/sec

Because the ground vibration levels recorded by Heckman and Hagerty appeared
to be significantly influenced by the impedance of the pile being driven, these authors
developed a third relationship which expresses peak particle velocities as a function of

both pile impedance and scaled distance: This formula is described by the equation:
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V=

K % 2.16

where K is a funcrion of the pile impedance and
is dependent on the units of £ and 4.

The impedance of a pile which is a measure of the maximum force that can be
transmirted along a pile. is defined by Peck, Hanson and Thomburmn (1974) as being
equal to the pile area multiplied by the pile density and the sonic velocity of the pile.

Hecicman and Hagerty's plot of K versus pile impedance is presented in Figure 2.16.

It appears from the limited scatter shown in this figure that Equation 2.16 is likely
to predict peak parricle velocities more accurarely than the other relationships currently
available. However, even so, the results obtained from this equation are still only
approximate. This is due to the large number of remaining factors such as the position
of the water table, the composition of the soil profile, the advent of hard driving and
possible resonance effects that also influence ground vibration levels but are not taken
into account. The effect of one such factor is illustrated in Figure 2.16. Peint 1 which
lies significantly above the curve proposed by Heckman and Hagerty, was recorded on
the surface of a rubble fill through which piles were being driven. Heckman and
Hagerty state that the position of this point is due the influence of the hard layer on
transmitting vibrations. In soft soils, most of the impact energy goes into advancing
the pile, while in stiff soils most of thx energy is transmitted out into the soil mass as
waves. A plot indicating a direct relationship between peak particle velocities and

SPT blow counts was presented by these authors and is shown in Figure 2.17.
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The fact that very few rescarchers have attempted to develop theotetical formulae
which predict the magnitude of ground vibrations induced by pile driving can probably
be amributed to the complicated nature of the wave field that is generated by driving a
pile. A schematic illustration of this wave field is presented in Figure 2.18 (from Mar-
tin, 1980}, When a hammer impacts on the top of a pile, 2 body wave is generated in
the pile. This body wave travels down the pile to its base where some of the energy is
ransmined into the soil as P waves and § waves before being reflected back up the
pile. As the wave propagates down the pile energy is lost through skin friction along
the side of the pile, although Attewell and Farmer (1973) believe that most of the
impact energy is ransmined through to the pile base. Artewell and Farmer further
suggest that the relative energy contents of the transmitted and reflected waves can be
estimated from Zoeppitz's equations (presented by Richart et al, 1970), use of which is
based on the assumption that both the pile and the soil remain elastic. If these equa-
ticns are used, the approximate ratio of transmitted energy to reflected energy is

estimated to be 2 to 1 at a steel-soil interface.

The shear waves that are produced at the base of the pile radiate outwards from
their source and those S waves arriving at the surface at some critical distance from
the pile, approximately equal to the depth of the pile tip, create a headwave. Both of
these waves interact with the low amplitude conical expanding shear waves generated
as a result of skin friction between the pile and the soil, to form a very complex sur-
face motion. Attewell and Farmer report that true Rayleigh wave motions are only

likely to develop at greater distances from the pile.
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Due to the complex nature of this wave field the exact amount of energy that is
associated with each wave form is unknown. Many researchers contend thar at Jeast in
the near-field region, the surface motions generated during pile driving primarily con-
sist of body waves. This contention is often based on the observation that the peak
particle velocities generated by pile driving attenuate at a rate proportional to about
d7! (for example, Attewell and Farmer, 1973), a rate which is the same as the attenua-
tion rate for body waves propagating within an ideal elastic half-space. Along the sur-
face of such a half-space, these waves attenuate at a rate proportional to 472, Other
evidence which may suggest that pile driving-induced ground vibrations primarily cen-
sist of body waves is presented by Mallard and Barstow (1979) who report a case his-
tory where the amplitudes of the herizontal components of ground vibrations (produced
by pile driving) were observed to increase in magnitude with the advent of hard driv-
ing. They state that the amplitudes of the horizontal surface motions are not expected
to increase if these motions are comprised of "pure surface waves"”. Mallard and Bar-

stow attributed this phenomena to two possible causes:

1) the amival of shear waves generated at the base of the pile, and

2) the prebored pile starting to whip horizontally.
However while much of the evidence appears to support the contention of body waves,
some of this evidence appears to be inconclusive. For example, Atiewell and Farmer
(1973) who present plots of the motions at points on the ground surface at varying dis-

tances away from the pile, state that these vibrations ar¢ not wholly typical of surface

R wave transmissions, This may be uue but nonctheless it is also somewhat surprising
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since the motions at these points are shown to be retrograde, and the dominant Ray-
leigh wave mode of vibration is also likely to be retrograde. Further, for most natural
deposits, numerous Rayleigh waves are generated with significantly different mode
shapes and therefore it would scem hard 1o determine what a typical Rayleigh morion
should lock like. The conclusion by Attewell and Farmer that most of the energy is
transmitted as body waves may also be in partial conflict with the line of best fit
drawn through their data. For example, this line indicates that pile driving-induced
ground vibrationts artenuate at a rate proportional to d989 and even in the near-field
region, the amplitudes of body waves might be expected to attcnuatc at a rate

significantly faster than d~'° due o material damping.

Two authors who conclude that Rayleigh waves transmit most of the pile driving
energy that is imparted to a soil are Dalmatov et al (1968) and Lo (1976). Lo's belief
is based on the observation that he was able to adequately predict the attenuation of
ground vibrations by using the following equation which was established for Rayleigh
waves:

A=Ay _.d_l.,—qd-da 2.17

where A, A, are the amplitudes of particle velocity
measured at distances r and 7| respectively,
d,d, are distances from the source, and
o = coefficient of attenuation

Several values of @ are listed in Table 2.5 and a more complete listing for different

soils is provided by Barkan (1962).
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Table 2.5 : Values of o Proposed by Different Investigators

Reference Soil Type o (m~h
Lo (1976) soft-medium saturated | 0.04 - 0.06
silts
sands and gravels 0.12
Barkan (1962) average value 0.05
Attewell and Farmer 0.03 -0.12
(197%5)
Richart Hall and 0.02-0.14
Woods (1971)

The likelihood that liquefaction will occur during pile driving is most commonly
assessed by measuring the magnitude of peak particle velocities at the ground surface.
Crockert (1979) states that vibrations with amplitudes less than 0.3 mm/sec (0.]
inches/sec) have caused undesirable levels of soil compaction in some piling contracts.
However it appears that these are extreme cases and a peak paricle velocity of 2.5
mmy/sec (0.1 inches/sec) might be a more appropriate minimum level of surface vibra-
tion. Table 2.4 presented carlier, lists several case histories where significant surface
settlements were associated with peak particle velocities of 2.5 mm/sec and Lacy and
Gould (1985) state that pile driving-induced ground vibrations with peak particle velo-
cities at the ground surface as low as 2.5 to 5.1 mmy/sec (0.1 to 0.2 inches/sec) appear
to cause significant ground settlement. As a rough comparison, Crandell (1949)
reports that pile driving-induced ground vibrations were not observed to damage struc-
tures unless their peak particle velocities exceeded 85 mmy/sec (3.3 inches/sec). Thus it

may be concluded that levels of ground vibration well below the levels required to
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damage structures are capable of inducing significant ground settlements.

The probability that liquefaction will be induced by pile driving is also a function
of the type of pile driver, its operating frequency, the hammer energy, the size of the
job, the scil type and the position of the water table. For example, the overall size of
3 piling contract can determine whether senlements are likely to be insignificant or
potentially damaging. Lacy and Gould (1985) cite a case history where neighbering
structures started to settle after the first 100 piles had been driven, and continued to
settle at a sweady rate during driving of the next 120 piles. Particle velocities at the
ground surface ranged from 2.5 to 23 mmysec (0.1 to 0.9 inches/sec). A dewatering
system was subsequently installed and no further settlements were observed during the
driving of an additional 250 piles, leading Lacy and Gould to surmise that the dewater-
ing system mitigated the cffects of pore pressure buildup.

The scils that are most likely to settle during pile driving are loose to medium
dry or dense sands, and particularly those with relative densities less than about 55%.
In addition, the gradation curves for these sands commonly lie within the range for
sands that are susceptible to liquefaction during carthquakes (refer to Figure 2.19).
The gradation curves presented in this figure are the curves for those sands that were
thought to have liquefied in case histories reported by Lacy and Gould (1985). Curves
A, B, D and E in Figure 2.19 are the gradation curves for those sands that liquefied in

cases A, B, D and E in Table 24.

It is worth noting that several investigators including Clough and Chameau (1980)

and Dalmatov et al (1968) have shown that the magnitude of ground settiements is
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also closely related to peak ground surface accelerations, Dalmatov et al analyzed the
results of two case histories where piles were driven by an impact hammer. The first
of these involved driving sheet piles into a saturated silty sand with a relative density
of 50% while the second case history involved driving cast iron pipe piles into a 22
meter thick layer of loam (lacustrine-glacial and glacial in origin) which was overlain
by 2 meters of building waste (described as consisting of vegetable ground, broken
bricks, etc). Dalmatov et al noted that no settlements occurred at either site unless the
surface vibration levels exceeded a cemain critical acceleration, The critical accelera-
tion for the sand site was 98 mm /sc:c2 (0.01g} while the critical acceleration level at
the second site was 500 mm/sec? (0.05g). Dalmatov et al were also able to predict
theoretically the magnitude of the recorded settlements by using general equations
developed for calculating foundation settlements under the action of static loads. Dal-
matov et al achieved this by using moduli (determined by Kovalevsky, 1965) which

represented the total deformation of soils subjected to dynamic loads.

The effects of dniving sheet piles with a vibratory hammer were monitored by
Clough and Chameau (1980) during construction of the San Francisco sewer outfall
system. Field data showed that permanent vertical strains in the soil did not exceed
0.3% in areas where the ground surface accelerations were less than 0.1g. Clough and
Chameau not only concluded that there was an excellent correlation between per-
manent strains and surface accelerations, but that these settlements could have been
predicted from plots of vertical strain versus applied acceleration, using data developed

by Silver and Seed (1971). Silver and Seed's curves were based on the response of a
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dry sand (Dg = 40%) subjected to 10 cycles of loading at a frequency of 10 Hz. In
performing their calculations, Clough and Chameau assumed that all of the settlement
occurred within lenses of medium-dense (D = 50 - 60%) and loose (Dp = 30 - 40%)

sand that were present in the soil profile.

The form of ground vibrations generated by driving piles is dependent upon the
type of pile driver. For example, impact pile drivers which impart a single blow to the
top of the pile at a frequency within the range 0.5 to 6 Hz, rypically produce ground
vibrations that are transient in nature. As a rough guidelire, most singie acting impact
hammers operate at frequencies around 1 Hz, while most double acting impact ham-
mers operate at frequencies of around 2.5 Hz. Records which illustrate the nature of
ground vibrations generated by these types of hammers have been presented by Luna
(1967), Wiss (1967), Amewell and Farmer (1973), Lo (1976), Mallard and Barsiow
(1979) and Martin (1980). These records not only show that the vibrations produced
by impact pile drivers are transient in nature but that they contain predominant fre-
quencies which appear to depend on the soil at the site (as discussed in Section 2.1).
It is also observed that ecach blow of rke pile driver appears to generate 1 to 2
significant cycles of ground motion at distances close to the pile. Ground motions that
have been recorded at distances of 100 meters from a pile appear to contain 2 to 6
significant cycles of loading. One of the records presented by Martin (1980) is shown

in Figure 2.20.

In contrast, ground vibrations produced by vibratory pile drivers are continuous in

nature and contain predominant frequencies that are the same as the operating
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FIG 2.20 GROUND VIBRATIONS GENERATED BY A 2.5 TONNE DROP UAMMER
DRIVING 356mm DIAMETER CASED PILES INTO CLAY AT 4 METERS
DEPTH - MEASUREMENTS AT 15m FROM PILE (from Martin, 1980).
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frequency of the pile driver; most vibratory pile drivers operate at frequencies berween
10 and 40 Hz; however some drivers, often referred to as sonic pile drivers, operate at
frequencies up to 135 Hz. Records of ground vibrations generated by vibratory pile
drivers also show these drivers typically produce vibrations that are significantly
smaller in amplitude than the vibrations produced by a comparable impact pile driver.
This observarion is reiterated by Wiss (1967) who further states that the ground vibra-
tions produced by sonic pile driving are usually one order of magnitude less than those
produced by impact pile driving; however vibration amplitudes vary continuously and
may reach half the magnitude of those produced by a comparable impact hammer.
The fact that these vibration levels may become extreme when a vibratory pile driver
is operated at frequencies at or near the predominamt frequency of a soil deposit is
noted bv both Heckman and Hagerty (1978) and Tschebotarioff (1973) who reports
that ground vibrations increased sharply as the operaring frequency of the pile driver
approached 30 Hz and then reduced rapidly as the operating frequency climbed above
this level. Because sonic pile drivers operate at frequencies that are above the natural
frequency of the seil, significant levels of shaking are generated whenever the opera-

tion of these drivers is interrupted; therefore such interruptions are undesirable.

Resonance can also occur when several pile drivers are operating at the same site;
Lacy and Gould report a case history where two pile drivers were operating at the
same site and peak particle velocities increased by a factor of 4 when the hammers

became synchronous.
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Despite the fact that ground vibrations produced by vibratory pile driving are usu-
ally smal. r in amplitude than vibrations produced by impact pile driving they are
potentially more hazardous. This is primarily due to two factors: (1) the possibility of
resonance, and (2) the larger number of cycles of ground motion that are produced by
vibratory pile drivers. Wiss (1967) allows for these two effects by suggesting that
allowable vibration levels for continuous vibrations should be one-half to one-fifth of

those permissible for transient vibrations.

In summary, it appears tha. .he best means of predicting ground vibration levels
is 1o conduct a site-specific study prior to the start of operations. a belief which is
shared by all researchers including Heckman and Hagerty (1978) who emphasize that
field experimentation and measurcments will always be the most meaningful and prac-
tical method for determining vibration levels. In the absence of such a survey, ground
vibration levels can probably be most accurately predicted by using Equation 2.16,
which takes into account the effect of pile impedence. It should be remembered how-
ever that these results are only approximate due to the large number of factors that

influence pile driving-induced ground vibrations. It is these factors that are responsible

for peak particle velocities varying over l-;— orders of magnitude for any value of

VE

R
The curves shown in Figure 2.21 are believed to depict upper bound velocity
anenuation curves for ground vibrations produced by a typical vibratory pile driver, a

40 kNm (30,000 ft-1b) impact pile driver and a 75 kNm (55,000 ft-lb) impact pile
driver.
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The maximum dis:ance at which significant ground settlements can occur during
pile driving is a function of both the soil type and the level of shaking that is gen-
erated during driving and each site must be evaluated separately. It appears that levels
of shaking less than 2.5 mmy/sec are unlikely to be associated with significant settle-
ments in most cases. It should also be noted that rules of thumb such as those pro-
vided by Luna (1967) who states that Energy Ratios become negligible at distances
equal to the pile length in sands and 2 to 3 times the pile length in clays, are generally
unconservative since these rules were developed to prevent stmcrural damage and the
Ievel of surface ground vibrations associated with significant ground settlements may
be as low as one-tenth of the level of shaking required to cause structural damage.
Crockett (1979) reports that in some cases surface vibrations as low as 0.3 mm/sec
have been associated with significant scttlements, a value which is one-hundredth of

the level required to produce structural damage.

The magnitude of ground vibrations generated by pile driving can be significamtly
reduced by reducing the capacity of the pile driver. However, such an action may not
reduce the detrimental effects of pile driving since a smaller driver will take longer to
drive cach pile and thus will increase the number of cycles of ground shaking. In

addition, a smaller pile driver may not be able to drive the pile to reach its desired

capacity.
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2.6. Ground Vibrations Produced by Construction Equipment

A paper written by Wiss (1981) is one of the few references that provide infor-
mation on the characteristics of ground vibrations generated by construction equip-
ment. In this paper, Wiss presents a plot of peak particle velocity versus distance for
various non-seismic sources of ground vibrations. This plot is reproduced in Figure
2.22. The lines shown on this figure represent approximate levels of peak particle
velocity and provide a good indication of the relative intensitics of ground vibrations
pruduced by the various sources. The data used 10 prepare Figure 2.22 were obtained
by measuring ground vibration levels during actual construction operations (Wiss,

1974).

The velacity attenuation relationships presemied in Wiss's figure imply that the
vibration levels produced by pieces of construction equipment (other than pavement
breakers) are relatively insignificant. This observation is particularly true at sites
where piles are being driven since the levels of ground vibration generated by pile
driving are approximat-ly one order of magnitude larger than those produced by
trucks, large bulldozers, and the drilling of caissons; and since construction sources of
vibration typically produce far fewer cycles of loading at lower amplitudes of vibration
than vibratory pile drivers, it is unlikely that they will be capable of causing liquefac-
tion, except in the immediate vicinity of the equipment. This belief is reinforced by
the fact that no case histories describing settlements induced by construction equipment

have been found in the literature.
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Information on the amplitude of ground vibrations generated by pieces of con-
struction equipment such as Cat D8 and D9 bulldozers, Cat Earthmovers, Euchd
Earthmovers and a Pavement Breaker is aiso provided by Ames et al (1976). It is
worth noting that oniy the ground vibrations that wer. generated by a pavement

breaker exceeded the attenuation curve for large bulldozers shown in Figure 2.22.

The maximum ground vibrations reported by Ames et al were produced by an
EMSCO Pavement Breaker which generated peak particle velocities of 73 mm/sec
(2.8% inches/sec) and 7 mm/sec (0.275 inches/sec) at distances of 10 ft and 38 fi
respectively. These peak particle velocities are noted to lie slightly above the attenua-
tion curve for pavement breakers shown in Figure 2.22 and imply an attenuation rate
that is consistent with the rate of attenuation in Wiss’s plot. Since ground vibrations
generated by pavement breakers are similar in amplitude to those generated during
vibratory pile driving {refer to Figure 2.22), it seems likely that these vibrations are
capable of causing significant ground settiements. However any such settiements are
anticipated to be smaller in magnitude than the settlements induced by vibratory pile
drivers due to the significantly smaller number of cycles of ground shaking that are

likely to be involved.

Only one case history has been located where ground settlements were attributed
to vibrations generated by a pavement breaker, and this involved a 6 ft thick layer of
glacial till that was dry to a depth of 3 feet settling approximartely one inch beneath a
house. For reference, peak particle velocities of 25 mm/sec (1 inch/sec) were meas-

ured adjacent to the house which was Jocated 9 meters from the compactor.
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2.7. Ground Vibrations Produced by Road Traffic

The amplitudes of ground vibrations generated by road traffic appear to be small
in comparison to vibrations produced by other non-seismic sources such as pile driv-
ing, dynamic compaction or blasting. This observation is based on data presented by
numcrous rescarchers including Ames et al (1976), who compiled a plot of ground
vibration data for a wide variety of vehicular equipment, highway structures and
ground conditions. For example, the maximum particle velocity reported by Ames et
al is approximately equal to 1.4 mm/sec (0.056 inches/sec), a value recorded at a dis-
tance of 17 feet from a fully-loaded fill haul truck, traveling over San Francisco Bay
Fill. In comparison, Figure 2.22 indicates that pezk particle velocities of about 50
mm/sec (2.0 inches/sec) may be generated at a distance of 20 f1 from a 49 kNm
(36,000 ft-Ib) diesel impact pile driver. The vibration levels that are reported by Ames
et al are consistent with ground vibration levels provided by Nicholls et al (1971),
Brown (1971), Tynan (1973) and Whiffin and Leonard (1971) who report that the
amplitude of normal running vibrations produced by cars varied from 0.06 to 0.25
nm/sec. Whiffin and Leonard further report that the amplitude of vibrations associ-
ated with irregularities in the pavement (such as manhole covers, expansion joints,

differential settlements, and potholes) may vary from 0.69 to 1.47 mm/sec.

The levels of ground vibration that are produced by road traffic are primarily a
function of vchicle weight, vehicle speced and surface roughness while other factors
such as the resonant frequencies of a vehicle’s suspension systems, different founda-

tion materials, the position of the water table and different road structures influence
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vibration levels to a lesser exient. The effect of vehicle weight and surface roughness
on vibration amplitude is clearly shown in the results of experiments reported by
Whiffin and Leonard. These experiments which involved driving trucks of different
weights over planks of varying thickness, at a range of speeds, showed that peak
ground surface velocities of up to 5 mm/sec (0.2 inches/sec) could be developed by
driving the trucks over 20 mm high planks and led Whiffin and Leonard to conclude
that both the size of the irregularity and the weight of the vehicle had a pronounced
effect on ground vibration levels. The same conclusions were also drawr: from experi-
ments conducted by Frydeniund (no date), and Rudder (1978) who observed that
ground vibration levels increased by approximately 40% for each doubling »f gross

vehicle weight.

Whiffin and Leonard also examined the effect of vehicle speed on vibration
amplitude and con-luded that vehicle speed had only a minor influence on ground
vibration levels. However, this conclusion is inconsistent with observations made by
other investigators such as Rudder who noted that doubling a vehicle’s speed appeared
to increase the induced ground vibration levels by 40 to 100%. In addidon, other data
presented by Lande (1974) sb.w an almost linear increase in peak particle velocity
with incressing speeds for vibration levels recorded within a pavement. Thus it may
be concluded that vehicle speed does have a pronounced effect on ground vibration
amplitudes. Since these speed effects appear to be dependent upon surface roughness
(Rudder 1978), any relationship between vehicle speed and ground vibraton levels

must be considered on a site specific basis.
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Traffic-induced ground vibration data from 5 sites where the soils ranged from
loose to medium-dense sands to stiff clays are summarized in a recent study reported
by Bameich (1985) and presented in Figure 2.23. These data which were recorded at
distances of 3 to 6m (10 to 20 ft) from the passing traffic are plotted versus frequency
for different types of vehicles and different values of surface roughness where surface
roughness, R, is defined by Bameich as being the maximum height of an irregularity
divided by the square root of the distance between irregularities. Barneich found that
cars traveling over very rough roadways were observed to generate maximum particle
velocities of about 0.4 mm/sec (0.015 inches/sec), values that are both consistent with
the levels of vibration presented carlier by Ames et al and similar in magnitude to the
levels generaed by buses and trucks traveling over smooth roadways (refer to Figure
2.23). However, the maximum amplitudes of ground vibrations produced by trucks
and buses are approximately six times larger than the highest levels reporied by Ames
et al. Figure 2.23 shows that trucks and buses are capablec of generating ground vibra-

tions with velocities as large as 8.9 mumn/sec (0.35 inches/sec).

Barneich also examined the effect of vehicle speed and vehicle weight on ground
vibration levels and concluded that peak particle velocities increased linearly with both
of these parameters, results which confirm the findings of Whiffin and Leonard (1971},

Lande (1974) and Rudder (1978).

As menrtioned in Section 2.1, the belief that road taffic-induced ground vibrations
consist predominantly of Rayleigh waves, is largely based on a theoretical analysis

presented by Miller and Pursey (1955). It should be noted however, that some ground
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vibration measurements appear to contradict this belief. For example, Whiffin and
Leonard report that the magnitude of horizontal motions tends to be negligible in com-
parison to the magnitude of vertical motions. This observation is significant since the
horizontal and vertical components of Rayleigh waves should be similar in magnitude.
However it is also inconsistent with the results of Fydenlund’s (no date) experiments
which indicate a much smaller difference in magnitude between these two cormponents.
Frydenlund reports that it was difficult to distinguish betwesn the 3 components at dis-
tances near to the source and while the vertical components of vibration were typically
S times larger than the transverse components they were only twice as large as the

longitudinal vibrations for measurataents made at a distance of 20 m from the road.

The predominant frequencies of meost traffic-induced ground vibrations lie within
the range of 3 1o 30 Hz. This range is suggested by both Rudder (1978) and Barneich
(1985), who further conclude that the peak response usually occurs within the range of
S to 20 Hz. A larger range of 1 to 45 Hz is proposed by Whiffin and Leonard (1971).
The frequen~y content of ground vibrations adjacent to the road is probably govemned
to a large extent by the characteristics of the tire/suspension systems of the different
vehicles. The resonamnt frequencies of these systems for typical highway vehicles (after
Chilton et al, 1975) are approximately 1.5 Hz for body oscillations, 10 Hz for rear axle
oscillations and 12 Hz for front axle oscillations. At distances farther away from the

source the predominant frequency of the soil deposit appears to dominate.

Judging by the vibration amplitudes reported in the literature most traffic-induced

ground vibrations are too small to be capable of liquefying sawmrated sands in the
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majority of casss. However this is not true in all cases since fully laden trucks travel-
ing at high speeds over very rough roads are capable of generating peak particle velo-
cities up to 8.9 mmy/sec (0.35 inches/sec), a value which exceeds the level of 2.5
mm/sec which has been associated with significant ground settlements caused by pile
driving. It should be pointed out that the magnitudes of such traffic induced settle-
ments are anticipated to be significantly less than those produced by pile driving vibra-
tions of a similar amplitude because most of the energy that is imparted to the soil
during pile driving is imparted at depth, whereas ground motions produced by road
traffic are confined to the surface layers. Lacy and Gould (1985) cite a case history
where vehicular traffic on streets adjacent to a site produced ground vibrations of a
similar magnitude to pile driving-induced vibrations; nonetheless they attributed the
observed ground setlements to ground vibrations produced by pile driving. Both

sources of vibration will produce a very large number of cycles of ground shaking.

The conclusion that traffic-induced ground vibrations are unlikely to liquefy sands
is also supported by the fact that only a small number of case histories have Lzen
presented where road traffic is cited as a cause of significant ground sertlements. The
most significant of these case histories is provided by Terzaghi and Peck (1967) who
report that in Munich, where most baildings rest on 20 feet of dense sand and gravel
overlying rock, truck traffic of increasing intensity caused settlements of such magni-
tude that several streets had to be entirely closed to trucking. Terzaghi and Peck
further report that new buildings adjoining old main highways in Holland corunonly

tilt away from the highway. This tilt is awributed to traffic vibrations having
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compacted the soil beneath and adjacent to the highway, whereas the sand supporting
the rear pant of the building was still in its original condition. The detrimental effects
of traffic-induced ground vibrations are also referred to by Crockett (1966} who claims
that settlement of the foundations of certain ancient buildings can be attributad to the
accumnulated effect of traffic over several centuries. However Whiffin and Leonard
(1971) state that Crocketi’s claim is very difficult to prove because of the many other

possible reasons for subsidence.

Since the low levels of vibration that are reported in the literature are consistent
with the small number of published references describing settlements caused by this
source, it seems reasonable to conclude that the papers referenced in this section pro-

vide a good indication of the range of vibrations that can be expected.

2.3. Ground Vibrations Produced by Train Traffic

The magnitude of train-induced ground vibrations is a complex function of a
variety of factors including axle weight, suspension design, train speed, ground condi-
tions and track features such as rail joints, sleeper pitch and long wavelength corruga-
dons. The influence of factors such as axle weight and suspension design is evidenced
by the fact that vibration levels produced by individual trains may significantly exceed
the levels produced by an average train passing over the same piece of track. This
fact was bome out in an English survey (conducted by Walker and Field and reported
by Griffin and Stanworth, 1985) which found that Electric Multiple Units (EM.U.)

were more likely 10 cause complaints concerning vibration levels than Diesel Multiple
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Units. Griffin and Stanworth concluded that this was probably due to the higher
unsprung mass of the traction motors in the Electric Multiple Units. The survey also
found that wagons with wedge loaded friction damped suspensions carrying bulk cargo
at 25 tons per axle were paricularly likely to cause complaints, a statement which
infers thar these types of wagons generated higher levels of vibration than the levels

produced by either average wagons or by Electric Multiple Units.

The effect of train speed on vibration levels is summarized by Dawn (1983), who
reports ground vibration levels measured at a distance of 25 m (82 ft) from a passing
train. The train, which consisted of 4 axle, 100 ton cars, was repeatedly run over a
section of test track at speeds ranging from 23 and 88 km/h. The results of this study
which are presented in Figure 2.24. show thar ground response peaked when the rrain
was traveling at a critical speed of 24.7 kan/h, a speed which is believed to occur
"when the sleeper passage frequency coincided with the resonant frequency of the total
vehicle on the track.” Since the peak ground surface velocities presented in Figure 2.24
are expressed in units of decibels, dB, it is useful to point out that a 3 dB increase is
approximately equal to increasing the peak particle velocity by 40%. This figure also
shows that the amplitude of ground vibrations generated by trains increases only
slightly with increasing train spesd for trains traveling at speeds greater than 30 km/h,
thus implying that reducing the train speed is unlikely to significantly reduce the mag-
nitude of ground vibrations. It is worth pointing out that if the train speed is
decreased until it is near to the critical speed then ground vibration levels may

significantly increase.



79

%‘ 2
- 3 "o T 1] | T T Y -Y Y T
re
e 3
g a f‘. LY % _"“
1 S -

a % » = ]
§e
* 00 A i Y Il I i i A A
b Rl 13 0 ¥ 0 & 70 ® W o0
E Train speed (l/h}

FIG 224 VIBRATION VELOCITY LEVEL AS A FUNCTION OF TRAIN SPEED

- MEASUREMENTS MADE AT A DISTANCE OF 25 METERS FROM
THE TRACKS (from Dawn, 1983).

Wovelength oV
1m)° h‘h

90

s 8

Train speed (hm/h)
»
Q
T

b

A I U S N W T W T T Y T U S WA SR R—
q $ 3 7 8 9 10112131415 20 25 30 35
Frequency [Hz)

FIG 225 FREQUENCY OF SPECTRAL PEAKS IN GROUND SURFACE VERTICAL
VIBRATION. NUMBERS PLOTTED ARE NEAREST INTEGER VALUES
OF RMS ACCELERATION (ms~2 x 10%) (from Dawn, 1983).



80O

Ground vibration levels are also influenced by the foundation material; for exam-
ple larger amplitude vibrations appear to be genecrated in soft ground than in hard
ground. Some rescarchers have attemipted to quantify these effects by using survey
techniques to determine the ¢lastic properties of the ground. However as yet rescarch-
ers are stll unable io relate measured vibration levels to specific ground properties

(Griffin and Stanworth, 1985).

The dominant frequencies of rrain-induced ground vibrations are functions of both
train speed and the wavelengths of various repeating features such as vehicle length,
sleeper spacing, rail length, and wheel circumference. This primary dependence is
clearly demonstrated by the results of experiments conducted by Dawn (1983) and is
shown in Figure 2.25. The speed-dependent peaks that are plotted in this figure are
linked by lines of constant slope, and the wavelength quoted against each line is
defined by Dawn as the distance traveled by the train for one cycle of oscillation. As
mentioned previously, these wavelengths correspond to the wavelengths of various
repeating features, such as sleeper or tic spacing, which is approximately equal to 0.71
m. It is this wavelength that "wnes in" to give a maximum response at a speed of
24.7 km/h and a frequency of 9.7 Hz, which is thought to be the resonant frequency of
the total vehicle weight on the track. The resonant frequency is primarily a function
of the unsprung mass of the train and the stiffness of the ballast. Other measuremenis
which indicate dominant frequencies corresponding to wavelengths of 0.7 m, 1.78 m,
248 m and 6.1 m have been reported by Dawn and Stanworth (1979). The peaks at

1.78 m and 248 m are caused by long wavelength correlations in the rail, and 5.1
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meters is equal to half the engine length and one-third of the rail length; every time

the train advances 6.1 m a set of bogies will pass over a rail joint.

The predominant frequencies of most train-induced ground vibrations lic within
the range of 10 to 60 Hz. This range is proposed by both Griffin and Stanworth and
Dawn and Stanworth who further report that most of the energy in the soil is pro-
pagated by motions with frequencies in the range of 10 1o 20 Hz. Ground vibrations

analyzed by Rickley et al (1981) contain peaks at frequencias of around 40 Hz.

Measurement of vibrations induced within the rails has shown that significant
vibrations are also generated by sources such as uneven rail joints and wheel flats.
However these vibrations primarily affect the life of the rail. When a wheel impinges
on an uneven rail joint, two forces are produced as shown in Figure 2.26. The
existence of these forces which are commonly denoted as P | and P, was confirmed in

experiments conducted by Jenkins et al (1974). The P, force which is the largest of
these forces may be as large as 2—;- times the axle weight (Ahlbeck, !986) and is

unlikely to be wansmitted to the ballast since the frequency of this force varies from
1000 to 2000 Hz. However, the P, forces which are unlikely to exceed the axle
weight in amplitude are readily transmitted to the ballast since they oscillate at fre-
quencies between 20 and 100 Hz. Wheel flats also produce significant vertical impact
loads. Impact loads of 400 kN (90 kips) have been recorded beneath static wheel

loads of only 111 kN (25 kips).



82

IS0 ) {02 RAD DIPPED JOINT)
80 kmih
300
Pl
250p
:
EYY) Pz
v 2C00PF
-3
U
J B emagn S SEE——— RN a— —
3150 15 TON
o CUASI-STATIC
100
500
A y - i I s a
100 120 %0 160 180 200 220
TIME ms

F1G 226 EXAMPLE OF WHEEL/RAIL FORCE VARIATION AT DIPPED JOINT
(from Frederick and Round, 1985).



83

In summary it may be stated that while most people believe that trains are a
source of significant ground vibrations, this belief is inconsistent with the relatively
low levels of vibrarion that are reported in the literature. For example, the largest peak
particle velocity reported by Ames et al (1976) is equal to 3.9 mm/sec (0.153
inches/sec). This velocity which was recorded at a distance of 2 m from a diesel
locomotive is smaller in amplitude than peak particle velocities induced by small
pieces of construction equipment such as jackhammers, operating at the same distance.
Svhat makes the low levels of vibration that are reported by Ames et al. even more
surprising is that their data were compiled from measurements made at 3 sites in
response to complaints about vibration levels. It would appear therefore that either
people’s perception of the magnitude of train-induced ground vibrations is wrong or
vibration levels reported by Ames et al significantly underestimate the levels of vibra-
tions generated by trains. The latter premise is more likely to be true for two reasons.
Firstly, vibration levels that have been recorded at large distances from trains imply
that vibration levels close to the train should exceed 4 mmysec; and secondly, train-
induced ground vibrations appear to have induced scveral large scale liquefaction

failures.

Ames et al. report that ground vibrations recorded at a distance of 30m from a
passing train contained a peak particle velocity of about 1.4 mm/sec (0.055 inches/sec).
If the amplitude of these ground vibrations is assumed to attenuate at the same rate as
those of an ideal Rayleigh wave, then this value implies a peak particle velocity of

approximately 5.7 mm/sec at a distance of 2 m from the tracks. In reality, this
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assumption is probably conservative and vibration amplitudes should attenuate at some
rate berween that for an ideal Rayleigh wave and that for a body wave at the ground
surface, or possibly ar an even higher rate. If the ground vibrations are thus assumed
to attenuate at the same rate as an ideal undamped body wave, then the vibration level
at a distance of 2 m the train is calculated to be about 23 mmy/sec (0.92 inches/sec).
Both of these values are significantly higher than the maximum level of 3.9 mm/sec

reported by Ames et al.

The other reason for believing that reported amplitudes of vibration are too low is
that train-induced ground vibrations of these magnitudes are unlikely to be capable of
liquefying a soil. This observation is important since some investigators believe that
ground vibrations generated by trains have caused large-scale liquefaction failures,
several of which are reported in Table 1.1. Two of these failures occurred in 1980 and
involved railroad embankments which failed while trains were traveling over them;
these embankments were principally constructed from sand and water was ponded on
one side of both embankments at the time of failure. Since in both cases the lead
engines passed safely over the embankments and came to rest on the far side of the
failed section, it is believed that their failure was possibly induced by ground vibra-
tions generated by the first or second locomotives. The rmailroad companies suffered
significant economic losses as a result of thesc failures. Another case history involv-
ing a levee failure in Holland has been leamed of, where the failure was antributed to
liquefaction caused by train-induced ground vibrations. Unfortunately no reference

was provided for this failure. Terzaghi and Peck (1967) repont that a railway
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embankment which rested on a fairly dense sand sertied approximately 360 mm (14

inches) during 40 years of operation.

In view of the conflicting evidence concerning the amplitudes of train-induced
vibrations, it seems desirable 10 collect further data on this subject. The results of sup-

plementary studies conducted at four sites are presented in Chapter 4.

2.9. Acceptable Levels of Ground Vibration

2.9.1. Introduction

Construction operations in urban areas are sometimes limited by the ground vibra-
tion magnitudes that they are allowed to generate at a site. These levels might be set
in order to prevent structural damage or to minimize the disruption to neighbors, and
because the levels of vibration that are perceptible to people are much less than the
levels of vibration that are required to cause structural damage, human response may
well govem construction operations. This is particularly true when noise accompanies

vibrations since humans are much more sensitive to vibrations associated with noise.

The number of complaints that are made against construction operations can be
greatly reduced by good public relations. This invelves informing neighbors of both
the expected levels of vibration and the proposed activities, prior to the commence-
ment of operations. In addition, surveys should be made of all houses in the vicinity
in order to ascertain how much damage, if any, is caused by the vibrarons and

whether any of the neighboring buildings house vibration-sensitive equipment such as
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machine tools, test gear, precision instruments and computers. It is worth noting that
ground vibrations generated by driving piles are large enough to halt the production
from certain types of machinery such as precision milling machiues, jig barers and
profiling millers.

This section attempts to summarize the effects of ground vibrations on both

humans and structures.

2.9.2. Response of Humans to Vibrations

One of the first comprehensive studies into the response of humans to steady-state
vibrations was conducted by Reiher and Meister (1931) who examined the responses
of a group of healthy young people to steady-state vibrations which varied both in
amplitude and in frequency. These investigators classified the reactions of their sub-
Jects as one of six levels of perception (imperceptible, just perceptible, easily notice-
able, annoying, unpleasant, and painful) which are still in use; in fact, O'Neill (1971)
states that "no more comprehensive study has since been conducted” to the best of his
knowledge. Because Reiher and Meister expressed their levels of perception as a
function of displacement amplitudes and most researchers currently prefer to express
levels of vibration in terms of peak particle velocities, Wiss (1974) replotted these
relationships as a function of particle velocity and frequency. This plot which is
presented in Figure 2.27 indicates that the response of humans to peak particle velocity
is independent of frequency at low levels of vibration. Goldman (1948) also compiled

the results of a study on human response to steady-state vibrations.
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The response of humans to transient vibrations has also been swdied and
corresponding ieveis of perception have been proposed by Crandell (1949), Rathbone
(1963), Bollinger (1970), and Wiss and Parmelee (1974) who proposed the criteria
shown in Figure 2.27. The results of these studies show that humans appear to be less

sensitive to transient vibrations than to steady-state vibrations.

Research conducted by Hendron has shown that humans arpear to be much more
sensuive to ground vibrations when they are accornpanied by sound. Hendson (1977)
states that “all rules for predicting response appear to fall apant when sound effects
accompany the motion and the motion is of short duration”, primarily because the
average person is believed to be incapable of isolating the characteristics of ground
motions from their accompanying sound effects. Hendron summarizes this as follows:
"Simply stated he (the average person) thinks the building was subject to strong shak-
ing because he heard the sounds of vibrations in pants of the stmctre.” A plot suggest-
ing levels of perception for transient vibrations accompanied by sound (after Hendron,
1977) indicates that humans appear to be somewhat more sensitive to transient vibra-

tions accompanied by sound than to steady state vibrations.

It is important to realize that the levels of perception thar are presented in Figure
2.27 are merely subjective assessments, and that people exhibit a wide range of sensi-
tivity when they are making subjective judgments. This range in sensitivity is graphi-
cally iflustrated by Wiss and Parmelee (1974}, who asked their subjects 10 dewzrmine
levels of ground displacement that the subjects considered to be "distinctly percepti-

ble." Wiss and Parmeles then plotted these levels of ground displacemen: as a funcrion
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of frequency. The ground vibrations that were judged to be "distinctly perceptible”
ranged over one order of magnitude, leading the investigators to concluded that the

human body is an excellent detector of vibrations but a poor measuring device.

People’s feelings, attitudes and even work performance can be affected by expo-
sure to ground vibraticns. In addition, different people may like, dislike or be
indifferenit 10 a given level of vibration, depending on their background. Chilton,
Friesz and Chen (1975) suggest that these psychological effects may be caused by a
direct response to the vibrations or by emotional experiences and associations.
Research also appears to show that leng term exposure to vibrations may be very
fatiguing. Chilton et al quote Goldman and van Gierke (1961) as stating that continu-
ous exposure to vibrations at levels only slightly above the level of human perception

leads to irritation and fatigue.

It is interesting to note that certain frequencies seem to excite resonances in
specific organs and organ groups of the human body. Chilton et al quote resonant fre-
quencies of 3 to 5 Hz for the thorax abdomen system, 2 to 3 Hz for the shoulder and
head, 20 to 30 Hz for the head alone and 2 to 12 Hz for the whole body. These

resonant frequencies are dependent upon the position and muscle tension of the body.

2.9.3. Damage Criteria for Structures

Numerous authors have presented papers outlining damage criteria for structures,
most of which were developed by observing the response of buildings to blast-induced

ground vibrations. These criteria also tend to focus on the behavior of residential
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structures, probably because most of the complaints that arise from construction:

induced ground vibrations are made by the owners of residential structures.

One of the first researchers to present damage criteria for structures was Crandell
(1949) who expressed damage levels as a function of Energy Ratio as defined by the

equation:

where @ = peak acceleration (fr/ sec?)
and f = frequency (Hz)
This comprehensive study investigated the effects of blasting on over 1000 residences,
including residential homes, 2 story businesses, schools and churches and reached the

following conclusions:

1) Stuctures of average workmanship and good materials would not be dam-
aged by ground vibrations with Energy Ratios less than 3. This level of
vibration was conditional on the fact that the buildings were not over-

stressed.

2) Ground vibrations with Energy Ratios betwecn 3 and 6 were capable of
opening up old cracks and causing the spalling of loose veneers in struc-
tures in poor condition or structures that were overstressed.

3) Structures subjected to ground vibrations with Encrgy Ratios greater than

six, could be seriously damaged. Serious damage was defined as the
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development of new cracks or actual cracking of foundations and walls in

exireme cases.

Since Energy Ratio is defined as a function of both frequency and peak ground
surface acceleration, values of Energy Ratio can be converted to values of peak pari-
cle velocity by assuming that the ground motions consisted of a sinusoidal wave of
any single frequency; while this is obviously a simplifying assumption it provides
some idea of vibration levels for comparison purposes. Energy ratios of 3 and 6 are
thus equivalent to particle velocities of 85 mmy/sec (3.3 inches/sec) and 120 mm/sec
(4.7 inches/sec) respectively, implying that the levels associated with Crandell’s dam-
age criteria are similar in magnitude to the vibration levels subsequently proposed by

other authors,

‘The damage criteria proposed by Nicholls, Johnson and Duvall (1971) for the
U.S. Bureau of Mines, Edwards and Northwood (1958), and Langefors et al (1958 )are
compared in Figure 2.28 (after Wiss, 1981) and wnile these three sets of criteria indi-
cate that damage is only likely 1o occur if vibration levels exceed 100 mmy/sec (4.0
inches/sec), both Nicholls et al and Edwards et al suggest that a peak particle velocity
of 50 mm/sec (2.0 inches/sec) should be used as a safe upper limit for allowable vibra-
tions.

The criteria that are presented in Figure 2.28, associate similar levels of structural
damage with similar levels of ground vibration, an observation which is interesting
becaunse these three sets of criteria were produced by different authors, from data com-

piled in three different countries. Remarkable similarities berween criteria developed
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by different investigators is also reported by Duvall and Fogelson (1962) who statisti-
cally analyzed the vibration measurements and damage criteria presented by Edwards
and Northwood (1960), Lanpefors et a! (1958) and Thoenen and Windes (1942) and
like the studies summarized in Figure 2.28 these three studies were also developed
from observations of the response of buildings in three different countries, over
different time periods. The analyses performed by Duvall and Fogelson showed that
there was a 50% probability that structures would suffer major damage such as serious
cracking and the fall of plaster when they were subjected to ground vibrations with
peak particle velocities equal to 190 mm/sec (7.6 inches/sec). In addition, the proba-
bility of structures suffering minor damage when subjected to ground motions with
peak particle velocitics equal to 140 mm/sec (5.4 inches/sec) was calculated to be
slightly less than 50%. Minor damage is associated with the production of fine plaster

cracks and the opening of cld cracks.

Other criteria which define damage levels of vibration have been proposed by
Chae (1978) and Koch (1953} who defines 6 levels of damage as a function of dis-
placement amplitude and frequency. Afier comparing his damage criteria with the lev-
¢ls of human perception quoted by Reiher and Meister, Koch concluded that damage

could be expected when the levels of vibration became annoying to humans.

Criteria proposed by Chae (1978) are presented in Table 2.6 and it may be seen
that they suggest the same vibration limits for sound structures as those proposed by
Nicholls et al (presented in Figure 2.28). Chae’s criteria classify buildings into one of

four categories and propose a different damage level vibration for cach category.



94

Table 2.6 : Damage Criteria Recommended by Chae (1978)

Peak paricle velociry, Peak paricle velocity,
Class | in inches per second | in millimeters per second

I 4 100
14 2 50
e 1 25
v4 0.5 12

% Structures of substantial construction.

¢ Relatively old residential structure in poor condition.

4 OId residential structures in very poor condition.

Note: If structure is subjected to repeated blasting, or if
blasting is done without instrumentation, lower
caregory by one.

It might appear from the high degree of similarity between criteria developed by
different investigators that the damage potential of all sources of non-seismically
induced ground vibrations can be assessed with a reasonable degree of accuracy.
However this is unlikely considering the fact that all of the criteria presented thus far
are based on the observed response of structures to blast-induced ground vibrations.
Since such vibrations are transient in nature and typically generate only a small
number of cycles of significant shaking, it is unlikely that the aforementioned criteria
can be used to make a reasonable prediction of the degree of damage that is likely to
be caused by sources which generate many more cycles of loading such as pile driving
and freeway traffic. Ground vibrations that are smaller in magnitade but act for many
more cycles may be significantly more damaging than a smaller number of larger

amplitude vibrations. Unfortunately, far fewer criteria have been developed for
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sources of ground vibrations which produce large numbers of cycles of significant
ground shaking.

One set of criteria which associates levels of human reaction and structural
respense with the magnitude of vibrations produced by road waffic is presented by
Whiffin and Leonard (1971). These criteria not only suggest that peak particle veloci-
ties of 10 to 15 mmy/sec (.39 to .59 inches/sec) will cause architectural damage and
possibly some minor smuctural damage. but that peak particle velocities as low as 5
mmy/sec (0.20 inches/sec) may be large enough to cause “architectural damage to
houses with plastered walls and ceilings”. In contrast, blast-induced ground vibrations
are not predicted to cause architectural damage until the peak particle velocitics exceed

100 mum/sec (4 inches/sec).

Crockert (1979) has proposed a comprehensive method for assessing the damage
potential of ground vibrations generated by pile driving. This method attempts to
account for both the number of cycles of significant shaking that are associated with
different size piling contracts and other factors such as the type and age of a building,
specific construction details and the soil type. Crockett incorporated the number of
cycles of significant shaking since this parameter may vary greatly with the size of the
project and damage increases with an increase in this number of cycles; small piling
contracts typically gencrate ten thousand cycies of shaking while large piling contracts
may produce more than one million cycles. An imporance factor is also introduced
which rates buildings on a scale of one to ten. Light industrial buildings are given a
rating of one, while sensitive historic buildings are given a rating of ten. Crockett’s

method is not presented in dezail in this document.
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The acceptable vibration levels thar are proposed in the Swiss Vibration Standard,
SN 640312, entitled "Effects of Vibrations on Structures.” are summarized in Table
2.7. This standard which is based on measurements recorded in Switzerland since the
1960’s proposes separate criteria for buildings subjected to blast-induced ground vibra-
tions and to ground vibrations produced by machines and rcad traffic. These buildings
are further separated into four caregories based on structural type. It may be noted
from Table 2.7 that the damage criteria proposed for blast-induced vibrations are more
conscrvative than the criteria presented in Figure 2.28, principally because the Swiss
values were set so as to minimize damage as much as possible. Studer and Suesstrunk
(1981) state that the aim of SN 640312 is to set allowable vibration levels below
which light damage to buildings is improbable and damage ta the basic support struc-
ture of a building is excluded. Light damage is associated with the formation of
cracks, the falling away of plaster and the breakage of windows that are improperly

fixed.

It is interesting to note that of all the criteria presented in this section only the
Swiss Standard provides different vibration levels for ground motions with different
frequency contents. This is somewhat surprising since it is universally acknowledged
that a building’s response to ground vibrations is significantly influenced by the ratio
of the natural frequency of the structure to the predominant frequency of the input
vibrations. Since structural response is greatest when this ratio is equal to one, permis-

sible vibration levels should be lower for sources of vibration which generate motions
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Table 2.7 : Swiss Vibration Standard, SN 640312

Peak particle | Peak particle
Range of velociry, in velocity, in
Building Vibrarion frequency, millimeters inches
class source in hertz per second per second
| o Machines, taffic 10 - 30 12 05
30 - 60 12 - 18 05-07
Blasting 10 - 60 30 1.2
66 - 90 30 - 40 1.2-16
o® Machines, maffic | 10 - 30 8 0.3
30 -60 8-12 03-05
Blasting 10 - 60 18 0.7
60 - 90 18 - 25 0.7-1.0
ar Machines, traffic 10 - 30 5 0.2
30 - 60 5-8 02-03
Blasting 10 - 60 12 0.5
60 - 90 12 - 18 05-0.7
I\ Machines, maffic | 10 - 30 3 0.12
30 - 60 3-5 Jd2-02
Blasting 10 - 60 8 0.3
60 - 90 8-12 03-05

* Buildings in steel or reinforced concrete, like factories, retaining
walls, bridges, steel towers, open channels; underground chambers
and tunrels with and without concrete alignment.

® Buildings with foundation walls and floors in concrete, walls in
concrete of masonry; stone masonry retaining walls; underground
chambers and tunnels with masonry alignments; conduits in loose
material.

© Buildings as mentioned previously but with wooden ceilings and
walls iIn masonry.

4 Construction very sensitive to vibrations; objects of historic interest.
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with frequencies that are close to the natural frequency of the strucrure. One way to
account for the effect of frequency is to predict levels of building response by using
response spectra for these ground motions. Dowding (1985), Medearis (1977) and
Naik (1979) have all proposed techniques for predicting the response spectra of ground
vibrations g=nerated by blasting.

Damage criteria have also been proposed for mnnels. For example, Langefors
and Kihlstrom (1963) state that a peak particle velocity of 300 mm/sec (12 inches/sec)
is the minimum level of shaking required to induce the "fall of rock in unlined tun-
nels” and Hendron (1977) stawes that particle velocities in excess of 600 mmy/sec (24
inches/sec) are required 1o form new cracks in rock. A more detailed summary of the

damage limits for tunnels is provided by Hendron (1977).

Having reported that published criteria for underground utilities such as tile or
concrete drainpipes, scwer and water mains and pipelines are not available, Wiss
(1981) goes on to state that he is not aware of any cases where ground motions with
peak particle velocities less than 75 mmy/sec (3 inches/sec) have damaged pipes or
mains, and that high pressure pipelines have withstood peak particle velocities of 250
to 500 mm/sec (10 to 20 inches/sec) without experiencing any distess. Dynamic

strain gauge measurements were made to assess the conditions of the pipes.

A problem which is commonly encountered during construction operations is the
detrimental effect of ground vibrations on green concrete, a problem that often arises
on building sites where piles are being driven at the same time that concrete is being

placed. Wiss (1981) believes that cured concrete can safely withstand vibrations up to
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125 mm/sec (5 inches/sec), while Atkins and Dixon (1979) propose a safe level of 100
mmy/sec (4 inches/sec). It is suggested by these authors that the permissible vibration
level at times earlier than 28 days can be determined by linearly relating it to the per-
centage of total swength (defined as 28 day swength) that has been developed by the
concrete.

A collection of bar graphs which compare damage criteria proposed by a large
number of authors has been presented by Theissen and Wood (1982) and is presented

in Appendix B.
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CHAPTER 3

Summary of Theoretical Liquefaction Evaluation Procedures

3.1. Shear Stress Approach

3.1.1. Discussion

The liquefaction potentials of sand sites subjected to ground shaking can be
evaluated by following either one of two basic approaches: the shear stress approach or
the shear swrain approach. The shear swess approach, which is the most commonly
used of the rwo approaches, evaluates liquefaction potential by comparing the lewels of
cyclic shear stress predicted to be induced within a soil deposit (by the ground vibra-

tions) with the levels required to cause liquefaction.

Reasonable estimates for the magnitudes the stresses that are generated by earth-
quakes can probably be obtained by performing ground response analyses. In such
analyses rock motions arc applied to the base of a deposit and equivalent-linear pro-
grams such as the computer program SHAKE (or more .omplex non-linear computer
programs) are used 1o propagate these motions up through the site. Altematively, the
site response may be determined approximately by following some simplified pro-
cedure such as that proposed Seed and Idriss (1971). This procedure replaces the
irregular earthquake-induced shear stress time history with a sinusoidal motion

comprised of an equivalent number of cycles of loading at a constant level of cyclic
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shear stress (as defined by Equation 3.1). Typical equivalent numbers of uniform

stress cycles for earthquakes of several different magnitudes are listed in Table 3.1.

The average uniform stress associated with this ideal motion may be calculared

from the equation:

1, =065 L. v, 3.1
g
where T,, = average shear stress,
¥y = density of the soil,
h = depth of layer being considered,
d max = mMaximum ground surface acceleration and
ry = stress reduction factor

The maximum ground surface acceleration, d,.,,, can be obtained from atenuation
curves which express the maximum surface acceleration as a function of soil type,
earthquake magnitude and distance; a plot of r, versus depth is also presented by the

authors of the method.

However while accepted procedures exist for computing the amplitudes of
carthquake-induced cyclic shear stresses (with a reasonable degree of accuracy), no
such procedures exist for determining the levels of cyclic shear stress likely to be
induced by non-scismic sources of vibration. This lack of acceptable methods can
probably be attributed to the follewing factors: the more complex nature of the wave-
fields produced by most non-seismic sources, and the relatively small amount of
research that has been conducted in the field of non-seismically-induced soil liquefac-

tion. It should be pointed out that simplified procedures such as the approach
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described above cannot be used to predict these levels, primarily because such motions
typically contain significantly higher predominant frequencies than most earthquake-
induced ground vibrations. As a result, non-seismic motions induce much lower levels
of cyclic shear stress and strain for the same levels of surface shaking. In addition,
these motions are usually confined to the surface layers and do not propagate up

through the site from depth, as is the case with earthquake shaking.

The procedure that was used to estimate the magnitudes of the cyclic shear
stresses induced by trains is outlined in Chapter 5. It is important to realize that the
limitations discussed above are not umique to the shear stress approach but are also
encountered when following the shear strain approach, since both procedures require

prediction of the levels of shaking within the site.

The other step in the shear stress approach involves the prediction of the levels of
cyclic shear stress that are required to liquefy a sand in-situ. One way of estimating
these stresses is to sample the soil in the field and then subject these samples to
laboratory tests which simulate the effects of earthquake shaking. However while such
a procedure may scem appropriate, it also has several disadvantages, the most impor-
tant being that sampling causes significant disturbance effects on the soil. For exam-
ple, experience has shown that sampling not only tends to densify loose sands and
loosen dense sands, but that it also affects the degree of cementation between particles

and the structure of the sand.

A feel for the amount by which the density of a sand may be changed, can be

obtained from the following case history. Seed, Singh, Chan and Vilela (1982) repornt
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that a dense sand with an in-situ density of 1810 kg/m> (113 {b/ft?) was sampled by
taking block samples and by using a piston sampler. The resulting densities of the
sand specimens extracted from the block samples were found to be about 1680 kg/m>
(105 ib/f1?) while the densities of the samples extracted by piston sampling were even
less (about 1630 kg/m3, 102 ib/fr3), thus showing that sampling may significantly
alter the density of a sand. Changes in relative density of these magnitudes have been

shown to have a large effect on the liquefaction resistance of sand (Seed, 1979).

Obviously, such changes in relative density may be overcome by recompacting
the sand to its in-situ density. However this approach is also undesirable since cemen-
tation is destroyed in the process and it is very unlikely that the soil structure produced
in the laboratory will be the same as the soil smucture present in the field. Seed
(1979) reports that the presence of aging or cementation can increase the liquefaction
resistance of a sand by more than 50% and that different compaction techniques may

cause a sands resistance to change by as much + 50%.

It should be noted at this point that while undisturbed samples can be obtained by
freezing the soil in the field (before sampling) and then keeping the sample frozen
until it is installed in the testing apparatus, this technique is very expensive and
further, questions would still arise with regards to the ability of the testing equipment
10 model in-situ loadings exactly.

It has theicfore been suggested that the levels of cyclic shear stress required to
liquefy sands in-situ can be determined most accurately by using field performance

plots of cyclic stress ratio versus standard penetration resistance to correlate
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liguefaction resistance with the penetration resistance measured at the site. This
approach not only circumvents the probiems associated with sample disrurbance but it
also avoids any questions about the similarity between field loading conditions and
those imposed by laboratory testing equipment. Correlation of field performance data
with mn-situ property measurements was first employed by Japanese engineers who
used measurements of standard penetration resistance to differentiate between

liquefiable and non-liquefiable deposits in the Niigata Earthquake.

Investigators such as Seed (1979) have developed the use of standard penetration
resistance as an index for assessing the liquefaction resistance of a sand based on two
observations: (1) that the main factors influencing the liquefaction resistance of a sand,
also influence the penerration resistance in a generally similar manner and (2) that
there appears to be a close correlation between field performance and penetration resis-
tance. While other soil characteristics such as shear wave velocity, electrical proper-
ties or cone penetration resistance might also correlate well with liquefaction resis-
tance, insufficient data exists to enable reliable correlations to be established between
these properties and liquefaction resistance. In contrast, standard penetration resistance

values are available for numerous sites that have been subjected to earthquake shaking.

Recent plots of soil liquefaction resistance versus Standardized Penetration Resis-
tance, (N ()g, where Standardized Penetration Resistance is defined as the penetration
resistance that a soil would exhibit if the soil was subjected 10 an overburden pressure
of 1 ksc (1 tsf) and 60% of the potential hammer energy was transmitted to the drill

string, are shown in Figures 3.1 and 3.2 (after Seed, Tokimatsu, Harder and Chung,
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1984). Most of the data presented in these figures were obtained from North and
South American, Japanese and Chinese sites that were shaken by magnitude 7.5 earth-
quakes. The remaining data which pertains to magnitude 6.7, 6.6, 6.3, 6.1, 5.6, and
5.3 earthquakes were adjusted to represent magnitude 7.5 earthquakes by applying the
correction factors proposed by Seed et al (1983) (see Table 3.1). All of the field data
and their corrected values are listed in tables presented by Seed et al {1984). It should
be pointed out that the values of cyclic stress ratio shown in Figures 3.1 and 3.2 were
calculared using Equarion 3.1 and that these values apply to overburden pressures typi-

cally less than about ] ksc (1 tsf).

The boundary lines shown in Figures 3.1 and 3.2 define approximate lower
bounds for sites that did not liquefy when they were shaken by magnitude 7.5 carth-
quakes and as such, they appear to provide a reliable basis for assessing the in-siu

Table 3.1 :  Correction factors for the Influence of Earthquake Magnitude
on Liquefaction Resistance (after Seed et al., 1983)

T
[ = ] for M =M
. C, )}
No. of Representative "
[ '",1 for M=7.5
G, n

Eanthquake Magnitude, M. | 1ec a1 0.651,,,

8.5 26 0.89
7.5 15 1.0

6.75 10 1.13
6 3-6 1.32

5.25 2-3 1.50
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liquefaction resistance of sands subjected to ground shaking produced by earthquakes
of this magnimde. These curves can be modified to represent ecarthquakes of other
magnitudes (or even ground vibrations generated by non-seismic sources) by using
leboratory-developed curves of required cyclic stress ratio versus the number of cycles
to liquefaction, to account for the different numbers of representative cycies of loading
generated by each event. This number of cycles is defined as being the number of
cycles of shaking at a constant stress level that will theeretically impose the same

amount of distress on a soil as the irregular earthquake record.

After statistically analyzing numecrous carthquake records, Seed et al (1975) con-
cluded that magnitude 7.5 earthquakes rypically produce about 15 representative cycles
of loading at a constant cyclic shear stress level of 0.651,,,. Thus, the levels of cyclic
stress ratio required to liquefy a sand in-situ (in almost any number of cycles) can be
estimated by multiplying the cyclic stress ratio determined from Figure 3.1 by the
appropriate correction factor. This factor is equal to the cyclic stress ratio required o
cause liquefaction in n cycles, divided by the cyclic stress ratio required 1o cause
liquefaction in 15 cycles, where n is the number of cycles of representative shaking
that is produced by the source being studied. It should be noted that the lower bound
lines shown in Figures 3.1 and 3.2 vary with the fines content of the sand.

Figures which relate applied cyclic shear stress to the number of cycles of loading
required te induce initial liquefaction have been presented by numerous authors,
including De Alba et al (1976). The De Alba et al relationships were developed from

the results of large-scale cyclic simple shear tests on Monterey sand. Since the cyclic
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loading applied in such tests is thought 10 resemble in-situ loadings more closely than
the loading applied in other laboratory tests, it is believed that these relationships pro-
vide the best representation of in-situ behavior. The original curves which were
developed for relative densities of 9%, 82%, 68%. and 54%, were normmalized (by
dividing the vatues of required cyclic shear stress by the shear stress that caused
liquefaction in one cycle) and then averaged to produce the single curve shown in Fig-

ure 3.3 (after Seed and Idniss, 1982).

As shown in this figure, the relationship derived from De Alba et al's research
extends over the range of 1 to 100 cycles and while this range is suitable for evaluat-
ing the liquefaction potential of carthquake-induced vibrations, it is toc small for
analyzing many non-seismically-induced ground vibrations. Therefore a second curve
which extends to larger numbers of cycles of loading was derived from the results of
wests presented by Szerdy (1985). This lamer curve was obtained as described above
by dividing the values of required cyclic stress ratio by the cyclic stress ratio required
to cause failure in one cycle. These normalized curves were subsequently averaged to
produce the single relationship shown in Figure 3.3. It is worth noting that even
though Szerdy subjected some samples to more than 10,000 cycles of loading, the rela-
tionship derived from Szerdy’s data is only shown to extend over the range of 10 to

1000 cycles because most of his data fell within the more limited range.

Szerdy's curves were developed from the results of cyclic triaxial tests performed
on samples of Sacramento River Fine sand. These samples were compacted to a range

of relative densities, and subjected to different values of confining stress and initial
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shear stress/normal stress ratic. It is interesting to note that changes in relative den-
sity, confining pressure and the initial shear stress/normal stress ratio did not appear to

significantly affect the shape of the normalized curve.

The average curve shown in Figure 3.3. is believed to provide a realistic
representation of in-situ behavior, even though Szerdy’'s data were obtained from
cyclic triaxial tests, because ar large numbers of cycles of loading there appears to be
litle difference of loading between the relationships developed from cyclic simple
shear tests and those developed from cyclic triaxial tests. De Alba et al (1976) who
report the results of both cyclic triaxial tests and cyclic simple shear tests found that
the relationships developed from the two types of tests are essentially the same for

more than about 10 cycles.

In addition to the number of cycles of loading, the cyclic stress ratic required to
liquefy a sand, is also a function of both the initial shear stress/normal stress ratic and
the applied confining pressure, The cffect of confining pressure can be taken into
account by applying the K ; factor. This factor is defined as being equal to the cyclic
stress ratio required to liquefy a sand subjected to any given confining pressure,
divided by the cyclic stress ratio required to liquefy the same sand in the same number
of cycles when subjected to a confining pressure of 1 ksc (1 tsf); values of X can be
obtained from Figure 3.4. The plot shown in this figure was developed from a figure

produced by Harder {1988) who plotted data for 18 different sands.

Because the ground motions that are generated by most non-seismic sources are

confined to the surface layers, and most of the data presented in Harder’s plot pentains
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to confining pressures in excess of 1 ksc, this piot was amended by adding points in
the low confining stress range. These new data points are based on the results of
cychic triaxial tests performed on samples of sand which were subjected to confining
pressures of 0.5 ksc, 1.0 ksc and 2.0 ksc (reported by Szerdy, 1985). A line of best fit
was then drawn through through the amended plot and it is this line that is shown in

Figure 3.4.

Several researchers have also examined the influence of initial static shear stresses
on liquefaction resistance (including Vaid and Chemn (1983), Szerdy (1985) and Castro
et al. (1982)) and these studies have shown that the effect of such stresses is dependent
upor: the relative density of the sand. For example, the applied cyclic stress ratio that
is required to liquefy loose sands appears to decrease significantly as the initial static
shear stress/normal stress ratio is increased. The converse is true for medium-dense
and dense sands. The plot shown in Figure 3.5 (after Szerdy, 1985) illustrares the

influence of initial shear stresses on the liguefaction resistance of loose saturated sands.

It should be pointed out that two of the curves from Szerdy’s original plot were
revised before they were replotted in Figure 3.5. These two curves are the relation-
ships developed by Szerdy(1985) and Vaid and Chern (1983), both of which are
derived from the results of cyclic triaxial tests. Based on the premise that the cyclic
stress ratios required to liquefy sands in-situ can be determined approximately by mul-
tiplying those ratios determined from cyclic miaxial tests, by a correction factor, Szerdy
multiplied the cyclic stress ratios associated with zero initial shear stress by a factor of

0.57 (after Seed, 1979). However the cyclic stress ratios that were associated with
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higher values of initial shear swess/normal stress ratio were not reduced, thus leading
to the seemingly errcneous prediction that slightly sloping ground might be almost
twice as stable as level ground. Since such an approach appears to be inconsistent,
both Szerdy’s and Vaid and Chem'’s uncorrected curves arc plotted in Figure 3.5. The
decision to plot the uncomected curves is further supported by the cbservation that
these curves are more similar in shape to the curve determined by Yoshimi and Oh-
Oka which is based on the results of ring torsion tests. The loading applied in ring
torsion tests models in-sim cyclic loading more closely than the loading applied in

cyclic triaxial tests.

The average curve shown in Figure 3.5 is believed to provide a reasonable
representation of the effect of initial static stresses on the liquefaction resistance of a

35% relative density, saturated sand.

3.1.2. Advantages and Disadvantages of the Shear Stress Approach

The primary reason for using a shear stress approach to evaluate the liquefaction
resistance of a site is that the amplitudes of the cyclic shear stresses induced within a
site are closely related the magnitude of the ground surface accelerations. This obser-
vation is parﬁculaxly apt when analyzing soil behavior under earthquake shaking condi-
tions since accepted methods now exist for making a reasonable prediction of surface
accelerations and rejating these values to levels of cyclic shear smess. In contrast, the
cyclic shear strains that are induced as a result of ground shaking are a function of

bath the ground surface accelerations and the shear modulus of the soil. Since the
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shear modulus changes as pore pressures are generated, the amplitudes of the induced
cyclic shear strains cannot be evaluated as accurately as the amplitudes of the induced

cyclic shear stresses.

The liquefaction resistance of a soil can probably be determined most accurately
by relating the standard penetration resistance of the soil 1o known field performance
data. Such an approach circumvents the inaccuracies that are inherent with sampling
sands and testing them in a laboratory. The use of standard penetration resistance as
an index for evaluating field performance is supported by the observation that there
appears to be a closc correlation between field performance and standard penetration
resistance. Furthermore, changes in soil characieristics which influence liquefaction
resistance also influence the standard penetration resistance in a generally similar

manner.

Use of the shear stress approach is supported by the large number of stress-
controlled laboratory tests that have been performed on sands. The results of these
tests provide researchers with a good understanding of the factors which influence the
liquefaction resistance of soils and enable plots of field performance versus standard
penetration resistance to be extrapolated to account for a large variation in the number
of cycles of loading. This is particularly important when evaluating the liquefaction
potential of non-seismic sources of vibration since such sources typically generate
many more cycles of loading than even large magnitude earthquakes. For example, a

single pile driving operation may produce over one million cycles of loading.
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Another factor which is probably significant when analyzing the liguefaction
potential of non-seismically-induced ground vibrations is the ability of the shear stress
approach 10 account for the presence of initial static shear stresses. Such an ability is
perceived to be important for the following reason: all of the large-scale liquefaction
failures that are listed in Table 1.1 occurred on sloping ground, therefore the sands that
failed were probably subjected to initial static shear stresses, and recent experimental
evidence has shown that the liquefaction resistance of loose sands is reduced
significantly as magnitudes of the irutial static shear stress/normal stress ratios imposed
upon these sands are increased. Since many of these sites may well have contained
artesian pressure conditions, and the presence of these pressures tends to increase the
magnitudes of the high initial shear stress/normal stress ratios present within the slope,
it may be that non-seismic sources of groun¢ vibration are only capable of liquefying

sands that are subjected to such initial shear stress/normal stress ratios.

In the light of the above appraisal, it seems reasonable to conclude that the shear
stress approach provides a good basic technique for assessing the liquefaction potential
of sand sites being shaken by non-seismic sources of ground vibration. However, this
approach does have one major limitation for this purpose; that is, the difficulty of tak-
ing into account the difference between the frequency content of most non-
seismically-induced ground vibrations and the loading frequency at which cyclic triax-
ial tests are gencrally performed. As discussed in Chaptet 2, the predominant frequen-
cies of most non-seismically induced ground motions vary from 10 to 30 Hz and most

triaxial tests are performed at a much lower frequency of 1 to 2 Hz.
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Wong (1971) examined the effect of frequency at low frequencies by comparing
the results of tests performed at 1/60 Hz (1 cycle/minute) and 0.33 Hz and observed
that increasing the loading frequency by a factor of 20 reduced the cyclic stress ratio
required to cause liquefaction by about 10%. It does not seem reasonable to conclude
however, that further increasing the testing frequency from 1 to 20 Hz would decrease
the liquefaction resistance by a similar amount. In fact, logic would seem to suggest
that this cyclic stress ratio might begin to increase ar high frequencies rather than con-
tinuing to decrease. Such a belief is based on the premise that the pore pressure
buildup in sands is primarily related to cyclic shear strain and not cyclic shear stress,
and at high frequencies of loading, the cyclic shear strains induced within the soil are
likely to be less than those induced at low frequencies (by the same level of applied
cyclic shear stress) because inertial effects may well become significant. Simply
stated, if a shear stress does not act in one direction for a sufficiently long period of
time, the soil does not have enough time to reach a strain in equilibrium with the
applied cyclic shear stress before the direction of loading is reversed. Therefore the
strains that are induced in the soil are no longer directly related to the levels of applied
cyclic shear stress. Since no laboratory tests results have been found where soils have
been tested at frequencies of loading in excess of 10 Hz, this suppositio.» has not been
substantiated and thus it remains an open question with regard to the applicability of

the shear stress approach.
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3.2. Shear Strain Approach

3.2.1. Discussion

The liquefaction potential of ground vibrations may also be evaluated by using
the shear strain approach. This approach is based on the premise that cyclic shear
strain is the fundamental parameter governing both the settlement of dry sands, and
pore pressure builldup in saturated sands, during cyclic loading. Laboratory test data
shewing this strong dependence (on cyclic shear strain) has existed for many years,
aithough it is only recently that the shear strain approach has been formally advocated
as a liquefaction evaluation technique. The shear strain approach is currently the sub-

ject of extensive research.
Dobry, Yokel and Ladd (1981b) suggest that the cyclic shear strains that arc
induced by earthquakes may be determined approximately by using the following

equation which was derived from Equation 3.1:

T, a "k,
Y¢=_=0-65’ max Y d
G 8 G 32
G
G max ¥,
wherc Y, = equivalent uniform strain,
G = equivalent shear modulus of the soil,

G max = Maximum, small swain shear modulus and

G = modulus reduction coefficient
G e
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As with the earlier equation, Equation 3.2 replaces the irregular shear strain time his-
tory produced by an earthquake, by an equivalent uniform cyclic shear strain, ¥, which
is assumed to act for an equivalent number of cycles of loading, n, While this
number of cycles (ny) is related to the number of representative cycles of shear stress
loading, the two values are not the same and no references have been found where

values of ., arc related to carthquake magnitude.

Since Equation 3.2 is derived from the simplified formula proposed by Seed and
Idriss, and this latter formula is believed to provide an acceptable means of modeling
the actual site response, it might scem rcasonable to conclude that Equation 3.2 is
capable of predicting the levels of cyclic shear strain with a similar degree of accu-
racy. However this is not the case, primarily because for any given value of v, , the
ratio (G / G )y, changes during the earthquake due to changes in pore pressures
within the soil, and the rate of pore pressure buildup in soils during earthquakes cannot
be determined accurately. Accurate prediction of the levels of induced cyclic shear
strain is further limited by the accuracy with which G ,, can be determined, since v,
is shown to be heavily dependent upon the shear modulus of the sand. Values of
G max can b measured directly by employing in-situ geophysical technigues such as

» the cross-hole method; however, such tests are very sensitive and different operators

may determine significantly different values of G, for the same site.

The shear strain approach evaluates liquefaction resistance by performing strain-
controlled laboratory tests on sand samples taken from the site. However unlike the

shear stress approach where laboratory test results are significantly influenced by
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sample disturbance, in this case such a procedure appears to be acceptabie. Expen-
ments such as those reported by Vucetic and Dobry (1987) have shown that sample
disturbance has only a minor influence on the rate of pore pressure buildup in strain-
contolled tests. These invesrigators repont the results of strain-controlled tests per-
formed on two Imperial Valley, California, silty sands which liquefied during an earth-
quake in 1981. The results of these tests showed pore pressures o build up at the

same rate in "intact” samples as they did in completely reconstituted samples.

The effect of soil structure alone, has besn studied by both Park and Silver (1975)
and Dobry and Ladd (1980). The latter investigators plotted values of induced pore
pressure ratio versus cyclic shear strain for sands compacted by dry vibration and wet
rodding (see Figure 3.6) and found that the pore pressure ratios differed by less than
about 10% after 10 cycles of loading. The data presented in the Dobry and Ladd plot
was computed from the results of strain-controlled laboratory tests reported by Park

and Silver (1975) and Dobry and Ladd (1980).

The buildup of pore pressure during cyclic strain-controlled tests has been exam-
ined by a number of rescarchers and plots depicting this pore pressure buildup have
been presented by Vucetic and Dobry (1987), Dyvik et al (1984), Thomas and Dobry
(1984), Dobry, Ladd, Yokel, Chung and Powell (1982) and Dobry et al. (1981b). The
plots shown in Figures 3.7, 3.8 and 3.9 (from Dobry et al., 1982) depict the influence
of relative density, confining pressure and number of cycles of loading respectively, on
the amount of pore pressure buildup. These curves were developed from the results of

twelve undrained strain-controlled cyclic triaxial tests performed on samples of
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saurated Monterey No. ( sand (a washed, uniform, medium to fine beach sand com-
posed of quanz and feldspar particles). The sand samples were compacted to relative
densities of 45, 60 and 80% and tested at confining pressures of 0.26 ksc (533 psf), 1.0
ksc {2000 psf) and 2.0 ksc (4000 psf). The tests were run at one of three levels of
cyclic shear strain: 3x1072%, 1x107'%, and 3x107'%. Dobry, Yokel and Ladd
(1981b) also examined the influence of overconsolidation ratio on pore pressure
buildup and report that pressures build up much more slowly in overconsolidated sands

than in normally consolidated sands.

A further argument in support of the premise that cyclic shear strain is the funda-
mental parameter controlling pore pressure buildup in sands, is provided by the
apparert existence of a threshold shear strain. Ideally, sands cycled at shear strains
less than this threshold value will not generate significant pore pressures. The
existence of a threshold strain was first noted almost 20 years ago by Dmevich and
Richart (1970), Youd (1972) and Pyke (1973), all of whom reported that no detectable
densification occurred in dry sand samples cycled at shear strains less than 1072%.
Since volume change in dry sand is dircctly related to pore pressure change in
saturated sands, it may be inferred that significant pore pressures would not have been
generated even if the sands had been saturated. The value of threshold strain proposed
by these authors is similar in magnitude to values obtained from the results of
undrained strain-controlled laboratory tests that were subsequently performed on
saturated sand samples. Values of threshold strains for several sands are listed in

Table 3.2.
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Table 3.2 :  Threshold Shear Strains, 7,, for Dry and Saturated Sands
(after Dobry, Stokoe, Ladd and Youd, 1981a)

SAND TESTING TECHNIQUE Y, REFERENCE
Dry Ottawa Sand Rescnant column 1x1072% | Dmevich and
Richart (1970)
Dry Crystal Silica Cyclic Simple 2x10"2% | Silver and Seed
Sand Shear {1971)
Dry and Saturated Cyclic Simple 1x1072% | Youd (1972)
Ottawa Sand Shear (Drained)
Dry Monterey Sand |  Cyclic Simple Shear 1x102% | Pyke (1973)
Shaking Table
Saturated Monterey Cyeclic Triaxial 1.1x21072% | Dobry et al.
Sand (Undrained) (1982)

The results of strain-controlled laboratory tests indicate that the threshold shear
strain is independent of relative density, confining pressure and the magnitude of the
initial consolidation shear stresses. For example Dyvik et al (1984) report that samples
of Monterey No. 0 sand compacted to relative densities of 20% and 60% exhibited the
same values of threshold strain. Other tests (reported by Dobry et al. (1981b) and
Dobry et al (1982)) have indicated the same value of threshold strain for Monterey No.
0 sand samples compacted to relative densities of 45% and 80%. Dyvik et al aiso
examined the influence of consolidation stress conditions (represented by values of X, )
on the value of threshold strain and concluded that their influence was negligible.
Values of X, (the ratio of effective vertical consolidation stress to effective horizontal

consolidarion siress) ranged from 1.0 to 2.5.
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One important factor which has been observed to influence the value of threshold
strain is the overconsolidation ratio. Results reported by Dobry, Yokel and Ladd
(1981b) indicate that the threshold shear swain for overconsolidated sands is
significantly higher than the threshold shear strain for nommally consolidated samples
of the same sand. For example, the threshold shear strain for a sand subjected to an
overconsolidation ratio of 8 was measured to be 2.9)(10‘2%, while the threshold strain

for a normally consolidated specimen of the same sand was 1.2x107%%.

The effect of particle size on threshold strain is reported by Dyvik et al (1984)
who compared the threshold shear strains for samples of Banding sand and Monterey
No. 0 sand, both of which are uniform clean quanz sands with parallel grain size dis-
tribution curves; D 4 for Banding sand is slightly less than 0.2 mm while the D ¢; for
Monterey No. 0 sand is equal to 0.4 mm. Since the threshold strain for Banding sand
was reported to vary from 0.8x1072% to 0.9x1072% and the threshold shear strain for
Monterey No. O sand is approximately equal to 1x1072%, it appears that threshold
shear strain might decrease slightly with decreasing grain size. Tests performed on
reconstituted specimens of Mount St. Helen's volcanic debris (Thomas and Dobry,
1984) have shown that the threshold shear srrain for this material is approximately
equal to 0.4x102%. Thomas and Dobry conclude that shear strains of 0.7x1072% to

1.0x1072% may be taken as reasonable engineering estimates of ¥, .
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3.2.2. Advantages and Disadvantages of the Shear Strain Approach

The principal conceprual advantage associated with using the shear strain
approach to evaluate liquefaction potential is that the the pore pressure buildup in
saturated sands appears to be more closely related to cyclic shear strain than applied
cyclic shear stress. This observation is borne out in the resuits of laboratory tests
which show that the factors which influence the rate of pore pressure buildup in
stress—controlled tests have a much smaller influence on the rate of pore pressure
buildup in strain-controlled tests. For example, different methods of sample prepara-
tion may alter the cyclic stress ratio required to induce liquefaction in n cycles by as
much as £ 50%, while such changes in structure appear 1o influence the pore pressure
built up in n cycles (at a constant level of cyclic shear strain) by less than 10%. Since
factors such as soil structure, aging and prior seismic history are known to influence a
soil’s liquefaction resistance and are not observed to significantly influence the rate of
pore pressure buildup in strain-controlled tests, these factors are assumed to be taken

imo account by measuring the shear modulus in the field.

Another advantage that is associated with using the shear strain approach, is the
apparent existence of a threshold strain. Since saturated sands cycled at shear strains
less than this threshold value are not observed to generate significant pore pressures, it
may be concluded that unless the levels of induced cyclic shear strain exceed this
value no significant pore pressures will be induced at the site. Laboratory tests have
shown that the value of threshold shear strain appears to be relatively insensitive to

changes in relative density, overburden pressure, method of sample preparation, and



131

the effect of aging, and is influenced only slightly by changes in overconsolidation
ratio and grain size.

However as with the shear stress approach, the shear strain approach also has
several disadvantages. The principal drawback associated with using this approach to
evaluate the liquefaction potential of soils subjected to earthquake shaking is that few
accepted methods exist for evaluating the magnitude of induced cyclic shear strains.
While Equation 3.2 can be used to calculate equivalent uniform strains at low levels of

shaking, the strains calculated for high levels of shaking are very approximatz since

the value at g changes for any given value of y, as pore pressures are generated.
max

Because this problem is only encountered when pore pressures are generated, use of
Equation 3.2 and the threshold strain concept may still provide an appropriate means
of evaluating the minimum amount of shaking required to induce the buildup of pore

pressures at any sire.

Most of the drawbacks associated with using a strain approach to analyze the
liquefaction potential of soils subjected to non-seismically-induced vibrations, are
related to the relatively small number of strain-controlled triaxial tests that have been
performed on sands. One such disadvantage is caused by the relatively limited amount
of informarion available concemning the buildup of pore pressures under very large
numbers of cycles of loading, an important factor considering that some non-seismic

sources are capable of generating more than 1 millien cycles of loading.
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Evaluation of the liquefaction potential of non-seismically-induced ground shak-
ing alsoc hampered by the lack of information on the effect of initial shear stresses.
One of the few sets of published results examining the influence of these suesses is
reported by Dyvik et al (1984) who performed several anisotropically consolidated,
strain-controlled tests on Monterey No. 0 sand. While far from conclusive, their
results appear to show that for 20% relative density sand samples, pors pressures
develop at a slightly slower rate as the magnitude of the initial shear stresses is
increased. This observation appears to contadict the findings of Szerdy (1985), Vaid
and Chem (1983), and Castro et al (1982) who report that the cyclic resistance of
loose sand reduces significantly as the initial static shear stresses are increased. How-
ever, a direct comparison cannot be made without knowing the effect of the initial
stresses on the shear modulus of the seil. Since the presence of initial shear stresses
does not appear to influence soil behavior in strain-controlled tests, it is presumed that
this effect is taken into account by measuring G in the field. As previously discussed,
it is important to be able to assess the effect of initial shear stresses on the cyclic resis-
tance of a soil because all of the large scale failures that are listed in Table 1.1,
occurred on sloping ground and it may well be that non-seismically-induced ground

vibrarions are only capable of liquefying sands under these conditions.

In spite of the drawbacks associated with using the shear strain approach to
evaluate the liquefaction potential of scils under the effects of non-seismically-induced
ground vibrations, this approach might still be more appropriate than using the shear

stress approach because of the high frequency content of these ground vibrations. At
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such high frequencies, inertial effects of the soil mass are likely to become important
and thus cyclic shear strain might provide a better indication of the distress felt by the
soil rather than applied cyclic shear stress. The existence of a threshold strain is also
likely to be useful when cvaluating the liquefaction potential of ground vibrations gen-
erated by non-seismic sources because the cyclic shear strains associated with these

motions are often similar in amplitude to the threshold strain.
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CHAPTER 4

Measurement of Ground Vibration Amplitudes Produced by Trains

4.1. Introduction

As previously noted in Section 2.8, the belief that ground vibrations produced by
trains have caused large-scale liquefaction failures appears to be inconsistent with the
relatively small amplitudes (of the train-induced ground vibration records) that are
reponted in the literature. For example, Ames et al. (19786) report that a diesel locomo-
tive generated peak particle velocities of about 3.9 mm/sec (0.153 inches/sec) ar a dis-
tance of 2 meters from the tracks. Not only are ground vibrations of this size smaller
in amplirude than the ground shaking generated by pieces of constructdon equipment
such as jackhammers, but they are also probably incapable of causing liquefaction.
Therefore, in an attempt to resolve this inconsistency, it seemed appropriate to measure
the amplitude of train-induced ground vibrations in the field and hence determine

whether actual levels might exceed the levels of ground vibration mponed to date.

To throw some light on this issue, 24 sets of train-induced ground vibration
records were recorded at a number of sites and at different distances from the tracks.

The results of this investigation are presented in this chapter.
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4.2, Vibration Recording Equipment and Data Reduction Procedure

The ground surface accelerarions that were generated by the passage of each train,
were measured with a force balance accelerometer that was capable of recording
motions with amplitudes in the range of +2g. Accelerometers of this type have
several advantages in that they are highly stable, well calibrated and accurate; however
their use may be restricted in some instances since they require a power supply to gen-
erate a signal. Because the battery inside the recorder was only capable of supplying
power to the accelerometer for about 3 hours, and the investigator often spent more
than 7 hours a day recording in the field, the power to the accelerometer was tumed
off between events and the recorder was manually triggered before the arrival of each
train. In contrast, the velocity meters that were also used in the investigation do not
require 2 power supply and thus can be left in the field for extended periods of time
with their recorders being set to trigger automatically when the ground shaking

exceeds some predetermined base level.

In addition to the surface acceleration records, ground surface veloc.  ccords
were also obtained during the passage of the same trains. The meter used to record
these motions had a velocity gain that was constant for all motions with frequencies
above 4.5 Hz but decreased linearly with respect to the log of the frequency at a rate
of 12 dB per octave for frequencies below this value. The weakened response for low
frequency motions was corrected for when the records were analyzed by enhancing the
response of the low frequency compoenents. It is worth noting that the accelerometer

used in this investigation provided an acceleration gain which was constant for all

frequencies less than 50 Hz.
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On arrival at each site, both the accelerometer and the velocity meter wers buried
about 100mm below the ground surface. This was done 1o ensure a firm contact with
the ground. Similarly, the wires connecting these instruments to their respective
recorders were also buried, so that swaying of the wires did not generate additional
motions in the records. Both instruments were oriented so as to record the following 3
perpendicular components of ground motion: the vertical component, and two horizon-

tal components perpendicular and parallel to the track.

The ground shaking was recorded (ento digital quality tape cassettes) by modified
Sprengnether DR100 Digital Event Recorders which sampled each of the 3 input chan-
nzls at a rate of 200 samples per second. Since these recorders were equipped with a
S pole low pass filter at 50 Hz and a 2 pole high pass filter at 0.2 Hz, motions with
frequencies outside the range of $.2 to 50 Hz were heavily damped in the digitized
records. The DRI100 is a portable instrumnent which weighs about 35 1bs and therefore

was easily moved from site to site.

The ground vibration records were subsequently transferred onto the NMM com-
puter at the Lawrence Berkeley Laboratory (LBL) where the digitized motions were
analyzed with the aid of the computer program OPSAS (property of the Center for
Computational Seismology at LBL). OPSAS was used to plot both acceleration and
velocity time histories for the recorded ground motions and to produce Fourier ampli-
tude spectra for portions of these records. The portions of strongest shaking for each

record were subsequently transferred o a MicroVax workstadon in the Civil
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Engineering Department at U.C. Berkeley where acceleration response spectra were

generated for the shortened records.

4.3. Ground Yibration Amplitudes

The 24 sets of train-induced ground vibration records that were obtained during
this investigation were recorded on level ground ar distances of 6.7m, 7.3m, 9.8m,
137m, and 15.5m from the nearest rail. These records were generated by the passage

of 4 passenger trains and 20 freight trains and were recorded at the following 4 sites:
Site No. 1: adjacent to the Southemn Pacific Railroad track in Albany, Cali-
fornia.
Site No. 2: adjacent to the Southem Pacific Raiiroad tracks, southeast of
Brentwood in the San Joaquin River Dcha area of Northern California.

Sites Nos. 3 and 4: adjacent to the Atchison Topeka and Santa Fe Railroad

tracks, northeast of Brentwood.

The railroad tracks at 3 of these sites were located on top of 1.5m high and 2.5m high
embankments which appeared to consist predominantly of sand or gravelly sand and
were capped with approximately 0.7m of rock ballast. The tracks at the fourth site,

the Albany site, were level with the surrounding ground.
In order to provide the reader with a feel for the nature of the ground shaking
generated by trains, a typical ground surface acceleration record is shown in Figure

4.1. This motion was generated by a 4 engine, 49 car freight train passing over a 1.5
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meter high embankment and was recorded ar a distance of about 7.3 meters from the
train; the three acceleration time histories shown in the figure Jepict the vertical com-
ponemt and the rwo horizontal components (perpendicular and parallel to the track) of
the resulting ground motion. The period of strong shaking seen at the beginning of all
3 traces was generated by the engines, while the remainder of the record was gen-

erated by the passage of the railroad cars.

For all but two of the records that were obtained, the ground vibrations gencrated
by the engines werc found 1o be significantly larger in amplitude than those generaed
by the cars (as shewn i1 Figure 4.1, for example). Such an observation was expected
for the following reason: higher axle loads appear to generate ground vibrations of
greater amplindes, and the axle loads for most locomotives are thought to be
significantly larger than the axle leads for most railroad cars, few of which are
designed to withstand axle loads in excess of 22 tonnes per axie. By way of a com-
parison, the axle loads for a typical axle locomotive are reported to be about 28 tonnes

per axle (Szerdy, 1985).

The observation that railroad cars generated higher levels of acceleration in two
of the records can most likely be attributed to a combination of high axle loads and
different suspension design. Unfortunately, this supposition cannot be confirmed since
neither the axle loads nor the suspension design are known. As noted in Section 2.8,
Griffin and Stanworth attribute the higher vibration levels generated by certain engines
to the higher unsprung masses of these engines, implying that train-induced ground

vibration levels are a function of both axle weight and suspension design.
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The regions of strong shaking for cach of the three components shown in Figure
4.1, are also shown in Figure 4.2, When plotted to this time scale, the true cyclic
nature of train-induced ground vibrations is readily apparent. Since it appears that all
three components contain fairly dominant predominant frequencies, it seems reasonable
to conclude that such vibrations may be modelled fairly realistically by a sinusoidal
motion of single frequency, an approach used later in this investigation. As is typical
of many of the records, the average level of shaking generated by the engines is shown

to be about 50% less than the peak ground surface accelerations.

Examination of the records also revealed that close to the tacks {about 7 meters
from the nearest rail), the accelerations associated with the vertical components of
shaking were significantly larger than those associated with the horizontal components
of the same motion. At this distance, for example, the amplitudes of the horizontal
accelerations measured both perpendicular and parallel to the track, appear to be about
20% and 40% smaller on average, respectively, than the corresponding vertical ground
surface accelerations. This difference in amplitude between the three perpendicular
components was noted to be significantly less at greater distances (about 15m) from
the tracks, a change which may well be due changes in the frequency content of the
vertical components of motion (noted in Section 4.4). The generally similar ampli-
tdes for the three components of recorded motions was also noted by Griffin and
Stanworth (1985) who report that trains produce vertical vibrations which are roughly
equal in amplitude to the two horizontal components, measured perpendicular and

parallel to the tracks.
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The influence of train speed on ground vibration levels was also examined; how-
ever no firm conclusions could be drawn from the data due to the following rea-
sons:(1) the small differences in speed between the trains measured at the three San
Joaquin River Delta sites and (2), the large number of other factors which also
influence ground vibration leveis. Comparisons between the motions recorded at the
Albany site and those recorded at the San Joaquin River Delta sites revealed that the
average amplitude of shaking at the Albany site was approximately 30% less than the
average amplitude of the vibrations recorded at the other sites (after the effect of
attenuation was accounted for); while this reduction in amplitude might be due to
slower train speeds at the Albany site it may also be due 10 significantly different soil

conditions.

The peak ground surface accelerations that were generated by the passage of each
train are plotted in relation to the distance, d, at which they were recorded from the
nearest rail (see Figures 4.3 and 4.4). When presented in this manner, the data shows
a rapid reduction in the magnitdes of the accelerations with increasing distance from
the track. It should be pointed out that these figures cannot be used to accurately
determine the ficld attenuation rates for the various sites because each data point
represents the passage of a different train and the accelerations were recorded at four
different sites. Nonetheless, 2 rough estimate (of these rates) can probably be obtained
from the upper and lower bound curves that are fitted to the data (also shown in Fig-
ures 4.3 and 4.4). These curves imply that at least in the near-field region, the ampli-

tudes of train-induced ground vibrations attenuate at some rate proportional to about

d-i".
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The data shown in Figures 4.3 and 44 werc obtained from ground vibration
records recorded at distances of between about 7 meters and 15 meters from the tracks.
Since such distancss are small in relation to the length of an average freight train
(likely to be about 600m), it might seem reasonable to model trains as line sources in
this region. However if this is so, then the contention (made and supported in Section
5.2) that train-induced ground vibrations consist predominantly of Rayleigh waves
might appear to be somewhat inconsistent with the attenuation rate determined above.
For example, Rayleigh waves gencrated by a true line source within an ideal,
undamped, clastic, homogeneous half-space do not attenuate with distance from the

source.

This seemingly high rate of attenuation is possibly due to a combination of the

following:

1) Close to the tracks a significant portion of the ground motions is likely to
consist of body waves and these waves attenuate in amplitude at a much

faster rate than Rayleigh waves.

2) The nature of the data shown in Figures 4.3 and 4.4. As previously men-
tioned, the data shown in these figures represent the peak particle accelera-
tions generated by the passage of each train. These peak values were usu-
ally significantly larger than the average level of shaking generated by
cither the engines or the railroad cars (see Figures 4.1 and 4.2), thereby

suggesting that they were probably generated by a point source such as a
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wheel flat or an uneven rail joint. Rayleigh waves generated by this type of
source attenuate at a significantly faster rate than those generated by line

sources, due to geometnical damping.

In reality, trains can probably be most accurately modelled as a line of point sources
with random phasing rather than as a true line source where all points move in phase
with cach other. However, such 2 problem is likely to be difficult to analyze since the

locations of the point sources vary with time.

Later in this investigation, the average lavels oi ground shaking are assumed to
attenuate at a rate proportional to d~'4. This rae was chosen, ever though it was
believed that these levels should attenuate at a slower rate than the peak accelerations,
because for most sites liquefaction is only predicted to occur within about 6m from the
rail. In this region, the ground motion is likely to contain a higher proportion of body
waves than at distances of even 7 to 15 meters from the tracks, leading to a higher rate
of attenuation in the near-field. This effect may be compensated for by the lower rate

of attenuation for average levels of shaking.

It is interesting to note that judgng by the peak particle accelerations plotted in
Figures 4.3 and 4.4 and the rates of attenuation implied by both the upper and lower
bound curves shown in these fig.res, trains are probably capable of generating peak
particle accelerations significantly in excess of 0.1g at distances less than about 6
meters from the nearest rail. This point is mentioned because many people currently
believe that earthquake-induced ground vibrations with peak surface accelerations in

excess of 0.05g to (.1g (Section 6.2) are capable of liquefying the sands within certa a
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sites. However, a direct aralogy should not be drawn in this case because train-
induced vibrations contain much higher predominant frequencies than seismic motions,
resulting in much smaller levels of induced cyclic shear strains and swesses for the

same values of surface acceleration.

The peak particle velocities generated at the ground surface by the passage of
cach train were also measured and these values are shown in Figures 4.5 and 4.6. It
may be observed from these figures thar as with the ground surface accelerations, the
amplitudes of the peak ground surface velocities generated close to the tracks were
also significantly larger than the amplitudes reported in the literature. For example,
Ames et al report a peak panicle velocity of 3.9 mm/sec measured ar a distance of
about 2 meters from a diesel locomotive, a value which is significantly less than the
peak particle velocities of 20 mm/sec at 2m from the nearest rail suggested by Figure
4.6. Further, it is not only believed that velocities of the magnimdes suggested in this
figure are reasonable, but that these velocities may still underestimate maximum possi-
ble vibration levels. These beliefs are based on the following observations: (1) Ames
et al. (1976) also report a peak particle velocity of 1.4 mm/sec (0.055 ips) measured at
a distance of 30m from the tracks and this value lies slightly above the upper bound
line in Figure 4.6 and (2) the rates of attenuation implied by the curves shown in Fig-
ures 4.5 and 4.6 are less than than the rates implied by either Figure 4.4 or Figure 2.21
suggesting that if anything, this curve is likely to underestimate the amplitude of

ground vibrations generated close to the tracks.
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44. Frequency Content of Train-Induced Ground Vibrations

The dominant frequencies of the train-incuced ground vibration records were
determined by computing acceleration response spectra for the three perpendicular
components of ¢ach motion. These spectra show thar close to the source, the predom-
inant frequencies for the vertical components were usually significantly higher than the
predominant frequencies fur either of the two horizontal components of the same
motion. As shown in Figure 4.7, the verucal components of these records typically
contained predominant frequencies of around 40 Hz while the horizental components

contained predominant frequencies of either 23 or 33 Hz.

The response spectra shown in this figure represent typical spectra for each of the
3 perpendicular components of near-field train-induced ground motions. It may be
seen that the spectra for the two horizontal components of motion are somewhat simi-
lar in shape, however it should be noted that in some cases they were significantly
different. This difference is also noted by Griffin and Stanworth (1985) who report
that spectra for horizontal motions recorded parallel to the track, often differ in shape
from those for the horizontal component of the same motion recorded perpendicular to

the track.

In contrast to train-induced ground shaking recorded close 1o the source, the
predominant frequencies of the vertical components of motions recorded at greater dis-
tances (about 15.5 meters from the racks) were approximately equal to 23 Hz and
hence very close 1o the predominam frequencies of the two horizontal components.

This change in predominant frequency with distance, which is clearly illustrated in
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Figure 4.8, was anributed to the fact that higher frequency motions anenuate much fas-
ter with distance than low frequency motions. Thus, at greater distances the low fre-

quency motions tend to dominate.

It is worth noting that most of the response spectra obtained in this investigation,
contain dominant frequencies of about 23, 33 and 40 Hz and that all three of these fre-
quencies lie within the range of 10 to 60 Hz, proposed by both Griffin and Stanworth
(1985) and Dawn and Stanworth (1979). The latter investigators also proposed a more
confined range of 10 to 20 Hz and stated that most of the peaks should occur within
this range; however this statement is not supported by the data recorded in this study.
Since most of the train-induced ground vibration records contain predominant frequen-
cies around 23 Hz, and frequencies close to the predominant period of the site are
predicted to dominate the motion at greater distances from the tracks (as discussed in
Section 2.1), it might be inferred rhat the predominant frequencies of the sites were

approximately equal to 23 Hz.

In addition to computing acceleration response spectra for all of the train-induced
ground vibration records, the dominant frequencies were also determined by computing
Fourier amplitude spectra for the same motions and as shown in Figure 4.9, these later
specta revealed numercus other dominant frequencies. Several attempts were made to
associate th.ese frequencies with repeating features of the track; however all of these
arternpts were unsuccessful and their failure was anributed to the fact that the speeds
of the trains that generated these vibrations were not known, nor could they be deter-

mined with an acceptable degree of accuracy from the ground vibration records.
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Because the DR 100 recorder contained a 5 pole, 50 Hz low pass filter, none of the
records contained significant motions with frequencies greater than 50 Hz, a fact which

is clearly illustrated in Figure 4.9.

4.5. Summary

In summary, it may be stated that the amplitudes of train-induced ground vibra-
tions recorded close to the tracks are significandy larger than the amplitudes reported
in the literature. For example, the upper bound curve shown in Figures 4.5 and 4.6
implies that at distances of about 2m from the nearest rail, trains may be capable of
generating ground shaking with peak particle velocities of about 20 mmy/sec. This
value is significantly larger than the maximum peak particle velocity of 3.9 mm/sec
{recorded at a distance of 2m from a diesel locomotive) repurted by Ames et al (1976).
Furthermore, since these authors also report a velocity which lies slightly above the
upper bound curve shown in these figures, and the rate of attenuation implied by this
curve is less than the attenuation rate suggested by Figures 4.4, trains may well be
capable of generating ground vibrations with peak particle velocities which exceed the

values shown by the upper bound curves in Figures 4.5 and 4.6.

In addition to obtaining ground surface velocity records, ground surface accelera-
tions were also recorded and the peak particle accelerations generated by the passage
of each train are plotted in Figures 4.3 and 4.4. These figures show that trains appear
to be capable of generating accelerations in excess of 0.Ig at distances closer than

about 6m from the nearest rail, thus supporting the corimon belief that trains are
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capable of inducing significant levels of ground vibration.

The horizontal components of the train-induced ground motions obtained in this
investigation were typically found to contain predominant frequencies of either about
23 Hz or 33 Hz. These frequencics are similar to the predominant frequencies of the
vertical components of motion recorded at distances of about 15m from the tracks, but
are significantly less than the predominant frequencies for the vertical compenents

measured close to the tracks (usually about 40 Hz).
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CHAPTER 5§

Liquefaction Potential of Train-Induced Ground Vibrations

£1. Introduction

The liquefaction potentials of sand deposits subjected to main-induced ground
vibrations were evaluated by following both the shear stress approach and the shear
strain approach (both of which are outlined in Chapter 3) and the results of these ana-
lyses are presented in this chapter. The magnitude of the cyclic shear stresses and
cyclic shear strains predicted to be induced within these deposits were calculated
assuming that most of the energy imparted to the soil by trains is transmitted as Ray-
leigh waves. The dawa on which this assumption was based and the procedure used to

caiculate the amplitude of these stresses and strains are also outlined in Chapter 5.

52. Prediction of Rayleigh Wave Cyclic Shear Strains

The assumption that train-induced ground vibrations consist predominantly of
Rayleigh waves is based on the findings of a theoretical study reported by Miller and
Pursey (1955). These authors examined the case of a uniformly distributed circular
energy source, oscillating vertically on the surface of an ideal, homogeneous, isotropic,
elastic half-space and concluded from their study that approximately two-thirds of the
encrgy imparted to the soil was transmitted as Rayleigh waves. Sice the energy

imparted by trains is also applied verically at the ground surface, it seemed reasonable
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to assume that the ground vibrations generated by this source would also consist

predominantly of Rayleigh waves.

The predominance of this wave type is further supported by ground motion
artenuation rates measured in the field. For example, Dalmatov er al (1968) conclude
from their measurements that most of the energy imparted to the scil by non-seismic
sources of vibration is transmitted as Rayleigh waves, and Lo (1976) was able to ade-
quately predict the attenuation of ground vibrations generated by pile driving by using

an equation which was developed for Rayleigh waves.

Thus, based on the findings of the Miller and Pursey study, and supported by
field attenuation rates, it seemed most appropriate to compute the magnitudes of the
induced stresses and strains using Rayleigh wave theory, an approach which was
believed to be reasonably accurate ar distances greater than about 10 to 15 meters from
the train and considered likely to become less accurate at distances closer to the

source.

In reality of course, the ground vibrations generated by non-seismic sources prob-
ably consist of some combination of both surface waves and body waves. Therefore
any calculations made assuming onc wave type can only furnish approximete values
for the actual levels of induced cyclic shear stress and strain. Despite this fact, the use
of such a simplistic approach may still provide an approximate basis for evaluating
these effects, even though the relative propottions of the various wave types are unk-
nown. Thus, even if the other wave types were taken into account these levels of

strain and stress could not be computed exactly. Use of this approach is further
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supported by the observation that the cyclic shear stresses and strains calculated
assuming Rayleigh wave theory appear to be sirnilar in magnitude to the stresses and
strains calculated using body wave theory (discussed later in this section). Since most
ground motions consist predominantly of some combination of these two wave types,
the accuracy of this analysis was probably not reduced significantly by the simplifying
assumption.

The ground motions associated with each Rayleigh wave mode of vibration may
be described by the following equations, where u, is the horizontal displacement, u, is

the vertical displacement, and f(z) and g(z) are the horizontal and vertical mode

shapes respectively:
Uy (x,20)=f(z) e'™ - k) 5.1
Uy xz 1) =g(z)- ¢! % 52
where ® = frequency (rads/sec),
k = wave number,
2 = depth,

x = horizontal distance;, and
f(z), g(z) are complex functions

In an ideal, homogeneous, elastic half-space, all Rayleigh wave motions propagate
with the same normalized mode shape; however, in layered media numerous Rayleigh
waves are generated with a wide variety of mode shapes. Each of these mode shapes
is associated with a comresponding eigenvalue, k (commonly refetred to as the wave

number), and it is this eigenvalue that determines the nature of the ground motion in
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this numerical formulaiion. Since k may be a2 complex number, four wave types can

be distinguished in an undamped elastic medium (Waas, 1972):

a)

b)

c)

d)

If k is complex, ie. k=k,+ik,, and k;#0, k,#0, the corresponding Rayleigh
wave motion propagates in the x direction with the phase velocity ¢ = w/fk,
and decays or increases in amplitude at an exponential rate of e*** For
every wave of this type, a "reciprocal” wave which has the same wave
number with opposite sign (i.e. it propagates in the negative x direction
and amntcnuates at the opposite rate) also exists. These wave pairs transmit
the same amount of energy away from the source as back to the source,

resulting in no net energy transfer.

If k is real, i.e. k=k, and k,=0, the resulting motion is a wave which pro-
pagates in the x direction with constant amplitude and phase velocity ¢ =
w/k,. All horizontal displacernents are in phase at a constant distance, x,
and arc 90 degrees out of phase with the vertical displacements. Real
wavas do not attenuate with distance and are the only wave types that

transmit energy away from the source.

If k is purely imaginary, i.e. k=ik,, and k,#0, the motion ’aries exponen-
tially in the x direction and does not propagate. No energy is transmitted.
If k=0 the ground motion is independent of distance, x, and degenerates to

a one-dimensional standing wave. This type of wave can only occur at cer-

tain "natural” frequencies of 1 layered medium over a rigid base. It is not
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likely to be generated by the dynamic loading in question.

Most of the energy imparted to a soil by a source goes inte exciting the lower modes
of vibrarion and in a damped layered systern such as a sand site, these modes tend to
be the lower complex modes. However, provided that the damping is small (as is the
case for train-induced ground vibrations) the imaginary parts of the wave numbers for
these modes are also very small. Further, these modes are similar in shape w0 the real
modes computed for an undamped system. Thus it seems appropnate to predict the
levels of cyclic shear strain gencrated within a real system using the real modes deter-

mined for an undamped system.

The various mode shapes predicted to exist within an undamped layered site can
be computed using the finite element program GROUND-2D. This program (which is
still under development at U.C.Berkeley) is based on a computer program wrirten by
Waas (1972) and is being developed to perform 2-dimensional site response analyses
for sites subjected to shaking by surface waves. Once the mode shapes are known, the
cyclic shear strains that are associated with each Rayleigh wave mode of vibration can

be calculated using Equations 5.3 and 5.4:

max Yo = l Y l = [f’(z)— i-k-gl2) 53
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MY = | T | = K@ -0 5@ 54
where Yx = horizontal and vertical shear strain,
Y45 = shear strain on a 45° plane, and

fz), g'(z) = derivatives of f(z), g(z) wrt. z

Derivations for both of these equations are provided in the Appendices. It can be
shown that the maximum swrains induced by Rayleigh waves occur on either the verti-

cal and horizontal planes, or the 45 degree plane.

Because GROUND-2D performs an elastic analysis using constant values of shear
moduli, and the shear moduli of sands are strain dependent, the site response was
determined iteratively. The values of shear moduli used as input for each iteration
were determined from Figure 5.1, using the shear strains computed in the previous
iteration and the value of G, calculated (using Equation 5.7) for each layer. The
analysis was stopped when the shear moduli varied in magnitude by less than 5%
between successive iterations since changes in modulus of this magnitude were judged
to have only a minor effect on the computed sitc response; site response is dependent
primarily on shecar wave velocity which is a function of the square root of the shear

modulus.

Thus, estimates for Rayleigh wave motions likely to occur within a loose
( Dp = 35% ) sand site were obtained by using GROUND-2D to compute the response
of the model site defined in Table 5.1. The depth of the model was chosen (using

Equation 5.5) to be slightly greater than twice the wavelength of the expected funda-



Sheor Modulus ot Shear Stroin ¥

Shear Modulus at r=10% percent

0.8 '
i
0.6 5
Rangs of values from datc for sands !
with different relative densities |
0.4
0.2
:
0 J
10-4 I0-3 10-2 07!

Shear Strain, v ~percent

FIG 5.1 VARIATION OF SHEAR MODULUS WITH SHEAR STRAIN FOR SANDS
(from Seed and Idriss, 1970).

§91



166

mental mode of v :pration:

2V,
S sde 55
f
H
Vi = H
I dz 5.6
0 Vz
where H = depth of the site,
f = frequency (hz),
V, = shear wave velocity at depth 2, and
V.. = average shear wave velocity for site

This was done to ensure that the base of the model did not influence either the wave

nurnber or the mode shape for this mode.

As shown in Table 5.1, the model site was divided into 20 layers which ranged in
thickness from 2 inches at the surface to 130 inches at the base. The small strain
shear moduli for each of these layers were calculated from the following equation

assuming that (K 2y, = 37 (after Seed et al, 1984, for a sand with Dy = 35%):

1
G o = 1000 - (K)), 0 - (O0)2 5.7

where G, = shear modulus for sand (psf)
and ¢’ = mean effective stress (psf)

The computer analyses were performed with the aid of Mr. Nan Deng and were super-

vised by Professor J. Lysmer.
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Table 5.1 : Model Site Used to Compute Rayleigh Wave Mode Shapes

Layer No. Layer Depth to Base | Density v, Ve

Thickness (ft) | of Layer (f1) (peh) (fps) (fps)

1 0.1667 0.1667 120 130 5000
2 0.2500 04167 120 182 5000
3 0.3333 0.7500 120 214 5000
4 0.4167 1.1667 120 240 5000
5 0.5000 1,6667 120 259 5000
6 0.5833 2.2500 120 275 5000
7 0.6667 29167 120 291 5000
] 0.7500 3.6667 120 308 5000
9 0.8333 4.5000 120 331 5000
10 1.0000 5.5000 120 357 5000
11 1.1567 6.6667 120 362 5000
12 1.3333 2.0000 120 411 5000
13 1.5000 9.5000 120 434 5000
14 1.6667 11.1667 120 454 5000
15 2.0000 13.1667 120 473 5000
16 2.5000 15.6667 120 499 5000
17 3.3333 19.0000 120 522 5000
18 5.0000 24.0000 120 550 5000
19 7.5000 31.5000 120 586 5000
20 10.8333 42,3333 120 629 5000
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The three real modes of vibration computed to occur within the model sand site
are shown in Figures 5.2, 5.3 and 5.4, the horizontal mode shapes, f (z) are shown as
solid lines and the vertical mode shapes, g (z) are shown as dashed lines. These waves
were determined for a peak ground surface acceleration of 0.1g and a ground vibration
frequency of 20 Hz. The magnitudes of the induced cyclic shear stains associated
with each of these modes were computed from Equations 5.3 and 5.4 by scaling both
the vertical and the horizontal mode shapes (for each mode} by the same factor to give
a peak horizontal ground surface acceleration of 0.1g. These strains are shown in Fig-

ures 5.5, 5.6 and 5.7.

A further 9 complex modes and 19 purely imaginary modes were also generated
by the computer analysis. However these modes were not included in the analysis
because it would have been both unnecessary and impractical to my to combine all 31
Rayleigh wave modes in varying proportions (as discussed later). The justification for

neglecting these modes is provided by the following observations:

1) Both the complex and the purely imaginary modes attenuate very rapidly

with increasing distance from the source, and

2} in a similar manner to the carthquake response of structures, most of the
energy imparted to the soil by a source goes into exciting the lower modes
of vibration. Successively smaller amounts of energy go into exciting the
higher modes. Thus, since the rcal modes arc the first, second and third
modes of vibration, these three modes will probably tend to dominate the

resulting ground motion.



(feet)

Depth

0.0

2.8

5.0

7.5

10.0

12.5

1500

17.5

20.0

22.3

25.0

IG 5.2

169

Dimensioniess Scagle

--2.00 —-1.00 0.00 1.00 2.00 3.00
T 7 1 ! T T T T T
| N\
|
- i J
A
\
\
— \ -1
\
\
\ Horizontal component
~ \ L
\
\
| \ i
b Vertical componant
i
\
- \ -
\
i
P ‘ -
1
1
|
e l -
‘l Phase Velocity = 402 fps.
i Wavelength = 20.1 ft. ]
|
1
|
- i -t
1
)
b | 1 ) i 1 1 i 1

HORIZONTAL AND VERTICAL MODE SHAPES FOR THE FIRST REAL
RAYLEIGH WAVE MODE OF VIBRATION.



170

Dimensionless Scagale

-2.00 -1.00 0.00 1.00 2.00 3.00

25

5.0

7.5

10.0

(feet)

12,5

Depth

15.0

17.5

20.0

22.5

25.0

FIG 5.3

T | T

Wavalength = 29.7 ft.

hY
\
- \ A
\
\
Vertical component —--\1 Horizontal component
1
1
— l —
}
|
[
— | .
|
i
i : ]
|
j Phase Velocity = 594 f{ps.
l
I

HORIZONTAL AND VERTICAL MODE SHAPES FOR THE SECOND REAL
RAYLEIGH WAVE MODE OF VIBRATION,



~2.00 —~1.00 0.00 1.00 2.00 3.00
0.0 T T | BN T
N
2.5 - .
5-0 — -
75 -
10,0 -
Cam.Y
)
qQ
O
o
125 + -
< Phaze Veloc’ty = 1,132 fps.
& Wavelength = 56.6 ft.
Q 150 | -
] 7-5 - -
20,0 -
Horizontal component
22.5 |~ -
i
25.0 1 1 1 1 1 1 1 N
FIG 5.4 HORIZONTAL AND VERTICAL MODE SHAPES FOR THE THIRD REAL

171

Dimensioniess Scale

RAYLEIGH WAVE MODE OF VIBRATION,



(feet)

Depth

172

Shear Strain (percent)

-0.03 -0.02 -0.01 J.00 0.01 c.02
0.0 T I T R ™ H i 1
=~ ~
25 AN -
N
A\
\
5.0 \ .
I
1
7.5 I -
] /
/
!
10.0 / —
!
/
/
125 = / -
/
{
15.0 | Maximum shear strains / .
on the horizontal and i
vertical planes. /
/
1705 - ’ h
i
|
20.0 }- Maximum shear strains ! -
on the 45 degree pianes. —of
i
1
225 I -
I
l
25.0 1 1 1 1 ! I i 1

FIG 55 MAXIMUM CYCLIC SHEAR STRAINS GENERATED BY THE FIRST
REAL RAYLEIGH WAVE MODE OF VIBRATION, FOR A PEAK
GROUND SURFACE ACCELERATION OF O.1g.



(feet)

Depth

173

Shear Strain (percent)
-0.03 -0.02 -0.01 0.00 0.01 0.02
0.0 T 1 —T 1 T 1T
[
!
2.5 - / -
/
7
/
5.0 r Maximum shear strains /
on the herizontal and / “
vertical planes,
75 | i
10.0 - _1
125 ) -
l
|
150 - u
I
!
Maximum sheagr stroins |
175 = on the 45 degree planes.——e| -
{
|
|
20.0 , ﬁ
|
)
2235 | | -
l
I
25.0 ! 1 1 1 L ] 1 ]
FIG 5.6 MAXIMUM CYCLIC SHEAR STRAINS GENERATED BY THE SECOND

REAL RAYLEIGH WAVE MODE OF VIBRATION, FOR A PEAK
GROUND SURFACE ACCELERATION OF 0.1g.



174

Shear Strain (percent)

-0.03 ~0.02 -0.01 0.00 0.01

0.0

2.5

5.0

7.5

10!0

(feet)

12.5

Depth

15.0

17.5

20.0

22,5

25.0

FIG 5.7

0.02

[~ vertical planas. - !

!
i
i
}- I
I
!
i
\

T T T T T T T

Maximum shear strains
on the herizentai and

{
!
Maximum shear strains
en the 45 degree plcnes.——‘

1

——
—
—

e . —_— — = — =

MAXIMUM CYCLIC SHEAR STRAINS GENERATED BY THE THIRD
REAL RAYLEIGH WAVE MODE OF VIBRATION, FOR A PEAK
GROUND SURFACE ACCELERATION OF 0.1g.



175

Thus, the cyclic shear strains induced within the site are predicted to be some
combination of the strains (shown in Figures 5.5, 5.6, and 5.7) associated with the
three real modes of vibration. Unfortunately the exact magnitude of these induced
strains cannot be determined because the computer analysis provides no information on
the relatve proportions of ground shaking generated by each mode. It should be
pointed out that the lines shown in Figures 5.2, 5.3, and 5.4 merely depict the relative
amplitudes of the vertical compenent of ground motion with respect to the horizontal

component of ground motion for the sane mode of vibration.

In order to overcome this limitation, it seerned most appropriate to calculate an
approximate upper bound for the magnitude of the cyclic shear strains likely to be
induced at the site. This upper bound was obtained by combining the three real modes
of vibration in varying proportions which saiisfied the ratio of vertical ground motion
to horizontal ground motion at the ground surface {(as determined from the train-
induced ground vibration records described in Chapter 4), while still maintaining a
peak horizontal ground surface acceleration of 0.1g. Examination of the train-induced
ground vibration records revealed that on average, the vertical ground surface accelera-
tions gencrated by trains were approximately 20% greater in ~.mplitude than the hor-
izontal ground surface accelerations measured perpendicular to the track.

The cyclic shear strains associated with the six moda! combinations (that satisfied
the constraints described above) were calculated by superimposing the strains com-
puted for the three real modes of vibration (shown in Figures 5.5, 5.6 and 5.7). These

combined strain profiles were then compared and the maximum strains generated at
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any given depth were determincd. Figure 5.8 shows the maximum cyclic shear strains
generated on horizontal planes at various depths in this deposit, while the curve shown
in Figure 5.9 depicts the maximum cyclic shear smrains that were predicted to be gen-
crated on 45 degree planes. It is worth noting at this point that while the curves
shown in Figures 5.8 and 5.9 are believed to provide an approximate ipper bound for
the levels of induced cyclic shear strain, the strains implied by these curves are prob-
ably not significantly larger in magnitude than the actual cyclic shear strains induced
within the site. Such a belief is held because the three real modes of vibration pro-
pagate with different wavelengths and therefore probably combine in widely varying

proportions at different distances from the tracks.

Having completed the Rayleigh wav> analysis (of the 13 meter, 35% relative den-
sity sand site) and calculated what appears to be a reasonable estimate for the magni-
tudes of the cyclic shear strains actwally induced within the site by train-induced
ground vibrations with peak ground surface accelerations of about 0.1g, it was decided
to repeat the analysis asswning that the ground motions consisted entirely of vertically
propagating shear waves. This latter analysis was performed in order to compare the
levels of cyclic shear strain induced by the two wave types, and hence assess the effect
of the initial assumption that most of the energy imparted to the soil by trains was

transmitted as Rayleigh waves.
The magnitudes of the cyclic shear strains induced by vertically propagating shear
waves, were determined by creating an artificial sinusoidal ground vibration record and

then deconvolving the motion down through the site using the computer program
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SHAKE. This ideal surface motion was chosen to have a constant amplitude of Q0.1g
and a predominant frequency of 20 Hz. The strains calculated by this approach are
shown by the dashed line in Figure 5.10, and are presented together with the approxi-
mate upper bound curves that were computed using Rayleigh wave theory (alse shown
in the previous figure). It should be pointed out th-t the unusually low values of shear
strain at depths of about 7.5 ft and 19 ft indicate the presence of nodes at thesc points
and are due to the fact that the input motion from which the site response was calcu-
lated, was a pure 20 Hz motion. With a less uniform frequency as is present in train

vibrations, this marked difference a1 a depth of 7.5 ft would be ameliorated.

The effect of using an ideal 20 Hz, sinusoidal record to predict site response was
investigated by comparing the cyclic shear strains computed for the ideal motion with
those computed by assigning actual train-induced ground vibration records as the
ground surface motions. All records were scaled to give the same peak horizontal sur-
face acceleration of 0.1g. As shown in Figure 5.11, it was found that the shear strains
associated with the ideal surface motion are somewhat higher than those associated
with the actual train-induced records. This is probably due to the higher predominant
frequencies of the latter records. As is cxpected, the nodes are no longer evident at
depths of about 7.5 ft and 19 ft because of the range of frequencies present in the real
moticn. The train-induced ground motion used to compute the strains shown in Figure

5.11 was recorded parallel to the tracks.

From the comparisons shown in Figure 5.10 it may be concluded that:
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) The maximum cyclic shear strains calculated using vertically propagating
shear wave theory are quite similar in magnitude to the upper bound cyclic

shear strains calculated using Rayleigh wave theory.

2) Since both Rayleigh wave theory and vertically propagating shear wave
theory (V.P.S.W. theory) predict similar levels of induced cyclic shear
strain, and most ground motions are believed to consist predominantly of
some combination of surface waves and body waves, it seems probable that
the magnitudes of the strains calculated using Rayleigh wave theory are
close in magnitude to the strains actually generated by train-induced ground

vibrations.

Thus, based on the above conclusions, and given thar V.P.S.W. analyses require
significantly less computational effort to perform than Rayleigh wave analyses, it
seemed appropriate to use vertically propag ting shear wave theory to estimare the
magnitude of the cyclic shear strains generated by trains for the remainder of the ana-
lyses. The observation that both theories predict similar levels of induced cyclic shear
strain seems plausible since most of the energy transmitted by Rayleigh waves 1s pro-
pagated at depth where the shear modulus of the sand is higher. Therefore, the deeper
layers drive the motions in the layers closer to the surface in a similar manner to that

developed by near-vertically propagating shear waves.
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5.3. Evaluation of Liquefaction Potential Using the Shear Strain Approach

In light of the above results, the liquefaction potentials of sand sites subjected to
train-induced ground vibrations were evaluared by first estimating the levels of induced
Rayleigh wave cyclic shear swmains using vertically propagating shear wave theory.
These levels were then compared with the levels of cyclic shear strain required to
liquefy the sand in-situ. Comparisons were made at distances of 10 and 20 ft from the
nearest rail but were not undertaken at distances closer to the tracks since it is believed
that in this near-field range, the soil behavior is likely to be dominated by the weight
of the train. Szerdy (1985) has already shown that these static stresses are capable of

causing liquefaction of saturated sand embankments.

The magnitudes of the strains induced at these distances were computed by scal-
ing the 20 Hz record to produce motions of different amplitudes and deconvolving
these motions down through the site using the computer program SHAKE. The
acceleration amplitudes were determined with the aid of Figure 4.4 which indicates
that trains are probably capable of generating peak ground surface accelerations of
about 0.3g and 0.1g at distances of 10 ft and 20 ft from the nearest rail respectively.
These accelerations were reduced by 50% to represent average levels of shaking and
thus ideal sinusoidal surface motions with maximum amplitudes of 0.15g and 0.05g
were applied at distances of 10 ft and 20 ft from the xacks respectively. Examination
of the train-induced ground vibration records presented in Chapter 4 revealed that the
average level of ground shaking generated by the engines was typically half the peak

particle acceleration.
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The 20 Hz frequency chosen for the sinusoidal surface motion was determined
from the acccleration response spectra computed during this investigation. These spec-
tra show that most of the train-induced ground vibration records contain dominant fre-
quencies of about 40 Hz, 33 Hz and 23 Hz (as discussed in Section 4.4 and shown in
Figures 4.7 and 4.8). Because several of the ground vibration records contained dom-
inant frequencies of approximately 20 Hz, and the magnitude of the induced cvclic
shear strains was found to drop significanty as the frequency of the input surface
motion was increased, while holding the peak ground surface acceleradon constant, it
seemed most appropriate to use an artificial surface motion with a frequency of 20 Hz

in the analyses.

The cyclic shear strains computed using onc dimensional vertically propagating
shear wave theory to occur within a 35% relative density saturated sand site (with a
water table at the ground surface) at distances of 10 and 20 ft from the tracks are
shown by the solid lines in Figures 5.13 and 5.14 respectively. These curves were
then adjusted (with the aid of the comparison presented in Figure 5.10) to determine
estimates for the magnitudes of the Rayicigh wave-induced cyclic shear strains at these
distances, and hence what are believed to be reasonable values for the actual ievels of
train-induced shear strains. The estimated Rayleigh wave strains are shown by the
dashed lines in the same figures, The same procedure was also used to estimate the
magnitudes of the Rayleigh wave cyclic shear strains likely to be induced within the
same sand site with water tables at depths of 2.0 ft and 5.0 ft and the results for all

three site conditions are summarized in Figures 5.15 and $5.16.
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As shown in these figures, the magnitudes of the cyclic shear strains predicted to
be induced within level, loose sand deposits are relatively small. In fact, even at dis-
tances as close as 10 ft from the nearest rail these strains are not predicted to exceed a
value of about 1.5x10°2%, a strain which is only slightly larger than the threshold
strains of many sands. For example, the threshold strains for most of the sands for
which data are presented in Table 3.2, may be seen to be about 1.0x1072%. In addi-
tion, experimental data has shown that even after 100 cycles of loading at a2 maximum
strain of 1.5x1072%, the pore pressure ratio gencrated within a 45% relative density
Monterey No. 0 sand sample did not exceed a value of about 0.1 (refer to Figure 3.9).
Since changes in the relative density from 45% to 80% have been shown to have a
relatively minor effect on the rate of pore pressure build-up at such low strain levels
(see Figure 3.7}, it seems likely that the excess pore pressures generated within loose

{Dp= 35%) sand samples would aiso be small.

Thus it appears that according to the shear strain analysis, the ground vibrations
generated by trains are not only incapable of liquefying level, loose sand deposits
located at distances greater than about 10 ft from the ncarest rail, but they are also
probably incapable of generating significant pore pressures within sands at these dis-
tances. Such a conclusion is consistent with the observation that no case histories are
known to have been rcported where ground vibrations gencrated by trains have

liguefied level sand sites.
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$.4. Evaluation of Liquefaction Potential Using the Shear Stress Approach

The liquefaction potentials of sand deposits subjected to train-induced ground
vibrations were also evaluated using the shear stress approach. This approach was
employed for the following reasons: (1) in order to compare the conclusions reached
by following both the shear strain and the shear stress approaches and (2), to enable
the effects of initial static shear stresses on the liquefaction potential of the deposits to
be taken into account. The ability to account for these stresses was perceived to be
important because all of the large-scale liquefaction failures listed in Table 1.1
occurred on sloping ground, and it was believed that non-seismic sources of vibration
might only be capable of liquefying sands that were subjected to high initial shear

stress/normal stress ratios.

The magnitudes of the induced cyclic shear stresses predicted to occur within the
35% relative density sand site were calculated from the values of induced cyclic shear
strain shown in Figures 5.15 and 5.16. These stresses were computed with the aid of
the Seed and Idriss (1970) curve of normalized shear modulus versus cyclic shear
strain (shown in Figure 5.1) and the values of the maximum (i.e. small strain) shear
moduli calculated from Equation 5.7. The induced cyclic stress ratios calculated by
this approach and shown in Figures 5.17 and 5.1B were subscquently compared with
the levels of cyclic stress ratio that were thought to be capable of inducing liquefac-
tion.

In contrast to the shear strain approach, where the value of threshold strain

appears to be independent of the number of cycles of applied loading, the level of
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cyclic shear smess tha. is required to liquefy a sand is heavily dependent on this
number of cycles. Therefore, before the level of required shaking could be determined
it was necessary to estimate the number of representative cycles of loading likely to be
produced by an average freight train. Based on the observation that freight rrains of
moderate length are typically powered by four engines which generate about 5 seconds
of strong ground shaking, and given that these motions are represented by an ideal 20
Hz sinusoidal surface motion, it seemed reasonable to assume that the passage of such

a train would generate about 100 representative cycles of shaking.

While it might appear from this description that the ground shaking generated by
railroad cars was ignored, this is not the case. Rather, it was determined that the shak-
ing gencrated by the cars was likely to impose a relatively insignificant amount of dis-
tress on the soil when compared to the amount of distress imposed by the engines.
This belief is based on the observation that the ground surface accelerarions generated
by the cars were usually about one-half to two-thirds of the magnitude of the average
levels of shaking generated by the engines. Applied cyclic stress ratios, two-thirds of
the magnitude of the stress ratios required to induce liquefaction in 100 cycles are
probably incapable of liquefying the same sand in any number of cycles (see Figure
3.3).

The magnitudes of the applied cyclic stress ratios required to liquefy a 35% rela-
tive density saturated sand deposit, in situ, were determined approximately from the
ficld performance plots shown in Figures 3.1 and 3.2. Given that the standard penetra-

tion resistance of such a sand is approximately equal to 5 (for a Dz = 35% sand), the



195

cyclic stress ratio required to liquefy this sand in 15 cycles of loading is estimaied
{from Figure 3.1) to be about 0.07. S°nce trains typically generate around 100
representative cycles of loading, and the stress ratio required 1o liquefy a sand in 100
cycles is about three-quarters of that required to liquefy the same sand in 15 cycles
(see Figure 3.3), the value obtained above was multiplied by a factor of 0.75. There-
fore the applied cyclic stress ratio required to liquefy a 35% relarive density saturated
sand (subjected to an overburden pressure of approximarely 1 ksc¢) in-situ in 100
cycles, was estimated to be 0.07x0.75 = 0.05. The resulting values of cyclic loading
resistance plotted as the dashed lines in Figures 5.19, 5.20, and 5.21 were obtained by
adjusting this value of 0.05 for overburden effects using the values of X, shown in
Figure 3.4.

It may be seen from these figures that analyses using the shear stress approach
indicate that trains be capable of liquefying sands within level sites to distances some-
what greater than 10 ft from the tracks. For example, ground motions with peak sur-
face accelerations of about 0.04g are predicted to cause liquefaction within the upper 2
ft of a loose sand deposit (see Figure 5.19), thereby suggesting that iiquefaction may
occur within such deposits, provided that the water table is at the ground surface, at
distances as far as about 25 ft from the nearest rail (refer to Figure 4.4), Because the
stresses generated by Rayleigh waves decrcase rapidly with depth, liquefaction is
confined mainly to the surface layers, and hence the maximum distance of liquefaction

is computed to be heavily dependent on the depth of the water table.
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The practical significance of this result, however, requires that consideration be
given to the effects of several other factors including: (1) the fact thar very few rail-
road wacks are likely to pass over 35% relanive density sand deposits; (2) the water
table at most sites is very rarely coincident with the ground surface; and (3) most
sands adjacent to railroad tracks have probably been subjected to a significant number
of cycles of prior shaking during construction and during the passage of trains. The
effects of these additional factors may cause the prece .ig analytical results to be more

apparent tha- r=al.

The effect of water table height on the liquefaction potential of sand deposits sub-
jected to train-induced ground vibrations is illustraied in Figures 5.19, 5.20 and 5.21.
These figures show that as the depth of the water table (below the ground surface) is
increased, the level of shaking required 1o induce liquefaction is also increased, result-
ing in a marked reduction in the maximum distance at which liquefaction is predicted
to occur. For example, the cyclic shear stresses induced within a level sand site with a
water table at a depth of 5 ft, at a distance of 10 ft from the tracks, are unlikely to
exceed the levels of applied cyclic shear stress required to liquefy a 35% relative den-
sity sand (Figure 5.21). In comparison, when the water is at the ground surface,
liquefaction is predicted to occur at distances as great as 25 ft from the tracks (see Fig-
ure 5.19). Since the water tables at most sand sites are located significantly below the
ground surface, liquefaction is unlikely to occur at distances of 25 ft for the majority

of level sites.



200

The other factor which can be expected to affect (increase) the liquefaction resis-
tance of a loose satur.ied sand deposit is prior shaking, and this effect was taken into
account by adjusting the liquefaction resistance values as described later. The effect of
prior shaking is particularly significant when analyzing train-induced ground vibrations,
because (as previously noted) the prior passage of a single wain may have generated
aver 100 cycles of loading. Since water tables at, or above the ground surface (the
most critical case), are most likely to have arisen as a result of either flooding or
exceptionally high precipitation, the sand near the surface was probably shaken by the

passage of earlier trains while it was in an unsaturated state.

The effect of such dry pre-loading on the liquefaction resistance of loose sands
was cxamined by Szerdy (1985), who conducted laboratory tests on samples of
Sacramento River fine sand. These tests showed that the cyclic stress ratio required to
liquefy 35% relative density sand samples in 100 cycles, after 1000 cycles of dry
preloading at the same level of cyclic shear stress, is approximately 60% larger in
magnitude than the cyclic stress ratio required to liquefy the same sand, subjected to
no preloading, in the same number of cycles. Thus, the values of cyclic stress ratio
required to induce liquefaction (and shown in Figures 5.19, 520 and 5.21) were also
increased by about 60%. The modified values are plotted in Figures 5.22, 5.23 and

5.24 for comparison with the train-irduced stresses.

Examination of these latter figures shows that when the effect of prior shaking is
taken into account, the maximum distance at which liquefaction is predicted to occur is

significantly reduced. For example, Figure 5.22 implies that for level sites, even with
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a water table coincident with the ground surface, liquefaction is unlikely to occur at
distances greater thar. about 15 ft from the tracks and that it is limited to the upper 6 ft
of the sand deposit at a distance of about 10 ft from the tracks. In comparison, Figure
5.19 implies that trains might be capable of liquefying loose saturated sands (within
the same site) subjected to no preshaking at distances up to about 25 ft and down 1o 2
depth of about 9 ft at a distance of 10 ft from the wracks. It is impornant to note that
when the effects of prior shaking are taken into account, liquefaction is not predicted
to occur, even at distances as close as 10 ft from the nearest rail, within loose sand

sites with water tables more than 3 ft below the surface.

Thus, in summary, it appears that according to the shear stress approach, the
ground vibrations generated by trains are probably incapable of liquefying level,
saturated, loose sand deposits located at distances greater than about 10 ft from the
tracks in all but exceptional cases. This prediction seems to be reasonable since ir is
both similar to the conclusion reached by following the shear strain approach, and con-
sistent with the fact that no case histories involving train-induced liquefaction failures

of level ground were found in the literature.

5.5. Effects of Train Vibrations on Ligquefaction Potential for Sloping Sites

While no effects of liquefaction appear to have been reported for level ground, it
seems likely that the ground vibrations generated by trains have caused sloping depo-
sits to liquefy at significantly greater distances from the tracks. Several such failures

are listed in Table 1.1. The suggestion that these vibrations might be capable of
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triggering liquefaction within one type of sitc and not the other is considered to be
plausible for the following reasons: (1) the sands within sloping deposits may be sub-
jected 1o reasonably high values of initial static shear stress while no such stresses are
likely to exist within level sites and (2), recent research has shown that the cyclic
liquefaction resistance of loose sands decreases significantly with increasing level of

initial shear stress/normal stress ratio (refer to Figure 3.5).

The possible effects of these initial static shear stresses on the liquefaction poten-
tial of sand deposits subjected to train-induced ground shaking were evaluated by first
computing the magnitudes of the cyclic stress ratos induced within a hypothetical, 10
degree, 35% relative density saturated sand slope. These ratios were then compared
with the magnimdes of the cyclic stress ratios required to cause liquefaction of the
sand within the slope. The effect of these stresses could not be evaluated by perform-
ing shear strain analyses because the strain approach appears to account for the pres-
ence of initial shear stresses by measuring shear moduli in-situ and no relationships

relating changes in initial shear stress to changes in shear moduli were found.

The magnitudes of the initial static shear stress/normal stress ratios present within
a slope (on any plane parallel to the ground surface) may be determined approximately
from Equations 5.8 and 5.9 below, both of which were derived using infinite slope
theory. Equation 5.8 applies to submerged slopes while Equation 5.9 applies to slopes
with water tables coincident with the ground surface and seepage occurring down the

slope and parallel to the surface.
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Ty ¥’ - h, - cosa - sinx 58
L - & A, - cos’a) ~ u, ’
To Y - h, - cosa - sinox
= — 3 59
c’nu (v’ h, rcos‘a) — u,
Tﬂ .
where P initial shear stress/normal stress ratio
aAQ
acting on any plane parallel
to the ground surface,
Y, = bulk density of soil,
v’ = effective density of soil,
h, = verdcal height from plane 1o surface,
o = slope of ground surface, and
I, = €Xcess pore pressure acting at

depth of plane being considered

These values may then be used in conjunction with Figure 3.5 and the field perfor-
mance plots shown in Figures 3.1 and 3.2 to determine the liquefaction resistance of
the sands within various slopes. For example, the initial shear stress/normal stress
ratio predicted to exist {on any plane parallel to the ground surface) within the sub-
merged 10 degree slope when there are no artesian pressures present in the deposit, is
calculated to be about 0.18 (from Equation 5.8). Referring to Figure 3.4, this value
implies that the cyclic stress ratios required to liquefy loose sands within such a slope
may be about 25% smaller in magnitude than the stress ratios required to liquefy the
same sand within a level site. Since the cyclic stress ratios induced on any plane
parallel to the ground surface (within the 10 degree slope) are only slightly smaller in
magnitude than the ratios induced within level sites (subjected to the same level of

shaking), it therefore appears that significantly lower levels of shaking are required to
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liquefy the sands within sloping sites than the same sands within level sites.

The magnitudes of the cyclic stress ratios required to cause liquefaction within
the 10 degree slope described above, were obtained by multiplying the values of
required cyclic stress ratic shown in Figures 5.19 and 5.22 for level sites by a factor of
0.75, as indicated previously. These corrected ratios are shown in Figures 5.25 and
5.26 together with the values of cyclic shear stress ratio predicted to be induced within
the site on planes paralle] to the ground surface. It may be seen from these latter
figures that reducing the required cyclic stress ratios by a factor of 25% significantly
increases the distance at which liquefaction is predicted to occur from the wacks. For
example, Figure 5.26 implies that the cyclic shear sesses associated with peak ground
surface accelerations greater than about 0.06g are capabie of liquefying loose saturated
sands more than 2 ft below the ground surface, thereby suggesting that the ground
vibrations generated by trains may be capable of liquefying loose sands at distances up
to about 20 ft from the nearest rail (see Figure 4.4). As a comparison, train-induced
ground vibrations are predicted to be incapable of liquefying the same loose sands
within level sites ar distances greater than about 15 ft from the tracks (refer to Figure
5.22). Both of these latter analyses include the effect of 1000 cycles of dry preshaking

on the liquefaction resistance of the sand.

The same approach was also used to cvaluate the liquefaction potential of a
hypothetical 10 degree loose sand slope with secpage down the slope, and since the
initial shear stresses that arc present within such slopes are significantly larger in mag-

nitude that the initial shear stresses present within submerged slopes, the maximum
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distances at which liguefaction is predicted to occur are also much greater. The results
of this seepage analysis are summarized in Figures 5.27 and 5.28 and these figures
show that the maximum distance from the tracks at which liquefaction was predicied
to occur is about 80 ft. Since the effert of prior shaking was not taken into account
when computing this distance, 80 ft probably represents an extreme value for 10

degree slopes and a value of about 45 ft is considered to be 2 more realistic maximum.

Thus, it may be conciuded from the shear stress analysis that even though train-
induced ground vibrations do not appear to be capable of liquefying the majority of
level, loose sand deposits, they may well be capable of inducing liquefaction in similar
deposits that are subjected to high values of inirial static shear stress. For example, the
applied cyclic shear stresses generated by trains are predicted to be capable of causing
the liquefaction of loose sands within 10 degree slopes (with downslope seepage) at
distances of up to about 45 ft from the tracks, and possibly up ro about 80 ft in
extrerne cases. Because steeper slopes tend to contain higher initial shear
stress/normal stress ratios than flatter slopes (with similar seepage conditions), and the
liquefaction resistance of loose sands decreases as the magnitudes of these ratios are
increased, trains are theoretically capable of liquefying more critical sand deposits at

distances greater than 80 ft from the tracks.

§.6. Summary

Despite the fact that trains are commonly perceived to be a source of significant

ground vibrations, the ground vibrations generated by trains appear to have caused a
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relatively small number of liquefaction failures (several are listed in Table 1.1). All of
these failures seem to have occurred within deposits containing sloping sand seams or
layers. Because the sands within such deposits are subject to initial static shear
stresses and the liquefaction resistance of loose sands subjected to such stresses is
reported to decrease as the magnitudes of the initial static shear stress/normal stress
ratios are increased, it may well be that train-induced ground vibrations are only capa-
ble of liquefying loosc sand deposits subjected to rcasonably high values of initial
static shear stress, a supposition that is gencrally supported by the shear strain and

shear stress analyses, described in this chapter.

The liquefaction potentials of level loose sand sites subjected to train-induced
ground vibrations, for example, were cvaluated by following both the shear strain and
the shear stress approaches and since the levels of cyclic shear strain, predicted to be
generated within the level sites that were analyzed, were only slightly greater in mag-
nitude than the threshold strains for most sands, it seemed reasonable to conclude that
the ground vibrations generated by trains are probably incapable of liquefying sands at
distances greater than about 10 ft from the riearest rail; analyses were not performed at

distances closer than 10 ft from the rail.

The same general conclusion was also reached for those level sites analyzed using
the shear stress approach. However while none of the shear strain analyses predicted
that these sites would liquefy at distances beyond 10 ft from the tracks (see Figure
5.29), analyses using the shear stress approach indicated that liquefaction might occur

up to distances of about 20 ft from the track under certain site conditions (Figure
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5.30). Because the wa=r tables at most sand sites probably lie more than 3 ft below
the ground surface and the sands at all sites have almost certainly been subjected to
thousands of cycles of prior shaking, most level sand sites ace not predicted to liguefy

at distances greater than about 10 ft from the tracks as shown in Figure 5.31.

The results of the shear stress analyses performed for sloping ground are summar-
ized in Figures 5.32, 5.33, and 5.34 and as noted previously, the findings of these ana-
lyses support the observation that the ground vibrations generated by trains appear to
be capable of liquefying loose sand deposits subjected to initial static shear stresses.
For example, Figure 5.33 shows that in extreme cases train-induced ground vibrations
may well be capable of liquefying loose sands within 10 degree slopes (with seepage
down the slope) to depths of about 20ft at a distance of about 10 ft from the tracks.
At shallower depths, liquefaction may occur as much as 80 ft from the tracks. Since
prior shaking significantly increases the cyclic loading resistance of loose sands, this
maximum distance is probably closer to 45 ft in reality; however liquefaction is still
predicted to occur down to depths of about 15 ft at 10 ft from the tracks. This max-
imum depth is important because two of the large scale liquefaction failures associated
with trains and listed in Table 1.1, were attributed to the liquefaction of sand seams

and lenses within the soil profile (Fellenius, 1953, Broms, 1678).

The first of these slides which occurred in the town of Surte, Sweden on Sep-
tember 29, 1950 involved the movement of approximately 4 million cubic yards of soil
over distances up to about 500 ft (150 m). Sliding commenced as a train was pulling

out of the station, a bus was arriving at the bus stop and pile driving was also in
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progress in the upper arca of the slide (see Figure 5.35). Measurements made after the
failure revealed that the soil profile consisted of about 35 ft (10 m) of normally conso-
lidated sensitive clay vverlying a similar clay containing sand and gravel lenses and
seams, These lenses and scams contained significant excess pore pressures and the
prevalent belief at the time was that these pressures were due to an artesian pressure
condition existing in the slide before the failure, Cores taken at the site showed many

slip surfaces but some of these may have been from earlier slides.

Several authors, including Szerdy (1985) and Broms (1978), suggest that the
Surte failure probably resulted from the liquefaction of one or more of the saturated
sand seams located between 35 ft and 60 ft below the ground surface. They also indi-
cate that this liquefaction may have been caused by the ground vibrations generated by
trains. However given that trains appear to be incapable of causing liquefaction over a
significant area at depths greater than about 35 ft (implied by Figure 5.34) it seems
unlikely that train-induced ground vibrations were responsible for this failure. Rather
the ground vibrations generated by pile driving are considered to be a much more
likely cause, a belief supported by the observation that the slide initiated close to the
point where the piles were being driven (Broms, 1978). Most of the energy imparted
by piles is applied at depth (as discussed in Section 2.5) and therefore is not confined

to the surface layers as with trains.
The second slide occurred 3 years later along the banks of the Guntorp Brook in

Sweden and involved around 30 thousand cubic yards of soil. This slide took place

shortly after a train had passed across the top of the slide area. The soil profile at the
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site consisted of a 35 w0 50 ft (10 to 15 m) thick deposit of quick clay underlain by
bedrock. Running through this layer was a 4 inch thick silt seam and within it, a 0.5
inch thick sand parting. Failure is belicved to have occurred along this sand parting
which varied in depth from about 15 ft to 40 ft (5 to 12 m) beneath the ground sur-
face. Adjacent to the base of the embankment, about 50 ft from the nearest rail, this
parting was only 15 ft below the surface; directly beneath the tracks, the same seam
was at a depth of about 35 ft. Thus applying the results summarized in Figure 5.34 it
seems improbabie once again, thar the ground vibrations generated by the train could

have caused this failure.

However, around two months prior to the failure the railroad embankment at the
top of the slide had settled about 2 to 4 inches (5 to 10 cm) and a large crack had
appeared in the embenkment, only days before the event. Therefore it was concluded
that the slide was alrcady moving and would have failed without the passage of the
train, but that the train triggered the slide (Fellenius, 1953). Given that the slide was
on the point of failure, the initial shear stress/normal stress ratios present within the
sand parting would have been almost twice the value of those within the 10 degrees
slope with seepage downslope. Since the cyclic shear stresses required to liquefy a
loose sand decrease rapidly as the magnitudes of the initial siatic shear stress/normal
stress ratios the sand are increased, it is therefore possible that these vibrations trig-

gered the failure in this case.
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CHAPTER 6

Effects of Artesian Pressure Conditions and Initial Static Shear Stresses

on the Liquefaction Potential of Sand Sites Subjected to Earthquake Shaking

6.1. Introduction

Many researchers currently believe that liquefaction will not occur within a sand
site unless the ground surface accelerarions generated at the site exceed a value of
about 0.05g to 0.10g. However, some evidence appears to suggest that accelerations
as small as (0.02g may have bean associated with liquefaction failures. The data sup-
porting the various minimum levels are presented in this chapter together with the
results of analyrical studies undertaken to examine the effects of artesian pressure con-
ditions and initial static shear stresses on the liquefaction potential of loose sand sites.

These analyses were performed for both magnitude 8 and magnirude 5.25 earthquakes.

Unless otherwise stated, the minimum level of earthquake shaking capable of
causing liquefaction in the field will simply be referred to as "the minimum level of

shaking" and will be expressed in terms of the peak ground surface accelerations.

6.2. Evidence Supporting the Various Minimum Levels of Earthquake

Shaking

The upper bound of the minimurn level of shaking required to cause liquefaction

is based on the relationships between Intensity (say as measured on the Modified
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Mercalli Scale) and observed ficld performance. For example, the field evidence asso-
ciated with Modified Mercalli (M.M.) shaking intensities V1 and VII (as summarized
by Brazee, 1980), are shown in Table 6.1. It may be seen from this table that Inten-
sity VII is associated with "wet ground cracked”, "water in streams and ponds became
turbid and muddy" and "sand and mud are shifted horizontally on beaches on flat
land”; all of these phenomena may be taken to be evidence of seil liquefaction. In
contrast, M.M., shaking intensities of VI and smaller are not associated with any such
evidence of possible liquefaction, leading to the conclusion that earthquake shaking of
these intensities is never associated with soil liquefaction. Ground shaking of
Modified Mercalli Intensity VI has been related to ground surface accelerations of the
order of 0.06g (after Trifunac and Brady, 1975) and 0.08¢g (Krnitzky and Chang,
1987). From this it may be inferred that this level of shaking may be the minimum

level of shaking capable of liquefying sand deposits in the field.

Support for what may be a relatively high minimum level (as discussed later), is
also provided by the results of studies such as those reported by Iwasaki et al (1978b),
Tokimatsu and Yoshimi (1983), and Dobry et al (1981a). The first two studies exam-
ined the relationship between the liquefaction characteristics of sands as determined
from field tests, laboratory tests ont undisturbed samples, and standard penetration resis-
tance. The results of these studies led the investigators to conclude that a cyclic stress
ratio (7,, / G,") of about 0.05 is required to cause liquefaction of a 20 to 25% rclative
density sand under level site conditions. Sands of this density are probably as loose as

the loosest natural deposits. The relationship between peak ground surface
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Earthquake Effects According to Intensity (MM)
(after Brazee, 1980)

"Earthquake Effects"

Liquids were spilled from containers.

Roaring sounds were reported.

Slight damage was incurred. Poor construction was
sometimes specified.

Buildings trembled throughout.

Small, unstable objects were overtumed.

Some fumiture of moderately heavy kind (chairs, tables,
small sofas, small dressers, eic.) were moved from
position.

Water or gas pipes were broken in isolated instances.
Trees and bushes were shaken strongly.

Plaster fell in small-to-moderate amounts. Chimneys
were cracked.

Some dishes, glassware, and windows were broken.
Damage was negligible in well-designed structures
and structures of good construction.

Vibrations were reported comparable to those caused
by heavy or heavily loaded trucks.

Free-standing and exterior masonary walls were cracked.
Well-built ordinary structures were damaged slightly

to moderately.

Cormices, brickwork, tiles and stones fell from

exterior walls and parapets of buildings.

Several landslides were reported. Small quantities of
rocks and boulders were shaken from hillsides and
embankments in single instances.

Chimneys were broken. Chimneys with a ratio of
height above roof to lateral dimension at roof
exceeding 5, were broken sharply at roof-line.

Wet ground cracked (no qualifying adjectives).

Some found it difficult to stand. Persons were made

to move unsteadily.

Water in streams and ponds became turbid and muddy.
Waves were produced on ponds, lakes, reservoirs and
Tunning water.

Sand and mud were shifted horizontally on beaches
and flat land.
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acceleration and the cyclic stress ratio applied to a represemative element of sand

within a sand deposit, may be determined from the following equation:

c, a
,=9.65-G—-—"‘i-r,, 6.1

Assuming the water table to be about 4 ft below the ground surface and considering a
represcntative element ar a depth of 15 ft, this equation leads to (since 7, = 0.95 at a

depth of 15 ft, Seed and Idriss, 1983):

18001).% . Om

T, = 065 1140 psf p

=095 & D 6.2
4

Thus liquefaction is not predicted to occur unless:

amu
L4
i€, Qg > 0.05g

= > 0.05 6.3

Tav

The other set of studies referred to, are those reported by Dobry et al (1981) and
as previously noted in Section 3.2 (and summarized in Table 3.1), these studies imply
that sands are unlikely to liquefy unless the applied cyclic shear strain exceeds a value
of about 0.01% (the threshold strain for the sand). Further, since significant pore pres-
sures do not appear to be generated unless the applied shear strain significantly
exceeds this value (see Figure 3.9), the level of shaking computed using the threshold
strain, ¥y, , supposedly represents a lower bound for the actual minimum level of shak-
ing. Once again considering a representative element of sand at a depth of 15 ft

within the same site described above, the peak ground surface acceleration required to
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induce liquefaction may be determined as follows:

Given that (Ko)me = 30 (for a sand with Dy = 25%, after Seed et al, 1984) and

G,” = 1140 psf at a depth of 15 ft,

1

G = 1000 (K3)ouy - (6,72
= 7.8 x 10° psf

At a strain of about 0.01% (see Figure 5.1)

Gy = 075 Gy = 59 % 10° psf

Thus, if the threshold strain, 7, = 0.01%
1
Y = G”l = 0.01 x 107
eff

and the corresponding threshold shear stress,
T, = 0.01 x 1072 x 5.9 x 10° psf

= 59 psf

5.7

6.4

6.5

The average shear stress, t_,, induced by earthquake shaking at a depth of 15 ft, may

be determined by the relationship (using o, = 1,800 psf and r; = 0.95 as before):

a
w = 065 —— -0, ‘r,

ol
n

= 1100 - =™ (psf)
g &

31

6.6

Thus, in order for liquefaction to occur, the average induced shear stress, 1,,, must

exceed the threshold shear stress, 1, , i.e.
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amax

ie 1100 -

> 59

or T e > 0.05g
Thus, based on the field observations associated with Modified Mercalli Intensity, and
supported by the studies listed above, it seems reasonable to conclude that uniess the
peak ground surface accelerarions (generated ar a site by earthquake shaking) exceed

some value between abour 0.05g and 0.1g liquefaction will not occur.

However, having shown support for this minimum level it should also be pointed
out that significantly lower levels of shaking are probably capable of inducing liquefac-
tion. For example, Figure 2.2 shows that magnitude 8.5 earthquakes have caused
liquefaction at sites as far as about 700 kms (440 miles) from the epicenters of these
earthquakes. Since the peak ground surface accelerations gencrated at this distance are
indicated by empirical data to only be about (.02g, the field performance data imply
that the minimum level of shaking may actually be about one-half to one-fifth of the

levels computed above,

Further support for this lower minimum level is provided by the observation that
over the past four decades, a number of large scale liquefaction failures have been
induced by non-seismic sources of ground vibration (refer to Table 1.1}, Such sources
of vibration generate much lower levels of ground shaking than the shaking produced
by even small (magnitude. 5) earthquakes. For example, the analyses presented in
Chapter 5 suggest that trains might cause liquefaction (albeit at shallow depths) if the
ground surface accelerations exceed a value of about 0.05g (see Figure 5.26). Because

train-induced ground vibrations contain much higher predominant frequencies than
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seismic ground motions, the magnitudes of the shear strains induced by trains are
much lower than those generated by earthquake shaking of a similar magnitude (refer
to Figure 5.12), thereby suggesting that the minimum level of earthquake shaking

which could induce similar liquefaction is significantly lower than 0.05g.

Thus, it indeed seems probable that levels of earthquake shaking significantly less
than about 0.05g to 0.10g are both capable of, and have caused liquefaction, and that

this minimum level of shaking may well be as low as about 0.02g.

It should be noted at this point that at least in the case of the rninimum levels
determined using experimental data (e.g. Iwasaki et al, Tokimatsu and Yoshimi and
Dobry et al), the discrepancy between these levels and the more probable minimum
level may be r-re apparent than real. In fact, this difference can most likely be
explained by considering the effects of two factors: (1) the presence of artesian pres-
sure conditions, and (2) the presence of initial static shear stresses which are in tumn a
function of the geography of the site and the magnitude of any artesian pore pressures
(Equations 5.8 and 5.9). The effects of these factors are automatically included in the
field observations but were not taken into account when computing the minimum lev-
els discussed above. Refemring 1o Figure 3.5 it may be seen that the liquefaction resis-
tance of a loose sand decreases markedly as the magnitude of the initial shear

stress/normal stress ratio is increased.

In view of the potentially significant effects of these factors, it seems appropriate
to recompute the minimum levels of earthquake shaking taking into account the effects

of both artesian pressure conditions and initial static shear stresses. Accordingly,
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analyses were performed for both magnitude 8 earthquakes and magnitude 5.25 earth-
quakes, because the minimum level of shaking appears to be heavily dependent on the
magnitude of the earthquake that generated the ground motions (see Figure 2.3). This
dependence is most probably due to the different numbers of representative cycles of

shaking rypically generated by earthquakes of different magnitudes.

The cffects of these factors were cxamined by following the shear stress
approach. The shear strain approach was not used because it appears to account for
the presence of initial static stresses by measuring shear moduli in the field and no

relationships were found relating shear moduli to initial staric shear stress.

63. Minimum Level of Shaking for Magnitude 8 Earthquakes

The effects of both artesian pore pressures and initial static shear stresses on the
liquefaction potential of sand sites were determined by computing the response of
loose sand deposits to carthquake shaking. Analyses were only performed for loose
sands for the following reasons: (1) dense sands have a much higher cyclic loading
resistance than loose sands, and thus require a significantly greater level of shaking to
cause them to liquefy, and (2) the presence of initial static shear stresses within
medium-dense to dense sands appears to increase their resistance (Szerdy, 1985, Vaid
and Finn, 1979, Seed et al., 1973, Vaid and Chem, 1983) rather than reduce it as is the

case for loose sands.

The rock acceleration record that was used to compute the site response (for all

the magnitude 8 earthquake analyses) is the CUMY NS Mexico City record, a ground



233

motion recorded on rock at a distance of about 300 kms (190 miles) from the epicen-
tral region of the magnitude 8.1 earthquake that occurred off the coast of Mexico on
September 19, 1985. This motion was chosen because it is one of the few high quality
rock records recorded at such large distances from the epicenters of large (approxi-
mately magnitude. 8) carthquakes. Further, the acceleration response spectrum (shown
in Figure 6.1) for the CUMV NS motion is similar in shape to the average response
spectrum computed for all of the rock records recorded in Mexico city during the same
earthquake (Seed et al., 1987), thereby suggesting that this motion is the most

representative long distance record for magnitude 8 earthquakes.

The magniwdes of the cyclic shear siresses induced at such large distances (by
magnitude 8 earthquakes) may be determnined approximately by scaling the CUMV NS
record to produce different peak accelerations and then using these scaled motions as
input for the computer program SHAKE. The levels of acceleration generated at the
surface of loose sand deposits by such low levels of shaking are found to be about
twice the magnitude of the peak accelerations, associated with the cormresponding rock
outcrop motions. Thus, since the minimum level of earthquake shaking caosing
liquefaction appeared to be about 0.03g (see Figure 2.3), it seemed appropriate to com-

pute the strains for peak rock outcrop accelerations of 0.01g, and 0.02g.

The performances of the various sites were evaluated by comparing the magni-
tudes of the induced cyclic shear stresses with the magnitudes of the stresses required
to liquefy the sands in-situ. However in order to compute the values of required

stress, it is first necessary to determine the number of representative cycles of loading
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typically generated at such large distances by magnitude 8 carthquakes. This number
can be obtained from a ground surface acceleration time history using the procedure

described by Seed et al (1975).

The computed response of a 100 ft deep, level sand deposit having a water table
at ground surface and a penetration resistance (N)gg = 5, to the CUMV NS motion
scaled to give a peak rock outcrop acceleration of 0.02g, is shown in Figure 6.2.
Using the liquefaction evaiuation procedure proposed by Seed et al, 1983, the number
of representative cycles at a constant cyclic stress level of 0.65 1, is computed to be
about 7, a somewhat surprising value in view of the fact that magnitude 8 earthquakes
are commonly believed to generate about 20 such cycles of loading (inferred from
Table 3.1). However while this value may appear te be unusually low, it is probably a
more realistic number than the higher number of representative cycles commonly asso-

ciated with such carthquakes for the following reasons:

(1) the higher number of cycles was determined for acceleration records of
large magnitude carthquakes recorded at distances much closer than 300

kms from the epicenter of the earthquake, and

(2) the CUMV NS record is one of the few high quality rock acceleration
recotds that have been recorded at such great distances from the epicenters
of large (magnitude 8) earthquakes, and the earthquake that generated this
record is, itself, believed to have generated a relatively long duration of

ground shaking (Seed et al., 1987).
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The Seed et al procedure was also used to cajculate the number of represcntative
cycles of loading generated within a 50 ft deep loose sand site and a 250 ft deep site.
These values are calculated to be about 12 and 6 respectively. Thus, averaging the
values for the three sites, and making some allowance for the fact that magnitude 8
carthquakes are cornmonly believed to generate about 20 cycles of loading, it was con-
cluded that magnitude 8 earthquakes generate about 10 representative cycles of load-
ing, at a constant level of cyclic shear stress of 0.65 1T,,,, at epicentral distances of

about 400 kms (250 miles).

The observation that the same rock outcropping record appears to generate almost
twice the number of representative cycles of loading in the 50 ft site as in the 100 ft
site is interesting to note¢ and is probably due to the shorter natural period of the shal-
lower site. Since components of bedrock motions with periods close to the namral
period of a site are amplificd as they propagate up through the site, and shallower sites
tznd to have shorter natural periods than deeper sites, the motions generated within
shallow sites tend to contain more dominant high frequency components. Thus, shal-
low sites are likely to be subjected to more cycles of loading for the same total dura-
tion of bedrock motion. For example, the surface motions computed for the 50 ft site
(which had a natural period of about 0.5 sec) have predominant frequencies of about 2
Hz, while the surface motions computed for the 100 ft site, with a 0.9 second natural

period, have predominant frequencies of about 1 Hz (see Figure 6.2).

It seems logical to conclude from such an observaton that the level of shaking

required to cause liquefaction of shallow sites might therefore be significantly less than
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the level of shaking required to cause liquefaction for deeper sites. However this does
not appear to be the case. Rather, the magnitudes of the shear stresses induced within
shallow sites are also computed to be less, thereby tending to compensate for the
larger number of applied cycles of loading. For example, the analyses summarized in
Figure 6.3 show thar the cyclic shear stresses generated within both 100 ft deep and
250 ft deep loose sand deposits may be about 25% larger in magnitude than those gen-
crated within 50 ft decp deposits. Since the cyclic stress ratio required to cause
liquefaction of a sand in 6 cycles is approximately 20% greater than the stress rario
required to liquefy the same sand in 12 cycles (Figure 3.3), these effects tend to can-
cel. Thus, the results of analyses based on one depth of site are probably also vatid

for similar deposits of other depths.

As discussed in Section 3.1, the values of cyclic stress ratio required to induce
liquefaction of a sand, in-situ, can probably be determined most accurately from the
field performance plots shown in Figures 3.1 and 3.2. Assuming a standard penetra-
tion resistance for the sand of (V)¢9 = 5, the cyclic stress ratio required to liquefy this
sand in 15 cycles is approximatcly cqual to 0.07 (sce Figure 3.1). Since the stress
ratio required to liquefy a sand in 10 cycles appears to be about 10% greater than the
ratio required to liquefy the same sand in 15 cycles (Figure 3.3), the cyclic stress ratio
required to liquefy the same sand in 10 cycles is estimated to be about
0.07 x 1.10 = 0.08. Thus, the cyclic stress ratios required to liquefy a level loose
{(N 1)¢o = 5) sand site were determined by adjusting this value for overburden effects

using the K, curve shown in Figure 3.4; these ratios are shown by the solid line in

Figure 6.4.



23%

Cyclic Stress Ratio

0.00 0.05 o.10 0.5 0.20
0.0 1 I T T T T Y
100 -
200 -
S0 ft. thick
profile. 100 ft. thick profila.
300 |- .
250 ft. thick profile.
—~ 400 | .
L d
Q
Q
=
500 -
£
alfud
a.
a
60.0 =
CUMY NS Comp. Mexico
0 F Peak rock outcroppin .
70.0 acceleration = 0.%29-g
Submerged level sites.
80.0 Sand with (N,)go =5. .
Hydraulic grad. = (.24
for all sites.
80.0 - -
100-0 1 1 1 1 1
FIG 63  AVERAGE INDUCED CYCLIC STRESS RATIO AS A FUNCTION OF DEPTH

FOR SITES WITH DIFFERENT DEPTHS. EUBJECTED TO THE SAME
BEDROCK MOTION.



240

Cyclic Stress Ratio

0.00 0.05 0.10 0.15 0.20
0.0 T | 1 1 LI | !
50 p=- l I -
l
, i Submerged leve! site.
._artesian hea
| i 0 ft head |
100 - | , at 50 ft. depth.
l L
I
15.0 i ! -
I i
! 10 degree aubmerged
i I H sicpe. ft. artesian
200 F | | ! head at 50 ft. depth. B
ld f []
Q 1
& | Lo
25.0 |- I ;o .
¥ - 1 10 degree submerged
a | ! siope. ~ 12 ft. artesian
@ | head at SO ft. depth.
S 0 L I Pl Hydraulic grad. = 0.24. B
I b
' [}
I
35.0 + [ 1} -
—r — 10 degree slope with
| ! seapcge downslope.
by Water table ot surface.
400 | ! i .
]
I | :
l b
45.0 |- b s
I 1 :
. 1 1
50.0 1 | 1 1 1 ] 1

FIG 64 CYCLIC STRESS RATIO REQUIRED TO CAUSE LIQUEFACTION OF
A SAND WITH (N )¢ = 5 IN 10 CYCLES, FOR FOUR DIFFERENT SITE

CONDITIONS.



241

Also shown in this figure are the cyclic stress ratios required to liquefy the
(N eo = 5 sand within submerged 10 degree slopes, with or without artesian pressure
conditions, and within 10 degree slopes with the water table at the surface and scepage
occurring down the slope, parallel to the ground surface. These stress ratios (shown
by the dashed lines) were computed by scaling the required cyclic stress ratios {shown
by the solid line in the same figure) for the level site by a constant factor to take into
account the effects of the initial static shear stresses imposed on the sands within these
slopes. For example, the initial shear stress/normal stress ratio imposed upon the sand
within a submerged infinite 10 degree slope is computed to be about 0.18 (from Equa-
tion 5.8) and Figure 3.5 implies that the cyclic stress ratios required to liquefy loose
sands subjected to ratios of about (.18 arc approximately 20% smaller than the ratios
required to liquefy the same sand when subjected to zero initial shear stress. Thus, the
ratios required to liquefy a (N))g = 5 sand within submerged 10 degree slopes with no
artesian pressure conditions may be computed by multiplying the ratios for level sites

by a factor of 0.8.

The dramatic reduction in the levels of required cyclic stress ratio (for loose
sands) as a result of an increase in the magnitudes of the initial imposed shear stresses
is also clearly shown in Figure 6.5. The solid curve shown in this figure is identical to
the proposed average curve shown in Figure 3.5 and as such, is believed to provide the
best indication of the reduction in liquefaction resistance for loose sands subjected to

initial shear stresses. The cyclie stress ratios required to liquefy a saturated sand with
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(V¥ g0 = 5, in-sim, in 10 cycles may be determined by scaling the solid curve to give
an applied cyclic stress ratio of 0.08 (determined above) at an initial static shear
stress/normal stress ratio equal to zero. These modified values are shown by the
dashed line in this figure. It should be pointed out that the dashed curve was obtained
by multiplying the solid curve by a constant factor for all values of initial imposed
stress because the field performance plots only apply to sands subjected to zero initial

shear stress and no field data exist for sands subjected to such stresses.

63.1. Effects of Artesian Pressures on Liquefaction Potential of Sand
Depaosits

One of .ne¢ phenomena that are thought to be responsible for the discrepancy
between the observed minimum levels of carthquake shaking, and those determined in
Section 6.2 from experimental studies, is the presence of artesian pressure conditions.
Such conditions not only increase the magnitudes of the initial static shear
stress/normal stress ratios present within a site (refer to Equatio:ns 5.8 and 5.9), thus
significantly reducing the liquefaction resistance of sloping sites (Figure 6.4), but they
also appear to result in higher induced cyclic stress ratios for the same rock metion, as

shown in Figure 6.6.

It may be observed from this figure that the cyclic stress ratios induced within a
loose sand site with a 12 ft antesian head acting at a depth of 50 ft (hydraulic gradient,
i, = 0.24), are computed to be about 25% larger than the cyclic stress ratios induced

within the same site with no artesian pressures. Since the presence of such pressures
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has only a minor effect on the liquefaction resistance of level sites, level sites contain-
ing artesian pressure conditions appear to be more susceptible to liquefaction. The
analyses summarized in this figure were performed for a 50 ft deep, (N)g = 5 sand
deposit shaken by the CUMV NS record scaled to coniain a peak acceleration of

0.035g. This deposit was underlain by a 10 fi thick gravel layer overlying bedrock.

The magnitudes of the cyclic shear stresses generated within sites containing arte-
sian pressures were computed by modifying the shear moduli for the sands to account
for the presence of these pressures. Such an effect could have been achieved by
reducing the density of the sands and thus the effective stresses (see Equation 5.7);
however this approach is undesirable since the mass of a site would also be affected
and this is not the case in reality. Instead it was achieved by modifying the values of
(K 2)maxs also supplied as input for the computer program SHAKE, using the following

equation:

No,’ - 1.5
(Kl)m = (Kl)mu ' 2 0. : 6.7
Py

where  ©,” = effective overburden pressure
u, = anesian pore pressure
The magnitudes of the cyclic stress ratios predicted to be induced within the 50 ft
deep site are shown in Figures 6.7 and 6.8, together with the values of cyclic stress
ratio required to cause liquefaction (shown in Figure 6.4). It may be seen from these
figures that liquefaction is not predicted to occur within level loose sand deposits con-

taining no ariesian pore pressures, unless the comresponding peak rock outcropping
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accelerations exceed a value of about 0.035g. Since the ground surface accelerations
are approximately 100% larger in magnitude than the associated rock outcropping
accelerations, this value implies that the minimum level of carthquake shaking required
to liquefy such a site is about 0.07g. If the effect of artesian pore pressures is taken
into account, the minimum level of shaking required to cause liquefaction may still
only be as low as 0.025g in rock, or 0.05g at the ground surface for a site with 12 ft
of amesian head acting at a depth of 50ft (i = 0.24, Figure 6.8). This suggests that
presence of artesian pore pressures, alone, is not sufficient to account for the
discrepancy between the minimum levels calculated as described above, and those

determined from field observations (about 0.03g as shown in Figure 2.3).

6.3.2. Effect of Initial Shear Stresses

The other factor believed to have a significant effect on the minimum level of
carthquake shaking required to cause liquefaction is the presence of initial static shear
stresses and the effects of such stresses are shown in Figures 6.9, 6.10, and 6.11. As
with the analyses performed for level sites, the induced cyclic stress ratios shown in
these figures were computed for a 50 ft deep, (N )gp = 5 sand deposit. However in
this case, the deposits were located within 10 degree slopes with water tables, level

with and above the ground surface.

Referring to Figure 6.9 it may be seen that the ground vibrations generated by
magnitude 8 earthquakes appear to be capable of causing liquefaction within loose

sand slopes, with no artesian pore pressures, at distances where the peak rock outcrop
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accelerations exceed 2 value of about 0.025g. It was shown in Figure 6.8 that the
same level of shaking may also be capable of causing the liquefaction of level sites
containing significant artesian pore pressures. This observation is not surprising
because the reduction in the magnitudes of the cyclic stress ratios required 1o cause
liquefaction in sloping deposits (due to the presence of initial shear stresses) is offset
by the higher applied cyclic shear stresses generated within level sites as a result of the

artesian pressures.

For the case of 10 degree slopes with artesian pore pressures, however, the
minimum levels of earthquake shaking required to cause liquefaction are greatly
reduced. For example, Figure 6.10 indicates that liquefaction of submerged, 10 degree
loose sand slopes with 12 ft artesian heads acting at depths of 50 ft (hydraulic gra-
dient, i, =0.24), may be caused by bedrock motions with peak rock outcropping
accelerations of about 0.015g, corresponding to ground surface accelerations of about
0.03g. This value is approximately 40% smaller in magnitude than the peak accelera-

tions associated with the failure of the same slope without artesian pore pressures.

Thus, when the effects of both amesian pore pressures and initial static shear
stresses are taken inte account, levels of earthquake shaking similar to the minimum
levels determined from field performance observations are computed, using current
liquefaction theory, to cause the liquefaction of certain, relatively critical loose sand
slopes. This prediction indirectly implies that some of the sites depicted as data points

in Figure 2.2 were probably sloping sites and possibly contained artesian pressures.



253

Similarly, the results of the analyses presented in Figure 6.11, for seepage parallel
to the surface of the slope, indicate that magnirude 8 earthquakes may be capable of
liquefying such loose sand sites when the peak ground surface accelerations exceed a
value as low as about 0.02g (approximately twice the peak rock cutcrop acceleration).
These analyses were performed for the same 50 ft deep, loose sand deposit located
within a 10 degree slope with a water table at the surface and seepage occurring down

the slope, parallel to the ground surface.

Such a low predicted minimum level of shaking is due to the high initial shear
stresses present within this slope and the significant effects of these stresses on the
liquefaction resistance of loose sands. Given that the initial shear stress/normal stress
ratios on any plane parallel to the ground surface, t;/G,;" are about 0.37 (Equation
5.9), Figure 3.5 shows that the applied cyclic shear stresses required 1o liquefy this
sand are approximatcly 60% less than the stresses required to liquefy the same sand
within the submerged 10 degree slope with no artesian pore pressures (where
t; / 6, = 0.18). Since similar levels of cyclic shear stress are generated within both
slopes, this implies that sloping loose sand sites with seepage down the slope may be
liquefied at much greater epicentral distances than submerged slopes with similar depo-

sits (subjected to the same level of shaking) and no artesian pressure conditions.

In the light of these results, it would appear that analytical prediction of liquefac-
tion potential can provide results in accord with the maximum observed distances of

liquefaction occurring for some types of site conditions.
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The fact that analyses of the type described above appear to be capable of making
reasonable predictions for the field performance of sand deposits subjected to earth-
quake shaking, seems to indicate thar analyses based on liquefaction theory provide
reasonable results. Thus, the apparent existence of an upper bound distance beyond
which liquefaction is unlikely to occur, is most probably due to either one of the fol-
lowing:

1} A practical minimum level of required earthquake shaking that is relatively
independent of the stress state imposed on the soil and probably results

from some characteristic soil property such as threshold strain, or

2) That liquefaction failures could have been induced (by magnitude § earth-
quakes) at epicentral distances greater than about 400 kms but that in his-
toric time, the motions have not been induced in sufficiently critical depo-
sits.

The peak cyclic shear strains that are predicted to occur within loose sand sites
(with artesian pressure conditions for which these strains are largest) at epicentral dis-
tances of about 400 kms are approximately equal to 0.02%. Since this value is only
slightly larger than the threshold strains for many sands (Table 3.1), it might initially
appear that the minimum level of earthquake shaking is directly related to the concept
of a threshold strain. However it should also be pointed out that loose sands cycled at
this level of strain for about 10 cycles, are not predicted to liquefy. In fact, given that
the rate of pore pressure buildup at low levels of cyclic shear strain is only slightly

influenced by relative density (Figure 3.7), the pore pressure ratios built up within
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loose (Dg =30 - 35%) sands cycled at a constant maximum shear strain of
13 % 1072% ( 0.65 x 0.02%) arc not even expected to exceed a value of about 0.05,
possibly cven after 100 cycles of loading (see Figure 3.9). Therefore, unless magni-
tude 8 earthquakes generate peak ground surface accelerations significantly in excess
of 0.03g (at cpicentral distance of about 400 kms), which seems unlikely, the
minimum levels of shaking determined using shear strain theory are likely to be
significantly higher than the minimum levels determined from field observations (as
shown in Section 6.2). It may be that the value of threshold strain is in fact influenced
by the magnitudes of the initial static shear stresses; however data presented to date

seems to refute this concept (Dyvik et al., 1984).

The apparent existence of an apparent upper bound distance can probably best be
explained by the second suggestion; ie. that liquefaction may be induced at greater
distances if sufficiently critical site conditions exist. Such a premise appears to be

even more likely when the following are considered:

1} The line drawn in Figure 2.3 is only an upper curve drawn to fit the avail-
able extreme data and would change significantly if one or two data points

were to plot above this line.

2) Epicenoal distance is plotted on a log scale; this gives the impression that
several earthquake-induced liquefaction failures have occurred at epicentral
distances similar to the upper bound distance when in reality, these failmes
occurred at epicentral distances which differ by as much as several hundred

kilometers (for magnitude § earthquakes).
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3) Very few, if any, sufficiently sensitive sites are likely to exist, especially in
areas where there is a history of seismic shaking, thereby suggesting that
only a small number of earthquake-induced liquefaction failures may even

occur at distances further than about 400 kms.

Thus, based on the results of the analytical studizs, and supported by the sugges-
tion that liquefaction may well have occurred at greater epicentral distances, it secms
reasonable to conclude that the ground shaking generated by magnitude 8 carthquakes
is probably capable of liquefying certain critical sites at epicentral distances
significantly greater than 400 kms. For example, the distances at which the four sites
analyzed in this section may be liquefied, are presented in Table 6.2. These distances
were obtained by using the attenuation relationships listed in Section 2.1 to predict the
distances at which the required levels of shaking might be generated. It should be

cautioned that these values are very approximate.

6.4. Minimum Level of Shaking for Magnitude 5.25 Earthquakes

The effects of amesian pore pressures and initial static shear stresses on the
minimum level of shaking required to cause liquefaction were also evaluated for mag-
nimde 5.25 earthquakes. As for the magnitude 8 earthquake study, this evaluation is
based on the computed responses of loose ((N;)gp = 5) sand deposits to earthquake
shaking. The deposits that were analyzed contained a range of artesian pressure condi-

tions and were located within both level sites =.d 10 degree slopes.
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Table 6.2:  Approximate Upper Bound Distances for Liquefaction
Occurring in Magnitude 8 Earthquake Shaking

Site Static Shear Stress/ | Min. level Epicentral
Normal Stress Ratio | of Shaking | Dist. (kms)
Level ground
Zero hydraulic grad. 0.0 0.07¢ 200
Level ground n
Hydraulic grad. = 0.24 0.0 0.058 275
10 degree slope
Zero hydraulic grad. 0.18 0.05g 275
10 degree slope
Hydraulic grad. = 0.24 0.24 0.03g 400
10 degree slope 0.37 0.02¢ 575
seepage downslope E

An initial estimate for the level of shaking required to liquefy such deposits was
determined from the field performance data presented in Figure 2.2. This data appears
to imply that magnitude 5.25 earthquakes might only be capable of causing liquefac-
tion failures at epicentral distances less than about 11 kms. The peak ground surface
accelerations generated at this distance by earthquakes of this magnitude are expected

to be about 0.15g (Figure 2.3).

Since the ground motions generated at the surface of loose sand sites (by shaking
of this magnitude) are found to be about 130% larger in magnitude than the
corresponding bedrock ‘motions, the field data further imply that liquefaction might
only occur at distances where the peak rock outcrop accelerations (generated by mag-
nitude 5.25 earthquakes) exceed a valuc of about 0.065g. However, given that the

minimum levels for magnitude 8 carthquakes were computed to be significantly less
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than those implied by Figure 2.3, it scemed probable that lower levels would also be
predicted for magnitude 5.25 carthquakes. Thus, the various sites were analyzed for

bedrock motions with peak rock outcrop accelerations of 0.10g, 0.065g, and 0.025g.

The rock outcrop motion that was used to compute the site response is the SS80E
component of the Golden Gate Park record of the San Francisco earthquake of March
22, 1957. This motion was recorded at a distance of about 11 kms from the epicenter
of the earthquake. The predominant period of the record is approximately 0.18 secs
and the peak particle acceleration is about 0.105g. The motion was therefore scaled to
give one of the three desired peak accelerations (listed above) and the modified records

were then used as input for the computer program SHAKE.

The levels of induced cyclic shear stress, calculated by this approach were com-
pared with the levels of cyclic stress required to cause liquefaction of the sand, in-sim.
From these comparisons it was possible to estimate the minimum levels of required
shaking for each site, and hence, determine an approximat: value for the minimum

level of magnitude 5.25 earthquake shaking for all sites.

The magnitudes of the cyclic shear stresses required to cause liquefaction of sand
with (N ;)0 =5 in a Magnitude 5.25 ecarthquake, can probably be determined most
accurately from the levels already obtained for magnitude & earthquakes (shown by the
solid line in Figure 6.5 and the dashed line in Figure 6.12). This can be achieved by
adjusting the latter values to account for the different numbers of cycles of loading
generated by the different sources. As previously noted (Section 6.2), magnitude 8

earthquakes at large distances probably generate about 10 representative cycles of

loading at a constant stress level of 0.65 1.



Applied Cyciic Stress Ratio

0.25 T T T ¥
O From field psrformance charts for 10 cycles.
0.20 - Effective ovarburdan preasure = 1.0 ksc (1 tsf).
015 ~ 2 cyclas ‘J
0.10
0.05
0.00 i | | i
0.00 0.10 0.20 0.30 0.40 0.50
Initial Shear Stress/Normal Stress Ratio
FIG 612 CYCLIC STRESS RATIO REQUIRED TO CAUSE LIQUEFACTION OF A LOOSE SAND IN

2 CYCLES AND IN 10 CYCLES AS A FUNCTION OF INITIAL SHEAR STRESS/NORMAL
STRESS RATIO.

6587



260

For the purpose of this analysis, magnitude 5.25 earthquakes were assumed to
generate about 2 representative cycles of loading at the same stress level. This number
was chosen, even though carthquakes of this magnitude are reported to generate a
slightly higher number of cycles (2 to 3 cycles, refer to Table 3.1), for the following
reasons: (1) this investigation is primarily concerned with the minimum level of shak-
ing and hence the maximum distance at which liquefaction can occur, and (2) the
number of cycles probably decreases with increasing distance from the source, as was

found for magnitude § earthquakes.

The cyclic stress ratio required to liguefy a sand in 2 cycles is approximately
70% larger than te ratio required to liquefy the same sand in 10 cycles (Figure 3.3).
Thus, the required cyclic stress ratios for magnitude 5.25 carthquake shaking were
obtained by multiplying the ratios represented by the dashed ling in Figure 6.12 by a
constant factor of 1.7 (for all values of initial shear stress/normal stress ratio). These
modified ratios are shown by the solid line in the same figure. It should be pointed
out that the dasihed line was obtained (as described in Section 6.2) by scaling the aver-
age curve determined for loose ((V,)go = 5) sands (from experimental results) to give
an applied cyclic stress ratio of 0.08 (determined from field performance data) at zero
initial shear stress, and as such, it is believed to provide a reasonable representation for
the in-sima liquefaction resistance of such sands. Therefore it also follows that the
solid line is likely to be equally valid for predicting magnimude 5.25 earthquake resis-
tance. Both curves pertaL1 to sands subjected to overburden pressures of about 1 ksc

(1 tsh).
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The cyclic swess ratios required to cause liquefaction of the (V)¢9 = 5 sand
deposit for four different site conditions are shown in Figure 6.13. These curves were
generated (as previously described Sections 54 and 6.2) b, adjusting the cyclic stress
ratios obtained from the solid line shown in Figure 6.12, for overburden effects using
the X; curve presented in Figure 3.4. The magnitudes of the initial static shear
stress/normal stress ratios within the sites (on planes parallel to the ground surface)
were calculared using Equations 5.8 and 5.9. It may be seen from this figure that as
expected, the presence of initial static shear stresses is predicted to have a significant
effect on the liquefaction resistance of loose sand deposits. Furthermore, since the ini-
tial stresses are a function of the artesian pore pressure conditions (see Equarions 5.8
and 5.9), such pressures are also predicted to influence the liquefaction resistance of
sloping sites.

However, it is interesting to note that in contrast to the findings of the magnitude
8 study, the induced cyclic stress ratios for level sites in Magnitude 5.25 earthquakes
does not appear to be greatly influenced by the magnitude of the artesian pressures.
For example, Figure 6.14 shows that similar levels of cyclic stress ratios are likely to
be induced (by the same bedrock motion) within loose sand deposits containing
significantly different artesian pressure conditions. These stresses were computed for a
bedrock motion with a peak rock outcrop acceleration of 0.10g. Since the levels of
cyclic stress ratio required to cause liquefaction at level sites are only slightly affected

by the magnitudes of the artesian pressures (due to the effect of the factor, K), it
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Cyclic Stress Ratio
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seems reasonable to conclude that the minimum level of earthquake shaking required
to cause liquefaction for level loose sand deposits is also relatively independent of the
artesian pressure conditions. While this result was found in the case of the 50 ft site
considered in this study, it may not occur for all site conditions and all levels of

ground shaking.

The minimum level of shaking predicted to liguefy such deposits is shown in Fig-
ure 6.15. This figure implies that magnitude 5.25 earthquakes may be capable of caus-
ing liquefaction at distances where the peak rock outcrop accelerations exceed a value
of about 0.06g. At these distances the ground surface accelerations are found to be
about 130% larger than the rock outcrop accelerations, thereby suggesting a minimum
level of shaking for level sites of about 0.14g. This value is similar 1 magnimude to

the minimum level of 0.15g associated with the upper bound curve shown in Figure

23

Since liquefaction appears to be confined to the surface layers, unless the peak
ground surface accelerations are significantly greater than 0.14g (Figure 6.14), the
minimum leve! of shaking determined from field performance data may well represent
a practical minimum level for level sites. However, while such a conclusion seems
reasonable for level sites, the minimum levels for sloping sites are predicted to be
significantly less than this value. For example, the analyses for sloping sites summar-
ized in Figures 6.16, 6.17, and 6.18 imply that rock motions with pt ‘¢ outcropping
accelerations as low as about 0.02g may be capable of liquefying loose sand deposits

within 10 degree slopes. This value was computed for the following conditions: water
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table at the ground surface, secpage occurring down the slope and parallel to the
ground surface, and initial static shear stress ratios of about 0.37 (Equation 5.9) present
on planes parallel to the ground surface. Assuming that the surface accelerations are
about 130% larger than the corresponding bedrock motions, this result would indicate
that loose sand deposits within 10 degree slopes may well liquefy under levels of shak-
ing as low as 0.045g, a value approximately 3.5 times smaller than the value deter-

mined for level sites.

This predicted acceleration level for magnitude 5.25 earthquakes, is significantly
less than .15g, the value indicated by the maximum distances at which liquefaction
has becn observed to occur in such earthquakes (see Figures 2.2 and 2.3). However, it
is consistent with the maximum distances at which liquefaction has been observed to
occur in larger magnitude earthquakes. For example, the upper bound curve shown in
Figure 2.2 implies that magnitude 8 earthquakes may be capable of liquefying sand
depocits at epicentral distances of about 400 kms. At such distances, these earthquakes
are expected to generate peak ground surface accelerations of about 0.03g, and approx-
imately 10 representative cycles of loading (at a cyclic stress level of 0.65 t,,,. Sec-
tion 6.2). Thus, given that the cyclic stress ratio required to liquefy a sand in 2 to 3
cycles {for magnitude 5.25 earthquakes from Table 3.1) is only about 50 to 70% larger
in magnitud. than the ratio required to liquefy the same sand in 10 cycles (Figure 3.3),
it seems reasonable to conclude that the minimum level of shaking for magnitude 5.25
earthquakes should be about 0.05g. In fact, even if earthquakes of this magnitude are

assumed to require cyclic stress ratios as much as 150% larger than those required for
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higher magnitude earthquakes, the minimum level of shaking is still only predicted to
be as high as about 0.03g x 2.5 = 0.075g. This level of acceleration is still
significantly less than 0.15g. Thus it indeed seems possible that levels of shaking in
Magnitude 5.25 carthquakes significantly less than the levels shown in figure 2.3 may
be capable of causing liquefaction; this means that liquefaction may occur in these

events at epicentral distances significantly greater than about 11 kms.

The fact that liquefaction does not appear 1o have been reported in Magnitude
5.25 earthquakes at epicentral distances greater than about 5 kms may well be due to
some combination of the facts that : (1) carthquakes of this ragnitude have caused
liquefaction failures at greater distances, but they have not been reported in the techni-
cal literature because they are rarely significant events meriting major studies and (2)
very few, if any, sufficientdy susceptible sites are likely to exist, especially in areas
prone to seismic shaking. This second factor is particularly appropriate when consid-
ering such low magnitude carthquakes because the region of significant shaking gen-
erated by such an earthquake, is small in comparison to the region shaken significantly
by larger magnitude earthquakes. Therefore such critical sites, if they do exist, are

less likely to be shaken by low magnitude ecarthquakes.

A rough estimate for the maximum distance at which critical sites may be
liquefied, can possibly be obtained by using artenuation relationships to predict the lev-
els of shaking induced at any given distance. Thus, the artenuation relationships listed
in Section 2.2 were used tc ubtain approximate upper bound distances for the four

sites analyzed in this sectior It should be cautioned that these -istances, which are
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presented in Table 6.3, are at best very approximate values, as evidenced by the large
scatter in the levels of shaking predicted for any given distance. In the near-field

region (about 15 kms from the source) the scatter was as great as about + 30%.

It may be seen from this table that the maximum distance at which liquefacrion is
predicted to occur is heavily dependent on the magnitudes of the initial shear
stress/normal stress ratios. As these values are increased, the level of shaking required
to induce liquefaction is significantly reduced, and hence the same deposit may be
liquefied at even greater distances from the source than those indicated above. In real-
ity, however, the distance determined for 10 degree slopes, with seepage occurring
downslope, may well represent a practical upper bound distance since it seems reason-
able to assume that very few natural deposits are likely to contain initial shear

stress/normai stress ratios higher than about 0.4.

Table 6.3:  Approximate Upper Bound Distances for Liquefaction
Occurring in Magnitude 5.25 Earthquake Shaking

Site Static Shear Swess/ | Min. ievel | Epicentral
Normal Stress Ratio | of Shaking | Dist. (kms)
Level ground
Hydraulic grad. = 0.12 0.0 0.15¢ 12
10 degree slope
Zero hydraulic grad. 0.18 0.10g 16
10 degree slope
Hydraulic grad. = 0.24 0.24 0.07g 23
10 degree slope 0.37 0.05g 31
seepage down slope
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6.5. Summary and Conclusions

Many investigators currently believe that the minimum level of earthquake shak-
ing required to liquefy 2 site is approximately equal to some value between about
0.05g and 0.10g. This level is supported by both field performance observations in the
form of the modified Mercalli Intensity scale, and experimental data such as the con-
cept of a threshold strain. However as discussed in Section 2.2 and reiterated in Sec-
tion 6.2, it seems probable that levels of shaking significantly less than these values
have already been known to cause liquefaction in, presumably, loose sand deposits.
For example, the upper bound curve (fitted to the field performance data) shown in
Figure 2.2, seems to imply that sites have been liquefieu by earthquake shaking with
peak ground surface acceclerations as low as about 0.02g produced by earthquakes with
Magnitudes = 8.5 Figure 2.3).

It also seems probable that levels of shaking even less than those implied by Fig-
ure 2.3, may be capable of causing liquefaction. This prediction is based on the obser-
vation that as the magnitudes of the initial static shear stress/nmormal stress ratios
imposed on a sand are increased, the liquefaction resistance of loose sands becomes
very low (see Figure 3.5), indicating that liquefaction can be induced by extremely low
levels of vibration. Obviously, such a prediction is contingent upon the fact that the
site being shaken is in a sufficiently critical condition, i.e. that the sand within the

deposit is both loose and subjected to very high initial shear stress ratios.

In reality, of course, few such sensitive sites are likely to exist, especially in areas

that are prone to seismic shaking. Thus, it may well be that a practical minimum level
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of shaking exists, not because of some characteristic property of sands such as thres-
hold strain, but because of the maximum static shear stress/normal stress ratios that are
likely to be present within a generally stable deposit, i.e. a deposit that would not have

failed unless it was subjected to some critical level of seismic shaking.

The effects of artesian pressure conditions and initial static shear stresses on the
minimum level of earthquake shaking required to cause liquefaction were evaluated by
computing the responses of a variety of loose sand deposits. These deposits were
situated within both level sites and 10 degree slopes and contained a range of artesian
pore pressure conditions. It was found that for large (magnitude 8) earthquakes, the
minimam level of shaking required to cause liquefaction for level sites appears to be
reduced as the magnitudes of the e¢xcess pressures increase. Such pressures are
predicted to have an even more substantial effect on the liquefaction potential of siop-
ing sites since they also increase the initial shear stress/normal stress ratios present
within the slope, and hence, further greatly reduce the liquefaction resistance of loose
sand deposits.

The presence of initial static shear stresses has been shown by a number of inves-
tigators to have a significant effect on the cyclic loading resistance of loose
(Dg = 35%) sands (see Figure 3.5). Thus, the minimum levels of shaking required to
liquefy sloping deposits is likely to be considerably less than the minimum level
required for level sites. In consequence, the maximum distance at which sloping sites
may liquefy is also predicted to be greater. An indication of the potential effects of

site conditions on the maximum distance of liquefaction, is provided by the lines
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depicting upper bound distances for the fcllowing four site conditions are shown in
Figure 6.19: (1) level sites with 6 ft artesian head at a depth of 50 fu: (2) 10 degree
slopes with O ft artesian head at a depth of 50 ft; (3) 10 degree slopes with 12 ft arte-
sian head at a depth of 50 ft; and (4) 10 degree slopes with seepage down the slope.
It is clear that such site conditions can have a zignificant influence on the distances to
which liquefacion may be expected 10 occur in earthquakes of different magnitudes

and that available datu may not be indicative of these possibilities.



Rmax (km)

10’

L L T 1 T -t

o 3

~ 10 degree siops with downslopas ssepage. .

; No artesian pressure conditions. i

s | Submarged 10 degres slope. -

10 = 12 ft.“grtesion head ot 5% ft. depth, :

=~ Hydraulic gradient = 0.24. .

n .

- Submerged 10 degres slops. -

N / Ne artesian pressure conditions.

’/

10 b // 4 ; Submerged level sita. -

= 7,7 f 6 ft. artesian head at 50 ft. depth. 3

- // A Hydroulic gradient = 0.12, ]

B / // / n

o ‘ -

- /f / [/ }=———— Curve indicated by field data in s

B /] " Figure 2 i

i/ [ !

: 1 Il 1 | | ]

3 4 5 6 7 8

Earthquake Magnitude

FIG 6.19 POTENTIAL EFFECTS OF SITE CONDITIONS ON THE MAXIMUM DISTANCE OF
LIQUEFACTION FOR EARTHQUAKES OF DIFFERENT MAGNITUDES.




277

CHAPTER 7

Summary and Conclusions

7.1. Summary

The aim of this investigation was to determine the minimum levels of ground
shaking that are capable of causing liquefaction both from seismic and non-seismic
sources of vibration. As previously mentioned, many rescarchers currently believe that
liquefaction will not occur unless the peak ground surface accelerations generated at a
site exceed some value between about 0.05g and 0.10g. However, it now seems prob-
able that levels of shaking significamly less than this value are not only capable of
causing liquefaction, but have caused liquefaction in the past. This belief is based on

the following:

1) the distances at which large (magnitude 8-9) earthquakes have induced

liquefaction,

2) the fact that non-seismic sources of vibration appear to have caused a
number of large-scale liquefaction failures, and such sources generate much

lower levels of shaking than even small (magnitude 5) earthquakes, and

3) the liquefaction resistance of loose sands becomes very small as the magni-
tudes of the initial static shear stress/normal stress ratios imposed upon

these sands are increased.
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The ability of certain non-seismic sources to induce liquefaction has been noted
for many years. In fact, engineers have used techniques such as blasting and dynamic
compaction to diliberately liquefy the sands within loose sand deposits, as a means of
densifying these deposits. Unfortunately, no information was found in the literature
relating the levels of ground shaking generated by these two sources to observed fieid

performance.

The non-seismic source that appears to generate the most liquefaction failures is
pile driving. This source is particularly damaging for the following reasons: (1) a sin-
gle pile driving operation may generate more than one million cycle of loading, (2)
most of the energy transmitted from the pile to the soil is imparted at depth, rather
than ar the surface, as is the case with the majority of non-seismic sources, and (3)
pore pressures are increased as a result of the volume of the soil displaced by the pile.
Crockett (1979) reports that surface vibrations as low as about 0.3 mm/sec have been
associated with significant ground settlements. However, for most cases, a higher level
of 2.5 mm/sec may well be a more realistic minimum. A 36,000 fi-lb diesel pile
driver is predicted to generate ground surface velocities in excess of this value at dis-

tances up to about 150 ft. from the pile (Figure 2.22).

Ground vibration atienuation relationships for most of the sources that were
investigated are provided in Chapter 2. These relationships may be used to obtain
approximate valucs for the levels of shaking likely to be induced at a site. At sites
where it is necessary to determine these values with a reasonable degree of accuracy, a

site-specific survey should be performed. In the absence of such a survey, it is
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recommended that either upper bound, or 95 percentile curves, be used to predict
ground vibration amplitudes because of the very large scatter in the ground vibration

data on which these relationships are based.

Another non-seismic source which is capable of causing ground settlements is
road traffic. For example, Terzaghi and Peck {1967) report that trucks had tc banned
from several streets in Munich because the settlements that they were causing were
significant. However, given that the ground vibrations generated by even fully-loaded
trucks (9 mmy/sec from Figure 2.23), are only slightly larger in amplitude than the
minimum levels determined for pile driving, and that these vibrations are confined to
the surface layers (unlike pile driving), it seems reasonable to conclude that the ground
shaking generated by road wraffic is probably incupable of inducing large-scale

liquefaction failures.

The train-induced ground vibration records that were obtained in this investigation
confirn the common belief that trains are significant source of ground vibration.
These records reveal that at distances closer than about 6 meters (20 fi.) from the
tracks, trains are capable of generating peak ground surface accelerations in excess of
0.1g. In addition, the recorded motions were found to be considerably larger in ampli-
tude than those reported in the literature. For example, Ames et al. (1976) report a
peak particle velocity of about 4 mmy/sec recorded at a distance of 2 meters from a
diesel locomotive, while Figure 4.6 indicates that wains might be capable of generating

velocities as large as about 20 mmy/sec at the same distance.
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The ability of mains to induc~ liguefaction was evaluated by following the shear
stress approach, and the shear strain approach where applicable. The magnitudes of
the stresses and strains induced within the various sitzs were computed on the assump-
tion that such motions consist predominantly of Rayleigh waves, an assumption that is
based on ideal elastic half-space theory, and supported by field attenuation mecsure-
ments. It was found that for level sites, liguefaction is not predicted to occur at dis-
tances beyond about 3 merers (10 ft.) from the wacks. However, for sloping sites with
seepage occurring down the slope and parallel to the ground surface, liquefaction
might well occur as far as about 45 ft. from the tracks. It should be pointed cut that
even in this case, however, liquefaction is confined to the surface layers and is not
predicted to occur at depths greater than about 15 fi at distances of abour 10 ft. from

the track.

Two failures that have been associated with trains (and are listed ir Table 1.1)
were analyzed during the course of this investigation. Since in both cases, the failure
surfaces were located more than 35 ft below the ground surface, and train-induced
ground vibrations appear to be confined to the surface layers, it seems reasonable to
conclude that neither of these two failures were caused by trains. The Surte failure
can most probably be attributed to ground shaking generated by pile driving. The
second slide, which occurred at Guntorp, had started to fail prior to the passage of the
train and while the train may have accelerated the failure, it scems likely that ..e slide

may have occurred, anyway.
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The effects of both artesian pore pressures, and initial static shear stresses, on the
liquefaction potential of sand sites subjected to earthquake shaking, were evaluated by
computing the responses of a variety of loose sand deposits. It was found that as the
magnitudes of the initial shear stress/normal stress ratios imposed upon the deposits are
increased, the levels of shaking required to cause liquefaction are significantly reduced.
For example, level sites shaken by magnirude 8 earthquakes are not predicted to
liquefy unless the peak ground surface accelerations exceed a value of about 0.07g. In
contrast, saturated 10 degree slopes (with seepage down the slope) may liquefy under
much Jower levels of shaking of about 0.02g. Magnitude 8 carthquakes are predicted
to generate accelerations of this magnitude at distances of about 570 kms (370 miles)

from the epicenter of the earthquake.

In fact, analyses based on the shear stress approach imply that liquefaction can
probably occur under extremely low levels of excitation. This prediction is based on
the observation that as the magnitudes of the initial static shear stress/normal stress
ratios imposed on loose sand deposits become large, the cyclic stress ratio required to
cause liquefaction becomes very small. In reality of course, few natural deposits are
likely to contain such high initial shear stress/normal stress ratios, especially in areas
subject to ground shaking. Thus, levels of shaking of 0.02g to 0.03g may well
represent a practical minimum for magnitude 8 earthquakes, not because lower leve’s
are incapable of causing liquefaction, but because few, if any such critical sites, exist.
The minimum levels of shaking for magnitude 5.25 earthquakes are believed to be

considerably less than those implied by Figure 2.3.
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The presence of artesian pore pressures is also predicted to have a significant
effect on the minimum level of shaking required to liquefy a site. For example, sub-
merged, level, loose sand deposits with artesian heads acting at depths of 50 ft., may
liquefy under levels of shaking as low as 0.05g, while similar sites with zero artesian
pore pressures are not predicted to liquefy unless the ground surface accelerations
exceed a value of about 0.07g. Since the presence of such pressures increases the
valves of initial static shear stress/normal stress ratios within sloping sites, and hence
lowers the liquefaction resistance of loose sand deposits, anesian pressures have an

sven more substantial effect on the liquefaction potential of sloping deposits.
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APPENDIX A

Derivations for Relevant Equations

A.1 Derivation of Equations to Compute Rayleigh Wave Cyclic Shear Strains

As discussed in Section 5.2, the ground motions that are associated with each

Rayleigh wave mode of vibration may be described by the following equations:

u, (xz0)=f(z) '@~k 5.1
u, (xz2 1) =g(z)- ei® -k 5.2
where ® = frequency (rads/sec),
k = wave number,
z = depth,

x = horizontal distance, and
JF(z), g(z) arc complex functions

u, is the horizontal displacement, u, is the vertical displacement, and f(z) and g(z)
are the horizontal and vertical mode shapes respectively, Once these modes shapes are
known, the cyclic shear strains that are generated by each of the modes can be com-

puted as described below.

The shear strains that exist on the horizontal and vertical planes within 2 soil are

given by the equation:
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du, o,
= = = — A.l
790' Ve Vex 3z + ax
Differentiating Equations 5.1 and 5.2 with respect to z and x, respectively, gives
Uy . ke
P A ORI S A2
and
ou .
-ﬁ = g(z) e . .} A3
At the fixed location, x =0
du :
[a:Lo = free Al
x
and
ou ,
[a—x] = —i k- glz) e A3
x=0
and thus by Equation A.1,
Yoo = [f'@) =i k- g@)]- e A6

The maximum shear strains on the horizontal and vertical planes are equal to the abso-

lute value of the complex amplitude:
max Yo = inx!= ‘f’(z)-i-k-g(z) 53

where J(z) is the derivative of f(z) with respect to z
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Since, for the "real” Rayleigh wave modes (which are of primary interest in this inves-
tigation), f(z) is purely real, and g(z) is purely imaginary, the expression within the

absolute sign is real.

Similarly, the shear strains that exist on any 45° plane within a soil are given by the

equation,

Yase 1
T = E‘(EX—EZ) A7

where €, and €, are the axial strains in the x and z directions, respectively.

Differentiating Equation 5.1 with respect to x and Equation 5.2 with respect to z:

ou ' .
£ = a—; = =i k- f(z)- @ -k) AR
du )
SR
and considering the strains at x=0,
a .
g = [ux] =—i‘k-f(z)-e”‘°’ A.10
ox x=0

and

£, = [au‘] = g'(z)- ef®@! All
! x al}
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Thus, Equation A.9 leads to the following equation for Rayleigh waves,
Yaso = [ k- f(z)~g'()] - &'®! Al2

and the maximum shear strains on the 45 degree planes are equal to the absolute value

of the complex amplitude, giving:
max Yy = l 'Y45°| = ‘k'f(z)" i-g' (@) 54
where g'(z) is the derivative of g(z) with respect to z

Since, for the "real” Rayleigh wave modes, f(z) is purely real, and g(z) is purely
imaginary, the expression within the absolute sign is once again real. This implies that
the horizontal and vertical motions are 90 degrees out of phase with the motions on
the 45 degree planes. It can also be shown that the maximum cyclic shear strains are

the largest of either max Y4y OF Max Y.
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A.2 Derivation of Equation 5.8
The buoyant weight, W, of a submerged block of soil (Figure A.1) of unit width,
length, L, and vemical height, &, , is given by the equation

W =vy'-h, -cosa-L A3

where vy’ = the buoyant soil density,
a = the slope angle, and
h, = the vertical depth of the base of the
block below the ground surface.

This force is resisted by a normal force, N, and a shear force, T, acting along the base

of the block. The magnitude of the normal force,

N = W - cosa A.l4

Thus, the normal stress acting over the base of the block,

W - costx
Fra = T

= ¥ h, - cos?a. A.l5
If an artesian pressure, «,, acts at this depth within the slope then
Cha = (' h, - cos’e) - u, A.16
Summing forces paralle] to the ground surface gives
T = W -sina A.l17

and thus, the shear stress acting along the base of the block,

Te = w =y’ h, - cosa - sina A8
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hvd Water Table

Al FORCES ACTING ON A BLOCK OF SOIL WITHIN A SUBMERGED
INFINITE SLOPE.

A2 FORCES ACTING ON A BLOCK OF SOIL. WITHIN AN INFINITE
SLOPE WITH A WATER TABLE AT THE GROUND SURFACE AND
SEEPAGE OCCURRING DXOWN THE SLOPE.
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The initial static shear stress/normal stress ratio acting on any plane parallel to the

ground surface ic therefore given by the equation

’

T ¥’ -h, : cose  sina 55

’

’

O'na (Y’ h, - cos?o) — u,

A3 Derivation of Equation 5.9

The forces acting on a block of soil within an infinite slope with a water table at
the ground surface and seepage occurting down the slope are shown in Figure A.2. As

for the case of the submerged slope, the buoyant weight of this block,

W =¥%"h, -cosa-L A.l3

where v’ = the bucyant soil density,
o = the slope angle, and
h, = the vertical depth of the base of the
block below the ground surface.

In addition to this force, a second driving force acts on the block due to the head loss

experienced by the water flowing down the slope. This force,

S = Ay, A = L - sine-y, ' h, cosa A.l19
where Ah = head loss,
¥, = density of water, and
A= area

Summing forces normal to the base of the block,
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N = W costx A.20

Thus, once again the nomal stress acting over the base of the block is given by

y  _ W-ocose o,

Caa = 7 - h, - cos?a A2l

and if an artesian pressure, i, , acts at this depth within the slope then

Cpa = (¥’ h, - cos’a) - u, A22

Summing forces parallel to the base of the block,

T = W -sina+S§ A.23

and dividing by the area of the base,

1 = (Y +¥,) A, - cosa - sine A.24

Thus, the static shear stress/normal stress ratio acting on any plane parallel to the

ground surface at depth, A, is given by the equation,

M Yp - b, - cosa - sine
= S.
O na (Y’ h, - cos’a) — u, ?

where Y, = the bulk density of the soil.
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A.4 Derivation of Equation 6.7

The small strain shear modulus of a sand can be computed using the following

equation,

1
Gome = 1000 (K)pas * ()2 5.7

where G ax = shear modulus for sand (psf)
and ¢’,, = mean effective stress (psf)

Assuming that,

o, = 063 ¢, A25

where o', = the effective overburden pressure.

i
G = 1000 - (K, - (063 - &,)2 A.26

Since the presence of artesian pressure conditions reduces the shear modulus of a sand,
and the computer program SHAKE does not account for the presence of such pres-
sures, they may be taken into account by using a modified value of (K,),, as input

for the program. This modified value can be computed as follows,

1 1
2 7 A27

1000 - (Kp)ppw - (0.63 - 0%,)° = 1000 - (K)pax - (0.63 - 0", — u,)

which implies that
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063 0, - u,)
(K2)new = (Kz)m;x' .J A28

V(063 - o,)

Thus,

vo,” - 154,
KDnew = Kdpw = ————— 6.7

vJe,’

where 6, = effective overburden pressure

U, = artesian POTC pressure
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APPENDIX B

Comparisons of Existing Damage Criteria (from Theissen and Wood, 1982).
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