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ABSTRACT

Although Moment Resisting Frames (MRFs) are the most widely used structural sys

tem for seismic-resistant steel buildings, several important aspects of their behavior under

real earthquake loading are not well understood. This combined experimental and analyti

cal research program addresses some of these important issues, focusing primarily on the

behavior of beam-column joints. The experimental investigation focused primarily on con

ventional moment connections with bolted web and welded flange details. Beam sections

with a relatively large web plastic modulus were used, as experimental data for such sec

tions is very limited. The effects of various connection details and welding procedures on

the performance of nineteen full scale beam-column subassemblages were studied. In par

ticular, the effects of reinforcing ribs as well as the use of supplementary welds between the

shear tab and the beam web were assessed.

One of the important unresolved issues for steel MRFs is the effects of yielding in the

beam-column panel zones on the behavior of the frame as well as the beam-column con

nections. Analytical research on the dynamic behavior of steel MRFs designed to allow

active yielding of panel zone joints is limited. For this reason, an analytical investigation

was conducted for steel MRFs designed according to a recently developed seismic building

code. In this analytical work, the numerical procedure and nonlinear elements used in

solving the nonlinear dynamic system are studied, and a special panel zone joint element is

implemented into the ANSR-l computer program in order to account for the inelastic shear

deformation of panel zone joints. Several steel MRF designs for a six-story and a twenty

story office building are analyzed using various ground acceleration records.

From these analyses, the maximum beam inelastic rotation and the dissipated energy

demands at critical joints of the frame are compared with the maximum experimentally

obtained capacity. The effects of various panel zone designs on the static and dynamic
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behavior of the MRF are studied in detail. Based on these analytical results, it is demon

strated that the panel zone shear deformations in a MRF designed according to the current

building code can be significant and should be considered explicitly in the response ana

lyses of a MRF under static or dynamic forces.

For MRFs under static lateral forces, a method incorporating actual panel zone flexi

bilities into the computation of elastic story drifts is developed. Without the use of an addi

tional panel zone element, this method can be used conveniently to predict the story drift

contribu~on due to panel zone shear deformations in a MRF. For MRFs under severe

ground excitations, it is found that the high nonliner rotational demand imposed on the

beam-to-column connections can be reduced by allowing panel zone joints to effectively

participate in nonlinear deformations. It is demonstrated that well proportioned panel zone

joints enhance the performance of the MRF under severe ground accelerations. Therefore,

it is recommended that the panel zone joints be designed to allow active participation in

nonlinear deformations, thereby contributing a stable energy dissipation mechanism to the

frame.
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1. INTRODUCTION

1.1 General

In the current analysis and design practice of building structures, specific procedures

are often followed in establishing the seismic criteria. Usually, a reduced ground accelera

tion is assumed for a response spectrum. This reduced or scaled response spectrum incor

porates specific site conditions such as foundation material, regional tectonics, distance to

faults, seismic recurrence information as well as the type of structural system being

designed. In selecting such a response spectrum, it is assumed that the minimum ductility

supply of the structure will be satisfied [1,2,3]. This response spectrum is then applied

using either a static method with seismic forces distributed approximating the first mode

shape [1,2], or a dynamic method with modal superposition techniques [2,3]. With either

approach, two basic requirements must be satisfied:

1. During a small or moderate earthquake, a building frame must provide the

necessary stiffness and strength to prevent damage and to continue to be service

able after the event.

2. During a major earthquake, a building frame must provide the necessary

strength and ductility such that the building will not collapse. This requires the

frame to dissipate seismic energy.

This design process is usually based on elastic theory and is likely to remain in use

until a suitable inelastic analytical strategy becomes available for design purposes.

1.2 Moment Resisting Frame

A steel moment resisting frame (MRF) is the most widely used building system in

seismic resistant design. Besides its architectural and functional advantages, it has demon

strated the required strength and energy absorption characteristics. This system is made of

beams rigidly connected to either column flanges or webs (Fig. 1.1). The strength and
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ductility of this system depends primarily on the adequacy of beam-column joints and their

connections. To better understand the importance of ductility, a typical elastic response

spectrum for a strong earthquake may be compared with a building code requirement com

monly used (Fig. 1.2). From the figure, it can be seen that the ductility requirement varies

and may be high, depending on the natural period of the structure. This applies directly

to systems of single degree of freedom and can be applied tp regular building systems

which vibrate predominantly in first mode. Therefore, the ductility demand of beam

column joints and connections for steel MRFs designed according to the building code may

be large and must accordingly be designed and constructed to provide the required strength

and ductility.

1.3 Beam-Column Connections

Before the development of high-strength bolts, rivets were used to join angles, chan

nels, I-beams and plates to form larger girders, columns and their connections. With the

advancement of welding technology and the availability of weldable steel, welds and high

strength bolts replaced rivets in high-rise buildings. Today, welding is commonly used in

the construction of building frames, and has contributed to the development of more com

pact and economical structural joints as well as providing greater elastic continuity. One

particular application of a bolted web and welded flange had gained wide acceptance in the

western part of the United States. In this type of connection, the beam web is first field

bolted to a shear tab, which initially is shop welded to either the column flange or the

column web and continuity plates. Full penetration bevel welds are then applied to join

the beam flanges to the column flange or continuity plates (Figs. 1.1a and LId). These

welds are usually produced by shielded-metal arc welding (stick-electrode) process or if

higher welding speed is desired, self shielded flux-cored welding (innershield) process.

Web-copes are required to accommodate the backup plates at the top flange and to permit

making the bevel weld at the bottom flange. These web-copes are usually done using torch



- 3 -

cutting and should be ground smooth to reduce stress concentration [4,20]. In this experi

mental research, the effects of the roughness in the web cope to the performance of the

connections is examined.

In a typical steel MRF, beams are generally connected to the column flanges in order

to obtain the largest frame stiffness. In three dimensional frames, such as a framed tube,

beams often must be framed into column webs as well as flanges. The integrity of this

whole structural system strongly depends on comer spandrels and columns. Experimental

evidence had shown the successful application of bolted-web and welded-flange for beams

connected to column flanges [8]. However, the behavior of this type of connecting beam

to column web has not been entirely satisfactory. Various modifications to enhance its per

formance have been attempted [11]. One alternative design, tested on the Berkeley

campus [18], using reinforcing ribs in a beam-to-column web connection which showed a

significant improvement in connection behavior will be reviewed in this report.

Experimental evidence also demonstrated some slippage of the beam web relative to

the shear tab during severe cyclic loading. This slippage is caused by a large beam

moment combined with shear being transmitted through the web and can contribute to the

fracture of the beam flange at the connection. For beam sections having relatively large

web plastic moduli, the slippage is more vulnerable at the joint and may cause premature

fracture of the beam flange. For those beams having a flange moment capacity less than

70% of the total beam plastic moment capacity, SEAOC recommends [47] providing weld

ing between the beam web and the shear tab to develop 20% of the web plastic moment

capacity. This web welding is assumed to prevent bolt slippage and thereby develop the

full web moment capacity. In such connections, the tightness of the bolts is critical in con

trolling slippage. To assure good performance of the bolts, the most common way of tight

ening the bolts is the turn-of-nut method [4]. However, it was found that the required

preload using this procedure may be questionable [7]. Therefore, sometimes twist-off bolts

and direct tension indicators are used in the field. In this experimental research, some
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specimens were made using these special devices to determine their effect on connection

capacity.

For areas where field welding is not desired, beam-to-column flange connections can

be made by shop welding of a beam to an end plate or directly to a column. The moment

frame can then be erected by bolting the end plates to column flanges or splicing beams at

mid-span or inflection points (Fig. 1.1e and l.lf). However, very little information is

available on an all-welded beam with an end plate connection under sever cyclic loading.

In this research, two specimens of each of the above types were made to determine their

performance under cyclic loading. Moreover, in an all-welded beam-column joint, full

penetration beam flange welds can be costly when large beam flange thickness is encoun

tered. Therefore, in one test specimen, a new design was employed using partial penetra

tion welds on one side of the flanges and fillet welds on their opposite sides.

1.4 Objective and Scope

Previous experimental research on steel beam-to-column moment connections has

been done quite extensively [7-19), however, it was found that a certain type of connection

detail commonly used in current practice performed very poorly under cyclic loading.

Accordingly, there is a great need to improve present methods used to detail such connec

tions. In order to improve the cyclic performance of large steel beam-column moment con

nections, an experimental test program was conducted for nineteen full scale beam-column

subassemblages using various connection details and welding procedures. The experimen

tal investigation is focused primarily on the steel beam-ta-column flange moment connec

tions with bolted web, welded flange connection details and relatively large beam web plas

tic moduli. With this type of connection, slippage of the bolts and subsequent fracture of

the flange welds resulting from the cyclic loading often occurred in previous research.

The scope of the present experimental investigation consists of the following:
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(1) To assess the effects of the supplementary welds between the shear tab and

the beam web.

(2) To compare the performance of connections of web bolts tightened using

tension control devices and turn-of-nut method.

(3) To assess the importance of smoothness of web copes, and to compare the

performance of welded connections fabricated using shield metal arc welding

and flux-cored arc welding.

(4) To assess the performance of reinforcing ribs in beam-column flange or web

connections.

(5) To examine the performance of other moment connection details: the end

plate connections and the fully welded beam-column connections.

In order to gain further insight into the nonlinear behaviors of beams, columns and

panel zone joints in a steel MRF under strong ground excitations, an analytical investiga

tion was also conducted for steel MRFs designed based on the recently developed building

code. In this analytical work, the numerical procedure and nonlinear elements used in

solving the nonlinear dynamic system are studied. For this purpose, a special panel zone

joint element was developed and incorporated into the ANSR-1 computer program in order

to account for the panel zone joint flexibilities. The performance of the proposed panel

zone joint element is assessed by correlating the model with the previous experimental test

and further substantiated using nonlinear finite element method. Finally, several steel

MRF designs for a six-story and a twenty-story office building are analyzed using various

ground acceleration records. The result obtained from these analyses are discussed in

detail. From this experimental and analytical research, a number of recently developed

code provisions for the design of steel MRF are examined, recommendations for the

seismic-resistant design of steel beam-column joints in moment resisting frame are pro

vided.
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2. EXPERIMENTAL PROGRAM

2.1 Selection of Subassemblages and Test Specimens

A subassemblage made of a single beam connected to a column in either the strong

or weak direction was chosen for each specimen to study the cOl.lnection behavior. To ease

the complexity of test equipment, axial force in the column was not considered. The beam

size for each specimen was restricted by the capacity of the actuator connected at the end

of the beam. The associated column was selected such that no inelastic deformation would

be expected under the applied load and to realistically reflect the size used in building

frames. The ratio, denoted as rf' of the beam flange plastic moment capacity to the beam

plastic moment capacity of wide flange section can be computed as following:

where band tf are the flange width and thickness of the beam, respectively; d and Z are

the beam depth and plastic section modulus, respectively. For wide flange sections

W18X40, W18X35 and W21X44, rf values are 0.70, 0.66 and 0.62, respectively. These

relatively small rf values imply that the webs relative to the flanges are large and addi

tional web-to-shear tab welding is required if the SEAOC [47] recommendation is fol-

lowed. Therefore these sections are convenient to use for studying the performance of the

additional web-to-shear tab welding.

2.2 Experimental Set-Up

The experiment was conducted by applying cyclic loads to the horizontally mounted

specimens at the tip of the cantilever. The experimental set-up, including a testing speci-

men, is shown in Figs. 2.1 and 2.2(a). The ends of the column were anchored to the

flange of a supporting wide flange section that had been attached to a massive concrete
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block by post tension rods. Four 1-1/4 in. diameter grade A354-BD bolts were used at

each end of the column to take the shearing and tension forces induced by the applied

force. In order to allow the column to deform under load, a 3/4-in. gap was provided

between the flange of the column and the flange face of the supporting beam by two bear

ing plates at each end of the column. The bearing plates were tapered at the ends to

reduce the column end fixity and prying action of the anchor bolts. To further prevent the

longitudinal movement of the column, two steel bars were welded to the supporting beam

near each end of the column (Fig. 2.2(b». The slippage of the column stub could be

prevented by tightening the bolts in each bar against the end of the column. A hydraulic

actuator was used to apply load to the beam in the horizontal plane. A clevis was bolted

to the end of the beam and a 3-in. diameter pin was inserted to connect the clevis to the

actuator. The other end of the actuator was attached to a steel pedestal which was bolted

to a I-in. thick steel plate tied to the slab by post-tensioning rods. A pair of angles was

installed near the end of the test beam to provide lateral support (Fig. 2.1).

2.3 Description of Test Specimens

The material used for all specimens including beams, columns, shear tabs, continuity

plates and reinforcing ribs was ASTM A36. All welding was done using AWS E70 stick

electrode unless otherwise indicated. For bolted web connections, four or five bolts were

used to connect the web of W18 or W21, respectively to shear tab. These bolts were A325

X of I-in. diameter tightened by the turn-of-nut method unless otherwise indicated. The

bolt holes on the shear tab and beam web were 1/16-in. oversize. All web copes were of

about I-in. width and the back-up plates were 3/8-in. by 1-in. unless otherwise indicated.

Web copes, when required, were made by torch-cutting without being ground smooth,

unless otherwise indicated. Back-up plates for flange welding of all specimen remained in

place after the welds were completed. All welds were visually inspected unless otherwise

indicated. Specimen 3 through Specimen 6 were fabricated by a major fabricator in the
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area. Specimen 9 through Specimen 18 were fabricated by another local fabricator. The

remaining specimens were made in the university shop. Table 2.1 summarize the basic

characteristics of each specimen. The design of specimens is given in Appendix A.

Detailed infonnation of each specimen is as follows:

Specimen 1

Specimen 1 was made by connecting a W18 X 40 beam to the web of a W12 X 133

column. Two pairs of continuity plates and one shear tab were welded to the column with

fillet welds. The beam flanges were groove-welded to the continuity plates using full

penetration welds with 1/4-in. root openings. The overall fabrication details are shown in

Fig. 2.3. Note that the top continuity plates were 5/8-in. thick while the bottom plates

were 3/4-in thick. This arrangement is used by some fabricators and provides good

preparation for full-penetration flange welds regardless of the unavoidable variation in

beam depth. Finally, two pairs of reinforcing ribs, lIZ-in. by 2-in. by 9-in. each, were

welded to the connection as shown in Fig. 2.3. The plates were tapered at the ends to

reduce stress concentration in the beam flange. Three 3/8-in. fillet welds each 2-in. long

were made to attach the beam web to the shear tab to reduce joint slippage. The welding

is designed to develop 22% of the web plastic moment capacity. All welding was visually

inspected and appeared to be comparable to that commonly seen in good fabrication shops.

Specimen 2

After Specimen I had been tested, the beam was cut off along the plane of the

column-flange tips, and a new segment of Wl8 X 40 was attached by means of a new shear

tab on the opposite side of the column web. The same details were used for Specimen 2 as

for Specimen 1, except that no reinforcing ribs nor welding on the beam web-to-shear tab

were used. The fabrication details for Specimen 2, shown in Fig. 2.3, are typical of those

used in the western part of the United States.
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Specimen 3

After the testing of Specimen 2, the beam was cut off. Specimen 3 was then made by

connecting W18 X35 to the same W12 X133 column in the strong direction. The shear tab

was 1I2·in. thick and welded to the column flange using 3/8-in. fillet welds. It was noted

that both web copes had about 1-1/4 in. radius. The flux-cored arc welding (innershield)

process was used for joining the beam to column flange. The flange welding was ultrasoni

cally tested and no defects were found. The overall fabrication details are shown in Fig.

2.4.

Specimen 4

Specimen 4 was made by connecting W18 X40 to the same W12 X133 column in the

weak direction while the beam of Specimen 3 was connected to its strong axis. New con

tinuity plates and shear tab for Specimen 4 were welded after the used ones from previous

test were gouged out. The flange weld was made by innershield welding and then ultra

sonically tested. Both web copes had about 1-1/4 in. radius. The same details were used

for Specimen 4 as for Specimen 2, except two 5/16-in. fillet welds each 2-in. long using

stick electrodes were made in the university shop to attach the beam web to the shear tab.

The overall fabrication details are shown in Fig. 2.4.

Specimen 5

Specimen 5 was made by connecting a W21X44 beam to a W14X 176 column stub in

the strong direction. Similar details were used for Specimen 5 as for Specimen 3, except

two 5/16-in. fillet weld each 1-in. long were made to attach the beam web to the shear tab

using stick electrodes and five bolts were used in connecting the beam web and shear tab.

The flange weld was made by innershield welding and then ultrasonically tested. The

overall fabrication details are shown in Fig. 2.4.
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Specimen 6

Specimen 6 was made by connecting a W21X44 beam to a W14X176 column stub in

the weak direction while the beam of Specimen 5 was connected to its strong axis. Note

that the top continuity plates were lI2-in. thick while the bottom plates were 3/4-in. thick.

Both top and bottom continuity plates were projected beyond the column flange tips by l

in. The overall fabrication details are shown in Fig. 2.5. The flange weld was made by .

innershield welding and then ultrasonically tested. Both web copes were of about 1-114 in.

radius.

Specimen 7

Specimen 7 was made by connecting a W21 X44 beam to the unused flange of the

W14x176 column stub used previously. Similar details were used for Specimen 7 as for

Specimen 3, except that two pairs of reinforcing ribs, 3/8-in. by 2-in. by 5-in. each, were

welded to the column and beam flanges. The overall fabrication details are shown in Fig.

2.4.

Specimen 8

Specimen 8 was made by connecting a W21X44 beam to the web of a W14X176

column stub. A 3/8-in. thick shear tab was first welded to the column web and continuity

plates. Similar details were used for Specimen 8 as for Specimen 1, except that the thick

ness of the reinforcing ribs was reduced to 3/8-in. and no beam web-to-shear tab welding

was used. Direct load indicating washers were used under the heads of the bolts to check

the tightness of the bolts. The washers were manufactured by Coronet. The overall fabri

cation details are shown in Fig. 2.3.
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Specimen 9

Specimen 9 was made by welding a W18 X46 beam directly to the unused flange of

the W12 X133 column stub of Specimen 3. The flange welding consisted of partial

penetration welds on the exterior sides of the flanges of the beam and continuous fillets

weld on both sides of the web and the interior sides of the flanges. The flange partial

penetration welds and the web fillet welds appeared to be oversized by about 114-in. due to

a fabrication error. The web fillet welds were therefore modified by arcing out the excess

weld; but the flange welds were not altered. The overall fabrication details are shown in

Fig. 2.6.

Specimen 10

Specimen 10 was made by welding a W18x40 beam to a 1-3/8 in. thick end plate

using 3/8-in. and 5/16-in. fillet welds for the flanges and web, respectively. After Specimen

9 had been tested, the beam was cut off from one column flange. Eight 15/16-in. holes

had been drilled in the unused flange of the column stub. The end plate was then bolted

to the W12X 133 column flange using eight 7/8-in. diameter A325-X bolts. The overall

fabrication details are shown in Fig. 2.6. During the early stage of the testing of Specimen

10, yielding of the interior bolts and the subsequent fracture of one bolt under cyclic load

ing were observed. Up until then, no significant inelastic deformation of the beam had

occurred. It was decided that the connection of Specimen 10 to be modified and retested.

Specimen lOR

Specimen 10 was disassembled after the test and modified for retesting. The speci

men after the modifications is denoted as Specimen lOR. In this specimen, two stiffeners

welded to the end plate and beam flanges were made in order to evenly distribute the bolt

forces. After the bolt holes were rimmed to 1-1/16 in. diameter, eight I-in. A354 grade

BD bolts, in lieu of A490 bolts, which were not available, were used to connect the end
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plate to the column flange. One row of bolts was instrumented using bolt gauges to moni

tor the bolt forces during assembling and testing of the specimen. The overall fabrication

details are shown in Fig. 2.6.

Specimen 11

Specimen 11 was made by welding a W21 X44 beam directly to an unused flange of a

W14X 176 column stub. Similar welding details were used for Specimen 11 as for Speci

men 9 except that the flange welding consisted of 3/8-in. fillet weld on both sides of the

flanges. The overall fabrication details are shown in Fig. 2.7.

Specimen 12

Specimen 12 was made by welding a W21X44 beam to a 1-1/4 in. thick end plate

using the same welding details as those used for Specimen 10. Having observed the bolt

fracture in the test of Specimen 10, the connecting bolts for Specimen 12 were changed

from 7/8-in. diameter A325-X bolts to 1-in. diameter A354-BD bolts. After Specimen 11

had been tested, the beam was cut off from the column flange. The end plate was then

bolted to the unused flange of the W14X 176 column stub using eight 1-in. diameter A354

grade BD bolts. The overall fabrication details are shown in Fig. 2.7.

Specimen 13

Specimen 13 was made by connecting a W18 X35 beam to a W14 X159 column stub

flange. The beam was bolted to a 112-in. thick shear tab using four A325-X bolts. The

bolts were brought to be snug-tight before the flange weld was made. The beam flanges

were groove-welded to the column flange using full-penetration welds with 1/4-in. root

openings. The bolts in the beam web and shear tab were then tightened as required using

the turn-of-nut method. This procedure is used by some fabricators to prevent the flange

welding from developing lock in stress due to web bolting. The web copes were of about
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7/8-in. radius and the back-up plates were 1/4-in. by 1-1/2 in. Two 5/16-in. fillet welds

each 3-in. long were used in attaching the beam web to the shear tab. The overall fabrica

tion details are shown in Fig. 2.4. This web welding was designed to develop 20% of the

web plastic moment capacity.

Specimen 14

Specimen 14 was made by connecting a W21 X44 beam to a W14 X159 column

flange. For this specimen similar details were used as for Specimen 13 except that five

bolts were used and two 5/16-in. fillet weld each 3-1/2 in. long were used to attach the

beam web to the shear tab. This web welding was designed to develop 20% of the web

plastic moment capacity. Having observed the failure modes of several specimens, which

will be discussed in detail later in Chapter 3, it was decided to grind the web copes smooth

of future specimens. After grinding, the bottom web cope had about a 1-in. radius (Fig.

2.8). The top web cope radius was about 7/8-in. and remained unground due to the pres

ence of a back-up plate (Fig. 2.9). The overall fabrication details are shown in Fig. 2.4.

Specimen 15

After Specimen 13 and 14 were tested, the beams were cut-off from the W14X 159

column stubs and the columns were sent back to the fabricator for fabrication of Specimen

15 and 16. Specimen 15 was made by welding a new W18 X35 beam to the unused flange

of the W14X 159 column stub previously used for Specimen 13. Similar details were used

for Specimen 15 as those for Specimen 13 except that twist-off type bolts were installed and

web welding was eliminated. The bolts used were manufactured by LOHR Structural

Fasteners Inc. and the bolts were tightened by an electrical wrench supplied by the

manufacturer. Two outer bolts were instrumented using bolt gauges to monitor the bolt

forces during the assembling of the specimen. The beam flange welding was made using

the innershield welding process. The top and bottom web copes Were both ground smooth
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and their radius measured about 1-in. after grinding. It was noted that both beam flanges

had about 1/8 in undercuts near the joint (Fig. 2.10 and 2.11). The overall fabrication

details are shown in Fig. 2.4.

Specimen 16

Specimen 16 was made by welding a new W21 X44 beam to an unused flange of the

W14X 159 column stub previously used for Specimen 14. The same details were used for

Specimen 16 as for Specimen 15 except that five twist-off type bolts were employed. The

beam flange welding was made using the innershield welding process. The top and bottom

web copes were both ground smooth and their radius measured about 1-in. after grinding

(Fig. 2.12).

Specimen 17

Specimen 15 fractured prematurely at a flange weld. The beam of Specimen 15 was

then cut off and the column was ground smooth, and Specimen 17 was fabricated identical

to Specimen 15, using a new W18x 35 beam and the same W14 X 159 column stub. How

ever, for this specimen the flange welds were made using stick electrodes. The beam web

was bolted using twist-off bolts.

Specimen 18

Specimen 16 also fractured prematurely at a flange weld. Then the beam of Specimen

16 was cut off and the column was ground smooth, and Specimen 18 was fabricated identi

cal to Specimen 16, using a new W21X44 beam and the same W14X 159 column stub.

However the flange welds were made by using stick electrodes. The beam web was bolted

using twist-off bolts.
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2.4 Instrumentation

Each specimen was instrumented with various types of deformation measuring device

such as strain gages, clip gages, linear potentiometers, and linear voltage displacement

transducers (LVDTs). The hydraulic actuator load was monitored by a calibrated load cell

which was attached to the end of the rod on the actuator. To obtain information on rela

tive displacements between the beam web and the shear tab due to bolt slippage, a pair of

LVDTs and tabs were mounted on the beam webs and shear tabs as shown in Fig. 2.13. A

similar set-up was installed to measure the absolute rotation of the column at the joint. In

order to obtain the data of forces in the bolts, some bolts used in Specimens 10, 15 and 16

were instrumented using BTM gauges, special bolt gauges which measure the axial strain in

the bolts. These gauges were installed by drilling a 2.S-mm diameter hole in the center of

the bolt from the head end into the shank of the bolt for 22-mm. During the test, an X-Y

recorder, connected to the load cell and the linear potentiometers, was used to display the

tip displacement as a function of the applied cantilever force. All specimens were whi

tewashed in the vicinity of the beam-column joint in order to observe the developing yield

pattern during loading. All instruments and the load cell were connected to a multi

channel scanner system which read all measurements and recorded the readings onto a

computer system for subsequent data reduction.

2.5 Loading Sequence

For each test a zero reading was taken on all instruments before the specimen was

loaded. The beam was initially loaded through one complete cycle to about ± 12 ksi bend

ing stress at the column face. This loading cycle was used to verify proper functioning of

the instrumentation. One or two additional cycles of reversing loads were then applied to

about ± 24 ksi maximum bending stress in the beam. The load was then increased to give

approximately a 36-ksi maximum bending stress in the beam assuming elastic behavior.

One or two cycles of reversing loads of this magnitude was then slowly applied. For
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subsequent loading cycles, the tip displacement was incrementally increased to attain

preselected displacements. For each specimen, except at fracture of a beam or yielding of

bolts in Specimen 10, the inelastic cyclic displacements were terminated when satisfactory

ductility of the connection was observed. During the entire process, the loading was

stopped at selected points to take readings with a low-speed scanner. A log was main

tained during each test to record critical observations, such as crack or buckling of beam

flange, slippage of bolts, flaking of the whitewash, etc.
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3. Experimental Results

3.1 Material Properties

All steel shapes and plates used to construct the specimens were of ASTM A36 steel

as mentioned previously. Two tensile coupon tests were carried out to determine the steel

properties for each specimen using ASTM procedures [21]. Coupons from each shape were

taken, one from the beam flange and the other from the web. The test results are listed in

Table 3.1. The stress-strain curves for the coupon tests were typical of those for A36 mild

steel. The gauge length of the extensiometer used in all tensile coupon tests was 2 in.

except for Specimens 1 and 2 in which the gauge length was set at 4 in. Measured elonga

tions at fracture of the test coupons for Specimen 3 through Specimen 18 were therefore

larger than those for Specimen 1 and 2. The actual dimensions of the beam sections were

measured and found to be in good agreement with the values given in the AISC Manual

[4]. The small differences in size of each beam were therefore neglected and the section

properties in the AISC manual were adopted. For specimens, in which two pairs of ribs

were added at the beam-column connection, the section properties of the beams at the

juncture were obtained from the nominal plate dimensions and section properties of the

bare beam. The section properties of the W12X 133 column stub are given in the AISC

Manual, 7th Edition.

3.2 Test Results

For each experiment the load-deformation data were obtained for cyclically applied

loads. The resulting hysteretic loops provide the basic data for determining the behavior of

the specimens. As cyclic loading progressed, the corresponding areas enclosed by the hys

teretic loops indicate the capacity of a member and its connections to absorb and dissipate

energy. The maximum attained load, the onset of yielding, and the ultimate inelastic
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deformation of the beams were measured in each test and provided the data for assessing

the performance of the specimens. A typical plot of cantilever tip load versus column rota-

tion at the beam-column joint is shown in Fig. 3.1. It is to be noted that the column

behaved elastically as anticipated during the test. A typical plot for the cantilever tip load

versus the beam end deflection is shown in Fig. 3.2. Note that the beam end deflection

represents the total displacement contributed by deformation of the beam as well as the

column. The column's contribution to the beam end deflection is essentially elastic and

can be computed by multiplying the column joint rotation by the cantilever beam length.

The beam's contribution can then be obtained by subtracting the column's contribution

from the total displacement. These beam deflections can further be divided by the length of

the beam specimens and results obtained are denoted as beam rotations. Beam rotations of

Specimen 1 through Specimen 18 are shown in Fig. 3.3 through 3.20. In order to obtain

the plastic rotation of beam specimens under the load, elastic rotations of the beams have

to be subtracted from the beam rotations. Theoretically, the elastic load-deflection rela-

tionship of a prismatic cantilever beam under the load can be obtained simply as follows:

A _ PL 3

u - 3EI (3.1)

where a is the cantilever tip displacement, P is the cantilever tip load, E and I are

modulus of elasticity and moment of inertia of the beam section; L is measured from the

support to the point of the applied load. The elastic rotations of beam can then be obtained

by dividing a by the beam lengths. However, due to the presence of a shear tab, bolt

holes and clevis, the beam specimens were not truly prismatic. Hence, a direct application

of Eq. 3.1 would lead to inaccurate results. Therefore, experimental data as shown in Fig.

3.3 through Fig. 3.20 were used to obtain the elastic rotations of the beams assuming that

the first few cycles of these hysteretic loops show elastic response. The slope of these

responses represents the elastic rotational flexibility of the beams and column stubs and can

be obtained from experimental data using the least square method. The elastic contribution
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of beam rotations was then obtained by multiplying the flexibilities by the applied load.

The plastic rotation versus applied load of beam specimens obtained are shown in Fig. 3.21

through 3.38. The experimental result for each specimen is described as follows:

Specimen 1

The hysteretic loops of load versus beam rotation for Specimen 1 are shown in Fig.

3.3. The beam responded elastically until the load was slightly above that required to

reach the maximum beam bending stress of 36 ksi (40.2 kips). Flaking of the whitewash

was first observed during the third loading cycle on the beam top flange outside the tips of

the reinforcing ribs. The loops --eonsistently exhibited stable characteristics. During the

sixth cycle, no significant deterioration of the loop occurred, although local buckling of the

bottom flange outside the reinforcing ribs developed. Subsequently, both the top and bot

tom flanges had pronounced local buckling that appeared and disappeared cyclically.

However, the beam-column assemblage maintained load-carrying capacity even when

severe local buckling occurred in either of the flanges.

The web of the beam beyond the shear tab buckled during the ninth cycle and then

became straightened. Thereafter it buckled cyclically. The hysteretic loops remained

stable. The cantilever load was terminated after pronounced ductility had been observed.

The maximum load applied by the actuator was about 67 kips. A slight reduction of peak

load was detected during the last cycle. No visible slippage of the bolts was detected in the

shear tab. Cyclic buckling of the top and bottom flanges as well as that of the beam web

was observed in the region outside the line connecting the tips of the top and bottom rein

forcing ribs. Buckled beam flanges and web are shown in Fig. 3.39. The extent of the

yield pattern at the top continuity plate is shown in Fig. 3.40.
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Specimen 2

The hysteretic loops of load versus beam rotation for Specimen 2 are shown in Fig.

3.4. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (37.4 kips). During early

cycles, the whitewash on the top continuity plate cracked and relative movement between

the beam web and the shear tab was observed. At the end of the eighth cycle, extensive

- slippage of the beam web, flaking of whitewash on both the top and the bottom flanges as

well as on the top continuity plate were noted. During the ninth cycle, the beam top

flange near the end of the web-cope cracked beginning at the center of the flange and pro

pagating toward each side of the flange as the load was increased (Figs. 3.41 and 3.42).

The beam top flange subsequently fractured and the beam lost its load-carrying capacity.

The crack closed and opened when subjected to subsequent cyclic loading. During this

test, the maximum load attained by the actuator was about 61 kips. The fractured speci

men is shown in Fig. 3.42. Note the severity of the flaking of whitewash on the top con

tinuity plate. The relative movement between the beam web and shear tab due to the

bolt-slippage is shown in Fig. 3.43.

Specimen 3

The hysteretic loops of load versus beam rotation for Specimen 3 are shown in Fig.

3.5. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (32 kips). The flaking of whi

tewash was first observed during the fifth loading cycle on the beam top and bottom

flanges. Up until the tenth cycle, the loops exhibited stable characteristics. During the

tenth cycle, a crack initiated at the center of the bottom flange near the web-cope (Fig.

3.44). Before crack was initiated, no pronounced bolt slippage was detectable. The last

cycle consisted of one additional downward excursion of loading to close the crack fol

lowed by an upward excursion of loading to completely open the crack. During the last
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cycle, the cracked flange buckled under reversed loading. Before cracking of the flange,

the maximum load attained by the actuator was about 64 kips. The fractured specimen is

shown in Fig. 3.45.

Specimen 4

The hysteretic loops of load versus beam rotation for Specimen 4 are shown in Fig.

3.6. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (37.4 kips). All hysteretic

loops exhibited stable characteristics. During the tenth cycle, the specimen failed abruptly

with noise. A fracture of the bottom flange weld and a fracture of the lower web weld

were noted (Fig. 3.46). An additional reversed loading fractured the upper web weld and

the top flange weld (Fig. 3.47). The maximum load reached was about 62 kips. The frac

tured specimen is shown in Fig. 3.48.

Specimen 5

The hysteretic loops of load versus beam rotation for Specimen 5 are shown in Fig.

3.7. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (46.7 kips). All hysteretic

loops exhibited stable characteristics. Until the tenth cycle, both the upper and the lower

web welds were cracked (Fig. 3.49). During the twelfth cycle, a crack of the top flange

weld at the edge of the flange was detected (Fig. 3.50), and the direction of the applied

load was reversed causing closing of the crack as well as buckling of the bottom flange.

An additional reversed excursion of the applied load eventually fractured the top flange.

The maximum load reached was about 87 kips. The fractured specimen is shown in Fig.

3.51.
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Specimen 6

The hysteretic loops of load versus beam rotation for Specimen 6 are shown in Fig.

3.8. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (47.7 kips). Up to the end of

the ninth cycle, extensive flaking of whitewash on both the top and the bottom flanges as

well as on the top continuity plate was observed. During the tenth cycle, the beam top

flange cracked near the edge and propagating toward the other side of the flange as the

load was increased (Figs. 3.52). The beam top flange subsequently fractured and the beam

lost its load-carrying capacity. An additional reversed excursion of the applied load frac

tured the beam bottom flange. During this test, the maximum load attained by the actua

tor was about 79 kips. The fractured specimen is shown in Fig. 3.53. Note the severity of

the flaking of whitewash on the top continuity plate.

Specimen 7

The hysteretic loops of load versus beam rotation for Specimen 7 are shown in Fig.

3.9. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (49.1 kips). The flaking of

whitewash was first observed during the fifth loading cycle on the beam top flange outside

the tips of the reinforcing ribs (Fig. 3.54). The loops consistently exhibited stable charac

teristics. During the fifteenth cycle, a crack of bottom flange weld as well as the weld con

necting the bottom reinforcing rib to the column flange were detected (Fig. 3.55). Signifi

cant slippage of the bolts was also observed in the shear tab (Fig .3.55). The beam bottom

flange subsequently fractured and the beam lost its load-carrying capacity. The maximum

load applied by the actuator was about 90 kips. The test was terminated after one more

reversed excursion of the applied load.
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Specimen 8

The hysteretic loops of load versus beam rotation for Specimen 8 are shown in Fig.

3.10. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (50.0 kips). The flaking of

whitewash was first observed during the early loading cycles on the beam top flange out

side the tips of the reinforcing ribs. The loops consistently exhibited stable characteristics.

During the tenth cycle, no significant deterioration of the hysteretic loop occurred,

although local buckling of the bottom flange outside the reinforcing ribs developed. Simi

lar to Specimen 1, both the top and the bottom flanges had pronounced local buckling that

appeared and decreased in size cyclically. The load-carrying capacity reduced slightly

when severe local buckling occurred in either of the flanges. The hysteretic loop remained

stable. The web of the beam outside the shear tab buckled during the twelfth cycle. The

cantilever load was terminated after pronounced ductility had been observed. The max

imum load applied by the actuator was about 95 kips. A slight reduction of peak load was

detected during the last cycle. Slippage of the bolts in the shear tab was detectable but not

significant (Fig. 3.56). The buckling of beam flanges and web is shown in Fig. 3.57.

Specimen 9

The hysteretic loops of load versus beam rotation for Specimen 9 are shown in Fig.

3.11. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (45.1 kips). The flaking of

whitewash was first observed during the sixth loading cycle on the beam top and bottom

flanges. Up until the tenth cycle, significant flaking of whitewash on web was also noted

(Fig. 3.58). During the fifteenth cycle, local buckling of bottom flange occurred and the

beam load-carrying capacity was slightly reduced. Buckling of beam flanges appeared and

disappeared cyclically as the loading progressed. During the seventeenth cycle, buckling of

the beam web was observed. The loops consistently exhibited stable characteristics. The
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actuator load was terminated after pronounced ductility had been observed. The max

imum load applied by the actuator was about 75 kips. The failed specimen is shown in

Fig. 3.59.

Specimen 10

The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (40.0 kips). At higher loads,

the gap between the end plate and the column flange appeared and disappeared cyclically.

Some, but not seVere flaking of whitewash on the beam flanges was also observed. Up

until the end of the eighth cycle, the beam had not gone through severe inelastic deforma

tion. However, the gap between the end plate and the column flange increased as cyclic

loading progressed and the interior bolts between the two beam flanges yielded and

elongated (Fig. 3.60). One of these interior bolts eventually fractured. Subsequently, the

loading was terminated and it was decided that the specimen should be strengthened and

retested. The failure of Specimen 10 will be discussed later in detail in chapter 4. The

maximum load attained was about 68 kips. The fracture of the bolt will be studied in

Chapter 4 in more detail.

Specimen lOR

As mentioned in Chapter 2, Specimen 10 was disassembled and repaired using end

plate stiffeners and eight 1-in. diameter A354-BD bolts. Four bolts outside the beam web

were instrumented using special strain gages to monitor the axial load in the bolts during

the cyclic loading as well as the assembling of the specimen. The specimen was reload and

the beam again responded elastically up to the load beyond that required to reach the max

imum nominal beam bending stress of 36 ksi. The plot of cantilever load versus beam

rotation relationships for Specimen lOR is shown in Fig. 3.12. All hysteretic loops exhi

bited stable characteristics. During the eighth cycle of the reloading, beam web buckling
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in conjunction with flange buckling occurred near a section along two ends of the stif

feners. Buckling of the flanges and web appeared and decreased in size cyclically. The

load-carrying capacity deteriorated after severe flange buckling had occurred. The load

was terminated after pronounced ductility and severe buckling had been observed. The

maximum load attained was about 80 kips. The failed specimen is shown in Fig. 3.61. In

Chapter 4, the behavior of Specimen lOR will be examined with greater detail.

Specimen 11

The hysteretic loops of load versus beam rotation for Specimen 11 are shown in Fig.

3.13. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (46.5 kips). All hysteretic

loops exhibited stable characteristics. Up until the eighth cycle, flaking of whitewash on

the beam flanges and web had been observed (Fig. 3.62). During the ninth cycle, the

beam bottom flange buckled slightly. Subsequently, beam flange buckling appeared and

diminished cyclically as the loading progressed. The load-deformation hysteretic loop lost

its reproducibility once severe flange buckling occurred. The beam gradually lost its load

carrying capacity as the hysteretic loops deteriorated. The maximum load attained by the

actuator was about 72 kips. The test was terminated when the beam tip displacement

reached the travel limit of the linear potentiometer. The failed specimen is shown in Fig.

3.63. Local buckling of the flange occurred at 6 in. (about one flange width), away from

the column face. Web buckling occurred at 5 in. from the column flange and at failure

was about 1-1/8 in. out of plane.

Specimen 12

The hysteretic loops of load versus beam rotation for Specimen 12 are shown in Fig.

3.14. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (47.5 kips). The hysteretic
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loops exhibited stable characteristics until beam flange buckling occurred. Flaking of whi

tewash developed on the beam flanges and propagated toward the center of the web as the

loading progressed (Fig. 3.64). During the tenth cycle, the beam flanges buckled at about

6 in. away from the end plate. Subsequently, the beam web buckled at about the same

distance from the end plate and hysteretic loops started losing their reproducibility. From

then on, buckling of the beam flanges and web appeared and diminished cyclically. The

test was terminated when the beam tip displacement reached the travel limit of the linear

potentiometer. No slippage of bolts in the end plate was observed throughout the test.

The maximum load attained by the actuator was about 77 kips. The failed specimen is

shown in Fig. 3.65.

Specimen 13

The hysteretic loops of load versus beam rotation for Specimen 13 are shown in Fig.

3.15. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (32.8 kips). The flaking of

whitewash was first observed at the beam flanges near the edge of the shear tab during the

fifth cycle. The loops consistently exhibited stable characteristics and excellent reproducibil

ity. During the tenth cycle, the top flange weld near the end of the web-cope cracked

beginning at the center of the flange and propagated toward each side of the flange (Fig.

3.66). In the meantime, the upper web weld cracked and was followed by the fracture of

the top flange weld and the upper web weld (Fig. 3.67). An additional excursion of the

load fractured the bottom flange beginning at the center of the flange near the end of the

web-cope and the welded nut which supported instrumentation (Fig. 3.68 and 3.69). The

lower web weld together with the shear tab near the lowest bolt hole also cracked (Fig.

3.69). The maximum load applied by the actuator was about 69 kips. No slippage of the

bolts was detectable before the fracture of flange welds.
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Specimen 14

The hysteretic loops of load versus beam rotation for Specimen 14 are shown in Fig.

3.16. Having gained experience from the failure of Specimen 13 and other specimens, it

was decided that both web copes of future specimens should be carefully ground smooth.

However, the upper web cope of Specimen 14 was not accessible due to the presence of the

back-up plate needed for the top flange weld (Fig. 2.8 and 2.9). The beam again

responded elastically up to the load slightly beyond that required to reach the maximum

nominal beam bending stress of 36 ksi (46.5 kips). The flaking of whitewash was first

observed during the early loading cycles beginning at the beam flanges and propagating

toward the center of the web at a region about 7 in. away from the column face (Fig.

3.70). During the eighth cycle, the beam flanges buckled slightly. Up until then, hys

teretic loops consistently exhibited stable characteristics and good reproducibility. Local

flange buckling became more and more severe as the loading progressed. During the tenth

cycle, the web also buckled in the region outside the shear tab and deterioration of the hys

teretic loops was observed (Fig. 3.71). During the fifteenth cycle, the beam top flange

cracked beginning at center of the flange near the end of the web-cope (Fig. 3.72). Subse

quently, beam top flange fractured and the beam lost its load-carrying capacity. The max

imum load applied by the actuator was about 76 kips. No cracking of the web welds was

observed during the test.

Specimen 15

Both web copes were ground smooth by the fabricator as shown in Fig. 2.10 and

2.11. It was noticed that the beam flanges had unintentional undercuts at the welds of

about 1/8 in. The load versus beam rotation hysteretic loops for Specimen 15 is shown in

Fig. 3.17. The beam top flange weld fractured abruptly before the beam underwent any

inelastic deformation. The fracture of the weld was probably due to the improper applica

tion of the innershield welding procedure. The maximum load applied by the actuator was
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about 33 kips.

Specimen 16

This specimen was similar to Specimen 15, both web copes were ground smooth as

shown in Fig. 2.12. The weld undercuts of the beam flanges were not as obvious as they

were in Specimen 15. The beam responded elastically up to the load slightly beyond that

required to reach the maximum nominal beam bending stress of 36 ksi (46.5 kips). The

load versus beam rotation hysteretic loops for Specimen 16 is shown in Fig. 3.18. The

beam top flange weld again failed prematurely. The whole fractured section was right at

the edge of the weld away from the column flange as shown in Fig. 3.73. The maximum

load applied by the actuator was about 57 kips. It was decided that both Specimen 15 and

Specimen 16, fabricated using the same welding procedure, were to be sent back to the

fabricating shop to be re-done using the stick-welding procedure.

Specimen 17

The load versus beam rotation hysteretic loops for Specimen 17 is shown in Fig. 3.19.

The beam again responded elastically up to the load slightly beyond that required to reach

the maximum nominal beam bending stress of 36 ksi (32.8 kips). All hysteretic loops exhi

bited stable characteristics. Up until the eighth cycle, flaking of whitewash was observed

mostly on beam flanges. During the ninth cycle, the beam top flange slightly buckled and

noise was heard from slippage of the beam web relative to the shear tab. The noise contin

ued and flaking of whitewash on beam web was still not obvious as the loading progressed

(Fig. 3.74). During the tenth cycle, the top flange weld cracked near the lower edge of the

flange. However, the beam did not loose its load-carrying capacity. During the reversed

excursion of the same loading cycle, the bottom flange weld also cracked beginning at the

lower edge of the flange and propagating toward the opposite edge. Subsequently, the

whole bottom flange fractured abruptly with noise (Fig. 3.75). Another reversed excursion
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of the applied load fractured the top flange. The maximum load attained by the actuator

was about 54 kips. The failed specimen is shown in Fig. 3.76.

Specimen 18

The hysteretic loops of load versus beam rotation for Specimen 18 are shown in Fig.

3.20. The beam again responded elastically up to the load slightly beyond that required to

reach the maximum nominal beam bending stress of 36 ksi (46.5 kips). Flaking of whi

tewash at both flanges was observed during the early loading cycles. In this test as well as

other test specimens, flaking of whitewash was always started and concentrated in areas

where welds had been made. For instance, a tack weld for a back up plate, a tack weld

for a nut or a stud which supports the displacement-measuring device (Fig. 3.77), etc.

During the tenth cycle, the beam flange slightly buckled. Subsequently, flange buckling

appeared and disappeared cyclically. All hysteretic loops maintained stable characteristics.

During the twelfth cycle, the top flange cracked beginning at the center of the flange near

the end of the web-cope, and slippage of the beam web relative to the shear tab was

observed (Fig. 3.78). Subsequently, the crack propagated and the top flange fractured

(Fig. 3.79). The maximum load attained by the actuator was about 70 kips.

3.3 Summary

In general, all specimens, except Specimens 15 and 16, carried loads well above the

36 ksi nominal yield strength of the beams. In all experiments, except Specimens 15 and

16, the hysteretic loops exhibited a considerable amount of strain hardening of the

material. Specimens in which a crack of a flange or a weld was initiated failed quite

abruptly. For bolted web with welded flange connections, welding procedure as well as

workmanship are critical to the performance of the connections. Any tack weld or under

cut of weld could initiate a crack near a weld. Welded reinforcing ribs helped to ease

stress concentration thereby preventing initiation of cracks in the welds. In Specimen 7, the
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fracture of a weld on the reinforcing ribs appeared to be caused by poor welding workman

ship. During the experiments, bolts tighten by the turn-of-nut method generally did not

reach the required bolt preload. Beam web-to-shear tab welding helped to prevent slippage

of the bolts, thereby enhancing the performance of the connection. If bolts in the end

plate connection were designed and constructed properly, the all-welded beam with bolted

end plate connections exhibit superb capacity to absorb and dissipate energy. The speci- '

mens having direct all-welded beam-to-column flange connections sustained very large

deformations without significant lost of load carrying capacity. Premature failure of Speci

mens 15 and 16 can be attributed to improper welding procedures.

A summary of experimental results for the nineteen tests is given in Table 3.2. For

purpose of discussion, the test result of these specimens will be divided into five groups. In

the first two groups, W18x35 beams with 2f /2 = 0.66 and W21X44 beams with 21 /2 =

0.62 are discussed, respectively. Three specimens with beam-to-column web connections

form the third group. Two specimens having direct all-welded beam-to-column flange con

nections are in the fourth group. In the fifth group, three bolted end plate beam-to

column flange connections are discussed.

(1) W18X3S Beam-to-Column Flange Connections

Specimens 3, 17 and 13, using W18X35 with 21 /2 = 0.66, comprise the first group.

The force versus beam rotation relationships for these specimens are plotted in Fig. 3.80.

As described previously, the beam rotation is obtained by dividing the beam end deflection

by the cantilever length Lc as defined in Table 3.2. In all cases, the effect of the elastic

column rotation of the joint is excluded. In order to have these results comparable to other

tests, the beam rotations are shown as a percentage. As a guide to the lowest acceptable

level of performance, the hysteretic loops are bracketed by vertical lines at ±2%.

As shown in the top plot in Fig. 3.80, the early failure of Specimen 3 on a downward

stroke occurred. On the reversely applied load,the fracture was closed and excellent
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ductility in the opposite direction was observed. This disparity in ductilities in the two

directions illustrates the possibility of erratic behavior. As shown in the middle plot in the

same figure, Specimen 17 exhibits better behavior. The improved performance of this con

nection may be attributed to the use of tension control web bolts. As shown in the bottom

plot in Fig. 3.80, similar improvement in the cyclic b",bavior of the connection was attained

in Specimen 13 by applying beam web-to-shear tab welding.

As shown in Table 3.2, the maximum total beam rotation of Specimen 3 was 1.61

percent (0.0161 radian) and the corresponding maximum plastic rotation was about one

percent. This kind of beam plastic rotation capacity may be inadequate for the general

applications in severe seismic environment unless the beam-column panel zone joint can

effectively participate the inelastic deformation of the structure. The hysteretic loops

shown in Fig. 3.80 for Specimen 17 and Specimen 13 are better than those for Specimen 3.

The improvement can be attributed to the use of tension control bolts or supplementary

web welding. Moreover, in Specimen 17, the copes for back-up bars were ground smooth.

(2) W21 X44 Beam-lo-Column Flange Connections

Specimens 5,18 and 14, using W21X44 beams, comprise the second group. The force

versus beam rotation relationships for these specimens are plotted in Fig. 3.81. Similar to

the first group, the erratic behavior of Specimen 5 was observed and the performance of

the connection was significantly improved either by using tension control web bolts or 20

percent supplementary welding as required per SEAOC [47]. Similar improvement can be

observed from Specimen 18 as shown in Table 3.2. In this specimen, the copes were also

ground smooth. In Specimen 7, using W21 X 44 beam, the welds for the ribs was noted

inadequate.
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(3) Beam-to-Column Web Moment Connections

Specimens 1,2 and 8 were selected for this group. The force versus beam rotation

relationships for these specimens are plotted in Fig. 3.82. In Specimens 1 and 8, reinforc

ing ribs were used in the beam-to-column connections. The cyclic performance of these

connections was excellent. With regard to these tests, it is useful to note the following:

The test on Specimen 1 with reinforcing ribs was terminated after reaching a very

large ductility. Specimen 8, also with reinforcing ribs, exhibited excellent ductile behavior

without the occurrence of any weld fracture. However, since the beam flange width-to

thickness ratio for Specimen 8 was relatively large, significant buckling of the beam flanges

developed at large beam end displacement. A substantial beam moment continued to be

carried by the connection after the beam flanges buckled. In order to better evaluate the

performance of this connection, the beam plastic rotational capacities at the nominal plastic

moment are given in parentheses in columns 10 and 11. For Specimen 2, although the

maximum beam plastic rotations ,ep and e;, were also large, a brittle weld fracture was

observed at the end of the test.

(4) All Welded Beam-to-Column Flange Connections

Specimens 9 and 11 comprise the fourth group. The beam load versus beam rotation

relationships for these specimens are plotted in Fig. 3.83. As noted previously, both of

these connections were fabricated by welding the beams directly to the column flanges. In

Specimen 9, partial penetration welds from the outside and fillet welds from the inside

were used to connect the beam flanges to the column. Fillet welds were applied on both

sides of the beam web. In Specimen 11, continuous fillet welds were used around the

entire beam cross-section. In either specimen, no copes in the webs were used in the fabri

cation of the connections; neither were any stress relief holes made at the junctures of the

beam flanges and the webs. The performance of these specimens demonstrates the

improvement in joint ductility obtained when no holes for back-up bars are provided. As
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shown in both plots in Fig. 3.83, the ductility of these connections is excellent, although a

slight decay in load carrying capacity occurred after beam flanges had buckled. As can be

noted in Table 3.2, the maximum beam rotation angles were very large. No weld failure

occurred in either one of these two specimens.

(5) Bolted End Plate Beam-to-Column Flange Moment Connections

Specimens 10, lOR and 12, using bolted end plate connections, comprise the fifth

group. In these specimens, the connections were fabricated by first welding the beam to an

end plate and then attaching the end plate to the column flange. In each specimen, con

tinuous fillet welds were used around the entire beam cross-section and no holes and back

up bars were provide. The force versus beam rotation relationships for these specimens are

plotted in Fig. 3.84.

As noted previously, the test of Specimen 10 was terminated due to the fracture of a

connecting bolt. Specimen lOR was made by modifying Specimen 10 with stronger con

necting bolts and two end plate stiffeners. Some of the bolt forces in the connection for

Specimen lOR were also recorded during the application of cyclic load. After observing the

boIt failure in Specimen 10, the connecting bolts for Specimen 12 were also enlarged. In

Fig. 3.84, the maximum beam total rotation for Specimen 10 was also large, however, was

attributed to the elongations of the connecting bolts. Therefore, various maximum rotation

angles as shown in Table 3.2 were neglected for Specimen 10. In Fig. 3.84, excellent duc

tility for Specimens lOR and 12 can be observed from their hysteretic loops although a

slight decay in load carrying capacity occurred after beam flanges buckling had developed.

The behavior of Specimens 10 and lOR will be discussed in detail later in chapter 4.

In this series of experiments, only the flange welds in Specimen 3 through Specimen 6

were inspected ultrasonically and were found to be satisfactory. Specimen 15 and 16 were

fabricated by a vendor generally using shielded metal arc welding rather than flux-more arc

welding. In conformity with the AWS specification [20], the joints in these two specimens
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were not preheated during the fabrication. Although the appearance of the welds was

good, they were not ultrasonically inspected. As shown in Table 3.2, the ductility of these

two connections was very poor.

On scanning column 10 and column 11 in Table 3.2, the beam plastic rotational capa

cities for Specimens 1, 2, 7, 8, 9, lOR, 11, 12, 14, 17 and 18 are probably adequate while

that for Specimen 13 is marginal. Unless the beam-column panel zone joints can effec

tively participate in the nonlinear deformation and dissipate earthquake energy, the beam

plastic rotational capacities for Specimens 2, 4, 5, and 6, and certainly for the poorly fabri

cated Specimens 15 and 16, are not acceptable.

3.4 Conclusions

As noted previously, the ductility demand of beam-column connections for steel

MRFs designed according to the building code may be large. Therefore, the beam-column

connections must be designed and constructed to provide the required strength and ductil

ity. Premature weld fractures in the connections are particular dangerous and should be

mitigated. From this limited series of tests, some conclusions can drawn as follows:

(1) As shown in Column 7 of Table 3.2, all nineteen specimens attained their strength at

a nominal 36 ksi yield stress. Except for poorly fabricated Specimens 15 and 16, all

specimens also exceeded their yield strengths based on tensile coupon tests.

(2) As shown in Column 10 and 11 of Table 3.2, the rotational capacity in beam-to

column flange moment connections in Specimens 7,8,9, lOR, 11, 12, 14, 17 and 18

may be considered satisfactory. In some of these specimens, the required ductility

was achieved using either reinforcing ribs at the connections, tension control web

bolts, or 20 percent supplementary web welds.

(3) Variability in ductility of moment connections was observed in many instances. It is

recommended that this be reduced by the following means:
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(a) Beam web copes for back-up bars should be ground as smooth as possible.

Back-up bars should be tack welded on the inside of the flange cope and away

from the edges of the flange.

(b) The use of either tension control web bolts or supplementary web welds are

necessary for bolted web connections for beams with Zf/Z ratio smaller than

0.70.

(c) Careful inspection of the connections. This includes bolts as well as welds.

(4) If it can be demonstrated that the column panel zone joints in the MRF can effec

tively participate in providing ductility, the requirements for beam connection ductil

ity can be reduced.

(5) Ductility in beam-to-column web moment connections was found to be satisfactory.

In Specimens 1 and 8, this was achieved with the aid of reinforcing ribs. Specimen 2

was fabricated with exceptional care using the shielded metal arc welding process and

cannot necessarily be duplicated in the field.

(6) Specimen 9 and 11 with fully welded beam-to-column flange having no copes in the

beam webs provided exceptionally high ductility .

(7) From the limited number of tests and under laboratory conditions, no essential differ

ence in performance was noted between the two types of tension control devices used

for web bolts.
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4. Cyclic Behavior of Bolted End Plate Moment Connections

4.1 Introduction

In end plate moment connections, one of the most essential elements is believed to be

the connecting bolts, which attach the end plate to the column flange. In the test of Speci

men 10, premature fracture of a bolt near the beam web was observed. In order to gain

more information for the design of connecting bolts, the cyclic behavior of these bolts

under moment reversal needs to be studied. For this purpose, four of the bolts in Speci

men lOR were instrumented with bolt gauges in order to monitor the bolt tension forces

during the installation of bolts and the application of external load. The locations of these

gauged bolts, bolt 1 through bolt 4, are indicated in Fig. 4.1.

4.2 Measuring the Bolt Tension Forces

Inelastic elongation occurs practically in all properly installed bolts and essentially

results from local yielding of the threads between the underside of the nut and the gripped

material [28]. The bolt gauges used in Specimen lOR, installed in the center of the bolts

within the bolt shanks, measured the strains in the bolt shanks and are believed to remain

elastic during the application of extemalload.

Since the bolt gauges measure the strain in the bolts, the bolt tension forces can be

obtained by measuring the strain in the bolt after the proper force-strain relationship of

bolt is established. Ideally, bolt gauges ought to be calibrated prior to the installations of

bolts so that the bolt force-strain relationship can be obtained and therefore the bolt

preloads be controlled and monitored. Since calibration of bolt gauges required a special

mounting fixture, the gauged bolts were installed for Specimen lOR while the mounting

fixture was being fabricated in order to expedite the test program. As a result, the bolt

required prestrain, associated with the specified preload, was estimated based on an
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assumed modulus of elasticity and monitored during the installation. Note that the speci-

fied minimum bolt tension force varies depending on the bolt size and its minimum tensile

strength [4]. In this case, a minimum preload of 64 kips was required for each 1-inch

diameter A354 grade BD bolt. Therefore, using the assumed modulus of elasticity E =

29000 ksi and bolt cross-sectional area of 0.7854 in 2, the bolt strain, e, corresponds to 64

kips of preload, can be obtained as follows:

64

e= -=
E

0.7854
29000

= 0.00281

Note that if the tum-of-nut tightening method per AISC specification [4] were used to

install the bolts, a 1/2 tum of nut would have been required for each bolt after enough

bolts have been brought to a snug tight position in order to achieve the specified minimum

bolt preload. However, during installation of gauged bolts for Specimen lOR, all bolts

were brought to snug tight first. Note that at the snug tight position, all gauged bolts

showed about 0.001 tensile strain. Subsequently, bolts were tightened symmetrically pro-

gressing from the interior bolts to the exterior ones. When 0.00281 strain was achieved in

the gauged bolt, each had about 3/4 tum of nut after it had been brought to snug tight.

Based on this observation, the other bolts which were not instrumented were also tightened

by a 3/4 tum of nut after they had been brought to snug tight position.

During the test, the applied load, the strain histories as well as other deformation

measurements were recorded. After the test of Specimen lOR, the bolts were disassembled

from the connection and the tensile strain reading in each gauged bolt was found to be

essentially zero. From this observation, the response of the bolt gauges under the applied

load appeared to be elastic. Subsequent calibrations of bolt gauges were done by relating

the strains under the controlled tension forces. An essentially elastic force-strain relation-

ship is evident for each gauged bolt as shown in Figs. 4.2 and 4.3.
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4.3 Bolt Tensions in Connected Plates

Since bolts are tightened prior to the application of the external loading, the bolts are

pretensioned as much as the plates are precompressed. As a result of this preload, the

externally applied loads primarily change the contact pressure between the plates; very little

additional fastener elongation is introduced before the precompression between the plates

was exhausted. Therefore there is only a minor increase in bolt tension until the separa-

tion of the plates occurs. This behavior can be illustrated by a simple model [27,28] as

shown in Fig. 4.4. Tightening of the nut results in a tension in the bolt and compression

between the connected plates. Assuming that the bolts and plates remain elastic, the force

in each is proportional to its change in length, that is:

6.C = -K 6.ep

(4-1)

(4-2)

where B represents the bolt preload, C is the sum of contact forces between the plates and

Kb and Kp the stiffness of the bolt and the plate, respectively. The term 6.e represent the

change in bolt elongation due to an externally applied load. Unless separation of the

plates occur, the change in bolt elongation is equal to the change of plate in thickness. In

the usual case, Kp will be much smaller than Kb , because the bolt force, Bo ' is concen

trated in the bolt whereas the compression force, Ci , is distributed over the contact area.

Under no external load, the bolt preload, Bo ' and the contact force, Ci , are equal. When

a load T is applied to the connection, the bolt will elongate and the precompressed plate

will expand. Under this load, the equilibrium equation becomes:

(4-3)

where T is the externally applied load, Cp the sum of the reduced contact forces, and B

the bolt force under an applied force T. Under such conditions, an increase in applied

load T results in an increase in bolt elongation 6.e. For compatibility, the plates must

expand by the same amount. Since the plate stiffness is much larger than the bolt stiffness,
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the application of external force T results in a greater reduction in the compression, !:J.C ,

in the plates than the increase of tension, M, in the bolt. Before the separation of plates

occurs, their relationship at the equilibrium state is:

Bo + M = C; + !:J.C + T

Since

B = C·o I

Therefore,

M -!:J.C = T

(4-4)

(4-5)

(4-6)

When contact pressure between the plates reduces to zero, separation of plates will start.

When this occurs,

!:J.C = -e. = -B
I 0

Therefore,

-K !:J.ep (4-7)

!:J.e

and

(4-8)

Kb
M = Kb!:J.e = B oK

p
(4-9)

As a result, for the elastic case, separation of plates takes place at an applied load equal to:

(4-10)

which can be obtained by substituting Eq. 4-7 and 4-9 into Eq. 4-4. After the plates are

separated, the bolt force B is simply equal to the external load T. Note that the above

model can only apply to a single bolt or bolt groups without the effect of prying action. It

is well known that the prying force can be neglected if the connecting plates are sufficiently
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stiff [28].

4.4 Bolts Under Cyclic Loading

Since bolt prying forces in Specimens 10 and lOR are negligible as estimated in

Appendix A, the basic model described in Section 4.3 for a single bolt under tension

appeared to be applicable to the bolt groups in end plate connection. However, in Speci

mens 10 and lOR, each bolt in the bolt groups was subjected to a cyclically instead of

monotonically applied force described in the model.

As noted in Section 4.1, the tension force in the bolts can be obtained from the avail

able strain readings and the corresponding bolt force-strain relationships. Cyclic behavior

of bolts under tension can be studied by plotting the bolt tensions versus applied beam

moment relationships. The results from those four gauged bolts under the cyclic applied

beam moment are shown in Figs. 4.5 and 4.6. The locations of the bolts are indicated in

Fig. 4.1. In general, degrading of bolt clamping forces was observed in each subsequent

cycle of applied beam moment. It appeared that the pretension force combined with the

additional applied load on the connection was sufficient to produce yielding of the bolts;

reduced clamping forces resulted upon unloading. Note that the degrading of the clamping

force was more significant in the first few cycles of the loading than those toward the end

of the test. This may well be attributed to the fact that the applied moment was increased

cyclically in the early loading cycles whereas the applied moments were more repetitive

during the late cycles. As noted in Section 4.2, the stiffness of the end plate and the

column flange was much larger than the bolt group and the reduction of the bolt clamping

forces was small when the beam moment reversed causing compression to the beam flange

near the bolt group.
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4.5 Design of Bolts

The design bolt force in the end plate connection can be obtained by dividing the

beam moment by an assumed lever arm. In general, the bolt's resisting lever arm is often

approximated as the distance between the beam compression flange and the center of bolt

or bolt group [4,27,29]. Since the bolt forces and the corresponding beam moment were

recorded during the testing of Specimen lOR, the bolt resisting lever arms can be examined

experimentally. Assuming that the gauged bolts as shown in Fig. 4.1 subjected to 50% of

the externally applied moment, an equilibrium equation for the beam moment and the bolt

forces can be established as follows:

(4-11)

where M is the externally applied moment which causes bolt 1 and bolt 2 to be pulled, T 1

and T 2 are the tension forces in bolt 1 and bolt 2 respectively, hI and h 2 are the distances

measured from the resulting compressive force to the the center of bolt 1 and bolt 2 respec-

tively. In Specimen lOR, we have:

h 1 = h 2 + 4.525 in.

Let h equal to the distance measured from the center of the bolt group to the resulting

compressive force, Eq. 4-11 becomes:

~ = T 1 (h + 2.2625) + T2 (h - 2.2625)

or

h =
M -4.525T1 + 4.525T2

2 (T 1 + T 2)
(4-12)

Similar equations can be derived for bolt 3 and 4 under reversed moment.

Note that Eqs. 4-11 and 4-12 are valid only when the end plate and the column

flange are separated at places where bolt 1 and bolt 2 are located .. For this reason, only the
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peak bolt force and the associated peak moment of each loading cycle were examined

when Eq. 4-12 was used. The relationship between the peak beam moment versus the

corresponding lever arm determined based on Eq. 4-12 were plotted in Fig. 4.7. Note in

the figure that the computed lever arms associated with the lower external moments are sig

nificantly smaller than those associated with the higher external moments. This may be due

to the fact that the end plate and the column flange still remains in contact during the first

few cycles of loading. From these limited data, it appears that the bolt resisting lever arm

under the beam moment is only about 80% of the beam depth rather than the full beam

depth commonly measured from the beam compression flange to the center of the bolt

group.

4.6 Fracture of Undersized Bolts

As mentioned in Chapters 2 and 3, one of the A325 7/8-inch diameter connecting

bolts near the beam web in Specimen 10 was fractured before the modification of the speci

men was made. As noted in Chapter 2, after the bolt failed, Specimen lOR was made with

stiffeners and connected to column with eight I-inch diameter A354 grade BD bolts. The

performances of Specimens 10 and lOR, can be assessed by examining the beam rotation

versus beam applied load relationships as plotted in Fig. 4.8. Clearly, in Specimen 10, 7/8

inch diameter A325 bolts were inadequate in developing enough beam plastic rotation.

The fracture of the interior bolt, located at where Bolt 2 occurred in Fig. 4.1, brought up

the question of the distribution of the resisting bolt forces under the applied moment. It

appeared that two interior bolts near the web participated in resisting the applied moment

more than the other two exterior bolts did before stiffeners were made. Note, before the

stiffeners were added, that the interior bolts were surrounded by the beam flange as well as

the beam web whereas the exterior bolts were adjacent to the beam flange only.

In order to access the relative stiffness of the end plate at various bolt locations, a fin

ite element analysis was performed. The finite element model was made of four-node
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elastic plate elements and was analyzed using a general purpose finite element analysis pro

gram FEAP [31]. In the analysis, only one half of the end plate was modeled as shown in

Fig. 4.9b. The bolt holes in the end plate were modeled as square holes and the model

consisted of a planar mesh of elements, supported perpendicularly to the plane of the plate

at the nodes where the end plate was halved and where the beam flange and the web

occurred. The analysis was carried out by applying a total of 60 kips of force normal to

the plane of the plate at each bolt location. Each force was distributed into four equal

nodal forces at four nodes around each bolt hole as shown in Fig. 4.9b. In order to better

approximate the situation that only one bolt exist in each bolt hole, the out of plane trans

lational displacements for each of these four nodes was forced to be identical. The analyti

cal results obtained indicated that the out of plane displacement at the edge of the bolt

holes were 0.00355 inch and 0.00156 inch. A larger displacement resulted for the exterior

bolt as anticipated.

Taking the advantage of structural symmetry in the end plate, a further halved finite

element model as shown in Fig. 4.9c was analyzed using another finite element program

SAP80 [32] with its shell element to examine the deformed shape under the same loading

pattern. The out of plane displacements at the edges of the bolt holes obtained were very

similar to the previous analytical result. The isometric view of the deformed shape is

shown in Fig. 4.10.

From these limited analytical studies, it is important to recognized that the actual

shape of the bolt hole, the size of the washer, the actual condition and location of the

boundaries were not precisely considered. It is believed that these parameters are all essen

tial to the true behavior of the end plate. However, without the help of the stiffeners, a

general trend of the relative rigidity in the end plate near both the interior and the exterior

bolts was obvious. Clearly, due to a larger rigidity of the plate bounded by the beam web

and the flange, the separation of the end plate with respect to the column flange first

occurred near the interior bolts. As described in Section 4.2, the bolt force increased
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significantly only after the separation of the connecting parts took place. Therefore, in

Specimen 10, once this separation occurred near the interior bolt, further applied load was

resisted primarily by two interior bolts on each side of the beam web.

Recall the design procedure [27] used as shown in Appendix A, note that the design

bolt force was based only on the beam flange area and its nominal yield strength. In

Specimen 10 or lOR, plastic moment capacity of the web of W18x40 constitutes 30% of the

total beam plastic moment capacity. The fracture of the interior bolt might be due to the

undersized bolt resulting from inadequate design force in conjunction with the differential

force distribution among the bolt group.

4.7 Conclusions

End plate moment connections are a viable choice for moment resisting connections

where field welding is not desired. As mentioned in Chapters 2 and 3, Specimen lOR and

Specimen 12 showed excellent ductility and energy dissipation capacity.

Before more experimental results become available, it is important to note that the

bolt pretension force due to the tightening of the bolt could drive the bolt to yield before

the application of an external load. Subsequently applied cyclic loading increases per

manent elongation of bolts and therefore degrades the clamping force of the connection.

Moreover, under external load, the distribution of the bolt force within the bolt group may

be far from uniform if no stiffeners were devised. Therefore, the connecting bolts in the

end plate connection should be conservatively sized; the design bolt force should be based

upon a conservative assumption of the resisting lever arm and account for possible strain

hardening of the beam section.

From these limited experimental data, it appears that well designed end plate connec

tions are suitable for severe seismic service. However, more experimental work is needed

to examine other end plate connections consisting of different proportions of bolt sizes, end

plate thickness, stiffeners and beam section; possibly, a thinner end plate with stiffeners.
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Nontheless, steel column base plate connections fix-connected to the foundation, a similar

yet more important connection, deserves much more attention.
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5. NONLINEAR DYNAMIC ANALYSIS METHOD FOR MRFS

5.1 General

Properly designed and constructed steel MRFs are expected to deform well into the

ihelastic range under strong ground excitations, dissipating seismic energy without collapse

of the structure. Inelastic activity can occur in beams, columns or panel zone joints, or any

combination of these structural elements. In order to realistically assess the performance

and behavior of MRFs under severe seismic ground motions, a nonlinear dynamic analysis

procedure must be used. Nonlinear behavior of the structural elements must be realistically

modeled considering member post-yielding behavior and material strain hardening. Effi

ciency and stability of the numerical strategies are also required for practical analysis of

nonlinear systems of realistic size.

This chapter presents a procedure used to solve the equations of motion for nonlinear

dynamic analysis of MRFs. The element modelings for nonlinear beams, columns and

panel zone joints are discussed. Performance of the panel zone joint element is evaluated

by comparing the analytical result with an experimental test conducted previously at Berke

ley [51].

5.2 Nonlinear Behavior of MRFs

Nonlinearities of MRFs arise from two important sources. First, material nonlinearity

gives rise to nonlinear force-deformation relationships for beams, columns, and joints.

Second, geometric nonlinearities within the deformation-displacement relationships of the

system require that equilibrium conditions be examined in the deformed configuration.

For the most practically designed and constructed MRFs, material nonlinearity is typi

cally the most important source. Geometric nonlinearity, arising from column P-.1. effects,

can be significant when column axial loads are high or the frame lateral drift is excessively

large. For the MRF models analyzed in this report, both types of nonlinearity are
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considered and examined. Material nonlinearity is considered by using bilinear force-

deformation relationships for members and joints. Geometric nonlinearity is approximated

by including geometric stiffness terms in the element stiffness formulation.

5.3 Numerical Procedure for Nonlinear Dynamic Analysis

5.3.1 Incremental Equations of Motion

Response of a structural system subject to dynamic loading can be obtained by solv-

ing the equations of motion for the system. For large elastic systems, response to dynamic

loads can be obtained efficiently by superposition of modal responses or Ritz vectors. For

nonlinear dynamic analysis, incremental and iterative procedures have been widely used

and will be discussed later.

For a typical building frame model, good accuracy can be achieved by using the

lumped mass at each floor level and by assuming viscous damping [58]. At any time t,

the discrete equations of motion resulting from dynamic force equilibrium are:

.. .
M·Il. + rr.Il. + K .Il. = p- .!.<. -t -t (5-1)

Assuming mass and damping remain unchanged, at time t + tJ.t , the equations of motion

become:

.... . .
M -(Il. + tJ.Il.) + c. .(!J.. + tJ.Il.) + Kt .(!J.. + tJ.Il.) = P..t+!J.t (5-2)

K, represents the tangent stiffness of the system linearized at time t _ Because of this

linearization, Eq. 5-2 will in general provide only an approximate solution to the response

at time t + tJ.t _ However, through appropriate choice of solution strategy and time step

tJ.t, an accurate solution can be obtained. Let Rt denote the nodal loads in equilibrium

with element forces at time t, that is:

(5-3)
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Combining Eq. 5-1 through 5-3, an incremental form of the equations of motion is then:

... .. .
M ·flIl. + 1:. ·flIl. + Kt ·flIl. = Er+fl.t - (M·Il. + 1:..Il. + Rt) (5-4)

where

M : mass matrix,

1:. : damping matrix,

Kt : tangent stiffness matrix at time t,
. ..

Il., Il., Il. : nodal displacement, velocity and acceleration at time t,

flIl., flIl., flIl. : increments of nodal displacement, velocity and acceleration,

l!.t l!.t+fl.t: external applied loads at time t and t +flt .,

The left side of Eq. 5-4 can be viewed as the change in response from time t to

t +flt due to the unbalance load resulting from time t to t +flt on the right side of the

equation. In the case of earthquake excitation, the externally applied dynamic loads on

the system are the inertia forces associated with the ground acceleration. If soil-structure

interaction and differential support excitations are not considered, the inertia forces of the

system can be expressed as:

(5-5)

where Il.g (t) is the ground acceleration of support at time t and L is the displacement

influence coefficient matrix relating static nodal displacements to the support motions [33].

If only one horizontal ground acceleration is considered for the analysis, L reduces to a

vector.

5.3.2 Solution of Incremental Equations of Motion

The discrete form of the equations of motion are typically solved by direct integra-

tion, in which the time domain is divided into a number of time steps. Various explicit

and implicit, single and multiple step integration schemes have been used to solve the

incremental equations of motion for linear and nonlinear systems [34-38]. The basic
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requirements for any integration scheme are accuracy and stability. Generally, the stability

can be assessed by studying the growth of the computed response, while accuracy can be

evaluated by measuring the distortion of the computed response amplitude and frequency

of the system.

Stability and accuracy of various integration schemes for linear systems have been

investigated. However, these stability limits may no longer be valid for nonlinear systems.

Moreover, the accuracy of the computed response in a nonlinear system depends on the

nature of the nonlinearity, the solution scheme and the iterative procedure used. For

example, instability and error can be attributed to equilibrium unbalance and the work

done by the unbalanced load. To control this error, it is important to select a sufficiently

small time step and remove the unbalanced load within each time step. Because of the

complexity involved, accuracy and stability limits of particular integration schemes for non-

linear dynamic analysis have not been fully established. Therefore, the performance of a

particular integration scheme for nonlinear dynamic analysis can only be evaluated by

numerical experimentation.

Several single step, implicit integration schemes used for linear analysis have been

adapted to nonlinear systems. An implicit, single step, two-parameter family of integration

methods by Newmark have gained wide acceptance in nonlinear analysis [39,40].

Newmark's method, as implemented in the ANSR-l [40] computer program, is used to

analyze the model building described in this report. Basically, in Newmark's method, it is

assumed that increments of velocity and acceleration are a function of the increment in dis-

placement and the state of motion at time t. That is:

(
-y] ..

1 - 2~ Il.t

.
(5-6a)

(5-6b)
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where

~, 'Y = integration parameters

l:i.t = time step
...

!.l.t !.l.t = nodal velocities and accelerations at time t,

Substituting Eq. 5-6 into Eq. 5-4, the incremental equations of motion take the form:

K* . I:i.U = p*-t -

in which Kr* is the effective stiffness matrix and l!..t* is the effective load vector, where:

and

(5-7)

The displacement increment I:i.U can be solved from Eq. 5-7 and the state of the

motion at time t + l:i.t can then be obtained:

(5-8a)

..
!.l.t +tJ.t

= (1- ~ ] iLt + -l-I:i.U + l:i.t (1--.1...-] ii
p ~l:i.t 2~ t

(1-2~ ] iit + 1 !:1U - _1_iL
p ~(!:1t)2 ~l:i.t t

(5-8b)

(5-8c)

5.3.3 Iterative Procedure for Direct Integration

If nonlinearities developed within the time step, equilibrium will not be satisfied. In

this circumstance, an iterative procedure within the time step is required in order to satisfy

equilibrium, subject to a specified tolerance. In general, there are two basic types of itera-

tive procedures commonly used in nonlinear analysis, namely Constant Stiffness iteration
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and Tangent Stiffness or Newton-Raphson iteration. These procedures are illustrated in

Fig. 5.1 for one dimensional load-displacement response.

Constant Stiffness iteration will typically converge more slowly than Newton-Raphson

iteration. However, a notable drawback of the Newton-Raphson iteration procedure is the

large amount of computational effort required to rr:forrn the structural tangent stiffness at

every iteration. In some cases, it may be advantageous to combine both procedures. Such

a mixed iteration scheme is illustrated in Fig. S.lc. It was found that Constant Stiffness

iteration was more efficient for the dynamic nonlinear analyses of MRFs. Therefore, an

iterative algorithm for Newmark's integration method based on iterating with a constant

effective stiffness matrix Kt was incorporated in ANSR-1 program as follows:

(A) Initialization

(1) Specify the parameters ~;y, time step 6.t and convergence tolerance TOL.

(2) Compute the integration parameters:

1 1 1
at = a2 = -- a3 = -

~(6.t )2 ~6.t 2~

a4 = ..:L as = L a6 = a+-2~)~6.t ~

(3) Form the effective stiffness matrix:

(4) Decompose the effective stiffness matrix:

L l2 L t = Kt*

(5) Specify initial conditions at time t = O.

(B) Iteration within Time Step

(1) Form load vector f t + l1t

(2) Set iteration index i = 0 and initialize the motion vectors:
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Il/V.:lt = Ilt

ilt~~t = (1 - as) ilt

i1t~~t = (1 - a3) iit
(3) Perform state determination for the current configuration and determine the

equivalent nodal forces Rt~).:lt in equilibrium with the element internal forces.

(4) Solve for the incremental displacement ~ll(i+l) for iteration i:

LDLt .~TT{i+l) = P _ [ .. (i) . (i) (i) ]
__.!.L -t+M M 'llt+M + C. 'llt +M + Rt +f1t

(5) Update the motion vectors:

Il/ilP = Il.t~).:lt + ~1l(i +1)

ilt~!P = ilt~).:lt + a4~Il.(i+l)

iit~!i) = iit~.:lt + a 1~U{i+1)

(6) Perform state determination and determine Rt~!P in equilibrium with the element

internal forces associated with the updated configuration u/ilP

(7) Compute the residual load vector:

A _ [ .. (i+1) . (i+1) (i+1)]
E - E..t +At - M 'Ut+M + C. ·Il.t+.:lt + Rt+M

(8) Check convergence:
A

/rf liE II TOL h d .'J --=--- < t en procee to next time step.
IIE..t+.:lt II

If liE II :> TOL then i = i +1, go to Step 4.
llE..t +.:lt "

It has been shown that for unconditional stability of Newmark's operator in linear

analysis, parameters [3 and 'Y must meet certain criteria. That is:

'Y :> 0.5

1 2
[3 :> t<0.5 + 'Y)

(5-9a)

(5-9b)
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For the dynamic analyses of MRFs discussed in this report, the constant average

acceleration scheme was employed with (3 = 0.25 and r = 0.5. Other stable integration

schemes can be obtained by specifying appropriate values for parameters 'Y and (3. Numer-

ical damping can also be introduced by incorporating a damping parameter 3 in the

parameter'Y as following:

'Y = 0.5 +3, 3>0 (5-10)

In these ANSR-l analyses, however, viscous damping is specified explicitly through

the damping matrix c.. The selection of the time step At is problem dependent. There-

fore, several trial analyses using different time step sizes were performed for each MRF

model. The final result was based on a time step size which resulted in no significant

change in the response compared to the results obtained using a further reduced time step

size. The initial stiffness matrix Ko, referred to in the initialization stage of the procedure

may include a geometric stiffness based on the gravity loads applied before the dynamic

analysis.

5.4 Damping Coefficient

In linear analysis using the mode-superposition method, it is most convenient to

define modal damping for each mode considered. Consequently, the modal equation of

motion for nth mode is:

(5-11a)

and

(5-11b)

where

Mn = generalized modal mass,
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en = generalized modal damping,

Kn = generalized modal stiffness,

Pn = generalized modal force,

~n = modal damping ratio,

W n = circular frequency of mode n,
.. .
Y , Y, Y = modal acceleration, velocity and displacement.

Note that the motion Il. (t) in geometric coordinates is related to the motion Yn (t) in

modal coordinates through the following transformation:

(5-12)
n

where <I>n is the nth mode shape.

In the step-by-step integration of a multi-degree of freedom (MDOF) system, one

potential difficulty is that the damping matrix c: must be defined explicitly rather than in

terms of modal damping ratios. In general, it is difficult to estimate the magnitude of the

damping influence coefficients of a complete damping matrix. The most effective means

for deriving a suitable damping matrix has been to assume appropriate values of modal

damping ratios for the modes which are considered to be important and then to compute

an orthogonal damping matrix possessing those properties. This orthogonal damping

matrix for the MDOF system is typically defined to be proportional to the mass matrix and

stiffness matrix: That is:

(5-13)

It is referred to as Rayleigh damping and can be diagonalized in the modal coordinates.

That is:

(5-14)

and its nth diagonal term is:

(5-15)
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Combining Eq. 5-11b and Eq. 5-15, it follows:

1 (ao )~ = - - + alw
n 2 W n

n
(5-16)

The first term of Eq. 5-15 is related to mass-proportional damping while the second

term corresponds to stiffness proportional damping. The relationships of damping ratio

and frequency for given proportionality factors a 0 and a 1 are illustrated in Fig. 5.2. It is

clear that for mass-proportional damping, the damping ratio is inversely proportional to the

frequency while for stiffness-proportional damping, the damping ratio is directly propor-

tional to the frequency. In Eq. 5-16, the damping ratio for the whole frequency range is

determined, once either a 0 or a 1 has been specified. If both mass- and stiffness-

proportional damping are desired, it is necessary to establish two modal damping ratios in

order to evaluate the proportionality factors ao and al. In matrix form:

(5-17)

(5-18a)

where wm and wn are circular frequencies of m th and nth modes. In terms of periods Tm

and Tn of m th and nth modes, Eq. 5-18a can be rewritten as:

(5-18b)
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For example, assuming periods T land T 2 of first two modes are 1.0 sec. and 0.3

sec., respectively, the factors ao and al are 0.2896 and 0.087, respectively, for a lightly

damped system with damping ratios of 3% for the first two modes. Note that if periods are

doubled to 2 sec. and 0.6 sec., the proportionality factor aO is halved while a 1 is doubled.

Once proportionality factors a 0 and a 1 are determined, the structural damping matrix can

be derived using Eq. 5-13. In general, this type of damping progressively filters out the

participation of higher modes and is widely used for seismic analysis of building structures

in which lower modes dominate the motion. In step-by-step integration, there is no need

to uncouple the equations of motion. Therefore, the structural damping matrix can be

selected without satisfying modal orthogonality conditions. In ANSR-1, the damping

matrix C is assembled by summing the global mass-proportional term and the stiffness-

proportional term of each element. That is:

r = aoM + ~a .Ke1mi + ~a .Ke1mi
¥ £.J 1,- £.J 2,-t

i i
(5-19)

where K e1mi and K:1mi are the elastic and tangent stiffness matrix associated with global

degrees of freedom for element i. Nonproportional damping can be used by specifying

different stiffness-proportional factors for different elements [41]. For the nonlinear

dynamic analyses of MRFs presented in this report, a damping matrix proportional to both

mass and elastic stiffness were used based on the damping ratios of 3% for the first two

modes. It is believed that the error in the damping matrix approximated in this manner is

within the range of the uncertainty of the real damping for the structure. The analytical

results for various damping ratios were also studied in this report.

5.5 Inelastic Elements for Nonlinear Analysis of MRFs

As noted previously, inelastic activity of steel MRFs under severe seismic excitation

can occur in beams, columns andlor joint panel zones. It is essential that the nonlinear

behavior of these structural elements is realistically modeled considering post-yield behavior
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and material strain hardening. In ANSR-l, several nonlinear elements based on bilinear

force-deformation relationships are available. These include a three-dimensional truss ele

ment, a continuum finite element for plane stress, plane strain or axisymmetric analysis, a

two-dimensional beam-column element, and a three-dimensional beam-column element

[42]. For the nonlinear analysis of MRFs discussed in this report, the two-dimensional

beam-column element was used to model the beams and columns for the model building.

In order to account for the panel zone deformation of the beam-column joint, a joint ele

ment similar to the semi-rigid connection element implemented in the DRAIN-2D [39] pro

gram was developed. The mathematical models for these elements are discussed in the fol

lowing sections.

5.6 Beam-Column Element

5.6.1 General Description

A two component model is used to simulate the moment rotation relationship of the

column or beam elements. The model consists of elastic and elasto-plastic components in

parallel. Yielding may take place only in concentrated plastic hinges at the element ends.

Hinge formation is affected by the axial force through a simplified axial force-moment

interaction relationship. Strain hardening is approximated by specifying an appropriate

strain-hardening ratio to the elastic stiffness for the moment-rotation relationship after

yielding. Note that in this approximation, the moment-curvature relationship will have the

same shape as the moment-rotation relationship for a prismatic member with constant

moment as shown in Fig. 5.3a. It follows that rotation and curvature are directly propor

tional in this case. However, for other cases such as shown in Fig. 5.3b, the curvature and

rotation are no longer directly proportional for members with nonuniform moment or

strength.
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Elements of various cross-section can be modeled by specifying the' appropriate flex-

ural stiffness coefficient. Shear deformation of the member is accounted for by specifying

an effective shear area. The finite size of the joints are modeled using member end eccen-

tricities. Second order effects, referred to P -a effects, are approximated by including a

geometric stiffness in the element stiffness formulation.

5.6.2 Degree of Freedom

The two-dimensional beam-column element has three local degrees of freedom,

namely axial extension, and rotations at each end of the element as shown in Fig. 5.4a.

Each end of the element is connected to the structure and has three degrees of freedom in

the global coordinates as shown in Fig. 5.4b. The transformation of global displacement

increments dL to the local deformation increments dJ!.. is accomplished by:

dJ!.. =(1 dL

or

drl
x _L 0

x L 0 dr2

rll L L L L
dr3_L- x L- x

dV2 = - 1 -- 0
L2 L2 L2 L2 dr4

dV3
_L- x L- x drs- 0 1

L2 L2 L2 L2
dr6

(5-20a)

(5-20b)

where L is the length of the element, x and yare its component in the x and y axis. L,

x and yare assumed to remain constant.

As mentioned previously, the complete beam-column element is modeled as two com-

ponents in parallel. A plastic hinge is introduced at the end of the elasto-plastic com-

ponent when the corresponding end moment reaches its yield moment. The flexural plastic

deformation is defined as the plastic rotations of the hinge. For any flexural rotation
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increment at the element end, the plastic rotation increment will be zero if yielding has not

occurred. However, the plastic rotation increments will be the same as the total flexural

rotation increments once a hinge is formed at the corresponding node. That is, for given

flexural rotation increments dV2 and dV3 at the ends of the element, the plastic hinge rota-

tion increments dVp 2 and dVp 3 can be computed as fullows:

{
dVP2} = [A B1{dV

2}
dVp 3 C D dV3

in which A, B, C and D are defined in Table 5.1.

5.6.3 Yield Surface for Axial and Flexural Interaction

(5-21)

The yield surface for the beam-column element considering the interaction of moment

and axial force is shown in Fig. 5.5a. In this approach, for any combination of axial force

and bending moment within the yield surface, the member is assumed to be elastic. If the

force-moment combination at an end of the element lies on or outside the surface, yielding

has occurred and a plastic hinge is introduced at the corresponding nodal point. Force-

moment combinations falling outside the yield surface are not permitted and are corrected

by applying corrective moments in the next time step or iteration as shown in Fig. 5.5b. It

is assumed that the axial stiffness remained unchanged after flexural yielding occurs.

Therefore, this approach is only an approximation of the actual axial-flexural interaction.

However, this procedure is believed to be reasonable for practical applications. For a beam

type member where axial force is negligible, the yield surface can be specified as shown in

Fig. 5.6.

For the beam and column of steel MRFs studied in this analytical investigation, max-

imum yield moments in both directions were assumed to be the plastic moment capacity of

the section. The maximum column yield strength in both axial tension and compression

was assumed to be the product of the steel yield strength and the cross-sectional area. The

column moment yield strength was assumed to remain constant until a column axial force
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of O.15Py ' tension or compression, is reached. The buckling of any form in the column

was not considered in the beam-column element.

5.6.4 Flexural Stiffness

The complete element stiffness matrix is decomposed into two parts, namely an elastic

component and an elasto-plastic component. That is:

EA
0 0 EA- -

L L

~ = p 0 EI k.. Elk .. + (1 - p) 0L II L IJ

0
EI EI
Lkij Lkjj 0

or

where

~ = stiffness matrix of beam-column element,

EI = elastic flexural rigidity,

EA = elastic axial rigidity,

L = length of the beam-column element,

0 0

El.-kf!P EI kf!P
L II L IJ

El.-kf!p EI k'fP
L IJ L JJ

(5-22)

(5-23)

kii , kij' kjj = elastic flexural stiffness coefficient,

k{{, kif, kj! = elasto-plastic flexural stiffness coefficient,

p = ratio of strain hardening modulus to elastic modulus,

k e1 = stiffness matrix of elastic component

kep = stiffness matrix of elasto-plastic component.

For a prismatic member, the elastic flexural stiffness coefficients kii , kij and kjj are 4, 2

and 4 respectively. However, the stiffness coefficients of kep vary, depend on the yielding

state of the member. They are computed as follows:
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(5-24a)

(5-24b)

(5-24c)

in which A, B, C and D are defined in Table 5.1. When no plastic hinge exists, A, B,

C and D are zero as defined in Table 5.1, and the elasto-plastic stiffness coefficients in

Eq. 5-24 become identical to the elastic stiffness coefficients.

Rigid end offsets are accounted for by applying end eccentricities in computing the

length L for the member. In the analyses of MRFs presented in this report, the finite size

of beam-column joints was modeled by specifying actual end eccentricities for each beam

and column. The joint deformations were accounted for by using additional joint ele-

ments. An effective shear area is used to further modify the elastic flexural stiffness coeffi-

cients in order to account for elastic shear deformation of the member.

The stiffness matrix 14 of the element in the global coordinates can be obtained

using displacement transformation matrix q as defined in Eq. 5-20. This transformation is

well known as:

(5-25)

5.6.5 Geometric Stiffness

In general, geometric stiffness can be obtained using two different levels of approxi-

mation. In a consistent approach, both translational and rotational degrees of freedom are

accounted for. On the other hand, in the linear approach, only translational degrees of

freedom are considered.
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(A) Consistent Geometric Stiffness

In this approach, the finite element concept is employed to achieve a higher-order

approximation of the geometric stiffness. Consider a beam as shown in Fig. 5.7. If only

transverse plane displacements are considered, it has vertical and rotational degrees of free-

dom at each end. Two deflected shape functions resulting from applying a unit displace

ment of each type at the left end of the member while constraining the other three degrees

of freedom are shown in Fig. 5.7. The shape functions could be any shape that satisfy

nodal and internal continuity requirements. In general, cubic hermitian polynomials are

assumed for these shape functions. They can be expressed as:

'1'1(x) : 1 - 3 (~r+ 2 (~r
'I'2(x) : 3 (~r-2 [~r
'I'3(x) : X ( 1 - ~r

x2 (x ]'l'ix) = L L - 1

(5-26a)

(5-26b)

(5-26c)

(5-26d)

The complete deflected shape of this element is a combination of these shape func-

tions. That is:

(5-27)

The stiffness matrix associated with the nodal displacement as shown in Fig. 5.7 can be

obtained by using the principle of virtual work. The expression for the stiffness coefficient

kij is as follows [33]:

L

kij = IE! (x)'I';' (x)'I'j' (x)dx
o

(5-28)
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These stiffness coefficients are the exact values for an elastic prismatic beam without

shear deformation because the shape functions expressed in Eq. 5-26 are the true shapes

for this case. Similarly, a geometric stiffness matrix can be established using appropriate

shape functions. In particular, for the results to be properly called consistent, the shape

functions selected must be the same as those used to define the element stiffness coeffi-

dents. The geometric stiffness coefficients in terms of shape functions can be expressed as

follows [33]:

L

kGij = IN (x )'1'; (x)'I' j(x )dx
o

(5-29)

where N (x) is the axial load in the member. If the hermitian polynomials are used for a

member with constant axial force N, the consistent geometric stiffness matrix associated

with the nodal displacement shown in Fig. 5.7 is:

36 -36 3L 3L
N -36 36 -3L -3L

kv = --
4L 2 -L 2 (5-30)

30L 3L -3L
3L -3L -L 2 4L 2

Note that this geometric stiffness matrix is not strictly exact for the element in which

shear deformation is considered. Moreover, the cubic hermitian shape functions are no

longer the true shapes for the element once the yielding of the element takes place.

Another simplified approach is possible.

(D) Linear Approximation

In this approach, only translational displacements are considered for establishing

geometric stiffness matrix coefficients. Consider a beam as shown in Fig. 5.8. The

deflected shapes resulting from applying a unit translation at one end while constraining

the translation of the other end are linear. Therefore, the shape functions associated with

the translational degrees of freedom as shown in Fig. 5.8 are as follows:



x
= 1 -

L
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(5-31a)

x
'l'2(x) = 

L
(5-31b)

Using these shape functions in Eq. 5-29, the geometric stiffness matrix associated with

the translational degrees of freedom as shown in Fig. 5.8, for a beam-column element of

length L with constant axial force N is as follows:

N [ 1-1]ka = L -1 1 (5-32)

In principle, the consistent approach should lead to greater accuracy in the results for

linear system. However, the improvement is often slight. As noted previously, once yield-

ing occurs the assumption of cubic shape functions is no longer valid. Therefore, in

ANSR-l, linear shape functions are adopted in order to establish the geometric stiffness

coefficients effectively. As beam-column elements yield, the accuracy of the linear approx-

imation for P -.6. correction becomes more pronounced.

As shown previously, transformation of the element stiffness matrix from local to glo-

bal degrees of freedom is as follows:

(5-33)

where

(5-34)

KG is the geometric stiffness matrix in global coordinates associated with four translational

degrees of freedom as shown in Fig. 5.4. L is the length of the element, x and yare its

component in x and y axis as shown in Fig. 5.4. In ANSR-l, end eccentricities of the ele-

ment for derivation of geometric stiffness coefficients are not considered.
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Note that the geometric stiffness as defined in Eq. 5-32 requires the member axial

force to be supplied. Therefore, the geometric stiffness can be included only after the

application of gravity load. Since the lateral load increases the axial forces in some

columns, while reducing it by the same amount in others, the total column axial forces for

the entire story being considered remains unchanged after the application of gravity load.

In the subsequent application of lateral load, if no yielding of member occurs within the

load step, the solution will converge in one iteration. When member yielding occurs

within the load step, an iterative procedure is required in order to reduce the unbalanced

loads to a specified tolerance. In either case, the unbalance loads are evaluated at the

deformed configuration where P -11 corrections are considered by formulating equivalent

nodal forces based on the updated axial forces and the relative end displacements.

5.6.6 State Determination for Beam-Column Element

5.6.6.1 General

As summarized in Section 5.3.3, a state determination is required for each element in

order to compute the element internal resisting forces in equilibrium with the updated con

figuration. Subsequently, the global unbalanced load can be computed. An additional

iteration may be required if the unbalanced load does not satisfy the convergence criterion.

5.6.6.2 Procedure

Having obtained the global displacement increment dL, the state determination pro

cedure is as follows:

(1) Calculate the deformation increments dr.. of the element based on Eq. 5-20.

(2) Calculate the linear action increments for the element as follows:

(a) Elastic Component:

as. el = !i.el ·ar.. (5-35a)
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(b) Elasto-Plastic Component:

(5-35b)

where

dS. ef = linear action increment for the elastic component,

dS.ep = linear action increment for the elasto-plastic component,

k.ef , k. ep = element stiffness matrices as defined in Eq. 5-23 based on current state.

(3) Calculate plastic rotation increments using Eq. 5-21.

(4) Check for the event of yielding and compute the corresponding event factors for both

ends of the elasto-plastic component. The event factor FACT is calculated as a pro-

portion of the deformation increment obtained in Step 1. Possible events at each end

of the elasto-plastic component are:

(a) The proportion of the deformation increment to cause the end moment to reach

the yield moment is greater than one. Set FACT equal to one. The end of the

component remains elastic.

(b) The proportion of the deformation increment to cause the end moment to reach

the yield moment is less than one. A hinge is formed at the end of the com-

ponent, and FACT is set equal to the calculated proportion.

(c) Set FACF equal to zero if unloading occurs. Unloading from the yield surface

can be detected when the plastic rotation increment and the end moment of the

elasto-plastic component are opposite in sign.

(5) Update moments and hinge rotations at both ends of the elasto-plastic component:

~ = ~ + FACT·dfjp p p

(6) Calculate the complement of the event factor as follows:

FACAC = 1 - FACT

(5-36a)

(5-36b)

(5-37)
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(7) Calculate the remaining deformation increment:

dY.. = FACAC ·dY.. (5-38)

(8) If the deformation increment obtained in Step 1 has not been exhausted, go to Step

2b.

(9) Calculate the yield moment for the next step based on the current element action and

check for overshoot of the yield surface.

(10) Combine actions of both the elastic and elasto-plastic components:

s..el = S. el + ds.. el

s..ep = s..ep + ds.. ep

S. = s.ep + s.el

(5-39a)

(5-39b)

(5-39c)

(11) Transform the element actions s.. to global coordinates and compute the equivalent

nodal loads including P -A corrections.

5.7 Beam-Column Panel Zone Element

5.7.1 General

In linear structural analysis, the finite size of the member joints is generally recog

nized and the stiffness of the member is formulated based on the clear span of the

member. In order to further account for the joint deformations in the structure without

using additional elements, a reduced rigid end offset as a fraction of the actual joint size at

both ends of the beams and columns can be specified [43]. In a steel frame, the joint may

be reinforced with or without doubler plates or continuity plates. Using this approximate

approach, it is difficult to specify the appropriate fraction of actual joint sizes for the

member end offsets to account for the flexibilities of these joints. Moreover, in nonlinear

analysis, the beam-column joint can yield in shear due to the large moment transferred

through the joint. The hinge formation pattern of the structure will be incorrect without
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considering the relative flexibilities of joints with respect to other elements. Therefore, a

separate element that realistically characterizes the behavior of the beam-column joint is

needed. For this purpose, a panel zone joint element for modeling steel beam-column

joints for nonlinear analyses of MRFs using ANSR-1 was developed and is described in the

following sections.

5.7.2 Force-Deformation Relationships for Steel Beam-CoJumn PaneJ Zone Joint

For a steel beam-column joint subject to loads as shown in Fig. 5.9, with beams of

equal depth on both sides of the joint, the average shear stress in the column web due to

the beam moment can be calculated as follows:

v
(d - tf)te e w

where

and

(5-40)

(5-41a)

(5-41b)

where Lh is approximately the story height, and tw includes the thickness of doubler

plates. The other terms are as shown in Fig. 5.9. Combining Eq. 5-40 and 5-41, the aver-

age shear strain, 'Yav ' in the panel zone before reaching the yield strain 'Yy is:

'Yav < 'Yy (5-42a)

"fa" =
~b(l - a)

G (de - te)twdb
(5-42b)

The relationship between the average shear deformation and the external beam moments is

then:
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G (de - te)twdb

(1 - ex)
(5-43)

where G is the elastic shear modulus of steel and ke can be viewed as the elastic rotational

stiffness associated with shear deformation of the panel zone.

Using the von Mises yield criterion, the yield shear stress Ty can be obtained as fol-

lows [44]:

(5-44a)

and

(5-44b)

in which P and Py are the axial load and axial yield strength of the column, respectively,

and fJy is the tensile yield strength of steel. The yield moment "LMy that causes shear

yielding of the panel zone can be obtained by combining Eqs. 5-43 and Eq. 5-44a. That

is:

"LMy

fJytw (de - tDdb
[ [1 - (:, )2] tI

= v;= (1 - ex)

or

"LMy

fJytwdedb
= Y;"~

where

(5-45)

(5-46a)

(5-46b)
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Evidently, the magnitude of ~ depends on the ratio of column flange thickness to

column depth, the ratio of beam depth to story height, and the column axial stress ratio.

In order to simplify Eq. 5-46, ~ is examined below.

For a 12.5 feet long W14X 193 column with W27 beams, and assuming the column

axial stress ratio is 0.3:

~=

1 - 1.44 1

15.68 (1 - 032)2 = 0.91 095 1 05
27 12 . 0.82' = .

1 - /
12.5

In general, the value of ~ is less sensitive to the column axial stress ratio and more

sensitive to the overall geometric parameters of the panel zone with respect to the frame.

For practical applications, the effect of ~ can be neglected and simplified equations can be

obtained as shown below:

'Yav :S 'Yy

where

(5-47a)

(5-47b)

(5-47d)

Krawinkler et al. [9,10] developed the relationship for panel zone behavior after

yield.

In the post-elastic range, the rotational tangent stiffness associated with shear deformation

of the panel zone is:

(5-48a)

kt =
24EI[

(1-a)5tc
(5-48b)
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where It is the moment of inertia of one column flange.

In the strain-hardening range, the rotational stiffness for the panel zone is simply:

Esh
ks=ke 

E

(5-49a)

(5-49b)

where Esh is the tangent modulus of the steel at the onset of stain-hardening. In all cases,

tw includes the thickness of the doubler plates if they are effectively attached to the column

web. In order to simplify the stiffness formulation, it was assumed that the steel grade of

the doubler plate is identical with the steel grade of the column.

5.7.3 Planar Nonlinear Joint Element

As noted previously, the elastic "LM -'Yav relationship of the panel zone joint is com-

pletely characterized by the applied moment, and the dimensions of the joint and the beam

that connected to the joint. Experimental evidence [9,10] had shown that the elastic stiff-

ness associated with panel zone shear deformation can be accurately predicted using Eq.

5-43. If axial and flexural deformations of the panel zone are not considered, a two degree

of freedom joint element can be introduced at the beam-column intersection to model the

LM -'Yav relationship.

As depicted in Fig. 5.10a, the joint element is placed between two nodes and is influ-

enced by the relative rotational displacement between the nodes only. The moment

transmitted by the element is the unbalanced moment transferred from beams to columns.

The deformation of the element represents the angle changes between the connected beams

and columns or the shear deformation of the panel zone joint for the steel beam-column

connection. In this approach, translational displacements of the nodes at both end of the

element are constrained to be identical. Therefore, these nodes also have identical coordi-

nates in order to satisfy equilibrium.
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For the joint element to be compatible with the beam-column element previously

described, a two component model similar to the beam-column model is used for the joint

element. A bilinear relationship for '.£M -'Yav as shown in Fig. 5.lOb is used. The model

basically consists of an elastic and an elasto-plastic component in parallel. A shear hinge is

introduced in the elasto-plastic component once the corresponding yield moment is

reached. Kinematic hardening of the joint is modeled by specifying the appropriate strain

hardening ratio for the '.£M -Yav relationship. This joint element can be used to model

other connections which possess semi-rigid characteristics under applied moment.

5.7.4 Degrees of Freedom

The planar joint element has two global degrees of freedom, namely the rotation at

each end of the element. The only deformation of the element is measured as the relative

rotation between the two ends. The transformation of the nodal displacement increment

dr. to the local deformation increment d0 of the element is:

d0 = a dr.

or

(5-50a)

(5-50b)

where d0 is the rotation increment of the joint element and dB I , dB2 are the rotation

increments of the connected nodes. The inelastic rotation increment of the joint element

d 0 p is the relative rotation increment between the nodes beyond yield of the elasto-plastic

component. That is:

d0p = A d0 (5-51)

where A equals one when the moment in the elasto-plastic component reaches the

corresponding yield moment, otherwise A is set to zero.



- 73 -

5.7.5 Element Stiffness

As noted previously, the 'LM --Yav relationship for the panel zone is less sensitive to

the column axial stress ratio. Alternatively, the axial force and the shear force in the

column may be included in deriving the element stiffness and yield moment as shown in

Eq. 5-43 and Eq. 5-45. However, as demonstrated earlier, the effects of the column axial

stress, shear forces and flange thickness to depth ratio tend to cancel each other. Subse-

quently, the axial-shear force interaction is not considered in the formulation of the yield

moment for the joint element. The element elastic stiffness is based on Eq.5-47b. The

strain hardening effect is obtained by specifying an appropriate stiffness after yield. Simi-

lar to the beam-column element, the complete element stiffness is decomposed into elastic

and elasto-plastic components in parallel. That is:

(5-52a)

or

(5-52b)

and

(5-52c)

(5-52d)

where

k = rotational stiffness for joint element,

M; = yield moment of joint element,

(Jy = yield stress of column and doubler plate,

G = elastic shear modulus,

p = ratio of strain-hardening modulus to elastic modulus,
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de = depth of column,

db = depth of beam,

ao = ratio of total panel zone thickness to column web thickness,

t; = thickness of column web.

Specification of ao allows the element stiffness to be easily generated for the same

column with different doubler plate thicknesses. The global stiffness matrix K of the joint

element associated with the nodal rotations can be obtained using the standard transforma

tion.

(5-53)

in which a is defined in Eq. 5-50.

5.7.6 State Determination for Joint Element

5.7.6.1 General

A state determination procedure is required in each iteration for each element in

order to compute the element internal resisting forces in equilibrium with the updated con

figuration. The global unbalanced load can then be computed. An additional iteration

may be required if the unbalanced load vector does not satisfy the convergence criterion.

5.7.6.2 Procedure

Having obtained the global displacement increment dr.., the state determination pro

cedure is as follows:

(1) Calculate the deformation increment d0 of the element based on Eq. 5-50:

d0 = a dr..

(2) Calculate the linear moment increments for both components as follows:



(a) Elastic Component:

dM el = k el 'd0

(b) Elasto-Plastic Component:

dMep = kep ·d0

- 75 -

(5-54a)

(5-54b)

where

dMel = linear moment increment for the elastic component.

dMep = linear moment increment for the elasto-plastic component.

kef = elastic stiffness as defined in Eq. 5-52.

kep = e1asto-plastic stiffness as defined in Eq. 5-52.

(3) Check for the event of yielding and compute the corresponding event factor for the

elasto-plastic component. The event factor FACT is calculated as a proportion of the

deformation increment obtained in Step 1. Possible events in the elasto-plastic com

ponent are:

(a) The proportion of the deformation increment to cause the moment to reach

yield is greater than one. Set FACT equal to one. The elasto-plastic com

ponent remains elastic.

(b) The proportion of the deformation increment to cause the moment to reach

yield is less than one. A hinge is formed in the elasto-plastic component, and

FACT is set equal to the calculated proportion.

(c) Set FACT equal to zero if unloading occurs. Unloading can be detected when

the plastic rotation increment and the moment of the elasto-plastic component

are opposite in sign.

(4) Calculate plastic rotation increments d 0 p using Eq. 5-51.

(5) Update the moment and the hinge rotation in the elasto-plastic component:

Mep = Mep + FACT ·dMep

0 p = 0 p + FACT 'd0p

(5-55a)

(5-55b)
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(6) Calculate the complement of the event factor as follows:

FACAC = 1 - FACT (5-56)

(7) Calculate the remaining deformation increment:

d0 = FACAC ·d0 (5-57)

(5-58a)

(5-58b)

(5-58c)

Mep = Mep + dMep

M Total = Mel + Mep

(8) If the deformation increment obtained in Step 1 has not been exhausted, go to Step

2b.

(9) Combine both elastic and elasto-plastic components of moment:

Mel = Mel + dM el

(10) Transform the element actions to global coordinates and compute the equivalent

nodal loads B.. That is:

B. = Q.. MTotal (5-59)

5.8 Performance of Joint Element

5.8.1 General

In order to evaluate the joint element, a simple model was analyzed and compared

with results obtained from an experimental research program conducted previously at

Berkeley [51]. For this purpose, Specimen No.2, as shown in Figs. 5.11 and 5.12, was

selected among a total of eight specimens in that experimental investigation. This speci

men deformed well into the inelastic range and demonstrated stable hysteretic characteris

tics under cyclic loading. The performance of the joint element was evaluated by studying

the hysteretic loops obtained from ANSR-l analyses compared to experimental results.
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5.8.2 Analytical Model

The mechanical properties of the joint model for Specimen 2 were computed based on

the geometric properties as shown in Figs. 5.11 and 5.12 using Eqs. 5-47 to 5-49. Note

that the tensile yield strength of the column web was found to be 48.2 ksi from the tensile

coupon test. Assuming E = 29,000 ksi and G = 11,200 ksi:

'Yy = 0.0025 radian

for 'Yav :::;; 'Yy :

ke = 2040 X 103 k -in /radian

My = 5070 k -in

for 'Yy < 'Yav < 4'Yy :

kt = 37.4 X 103 k -in /radian

and for 'Yav > 4'Yy :

ks = 0.015Xke

The trilinear force-deformation relationships computed above were modeled by using two

joint elements connected in parallel. The joint model was further connected in parallel to

an elastic torsional spring with very high stiffness. The cyclic moments were determined by

multiplying the stiffness of the spring by the cyclic peak panel zone deformations recorded

during the test. In this process, the deformation of the ANSR-1 model could be controlled

with applied cyclic moment.

5.8.3 Comparison of Analytical Model and Experimental Result

In Fig. 5.13, the applied moment versus panel zone deformation relationships are

plotted for the ANSR-1 model and for the the experimental results obtained for the speci

men [51]. From this figure, it is concluded that the analytical model performed satisfac

torily, especially in modeling the elastic stiffness of the panel zone. Moreover, the
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analytical model closely resembles the effects of kinematic hardening when the panel zone

deformed well into the inelastic range. Also from the overall agreement of the hysteretic

loops, it is evident that the isotropic hardening of the panel zone was insignificant, since

the analytical model simulated kinematic hardening only. It is worth noting that the

column was axially loaded to 21 ksi during the experimental test while the analytical model

excluded the effects of axial force as described in Section 5.7.
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6. Nonlinear Finite Element Analyses of a Beam-Column Joint

6.1 Introduction

As shown in Eq. 5-40, the shear stress in the steel beam-column panel zone joint is

assumed to be uniformly distributed in the derivation of the force-deformation relationship

for the joint element. An analytical elastic solution using an Airy stress function showed

that the distribution is a parabolic variation from a constant stress at the edge of the joint

[30]. Shear stress distributions in beam-column joints have also been studied experimen

tally where it was shown that the shear stress is higher at center of the joint than at the

corner [9]. In order to gain additional analytical data on the effect of column axial force

on panel zone behavior and on the shear stress distribution within the joint, nonlinear fin

ite element analyses were performed for a beam-column subassemblage.

Note that the proposed force-deformation relationship for the joint element as shown

in Eq. 5-47 excludes the effects of the axial-shear interaction as well as the column shear

transferred from outside the panel zone.

6.2 Steel Beam-Column Subassemblage

A subassemblage as shown in Fig. 6.1a was considered in order to study the behavior

of beam-column joint using the finite element method. The subassemblage, consisting of

W30 X 99 beams and a W30 X 173 column with 3/8-inch thick doubler plate, is part of a

six-story steel MRF design which will be analyzed in chapter 7 with greater detail. The

beam-column joint in the subassemblage was designed to yield prior to the development of

any plastic hinge in the beam or column. The finite element models of the subassemblage

were analyzed using two-dimensional plane stress elastoplastic elements [57], implemented

on the general purpose finite element analysis program FEAP [31]. The plane stress elasto

plastic element is based on the von Mises yield condition with nonlinear isotropic and
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linear kinematic hardening. Although a plane stress model is not strictly correct for the

three dimensional beam-column assemblage, this particular element is believed to be suit

able for analyzing panel zone behavior. The flanges and webs of the members can be

modeled by varying the element thickness.

6.3 Finite Element Model

The finite element mesh for the beam-column subassemblage is shown in Fig. 6-1b.

For convenience, the mesh was based on the location of the flanges of the beams and

column or the edges of the continuity plates and doubler plate. The thickness of the con

tinuity plate was assumed to be the same as the beam flange. The mesh was somewhat

coarse, however, it is believed to be adequate for the purpose of this investigation.

The continuity plates were assumed to be flush with the edges of the column flange.

The complete beam-column subassemblage was modeled using the elements described pre

viously with varying thickness for flanges and webs. Their thicknesses were assumed to be

the full dimensions in the direction perpendicular to the plane of the model. The overall

thickness of the element for the panel zone, or where doubler plate extension occurred, was

specified to be the total thickness of column web and the doubler plate. With this mesh,

the optional six-inch extensions of the doubler plate beyond the continuity plate were

modeled conveniently. A total of 1027 nodes, 700 elements and 5 different element

thicknesses were used to define the model.

The top and bottom ends of the column were supported by pins or rollers at the end

nodal points. Material properities needed for the element [31,57] were taken as follows:

Young's modulus == 29,000 ksi

Poisson ratio == 0.3

Initial tensile yield stress == 36 ksi

Tensile yield stress at infinite effective plastic strain == 45 ksi

Exponential coefficient in saturation hardening == 0
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Linear isotropic hardening coefficient = 10

Linear kinematic hardening coefficient = 500

6.4 Program of Investigation

The finite element model of the subassemblage with the doubler plate extended six-

inches beyond the continuity plates was subject to monotonically applied cantilever loads,

equal and opposite in sign at each end of the cantilever beams. The response of the model

was studied in detail when the beam moments reached certain values; namely O.66My ,

1.33X 0.66My ' My and Mp ' where My and Mp are the yield moment and plastic moment

of W30 X99 beam. For each case, the shear stress contours in the panel zone joint were

plotted in order to ascertain the shear stress distribution. Similarly, another analysis was

performed for the model assuming the doubler plate terminated at the continuity plates.

Again, shear stress contours were plotted at the load points as noted previously. Plots of

contours were conveniently obtained by using the graphic capabilities of the FEAP pro-

gram.

In order to study the effects of column axial force on the overall behavior of the

beam-column joint, two additional analyses, with and without axial force, were performed

for finite element model having the six-inch extended doubler plate. The effect of axial

force was considered by loading the column to a stress level of O.4Fy prior to the applica

tion of monotonically increasing cantilever loads. Finally, two more analyses, including

and excluding column axial load, were performed for the same finite element model, in

which the cantilever beam loads were applied cyclically. In each analysis, the nodal dis-

placements at the four corners of the panel zone along with the applied cantilever load

were reported at certain load intervals. The panel zone shear deformation is estimated

geometrically as follows:

(6-1)
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where D is the diagonal dimension across the panel zone joint, ~1 and ~2 are the com-

puted relative displacements of each two corners diagonally across the panel zone, de and

db are the width and height of the panel zone. The effects of column axial load on the

panel zone behavior were studied by examining the moment-shear deformation relation-

ships of the joints obtained from these analyses.

6.S Results

6.S.1 Distribution of Shear Stress

For the subassemblage, the average shear stress based on the assumption of uniformly

distributed shear in the beam-column joint is as follows:

V=

and

(6-2)

(6-3)

where V and Tav are the total shear force and average shear stress in the panel zone, Mb

is the cantilever beam moment at the column face, db and Lh are the beam depth and the

column height. The average panel zone shear stresses computed in this manner were 10.7,

14.2, 16.0 and 18.7 ksi at the instants where beam moments reached 0.66My ,

1.33XO.66My , My and Mp respectively. They were compared with the stress contours

obtained from finite element analyses.

In general, the stress contours in the panel zone joint were almost identical whether or

not the doubler plate was extended beyond the continuity plate. Therefore, only the con-

tours for the model with the extended doubler plate are presented. These are shown in

Figs. 6-2 to 6-5 for load points listed previously. In each of these figures, the shear stress

computed according to Eqs. 6-2 and 6-3 is also shown on the bottom-right corner. Note
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that in deriving these equations it was assumed that beam moments are transferred through

the beam flanges only. In the finite element model the beam moments are transferred to

beam-column joint through both beam flanges and web. In general, the average shear

stress obtained by Eq. 6-3 is about 20% lower than the stress shown in contour near the

center of the joint while it is about 20% higher than the stresses shown at the edges of the

joint. Note that the effects of residual stress resulting from fabrication of the assemblage

have not been taken into consideration in the finite element model. The assumption of

uniformly distributed shear has been shown to be acceptable in estimating the strength of

steel beam-column joints from numerous experimental investigations [9,14,49,51]. How

ever, attaching the center of the doubler plate to the column web by using plug welds

appears to be a sound practice. Better participation of the doubler plate in resisting the

panel zone shear was achieved [51].

6.5.2 Force-Deformation Relationships and Effects of Column Axial Force

The beam moment-shear deformation relationships for the finite element models,

with or without column axial force, are plotted in Fig. 6.6 for monotonically increased can

tilever load. The elastic stiffness, k;, and the yield moment, M;, for the proposed

ANSR-l joint element as defined in Eqs. 5-52c and 5-52d were computed for the

subassemblage and shown on the figure. The computed elastic stiffness was

k; = 107x 105 k-in/radian while the initial stiffness obtained from the finite element

model was 121 X 105 k-in/radian. Moreover, by comparing M; with the onset of yielding

of the finite element model, as shown in Fig. 6-6, it is evident that the finite element

model correlates well with the simplified model described in Section 5.7. It is believed that

the initial stiffness of the finite element model would be reduced if a more refined mesh

had been used. Note also that the full column flange width was considered in the thick

ness of the two dimensional plane stress element. This may have also contributed addi

tional stiffness to the finite element model.
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The column axial force has no effect on the initial stiffness of the joint as evidenced

by the force-deformation relationships. However, the column axial force reduces the yield

moment of the panel zone and increases the joint plastic deformation, although the differ

ences were not significant for the applied axial load and deformations. As noted previ

ously, the theoretical shear yield stress considering shear-axial interaction using the von

Mises criterion can be determined based on Eq. 5-44. In this case, the reduction factor

due to the the effect of column axial force is:

However, the effect of axial force was found to be smaller than theoretically obtained as

shown in Fig. 6-6. This phenomena may be due to the higher shear stress at the center of

the joint and the subsequent strain hardening after yielding in this region. The effects of

column axial force on the force-deformation relationships of the finite element model

under cyclic loading are depicted in Fig. 6.7. Again, the effects were not very significant

for the level of axial load and deformation considered. Based on these limited analyses, it

appears that the effect of column axial force may be negligible for columns moderately

loaded with axial force particularly in light of other uncertainties associated with the

analysis of the structure.

6.6 Large Distortion of Beam-Column Joint

As inelastic deformation of the beam-column panel zone is increased, local kinks can

develop in the column flanges near the beam flanges due to high curvature outside the

panel zone [9,51]. In experiments, the beam flange welds often fractured in the experimen

tal tests [9,51], apparently due to the simultaneous effects of tension in beam flange

together with concentrations of high curvature near the edge of the distorted panel zone

(Fig. 6.8). In situations where beam-to-column moment connections were made by web
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bolting and flange welding, the beam flange welds became even more vulnerable to these

local kinks once bolt slippage occurred.

The finite element models for the subassemblage, both with and without extensions of

doubler plate, were loaded up to a panel zone deformation of 0.03 radian with beam

moments reaching 1.5 Mp on both side of the joint. The deformed meshes were almost

identical for both models within the panel zone as well as in the regions outside the joint.

Attempts to identify these local kinks from the deformed finite element meshes were not

successful. A much more refined mesh may be required for this purpose.

For the model without the extended doubler plate, Fig. 6.9 shows the as-computed

deformed mesh with no amplification of the computed displacements, when the panel zone

deformation reached 0.03 radian. An exaggerated deformed mesh is plotted in Fig. 6.10

with a displacement amplification factor of 4. Note that the beam web was modeled as

fully connected to the column flange. Therefore, the possible separation of the beam web

from the column flange due to bolt slippage was not considered in the analyses. The shear

action across the entire panel zone is evident from the deformed meshes. The pronounced

shear deformation at the center of the joint is characteristized by the parallelogram shape

of the deformed element as shown in Fig. 6.10. Moreover, it is evident in Fig. 6.10 that

the top and bottom continuity plates remained essentially horizontal even during large

deformations of the panel zone joint.

6.7 Concluding Remarks

The purpose of the above finite element analyses was intended to gain some further

insight into the behavior of steel beam-column panel zone joint. In addition, the assump

tions made for the proposed joint element described in Chapter 5 was justified. From

these limited analyses, foIIowing conclusions are noted with respect to the behavior of the

beam column panel zone joint.
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(1) It was demonstrated that the assumptions of uniformly distributed shear predicted the

average shear stress developed within the panel zone joint quite satisfactorily. How

ever, the shear stress at center of the panel zone can be substantially higher than the

average shear stress. Therefore, attaching the center of the doubler plate to the

column web appears to be good practice to assure better participation of the doubler

plate in resisting the panel zone shear.

(2) The simple force-deformation relationship derived in Chapter 5 for the proposed joint

element well predicted the elastic stiffness and the onset of yielding of the finite ele

ment model for the panel zone joint analyzed. The effects of the moderate column

axial force on the the force-deformation relationship of the finite element model were

found insignificant. These suggest that the simple joint element model developed in

Chapter 5 is likely to predict the behavior of panel zone joints in steel MRF quite

satisfactorily.

(3) The top and bottom continuity plates in the joint remained essentially horizontal even

during large deformations of the panel zone joint. It appears that the flexural defor

mation within the panel zone joint can be neglected.
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7. Nonlinear Static and Dynamic Analyses of Six-Story MRFs

7.1 Introductory Remarks

In practice, the earthquake-resistant design of building structures is generally carried

out based on code requirements for design seismic force and detailing of structural ele

ments [2,3]. In this process, it can be seen that there are two basic categories of code pro

visions for earthquake-resistant design. The first category includes primarily the design

lateral forces and their distribution throughout the structure. The limits of stress and drift

under the action of these code prescribed forces are also specified. Building structures

designed according to building codes are expected to deform into the inelastic range during

severe earthquakes, thereby dissipating earthquake energy. Since inelastic action is actu

ally being counted upon, there is the requirement that this yielding or inelastic action be

distributed to as many different elements as possible that possess stable energy absorbing

characteristics. The second category, detailing provisions, addresses primarily this require

ment for ductile behavior of the earthquake resisting system.

During the past few decades, the Seismology Committee of the Structural Engineers

Association of California (SEAOC) has prepared the model seismic design code provisions

used in the United States. In response to the unacceptable structural damage experienced

in the 1971 San Fernando earthquake, the Applied Technology Council (ATC), set up in

early 1970s, began a systematic review of the entire approach to seismic-resistant design.

In 1978, the document known as ATC 3-06, titled "Tentative Provisions for the Development

of Seismic Regulations for Buildings" [3] was published. In developing ATC 3-06, SEAOC

provisions were used as a source, and many new innovative and improved provisions were

added. Soon after that, the Building Seismic Safety Council (BSSC), established in 1979,

began extensive reviews and modifications to ATC 3-06. In 1985, the result of these BSSC

modifications was released known as the NEHRP Recommended Provisions for the
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Development of Seismic Regulations for New Buildings [45]. In the meantime, using the

1980 edition of SEAOC's Blue Book together with ATC 3-06 for source documents,

SEAOC also began a total reevaluation of their provisions. In January 1987, the new

SEAOC seismic provisions, after minor revisions were taken up by the ICBO seismology

committee and subsequently approved in September 1987 for inclusion in the 1988 Uni

form Building Code [59].

In the new UBC seismic provisions, the design lateral force equation has a format

patterned after ATC 3-06 [2] and NEHRP [45]. However, the design lateral forces are still

at a working stress level rather than at a yield level. Moreover, for most structural systems,

the level of base shear remains essentially unchanged from the 1985 UBC. Other impor

tant changes incorporated into the 1988 UBC include requirements for irregular structures,

requirements for dynamic lateral force procedures and requirements for consideration of

p -~ effects. However, the most significant change is the addition of comprehensive

requirements for the detailing of steel structures. These include a special section on the

seismic design of steel columns. These new provisions, apply to steel columns in all struc

tural systems, and require steel columns and their splices to provide axial strength to resist

a largely magnified seismic force. Other important new provisions for special moment

resisting space frames (SMRSF) include requirements covering panel zone doubler plates

and the possibility for weak column-strong girder designs. Within certain constraints, these

new code provisions allow hinging to occur in beams, columns and panel zone joints.

In order to gain some insight into the nonlinear behavior of MRFs designed accord

ing to these new provisions, an analytical investigation was carried out and is described

herein. Nonlinear dynamic analyses were performed using ANSR-1 [40] for various MRF

designs of a 6-story office building. Preliminary designs of the MRF were based upon the

equivalent lateral force procedure recommended in the new provisions. Joint panel zone

elements, as described in Chapter 5, were incorporated into the ANSR-1 program in order

to realistically model the joint flexibilities. These designs were analyzed for responses to
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different earthquake excitations. The effects of strain hardening, damping ratio, and

geometric stiffness, as discussed in Chapter 5, were included in the study. The study of

each MRF design involved examining the story shears and floor displacement of the frame,

the plastic deformation of critical elements as well as the story drift index obtained from

the analyses.

7.2 Design Procedures

For the purpose of this analytical study, the structure selected was a 6-story, three-bay

by four-bay rectangular office building to be built in Berkeley, California. As shown in

Figs. 7.1 and 7.2, the lateral load resisting system for the building consists of a 3

dimensional moment resisting frame on the perimeter of the building. The gravity load is

supported by interior core columns in conjunction with the perimeter frame. The compo

site floor framing is made of 2.5-inch regular weight concrete fill over 3-inch metal deck on

steel wide flange sections. Since the perimeter lateral resisting framing system provides

structural efficiency and large unobstructed interior space, it has gained wide acceptance as

a structural system for office buildings [24].

The floor-to-floor height of the building was selected as 12.5 feet for typical floors

and 18 feet for the ground floor as shown in Fig. 7.2. The weight of a building floor,

including partitions, ceiling and mechanical piping, was assumed to be 100 pounds per

square foot (psf) for typical floors and the roof. The exterior window wall system was

assumed to weight 35 psf average over the exterior surface of the building. The design live

loads were 80 psf and 20 psf for the typical floor and roof, respectively. Note that the 80

psf design live load is higher than 50 psf usually specified [1,46]. This higher design live

load is often adopted by design offices in order to accommodate various tenants' needs.

However, the live load reduction per ANSI [46] was used to design individual members.

The magnitude of the wind load and its effects on the proposed building were assumed to

be less significant than the earthquake force and were not considered in the design.
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As mentioned previously, the design seismic force was based on the new equivalent

lateral force procedure recommended by SEAOC [47]. The design base shear was deter-

mined as follows:

where

v = Design base shear,

Z = Seismic zone factor,

I = Importance factor,

Rw = Numerical coefficient related to the structural system,

W = Total seismic dead load,

C = Numerical coefficient determined as follows:

(7-1)

C=

and

1.25S

T 2I3
(7-2)

S = Site coefficient for soil characteristics,

T = Fundamental period of vibration of the structure for the direction under con-

sideration.

The fundamental period of the building can be determined using either method A or B

described as follows:

Method A:

where

Ct = 0.035 for steel moment resisting frame,

hn = Height, in feet, of building above the base.

(7-3)
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Method B:

T = Fundamental period, within certain limits, calculated in a properly substantiated

analysis.

However, the value of C in Eq. 7-2 based on the period obtained analytically from

method B shall not be less than 80% of the value obtained by using the period obtained

from method A.

The total dead load considered includes the dead load on the floor and the weight of

the facade. Live load was not considered in calculating the lateral force. For the purposes

of this analytical investigation, only one transverse frame was studied. Without consider

ing torsional effects, it was assumed that 50% of the lateral force was resisted by the frame

in line 1 as shown in Fig. 7.1. Therefore,

W = 3110 kips, (for one half of the building)

Z = 0.4,

1=1,

Rw = 12 for special moment resisting space frame,

T = 0.94 second, based on method A,

S = 1.5

C = 1.95

V = 0.065 W

The base shear force was vertically distributed as recommended in SEAOC's provi

sions. The base of the columns were assumed as fixed in order to economically satisfy the

story drift requirement. The preliminary column sizes for the frame were first selected

according to the tributary gravity load carried by each column. The beams were then

chosen such that the strong-column and weak-beam relationship was maintained. The steel

beams and columns were assumed to be A36 material. An elastic, first order analysis of

the structure was performed using the ETABS [43] computer program. The lateral forces

were applied in conjunction with the gravity load. The stress ratios for all members were
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checked based on the 1978 AISC [4] specifications (Sections 1.6.1 and 1.6.2) for the fol

lowing load· combinations:

(1) DL + LL

(2) DL + LL + EQ

(3) DL - EQ

The effective length factor for columns were based on the alignment chart procedure

recommended in the AISC commentary [4]. The allowable stresses for the beams and

columns were increased by 33% for load conditions including seismic force. Member sizes

were evaluated based on the stress ratios and story drifts obtained from the analysis. New

member sizes were selected and subsequent analyses were iterative in nature. Finally, the

column compression strength, defined as 1.7Fa A, and the tension strength, defined as

FyA , were checked for two additional load combinations:

(a) Axial Compression

1.0 X DL + 0.7 X LL + 4.5 X EQ

(b) Axial Tension

0.85 X DL + 0.7 X LL + 4.5 X EQ

. (7-4a)

(7-4b)

However, the effective length factor was taken as unity in computing the allowable stress,

Fa' for the column compressive strength as defined above. Note that the MRF in line 1

carries 50% of the lateral force in the transverse direction while carrying only about 12.5%

of the floor gravity load. Most member sizes were found to' be governed by the story drifts

of the frame under the prescribed lateral force. In these analyses using ETABS, the struc

tural stiffness was formulated based on the clear spans of beams and columns plus 50% of

the sizes of the panel zone in order to account for the joint flexibilities. The member pro

perties were based on bare steel sections. In each analysis, the fundamental period of the

frame was also examined in order to refine the design lateral force. The periods obtained

from these analyses were often found to be significantly higher than the 0.94 sec.
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calculated based on SEAOC method A. Therefore, an upper bound for the period deter-

mined based on method B was determined as follows:

Since

Therefore

TB
max = 1.40TA = 1.31 seconds

where subscripts A and B indicate the corresponding period obtained from method A and

method B, respectively. The minimum design base shear for the frame based on T = 1.31

seconds can be determined as follows:

c = 1.25 (1.5) = 1.56
(1.31)2'3

V OAx \~x1.56 W = O.052W

The allowable story drift under the specified lateral force is 0.03 divided by Rw for

structures having a fundamental period greater than 0.7 seconds. In our case, it is 0.0025.

However, the lateral force for computing story drift can be based upon a period obtained

from method B without the 80% limit.

Based on these provisions, there could be several design possibilities which would

satisfy these minimum requirements just mentioned. For the purposes of this analytical

investigation, four final MRF designs were selected as follows:

Design 1

The period of the frame was determined as the average of the values obtained from

methods A and B. A period of T = 1.1 sec. and a corresponding base shear of

0.059W or 183.5 kips was used for calculating member forces and story drifts. The

story drifts of the frame were limited to within 0.0025. The final selections of the

beams and the columns are shown in Fig. 7.3. Note that the fundamental period
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obtained from ETABS analysis was 1.53 seconds. The doubler plate thickness, as

shown in Fig. 7.3, were determined based on SEAOC provisions as follows:

The panel zone design shear force is:

V
E

= 'LM -H
O.95db

and

M = MDL + Mu + 1.85XME

(7-5a)

(7-5b)

where db is the beam depth, MDL , MIL and ME are the bending moments due to

dead, live and the prescribed seismic load, respectively. The doubler plates were sized

so that the panel zone shear force did not exceed the strength:

(7-6)

In Eq. 7-6, t includes the thickness of doubler plate and other terms are as defined in

Fig. 5.9.

Design 2

A period of T = 1.31 sec. and a corresponding base shear of O.052W or 161.7 kips

was used for calculating member forces. However, the story drifts were calculated

based on a reduced base shear corresponding to a period of 1.6 sec. The final selec-

rions of the beams and the columns are shown in Fig. 7.4. The fundamental period

for the frame was 1.81 sec. obtained from the ETABS analysis. The doubler plate

thickness as shown near the beam-column intersections were determined based on

SEAOC provisions mentioned in Design 1.

Design 3

The same beams and columns as used in Design 2 were used for Design 3. However,

the doubler plate thicknesses were increased. The doubler plate thicknesses were

determined based on the flexural strength of the beams framed into the joint, LMp '
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rather than the bending moments as defined in Eq. 7-5b. The member sizes and the

doubler plate thickness are shown in Fig. 7.5.

Design 4

The same beams and columns were used for Design 4 as for Designs 2 or 3, but the

doubler plates were resized. Doubler plate thicknesses were chosen similar to the ones

for Design 3 for the lower two stories and similar to Design 2 for the upper four

stories. This arrangement was an attempt to form relatively stronger panel zone joints

in the lower floors and to allow the joints in the upper levels to participate in non

linear activity and energy dissipation to a greater extent. The beam, the column and

the doubler plate sizes are shown in Fig. 7.6.

In all designs, doubler plate thicknesses were rounded to the nearest 1/16 inch with a

a minimum thickness of 3/8 inch whenever a doubler plate was required. As a result, the

joint strength was always greater than that required by Eq. 7-5a. As mentioned previously,

the actual flexibility of the joints was not considered in the formulation of structural stiff

ness when the ETABS analyses were performed. Instead of modeling the joints explicitly,

it was assumed in ETABS that the member lengths were the clear spans plus a certain por

tion of the panel zone dimensions. Therefore, the elastic mode shapes and the vibration

periods obtained were identical for MRF Designs 2, 3 and 4 analyzed using the ETABS

computer program based on the 50% rigid end offsets. As mentioned in Chapter 5, a non

linear joint element was implemented and incorporated in ANSR-1 [40] computer program

where the effects of joint flexibilities can be considered. The validity of the above assump

tions in the ETABS analyses can therefore be substantiated.

7.2.1 ANSR-l Models

The beam, column and joint element properties for the ANSR-l analyses of the above

MRF designs were determined using the methods described in Chapter 5. Their results are

based on the steel yield strength of 36 ksi tabulated in Tables 7.1 through 7.6. As noted in
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Eq. 5.52, the specification of ao ' the ratio of total panel zone thickness to column web

thickness, allows various joint stiffnesses to be formulated conveniently. The Modulus of

Elasticity and Poisson's Ratio for steel were assumed to be 29,000 ksi and 0.25, respec

tively. The strain hardening ratios were set at 4% for all beams, columns and joints,

unless otherwise noted. As mentioned in Chapter 5, the viscous damping for the MRF

models were assumed to be 3% of their critical dampings of the first two modes, unless

otherwise stated.

7.3 Effects of Panel Zone Joint Flexibilities

7.3.1 General

In the early development of general structural analysis procedures, structural member

stiffness was formulated based on the center line to center line distance of the members

[48]. This often led to a flexible structure where the effects of beam-column intersections

were not considered. In order to account for the finite sizes of joints, an alternative

approach was often adopted. As mentioned previously, the member stiffness can be formu

lated based on the member clear span plus a certain portion of the joints. Since the beam

column intersections are not perfectly rigid, stiffness formulation based only on the

member clear spans appeared to be unrealistic. In lieu of definitive research evidence, it

has been widely accepted in practice that 50% of the joint size can be considered rigid and

the member stiffness can be formulated accordingly in order to account for the joint flexi

bility. Since there is no additional element or extra degree of freedom involved in the stiff

ness formulation, this simplified approach is favored in practical linear structural analysis

procedures [43].

Although the 1985 UBC did not require that the panel zone shear yield be precluded,

the previous SEAOC provisions [2] recommended that panel zones be capable of develop

ing beam strength. As a result, heavy doubler plates were often needed for the beam-



- 97 -

column joints. Experimental evidence [9,10,14,49] has shown that panel zone joints pos

sess substantial reserve strength beyond first yield. An increased panel zone strength was

subsequently proposed to account for the contribution of column flanges to the panel zone

shear capacity in the inelastic range [50}. Moreover, wen detailed panel zone joints have

exhibited stable hysteretic characteristics and excellent energy dissipation capacity after first

yield.

In light of this research, the concept of permitting panel zone shear yielding was

recognized and implemented in the current SEAOC provisions. Currently, a load factor of

1.85 for the prescribed seismic force is required (Eq. 7-5b) to design the panel zone joints

based on an increased joint shear capacity as defined in Eq. 7-6. This new provision leads

to the design of panel zone joints with substantially reduced doubler plate requirements.

Consequently, the frame is more flexible and, with exceptions, the panel zone deformations

must be considered in the drift calculations for steel MRFs per SEAOC recommendations.

While permitting the panel zone to yield in shear, it is important to note that larger panel

zone deformation may create severe kinks as shown in Figure 6.6 and tend to cause crack

ing of the flange welds as cited in experimental tests [9,51].

In the nonlinear analyses of steel MRFs, it is obvious that the nonlinearity can occur

in the panel zone joints in addition to the beams or the columns. Therefore, the nonlinear

kinematics for MRF models with joint elements included can be quite different from a

MRF model without them. The nonlinear joint elements which had realistically modeled

the panel zone joints were therefore essential in assessing the post-yield behavior of steel

MRFs. In order to gain some insight into the behavior of steel MRFs using the assumed

beam column rigid end offsets as opposed to the joint elements, an analytical investigation

was conducted, as described below.
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7.3.2 Effects of Joint Elements for MRFs under Triangularly Distributed Shear

In order to examine the effects of the rigid end offsets and the flexible joint element,

MRF Design 1 as described in Section 7.2 was used as the primary model. Several static

nonlinear analyses were performed for the MRF models with or without modifications. In

each analysis triangularly distributed lateral force was applied monotonically. Gravity load

consisting of 100% of the dead load and the reduced live load as defined in Section 7.2

was applied and remained constant during the application of the lateral force. The base

shear versus roof displacement relationships for four MRF models with different configura

tions of panel zone joints were studied. The beam and the column sizes for these four

MRF models are identical and shown in Fig. 7.7.

The member stiffnesses for two of the MRF models, denoted as 50% rigid and 0%

rigid, modeled without using a joint element, were formulated based on the member clear

span plus 50% and 100% of the beam-column intersections, respectively. The MRF model

with 0% rigid joints corresponds to the formulation of the stiffness based on the member

center-line to center-line distance. The other two MRF models used joint elements. The

doubler plates for these two MRF models, denoted as 1.85E and 0.8Mp, were sized to

resist the beam moments under the load combination as defined in Eq. 7-5b and to

develop 80% of the beam flexural, strength, respectively. Their doubler plate thicknesses

along with the beam and the column sizes are shown in Fig. 7.3 and 7.8 for the MRF

models of 1.85E and 0.8Mp, respectively. As noted previously, doubler plate thicknesses

were rounded to the nearest 1/16 inch with a minimum thickness of 3/8 inch where the

need for a doubler plate was indicated. As a result, the joint strength was always greater

than the minimum required.

The base shear versus roof displacement relationships for these four MRF models are

shown in Fig. 7.9. In general, the MRF models with joint elements included exhibited

larger lateral flexibility, especially in the nonlinear range, than those without joint elements

induded. Moreover, the MRF models with joint elements included showed much earlier
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yielding of the frame than the models using the concept of partial rigid end offsets. This is

because the nonlinear kinematics of the joints were unaccounted for by using the simple

rigid end offsets or the member center-line to center-line stiffness. In spite of this, elastic

lateral displacements of the MRF model with the doubler plates designed to develop 80%

of the beam strength were accurately predicted by tiEing the member center line stiffnesses

without the use of a joint element. However, it is important to note that the actual doubler

plates as specified for the MRF model of 0.80Mp are slightly thicker than the minimum

required to develop 80% of the beam strength. The minimum required doubler plate thick

ness as well as the actual thickness provided for the MRF model of 0.8Mp are shown in

Table 7.7.

7.3.3 Code Implications

Current SEAOC provisions require, with exceptions, that the panel zone joint distor

tions must be included in the drift calculations [47]. However, drift calculations may be

based on the member center-ta-center distance if either of the following conditions are met:

(a) It can be demonstrated that the drift so computed for similar frames is typically

within 15% of that determined with joint distortions considered.

(b) The column panel zone strength can develop 80% of the flexural strength of the

beams framing into the joint.

In order to better appraise this provision, the force-displacement relationships as

shown in Fig. 7.9 were normalized with respect to the code values. A base shear force of

182.5 kips as defined in Section 7.2 and a roof displacement of 2.379 in. under the tri

angularly distributed shear for MRF model with 0% rigid end offsets were used as the nor

malizing factors for the vertical and the horizontal axis, respectively. The normalized base

shear versus roof displacement relationships are shown in Fig. 7.10. Based on these lim

ited analytical results, several observations from this particular example can be summarized

as follows:
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(1) Under the prescribed lateral force, the elastic roof displacement of the MRF model

using member center line stiffnesses closely matched that of the MRF model with

joint elements designed to develop 80% of the beam flexural strength.

(2) Under the prescribed lateral force, the elastic roof displacement of the MRF model

with joint elements designed to resist 1.85 times the code prescribed force is larger

than that calculated based on the member center line distances. But the difference is

within 15%.

(3) The elastic drift calculation based on the member clear spans plus 50% of the joint

size was unconservative. The roof drift under the prescribed force was 20% smaller

than the frame drift obtained for MRF model with 1.85E joint elements.

(4) The MRF model with the 1.85E joint elements exhibited frame yielding soon after

1.85 times the 182.5 kips base shear was exceeded. As mentioned previously, the

panel zone joint in this model was designed to resist the beam moments due to the

gravity load plus 1.85 times the prescribed seismic force. It indicates that the:( overall

frame strength is strongly governed by the weakest element in the frame, the panel

zone joints in this case, and agrees well with the design procedure where force distri

butions and member proportions were based on the triangularly distributed shear.

7.3.4 Effects of Joint Elements for MRFs under Uniformly Distributed Shear

Similar force-displacement relationships, as shown in Fig. 7.11 and 7.12, were

obtained for the uniformly distributed lateral force. In Fig. 7.12, a base shear of 182.5

kips and a roof displacement of 1.932 in. corresponding to the MRF model with 0% rigid

end offsets were used as the normalizing factors.

In general, the trend of the base shear versus roof displacement relationships were

similar to those under the triangularly distributed lateral force as described in the previous

section. Note that in Fig. 7.12, the yield base shear forces for all MRF models are substan

tially larger than those shown in Fig 7.10. This is because the overturning moment for the
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uniformly distributed shear in this case is significantly smaller than that under the triangu

larly distributed shear.

7.4 Simplified Model for Nonlinear Seismic Response of MRF

7.4.1 Introduction

As mentioned in Chapter 5, determining the dynamic response for a nonlinear struc

tural system requires an iterative integration procedure. For systems having a large

number of degrees of freedom, the convergence of the solution within each time step may

require substantial computational effort. Moreover, the dynamic response of multi-degree

of-freedom (MOOF) systems is generally complex and sensitive to the mechanical proper

ties of the model as well as the input ground excitations. Therefore, simplified equivalent

single-degree-of-freedom (SDOF) models are useful to assess the sensitivity of the overall

response of a proposed design to various uncertainties within the structural model or the

ground excitations. For this purpose, an SOOF system subjected to dynamic forces is

developed below.

For an SOOF system subjected to an external forcing function as shown in Fig.

7.13(a). the equilibrium equation at time tis:

Mii(t) + Cu(t) + R(t) = pet) (7-7)

where

M = Mass of the system,

C = Damping coefficient of the system,

R (t) = Restoring force,

P (t) = External load acting on the system.

In the case of horizontal ground motion excitation as shown in Fig. 7-13(b), Eq. 7-7 can

be rewritten as follows:
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Mii(t) + eu (t) + R (t) = -Mu'g(t) (7-8)

In this case, u (t) denotes the displacement of the system relative to the ground and U'g (t )

is the ground acceleration relative to a fixed reference axis, A normalized equation of

motion can be obtained by using the system mass as the normalizing factor, That is:

u'(t) + 2~wu(t) + ~R(t) = ~P(t)

U' (t) + 2~wu (t) + ~ R (t) = -U'g (t )

(7-9)

(7-10)

where ~ is the viscous damping ratio expressed as a fraction of the critical damping and w

is the natural circular frequency, A nonlinear SOOF model can be solved economically

using either general purpose nonlinear analysis programs as mentioned previously [39,40]

or programs specially developed for this purpose[52]. For elastic systems, these two equa

tions can be rewritten as:

u'(t) + 2~wu(t) + w2u{t) = ~P(t)

u'(t) + 2~wu(t) + w2u(t) = -u~(t)

(7-11)

(7-12)

In general, closed form solutions to these equations of motion only exist for certain types of

forcing functions. In most cases, numerical integration must be employed.

For a linear elastic MOOF system, it is often advantageous to decompose the system

into ts modal components and use the principle of superposition of the resulting decoupled

equations of motion. It can be found that the first few modes often dominate the response

for structures with regularly distributed geometric and mechanical properties. Even though

modal analysis does not apply in the nonlinear case, member forces and deformations for

nonlinear structures have been determined using the linear modal analysis method based

on an inelastic response spectra with elastic mode shapes and periods.

Alternatively, it has been proposed that an equivalent nonlinear SOOF system be sub

stituted for the original MDOF system [53,54], In particular, the Q-model method [54]
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basically assumes a one-shape response of the equivalent SOOF system, as shown in Fig.

7.14, to approximate the response history of a reference point on the original structure.

This method can be used to compute the displacement histories of multi-story structures

subjected to seismic excitations. In order to assess the performance of this equivalent SDOF

model for a steel MRF, the resulting equivalent SDOF nonlinear dynamic responses were

compared with those obtained using the general purpose nonlinear analysis program

ANSR-l [40]. For the purposes of this investigation, MRF Design 2 was chosen as the

model structure.

7.4.2 Equivalent Single-Degree-of-Freedom System

There are two interdependent steps of approximation required in the application of

the Q-model method. Firstly, the original MDOF model of the structure must be reduced

to an SOOF oscillator. Secondly, the nonlinearly varying stiffness properties of the entire

structure must be simplified to a single bilinear spring.

The transformation of a MDOF system to an equivalent SDOF system IS accom

plished based on an assumed deflected shape of the original structure. The shape function

might be taken as the fundamental mode shape of the original structure or the deflected

shape resulting from the static application of certain patterns of lateral load. In particular,

it was found [54] advantageous to compute the assumed deflected shape, g, based on a tri

angularly distributed lateral force, that is, the force in each level is proportional to the pro

duct of the height and mass at that level. The bilinear spring stiffness for the equivalent

system is established by approximating the base-moment versus roof displacement relation

ship resulting from a nonlinear analysis of the original structure under this monotonically

applied lateral load. Such a base moment-roof displacement relationship is generally non

linear due to the nonlinearities in the structure, as shown in Fig. 7.15. The curve may be

reduced to two straight lines, the knee of the resulting bilinear relationship implying a syn

thetic yield point (Fig. 7.15). The shape function g is taken as the deflected shape when
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the knee of the bilinear force-displacement relationship curve occurs.

Note that it may be difficult to determine the location of the synthetic yield point on

the force-displacement relationship curve. Although prescriptive rules have been suggested

for the concrete test structures considered in the literature [54], this important decision is

left to the judgement of the analyst. In order to establish the bilinear spring stiffness and

the corresponding shape function for MRF Design 2, the location of the synthetic yield

point was determined as follows.

(1) Perform a nonlinear analysis for MRF Design 2 under triangularly distributed load

using 4% of the elastic stiffness as the strain hardening stiffness for all structural ele-

ments (see Chapter 5). Obtain the base moment-roof displacement relationship as

shown in Fig. 7.16.

(2) Plot the equivalent period, Te , versus roof displacement relationship as shown in Fig.

7.17, where

(
T ]112

T = 2'lT X Mi.
e gTKi.

Locate the significant roof displacement, xr ' when Te started increasing.

(7-13)

(3) Locate the synthetic yield point on the base moment-roof displacement curve at a

point where xr is reached.

(4) The bilinear approximation of the force-displacement relationship is obtained by con-

necting two straight lines as shown in Fig. 7.16.

Using this approach, the roof yield displacement, Xr , was found to be 5.11 inches and the

resulting shape function is:

Xr

=

5.11
4.51
3.69
2.87
1.96
1.09

(7-14)
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The strain hardening stiffness of the spring was found to be 8 % from step (4), by comput

ing the stiffness after yielding as a fraction of the elastic stiffness.

The MDOF system of the original structure can be transformed to an SDOF system

using the shape vector, i obtained above. The equation of motion for the original struc

ture under ground acceleration, u~ (t), is:

Let

Ml;(t) + Ci(t) + E.(t) = Miu~(t}

1: (t) = iu (t)

(7-15)

(7-16)

Substitute Eq. 7-16 into Eq. 7-15 and premultiply the transpose of i to each side of the

equation. The equation of motion becomes:

where

M "TM"e=,rmx.

T .... ( )Fe = i Mlug t

(7-17)

(7-18)

(7-19)

(7-20)

(7-21)

The nonlinear seismic response of the equivalent system can be obtained conveniently by

solving Equation 7-17 using the NONSPEC [52] computer program. Several parameters

needed for the program were determined as follows.

In the elastic range,

(7-22)

and Eq. 7-17 can be normalized as:

(7-23)
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where

(7-24)

(7-25)

~e and we denote the damping ratio and initial circular frequency of the equivalent sys-

tern, respectively. Comparing Eq. 7-23 with Eq. 7-12, note that the ground acceleration

must be scaled by a factor of Clt for the equivalent SOOF system. Substitute gT as defined

in Eq. 7-14 and the mass of 1.339 k -sec2/in for each floor into Eqs. 7-24, 7-25. Let

Ki = e
where e is the the triangularly distributed lateral force when i. occurred. It can be shown

that:

Clt = 0.263

and

We = 3.27 radian/sec

or

T~ = 1.92 second

where T~ denotes the initial period of the equivalent SOOF system. In applying the NON-

SPEC program, these parameters together with the unit yield displacement were specified

for the equivalent SOOF system. The yield displacement of unity for the SDOF system,

specified for the bilinear model(Fig. 7.13(c» in NONSPEC, corresponds to the roof yield

displacement of 5.11 inches for the original structure through the transformation as defined

in Eq. 7-16. From the equivalent SDOF system, the effects of damping ratio, strain har-

dening stiffness, and various ground accelerations can be conveniently studied.
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7.4.3 Inclusion of P -a Effect

Note that the equivalent period obtained by using Eq. 7-13 is an application of the

Rayleigh method based on an assumed deflected shape. In general, the natural vibration

period calculated by the Rayleigh method is smaller than the actual natural period of the

system. The actual natural period can be obtained by substituting the actual mode shape

into Eq. 7*13. When P -a effects are considered for the system, the initial period will be

increased resulting from a reduced lateral stiffness.

Note that the force-displacement relationship of the original structure as shown in Fig.

7.16 is a result of a nonlinear static analysis using the ANSR-l program in which the P-~

approximation, as described in Chapter 5, was considered. Therefore, the corresponding

deflected shape, i., and the initial period, T~, reflect the P -a effect. This also explains

the reason why the initial period, T: = 1.92 sec. obtained from the Rayleigh method, is

larger than the fundamental period of 1.90 sec. for MRF Design 2 reported by the ANSR-l

program in which the undamped fundamental period was determined based on the initial

structural stiffness without the P -a effect.

If the deflected shape and the associated equivalent period are obtained from the

force-displacement relationship excluding the P -a effect, the elastic stiffness or the initial

period, T: for the equivalent SnOF system can be modified using a stability coefficient

[52,55].

7.4.4 Behavior of Equivalent SDOF System

Several earthquake records were used to assess the performance of the equivalent

SDOF system. Moreover, in order to realistically assess the effects of nonlinearities within

the structure on the validity of the assumed one-shape response, the earthquakes selected

had to be representatives of real strong earthquake motions. Accordingly, three ground

acceleration inputs were chosen as follows.
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(1) The original 1940 EI Centro Earthquake NS component was scaled to a peak ground

acceleration of 0.5 g by a factor of 1.5. This event is denoted as l.5EC. The original

record of this earthquake was recorded in the epicentral area during the earthquake

and is considered to be a strong motion record [56] and has been widely used in

earthquake engineering.

(2) The original 1966 Parkfield Earthquake N65E component possessed a peak ground

acceleration of 0.49 g. This event is denoted as PK. The original record was

recorded at a site 200 feet away from the ruptured fault. Therefore, the event exhi

bited near-fault ground motion characteristics with impulsive types of excursions.

(3) The original 1952 Taft Lincoln School Tunnel Record N21E component was scaled to

a peak ground acceleration of 0.47 g by a factor of 3. This event is denoted as 3TF.

In analyses series 1, the equivalent SnaF system for MRF Design 2 with properties

obtained in Section 7.4.2 was first analyzed for all three earthquake events using 3%

damping. The post yield stiffness of the spring was taken as 8% of its elastic stiffne~s.

In order to assess the effects of various damping ratios, the SDaF model was

reanalyzed, in analyses series 2, with a damping ratio of 5% for the three prescribed earth

quake events.

In lieu of a step-by-step nonlinear static analysis, an assumed strain hardening effect

for the equivalent SOOF system may be needed. This situation can occur when the yield

strength of the structure is obtained from a limit analysis or from linear extrapolation of an

elastic analysis. In such cases, the structural strain hardening effect can only be obtained

by arbitrary guessing. Therefore, in analyses series 3, the equivalent SOOF model with a

damping ratio of 3% and a reduced post-yield stiffness taken as 4% of its elastic stiffness

was analyzed for the three prescribed earthquake events, again in order to examine the

effects of post-yield stiffness.

In each analysis, the seismic response time history of the SDaF system during the

first sixteen seconds of the event was obtained. Each analysis was performed using the
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NONSPEC [52] program in which a step-by-step direct integration technique was

employed. A total of nine computer runs described above was conveniently accomplished

on a VAXstation II1GPX workstation. The execution time for each computer run was only

about 1 minute, depending on the number of users on the computer system. Displacement

response histories for each floor of the original structure were obtained by the displacement

transformations as defined in Eq. 7-16, where u (t) is the computed response history of the

equivalent SDOF system and g is the assumed deflected shape as defined in Eq. 7-14.

The results of these nine runs are summarized below.

7.4.4.1 Effects of Damping

The effects of different damping ratios on the response of the equivalent SDOF sys

tem under various ground acceleration records was examined by comparing the plots of the

roof displacement histories obtained from the analyses series 1 and series 2. The roof

response histories of the equivalent SOOF system during the first sixteen seconds of each

event are shown in Fig. 7.18 for models having both 3% and 5% damping ratios. In gen

eral, the roof response histories for the 5% damped system are very similar to that of the

3% damped system. In all events, the 5% damped system exhibited reduced responses as

anticipated, but the reductions are almost negligible.

7.4.4.2 Effects of Post-Yield Stiffness

The roof displacement histories of the equivalent SOOF system were plotted for ana

lyses series 1 and series 3 in order to examine the effects of post-yield stiffness on the

response histories. Their results are shown in Fig. 7.19 for all three events. Roof displace

ment histories for the SOOF system using post-yield stiffnesses of 8% and 4% of the elastic

stiffness are plotted. In all three events, the nonlinear response history of the softer system

was identical to the stiffer system until significant yielding occurred. The maximum dis

placements are found to be the same for both systems. However,. after significant yielding
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occurred, each system was characterized by oscillation about an offset. The system with a

4% post-yield stiffness was oscillating about a larger offset in all events, especially in event

PK where larger permanent deformation had developed.

It is interesting to note that maximum roof displacements of the equivalent SDOF sys

tems were found to be independent of the post-yield stiffness in the three prescribed events.

The softer system may have attracted less force resulting in the same maximum response as

the stiffer system. This appears to be the case for the prescribed earthquake excitations

where only a few and one-directional large excursions were embedded in the ground

acceleration. However, this requires further verification for other earthquake events in

order to better assess the relationship between the post-yield stiffness and the maximum

response for the equivalent SDOF system.

7.4.5 Response Comparison of Equivalent SDOF System and Original MDOF System

As noted in Section 7.4.2, the response history of each floor of the equivalent system

can be obtained by the displacement transformation as defined in Eq. 7-16. The complete

frame response histories derived from this transformation can be compared with the

response of the original MOOF system in order to assess the performance of the equivalent

SDOF system. For this purpose, the results of analyses series 1, as described in Section

7.4.4, were compared with the response of the original MOOF system. Later, the complete

seismic response of the MOOF system for MRF Design 2 will be discussed with greater

detail. In this section, only the floor displacement histories in the MDOF system during

the first fifteen seconds are used for comparison. Note that the damping ratio for both the

equivalent SOOF system and the original MDOF system were 3%. The post yield stiffness

of the SDOF system was taken as 8% of its elastic stiffness as obtained in Section 7.4.2. In

the analyses of the MOOF system for MRF Design 2 using the ANSR-1 [40], Rayleigh

damping of 3% was assumed for the first and second modes, as described in Chapter 5.
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The complete floor displacement histories for the original MDOF system and the

equivalent SDOF systems are plotted in Figs. 7.20 to 7.22 for events l.5EC, PK and 3TF,

respectively. The scaled ground acceleration recorded of the first sixteen seconds for each

event is also shown on the bottom of each figure. Note that a roof displacement of 5.11

inches or larger roughly indicates the yielding of the frame as described in Section 7.4.2.

As depicted in Figs. 7.20 to 7.22, the floor displacement histories for both systems were

very similar until significant yielding occurred. During event PK, where more severe

yielding had occurred in the systems, deviations of floor displacement histories between

two systems were found to be more pronounced. The roof response histories for both the

MOOF and the SDOF systems during each event are summarized in Fig. 7.23.

In order to further evaluate the performance of the equivalent SDOF system in

predicting the peak response indices, story drifts were calculated for both the MDOF and

the equivalent SOOF systems. Frame lateral deflections and the associated story drifts of

both systems are plotted in Fig. 7.24 for each event at instants when peak roof displace

ments occurred. In the figure, the distributions of floor displacements are plotted on the

left-hand side while the corresponding story drifts are shown on the right-hand side. The

instance when the maximum roof displacement occurred in the original MDOF system and

the equivalent SOOF system, denoted as Tm and Ts, respectively, are also indicated on

Fig. 7.24. From the figure, it is evident that the response of the equivalent SDOF system

is similar to that from the analyses of the original MDOF system. In general, except for

event 3TF, the equivalent SOOF model predicted the instants, the magnitudes of the max

imum frame displacement, as well as its associated story drifts for the original MDOF sys

tem quite satisfactorily. Clearly, event 3TF is not the most severe earthquake among the

three prescribed earthquake events for the given structure. However, as shown in Fig. 7.23

for event 3TF, the overall discrepancy between the two floor displacement histories demon

strates the complexities of the nonlinear response of MDOF systems and their sensitivities

to the ground excitations. The participation of higher modes to the response of the MDOF
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system at the instant of maximum roof displacement in event 3TF can be observed in Fig.

7.24.

7.4.6 Conclusions

The dynamic response of MOOF systems is generally complex and sensitive to the

mechanical properties of the model as well as the input ground excitations. Considering

the uncertainty within these parameters, a simplified model renders not all, but sufficient

information for a proposed structure under given ground excitations, and may therefore be

well justified.

The preceding comparisons, made for the MRF Design 2, suggest that an equivalent

SDOF model employing the Q-model [54] concept is quite likely to predict the overall

response of similar MDOF planar frames satisfactorily. The synthetic yield point for the

equivalent SOOF model can be determined as described in Section 7.4.2. The P -A effect

can also be included for the equivalent SOOF system in the derivation of equivalent period

as described in Section 7.4.3. The nonlinear dynamic analysis program NONSPEC [52]

provides a useful tool to perform nonlinear dynamic analyses for SOOF systems. It appears

that the one-shape formulation, as described in Section 7.4.2, for the equivalent SDOF

model is effective in producing acceptable approximations to frame displacement histories

for a multi-story steel MRF system without abrupt changes of stiffness and mass along its

height. For MOOF systems with irregularities in distribution of stiffness or mass, further

substantiations are needed.

Ideally, building should be proportioned to resist earthquake effects without the use

of nonlinear time history analysis. In certain cases when such analyses are desired, simpli

fied equivalent SDOF systems appear to be justifiable. Nevertheless, in spite of providing

the displacement histories, the equivalent SDOF system failed to provide the distribution of

nonlinearities within the structure. In cases where complete information about the non

linear kinematics of the system are desired, general nonlinear dynamic analysis procedures
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are still required.

7.5 Nonlinear Dynamic Analyses of Six-Story MRFs

In order to assess the nonlinear behavior of the proposed MRF designs under earth

quake excitation, several nonlinear dynamic analyses using the ANSR-1 program were per

formed. As described in Section 7.2.1, all MRF models incorporate the actual panel zone

stiffness with joint elements in formulating the structural stiffness. Therefore, the effects of

the panel zone flexibilities on the beam plastic rotation demand as well as the overall struc

tural response can be studied. In all analyses, the P -~ effects due to the gravity load in

the MRF were included.

7.5.1 Dynamic Characteristics of the MRFs

As mentioned in Section 7.2, the member sizes of MRF Design 1 were designed

based on a larger base shear than that for MRF Designs 2, 3 and 4. While retaining the

same member sizes for MRF Designs 2, 3 and 4, the panel zone joints in these MRFs were

designed based on various levels of bending moment of beams framed into the joint.

Therefore, the effects of the relative member stiffness and the panel zone joint flexibilities

on the dynamic characteristics of the MRF can be studied by examining .the vibration

mode shapes and periods of each MRF design. In Table 7.8, the first three vibration

periods of each MRF design are tabulated. It can be seen from the table that MRF Design

1, designed based upon a larger base shear, possesses a larger lateral stiffness and signifi

cantly smaller vibration periods than do the other MRF designs. Moreover, the vibration

periods are shortened as panel zone stiffness increases. However, the effects of panel zone

flexibilities on the vibration period are not very significant. As a result, the first mode

periods for MRF Designs 1, 2, 3 and 4 are 1.65, 1.90, 1.84 and 1.86 seconds, respectively.

The first three vibration mode shapes for MRF Designs 1, 2, 3 and 4 are tabulated in

Tables 7.9 and 7.10. In these two tables, it can be seen that the corresponding mode
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shapes of all MRF designs are essentially the same. It ean be concluded that the effects of

the relative lateral stiffness and the panel zone stiffness on the vibration mode shapes are

insignificant in the proposed MRF designs.

7.5.2 Selection of Ground Acceleration

Several earthquake ground acceleration records were used to assess the dynamic

behavior of the six-story MRF designs. In addition to the three earthquake events as

described in Section 7.4.4, the EW component of the first eighty seconds of the original

1985 Mexico Earthquake which possessed a peak ground acceleration of 0.17 g was also

used. This earthquake is denoted as event MX. The ground acceleration histories of

these four events are plotted in Fig. 7.25. The corresponding elastic pseudo-acceleration

spectrum for these events are plotted compositely in Fig. 7.26 using 3% damping. The

range of the first three vibration periods of the MRF designs is also identified in the figure.

As can be seen from Fig. 7.26, unsealed events MX and PK possess relatively larger spec

tral pseudo-acceleration near the period range for the first mode. This is true especially for

event MX , the participation of the first mode is expected to be more pronounCed for this

event than for any other event.

7.5.3 Response to the Selected Ground Accelerations

Recall that the design of beams and columns for MRF Design 1 was based on a base

shear of 0.059W or 183.5 kips while it was 0.052W or 161.7 kips for MRF Designs 2, 3

and 4. In both MRF Designs 1 and 2, the design of panel zone joints, using Eqs. 7-5 and

7-6, was based on factored beam moments due to the prescribed lateral forces, 1.85ME ,

plus the effects of gravity loads. As described in Section 7.2, the design of panel zone

joints for MRF Design 3 is based on the beam flexural strength, Mp • Moreover, the

design of panel zone joints for MRF Design 4 is based on the beam flexural strength for

joints at lower floors while based on beam moments of 1.85ME for joints at higher floors.
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Therefore, the effects of beam-column stiffness and stiffness on the response of the MRF

designs can be studied by comparing the response of MRF Designs 1 and 2. The effects of

panel zone joint flexibilities on the response of the MRF designs can be studied by compar

ing the response of MRF Designs 2, 3 and 4. In all analyses, the P -~ effects due to the

gravity load in the MRF were included. The resulting story shears, story displacements

and story drifts obtained from these analyses were studied. During each event, the extent

of the maximum plastic hinge rotation of the beams, the columns and the panel zone joints

of each model were also examined.

In examining the extent of the maximum hinge rotation of beams, columns or panel

zone joints, these deformations were plotted on the frame elevation at the corresponding

location using circles of radius proportional to the associated deformation. While the

center of the circle for a panel zone joint is located at the center of the beam-column inter

section, the center of the circle for a beam or column is located at a point two feet from the

associated beam-column intersection. In general, a circle of one-eighth-inch radius is

equivalent to 0.01 radians of deformation as indicated in these plots. The results of these

analyses are summarized for each events as follows.

7.5.3.1 Response to Parkfield Earthquake

Maximum Floor Displacements, Story Shears and Story Drifts for Event PK

The floor displacement envelope and maximum floor displacements at instant when

the maximum roof displacement that occurred during the event are plotted in Fig. 7.27 for

MRF Designs 1 and 2. From the figure, it can be seen that the least stiff MRF, Design 2,

exhibited larger lateral displacement at each floor. Moreover, the shape of the plot for the

maximum floor displacement as shown in Fig. 7.27a suggests that the response of the frame

is dominated by its first mode. The maximum story shear and story drift that occurred

during the event are plotted in Fig. 7.28. From the figure, it can be seen that MRF Design
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1 was subjected to a significantly larger base shear while it experienced a smaller story drift

at most of the floors. The story shear that occurred in each floor of MRF Design 1 is sub

stantially larger than that which occurred in MRF Design 2. The maximum base shear

occurred in MRF Designs 1 and 2 are 575 and 414 kips, about 3.1 and 2.6 times the

corresponding code prescribed base shear, respectively. The maximum story drifts

occurred in the MRF Designs 1 and 2 are 2.3% and 2.6%, 9.2 and 10.4 times that allowed

under the code prescribed lateral forces, respectively.

Similarly, plots of maximum floor displacements, story shears and story drifts for

MRF Designs 2, 3 and 4 are shown in Figs. 7.29 and 7.30. It can be seen from these two

figures that the least stiff design, MRF Design 2, was subjected to the smallest floor dis

placements and smallest story shears in most of the floors. Although the maximum story

drift that occurred in upper floors of MRF Design 2 is relatively larger, the distribution of

the maximum story drift that occurred among all floors are more uniform. The maximum

story drifts occurred in MRF Designs 2, 3 and 4 are 2.6%, 3.3% and 2.9%, respectively.

These maximum story drifts all occurred at the ground floor.

Maximum Beam, Column and Panel Zone Joint Plastic Hinge Rotations

The maximum beam, column and panel zone joint plastic hinge rotations occurred

during the event are plotted in Figs. 7.31 through 7.34 using circles of various radius as

mentioned previously for MRF Designs 1 through 4, respectively. It can be seen from

Figs. 7.31 and 7.32 that the plastic hinge formations and the maximum plastic rotations of

MRF Designs 1 and 2 are similar. Four hinges with the largest plastic rotation were

formed at the bottom end of columns at the ground floor, the rest of the plastic hinges

were concentrated in panel zone joints. Comparing Figs. 7.32 and 7.33, it can be seen that

once panel zone stiffness and strength increase, the rotational demands of the beams and

columns also increase. Comparing Figs. 7.33 and 7.34, it can be seen that those relatively

weaker panel zone joints as designed for the upper floors of MRF Design 4 help to
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distribute the plastic hinge formations more evenly. The extent and the distribution of the

maximum plastic rotations in MRF Design 4 appear to be the most uniform among all

MRF designs. During event PK , a maximum column plastic hinge rotation of 0.03 radians

occurred at the bottom end of the ground floor column in MRF Design 3, a maximum

beam plastic hinge rotation of 0.015 radians occurred at the second floor beam in MRF

Design 3, a maximum panel zone joint plastic hinge rotation of 0.021 radians occurred in

the MRF Design 2.

7.5.3.2 Response to 1.5*EI Centro Earthquake

Similar to the case for event PK, plots of maximum floor displacements, story shears,

story drifts as well as plastic hinge deformations for beams, columns and panel zone joints

are shown in Figs. 7.35 through 7.42. Although the peak ground acceleration in event

1.5EC is about the same as that in event PK, the response of all MRF designs to event

1.5EC is considerably smaller than to event PK. This is anticipated after inspecting the

linear pseudo-acceleration spectra as shown in Fig. 7.26. Nevertheless, the general trend of

the response observed for event 1.5EC is similar to those for event PK. During event

1.5EC, a maximum story drift of 2% occurred in the ground floor in MRF Design 3, a

maximum base shear of 502 kips, 2.7 times the code prescribed base shear, occurred in

MRF Design 1. The maximum beam, column and panel zone joint plastic hinge rotations

that occurred during event 1.5EC are 0.004,0.017 and 0.015 radians, respectively.

7.5.3.3 Response to 3*Taft Earthquake

Similar to the case for the previous two events, plots of maximum floor displacements,

maximum story shears, story drifts as well as plastic hinge deformations for beams,

columns and panel zone joints are shown in Figs. 7.43 through 7.50. Although the peak

ground acceleration during this event is 0.47g and a sharp increase of spectral acceleration

near the period range for the third mode is evident, the response of all MRF designs to
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event 3TF is smaller than to previous two events. The trend of the response observed in

this event is generally similar to those in the previous two events. However, the arrange

ment of the panel zone strength in MRF Design 4 results larger panel zone plastic hinge

rotations occurred in the upper floors. This may well attribute to the sharp increase of

spectral acceleration near the period range for the third mode (Fig. 7.26).

7.5.3.4 Response to Mexico Earthquake

Maximum Floor Displacements, Story Shears and Story Drifts

The floor displacement envelope and maximum floor displacements at the instant

when the maximum roof displacement occurred during event MX are plotted in Fig. 7.51

for MRF Designs 1 and 2. The maximum story shear and story drift that occurred in

MRF Designs 1 and 2 are plotted in Fig. 7.52. From these figures, it can be seen that the

least stiff MRF, Design 2, exhibited significantly larger lateral displacement at each floor.

Moreover, the shape of the plot for the maximum floor displacement as shown in Fig.

7.51a suggests that the response of the frame is dominated by its first mode. From Fig.

7.52, it can be seen that MRF Design 1 was subjected to a significantly larger base shear

while experienced a smaller story drift at most of the floors. The story shear that occurred

in each floor of MRF Design 1 is substantially larger than that which occurred in MRF

Design 2. The maximum base shear that occurred in MRF Designs 1 and 2 are 530 and

411 kips, about 2.9 and 2.5 times the corresponding code prescribed base shear, respec

tively. The maximum story drifts which occurred in the MRF Designs 1 and 2 are 2.1%

and 2.9%, respectively.

Plots for maximum floor displacements, story shears and story drifts for MRF Designs

2, 3 and 4 are shown in Figs. 7.53 and 7.54. From Fig. 7.53, it can be seen in MRF

Design 3 that relatively large floor displacement occurred in the lower floors while smaller

floor displacements occurred at upper floors. From Figs 7.53 and 7.54, it appears that the
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soft story was formed in the ground floor, and larger story drifts had concentrated on lower

floors. In MRF Designs 2, 3 and 4, the maximum base shear which occurred during event

MX is 484 kips, in MRF Design 3. The maximum story drifts which occurred are 2.8%,

3.4% and 2.9% for MRF Designs 2, 3 and 4, respectively.

Maximum Beam, Column and Panel Zone Joint Plastic Hinge Rotations for Event MX

The maximum beam, column and panel zone joint plastic hinge rotations occurred

during the event are plotted in Figs. 7.55 through 7.58 using circles of various radius for

MRF Designs 1 through 4, respectively. It can be seen from Figs. 7.55 and 7.56 that the

plastic hinge formations and the maximum plastic rotations of MRF Designs 1 and 2 are

no longer similar. MRF Design 2 exhibited relatively larger hinge rotations in members

and joints at the lower floors. This may attribute to the sharp increase of spectral pseudo

acceleration near the first mode period of MRF Design 2. Comparing Figs. 7.56 and 7.57,

it can be seen again that once panel zone stiffness and strength increase, the rotational

demands of the beams and columns also increase. Comparing Figs. 7.57 and 7.58, it can

be seen that these relatively weaker panel zone joints designed for the upper floors of MRF

Design 4 help to distribute the plastic hinge formations more uniformly. The extent and

the distribution of the maximum plastic rotations in MRF Design 4 appear to be most uni

form among MRF Designs 2, 3 and 4. During event MX, the largest column plastic hinge

rotation of 0.031 radians occurred in the bottom end of the ground floor column in MRF

Design 3, the largest beam plastic hinge rotation of 0.014 radians occurred in second floor

beam in MRF Design 3. The largest panel zone joint plastic hinge rotation of 0.023 radians

occurred in the MRF Design 2.
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7.5.3.5 Other Response Indices

From the preceding discussions on the response of the MRFs, it is apparent that

events 1.5*EC and 3*TF are not severe earthquakes for the proposed six-story MRFs.

During a severe earthquake, the column maximum bending moment and axial force can be

several times larger than those resulting from code prescribed lateral forces. In Fig. 7.59,

the maximum bending moments and maximum axial forces that occurred during event PK

for one interior and one exterior column are plotted. In this figure, the forces and

moments resulting from code prescribed lateral forces are also plotted with dotted lines. It

can be seen from Fig. 7.59 that the maximum column forces that occurred during the event

are two to three times greater than those resulting from the code prescribed lateral forces.

The maximum column end moments shown in Fig. 7.59 do not occur at the same

time. However, it is evident that under the dynamic excitation the unbalanced beam

moment is often distributed unequally to the columns above and below a joint. This

phenomena was also found in the analyses of eccentrically braced frames conducted by

other researchers [41]. As a result of this unequal distribution of column moment, the

inflection point may be far from the mid-height of the column or may not even occur

within the column [65]. In order to better account for this unequal distribution of moment

in the design of columns, a dynamic amplification factor has been proposed by other

researchers [65] and incorporated in one of the building code [66].

In order to examine the distribution of maximum column moments during event PK ,

the bending moment diagram for columns of MRF Design 2 at instants when the max

imum moment occurred at the bottom and the top ends of each column are plotted in Fig.

7.60 and 7.61, respectively. In these figures, the bending moments resulting from code

prescribed lateral forces are also indicated with dotted lines. An examination of these two

figures indicates that the location of the inflection point is not stationary and the bending

moment at a point near the mid-height of the column may be large. Similar phenomena

are found in other MRF designs during other events. In view of the above, great care
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must be taken for the design of column splices.

The plot of the story shear versus story drift hysteretic loops, shown in Fig. 7.62 for

MRF Design 2 during event PK, is useful in assessing the general behavior of the MRF.

In general, event PK imposed a large impulse to the MRF, resulting in a large permanent

deformation. The MRF then essentially oscillated elastically about this permanent offset.

This behavior can also be observed in the hysteretic loops for the individual members. In

Fig. 7.63, the beam moment versus beam plastic rotation hysteretic loops for the first floor

beams of MRF Design 3 during event PK are plotted. Similarly, the panel zone rotation

versus applied moment hysteretic loops for one interior and one exterior columns of MRF

Design 2 during event PK are plotted in Fig. 7.64 and 7.65, respectively. The member,
designation used in these plots can be found in the frame elevation shown in Fig. 7.2.

Since the area enclosed by the hysteretic loops is directly related to the energy dissipated in

each member or joint, the general trend observed in these plots indicates that the hysteretic

energy dissipated during event PK is not very large. Unlike the response to event PK, the

MRF design was subjected to many cycles of large excursion during event MX. This can

be observed in Fig. 7.66 where the beam moment versus beam plastic rotation hysteretic

loops of the first floor beams in MRF Design 3 during event MX are plotted. As a result,

the hysteretic energy dissipated during event MX is much larger than during event PK.

7.5.4 The Demand and the Supply

As mentioned previously, event PK imposed a single large impulsive excursion while

event MX imposed many large excursions to the MRF designs. The MRF was subjected to

large member forces and deformations during both events. However, the deformation and

the energy dissipation demands imposed by events PK and MX are quite different.



- 122 -

Beam Plastic Deformations

In order to study the beam plastic rotation demand imposed by events PK and MX ,

the experimental results of nineteen specimens as described in Chapters 3 and 4 are plotted

against the maximum deformations observed during events PK and MX. For this pur

pose, the maximum beam plastic rotation demands, 0.015 and 0.0145 radians, which

occurred during events PK and MX are plotted against the plastic rotation capacity, ep ' as

tabulated in column 10 of Table 3.2. In this application, it is noted that the specimens

tested and reported herein correspond to the half scale model of a prototype MRF with 12

ft. column heights and 24 ft. beam-bay length. Therefore, the results of these experimental

tests as tabulated in Table 3.2 are comparable with the maximum demand observed in the

analyses of the six-story MRF designs. The definition of various plastic rotation capacities

for Table 3.2 can be found in the footnote of the table. In Fig. 7.67, in which the beam

plastic rotations are measured from the initial point of zero deformation, it can be seen

that only Specimens 1, 2, 7,8, lOR, 11, and 14 are considered to be adequate in providing

the needed rotation capacity. Specimens 3, 4, 5, 6, 13, 15, 16 and 18 are apparently

inadequate and Specimens 7, 12 and 17 are marginal. As mentioned in Chapters 3 and 4,

Specimen 10 with an end plate moment connection was subjected to large bolt elongations

and subsequent fracture of one connecting bolt. The beam rotation of Specimen 10, shown

in Fig. 4.8, is due primarily to the elongation of bolts and is therefore not incorporated in

Table 3.2 and Fig. 7.67.

As tabulated in column 11 of Table 3.2, another important measure of beam rotation

capacity is the measurement of the maximum beam plastic rotation e;, where e; is the

deformation measured from the point of zero load during a half cycle. In Fig. 7.68 the

maximum beam plastic rotations, measured from the point of zero load, during events PK

and MX are plotted against the experimental results as tabulated in column 11 of Table

3.2. From Fig. 7.68, Specimens 1, 2, 7, 8,9, lOR, 11, 12, 14, 17 and 18 are considered to

be adequate for event MX. Specimens 5, 6, 15, and 16 are considered to be inadequate
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for both events PK and MX.

Energy Dissipation

As mentioned previously, the energy dissipated in the MRF is primarily hysteretic

energy dissipated in beams, columns and panel zone joints. The total story hysteretic

energy dissipated in each floor can be estimated simply by intergrating the area within the

hysteretic loops of all members and joints in the corresponding floor. In a well designed

MRF, member strength is progressively reduced along the frame height, The total story dis

sipated energy along the frame height should therefore also be reduced proportionally if a

uniform deformation demand along the frame height is achieved.

In order to assess the energy dissipated in a beam where large plastic rotation demand

occurred during events PK and MX, the hysteretic loops for the left end of beam BIA at

the first floor of MRF Design 3 are integrated. The resulting dissipated energies at the left

end of the beam are 153 and 1451 kip-inch during the first twenty seconds of event PK

and the first sixty seconds of event MX , respectively. These dissipated energies are further

normalized with respect to the beam flexural strength of 10008 kip-inch. The resulting nor

malized dissipated energies provide a measure of the cumulative plastic deformations and

can be compared with the experimental results described in Chapters 3. For this purpose,

the hysteretic energy dissipated in the nineteen test specimens is computed from the hys

teretic loops as shown in Figs. 3.21 through 3.38. The results are then normalized with

respect to the corresponding beam flexural strength M;, where M; is based on the

corresponding coupon tensile strength. In Fig. 7.69, it can be seen that the normalized dis

sipated energy demand occurred for event PK is very small. However, only Specimens 1,

2, 8,9, lOR, 11, 12, 13, 14, 17 and 18 meet the demands incurred during event MX.
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7.6 Summary and Conclusions for the Six-Story MRF Analyses

From the preceding discussions, it is evident that the nonlinear dynamic response of

the proposed MRF designs is very sensitive to the input ground accelerations as well as to

the mechanical properties of the model. From these analyses, the behavior of the six-story

MRFs is better understood and the following conclusions are noted with respect to the ana

lyses and design of the six-story MRFs.

(1) As demonstrated in Section 7.3, the effects of the panel zone joint flexibilities on

story drifts can be significant. Depending on the design of the panel zone joints, the

elastic drift calculation based on the member clear span plus 50% of the joint size

may be too unconservative. The error may be as large as 20%. The elastic drift cal

culation based on the member center line distances still underestimated the total drift

incorporating the actual panel zone joint deformation for MRF with panel zone joints

designed for the effects of gravity load plus 1.85 times the prescribed lateral force.

(2) As noted in Section 7.4, an equivalent SDOF model employing one shape displace

ment function is likely to predict the overall nonlinear response of a planar MRF

quite satisfactorily. The equivalent SDOF system appears to be effective in producing

acceptable approximations to nonlinear frame displacement histories for the proposed

steel MRF design when the response is dominated by the first vibration mode. How

ever, the equivalent SDOF system failed to provide the information about the distri

bution of nonlinearities within the structure.

(3) The effects of panel zone flexibilities also change the dynamic mode shapes and

periods, but the effect is insignificant for the six-story MRF designs. The effects of

beam and column stiffness on the dynamic characteristic of the MRFs are more pro

nounced as indicated in the periods of MRF Designs 1 and 2 in Table 7.8.

(4) The dynamic response of the six-story MRF designs to the selected earthquake excita

tions, except event 3*TF, is primarily dominated by the first vibration mode. The

participation of the third mode in the response of MRF designs is more pronounced
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during event 3*TF due to its sharp increase of spectral pseudo-acceleration near the

period range for the third mode. As a result, the maximum story drift and maximum

panel zone joint deformation which occurred during event 3*TF are primarily at

upper floors of the MRF designs.

(5) Although events 1.5*EC and 3*TF possess peak ground accelerations of about O.5g,

the associated response of the MRF designs are not as large as that during events PK

and MX. This can be anticipated by examining the pseudo-acceleration spectrum for

the selected events as shown in Fig. 7.26. However, column plastic hinges formed at

the column bases during each event in most of the MRF designs. Moreover, the plas

tic hinge rotations at these column bases are often large. In view of this, great care

should be taken in the design of the column base plate and anchor bolts for this type

ofMRF.

(6) Under the prescribed lateral force, it is anticipated that the story drift of MRF design

3, the stiffest design among MRF Designs 2, 3 and 4, will be smaller than that of the

other two MRF Designs. However, an examination of Figs. 7.30, 7.38, 7.46 and 7.54

indicates that the stiffer design, MRF Design 3, attracted relatively larger story shears

in each floor and was therefore not necessarily subjected to the smallest story drift in

each floor. In fact, it can be seen from these figures that MRF Design 3 was sub

jected to a larger first story drift than were the other two MRF designs during the

selected earthquake events. The maximum story drifts that occurred in MRF design

2 are 3.3%, 2.0%, 1.1% and 3.4% during events PK, 1.5*EC, 3*TF and MX,

respectively. During event PK, the maximum story drift which occurred in MRF

Designs 1 and 2 are 2.3% and 2.6%, respectively. They are often substantially larger

than the elastic drift under the code prescribed lateral force. The maximum base

shears that occurred in MRF Designs 1, 2, 3 and 4 are 574, 414, 495 and 471 kips

during event MX. These base shear are two to three times the corresponding code

prescribed base shear.
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(7) During most of the selected earthquake events, the special arrangement of panel zone

joint strength adopted in MRF Design 4, stronger panel zone joints for lower floors

with relatively weaker panel zone joints for the upper floors, appears to smooth the

extent of maximum panel zone joint deformations quite effectively.

(8) In general, the extent of the maximum panel zone deformations were more severe in

MRF Designs 1 and 2, in which the panel zone joints were designed for the effects of

the gravity load plus 1.85 times the prescribed lateral load, than in other two designs.

The maximum panel zone deformations that occurred at the first floor of MRF

Design 2 are 0.021 and 0.022 radians during events PK and MX, respectively. As

the panel zone joint strength approaches the beam flexural strength, the extent of the

maximum panel zone deformations is reduced while the the extent of the maximum

beam and column plastic rotations are greatly increased. As noted in Section 7.5.3,

the maximum beam plastic rotations are 0.0145 and 0.015 radians in the first floor

beam of MRF Design 3 during events PK and MX, respectively. It appears that a

beam rotation bench mark of 0.02 radians, used in evaluating the performance of

beam specimens as described in Chapter 3, is justifiable.

(9) An examination of Figs. 7.59, 7.60 and 7.61 indicates that the column bending

moment and axial force can be two to three time the forces resulting from the

prescribed lateral forces. Moreover, the unbalanced beam moment is often distri

buted unequally to the column above and below a joint. As a result, the inflection

point may be far from the mid-height of the column and the moment at mid-height

of the column can be large. In view of above, one must take great care to detail the

column splices.

(10) As demonstrated in Section 7.5.4, an examination of the experimental data obtained

from nineteen specimens indicates that the ductility capacity of beams in MRF Design

3 may be exceeded during events PK and MX if the beam-column connections in the

MRF are not detailed and constructed appropriately. Since experimental evidence
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has shown that well designed panel zone joints posses stable hysteretic behavior and

excellent energy dissipation capacity, it is recommended that beam column panel zone

joints should be carefully proportioned to allow their participation in dissipating

energy in order to reduce, but not totally eliminate the beam and column plastic rota

tion demand.

From the preceding discussion, the complexities of nonlinear dynamic response of a

MDOF system are apparent. In these analyses, it was demonstrated that the ductility

demands on beams, columns and their connections for MRFs designed according to the

current building code can be very large. Therefore, one must take great care in detailing

various parts of the MRF. The analytical results summarized in this chapter should aid in

the further development of earthquake resistant design procedures for low-rise steel MRFs.

The nonlinear dynamic response reported herein is obtained from the six-story MRF

designs analyzed using selected ground accelerations. For MRFs with irregularities in the

distribution of stiffness or mass, the dynamic response to specific ground accelerations

requires further research. Moreover, experimental investigation of MRF systems under

dynamic loading is needed in order to substantiate these analytical results. In these ana

lyses, it was assumed that the stability of the beams, columns and their connections were

adequate for seismic resistant design and the effects of soil structure interaction were not

considered.
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8. Nonlinear Static and Dynamic Analyses of 20-Story MRFs

8.1 Program of Investigation

As mentioned previously, building structures designed according to building codes

are expected to deformed into the inelastic range during a severe earthquake. In Chapter

7, the nonlinear behavior of various MRFs, designed according to the new SEAOC provi

sions for a six-story building, have been studied in detail. However, MRFs of a larger

vibration period for taller buildings may behave differently. In order to gain some insight

into the nonlinear behavior of MRFs for taller buildings, an analytical investigation was

carried out and is described herein.

In Section 8.2 of this Chapter, a twenty-story MRF is designed according to the new

SEAOC provisions [47] and 1988 UBC [59] using both the static and dynamic lateral force

procedures. At this stage of the design, the beam column panel zone joints are assumed

partially rigid. The designs of beams and columns are primarily based on the associated

stress ratios and story drifts under the prescribed lateral forces. The beam column panel

zone joints are then designed for various levels of bending moments of beams framed into

the joints. Traditionally, the panel zone joints have been designed for the beam flexural

strength.

In order to assess the effects of the panel zone flexibility on the static and dynamic

characteristics of the MRF, the MRF models of various panel zone designs are analyzed

using the ANSR-1 [40] program in which a joint element was incorporated as described in

Chapter 5. The resulting frame deformations, vibration mode shapes and periods were stu

died and compared with those obtained from the approximate method commonly used in

design offices. In Section 8.4, a method which incorporates the actual panel zone stiffness

into the calculations of story drifts is also introduced and can be used for situations when a

joint element cannot be defined in the computer program commonly used in the building
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industry.

In Section 8.6, the ground acceleration, the associated Fourier amplitude and linear

response spectra are studied for selected earthquake ground motions. In Section 8.7, non

linear dynamic responses of various MRF designs to the selected earthquake events are

described. The study of each MRF design involves examining the story deformations,

story shears of the MRF, the maximum plastic deformations of each element, as well as the

distribution of the maximum plastic deformations obtained from the analyses.

From this analytical investigation, the nonlinear behavior of the proposed MRF

designs are better understood. It can be found from these analyses that panel zone flexibil

ities in the MRF greatly change the static and dynamic characteristics of the whole frame.

The dynamic response of each MRF design is highly dependent upon the ground accelera

tion characteristics: the Fourier amplitude and response spectra. Higher vibration modes

may well participate in the response of the structure to a specific ground acceleration. The

lengthening of structural periods due to the development of nonlinearities may also change

the relative participation of various modes. In assessing the nonlinear behavior of multi

degree-of-freedom systems, the application of the linear response spectra is found useful.

8.2 Design Procedures

For the purpose of this analytical study, the structure selected was a twenty-story,

three-bay by four-bay rectangular office building to be built in San Francisco, California.

As shown in Figs. 8.1 and 8.2, the lateral load resisting system for the building consists of

a three-dimensional moment resisting frame on the perimeter of the building. The gravity

load is supported by interior core columns in conjunction with the perimeter frame. The

structural system employed in this building is similar to the one used in the six-story office

building described in Chapter 7. However, the column spacings in the twenty-story struc

ture are smaller than those in the six-story structure. Perimeter frame or framed tubular

systems with columns spaced closer than ten feet have gained wide acceptance as the major
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lateral force resisting system for tall buildings [60].

The floor-ta-floor height of the building was selected as 12.5 feet for typical floors

and 18 feet for the ground floor and the basement floor as shown in Fig. 8.3. The total

building height is 255.5 feet above the ground floor. The composite floor framing is made

of 2.5-inch regular weight concrete fill over a 3-inch metal deck on steel wide flange sec

tions. The weight of a building floor, including partitions, ceiling and mechanical piping,

was assumed to be 100 pounds per square foot (psf) for typical floors and the roof. The

exterior window wall system was assumed to weight 35 psf average over the exterior surface

of the building. The design live loads were 80 psf and 20 psi for the typical floor and roof,

respectively. As noted in Chapter 7, the 80 psf design live load is higher than 50 psf as

usually specified [1,46]. This higher design live load is often adopted by design offices in

order to accommodate various tenants' needs. However, the live load reduction per ANSI

[46] was used to design individual members. The magnitude of the wind load and its

effects on the proposed building were assumed to be less significant than the earthquake

force and were not considered in the design.

8.2.1 Static Lateral Force Procedure

In the preliminary design, the design seismic force was based on the new equivalent

lateral force procedure recommended by SEAOC [47]. As described in Chapter 7, the

design seismic force coefficient can be determined by using Eqs. 7-1 and 7-2. The funda

mental period of the building can be determined using either method A or B as described

in Section 7.2. That is:

Method A:

TA = Ct (hn )3/4 = 0.035 (255.5)3/4 = 2.24 sec.

Method B:

TB = Fundamental period, within certain limits, calculated in a properly substan

tiated analysis.
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As demonstrated in Section 7.2, the upper bound value for the period determined using

method B is 1.4 times the period obtained from method A. However, the minimum ratio

for £ of 0.075 also limits the period allowed in deriving the design base shear. In our
Rw

case,

TB
IDaX = 1.40 X TA = 3.13 sec.

Let the site coefficient for soil characteristics, S, equal to 1.5. From Eq. 7-2 and the

minimum ratio for .f..- of 0.075:
Rw

(
1.25 S ]312

T
IDaX = 0.075 R

w
= 3.0 sec.

Therefore, the minimum ratio for £ governs.
Rw

The total dead load considered includes the dead load on the floor and the weight of

the facade. Live load was not considered in calculating the lateral force. As a result, the

total seismic dead load, W, is 15,000 kips, based on the weight of twenty floors above the

ground floor. Therefore, the base shear can be computed as follows:

Z = 0.4,

1=1,

Rw = 12 for special moment resisting space frame,

T = 3.0 seconds,

S = 1.5,

C = 0.90,

V = Z leW = 0.0292 W = 438 kips.
Rw

The base shear force derived above was vertically distributed in both principal direc-

tions as recommended in SEAOC's provisions between the second floor and the roof floor.

The concentrated force, FT' applied at the roof level was found to be 0.25V.



- 132-

The preliminary column sizes for the frame were first selected according to the tribu

tary gravity load carried by each column. The beams were then chosen such that the

strong-column and weak-beam relationship was roughly maintained. The steel beams and

columns were assumed to be A36 material. Assuming rigid floor diaphragms, an elastic

analysis of the three dimensional model was performed using the ETABS [43] computer

program. The member properties were based on bare steel sections. The effect of the finite

joint size was considered by formulating member stiffnesses with member clear spans plus

50% of the panel joint sizes. Since the story drift at the basement level was insignificant,

the base of the columns were assumed pinned. The rigidities of the basement wall were

taken into account using external springs of large stiffness located at the first floor level.

The lateral forces were applied in conjunction with the gravity load. The accidental tor

sional effect was accounted for by appling the lateral force in each direction at an eccentri

city equal to 5% of the building dimension at each level perpendicular to the direction of

the force considered. The resulting stress ratios for all members were checked based on the

1978 AISC [4] specifications (Sections 1.6.1 and 1.6.2) for the following load combina

tions:

(1) DL+ LL

(2) DL+ LL + EQX

(3) DL+ LL + EQY

(4) DL-EQX

(5) DL-EQY

The four comer columns were check for additional load combinations:

(6) DL + LL + 1.0XEQY + 0.3XEQY

(7) DL + LL + O.3XEQY + 1.0XEQY

The effective length factor for columns were based on the alignment chart procedure

recommended in the AISC commentary [4]. The allowable stresses for the beams and

columns were increased by 33% for load conditions including seismic force. Moreover, the
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column compression strength, defined as 1.7FaA, and the tension strength, defined as

FyA, were checked for two additional load combinations as defined in Eqs. 7-4a and 7

4b. In applying these two equations, the effective length factor was taken as unity in com-

puting the allowable stress, Fa' for the column compressive strength as defined above.

Member sizes were evaluated based on the stress ratios and story drifts obtained from the

analysis. New member sizes were selected and subsequent analyses were iterative in nature.

AU members were to satisfy the compact section requirements [4]. In each analysis, the

fundamental period of the frame was also assessed in order to examine the design lateral

force.

Similar to the six-story building described in Chapter 7, the twenty-story MRF in line

1 carries 50% of the lateral force in the transverse direction while carrying only about

12.5% of the floor gravity load. The allowable story drift under the specified lateral force

is O~03_ or 0.0025. Most member sizes were found to be governed by the story drifts of
w

the frame under the prescribed lateral force. The periods obtained from these analyses

were often found to be about 3.6 seconds. Since limitations of the fundamental period in

seismic force calculations for member strength designs do not apply to the case for story

drift calculations, the design seismic force was relaxed for drift calculations. In the final

stage of the preliminary design, the design seismic force was reduced based on a funda-

mental period of 3.6 seconds for story drift calculations. That is:

T = 3.6 seconds,

S = 1.5,

C = 0.80,

V = Z leW = 0.0266 W = 400 kips.
Rw

In summary, the member strength of the MRF were sized based on a base shear of

0.0292W or 438 kips and the frame stiffness was evaluated based on a base shear of

0.0266W or 400 kips. Finally, a set of beams and columns was selected for the proposed
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twenty-story structure as shown in Fig. 8.3. For the purpose of discussion, only the results

in the transverse frame are presented. It was found that most of the members in the higher

levels were governed by the stiffness requirement while the member in the lower levels were

governed by the strength demand. The story forces and shears based on a base shear of

400 kips and the associated floor displacements and story drifts are tabulated in Table 8.1.

8.2.2 Dynamic Lateral Force Procedure

It is required- per SEAOC's [47] provision and 1988 UBC [59] that buildings over 240

feet in height and in seismic zones 3 and 4 require the dynamic lateral force procedure.

Therefore, a three-dimensional elastic dynamic response spectrum analysis was performed

for the proposed structure obtained above using the normalized response spectra recom-

mended in the SEAOC's provision.

Number of Modes

The number of modes considered was the first nine modes. Note that the proposed

twenty-story structure possesses sixty vibration modes in its three-dimensional model. It is

required per SEAOC [47] provision that at least 90% of the participating mass in each

direction of the structure be included in the calculation of the response. This requirement

represents an approximated basis for providing an acceptable degree of accuracy in the

computation of dynamic base shear using the first few modes. The adequacy of the

n~ber of modes considered can be examined by summing the ratio of the effective modal

mass to the total mass for each mode being considered in each principal direction.

It can be shown [33] that the base shear, V (t), in each translational direction at time

tis:

Vet)

where OLn , Mn and <Un are the modal participation factor, modal mass and modal
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frequency, respectively. The maximum nth contribution to the total base shear is:

where San is the spectral acceleration associated with the nth mode. Hence each modal

contribution Vn to the base shear is directly proportional to the effective modal mass,

(X2
_n_, for a constant unit spectral acceleration. It can be proved [33] that, in the k th princi
Mn

pal direction:

where the total mass in the eh principal direction, MTk , is given [33] as:

in which mk is the mass matrix for the eh principal direction. Therefore, in each princi-

pal direction, if all modes are included in the summation, it can be proved [33] that:

The effective modal mass ratios for the first nine modes are tabulated in Table 8.2. It can

be found that the total effective modal masses of the first nine modes are 92.9, 91.4 and

97.2 percent of the corresponding total mass in the longitudinal, transverse and torsional

directions, respectively. Table 8.2 also shows the participation factor in three principal

directions, the vibration periods and the circular frequencies of the first nine modes. It

can be seen that the first, the fifth and the eighth modes are primarily in the transverse

direction.
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Modal Combination

The normalized response spectra given by SEAOC [47] was first scaled with a factor

of _1_ (Fig. 8.4) and applied in both translational directions for the three-dimensional
Rw

ETABS model. The peak floor displacements, story drifts, story forces, story shears and

member forces were combined in a statistical manner using the Complete Quadratic Com-

bination (CQC) procedure [61] with 5% damping for all modes considered. The CQC

method is based on random vibration theories and requires that all modal response terms

be combined using the following equation:

qk ~ [~7 qki Pij qkj ]112 (8-1)

where qki is the eh component of the i th spectral modal response vector, Qrax. The

spectral modal response vector, Qrax, can be the displacement vector or any associated

force vector. The cross-modal coefficients, Pij' are functions of the duration and fre-

quency content of the loading and of the modal frequencies and damping ratios of the

structure. If the duration of an earthquake is relatively long compared to the fundamental

period of the structure, and if the response spectrum is smooth over a wide range of fre-

quencies, then these coefficients can be approximated as cross-correlations between modal

responses. For constant modal damping, ~, the cross-modal coefficient, Pij' reduces to:

Pij = (8-2)

W'
where r = _I, is the ratio of the corresponding modal frequencies. The complete

Wj

development of the CQC method for more general cases can be found in reference [62].

Note that when r = 1, Eq. 8-2 gives Pij = 1.0. For r -< 0.67 and ,= 0.05,

Pij sO.055. This demonstrates that the cross correlation between modal responses dimin

ishes rapidly when the corresponding modal frequencies are well separated. The well
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known Square-Root-of-Sum-of-Square (SRSS) is merely a special case when the cross corre-

lations between two different modes approach zero. For our case, the cross-modal coeffi-

cients for the first nine modes are tabulated as follows:

Mode 1st 2nd 3rd 4th 5th 6th 7th 8th 9th

I th 1 0.7576 0.0419 0.0069 0.0065 0.0027 0.0024 0.0021 0.0013

2nd I0.7576 1 0.0542 0.0079 0.0074 0.0030 0.0027 0.0024 0.0014

3rd 0.0419 0.0542 1 0.0251 0.0227 0.0070 0.0061 0.0053 0.0029

4th 0.0069 0.0079 0.0251 1 0.9184 0.0423 0.0332 0.0258 0.0108

5th 0.0065 0.0074 0.0227 0.9184 1 0.0483 0.0374 0.0287 0.0116

6th 0.0027 0.0030 0.0070 0.0423 0.0483 1 0.7414 0.3779 0.0519

7th 0.0024 0.0027 0.0061 0.0332 0.0374 0.7414 1 0.6769 0.0696

8th 0.0021 0.0024 0.0053 0.0258 0.0287 0.3779 0.6769 1 0.1035

9th 0.0012 0.0014 0.0029 0.0108 0.0116 0.0519 0.0696 0.1035 1

The most significant cross-correlations can be seen between the fourth and fifth

modes. The resulting maximum base shears obtained by the CQC procedure were 756.8

kips and 739.7 kips in the longitudinal and the transverse directions, respectively. There-

fore, the response maximums were scaled as follows:

(1) The maximum story displacements and the maximum story drifts were scaled down

with factors of 400/756.8 and 400/739.7 for the event in the longitudinal and

transverse directions, respectively. The resulting maximum story forces, story shears,

floor displacements and story drifts for the transverse frame are tabulated in Table 8.1

along with the specified static lateral forces and the associated responses described

previously.

(2) The maximum forces in each member were scaled down with factors of 438/756.8 and

438/739.7 for the event in the longitudinal and transverse directions, respectively.
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From Table 8.1, it can be seen that the maximum story shear force distribution,

column 6, obtained from the CQC procedure is more of an uniform type rather than a tri-

angular distribution with a concentrated force at the roof level, column 2, obtained from

the prescribed static force procedure. As a result, the floor displacement, column 8, and

the story drift, column 9, of each floor obtained from the CQC procedure are substantially

larger than those, columns 4 and 5, obtained from the static force procedure. The scaled

maximum member forces obtained above were checked as for the static cases. The stress

ratios of all members were found to be well below that allowed. In all ETABS analyses,

the P -A effects were considered approximately using linearized geometric stiffness terms

in the structural stiffness matrix [63]. Therefore, the lengthening of the period and the

change of mode shapes due to P -A effects were accounted for.

8.2.3 Beam-Column Panel Zone Designs

Based on the results from these elastic analyses, the member sizes of the MRF

described above were taken. The sizes of the beam and the column are shown in Fig. 8.3.

The frame is symmetrical with respect to the frame center line. The floor girders shown in

the center bays were also used in two end bays. All members are of A36 grade steel. How-

ever, for the purposes of this analytical investigation, three final MRF designs for the

transverse frame with different panel zone designs were determined as follows:

Design 1

The doubler plate thicknesses were determined based on SEAOC provisions as fol-

lows:

The panel zone design shear force is:

VB = '2:.M -H
O.95db

where the column shear, H, is:

(8-3a)

(8-3b)
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2M = MDL + Mu + 1.85XME (8-4)

where db and Lh are the beam depth and column height, MDL' Mu and ME are

the bending moments due to dead, live and the prescribed seismic load respectively.

The doubler plates were sized so that the panel zone shear force did not exceed the

strength given as:

(8-5)

In Eq. 8-5, t includes the thickness of doubler plate and other terms are as defined in

Fig. 5.9. The resulting doubler plate requirement is shown in Table 8.3 for one typi-

cal exterior and interior columns. Since the requirement is negligible, it was decided

that no doubler plate was to be provided for MRF Design 1. The member sizes for

MRF Design 1 can be found in Fig. 8.3.

Design 2

The design shear force for the panel zone joints was increased using the flexural

strength of the beams framed into the joint, 'i-Mp , rather than the bending moments

as defined in Eq. 8-4. The required and the as-provided doubler plates are shown in

Table 8.3. The doubler plates provided are also shown in Fig. 8.6 near the intersec-

tions of beams and columns along with the member sizes.

Design 3

The doubler plate thicknesses were determined based on 80% flexural strength of the

beams framed into the joint, O.8X2-M"p, rather than the bending moments as defined

in Eq. 8-4. The required and the as-provided doubler plates are tabulated in Table

8.3. The doubler plate thicknesses and the member sizes are shown in Fig. 8.7.

In all designs, except Design 1, doubler plate thicknesses were rounded to the nearest

1/16 inch with a minimum thickness of 3/8 inch whenever a doubler plate was required.
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As a result, except in Design 1, the joint shear strength was always greater than that

required by Eq. 8-3. As mentioned previously, the actual flexibility of the joints was not

considered in the formulation of structural stiffness when the ETABS analyses were per

formed. Instead of modeling the joints explicitly, it was assumed in ETABS that the

member lengths were the clear spans plus a certain portion of the panel zone dimensions.

Therefore, the elastic mode shapes and the vibration periods obtained would be identical

for all three MRF designs if the ETABS computer program was used with the same rigid

end offsets. As mentioned in Chapter 5, a nonlinear joint element was implemented and

incorporated in the ANSR-1 [40] computer program where the effects of joint flexibilities

can be considered. The effects of the flexible joints can be examined.

8.3 ANSR-l Models

In order to assess the nonlinear behavior of tall steel MRFs, the proposed twenty-story

MRFs, having fundamental periods larger than 3.5 seconds, were further studied using the

ANSR-1 [40] program. For the purposes of this analytical investigation, only two dimen

sional models for the transverse frame were studied in order to reduce the amount of data

which would have been generated from the analyses of complete three-dimensional models.

Without considering torsional effects, it was assumed that 50% of the lateral force was

resisted by the transverse frame. Each floor diaphragm was assumed to be rigid in its own

plane, and the ground floor was laterally restrained with rollers to account for the rigidity

of the basement wall (Fig. 8.5).

As mentioned in Chapter 5, the value of viscous damping for the MRF models was

assumed to be 3%, unless otherwise noted, of the values of the critical damping of the first

two modes. The properties of the beam, column and joint elements of the MRF designs

for the ANSR-1 analyses were determined using the methods described in Sections 5.6.3

and 5.7.4. These results are based on a steel yield strength of 36 ksi. The strain harden

ing ratios were set at 4% for all beams, columns and joints, unless otherwise noted. The
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Modulus of Elasticity and Poisson's Ratio for steel were assumed to be 29,000 ksi and

0.25, respectively. As noted in Eq. 5.52, the specification of ao ' the ratio of the total

panel zone thickness to column web thickness, allows various joint stiffnesses to be formu-

lated conveniently.

As described in Section 5.7, the yield strength of the joint element was given in Eq.

5-52d:

It was assumed that the effects of the column axial force, the column shear force and the

column flange thickness canceled each other out. This approximate yield strength well

agrees with the results found in the nonlinear finite element studies described in Chapter 6.

It also agrees with the strength at first yield of the beam-column panel zone subassemblages

tested in the past experimental studies [9,14,49,51]. In these experimental studies, panel

zone joints also exhibited significant reserve strength after the first yield. It may seem con-

servative in defining the yield strength of the joint element at first yield of the panel zone

while specifying the beam yield strength as the plastic moment capacity, Mp , of the bare

steel section. However, since the strength contribution of the floor slab is not included in

the strength of the girder, the conservatism of the yield strength for the joint element is

believed to be insignificant.

For MRF Design 2, in which the panel zone joint design incorporated the beam plas-

tic moment capacity, the relationship of the yield strength of the joint element and the

beam element in the ANSR-1 model can be evaluated as follows:

Equating the design strength and the design force for MRF Design 2 gives:

(8-6a)

or



- 142 -

(8-6b)

where t is the total thickness of the panel zone joint. For typical W27 beams and a typi-

cal floor-to-floor height, Lh , of 12.5 feet, the value in the parenthesis is about 0.92.

Clearly, depending upon the panel zone thickness provided, the yield strength for the joint

element, M;, given in Eq. 5-52d may be smaller than the sum of the plastic moment capa

city of beams framed into the joint. Therefore, in ANSR-1 model for MRF Design 2, the

joint element may still have yielded before the hinge formed in the beams framed into the

joint unless the joint strength or the doubler plate provided is significantly larger than it

was designed for.

Therefore, in order to assess the plastic rotational demand of floor beams and the

effects of overstrength of panel zone joints in the proposed MRF, joint elements with a

larger yield strength were considered for MRF Model 4 as follows:

Model 4

Using the member sizes and the doubler plates of MRF Design 2, MRF Model 4

incorporated the column flange contributions into the formulation of the yield strength for

the joint element. That is:

(8-6)

Since the stiffness of the joint element remained unchanged as given in Eq. 5-52c, the elas-

tic mode shapes and periods were identical to those of MRF Design 2.

The gravity load was based on the tributary beam load taken by the transverse frame,

and the weight of the facade was assumed uniformly distributed to the spandrels. The

gravity load was applied to the MRF models by specifying fixed end forces at the beam-

column intersections. As noted previously, the transverse frame in line 1 carries 50% of

the lateral force in the transverse direction while carrying only about 12.5% of the floor
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gravity load. Since the floor was assumed rigid and the lateral force is completely resisted

by the perimeter frame, the P -1:1 effects of the interior core columns have to be taken by

the perimeter frame. In order to account for the complete P -1:1 effects of the structure, a

special modeling technique is employed: an additional column line is introduced as shown

in Fig. 8.5. The column is pin ended and connected to the two-dimensional frame at each

floor level by a truss bar transferring only axial force. In the ANSR-1 model, the pin

ended columns and the truss bars are members with very large cross-sectional areas and

small moments of inertia. The P -1:1 effects from the leaning core columns can be

included by loading the pin ended columns at each floor level with the tributary gravity

load from the leaning columns.

8.4 Static Deformation Characteristics of the 20-Story MRFs

8.4.1 Effects of Panel Zone FJexibiJities

As mentioned previously, the effects of panel zone flexibility can be approximately

accounted for by formulating the member stiffness based on the member clear span plus

certain portions of the beam-column joints. This approximate method, which requires no

additional joint element and minimizes the total number of equations that has to be

solved, has been widely accepted in the industry without considering the relative stiffness

and the dimension of the panel zone joint with respect to the connecting members. The

accuracy of the approximation is believed to be dependent on the ratio of the panel zone

dimension to the member length as well as the panel zone relative stiffness. The effective

ness of this approximated method can be studied by using the joint element incorporated

in the ANSR-1 program [40] and the results can be compared with that obtained byadjust

ing the member length in formulating member stiffness [43].

In order to examine the effects of the various doubler plate designs in MRF Designs

1, 2 and 3 and the approximated method in computing lateral displacements, the results of
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several static analyses using both the ANSR-1 and the ETABS [43] programs can be com

pared. The member stiffness of two MRF models in ETABS analyses, denoted as 50%

Rigid and 0% Rigid, were based on the member clear span plus 50% and 100% of the

panel zone dimensions, respectively. As described in Sections 8.2.3 and 8.3, panel zone

joints designed for 1.85E, Mp and O.8Mp have been incorporated into the ANSR-1

models for MRF Designs 1, 2 and 3, respectively. These ANSR-1 models incorporated the

actual panel zone thickness in formulating the stiffness for each joint element. The frame

lateral displacements of these models resulting from the prescribed seismic forces described

previously are tabulated in Table 8.4. The resulting lateral displacements along the height

of the building are also plotted in Fig. 8.8. Note that the P -~ effects were incorporated

in computing the lateral displacements for all models. Table 8.4 also shows the first five

vibration periods for each model obtained from the associated analysis.

From Table 8.4 and Fig. 8.8, it can be seen that the ETABS model considering 50%

rigid beam-column intersections grossly underestimated the lateral displacements of all

MRF designs while the model with center-to-center line stiffness predicted the lateral dis

placements of MRF Design 2 in which panel zone joints were designed for Mp of the

beams. The roof displacement obtained from the ETABS 50% Rigid model is about 73%,

87% and 82% of that obtained from the ANSR-1 models for MRF of Designs 1, 2 and 3,

respectively. Obviously, the ETABS 0% Rigid model showed better performance. The

roof displacement obtained with this model is about 83%, 99% and 94% of that obtained

with MRF models for Designs 1, 2 and 3, respectively. The error is still large when the

panel zone joints are relatively flexible as in the model for MRF Design 1.

8.4.2 Corrections of Elastic Story Drifts to Account for Joint Deformations

Since most of the structural analysis programs currently used in the building industry

[32,43] do not allow the panel zone joint to be modeled explicitly, a methodology which

incorporates the panel zone deformations into the drift calculations is useful. For this
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reason, a method which incorporates average panel zone joint deformations in each floor

into the corresponding story drift was examined.

In this study, MRF Design 3 was used as the model structure. First, the modified

ANSR-l model for MRF Design 3 was staticaIIy loaded with the prescribed seismic forces

in the analysis Run 1. The modifications made for the ANSR-1 model, using a very large

stiffness for all joint elements, are meant to exclude the panel zone deformations from the

frame lateral displacement. This makes it equivalent to a MRF model whose member stiff-

ness formulation is based strictly on the member clear span. The resulting story drift for

the analysis RUN 1 is tabulated in column 7 of Table 8.5. Secondly, using the beam end

moments obtained from the analysis RUN 1, the panel zone deformation, "1, of each joint

was then estimated as follows:

"£M
(8-7)

where "£M is the sum of the bending moments due to the gravity and lateral load of beams

which framed into the joint, db' de' and t are the beam depth, the column depth and the

panel zone thickness, respectively. The resulting panel zone deformation in each joint is

tabulated in columns 2 through 5 of Table 8.5. In column 6 of the table, the average of

the four joint deformations for each floor is also tabulated. The sum of the components in

columns 6 and 7 for each floor is tabulated in column 8. The story drifts tabulated in

column 8 can be viewed as the corrected story drifts for the inclusion of panel zone defor-

mations.

Finally, an unmodified ANSR-l model, using the actual panel zone thickness in for

mulating the joint stiffness, was analyzed in the analysis RUN 2. The resulting story drift

is tabulated in column 9 of the Table 8.5. In both analyses RUN 1 and RUN2, the P-A

effects were deliberately excluded. Therefore, the performance of the method described

above can be assessed by directly comparing the results tabulated in columns 7, 8 and 9.

Story drift ratios, obtained from dividing the value in column 7 by that in column 9 are



- 146-

tabulated in column 10, indirectly demonstrate the participation of panel zone deforma

tions in the total story drift of each floor. It can be seen in column 10 of Table 8.5 that

panel zone deformations can contribute as much as 27% of the total story drift in the fifth

floor of MRF Design 3. Story drift ratios, obtained by dividing the value in column 8 by

that in column 9 are tabulated in column 11, indicate that the simple method described

above can provide satisfactory results in correcting the story drifts. A better result can be

expected if the average panel zone deformations, tabulated in column 6, of two adjacent

floors can be further averaged for the associated story drift correction.

In summary, the method incorporates the actual panel zone stiffness provided in each

joint in calculating the story drifts under any prescribed lateral forces. It can be applied

easily in the design offices where panel zone joint stiffness can not be modeled directly

using regular structural analysis programs.

8.4.3 P -ti. Effects

The significance of the joint flexibilities and the P -ti. effects in computing the total

lateral displacement for the proposed 20-story MRF can be examined by plotting the lateral

displacements obtained from various MRF models.

In this study, the lateral displacements under the prescribed lateral force obtained

from previous analyses RUN 1 and RUN 2 are plotted in Fig. 8.9 together with the

analysis RUN 3 which incorporated the joint element as well as the P -A effects for the

MRF Design 3. It can be seen in Fig. 8.9 that the P -ti. effect is significant. In order to

further assess its significance, the total story drift can be divided into three components,

namely: the beam-column component, components due to panel zone flexibilities and the

P -ti. effects. The story drift components due to the beam-column deformations can be

computed directly from the relative story displacements obtained from the analysis RUN 1

and is tabulated in column 2 of Table 8.6. The story drift components due to the panel

zone deformations and the P -A effects can be obtained by taking the differences of the
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lateral displacements obtained between RUN 2 and RUN 1, RUN 3 and RUN 2, respec

tively. These three drift components of each floor are shown in columns 2 to 4 of Table

8.6 and are plotted in Fig. 8.9. Their relative contributions to the total story drift were

further computed and are shown in column 5 to 7 of Table 8.6. It can be seen from Fig.

8.9 and Table 8.6 that the contributions due to the panel zone deformations and the P -A

effects are quite significant, especially toward the lower floors of the MRF. From Table

8.6, it can be seen that the contribution of the panel deformations to the total story drift is

as high as 23.7% in fifth floor while that of the P -A effects contribute as much as 10% of

the total story drifts in the lower floors.

Note that the panel zone joints of MRF Design 1, with doubler plates designed for

1.85Mp , are even more flexible than those of MRF Design 3 in which O.8Mp of beams

have been used to design the panel zone joints. These clearly indicated that both the panel

zone deformations and the P -A effects can be significant and should be considered in the

analysis and design of the proposed MRF.

8.5 Dynamic Characteristics of the MRFs

The panel zone joint flexibilities also affect the vibration periods of the whole struc

ture. As mentioned previously, Table 8.4 shows the first five periods of each model. Note

that the P -A effects were incorporated [63] in the ETABS models. However, in the

ANSR-1 models, the vibration periods and mode shapes were computed prior to the calcu

lation of column axial forces, therefore, the P -A effects were not considered. In order to

account for the P -A effects in computing the period for the ANSR-1 model, an alterna

tive using Rayleigh method, as described in Section 7.4.3, can be adopted. In general, the

P -A effects lengthen the period but are negligible in comparison with the effects of the

flexible joint. From Table 8.4, it can be seen that the first mode period for the ETABS

0% Rigid model is about 1.08 times that for the 50% Rigid model. Similarly, the first

mode period of the ANSR-1 model for MRF Design 1 is about 1.08 and 1.05 times those
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for MRF Designs 2 and 3, respectively. Similar ratios for other modes can be found

between these models. Without using the joint element explicitly, there seems no direct

way of incorporating panel zone flexibilities into the calculations of vibration period.

Incidently, the ETABS model with 0% rigid joints predicted the first five periods of the

ANSR-1 model for MRF Design 3 well, as shown in Table 8.4.

The first three mode shapes of the ANSR-1 models for MRF Designs 1, 2 and 3 are

shown in Table 8.7 and Fig. 8.11. It can be seen from the figure that the shapes for

Designs 1, 2 and 3 of any of these three modes are similar to each other. It somewhat indi

cates that the effects of the panel zone stiffness in the computations of mode shapes for the

proposed twenty-story MRF are relatively insignificant.

In order to evaluate the distribution of floor lateral deformations in each mode shape,

a relative story drift index was computed for each floor using the mode shape components

as the floor lateral displacements. For this purpose, the first three mode shapes of the

ANSR-1 model for MRF Design 3 were used. The intent of this work is to examine the

relative deformation demands among all floors when the frame oscillates in each specific

mode. The resulting normalized relative story drift indices for the first three modes are

plotted in Fig. 8.12. These drift indices shown in the figure have been normalized and

indicate the relative deformation demand in each floor for the associated vibration mode.

It can be seen from the figure that larger story deformations can be expected at the third

floor through tenth floor if the MRF is vibrating in its first mode. Larger deformation

demands occur at the fourteenth through seventeenth floors and the ninth to tenth or

seventeenth to nineteenth floors for the second and third modes, respectively. The defor

mations of members or joints are expected to be more severe in these floors when the

frame is excited predominately in the corresponding mode.
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8.6 Dynamic Characteristics of the Selected Ground Accelerations

8.6.1 Selections of Ground Acceleration

Several earthquake records were used to assess the dynamic performance of the 20

story MRF designs. Moreover, in order to realistically assess the extent of nonlinearities

within the structure, the earthquakes selected had to be representatives of actual, strong

earthquake motions. Accordingly, four ground acceleration inputs were chosen as follows.

(1) The N65E component of the first twenty seconds of the original 1966 Parkfield Earth-

quake possessed a peak ground acceleration of 0.49 g. This event is denoted as PK.

The original record was recorded at a site 200 feet away from the fault rupture.

Therefore, the event exhibited near-fault ground motion characteristics with impulsive

types of excursions.

(2) The NS component of the first twenty seconds of the original 1940 EI Centro Earth

quake was scaled to a peak ground acceleration of 0.5 g by a factor of 1.5. This

event is denoted as I.5EC. The original record of this earthquake was recorded in the

epicentral area during the earthquake and is considered to be a strong motion record

[56] and has been widely used in earthquake engineering.

(3) The NS component of the first ten seconds of the original 1978 Miyagi-Ken-Oki

Earthquake which possessed a peak ground acceleration of 0.26 g was scaled to a

peak ground acceleration of 0.39 g by a factor of 1.5. This event is denoted as

I.5MO.

(4) The EW component of the first eighty seconds of the original 1985 Mexico Earth

quake possessed a peak ground acceleration of 0.17 g. This event is denoted as MX.
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8.6.2 Acceleration Histories, Fourier Amplitudes and the Associated Response Spectrum

The peak ground acceleration can be obtained directly from the acceleration history

of the corresponding earthquake. However, the magnitude of the peak ground accelera

tion has no direct indication of its frequency contents and the response that the given struc

ture may undergo. Therefore, it is useful to obtain the associated Fourier amplitudes and

the response spectra for a range of structures with a certain damping ratio. For this reason,

the ground acceleration history, the associated Fourier amplitude and the linear elastic

pseudo-acceleration spectra for 2 and 5 percent damping ratios were computed and plotted

in Figs. 8.13 through 8.16 for events PK, 1.5EC, 1.5MI and MX, respectively. In Figs.

8.17 through 8.20, three response spectra quantities of various damping ratios are also plot

ted on a tripartite diagram for events PK, 1.5EC, 1.5MI and MX, respectively.

In these linear elastic response spectra, the extent of response to the ground accelera

tion can be readily obtained for any given elastic single-degree-of-freedom (SDOF) system

with specific period and damping. However, the limitation in its application is that the

response is assumed to be linearly elastic. Nonlinear response spectra can be constructed

using a strength ratio for the bilinear SOOF system [52]. Nevertheless, the amount of each

elastic modal response to be expected is still a very significant indication of the ground

motion intensity to a multi-degree-of-freedom system. In Fig. 8.21, elastic response spectra

for 3% damping system are plotted compositely for all selected earthquake events. In this

figure, the vibration periods of the first three modes for MRF Designs 1, 2 and 3 are also

indicated. Note that the vibration period will be lengthened somewhat once the nonlinear

ities in the system take place as observed in some experimental research [58].

By inspecting the periods of the proposed MRFs and the corresponding spectral

pseudo-accelerations, it can be seen from Fig. 8.21 that the second and the third modes are

expected to be well excited by event PK and event 1.5MO. Moreover, event 1.5EC,

widely used in earthquake engineering research, appears to possesses least damage poten

tial to the proposed MRFs among the selected earthquake events. Event MX , the original
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1985 Mexico Earthquake, possesses the largest spectral pseudo-acceleration value for the

first mode of the given MRFs while excites the second and the third modes relatively insig

nificantly. However, the effects of one key element in the earthquake motion, the dura

tion of the significant accelerations, is of particular interest in our study.

8.7 Nonlinear Dynamic Analyses of the 20-Story MRFs

In order to assess the nonlinear behavior of the proposed MRF designs, several non

linear dynamic analyses using the ANSR-l program were performed. The selected earth

quake events mentioned in Section 8.6 were used as the input ground motions for each

ANSR-l model. As described previously, the analytical models for MRF Designs 1, 2,

and 3 incorporate panel zone joints designed for 1.85ME ,Mp and O.8Mp , respectively.

The MRF Model 4 possesses the same panel zone joint stiffness as that for the model of

MRF Design 2 but with a larger yield strength for joint elements. In all analyses, the

p -~ effects incorporating the interior leaning core columns were considered. The result

ing story shears, story displacements and story drifts obtained from these analyses were stu

died. The extent of the panel zone joint deformation, the maximum plastic hinge rotations

of the beams, the columns and the panel zone joints of each model during each earthquake

event were also examined. In examining the dynamic behavior of the proposed MRF

designs, it was found that the plots of mode shapes, the associated story drift indices and

the pseudo-acceleration spectrum for the selected earthquakes as shown in Figs. 8.11, 8.12,

and 8.21, respectively, are particularly useful. The results are summarized for each event

as follows.

8.7.1 Response to the Parkfield Earthquake
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8.7.1.1 Maximum Floor Displacements During Event PK

In Fig. 8.22, the floor displacement envelopes of each MRF design and the

corresponding floor displacements at instances when the maximum roof displacement

occurred during the event are plotted. It can be found in Fig. 8.22a that the participation

of the second and the third modes in floor displacements was quite obvious for all MRF

designs. The stiffest model, MRF Design 2, experienced the largest roof displacement while

the roof of the least stiff model, MRF Design 1, deformed least severely among all of the

MRF designs. However, the relatively larger floor displacements which occurred in the

lower floors of MRF Design 1 indicate that the participation of the second mode is more

pronounced in MRF Design 1 than in the other two MRF designs. This can be concluded

by inspecting the plot of the second mode shape in Fig. 8.11 and the corresponding drift

indices shown in Fig. 8.12.

8.7.1.2 Maximum Story Shears and Maximum Story Drifts During Event PK

The maximum story shears and maximum story drifts that occurred during the event

in each MRF design are plotted in Fig. 8.23. The shapes of the maximum story shears

also suggest the strong participation of the second and third modes. Moreover, MRF

Design 2, the stiffest MRF of alI designs, attracted more story shear in each floor than did

the other two MRF designs. On the other hand, MRF Design 1, the least stiff design, was

subjected to the least story shears among those observed in the three MRF designs. This

can be rationalized from the psuedo-acceleration spectra, as plotted in Fig. 8.21, even

though the difference in the story shears for MRF Designs 1 and 2 is quite substantial in

the tenth floor through the fifteenth floor. This may well attribute to the sharp decrease of

the spectral pseudo-acceleration within the period range for the third mode. Note that

MRF Design 2 is subjected to a maximum base shear of about 600 kips, almost three times

the code prescribed base shear noted in Section 8.2. Moreover, the shape of the maximum

story shear envelopes do not suggest a high concentrated force applied at the roof level as
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required by the static lateral force procedure in the code.

The maximum story drifts of each floor which occurred during the event are plotted

in Fig. 8.23 for MRF Designs 1, 2, and 3. From the figure, it can be found that the max

imum story drift that occurred among all MRF designs is about 1.7 percent or 0.017 radi

ans. Although the variation of the maximum story drifts along the building height is large

in all MRF designs, all designs are considered to have performed adequately. MRF

Design 1, the least stiff design, exhibited smaller story drifts at most floors than did the

other two MRF designs. The maximum story drift that occurred during the event is at the

twelfth floor of MRF Design 2 and is about 6.8 times that allowed under the code

prescribed lateral force.

8.7.1.3 Effects of Panel Zone Joint Overstrength on Floor Displacements and Story

Shears During Event PK

The effects of panel zone joint overstrength on maximum response can be studied by

plotting the response envelopes for MRF Design 2 and Model 4. In Fig. 8.24, it can be

found that MRF Model 4 experienced slightly larger floor displacements. However, the

maximum floor displacements for MRF Model 4 are almost identical to those for MRF

Design 2. In Fig. 8.25, it can be seen that the maximum story shears and the maximum

story drifts for MRF Model 4 are somewhat larger than those for MRF Design 2, but the

differences are negligible.

8.7.1.4 Maximum Panel Zone Deformations During Event PK

The maximum panel zone joint deformations of each MRF design are tabulated in

Table 8.8. It can be found in the table that the maximum total panel zone deformation

which is as high as 0.0119 radians occurred at the thirteenth floor on the column line C of

MRF Design 1. The maximum panel zone deformations of MRF Designs 2 and 3 are

0.0095 and 0.01186 radians, respectively. The extent of the maximum panel zone
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deformations in the frame can be best understood by plotting each panel zone deformation

on the frame elevation. As shown in Fig. 8.26, maximum panel zone deformations of

each MRF design are plotted using circles of radii corresponding to the associated panel

zone deformation. The center of the circle is located at the center of the beam-column

intersection.

In Fig. 8.26, a circle of one quarter-inch radius is equivalent to 0.01 radians of panel

zone deformation as indicated above the plot for MRF Design 2. Note that the panel zone

deformations shown in Table 8.8 and Fig. 8.26 are the total deformation that occurred in

each joint. The yield deformation of the panel zone joint is defined as the average shear

yield strain of the panel zone. Therefore, the yield deformations for all panel zone joints

are identical and can be computed as follows:

M*
'Yy = k~ =

e

~ = 0.00186 radiansGv3 (8-8)

where M; and k; are the yield moment and the elastic stiffness of the joint as defined in

Eqs. 5-52c and 5-52d, ITY and G are the yield strength and the elastic shear modulus,

respectively. A yield circle of radius corresponding to the yield joint rotation is also shown

in Fig. 8.26 above the plot for MRF Design 3. In Fig. 8.26, a circle of radius larger than

that of the yield circle implies the formation of a plastic hinge at the corresponding joint.

In Table 8.8, it can be found that the largest panel zone deformations occurred dur-

ing the event are about 6.4, 5.1 and 6.4 times the yield deformation for MRF Designs 1, 2

and 3, respectively. Moreover, the extent of the panel zone deformations is more severe at

the tenth floor through fifteenth floor for each MRF design. The extent of the panel zone

plastic rotations can be obtained by subtracting the yield rotations from the total panel zone

deformations.
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8.7.1.5 Maximum Beam, Column and Panel Zone Joint Plastic Hinge RotaHons During

EventPK

Using circles of various radius, the extent of the plastic hinge rotations for the beams,

columns and panel zone joints in MRF Designs 1, 2, 3 and Model 4 are plotted in Figs.

8.27, 8.28, 8.29, and 8.30, respectively. The center of the circle for a beam or a column

end hinge rotation is located at a point two feet from the associated beam-column intersec

tion. In Figs. 8.26 through 8.30, a circle of one-quarter inch radius has been deliberately

chosen to represent a plastic deformation of 1% or 0.01 radians. Therefore, the extent of

the element deformations among various MRF designs as shown in Figs. 8.26 through 8.30

can be directly cross-compared. Note that the circles in Fig. 8.26 indicate the total panel

zone deformations.

From these figures, the number of the panel zone hinges formed during the event are

found to be 49, 42, 39 and 37 for MRF Designs 1, 2, 3 and Model 4, respectively.

Although MRF Design 1, designed to have the weakest panel zone strength, developed

more panel zone hinges than any other MRF design did, the extent of the hinge deforma

tions and their distribution through the entire frame is more uniform when compared with

other MRF designs. It can be seen from these figures, the largest panel zone joint plastic

rotation, about 1% or 0.01 radians, occurred in both MRF Designs 1 and 3. Comparing

Figs. 8.28 and 8.30 for MRF Design 2 and Model 4, respectively, the effects of the panel

zone overstrength on the extent and distribution of hinge formations can be found insigni

ficant.

The extent of the beam and column hinge formations vary greatly between different

MRF designs. When the panel zone joint strength approaches the corresponding beam

flexural strength, as in MRF Design 2, the beam plastic rotation demand greatly increases.

Even in MRF Design 2 and MRF Model 4, where the panel zone joint strength approaches

the beam strength, only a few plastic hinges were formed in the columns. In regards to the

strong-column/weak-girder principle, the beam and the column strength for the proposed
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twenty-story MRF appears to be well proportioned. The maximum beam plastic rotation of

0.712% or 0.00712 radians occurred in the twelfth floor of MRF Model 4. During the

event, most of the beam plastic hinges were formed on beams located between the tenth

and the fifteenth floors of MRF Design 2 and Model 4. Very few beam plastic hinges were

formed in MRF Designs 1 and 3 and their plastic rotations are small.

8.7.2 Response to the 1.5*EJ Centro Earthquake

8.7.2.1 Maximum Floor Displacements During Event 1.5EC

In Fig. 8.31, the floor displacement envelopes of each MRF design and the

corresponding floor displacements at instances when the maximum roof displacement

occurred during the event are plotted. As can be expected from the psuedo-acceleration

spectra as shown in Fig. 8.21, the maximum displacement of each floor as shown in Fig.

8.31 is substantially smaller than that which occurred during event PK. Moreover, the

participation of the second and the third modes in floor displacements appears to be less

pronounced. Similar to what occurred during event PK, the stiffest model, MRF Design 2,

experienced the largest roof displacement while the roof of the least stiff model, MRF

Design 1, deformed least severely among all the MRF designs.

8.7.2.2 Maximum Story Shears and Maximum Story Drifts During Event 1.5EC

The maximum story shears and maximum story drifts that occurred during the event

in each MRF design are plotted in Fig. 8.32. MRF Design 2, the stiffest of all MRFs,

attracted more story shear in each floor, except in the ground floor, than did the other two

MRF qesigns. MRF Design 1, the least stiff design, was subjected to the least story shears

among those observed in the three MRF designs. Similar to the case in event PK, this can

be rationalized from the psuedo-acceleration spectra as plotted in Fig. 8.21. The difference

in the story shears for MRF Designs 1 and 2 is also quite substantial in the seventh floor
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through the thirteenth floor. This may attribute to the relatively larger spectral pseudo

acceleration near the period range for the third mode. Note that MRF Design 3 is sub

jected to a maximum base shear of about 470 kips, about 2.35 times the code prescribed

base shear.

The maximum story drifts of each floor which occurred during the event are also plot

ted in Fig. 8.32 for MRF Designs 1, 2, and 3. From the figure, it can be found that the

maximum story drift of most floors is well below 1.0 percent or 0.010 radians for all MRF

designs. Although the variation of the maximum story drifts along the building height is

large in all MRF designs, this event is not considered to be a strong earthquake for the

proposed MRF designs. MRF Design 1, the least stiff design, exhibited smaller story drifts

at most floors than did the other two MRF designs. The maximum story drift that

occurred during the event is at the ninth floor of MRF Design 2 and is about 3.8 times that

allowed under the code prescribed lateral force.

8.7.2.3 Effects of Panel Zone Joint Overstrength on Floor Displacements and Story

Shears During Event 1.5EC

The maximum floor displacements which occurred during event I.SEC are plotted in

Fig. 8.33 for MRF Design 2 and Model 4. From the figure, it can be seen that the max

imum floor displacements for both MRF Design 2 and Model 4 are almost identical. Since

MRF Design 2 and Model 4 possess identical elastic stiffness and vibration periods, the

response of these two MRF models will be very similar when the nonlinearities within each

model are limited. The maximum story shears and maximum story drifts which occurred

during event I.SEC are plotted in Fig. 8.34 for MRF Design 2 and Model 4. It can be

found from the figure that the difference in these responses can be neglected.
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8.7.2.4 Maximum Panel Zone Deformations During Event 1.5EC

In Fig. 8.35, maximum total panel zone deformations of each MRF design are plotted

using circles of radius corresponding to the associated panel zone deformation. Similar to

the plots for event PK, a circle of one quarter-inch radius is equivalent to 0.01 radians of

panel zone deformation as indicated in the figure. A yield circle of radius corresponding

to the yield joint rotation as defined in Eq. 8-8 is also shown in Fig. 8.35. In this figure,

it can be found that the extent of the maximum panel zone deformations is well below 0.01

radians in most of the joints. Moreover, the extent of the maximum panel zone deforma

tions among all floors is fairly uniform. The exception is in MRF Design 3 where rela

tively larger panel zone deformations are observed near the tenth floor.

8.7.2.5 Maximum Beam, Column and Panel Zone Joint Plastic Hinge Rotations During

Event 1.5EC

The extent of the panel zone plastic rotations was obtained by subtracting the yield

rotations from the total panel zone deformations. Using circles of various radii, the extent

of the plastic hinge rotations for the beams, columns and panel zone joints in MRF

Designs 1, 2, 3 and Model 4 are plotted in Figs. 8.36, 8.37, 8.38, and 8.39, respectively. In

Figs. 8.36 through 8.39, a circle of one-quarter inch radius also represents a plastic defor

mation of 0.01 radians as indicated in each figure.

From these figures, it can seen that the number of the panel zone plastic hinges

decreases rapidly once the panel zone design strength increases. The number of the panel

zone hinges formed during the event are found to be 47, 5, 22 and 2 for MRF Designs 1,

2, 3 and Model 4, respectively. Although MRF Design 1 developed more panel zone

hinges than any other MRF design did, the extent of the plastic hinge deformations and

their distribution through the entire frame is quite uniform. It can be seen from these fig

ures, the largest panel zone plastic hinge rotation, occurred in both MRF Designs 1 and 3,

is well below 0.01 radians. In all MRF designs and Model 4, none of the panel zone joints
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was yielded and strain-hardened enough to cause a plastic hinge to be formed in a 'beam or

column.

8.7.3 Response to the 1.5*Miyagi-Ken~OkiEarthquake

8.7.3.1 Maximum Floor Displacements During Event 105Ml

In Fig. 8.40, the floor displacement envelopes of each MRF design and the

corresponding floor displacements at instances when the maximum roof displacement

occurred during the event are plotted. From both Figs. 8.40a and 8.40b, it can be seen

that the participation of the third mode in floor displacements was very significant. This

behavior can be related to the pseudo-acceleration spectra which are shown in Figs. 8.15,

8.19 and 8.21 for event 1.5MI. As shown in these response spectra, a sharp increase of

the spectral value occurred at a period of about one second. Once nonlinearities occurred

in the structure, the vibration period was lengthened, and the third mode period of MRF

Design 1 may have been very close to one second during the event. Similar to the previous

two earthquake events, the stiffest model, MRF Design 2, experienced the largest floor dis

placements, while the least stiff model, MRF Design 1, still deformed least severely among

all of the MRF designs, in the direction of the negative displacement.

8.7.3.2 Maximum Story Shears and Maximum Story Drifts During Event 1.5MI

The maximum story shears and maximum story drifts that occurred during the event

in each MRF design are plotted in Fig. 8.41. The shape of the plots for the maximum

story shears and story drifts also suggest the strong participation of the third mode. Similar

to the case in previous events, MRF Design 2, the stiffest MRF in all designs, attracted

more story shear in each floor than did the other two MRF designs; and MRF Design 1,

the least stiff design, was subjected to the least story shears among those observed in the

three MRF designs. The difference in the maximum story shears and story drifts among
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various MRF designs is quite substantial in most of the floors. This may well attribute to

the sharp changes in the spectral pseudo-acceleration within the period range for both the

second and third modes. Note that MRF Design 2 is also subjected to a maximum base

shear of about 600 kips, almost three times the code prescribed base shear. Moreover, the

shape of the maximum story shear envelopes do not suggest a high concentrated force

applied at the roof level as required by the static lateral force procedure in the code.

From Fig. 8.41, it can be found that the maximum story drift that occurred among all

MRF designs is about 0.015 radians. The event appears to be a strong earthquake for the

proposed MRF, and all MRF designs are considered to have performed adequately. The

maximum story drift occurred at the sixteenth floor of MRF Design 2 and is about six

times that allowed under the code prescribed lateral force.

8.7.3.3 Effects of Panel Zone Joint Overstrength on Floor Displacements and Story

Shears During Event 105M!

The maximum floor displacements of MRF Design 2 and Model 4 which occurred

during the event are plotted in Fig. 8.42. In this figure, it can be found that MRF Model

4 experienced slightly larger floor displacements. In Fig. 8.43, where maximum story shears

and story drifts are plotted, it can be seen that the maximum story shears and the max

imum story drifts for MRF Model 4 are somewhat larger than those for MRF Design 2.

As shown in both Figs. 8.42 and 8.43, the difference in response of MRF Design 2 and

Model 4 at every floor is insignificant.

8.7.3.4 Maximum Panel Zone Deformations During Event 105M!

The maximum total panel zone deformations of each MRF design are plotted in Fig.

8.44 using circles of radius corresponding to the associated panel zone deformation. Simi

lar to the previous events, a circle of one quarter-inch radius is equivalent to 0.01 radians

of panel zone deformation. The maximum panel zone deformation which was found to be
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about 0.01 radians occurred in the column line C at the eleventh floor of MRF Design 1.

Although the extent of the maximum panel zone deformations in MRF Design 1 is larger

than those of the other two designs, the distribution of the maximum panel zone deforma

tions in MRF Designs 2 and 3 is not as uniform and is concentrated in lower and higher

floors, as shown in Fig. 8.44.

8.7.3.5 Maximum Beam, Column and Panel Zone Joint Plastic Hinge Rotations During

Event 1.5MI

The extent of the panel zone plastic rotations was obtained by subtracting the yield

rotations from the total panel zone deformations. Using circles of various radius, the extent

of the plastic hinge rotations for the beams, columns and panel zone joints in MRF

Designs 1, 2, 3 and Model 4 are plotted in Figs. 8.45, 8.46, 8.47, and 8.48, respectively. A

circle of one-quarter inch radius was chosen to represent a plastic deformation of 1% or

0.01 radians as indicated in the figures.

From these figures, the number of the panel zone hinges formed during the event are

found to be 60, 40, 52 and 33 for MRF Designs 1, 2, 3 and Model 4, respectively.

Although MRF Design 1, designed to have the weakest panel zone strength, developed

more panel zone hinges than did any other MRF design, the extent of the hinge deforma

tions and their distribution through the entire frame is more uniform when compared with

other MRF designs. It can be seen from these figures, the largest panel zone joint plastic

rotation, about 0.9% or 0.009 radians, occurred in MRF Design 1. Comparing Figs. 8.46

and 8.48 for MRF Design 2 and Model 4, respectively, the effects of the panel zone over

strength on the extent and distribution of hinge formations can be found insignificant.

The extent of the beam and column hinge formations vary greatly between different

MRF designs. When the panel zone joint strength approaches the corresponding beam

flexural strength, as in MRF Design 2, the beam plastic rotation demand greatly increases.

Even in MRF Design 2 and MRF Model 4, where the panel zone joint strength approaches



- 162 -

the beam strength, only a few plastic hinges were formed in the columns. In regards to the

strong-columnlweak-girder principle, the beam and the column strength for the proposed

twenty-story MRFs appears to have been well proportioned. The maximum beam or

column plastic rotations can be found well below 0.01 radians. During the event, most of

the beam plastic hinges were formed on beams located between the second and the seventh

floors, and the fifteenth through the nineteenth floors of MRF Design 2 and Model 4.

Very few beam plastic hinges were formed in MRF Designs 1 and 3, and their plastic rota

tions are small.

8.7.4 Response to the Mexico Earthquake

8.7.4.1 Floor Displacement Histories During Event MX

In order to assess the effects of the long duration of this event, the frame lateral dis

placement histories of selected floors are plotted for MRF Designs 1, 2, 3 and Model 4 in

Figs. 8.49 through 8.52, respectively. It can be seen from these figures that the sixth,

eleventh, sixteenth and roof floors in each MRF design and Model 4, except in Design 1,

are vibrating in the same phase. As shown in Figs. 8.49 through 8.52, the response of each

MRF design and Model 4, except MRF Design 1, appears to be dominated by its first

mode. By inspecting the pseudo-acceleration spectrum for the event, this seems to be jus

tifiable from the fact that the spectral pseudo-acceleration near the period range for the

second and third mode are not distinctively larger than that for the first mode. Moreover,

they are not as large as those for the previous events. In MRF Design 1, however, once

nonlinearities developed, the participation of the second mode in the response became

more pronounced due to a rapid increase of the spectral pseudo-acceleration for the

lengthened second vibration period of MRF Design 1 (Fig. 8.21).

In order to examine the effects of various panel zone designs, the roof displacement

histories of MRF Designs 1, 2 and 3 are plotted in Fig. 8.53. It can be seen from the
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figure that once large roof displacements occur, the roof displacement history differs from

one design to another quite significantly. About 38 seconds after the start of the event, the

roof displacement of the stiffest design, MRF Design 2, is almost 2.8 times that of MRF

Design 1, the least stiff design. From Fig. 8.53, large variations in roof displacements of

various designs can be observed at many instances. An attempt of correlating this with the

linear response spectrum was not very successful. The complexities of the nonlinear

dynamic behavior in the multi-degree-of-freedom system are evident. From Fig. 8.53,

however, the effects of the duration of a severe event is distinguished. It can be seen from

the figure that the roof displacement histories of MRF Designs 1 and 2 deviate greatly after

forty seconds of shaking during which several large displacement cycles have occurred in

MRF Design 2. During this event, the largest roof displacement which occurred in MRF

Design 2 is about 28.3 inch, 120 percent of that which occurred during event PK.

8.7.4.2 Base Shear Histories During Event MX

The base shear history of each MRF design is plotted in Fig. 8.54. It can be seen

from the figure that the divergence of the base shear histories of the designs is significant

especially after the occurrence of a large number of base shear reversals. Moreover, MRF

Design 2, the stiffest MRF of all designs, attracted more base shear at most instances than

did the other two MRF designs. In the meantime, the MRF Design 1, the least stiff

design, was subjected to the least base shear among those observed in the three MRF

designs. A maximum base shear of about 520 kips or 2.6 times the code prescribed base

shear occurred in MRF Design 2. This is about 14 percent smaller than the maximum base

shear that occurred during events PK and 1.5MI.
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8.7.4.3 Effects of Panel Zone Joint Overstrength on Roof Displacement and Base Shear

During Event MX

The effects of panel zone joint overstrength on the response can be studied by plotting

the roof displacement and base shear histories for MRF Design 2 and Model 4. In Fig.

8.55, it can be found that MRF Model 4 experienced slightly larger roof displacement

peaks at instances after the first large displacement cycle had occurred. In Fig. 8.56, it can

be found that the base shear peaks that occurred in MRF Model 4 are somewhat larger

than those in MRF Design 2. However, in both figures, the differences in these responses

are insignificant.

8.7.4.4 Maximum Panel Zone Deformations During Event MX

The maximum panel zone joint deformations of each MRF design are plotted in Fig.

8.57 using circles of radius corresponding to the associated panel zone deformation. In

Fig. 8.57, a circle of one quarter-inch radius is equivalent to 0.01 radians of panel zone

deformation and is indicated in the figure. From Fig. 8.57, it can be seen that larger panel

zone deformations occurred at joints near the fourteenth floor of MRF Design 1 and their

distribution is not uniform. The maximum total panel zone deformation which occurred is

as high as 0.0138 radians, about sixteen percent larger than that during event PK,

occurred at the fourteenth floor on the column line C of MRF Design 1. The extent of the

maximum panel zone deformations of MRF Designs 2 and 3 is less severe and is 0.0068

and 0.0082 radians, respectively.

A yield circle of radius corresponding to the yield joint rotation as defined in Eq. 8-8

is also shown in Fig. 8.57. It can be found that the largest panel zone deformations that

occurred during the event are about 7.4, 3.6 and 4.4 times the yield deformation for MRF

Designs 1, 2 and 3, respectively. The concentration of relatively larger panel zone deforma

tions that occurred in each design appears to vary from one design to another.
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8.7.4.5 Maximum Beam, Column and Panel Zone Joint Plastic Hinge Rotations During

EventMX

The extent of the maximum panel zone plastic rotations can be obtained by subtract

ing the yield rotations from the maximum total panel zone deformations described above.

Using circles of various radii, the extent of the plastic hinge rotations for the beams,

columns and panel zone joints in MRF Designs 1, 2, 3 and Model 4 are plotted in Figs.

8.58, 8.59, 8.60, and 8.61, respectively. A circle of one-quarter inch radius represents a

plastic deformation of 1% or 0.01 radians.

From these figures, the number of panel zone hinges formed during the event are

found to be 51, 41, 48 and 26 for MRF Designs 1, 2, 3 and Model 4, respectively. MRF

Design 1, designed to have the weakest panel zone strength, developed more panel zone

hinges than did any other MRF design, and the hinge deformations are concentrated in

floors near the fourteenth floor. The largest panel zone joint plastic rotation, about 0.012

radians, occurred in MRF Design 1. Comparing Figs. 8.59 and 8.61 for MRF Design 2

and Model 4, respectively, the effects of the panel zone overstrength on the extent and dis

tribution of hinge formations can be found insignificant.

When the panel zone joint strength approaches the corresponding beam flexural

strength, as in MRF Design 2 and Model 4, beam plastic hinges developed as shown in

Fig. 8.59 and 8.61. However, even in MRF Design 2 and MRF Model 4, where the panel

zone joint strength approaches the beam strength, only a few plastic hinges were formed in

the columns. The maximum beam plastic rotations can be found well below 1.0 percent

radians in most of the floors of MRF Design 2 and Model 4. Very few plastic hinges were

formed in MRF Designs 1 and 3, and their plastic rotations is negligible.
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8.7.5 The Contributicm of Panel Zone Deformations to Total Story Drifts

In order to gain some insight on the contribution of panel zone deformations to story

drifts, the maximum deformation in each of the four panel zone joints at each floor were

averaged and compared with the story drift that occurred during each event. The resulting

maximum average story panel zone deformations and the maximum story drifts of each

MRF design and Model 4 are tabulated in Tables 8.9,8.10 and 8.11 for event PK, 1.5EC

and 1.5MI, respectively. Recall that the panel zone joints of MRF Designs 1, 2 and 3 were

designed for beam moments of 1.85ME , Mp and O.8Mp ' respectively. From these tables,

it can be seen that in general the least stiff design, MRF Design 1, experienced relatively

larger average story panel zone deformations while exhibited relatively smaller story drifts.

The panel zone joints in the least stiff MRF design clearly demonstrate a larger contribu

tion of deformations to story drifts.

In order to assess the effectiveness of the panel zone contributions, a "116 ratio of each

floor for each MRF design was obtained by dividing the maximum average panel zone

deformation by the corresponding maximum story drift. The resulting average joint defor

mation to story drift ratios, "fIe, for the selected earthquake events are shown in Table

8.12 and plotted in Figs. 8.62 through 8.65 for MRF Design 1, 2, 3 and Model 4, respec

tively. From Table 8.12 and these figures, it can be seen that the least stiff design, MRF

Design 1, exhibited a substantially larger contribution from the panel zone deformations to

story drifts. Moreover, in each MRF design, the average "118 ratios for the selected events

can be found to be about the same. From Table 8.12, the average "flO ratios can be found

to be about 0.49, 0.30, 0.38 and 0.25 for MRF Designs 1, 2, 3 and Model 4, respectively.

From Figs. 8.62 through 8.65, the distribution of the "flO ratios along the height of the

frame is found to be earthquake dependent. In MRF Design 1, however, the distribution

is more uniform.
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8.8 Summary and Conclusions for the Twenty-Story MRF Analyses

The preceding analyses, made for the proposed twenty-story MRF designs, suggest

that the nonlinear dynamic response of a high-rise MRF is very sensitive to the panel zone

joint flexibilities as well as the input ground accelerations. From these analyses, the

behavior of the twenty-story MRF is better understood and the following conclusions are

noted with respect to the design and analyses of the twenty-story MRFs.

(1) Depending on the design of panel zone joints, the effects of the panel zone flexibiIi

ties on story drifts can be significant and therefore should be included explicitly in the

calculations of story drifts under the prescribed lateral forces. As demonstrated in Sec

tion 8.4.1, if the MRF model is based on the assumption that panel zone joints are

50% rigid, the errors in estimating the roof displacements are 27, 13 and 18 percent

of those obtained from models considering the actual panel zone stiffness for MRF

Designs 1, 2 and 3, respectively. The MRF model using the center-to-center line stiff

ness still failed to estimate the floor displacements of most of the MRF designs satis

factorily.

(2) In cases where panel zone joints cannot be modeled directly, elastic story drifts of the

twenty-story MRF designs can be accurately estimated using the method described in

Section 8.4.2. The method incorporates the actual panel zone stiffness provided in

each joint and the average panel zone deformation that would occur in each floor.

Therefore, under any prescribed lateral forces, the elastic story drifts can be con

veniently corrected.

(3) The P -Ii. effect on story drifts was found to be significant in the lower floors of the

MRF designs. Under code prescribed lateral forces, the contribution of the P-Ii.

effects to the total elastic story drift can be found as high as 10%. P -Ii. effects

would be more pronounced once nonlinearities developed or larger panel zone defor

mations occurred in the MRF. Therefore, both P -Ii. effects and panel zone joint

flexibilities should be considered in analyses, especially when nonlinearities in the
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members are anticipated under the applied forces.

(4) Panel zone joint flexibilities and P -t:i. effects also alter the dynamic properties of the

MRF designs. An MRF with lightly reinforced panel zone joints can have a funda

mental period substantially larger than that of an MRF using a traditional panel zone

joint design. The fundamental period of MRF Design 1 is 4.21 seconds while that of

MRF Design 2 is 3.89 seconds. The difference between the two is about 8 percent.

However, the effects of the panel zone joint flexibilities on vibration mode shapes

were found insignificant.

(5) Unlike the results obtained from the analyses of the six-story MRF, in which the

dynamic response of the MRF was dominated by its first mode, higher vibration

modes participate relatively more in the total response of the twenty-story MRFs. As a

result, depending on the characteristics of the ground motion, relatively larger story

drifts, larger story shears and larger element plastic deformations often occurred in

the upper floors of the twenty-story MRFs, rather than the lower floors as occurred in

the six-story MRF. The nonlinear dynamic behavior of the twenty-story MRF can be

better understood by using the linear response spectrum for the corresponding earth

quake ground accelerations. Moreover, the lengthening of the vibration periods due

to the development of nonlinearities in the MRF could significantly change the parti

cipation of a specific mode when a sharp variation of spectral pseudo-acceleration

exists near the period range for the corresponding mode.

(6) Under code prescribed lateral forces, it is expected that the floor displacements of the

least stiff design, MRF Design 1, are larger than those of other designs. However,

during most of the selected earthquake events, the stiffest design, MRF Design 2, was

subjected to the largest story shears and experienced the largest floor lateral displace

ments among all MRF designs. In general, it can be seen from these analyses that the

stiffer the panel zone joint is, the larger the dynamic response of the MRF design is.

During the selected earthquake events, the maximum base shear that occurred in
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MRF Design 2 was about 600 kips, almost three times the code prescribed base shear.

The maximum story drifts that occurred in each MRF design can be obtained from

Tables 8.9 through 8.11 for the selected events. It can be seen from these tables that

the maximum story drifts are 1.77, 0.92 and 1.49 percent during events PK, 1.5EC

and 1.5MI, respectively. All of these values occurred either in the middle or upper

floors of the MRF.

(7) The effects of panel zone overstrength, as considered in MRF Model 4, on the max

imum story displacements and story shears are not significant. Thus, the ANSR-l

models as defined in Sections 8.3 should be reasonable in estimating the response of

the proposed twenty-story MRF designs.

(8) A typical distribution of maximum panel zone joint deformations in each MRF is

shown in Table 8.8. The extent of the maximum panel zone deformations is found to

be more severe in the interior columns than in the exterior columns. The maximum

panel zone deformation that occurred in each MRF design can be found in Figs.

8.26, 8.35, 8.44 and 8.57 for events PK, 1.5EC, 1.5MI and MX, respectively. Dur

ing each event, the extent of the maximum panel zone deformations is more severe in

MRF Design 1 than in any other designs. The maximum panel zone deformations

which occurred in MRF Design 1 are 0.0119, 0.0053, 0.010 and 0.0138 radians dur

ing events PK, 1.5EC, 1.5MI and MX, respectively. The maximum panel zone

deformations which occurred in the stiffest design, MRF Design 2, are reduced to

0.0095, 0.0036, 0.0077 and 0.0064 radians, respectively. Note that a deformation of

0.00186 radians corresponds to the yield rotation of the panel zone joint made of A36

grade steel. These maximum panel zone deformations occurred all in the middle or

upper floors of the MRF and their locations vary greatly from one MRF design to

another in each event. While the panel zone joints in MRF Design 1 were subjected

to larger panel zone deformations than were the other designs, the corresponding

maximum story drifts are smaller than those of others. Moreover, as shown in Figs.
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8.62 through 8.65, the average maximum story panel zone deformation to maximum

story drift ratios of MRF Design 1 are most uniformly distributed.

(9) Once the panel zone joint strength approaches the beam flexural strength, the beam

or column plastic rotation demand greatly increases. In MRF Designs 1 and 3, beam

and column plastic rotations are insignificant during the selected events. However, in

MRF Design 2, the maximum plastic rotations that occurred in the beam are 0.0043,

0.0033 and 0.0042 radians during events PK, 1.5MI and MX, respectively. In gen

eral, the effects of the panel zone overstrength as considered in MRF Model 4

increase the beam plastic rotation demands. The maximum beam plastic rotations

that occurred in MRF Model 4 are 0.0071, 0.0039 and 0.0046 radians during events

PK, 1.5M! and MX, respectively. These maximum beam plastic hinge rotations

occurred either in the lower or upper floors of the MRF and varied from event to

event. During event PK, 1.5M! and MX, very few column plastic hinge formed in

each MRF and the maximum column plastic hinge rotations all occurred in the bot

tom end of the ground floor interior columns. During event PK, 1.5M! and MX ,

these maximum column plastic hinge rotations that occurred in MRF Design 2 are

0.0040, 0.0034 and 0.0036 radians, respectively. For MRF Model 4, they are 0.0041,

0.0042 and 0.0036 radians for events PK, 1.5MI and MX, respectively. During

event 1.5EC , no beam or plastic hinges formed in anyone of the MRF designs.

(10) The extent and distribution of maximum panel zone deformations vary greatly from

event to event, therefore, it is recommended that the design strength of the panel

zone joints be based on a site dependent response spectrum in which the response due

to higher modes can be incorporated in the preliminary design. If the CQC method as

summarized in Section 8.2 is to be used, the maximum beam end moments obtained

from the response spectrum method, would not occur at the same time, therefore, the

direct use of the maximum beam moments for the design of panel zone joints could

lead to an unsatisfactory distribution of panel zone strength. Instead, each modal
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unbalanced moment of beams framed into the joint should be combined [64] using

procedures as described in Eqs. 8-1 and 8-2 in order to obtain the design strength for

the panel zone joint more appropriately.

(11) Experimental results summarized in Chapter 3, show that well detailed beam-column

moment connections can sustain a plastic rotation of 0.02 radians. Since the beams

and columns of the proposed twenty-story MRF satisfy the compact section require

ments, judging the plastic rotation demand imposed on the beams and columns, it is

anticipated that ductility problems would not occur in these members for all MRF

designs. Other experimental data [51] have shown that well detailed panel zone joints

could sustain a total panel zone deformation larger than 0.02 radians. Thus, the

maximum panel zone deformation developed in MRF Design 1 is possible if appropri

ate panel zone joint details are used.

The analytical results summarized in this chapter should aid in the development of

earthquake resistant design for high-rise MRF. The nonlinear dynamic response reported

herein is obtained from the twenty-story MRF designs analyzed using specified ground

accelerations. For high-rise MRF with irregularities in distribution of stiffness or mass, the

dynamic response to specific ground accelerations requires further substantiations. More

over, experimental investigation of MRF under dynamic loading is needed in order to sub

stantiate these analytical results. In these analyses, it was assumed that the stability of the

beams, columns and their connections were adequate for seismic resistant design and the

effects of soil structure interaction were not considered.
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APPENDIX A. Design of Specimens

A.I Bolts in Beam Web

Use 1-in. diameter A325-X bolts to connect the beam web to the shear tab. The ulti-

mate shear, Vult, in the beam web occurs when the peak moment, Mult, of the cantilever

beam is reached. The ultimate shear force in the cantilever beam is therefore:

where Lb is the cantilever beam length measured from the applied load to the column

flange. Without considering strain hardening, M ult can be approximated as the plastic

moment capacity of the beam section based on Fy =36ksi. In order to determine the

number of web bolts required, specifications of plastic design in the AISC manual [4] are

applied. The number of bolts required, n, rounded up to an integer, is then:

Vultn::::: ----
1.7Vbolt

where Vbolt equals 22.7 kips, the allowable shear force for 1-in. diameter A325-X bolts

with 3-in. center to center spacing governed by the web bearing strength of W21 X 44. Lb

is about 6O-in. for all specimens. Table A.l shows the calculations and the the resulting

bolt schedule. In column 5 of the table, gives the number of bolts used based on details

commonly used in industry for the given beam sizes.
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*Beam Mp Vult No. of Bolts
n

Size (kip-in) (kips) Used

[lJ [2J [3J -ill I [5J[4]- [3]

W18X35 2400 40 1 4

W18X40 2820 47 2 4

W21X44 3432 57 2 5

* (A325-X I-in. diameter)

Table A.I Bolt Schedule for Bolted Web Connections

A.2 Beam Web to Shear Tab Welding

Using E70 electrode, the allowable stress of the fillet weld is 21 ksi, in the design of

weldings.

Specimen I WI8X 40 beam with three 3/8-in. by 2-in. web weld, 10.S-in. center-to-center

apart.

The maximum size of fillet weld along the edge of 3/8-in. shear tab is 5/16-in.

The ultimate moment capacity of the weld group can be approximated as:

MWeid = 1.7X21XO.707XZweld

189 kip-in

Based on Fy=36ksi, the plastic moment capacity of the beam web is:

MWeb = 36 X Zweb
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[
1W(d-2tt)2 ]

= 36x
4

= 36x [ O.315(~6.85f ]

= 805

Mweld 189_

M = 805 - 23%
web

Specimen 4 W18X40 beam with two 5/16-in. by2-in. web weld, 10.5-in. center-to-center

apart.

The ultimate moment capacity of the weld group can be approximated as:

Mwe1d = 1.7x21xO.707XZweld

~ 1.7x21xO.707x [2(~ X {6 X22
) + {6 X2X5.25X2]

= 181 kip-in

As in Specimen 1, the plastic moment capacity of beam web is 805 kip-in.

Mwe1d = 181 ::::::: 22%
Mweb 805

Specimen 5 W21 X44 beam with two 5/16-in. by 1.25-in. web weld, 14-in. center-to-center

apart.

The ultimate moment capacity of the weld group can be approximated as:

Mwe1d = 1.7X21xO.707XZweld

= 1.7x21xO.707x [2(~ X {6 X 1.252
) + {6 Xl.25 X7X2]
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= 144 kip-in

Based on Fy=36ksi, the plastic moment capacity of the beam web is:

Mweb = 36 XZweb

Itw(d-21r)2]
= 36x

4

~ 36x IO.35(~.76)2]
= 1230

Mwe1d 144
M

web
= 1230 ~ 12%

Specimen 13 W18X35 beam with three 5/16-in. by 3-in. web weld, 9.5-in. center-to-

center apart.

The ultimate moment capacity of the weld group can be approximated as:

MWeid = 1.7X21XO.707XZweld

= 1.7x21xO.707x 12(lx 2.. X32) + 2..X3X4.75X2]
4 16 16

= 260 kip-in

Based on Fy= 36ksi, the plastic moment capacity of the beam web is:

Mweb = 36xZweb

Itw(d-21r)2]
= 36x

4

~ 36x IO.30(~6.85)2]
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= 767

260 _
= 767 - 34%

Specimen 14 W21 X 44 beam with three 5/16-in. by 3.5-in. web weld, 1l.5-in. center-to-

center apart.

The ultimate moment capacity of the weld group can be approximated as:

Mwe1d = 1.7x21 xO.707x Zweld

~ 1.7x21xO.707x [2( ~ X ;6 x3.S2
) + ;6 x3xS.7SX2 ]

= 320 kip-in

As in Specimen 5, the plastic moment capacity of beam web is 1230 kip-in.

320
= 1230 :::::: 26%

A.3 End Plate Design

Plastic design and procedures outlined by Salmon and Johnson [27] are used.

Specimen 10 W18x40 beam, all welded to end plate.

(a) Bolting of End Plate

Without considering stain hardening of the beam section, the force to be developed in

the tension flange is:

= 36x6.015xO.525

= 114 kips
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For ~ -in. diameter A325-X bolts,

the allowable tension force of each bolt = R t = 26.5 kips

b f bol . ed Tf -- 1
4
0
5
5 -- 2.53num er 0 18 reqUlr =

1.7Rt

Try 4 bolts for symmetrical placement of bolts above and below the flange. Use

another 4 bolts around the opposite flange to develop the beam cyclic moment capacity.

To determine the shear capacity of the connection under applied load, assume four bolts

near the tension flange resist the tension force while the other four bolts around the oppo-

site flange resist the shear force.

Shear Capacity of four ~ A325-X bolts is:

Vult = 1.7x4x 18.0 = 122 kips

Examine the tabulated values shown in Section A-1; the maximum cantilever shear,

based on Fy=36 ksi, is about 47 kips. Four ~ -in. diameter A325-X bolts are adequate to

resist the shear force.

(b) Welding Requirement

Fillet welds are used to develop the flange and web plastic moment capacities.

Flange

Beam flange weld length = Lw

= 2bf -1w = 11.72 In.

Tf
Flange fillet weld size = ------

Lw(1·7)(0.707)21

36x bfx1r
=

L w(1·7)(0.707)21

= 0.38 ID. use~ -in. fillet weld
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Web

Zweb = 0.~15 (17.90-2XO.525)2

= 22.36 in.3

1
"2x36xZweb

Web fillet weld size = ---------
(d-21:r)2

1.7x21xO.707x 6

; x36x22.36
= ---=-------

1.7x21xO.707x 16:5
2

= 0.34 Ill. use~ -in. fillet weld

(c) Dimension of End Plate

Installation clearance required for the ~ -in. diameter bolt is 1.375 in.

Total clearance required for end plate installation

= 1.375 + flange fillet weld size

= 1.375 + 0.375

= 1.75 in.

Use 2-in. clearance between the center of bolt to the beam flange and 1; -in. distance

between center of bolt to the edge of end plate.

Minimum longitudinal dimension of the end plate

= 2X(2.0+1.5) + 17.90
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= 24.90 in.

Use 25-in. plate length.

For the W12X 133 column. k 1 = 1-in. The diameter of the washer for ~ -in. diam-

eter bolt is 1 ~ -in.

Minimum horizontal spacing of bolts

3= 2x1 + 1
4

3
= 34 in.

Use 4-in. spacing between the bolts and 1 ~ -in. for bolt edge distance.

The resulting end plate width is = 2x 1.5 + 4

= 7 in.

(d) Thickness of end plate

Distance from the center of bolt to the critical section of bending

1=2--
16

= 1.94 in.

Assume there is no prying action for now and check it later

Total force in two exterior bolts is then

p = Tf = 114 = 57
2 2

Moment at critical section

Mult = 57x 1.94
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= 105 kip-in.

End plate thickness =

= [4X105jt
7(36)

= 1.29 in. Use 1 ~ -in. thick plate

(e) Check Prying Action

Using equations in AISC manual, prying action can be estimated as follows:

d'8 = 1--
P

M = ~ = pt£Fy

2 8

Tb -1
M

a=---
8

Be = T [1 + 8a b' j
(1 +8a) a'

where

(A-I)

(A-2)

(A-3)

(A-4)

8 = Ratio of net area (at bolt line) to the gross area (at the face of the beam flange),

d' = Width of bolt hole in end plate parallel to beam flange, in.

p = Length of end plate, parallel to beam flange tributary to each bolt, in.

1p = End plate thickness, in.

M = Allowable bending moment tributary to end plate by one bolt,

a = Moment ratio, if a > 1.0, use a = 1.0

T = Applied tension per bolt (exclusive of initial tightening), kips
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Be = Load per bolt including prying action, kips

d = Bolt diameter,

a = Distance from bolt center line to edge of end plate, but no more than 1.25-in.

b' b d .
= - 2' In.

, d .
a = a + - In2' .

For Specimen 10, We have:

d' -li·- 16 m.

p = 3.5 in.

1p = 1.375 in.

Fy = 36 ksi

T = 1~4 = 28.5 kips

d
7.

= gm.

b = 2 in.

a = 1.25 in.

b' = b - ~ = 1.5625 in.

d
a' = a + = 1.6875 in.

2

Enter the above values into equations (A-I) through (A-4); we then have:

8 = 0.732

M = 29.8 kip-in

a = 1.25, use a = 1.0
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Be = 1.39T = 1.39x28.5 = 39.6 kips < 1.7XRt = 45 kips (OK)

Specimen 12 W21 X 44 beam, all welded to end plate.

(a) Bolting of End Plate

Without considering stain hardening of the beam section, the force to be developed in

the tension flange is:

= 36x6.5x0.45

= 105 kips

For ~ -in. diameter A325-X bolts,

allowable tension force of each bolt = R t = 26.5 kips

Tfnumber of bolts required = -~
1.7Rt

1~: = 2.33

Similar to Specimen 10, try four bolts for symmetrical placement of bolts above and

below the flange. Use another four bolts around the opposite flange to develop the beam

cyclic moment capacity. To determine the shear capacity of the connection under applied

load, assume four bolts near the tension flange resist the tension force while the other four

bolts around the opposite flange resist the shear force.

Shear Capacity of four ~ A325-X bolts is:

Vult = 1.7x4x 18.0 = 122 kips

Examine the tabulated values shown in Section A-I; the maximum cantilever shear,

based on Fy=36 ksi, is about 57 kips. Four ~ -in. diameter A325-X bolts are adequate to

resist the shear force.
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(b) Welding Requirement

Fillet welds are used to develop the flange and web plastic moment capacities.

Flange

Beam flange weld length = Lw

= 2bf - tw = 12.65 m.

Flange fillet weld size = Lw(1.7)(O.707)21

36 x bf x tr
=------

Lw(1.7)(O.707)21

= 0.33 in. use~ -in. fillet weld

Web

Zweb = 0;5 (20.66-2x0.45)2

= 34.17 in.3

1
"2x36xZweb

Web fillet weld size = --------
(d-2tr)2

1.7x21xO.707x 6

lX36x34.17
2=---------

1.7x21xO.707x 19;6
2

= 0.37 m. use~ -in. fillet weld
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(c) Dimension of End Plate

Similar to Specimen 10, use 2-in. clearance between the center of bolt to the beam

flange and 1 ~ -in. distance between the center of bolt to the edge of the end plate ..

Minimum longitudinal dimension of end plate

= 2x (2.0+ 1.5) + 20.66

= 27.66 in.

Use 28-in. plate length.

For W14X 176 column. 1W = 0.83 in. and k 1 = 11~ in. Diameter of washer for

7. d' b I . 1 3 .8-10 . lameter 0 t IS "4-10.

Minimum horizontal spacing of bolts

= 2x11- + 11.
16 4

= 3 ~ in.

Use 4-in. spacing between bolts and 1 ~ -in. for bolts edge distance.

The resulting end plate width is = 2x 1.5 + 4

= 7 in.

(d) Thickness of end plate

Distance from the center of bolt to the critical section of bending

1=2--
16

= 1.94 in.

Assume there is no prying action for now and check it later
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Total force in two exterior bolts is then

p = ~f = 10~.3 = 52.7

Moment at critical section

Mult = 52.7x 1.94

= 102 kip-in.

End plate thickness =

= [4X102]t
7(36)

= 1.27 in. Use 1 ~ -in. thick plate

(e) Check Prying Action

Similar to Specimen 10, using equations in AISC manual, prying action can be

estimated. As defined for Specimen 10, in this specimen, We have

d' - 15 .-16 m.

p = 3.5 in.

~ = 1.25 in.

Fy = 36 ksi

T = 10:.3 = 26.3 kips

d
7.

= 8 m.

b = 2 in.
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a = 1.25 in.

b' = b - ~ = 1.5625 in.

a' = a + ~ = 1.6875 in.

Enter the above values into equations (A-I) through (A-4); we then have:

8 = 0.732

M = 24.6 kip-in

a = 1.56, use a = 1.0

Be = 1.39T = 1.39x26.3 = 36.6 kips < 1.7XRt = 45 kips (OK)
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Beam1 Column Connecting Connection No. of
Specimen Size Size Direction Detail Connection Remarks

Bolts2
f1l f21 f31 f41 f51 f61 f71

1 W18x40 W12x133 Weak Bolted Web 4 Reinforcing Ribs
(0.70) Welded Fl.Q; 20% Web Weld

2 W18x40 W12x133 Weak Bolted Web 4(0.70) Welded Flg ---

3 W18x35 W12x133 Strong Bolted Web 4 Flux-Cored Arc Welding(0.66) Welded Fl.Q;

4 W18x40 W12x133 Weak Bolted Web 4 Flux-Cored Arc Welding
(0.70) Welded Fl.Q; 20% Web Welding

5 W21x44 W14x176 Strong Bolted Web 5 Flux-Cored Arc Welding
(0.62) Welded Fl.Q; 10% Web Weld

6
W21x44 W14x176 Weak Bolted Web 5 Flux-Cored Arc Welding

(0.62) Welded Fl.Q; Extended Continuity Plates

7
W21x44 W14x176 Strong Bolted Web 5 Reinforcing Ribs(0.62) Welded Flg

8
W21x44 W14x176 Weak Bolted Web 5 Reinforcing Ribs

(0.62) Welded Fl.Q; Load Indicatin.Q; Washers

9
W18x46 W12x133 Strong All Welded NA Partial Penetration

(0.71) and Fillet Flan.Q;e Welds

10
W18x40 W12x133 Strong End Plate 8 Fillet Welds to End Plate(0.70)

lOR W18x40 W12x133 Strong End Plate 8 Fillet Welds to End Plate
(0.70) with Stiffeners

11
W21x44 W14x176 Strong All Welded NA Fillet flange

(0.62) Weld All Around

12 W21x44 W14x176 Strong End Plate 8(0.62) ---

13 W18x35 W14x159 Strong Bolted Web 4 20% Web Weld(0.66) Welded Flg

14 W21x44 W14x159 Strong Bolted Web 5 20% Web Weld(0.62) Welded Flg

15 W18x35 W14x159 Strong Bolted Web 4 Flux-Cored Arc Welding
(0.66) Welded Fl.Q; Twist-Off Bolts

16 W21x44 W14x159 Strong Bolted Web 5 Flux-Cored Arc Welding
(0.62) Welded Flg Twist-Off Bolts

17 W18x35 W14x159 Strong Bolted Web 4 Twist-Off Bolts(0.66) Welded Flg

18 W21x44 W14x159 Strong Bolted Web 5 Twist-Off Bolts(0.62) Welded Fl.Q;

1 Values in parenthesis give ratios of i
2 All bolts 1 in. diam. A325-X, except 7/8-in. diam. A325-X for Specimen 10 and I-in. diam. A354-BD

for Specimens lOR and 12.

Table 2.1 Specimen Schedule
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CDupon Yield Tensile Elongation
Specimen Location Strength Strength at Fracture

(ksi) (ksi) (%)
rl1 r21 'r31 f41 r51

1
Flange 38.2 60.6 25
Web 50.3 64.3 28

2 Same as Specimen 1

3
Flange 51.6 69.6 44
Web 56.4 74.3 31

4
Flange 47.1 65.9 44
Web 54.5 68.9 43

5
Flange 48.6 69.4 44
Web 56.0 72.4 41

6 Same as Specimen 5

7
Flange 48.9 65.6 42
Web 59.0 71.6 41

8
Flange 48.3 65.6 42
Web 59.5 71.7 41

9
Flange 37.2 60.9 37
Web 41.5 64.5 42

10
Flan.ge 45.0 67.6 43
Web 55.8 72.4 42

lOR Same as Specimen 10

11 Same as Specimen 9

12
Flange 46.0 64.6 35
Web 46.0 64.8 43

13
Flange 51.2 70.3 44
Web 63.5 78.5 29

14
Flange 44.6 65.8 41
Web 45.8 66.1 42

15 Same as Specimen 13

16 Same as Specimen 14

17
Flange 46.3 68.6 41
Web 55.7 73.2 42

18
Flange 42.0 65.0 39
Web 42.0 64.7 40

Table 3.1 Mechanical Properties of Tensile Coupon Specimens
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le M; p* P36 Pmax . Pmax Pmax
emax ep e*p p

Specimen
(in) (kip-in) (kip) (kip) (kip) P36 p* (%) (%) (%)p

[1] [2] [3] [4]=* [5] [6] [7]=* [8]=* [9] [10] [11]

1 61.3 3280 53.5 40.2 67 1.67 1.25 5.84 5.24 8.66

2 65.8 3280 49.8 37.4 61 1.63 1.22 2.53 1.95 3.29

3 64.8 3540 54.6 32.0 61 1.91 1.12 1.61 0.94 1.53

4 65.8 3807 57.9 37.4 62 1.66 1.07 1.65 0.92 1.71

5 62.9 4905 77.9 46.7 81 1.73 1.04 1.31 0.68 1.39

6 61.6 4905 79.7 47.7 79 1.66 1.01 1.33 0.73 1.41

7 59.8 5031 84.1 49.1 90 1.83 1.07 2.11 1.46 2.42

8 58.8 5014 85.3 50.0 95 1.90 1.11 2.43
1.75 3.39

(4.82) (7.60)

9 62.9 3487 55.4 45.1 75 1.66 1.35 5.03 4.49 6.93

10 61.6 3782 61.4 40.0 68 1.70 1.10 -- -- --

lOR 56.6 3782 66.8 43.5 80 2.01 1.20 3.33 2.73 4.76

11 63.2 4388 69.0 46.5 72 1.55 1.04 1.77 1.26 1.95
(3.21) (5.65)

12 61.9 4388 70.9 47.5 77 1.66 1.09 2.01 1.51 2.65

13 63.2 3683 58.3 32.8 69 2.10 1.18 2.02 1.27 2.12

14 63.2 4298 68.0 46.5 76 1.63 1.12 2.80 2.39 4.16

15 63.2 3683 58.3 32.8 33 1.01 0.57 0.43 0.04 0.04

16 63.2 4298 68.0 46.5 57 1.23 0.84 0.83 0.39 0.78

17 63.2 3291 52.1 32.8 54 1.65 1.04 2.12 1.48 2.70

18 63.2 4006 63.4 46.5 70 1.51 1.10 1.81 1.36 2.63

le = Distance from applied load to face of column or edge of stiffener
M; = Plastic moment capacity based on tensile coupon strength
P36 , Pmax = Nominal cantilever load at yield stress of 36 ksi, maximum attained load during test
emax = Maximum beam rotation before failure occurs or moment capacity M; is exhausted
eli = Maximum beam plastic rotation before failure occurs or moment capacity M; is exhausted
ep = Beam p.astic retation measured from zero intercept: to the same point as defined in ep
Values of ep and e; in parenthesis give rotations at Mp, where Mp = plastic moment at 36ksi

Table 3.2 Summary of Experimental Results
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Yield Condition A B C D

Elastic 0 0 0 0

Plastic Hinge 1
kij_

0 0
k jj

at end i only

Plastic Hinge 0 0
kij_

1
kjj

at end j only

Plastic Hinge 1 0 0 1

at both ends

TABLE 5.1 Coefficients for Determining Stiffness Matrix and Plastic Hinge Rotation of

Elasto-Plastic Component[40]
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Section I A Av Mp Py

(in 4) (in 2) (in 2) (k -in) (kips)

[1] [2] [3] [4] [5] [6]

W14x 109 1240 32.00 7.52 6912 1152

W14x 159 1900 46.70 11.16 10332 1494

W14x 193 2400 56.80 13.78 12840 2054

W24x104 3100 30.60 12.03 10404 1102

W27x146 5630 42.90 16.56 16560 1544

W30x173 8200 50.80 19.94 21840 1829

W24x76 2100 22.40 10.52 7200 -

W27x94 3270 27.70 13.19 10008 -

W30x99 3990 29.10 15.42 11230 -

TABLE 7.1 Column and Beam Element Properties for MRF Design 1

h' k ()

Doubler PlateI
03) I

ke

k-in
(/' ) I

Beam

$e'S .

Column

I
ectlOn chon k-in

I
-----x1

I
T IC ness in

Iradian

[1] [2] [3] [4] [5] [6]

W14x109 W24x76 3513 1885 - 1.0

W14x 159 W24x94 5748 3085 - 1.0

W14x 193 W30x99 7700 4132 - 1.0 I
W24x104 W24x76 5795 3110 - 1.0

W27x146 W27x94 8937 4796 3/8 1.62

W30x173 W30x99 11860 6365 3/8 1.57

TABLE 7.2 Panel Zone Joint Element Properties for MRF Design 1
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I A A v Mp Py

Section (in 4) (in 2) (in 2) (k -in) (kips)

[1] [2] [3] [4] [5] [6]

W14x99 1110 29.10 6.97 6228 1048

W14x132 1530 38.80 9.46 8424 1400

W14x 159 1900 46.70 11.16 10332 1680

W18x86 1530 25.30 8.83 6696 911

W21x122 2960 35.90 13.01 11052 1290

W24x146 4580 43.00 16.08 15048 1550

W21x68 1480 20.00 9.09 5760 -

W24x94 2700 27.70 12.52 9144 -

W27x94 3270 27.70 13.19 10008 -

TABLE 7.3 Column and Beam Element Properties for MRF Design 2

I Column Beam My ke Doubler Plate I I
IS' Section (k -in)

k-in 3
Thickness Un) I ao II ectlOn (---:---x 10 )

Iradwn

[1] [2] [3] [4] [5] [6]

W14x99 W21x68 2850 1530 3/8 1.77

W14x132 W24x94 4442 2384 3/8 1.58

I W14x159 W27x94 5748 3085 3/8 I 1.50 I

W18x86 W21x68 3776 2026 3/8 1.78

W21x 122 W24x94 6391 3430 3/8 1.62

W24x 146 W27x94 8610 4616 3/8 1.58

TABLE 7.4 Panel Zone Joint Element Properties for MRF Design 2
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Column Beam My ke DoubIer Plate ao

Section Section (k -in) (~~!!-x103) Thickness (in)
radzan

[1] [2] [3] [4] [5] [6]

W14x99 W21x68 2850 1530 3/8 1.77

W14x99 W21x68 2850 1530 7/16 1.90

W14x132 W24x94 4442 2384 1/2 1.78

W14x 159 I W27x94 5748 3085 3/8 1.50 I
W14x 159 W27x94 5748 3085 1/2 1.67

W18x86 W21x68 3776 2026 3/4 2.56

W18x86 W21x68 3776 2026 1 3.08

W21x 122 W24x94 6391 3430 1 2.67

W24x146 W27x94 8610 4616 3/4 2.15

TABLE 7.5 Panel Zone Joint Element Properties for MRF Design 3

Column Beam My ke Doubler Plate ao

Section Section (k -in) (~-~!!-x103) Thickness (in)
radzan

[1] [2] [3] [4] [5] [6] I
W14x99 W21x68 2850 1530 3/8 1.77

W14x132 W24x94 4442 2384 3/8 1.58

W14x 159 W27x94 5748 3085 1/2 1.67

W18x86 W21x68 3776 2026 1/2 2.04

W21x122 W24x94 6391 3430 1/2 1.83

W24x146 W27x94 8610 4616 3/4 2.15

TABLE 7.6 Panel Zone Joint Element Properties for MRF Design 4
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IFloor

Column Line A Column Line B Column Line C Column Line D I
I Req'd Prov'd Req'd Prov'd Req'd Prov'd Req'd Prov'd

Roof 0.1 3/8 0.2 3/8 0.2 3/8 0.1 3/8

6th 0.2 3/8 0.4 1/2 0.4 1/2 0.2 3/8

5th 0.1 3/8 0.4 1/2 0.4 1/2 0.1 3/8

4th 0.1 3/8 0.4 1/2 0.4 1/2 0.1 3/8

I 3rd II - - I 0.2 3/8 0.2 3/8 - -

2nd - - 0.2 3/8 0.2 3/8 - -

TABLE 7.7 Doubler Plate Thickness Required versus Provided for MRF Design 1 of 0.8Mp

I MRF Vibration Periods (second)

I
1st Mode 2nd Mode 3rd ModeI Model

[1] [2] [3] [4]

Design 1 1.65 0.58 0.30

Design 2 1.90 0.68 0.37

Design 3 1.84 0.65 0.35

Design 4 1.86 0.66 0.36

TABLE 7.8 Vibration Periods of MRF Models
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~ Vibration Mode Shapes

11111f------n..------
Design 1 " Design 2

IFloor
II I

I II I I II [1] I $1 $2 $3 $1 $2 $3

[2] [3] [4] I [5] [6] [7]

Roof 1.000 -1.000 -0.815 1.000 -1.000 -0.826

6th 0.881 -0.255 0.642 0.883 -0.259 0.659

5th
II 0.717 I 0.495 1.000 II 0.723 I 0.476 I 1.000 I

4th 0.551 0.833 -0.072 0.562 0.812 0.088

3rd 0.371 0.824 -0.879 0.384 0.815 -0.867]

2nd 0.200 0.531 -0.910 0.214 0.541 -0.918 1

TABLE 7.9 Vibration Mode Shapes of MRF Design 1 and Design 2

Vibration Mode Shapes I
.-j

I Design 3 Design 4 I
Floor

$1 $2 $3 $1 $2 $3

[1] [2] [3] [4] [5] [6] [7]

Roof 1.000 -1.000 -0.809 1.000 -1.000 -0.810

6th 0.892 I -0.296 0.595 0.889 -0.289 ~597J
5th I 0.734 0.461 1.000 0.726 0.475 1.000 I
4th 0.576 0.815 0.136 0.563 0.831 0.122

3rd 0.397 0.834 -0.830 0.384 0.842 -0.836

2nd 0.224 0.563 -0.913 0.216 0.566 -0.902

TABLE 7.10 Vibration Mode Shapes of MRF Design 3 and Design 4
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Static Analysis Response Spectrum Analysis (CQq

Story Story Floor Story Story Story Floor Story

Floor Force Shear Displ. Drift Force Shear Displ. . Drift

(kip) (kip) (in) (%) (kip) (kip) (in) (%)

[1] [2] [3] [4] [5] [6] [7] [8] [9]

Roof 128.2 128.2 8.15 0.20 51.6 51.6 5.87 0.11

20th 26.7 154.8 7.78 0.23 45.9 97.4 5.72 0.15

19th 25.3 180.1 7.35 0.22 38.9 135.5 5.53 0.16

18th 23.9 204.1 6.95 0.24 33.6 166.7 5.32 0.18

17th 22.6 226.6 6.51 0.25 30.6 191.5 5.09 0.20

16th 21.2 247.8 6.09 0.25 30.5 211.6 4.84 0.20

15th 19.8 267.6 5.66 0.25 31.8 228.9 4.57 0.20

14th 18.5 286.1 5.23 0.25 32.8 245.0 4.31 0.21

13th 17.1 303.2 4.78 0.26 32.9 260.5 4.03 0.21

12th 15.7 318.9 4.34 0.26 I 32.3 275.3 3.74 0.22

11th 14.3 333.2 3.91 0.26 31.6 289.3 3.43 0.22

10th 12.9 346.2 3.51 0.25 31.7 302.4 3.12 0.23

9th 11.6 357.7 3.10 0.26 32.7 315.0 2.80 0.22

8th 10.2 367.9 2.72 0.25 34.1 327.8 2.49 0.22

7th 8.8 376.8 2.34 0.25 35.1 341.2 2.20 0.22

6th 7.5 384.3 1.96 0.25 34.6 355.3 1.84 0.23

5th 6.1 390.4 1.58 0.25 32.3 369.4 1.51 0.23

4th 4.7 395.1 1.21 0.24 27.9 382.3 1.17 0.23

3rd 3.4 398.5 0.84 0.24 21.3 393.1 0.83 0.23

2nd 1.0 400.0 0.50 0.23 13.3 400.0 0.49 0.23

Table 8.1 Lateral Forces and the Associated Responses



M
od

e
Pe

ri
od

C
ir

cu
la

r
P

ar
ti

ci
pa

ti
on

F
ac

to
r

E
ff

ec
tiv

e
M

od
al

M
as

s
R

at
io

(%
)

(s
ec

)
F

re
qu

en
cy

X
l

y2
Z

3
X

l
y2

Z
3

[1
]

[2
]

[3
]

[4
]

[5
]

[6
]

[7
]

[8
]

[9
]

JS
t

3.
78

1.
66

0
5.

57
6

0
0

76
.3

0

2nd
3.

60
1.

76
5.

59
5

0
0

76
.8

0
0

3rd
2.

37
2.

65
0

0
24

43
.7

19
0

0
89

.8
-
-

4
th

1.
30

4.
82

-2
.0

98
0

0.
00

3
10

.8
0

0
-
-

5th
1.

27
4.

97
0

-2
.1

89
0.

00
3

0
11

.7
0

-
-

6th
0.

82
7.

67
0

0
-7

00
.6

46
0

0
7.

4

7
th

0.
77

8.
14

1.
19

8
0

-0
.0

03
3.

6
0

0
-
-

8th
0.

72
8.

72
0

1.
17

0
0.

00
2

0
3.

4
()

-
-

9th
0.

54
11

.6
7

0.
83

7
0

-0
.0

10
1.

7
0

0
:
=

2:
92

.9
91

.4
97

.2

I
X

di
re

ct
io

n
is

th
e

lo
ng

it
ud

in
al

di
re

ct
io

n

2
Y

di
re

ct
io

n
is

th
e

tr
an

sv
er

se
di

re
ct

io
n

3
Z

di
re

ct
io

n
is

th
e

to
rs

io
na

l
di

re
ct

io
n

T
ab

le
8.

2
D

yn
am

ic
C

lla
ra

ct
er

is
tic

s
of

th
e

20
-S

to
ry

M
R

F

N ~



-
~
s
i
g
n

1
~
s
i
g
n

2
~
s
i
g
n

3

Fl
oo

r
E

xt
er

io
r

C
ol

um
n

In
te

ri
or

C
ol

um
n

E
xt

er
io

r
C

ol
um

n
In

te
ri

or
C

ol
um

n
E

xt
er

io
r

C
..o

Iu
m

n
In

te
ri

or
C

ol
um

n

R
eq

'd
P

ro
'd

R
eq

'd
P

ro
'd

R
eq

'd
P

ro
'd

R
eq

'd
P

ro
'd

R
eq

'd
P

ro
'd

R
eq

'd
P

ro
'd

(i
n)

(i
n)

(i
n)

(i
n)

(i
n)

(i
n)

(i
n)

(i
n)

(i
n)

(i
n)

(i
n)

(i
n)

[1
]

[2
]

[3
]

[4
1

[5
]

[6
1

[7
]

[8
1

[9
]

[1
0]

[1
1]

[1
2]

[1
3]

f?
oo

j
--

--
-

--
0.

28
3/

8
0.

47
1/

2
0.

06
3/

8
0.

18
3/

8

20
th

--
-

--
-

0.
49

1/
2

0.
74

3/
4

0.
21

3/
8

0.
37

3/
8

19
th

--
-

--
--

0.
47

11
2

0.
67

3/
4

0.
17

3/
8

0.
31

3/
8

18
th

--
--

-
-

0.
47

11
2

0.
67

3/
4

0.
17

3/
8

0.
31

3/
8

17
th

--
--

-
--

0.
35

3/
8

0.
67

3/
4

0.
05

3/
8

0.
31

3/
8

16
th

--
-

-
-

0.
35

3/
8

0.
67

3/
4

0.
05

3/
8

0.
31

3/
8

15
th

--
-

-
-

0.
45

1/
2

0.
86

1
0.

10
3/

8
0.

43
1/

2

14
th

--
-

--
-

0.
45

1/
2

0.
86

1
0.

10
3/

8
0.

43
1/

2

13
th

--
-

0.
01

--
0.

26
3/

8
0.

86
1

-
-

0.
43

1/
2

12
th

--
--

0.
04

--
0.

26
3/

8
0.

86
1

-
--

0.
43

1/
2

11
th

--
-

0.
07

-
-

--
0.

86
1

-
-

0.
43

1/
2

10
th

--
-

0.
10

--
--

--
0.

86
1

-
-

0.
43

1/
2

9t
h

--
--

-
-

--
--

0.
68

3/
4

-
--

0.
30

3/
8

8t
h

--
--

--
--

--
-

0.
68

3/
4

-
-

0.
30

3/
8

7t
h

--
--

-
--

--
--

0.
68

3/
4

-
--

0.
30

3/
8

6t
h

--
--

--
--

--
--

0.
68

3/
4

-
-

0.
30

3/
8

5t
h

--
--

0.
05

-
-

--
0.

68
3/

4
-

--
0.

30
3/

8
-

4t
h

--
-

0.
05

--
--

--
0.

68
3/

4
-

-
0.

30
3/

8

3r
d

--
--

0.
01

-
--

-
0.

56
5/

8
-

-
0.

22
3/

8

2
n

d
--

--
0.

07
--

--
--

0.
62

5/
8

-
-

0.
25

3/
8

1s
t

--
--

--
--

-
--

0.
65

5/
8

-
--

0.
28

3/
8

N
ot

e:
A

ll
do

ub
le

r
pl

at
es

ar
e

A
36

gr
ad

e
st

ee
l

T
ab

le
8.

3
D

ou
bl

er
P

la
te

S
ch

ed
ul

e
(R

eq
u

ir
ed

an
d

A
s-

P
ro

vi
de

d)
fo

r
T

h
e

20
-S

to
ry

M
R

F
D

es
ig

ns

~ V
I



- 206-

Lateral Displacements (in) and Vibration Periods (sec)

Floor ETABS [43] ANSR-1 [40]

50% Rigid" 0% Rigidb Design 1 Design 2 Design 3

(1) (2) (3) (4) (5) (6)

Roof 7.395 8.468 10.150 8.528 9.026

20th 7.082 8.126 9.766 8.196 8.684

19th 6.731 7.739 9.327 7.822 8.292

18th 6.395 7.366 8.892 7.458 7.909

17th 6.038 6.966 8.427 7.067 7.497

16th 5.666 6.549 7.937 6.656 7.065

15th 5.289 6.124 7.431 6.236 6.623

14th 4.921 5.708 6.927 5.827 6.186

13th 4.543 5.279 6.406 5.404 5.733

12th 4.162 4.845 5.877 4.974 5.266

11th 3.773 4.401 5.333 4.529 4.787

10th 3.386 3.957 4.788 4.077 4.306

9th 2.996 3.507 4.242 3.619 3.820

8th 2.624 3.079 3.715 3.174 3.347

7th 2.252 2.649 3.186 2.726 2.872

6th 1.886 2.223 2.659 2.281 2.399

5th 1.522 1.798 2.132 1.836 1.926

4th 1.165 1.380 1.611 1.398 1.460

3rd 0.815 0.967 1.100 0.965 1.003

2nd 0.480 0.569 0.615 0.549 0.567

T 1 3.732 4.018 4.214 3.895 4.000

T z 1.236 1.340 1.433 1.311 1.348

T 3 0.698 0.762 0.823 0.750 0.773

T4 0.486 0.532 0.571 0.521 0.537

Ts 0.373 0.408 0.433 0.398 0.408

" Member stiffness formulation based on the clear span plus 50% panel zone sizes
b Member stiffness formulation based on the center-line dimensions

Table 8.4 Static Lateral Displacements and Vibration Periods of the MRFs
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Panel Zone Deformations 'Y (% rad) Story Drifts e(%) Effects of Joints

Floor Column line With With Drift Ratios
Corrected

Average Rigid Joint

A B C D Joint [6]+[7] Bement [7]/[9] [8]/[9]

[1] [2] [3] [4] [5] [6] [7] =[8] [9] =[10] =[11]

Roof 0.022 0.034 0.034 0.022 0.029 0.195 0.223 0.220 0.89 1.02

20th 0.000 0.051 0.060 0.000 0.028 0.231 0.258 0.251 0.92 1.03

19th 0.037 0.057 0.059 0.037 0.048 0.212 0.259 0.245 0.87 1.06

18th 0.046 0.065 0.060 0.046 0.055 0.236 0.290 0.261 0.90 1.11

17th 0.059 0.071 0.040 0.059 0.058 0.243 0.300 0.273 0.89 1.10

16th 0.025 0.060 0.054 0.025 0.042 0.209 0.250 0.278 0.75 0.90

15th 0.048 0.059 0.059 0.048 0.054 0.212 0.266 0.273 0.78 0.98

14th 0.049 0.064 0.064 0.049 0.057 0.218 0.274 0.283 0.77 0.97

13th 0.064 0.067 0.067 0.064 0.066 0.220 0.286 0.290 0.76 0.99

12th 0.068 0.071 0.070 0.068 0.070 0.225 0.294 0.296 0.76 1.00

11th 0.059 0.073 0.073 0.059 0.066 0.224 0.290 0.296 0.76 0.98

10th 0.062 0.075 0.075 0.062 0.069 0.226 0.294 0.298 0.76 0.99

9th 0.056 0.077 0.077 0.056 0.067 0.216 0.282 0.289 0.75 0.98

th 0.057 0.080 0.080 0.057 0.069 0.216 0.284 0.289 0.75 0.98

7th 0.053 0.081 0.081 0.053 0.067 0.213 0.280 0.287 0.74 0.98

6th 0.050 0.083 0.083 0.054 0.069 0.212 0.280 0.286 0.74 0.98

5th 0.049 0.084 0.084 0.049 0.067 0.207 0.274 0.281 0.74 0.98

4th 0.050 0.084 0.084 0.050 0.067 0.204 0.271 0.275 0.74 0.99

3rd 0.046 0.080 0.080 0.046 0.063 0.195 0.258 0.262 0.74 0.99

2nd 0.050 0.084 0.084 0.050 0.067 0.193 0.260 0.237 0.81 1.10

1st 0.018 0.032 0.032 0.018 0.026 -- -- - -- -

Table 8.5 Panel Zone Deformations and Story Drift Corrections for MRF Design 3
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Story Drift Components (% rad) Story Drift Contributions (%)

Floor Beam Panel P-A Beam Panel p-tJ.

Column Zone Effect Column Zone Effect

[1] [2] [3] [4] [5] [6] [7]

Roof 0.195 0.025 0.008 85.5 10.9 3.6

20th 0.231 0.020 0.010 88.5 7.6 3.9

19th 0.212 0.033 0.011 82.8 12.9 4.3

18th 0.236 0.025 0.013 86.1 9.1 4.8

17th 0.243 0.030 0.015 84.3 10.4 5.3

16th 0.209 0.069 0.017 70.8 23.4 5.8

15th 0.212 0.061 0.018 72.9 20.9 6.2

14th 0.218 0.065 0.019 72.1 21.6 6.3

13th 0.220 0.070 0.021 70.7 22.5 6.8

12th 0.225 0.071 0.023 70.5 22.2 7.3

11th 0.224 0.072 0.025 69.7 22.5 7.8

10th 0.226 0.072 0.026 69.7 22.2 8.1

9th 0.216 0.073 0.026 68.5 23.1 8.4

8th 0.216 0.073 0.028 68.1 23.0 8.9

7th 0.213 0.074 0.029 67.4 23.4 9.2

6th 0.212 0.074 0.029 67.3 23.4 9.3

5th 0.207 0.070 0.030 66.5 23.8 9.7

4th 0.204 0.070 0.030 66.8 23.2 10.0

3rd 0.195 0.067 0.029 67.0 23.0 10.0

2nd 0.193 0.044 0.026 73.3 16.8 9.9

Table 8.6 Story Drift Components for MRF Design 3



- 209 -

Design 1 Design 2 Design 3
Floor

McxJe 1 McxJe2 Mode 3 McxJe 1 McxJe 2 McxJe 3 McxJe 1 McxJe 2 Mode 3

[1] [2] [3] [4] [5] [6] [7] [8] [9] [10]

Roof urn -1.000 1.000 1.000 -1.000 1.000 1.000 -1.000 un>

20th 0.977 -0.881 0.729 0.976 -0.880 0.736 0.976 -0.882 0.738

19th 0.948 -0.716 0.353 0.946 -0.715 0.365 0.947 -0.717 0.366

18th 0.915 -0.532 -0.021 0.913 -0.533 -0.002 0.914 -0.536 -0.003

17th 0.877 -0.324 -0.380 0.874 -0.327 -0.359 0.876 -0.329 -0.362

16th 0.834 -0.105 -0.665 0.832 -0.110 -0.650 0.834 -0.112 -0.653

15th 0.788 0.109 -0.837 0.786 0.101 -0.832 0.789 0.099 -0.834

14th 0.740 0.303 -0.874 0.740 0.288 -0.881 0.742 0.289 -0.882

13th 0.689 0.476 -0.786 0.691 0.458 -0.810 0.692 0.462 -0.807

12th 0.635 0.621 -0.591 0.640 0.602 -0.631 0.639 0.610 -0.621

11th 0.579 0.734 -0.318 0.585 0.717 -0.368 0.584 0.727 -0.353

10th 0.522 0.808 -0.010 0.529 0.797 -0.061 0.528 0.806 -0.046

9th 0.464 0.844 0.292 0.472 0.840 0.252 0.470 0.847 0.264

8th 0.408 0.841 0.540 0.415 0.844 0.520 0.413 0.849 0.526

7th 0.351 0.803 0.723 0.358 0.812 0.724 0.355 0.815 0.725

6th 0.293 0.732 0.821 0.300 0.746 0.840 0.298 0.746 0.834

5th 0.235 0.631 0.823 0.242 0.649 0.858 0.239 0.646 0.846

4th 0.178 0.506 0.733 0.184 0.526 0.776 0.182 0.521 0.760

3rd 0.122 0.361 0.560 0.127 0.381 0.605 0.125 0.375 0.589

2nd 0.069 0.209 0.337 0.073 0.225 0.371 0.071 0.220 0.358

Period
4.214 1.4330 0.823 3.895 1.311 0.750 4.000 1.348 0.773

(sec)

Table 8.7 Vibration Mode Shapes and Periods for MRF Designs 1,2 and 3
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Design 1 Design 2 Design 3 Model 4

Story Joint Story Joint Story Joint Story Joint
Floor Drift Deform Drift Deform Drift Deform Drift Deform

a 'Y a 'Y I a 'Y a 'Y I
(% rad) (% rad) II (% rad) (% rad) II (% rad) (% rad) I (% rad) (% rad) I

[1] [2] [3] [4] [5] I [6] [7] [8] [9] I
Roof 0.57 0.13 0.69 0.10 0.66 0.10 0.70 0.10

20th 0.72 0.28 0.89 0.15 0.84 0.18 0.89 0.15

19th 0.62 0.24 0.83 0.16 0.79 0.20 0.83 0.16

18th 0.57 0.18 0.78 0.16 0.71 0.18 0.78 0.16 I
17th 0.65 0.23 0.83 0.16 0.82 0.17 0.84 0.16

16th 0.80 0.34 1.03 0.24 1.00 0.31 1.03 0.21

15th 1.04 0.52 1.15 0.31 1.11 0.42 1.16 0.24

14th 1.31 0.80 1.38 0.48 1.41 0.64 1.40 0.35

13th 1.36 0.90 I 1.61 0.60 I 1.64 0.99 1.67 0.41 I

12th 1.23 0.85 1.70 0.68 1.61 1.07 1.77 0.48

11th 1.05 0.61 1.54 0.79 1.35 0.82 1.57 0.60

10th 0.95 0.52 1.25 0.64 1.11 0.61 1.25 0.48

9th 0.87 0.41 0.99 0.38 0.95 0.40 0.99 0.27

8th 0.87 0.40 0.87 0.28 0.88 0.34 0.87 0.22

7th 0.92 0.41 0.80 0.20 0.87 0.30 0.81 0.19

6th 0.97 0.45 0.81 0.21 0.89 0.32 0.80 0.19

5th 1.00 0.46 0.83 0.22 0.90 0.34 0.81 0.19

4th 1.00 0.48 0.85 0.24 0.90 0.35 0.83 0.21

3rd 1.00 0.47 0.88 0.28 0.87 0.33 0.84 0.23

2nd 0.85 0.46 0.92 0.32 0.81 0.34 0.90 0.27

Table 8.9 Total Story Drifts and Average Panel Zone Deformations for Designs 1, 2, 3 and Model 4

(Parkfield Earthquake)
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Design 1 Design 2 Design 3 Model 4

Story Joint Story Joint Story Joint Story Joint
Floor Drift Deform Drift Deform Drift Deform Drift Deform

a 'Y I a 'Y a 'Y a 'Y
(% rad) (% rad) (% rad) (% rad) (% rad) (% rad) (% rad) (% rad)

[lJ [2J [3J [4J [5J [6J [7J [8J [9J

Roof 0.41 0.12 0.45 0.07 0.43 0.08 0.45 0.07

20th 0.55 0.24 0.59 0.12 0.57 0.14 0.59 0.12

19th 0.62 0.24 0.62 0.13 0.58 0.15 0.62 0.13

18th 0.71 0.35 I 0.71 0.14 0.67 0.17 0.71 0.14

17th 0.67 0.33 0.76 0.15 0.73 0.17 0.76 0.15

16th 0.65 0.28 0.75 0.16 0.72 0.20 0.75 0.16

15th 0.69 0.32 0.68 0.14 0.63 0.16 0.68 0.14

14th 0.68 0.33 0.68 0.14 0.63 0.17 0.68 0.14

13th 0.63 0.28 0.71 0.14 0.67 0.19 0.72 0.14

12th 0.61 0.28 0.79 0.16 0.81 0.27 0.80 0.16

11th 0.69 0.30 0.84 0.22 0.90 0.34 0.83 0.20

10th 0.69 0.32 0.85 0.24 0.92 0.39 0.84 0.21

9th 0.63 0.26 0.78 0.22 0.83 0.33 0.77 0.19

8th 0.66 0.28 0.71 0.18 0.74 0.27 0.71 0.18

7th 0.67 0.29 0.66 0.16 0.61 0.20 0.67 0.17

6th 0.66 0.29 0.61 0.15 0.63 0.20 0.61 0.15

5th 0.62 0.27 0.60 0.15 0.62 0.20 0.60 0.15

4th 0.58 0.25 0.59 0.15 0.59 0.19 0.59 0.15

3rd 0.53 0.21 0.57 0.14 0.54 0.15 0.57 0.14

2nd 0.48 0.21 0.52 0.14 0.52 0.15 0.52 0.14

Table 8.10 Total Story Drifts and Average Panel Zone Deformations for Designs 1, 2, 3 and Model 4

(1.5*El Centro Earthquake)
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Design 1 Design 2 Design 3 Model 4

Story Joint Story Joint Story Joint Story Joint
Floor Drift Deform Drift Deform Drift Deform Drift Deform

e 'Y e 'Y e 'Y e 'Y
I (% rad) (% rad) II (% rad) (% rad) (% rad) (% rad) (% rad) (% rad)

[1] [2] [3] I [4] [5] [6] [7] [8] [9]

21th 0.45 0.11 0.74 0.10 0.58 0.08 0.76 0.11

20th 0.66 0.26 1.00 0.17 0.81 0.16 1.02 0.17

19th 0.81 0.39 1.16 0.29 0.99 0.30 1.17 0.25

18th 0.93 0.57 1.43 0.55 1.24 0.53 1.44 0.40

17th 0.91 0.55 1.49 0.68 1.29 0.64 1.49 0.49

16th 0.87 0.47 1.29 0.63 1.15 0.59 1.28 0.45

15th 0.91 0.51 1.00 0.32 0.89 0.38 1.00 0.24

14th 0.94 0.53 0.88 0.23 0.74 0.24 0.89 0.20

13th 1.02 0.52 0.77 0.18 0.67 0.20 0.79 0.18

12th 1.16 0.65 0.69 0.16 0.74 0.22 0.71 0.16

11th 1.18 0.68 0.69 0.15 0.85 0.28 0.73 0.16

10th 1.08 0.65 0.73 0.18 0.96 0.38 0.77 0.19

9th 0.92 0.46 0.77 0.19 0.95 0.39 0.78 0.20

8th 0.98 0.51 0.82 0.24 0.89 0.38 0.85 0.23

7th 0.98 0.49 0.82 0.25 0.84 0.30 0.84 0.23

6th 0.95 0.48 0.78 0.23 0.95 0.37 0.78 0.21

5th 0.95 0.47 0.85 0.24 0.97 0.39 0.87 0.21

4th 0.94 0.47 0.92 0.28 0.90 0.38 0.94 0.25

3rd 0.89 0.44 0.91 0.30 0.80 0.32 0.96 0.29

2nd 0.73 0.41 0.85 0.30 0.71 0.30 0.90 0.29

Table 8.11 Total Story Drifts and Average Panel Zone Deformations for Designs 1, 2, 3 and Model 4

(1.5*Miyagi-Ken-Oki Earthquake)
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Design 1 Design 2 Design 3 Model 4

Event Event Event Event
Floor

11.5EC 11.5MI 11.5EC 11.5Ml 11.5EC \1.5Ml 11.5EC 11.5MlPK PK PK PK

"(/6 "(/6 'Y/6 "(/6 "(/6 "(/6 "(/6 "(/6 "(/6 "(/6 "(/9 "(/9

[1] [2] [3] [4] [5] [6] [7] [8] [9] [10] [11] [12] [13] I

21th 0.23 0.30 0.26 0.14 0.17 0.14 0.15 0.19 0.14 0.14 0.17 0.14

20th 0.39 0.44 0.39 0.17 0.20 0.17 0.22 0.26 0.20 0.17 0.20 0.17

19th 0.39 0.39 0.48 0.19 0.20 0.25 0.25 0.26 0.30 0.19 0.20 0.21

18th 0.32 0.48 0.61 0.20 0.19 0.38 0.25 0.25 0.42 0.20 0.19 0.28

17th 0.36 0.49 0.61 0.19 0.20 0.45 0.21 0.24 0.49 0.19 0.20 0.32

16th 0.42 0.43 0.53 0.23 0.21 0.48 0.31 0.27 0.51 0.20 0.21 0.35

15th 0.49 0.46 0.56 0.27 0.20 0.32 0.37 0.25 0.42 0.21 0.20 0.24

14th 0.61 0.49 0.56 0.35 0.21 0.26 0.45 0.27 0.33 0.24 0.21 0.22

13th 0.66 0.45 0.51 0.37 0.20 0.23 0.60 0.28 0.30 0.24 0.20 0.22

12th 0.69 0.46 0.56 0.39 0.20 0.23 0.66 0.33 0.30 0.27 0.20 0.23

11th 0.58 0.43 0.57 0.51 0.26 0.22 0.61 0.37 0.33 0.38 0.24 0.22

10th 0.54 0.47 0.60 0.51 0.29 0.24 0.55 0.42 0.39 0.38 0.25 0.25

9th 0.47 0.42 0.50 0.38 0.28 0.25 0.42 0.40 0.41 0.28 0.24 0.25

8th 0.46 0.43 0.51 I 0.32 0.26 0.30 0.39 0.37 0.42 0.25 0.25 0.27 I
7th 0.45 0.43 0.49 0.26 0.25 0.31 0.35 0.32 0.36 0.23 0.25 0.28

6th 0.46 0.44 0.50 0.26 0.25 0.29 0.36 0.32 0.39 0.24 0.25 0.27

5th 0.46 0.43 0.49 0.27 0.24 0.28 0.37 0.32 0.40 0.24 0.24 0.25

4th 0.47 0.43 0.50 0.28 0.25 0.30 0.38 0.32 0.42 0.25 0.25 0.27

3rd 0.47 0.40 0.49 I 0.31 0.25 0.33 I 0.38 0.29 0.39 0.27 0.25 0.30 I

2nd 0.54 0.44 0.56 0.35 0.28 0.35 0.42 0.29 0.42 0.30 0.28 0.32

Table 8.12 Average Panel Zone Deformation to Story Drift Ratios
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Figure 1.2 Base Shear Coefficient Spectra for Single DOF Systems

with different ductilities
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(a)

(b)

Figure 2.2 End Bearing Block with Adjustable Bolt~
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•

Figurc 2.8 Upper Wcb Cope (Specimcn 14)

~

I

Figure 2.9 Lower Wcb Cope (Specimen 14)
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Figure 2.12 Upper and Lower Web Copes (Specimen 16)

\

'". ,

'. .
Figure 2.13 Typical Slip Gage
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Figure 3.1 Cantilever Beam Load vs. Column Joint Rotation (Typical)
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Figure 3.2 Cantilever Beam Load vs. Beam End Displacement (Typical)
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Figure 3.7 Cantilever Beam Load vs. Beam Rotation (Specimen 5)
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Figure 3.9 Cantilever Beam Load vs. Beam Rotation (Specimen 7)
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Figure 3.10 Cantilever Beam Load vs. Beam Rotation (Specimen 8)
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Figure 3.11 Cantilever Beam Load vs. Beam Rotation (Specimen 9)
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FLG CON
ALL WELDED

Zf
- = 0.62
Z

-80

- 233-
80

# 11
W21x44

40

-en
c.
~- 0
"C
C'O
0
..J

-40

-5 -4 -3 -2 -1 0 1 2 3 4 5 6

Beam Rotation (%)

Figure 3.13 Cantilever Beam Load vs. Beam Rotation (Specimen 11)
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Figure 3.14 Cantilever Beam Load vs. Beam Rotation (Specimen 12)
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Figure 3.22 Cantilever Beam Load vs. Beam Plastic Rotation (Specimen 2)
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Figure 3.26 Cantilever Beam Load vs. Beam Plastic Rotation (Specimen 6)
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Figure 3.27 Cantilever Beam Load vs. Beam Plastic Rotation (Specimen 7)
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Figure 3.28 Cantilever Beam Load vs. Beam Plastic Rotation (Specimen 8)
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Figure 3.32 Cantilever Beam Load vs. Beam Plastic Rotation (Specimen 12)
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Figure 3.36 Cantilever Beam Load vs. Beam Plastic Rotation (Specimen 16)
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Figure 3.39 Local Buckling of Beam Flanges (Specimen 1)

'.. '
'.." / i.. .

Figure 3.40 Yield Pattern at Top Continuity Plate (Specimen 1)
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Figurc 3.41 Crack Opened at Centcr of Top Flange (Specimcn 2)

Figurc 3.42 Specimcn 2 aftcr Failurc
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Figure 3.43 Bolt Slippage of Specimen 2

Figure 3.44 Weld Cracked at Center of Bottom Flange (Specimen 3)
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Figure 3.45 Specimen 3 after Failure

Figure 3.46 Fracture of Bottom Flange and Lower Web Weld (Specimen of)
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Figure 3.47 Fracture or Top Flange and Upper Web Weld (Specimen 4)

Figure 3.48 Specimen 4 after Failure
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Figure 3.49 Fracture of Web Weld (Specimen 5)

Figure 3.50 Top Flangc Weld cracked at The Lowcr Edgc (Specimcn 5)
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Figure 3.51 Specimen 5 after Failure

..
• •

....

Figure 3.52 Top Flange Weld cracked at The Lower Edge (Specimen 6)
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Figure 3.53 Fracture of Top Flange Weld (Specimen 6)

2 P
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Figure 3.54 Flaking of Whitewash at Top Flange (Specimen 7)
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Figurc 3.55 Cracking of Welds and Slippagc of I30lts (Spccimcn 7)

Figurc 3.56 Slippage of Bolts (Specimcn 8)
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Figure 3.57 Beam Flange and Web Buckling (Specimen 8)

Figure 3.58 Flaking of Whitewash on Beam Flange and Web (Specimen 9)
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Figure 3.59 Specimen 9 after Failure

"

Figure 3.60 Yielding and Elongation of a Bolt (Specimen 10)
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Figure 3.61 Specimen lOR after Failure

f

Figure 3.62 Flaking of Whitewash on Beam Flange and Web (Specimen II)
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Figure 3.63 Specimen 11 after Failure

Figure 3.64 Flaking of Whitewash on Beam Flange and Web (Specimen 12)
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Figure 3.65 Specimen 12 after Failure

Figure 3.66 Top Flange Cracked at the Center of The Flange (Specimen 13)
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Figure 3.67 Fracture of Beam Top Flange and Upper Web Weld (Specimen 13)

,

Figure 3.68 Fracture of Beam Bottom Flange (Specimen 13)
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Figure 3.69 Fracture of Bottom Flange and Lower Web Weld (Specimen 13)

Figure 3.70 Flaking of Whitewash on Beam Flange and Web (Specimen 14)



- 262 -

Figure 3.71 Buckling of Beam Flanges and Web (Specimcn 14)

r-

Figure 3.72 Beam Top Flange Craeked at the Center (Specimen 14)
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Figure 3.73 Fracture of Flange Weld (Specimen 16)

Figure 3.74 Flaking of Whitewash on Beam Flange (Specimen 17)
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Figure 3.75 Fracture of Beam Bottom Flange (Specimen 17)

Figure 3.76 Fracture of Beam Top Flange (Specimen 17)
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Figure 3.77 Flaking of Whitewash Started in the Area Where Welds Occurred (Specimen 18)

Figure 3.78 Beam Top Flange Cracked at The Center (Specimen 18)
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Figure 3.79 Fracture of Top nange (Specimen 18)
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Figure 3.80 Hysteretic Loops for W18x35 Beams Connected to Column Flange
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Figure 3.81 Hysteretic Loops for W21x44 Beams Connected to Column Flange
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Figure 4.7 Bolt Resisting Lever Arm vs. Beam Moment
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Figure 5.1 Iteration Schemes for Nonlinear Softening System
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LOCAL KINKS
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SPECIMEN A

Figure 6.8 Effects of Excessive Panel Zone Deformation[9]
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Figure 7.14 Equivalent SOOF System, Q Model [54]
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Figure 7.18 Effects of Damping Ratios to Response of Equivalent SDOF System
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Figure 7.19 Effects of Post Yield Stiffness to Response of Equivalent SDOF System
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Parkfield, N65E 1966
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Figure 7.59 Maximum Column Moment and Axial Force Envelopes (Design 2)
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Parkfield, N65E 1966
Column Moment Diagrams at Maximum Column Bottom Moments
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Figure 7.60 Column Moment Diagram at Instant .. of Maximum Column Bottom End Moment
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Parkfield, N65E 1966
Column Moment Diagrams at Maximum Top Column Moments

I I
I I
I I
I I

-20000 0 15000 -20000 0 15000 -20000 0 15000 -20000 0 15000
Moment (kip-in) Moment (kip-in) Moment (kip-in) Moment (kip-in)

(a) Column A (b) Column B (c) Column C (d) Column D

Figure 7.61 Column Moment Diagram at Instant of Maximum Column Top End Moment
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Parkfield N65E, 1966
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Figure 7.62 Story Shear versus Story Drift Hysteretic Loops (Design 2)



- 361 -

Parkfield Earthquake
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Figure 7.63 Beam End Moment versus Beam Plastic Rotation Hysteretic Loops (Design 3)
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Parkfield, N65E 1966
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Figure 7.64 Interior Panel Zone Defonnation versus Applied Moment Hysteretic Loops (Design 2)
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Parkfield , N65E 1966
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Figure 7.65 Exterior Panel Zone Deformation versus Applied Moment Hysteretic Loops (Design 2)



- 364-

Mexico Earthquake

0.0 0.5 1.0 1.5

15 Riaht 81A

10

5

Ol----#~II-I-f--+---I-----l

-5

-10

-15 L...-_.l--_1..-_.l--_.l------l

0.0 0.5 1.0 1.5 -1.0

15 Left 81A

10

5

01--++-I--I..........+++1--*11-+--r------ti

-5

-10

-15 1--._.1--_.1--_.1--_.1-------1

-1.0

0.0 0.5 1.0 1.5 0.0 0.5 1.0 1.5

-c
I

C.
~

M
><o
T'"--c
Q)

E
o
:E
E
co
Q)

m

15 Left 818

10

5

OI-----+l-+-fIHll-t--+--t--~

-5

-10

-15 L...-_I...-_1..-_.l--_I...---J

-1.0

15 Riaht 818

10

5

Ol-----++--+-+HI-+-+--+----l

-5

-10

-15 L..-_I...-_L..-_I...-_I...---J

-1.0

Riaht 81C15 ;....:..:..;.:a.:.:.:...:::...:.-=--~------,

10

5

01---111-+---i1+-'l1--lf+-lH-+-+---H

-5

-10

-15 1--._.1--_.1--_.1--_.1-------1

0.00.51.01.5 -1.0 0.00.51.01.5

Plastic Rotation (10-2 Radian)

15 Left 81C

10

5

Ol----I+-+-IH-f--+--I--___l

-5

-10

-15 1--._.1--_.1--_.1--_.1-------1

-1.0

Figure 7.66 Beam End Moment versus Beam Plastic Rotation Hysteretic Loops (Design 2)
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Figure 8.2 Isometric View of The Perimeter Frame
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MRF Design 3
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1.5*EI Centro, 1940 NS
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Parkfield, 1966 N65E

Elastic Response Spectra (0,2,5,10% Damping)
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Figure 8.18 Elastic Response Spectra for 0, 2, 5 and 10% Damping
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Figure 8.19 Elastic Response Spectra for 0, 2,5 and 10% Damping
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Figure 8.20 Elastic Response Spectra for 0, 2, 5 and 10% Damping
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Design 1 - Parkfield Earthquake
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Figure 8.27 Maximum Beam, Column and Panel Zone Joint Plastic Rotations for MRF Design 1
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Design 2 - Parkfield Earthquake
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Design 3 - Parkfield Earthquake

~
I

~
I

~
I

<{)
I

o.
1% radians

.~

I
~

I

~

~-
,...
'-"

,.....- 'oJ

('I (I)

~~ ~~

"'""
~

3

2-

B-

6

5-

4-

7-

G-

<{)
R- I

17

16-

20

19

18-

15

14

13

12

11

10-

9

8-

Beam & Column Hinge Rotations Panel Zone Plastic Rotations

Figure 8.29 Maximum Beam, Column and Panel Zone Joint Plastic Rotations for MRF Design 3
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Model 4 - Parkfield Earthquake
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Design 3 - 1.5*EI Centro Earthquake
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Model 4 • 1.5*EI Centro Earthquake
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Design 1 - 1.5*Miyagi-Ken-Oki Earthquake
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Design 2 - 1.5*Miyagi-Ken-Oki Earthquake
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Design 3 - 1.5*Miyagi-Ken-Oki Earthquake
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Model 4 - 1.5*Miyagi-Ken-Oki Earthquake
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Design 1 - Mexico Earthquake
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Design 2 - Mexico Earthquake
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Design 3 - Mexico Earthquake
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Model 4 - Mexico Earthquake
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