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GENERAL REMARKS ON NOTATION 

Throughout this report, variables are defined as they are used. Notation is 
generally consistent with that of the 1988 Uniform Building Code [19]. For example, the 
subscript "n" is used to refer to nominal capacity. 

Two items regarding notation are especially worthy of note: 

1. Notation for masonry strength. Masonry strength, measured by compressive prism 
strengths, is often denoted by fm. The specified strength, normally denoted by fm' is 
less than most measured values of fm' Formulas for predicting masonry capacity are 
often expressed in terms of fm. When such formulas are placed into codes, fm' is 
substituted for fm so that the predicted capacity will be conservative (low). That 
practice is continued in this report. The nomenclature fm' denotes two strengths: the 
measured strength (when used in formulas derived from laboratory results); and the 
specified strength (when used in formulas for codes). 

2. Notation for maximum strength. Throughout this report, maximum strength is 
referred to as "ultimate." 
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1. INTRODUCTION 

1.1 General 

During recent years, increasing attention in the United States has been devoted to 
performance and design of masonry structures. In the area of serviceability, consideration 
has been given to subjects such as durability, water permeance, differential movements, and 
life cycle cost. In the area of structural strength, work has began in the development of the 
basic framework of a strength design code for masonry. This work has been oriented 
principally towards seismic zones, in which strength design approaches are very appropriate. 

As part of this process, a large amount of experimental information has been 
obtained on the behavior of reinforced concrete masonry elements under cyclic loads. This 
information has permitted the development of some strength design provisions for 
reinforced masonry, such as those recently adopted in the United States by the 1988 UBC 
[19] for reinforced masonry walls. However, there are still several areas in which 
considerable effort is needed to obtain a better understanding of the mechanisms governing 
the strength and deformation capacity of reinforced masonry elements. 

The U.S. Coordinated Program for Masonry Building Research, funded by the 
National Science Foundation and directed by the Technical Coordinating Committee for 
Masonry Research (TCCMAR), consists of a set of separate but coordinated tasks, intended 
to address the basic issues of masonry material and structural response to gravity and 
seismically induced loads. The program is divided into 10 research categories: 
1) materials; 2) mathematical models; 3) walls; 4) intersections; 5) floors; 6) 
construct~on; 7) small-scale models; 8) design methods; 9) full-scale building; and 10) 
design recommendations and criteria development [46]. 

The research described here, and identified as Task 3.1(c) ofthe TCCMAR Program, 
is concerned with the in-plane seismic resistance of two-story reinforced concrete masonry 
walls. During this program, 6 full-scale reinforced concrete masonry walls, each two stories 
high, were designed, constructed, tested, analyzed, and evaluated at the Phil M. Ferguson 
Structural Engineering Laboratory of the University of Texas at Austin. All specimens were 
of fully grouted hollow concrete masonry. Two specimens were single walls with door and 
window openings, and four specimens were pairs of walls, each coupled by a different floor 
system, with and without lintels. 

The single walls with openings, termed Type 1 specimens, were intended to represent 
walls in a two-story building, perforated by window and door openings. According to the 
particular design philosophy used, each specimen was intended to show a different response 
to lateral load excitations. 
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The pairs of coupled walls, termed Type 2 specimens, were intended to represent 
coupled walls in a two-story building. Each specimen had a different combination of floor 
and coupling systems. 

1.2 Scope and Objectives 

The overall objectives of Task 3.1(c) were to examine how the in-plane seismic 
resistance of multistory concrete masonry walls is affected by: 

a) floor-wall joints, 

b) wall openings, and 

c) floor elements. 

The specific objectives of the Type 1 specimen tests were: 

a) to examine the cyclic shear resistance of the perforated wall system which 
each specimen represented 

b) to compare the effectiveness of two different philosophies for designing 
perforated wall systems, and 

c) to test the analytical models developed in this and in other TCCMAR tasks 

The specific objectives of the Type 2 specimen test were: 

a) to examine the cyclic shear resistance of the coupled wall system which each 
specimen represented 

b) to examine the shear strength and in-plane response of the floor-wall joints 

c) to examine the coupling effectiveness (under reversed cyclic loads) of plank 
floor systems, with and without masonry lintels, and 

d) to test the analytical models developed in this and in other TCCMAR tasks 

Results of the test of the first two Type 2 specimens have been completely described 
in Reference 13. However, to give completeness to this report, the most important features 
of those results have been repeated here. 
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This report is organized as follows: In Chapter 2, the different forms of masonry 
walls are described, and the parameters influencing their behavior are discussed, with 
emphasis on the different modes of failure. A complete description of each specimen is 
given in Chapter 3. Test equipment and procedure are described in Chapter 4. Chapter 
5 describes the expected behavior of the perforated wall specimens as a function of design 
philosophy, including predictions for the behavior and lateral load capacities. Test results 
for perforated wall specimens are described in Chapter 7, and Chapter 8 includes a 
discussion of the test results for those specimens. Test results for coupled wall specimens 
are described and discussed in Chapter 9. Analytical results obtained using the computer 
program SCAM, developed as part of this project, are described and discussed in Chapter 
10. A proposed model to predict the shear strength of masonry walls is presented in the 
same Chapter. A summary of the results, conclusions, and recommendations for further 
research are presented in Chapter 11. Appendix A describes the design for Type 1 
specimens. A complete description of the computer program SCAM to predict the load
displacement response of masonry structures under monotonically increasing imposed 
displacements is given in Appendix B. The proposed model to predict the shear strength 
of masonry walls, and its development are presented in Appendix C. 





2. BACKGROUND 

Masonry buildings are normally characterized by large number of walls. These walls 
act primarily as vertical load-resisting elements, and also carry the building's lateral loads. 
In this chapter the behavior of masonry walls and their components is reviewed. Different 
forms of masonry walls are described, and the parameters influencing their behavior are 
discussed, with emphasis on their various modes of failure. 

2.1 General 

It is well known that the forces associated with the linear elastic response of a 
structure to severe ground motion, are several times larger than typical code seismic loads 
[19]. However, it is also known that most code-designed structures so designed have been 
able to survive severe earthquake excitations. This behavior has been attributed to factors 
such as inelastic energy dissipation, increased structural damping due to damage, and soil
structure interaction. 

When code design forces are less than the elastic forces associated with the elastic 
response, the structure is expected to remain stable under seismic excitations while 
responding inelastically after reaching its load capacity. The inelastic response of the 
structure is associated with inelastic deformations of so-called critical elements. These 
elements must be able to deform inelastically after reaching their strength without excessive 
deterioration of strength and stiffness. This characteristic is commonly known as "ductility" 
[24]. 

Because of these requirements, it is usually intended that flexural behavior control 
the formation of a structural mechanism, in which most of the inelastic action is due to 
large, ductile flexural deformations of the end sections of critical elements. According to 
the capacity design philosophy, each such element must be designed to prevent undesirable 
brittle modes of failure such as diagonal tension, diagonal compression, sliding shear, 
anchorage failure, and buckling of compression reinforcement or part of the wall, when 
subjected to the forces associated with the development of the actual flexural strength of the 
system. The actual flexural strength, or flexural overstrength, is based on the probable (i.e., 
expected) strength of the materials, including such aspects as strain hardening of the 
reinforcement. 

To accomplish this design approach, it is necessary to know the load-deformation 
behavior of the structural materials, elements, and assemblages. A large amount of 
experimental information on the behavior of reinforced concrete masonry elements under 
cyclic loads has been obtained during recent years [14,17,43,44,12,1]. This information has 
permitted the development of some strength design provisions for reinforced masonry, such 
as those recently adopted in the United States by the 1988 UBC [19] for reinforced masonry 
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walls. However, there are still several areas in which 
considerable effort is needed to obtain a better 
understanding of the mechanism governing strength 
and deformation capacity of reinforced masonry 
elements. A review of the behavior of masonry 
structures and elements is given in the following 
sections . 

2.2 Masonry Structures 

The simplest type of masonry structure 
consists of cantilever walls, connected through floor 
slabs flexible enough so the basic cantilever action is 
not affected. Most inelastic action under lateral 
loads occurs at plastic hinges at the base of the walls, 
as shown in Fig. 2.1. 

More typical masonry construction consists of 
perforated walls like those shown in Fig. 2.2, in 
which window and door openings define pier and 
spandrel elements. The inelastic behavior of the 
wall will depend on the relative capacity of piers and 
spandrels. Window openings usually define a pier
dominated type of behavior in which most of the 
inelastic action occurs in the piers, in a column-type 
sidesway mechanism at one or more story levels, as 
shown in Fig. 2.2(a). Door openings usually define 

a coupled wall type of behavior in which 
most of the inelastic action takes place at 
the ends of the coupling elements and at 
the base of the coupled walls, in a beam
type sidesway mechanism, as shown in Fig. 
2.2(b). 

(a) Pier mechanism (b) Coupled-wall mechanism 

As previously mentioned, the 
inelastic response of the structure is 
governed by the inelastic deformations of 
some critical elements. It is then essential 
to relate the demands on those elements 
with their capacities. The available Figure 2.2 Masonry walls under seismic 

loading. 
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ductility of an element dominated by flexural behavior depends on the rotation capacity of 
its hinging regions, which in turn depends on the section's curvature capacity and the plastic 
hinge length fp• The ductility demand on that element depends on the structural form and 
the external actions. An accurate assessment of the ductility demand on the elements of an 
structure subjected to some particular ground motion, can be obtained by performing a 
nonlinear dynamic analysis. However, analysis of the inelastic deformations of the 
structure's collapse mechanism under equivalent static lateral loads [19] can indicate regions 
of high deformation demand. Similarly, the shear demand on each element depends on the 
maximum expected flexural capacity of that element, the structural form, and the load 
distribution. Shear forces can be calculated from the plastic collapse mechanism as 
previously described. However, during actual seismic excitation, the M/V ratio at a given 
section varies continuously during the response of the structure, and the calculated values 
of the shear demand must be amplified to consider the effects of higher modes [22,30] and 
ground motion intensity [2] on structural response. 

Several criteria have been proposed for selecting the most appropriate masonry 
structural form. Priestley [22] has suggested that the best structural form for masonry wall 
structures is the simple cantilever wall. Moment transfer between walls should be 
minimized by using flexible coupling elements and openings in the walls should be small 
enough so they do not affect the cantilever action of the walls. This approach is based on 
calculated levels of available ductility in cantilever masonry walls using a plastic hinge length 
of fw/2 at the base of the walls. In addition to imposing architectural limitations, the 
assumed value of the plastic hinge length seems to be too large compared with test 
observations [1,13], which would lead to overestimates of the available ductility levels. A 
second approach, suggested by Hidalgo and Liiders [7], consists simply in recognizing that 
some walls will have a shear-dominated behavior, and that this fact must be taken into 
account in design by inducing a "ductile-shear" failure [12] and by increasing seismic design 
forces. This approach tends to ignore evidence regarding the available ductility of masonry 
walls, and the extent of the proposed increase in design forces is not clear. To investigate 
different design approaches further, the inelastic behavior of each type of masonry wall must 
be examined in more detail. That is the purpose of the following sections. 

2.2.1 Cantilever Wall. In a cantilever wall, energy dissipation occurs only at plastic 
hinges at the base of the wall, as shown in Fig. 2.3 (a); this makes it easier to properly 
detail those zones. The distribution of curvature at ultimate can be idealized into elastic 
and plastic regions [21], as shown in Fig. 2.3(b). Strictly speaking, this idealization is valid 
only for a cantilever with a concentrated load at the top. However, a multi-story system 
with loads at each story can be thought of as a cantilever under the action of the resultant 
force. The plastic hinge region, a zone in which curvature exceeds the yielding value cf>y and 
reaches the ultimate value cPu, is assumed to have a length fp• Wall rotations and 
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Figure 2.3 Curvature and displacement distribution in a cantilever wall. 

displacement can be calculated by integrating the curvature distribution over the wall height 
h: 

(2.1) 

(2.2) 

~h2 f 
A = A + A = - + (~ -~ ) (h-1) D 

II J P 3 IIJ 2'"11 
(2.3) 

where ~y and ~u are the displacement at the top of the wall at the first yielding and at 
ultimate respectively. 

The same results can be obtained using the idealized model in Figure 2.3(c)[23], in 
which the inelastic deformations (Jp and ~p are assumed to be produced by a concentrated 
rotation of the wall at a height f p/2. For a required overall ductility p. = ~u/ ~Y' the 
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curvature ductility demand fJ..p at the base of the cantilever wall can be easily 
estimated using this model: 

As shown in Eq. 2.4, the curvature ductility demand fJ..p tends to increase 
rapidly as the value of fp decreases [21]. Experimental results [1,17] have shown that the 
plastic hinge length in masonry walls is shorter than that of otherwise similar reinforced 
concrete elements. 

For a cantilever wall subjected to a code-type linear distribution of lateral forces, as 
shown in Fig. 2.1, the maximum expected shear is equal to the flexural capacity at the base 
of the wall, divided by the height of the lateral force resultant. However, as previously 
mentioned, this value must be amplified to consider the effect of higher modes and ground 
motion intensity on the response. 

2.2.2 Pierced Wall. In this type of walls, openings are arranged in such a way that 
spandrel beams are stronger than piers. In a wall dominated by pier behavior, inelastic 
deformation predominantly occurs at the piers of one or more story levels, as shown in Fig. 
2.4(a). Plastic deformations after yielding are usually concentrated in a single story, defining 
a column sidesway mechanism as shown in Fig. 2.4(b). The wall displacement distribution 
is idealized in Fig. 2.4(c) [23]. In that model, displacements are assumed to increase linearly 
with height until yield, after which, the inelastic displacements are concentrated at the soft 
story. Because shear deformations are an important part of the total deformation of the 
usually squat piers, it makes more sense to work with the displacement ductility of the piers 
rather than rotational or curvature ductilities. For an overall ductility demand fJ. = tJ.j ~ 
it can be demonstrated that the required pier displacement ductility fJ.p is: 

J.L
p 

= _n_ (J.L - 1) + 1 
(a+p) 

(2.5) 

where h is the story height, ah the height of the pier, {3h the height of the window sill, and 
n the number of stories. The high ductility demand on the piers, especially for taller 
buildings, is clearly evident from this equation. This is a typical characteristic of "soft-story" 
mechanisms [30]. 
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Figure 2.4 Plastic mechanism and displacement distribution in a pierced wallo 

Because of the usually low span to depth ratio of the piers, high shear forces are 
associated with the development of their lateral load capacities. It is therefore necessary 
to minimize the piers' flexural capacity and provide them with high ratios of transverse 
reinforcement to prevent shear failure. It can then be expected that the inelastic 
deformation capacity of the piers will be limited by possible fracture of the jamb bars, by 
diagonal compression, or by shear transfer at the pier-wall connections. Large shearing 
forces must be transmitted between the piers and the wall in a zone usually highly 
deteriorated by the action of reversed load cycles, as shown in Fig. 2.5. It is also 
conceivable that the occurrence of large inelastic deformations of the piers could lead to 
undesirable damage and out-of-plane instability of the pier regions. 

Flexural 
crack vp Zone of shear 

-.----4r---.- ttansfer 

Figure 2.5 Zone of shear transfer 
at pier - wall connec
tion. 

2.2.3 Coupled Walls. In a wall dominated by 
coupled wall type of behavior, inelastic deformation 
occurs at the bases of the coupled walls and at the 
ends of the coupling elements, as shown in Fig. 
2.6(a). The collapse mechanism is defined by the 
formation of plastic hinges at those locations, as 
shown in Fig. 2.6(b). Assuming that all plastic 
deformations are concentrated at the plastic hinges, 
and that the walls rotate about their compression 
toes, the distribution of plastic displacements is as 
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Figure 2.6 Plastic mechanism and displacement distribution for coupled walls. 

shown in Fig. 2.6(c). The coupling beam plastic rotation Opb is: 

!1 
epb = (1 + ~w/~b) n~ (2.6) 

where iw is the wall cross section length, ib the beam span, h the story height, n the number 
of stories, and ~ the plastic displacement at the top of the wall. 

From Eq. (2.6), the rotational ductility demand on the coupling 
bernas, fJ.6b = Oub / Oyb' is: 
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_ (1 + ~w/~b) fly ( _ 1) + 1 
~eb - h -e ~ 

n yb 

(2.7) 

where p. is the overall required ductility, .dy is the top displacement at first yielding, and 0yb 
is the beam rotation at first beam yielding. Note that .dy and 0yb do not necessarily occur 
at the same time. 

Because of the lintels' low shear span to depth ratio, high shear forces are associated 
with the development of their flexural capacity. Because of the characteristics of the 
masonry, it is usually not possible to provide all the required transverse reinforcement in 
those elements. As a result, even when the minimum flexural reinforcement is used, shear 
damage and early degradation can be expected to occur in the lintels, limiting the 
effectiveness of the coupling system. If the coupled masonry walls are long in plan, 
formation of plastic hinges at their bases produces large strains in wall longitudinal 
reinforcement. This condition has often been observed to cause fracture of longitudinal 
reinforcement under reversed cyclic loads, and has also been associated with in-plane and 
out-of-plane slip of the walls at their bases, limiting the deformation capacity of the 
structure [13]. 

In an ideal coupled wall system, energy dissipation is provided by large inelastic 
deformations, first of the coupling elements (lintels), and later, of the walls themselves. This 
behavior permits a great part of the inelastic action to take place before the walls start to 
suffer damage. 

2.3 Masonry Walls and Piers 

The influence of wall panels and piers in the response of masonry assemblages has 
been clearly identified. Considerable research has been carried out in this area in recent 
years. In this and the following sections, some of the most important findings in this area 
are described. 

Two basic load-deformation and failure mechanisms have commonly been identified 
in reinforced masonry wall panels [4,12]: a flexural mechanism, characterized by large 
deformations of flexural reinforcement and/or crushing of masonry at the compression toe; 
and a shear mechanism, characterized by diagonal tensile cracking. While the flexural 
mechanism exhibits considerable ductility, shear failure is sudden and brittle. 

A third failure mechanism, involving sliding, has been frequently observed in walls 
subjected to reversed loading cycles. A sliding plane of failure can be defined either by a 
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flexural crack continuous along an horizontal course (sliding-flexure failure) [12,17], or 
between two diagonal cracks as in the case of squat walls (sliding-shear failure) [8,12]. 
While some authors define sliding as an independent mode of failure [12], it always occurs 
simultaneously with the development of some of the other mechanisms previously described. 

A description of the behavior of concrete masonry walls and piers, with emphasis on 
the different modes, is given in the next sections. Most of the results are valid for all types 
of masonry, but the reader must be aware that this work emphasizes fully grouted concrete 
masonry walls. 

2.3.1 Flexural Behavior. It has been widely recognized that the flexural behavior 
of lightly reinforced, fully grouted concrete masonry elements is well described by the simple 
flexure theory developed for reinforced concrete members [1,17,22,4.7,4.8], which is based 
on the plane-section assumption. Some test results [3] have shown that the plane-section 
assumption is no longer valid when the section is close to its flexural capacity, and that the 
neutral axis lies closer than assumed to the extreme compression fiber of the section. This 
means that the plane section assumption could lead to an underestimation of moment 
capacity, and that shear demand could be larger than predicted. However, the difference 
does not seem to be significant. 

Computer programs based on a fiber model for the cross-section, and also on the 
plane-section assumption, have been satisfactorily used to predict the flexural behavior of 
sections of fully grouted concrete masonry walls [1,13]. Flexural strength of these sections 
has been accurately predicted using formulas based on the assumption of an equivalent 
rectangular' stress block [1,22]. 

Wall displacement can be calculated by integrating curvatures over the wall height. 
Test results have shown that the inelastic deformations of masonry walls tend to concentrate 
at the base of the wall [1,13,17,18], resulting in a plastic hinge length ip shorter than that 
expected in otherwise similar reinforced concrete elements. Plastic hinge lengths averaging 
0.2 iw were obtained from tests on slender walls as described in Ref. 17. Tests on square 
panels described in Ref. 1 showed plastic hinge lengths of about 0.15 iw. Because of these 
relatively small values of i p' large curvature ductility levels are required to satisfy a given 
displacement ductility demand. 

Wall flexural deformations are increased by base uplift due to bond slippage, and by 
deformation of the steel embedded in the foundation [1]. Lap splices at the base of the wall 
in the plastic hinge region affect wall behavior in two ways [17]: the plastic hinge length is 
reduced due the existence of an overreinforced zone at the middle of the lap splice; in 
addition, effectiveness of grouting is reduced, vertical splitting cracking occurs early, and 
bond failure of flexural steel occurs. 



14 

Axial load level has an important 
influence on flexural behavior. Under 
increasing axial load, the lateral load capacity 
and stiffness of the wall are increased, but 
available ductility is decreased [1]. Higher axial 
load produces a more rapid load degradation 
due to more severe toe crushing, but it produces 
a higher unloading stiffness [3]. The increase in 
flexural capacity produced by the increase in 
axial load can change the mode of failure from 
ductile flexure to brittle shear [1,12]. 

As previously mentioned, flexural failure 
is characterized by large deformations of 

Figure 2.7 Flexural type of failure. flexural reinforcement and/ or crushing of 
masonry at the compression toe, as shown in 
Fig. 2.7. Crushing of masonry usually starts as 

vertical splitting; the block shell then spalls off; and finally, extensive crushing of grout 
occurs. Inelastic flexural hinging at the bases of long walls can lead to fracture of the 
extreme bars [13]. 

2.3.2 Shear Behavior. When the principal diagonal tensile stress exceeds the 
masonry tensile strength, the shear mode of failure is initiated by a crack along the diagonal 
in the center part of the wall. The diagonal cracking strength of the grouted wall depends 
on the diagonal tensile strength of masonry (which can be taken as proportional to Vf'm ). 
It also depends on the applied axial stress, and on the aspect ratio of the panel [4,11]. 

Before cracking, the wall can be considered elastic and homogeneous, and the 
contribution of the reinforcement can be assumed negligible. Shear stiffness properties of 
the element can be calculated using the gross area of the cross section [1]. This assumption 
is no longer valid after flexural cracking has occurred. Before diagonal cracks develop along 
the main diagonal, vertical and horizontal loads can be assumed taken by a diagonal strut 
mechanism [1]. This strut model can be used to estimate shear stiffness. 

Mter diagonal cracking, lateral load action is resisted by a new mechanism shown in 
Fig. 2.S. Shear strength is provided by the masonry strength at the compression toe, by 
aggregate interlock forces between the sides of the crack, and by the action of the 
longitudinal and transverse reinforcement crossing the crack [4,Sj.lJnder these conditions, 
the wall becomes more flexible than before cracking. The following parameters have been 
recognized as influencing the shear strength after diagonal cracking: masonry compressive 



strength; aspect ratio; amount of transverse 
reinforcement; vertical load; and amount of 
vertical reinforcement [1,12]. 

It has been usual to express the shear 
strength Vn after diagonal cracking as the sum 
of two different effects: the residual masonry 
shear strength Vm; plus the shear resistance Vs 
provided by transverse reinforcement [19]. 

v" = Vift + ~ (2.8) 

V m is provided by the masonry shear 
resistance of the compression toe, by aggregate 
interlock, and by dowel action of the 
longitudinal steel crossing the crack. V m tends 
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Shear resistance mechanism 
after diagonal cracking. axial compressive stress [1,10]. The aggregate-

interlock mechanism depends on the extent of 
crack opening, which depends in tum on . the 
axial stress and the amount of flexural reinforcement. Axial load increases aggregate 
interlock, but tends to produce more crushing of masonry [11]. Because they develop their 
maximum capacities at different displacement levels, the mechanisms of compression toe 
resistance, aggregate interlock, and dowel action are not fully additive. It has been 
suggested [23] that the residual shear strength of the masonry decreases with increased 
flexural ductility demand. 

Shear strength Vs is provided by the tensile capacity of the horizontal steel crossing 
the diagonal crack (Fig. 2.8). Design provisions like those of the 1988 UBC [19] give an 
expression for Vs based on the assumption that all the transverse reinforcement crossing a 
45-degree diagonal crack is able to reach yielding [22], as in the case of reinforced concrete 
elements. However, the extent of the effectiveness of the transverse reinforcement in 
resisting shear forces has been subject of considerable discussion. Experimental results have 
shown that shear strength does not increase proportionally to the increase in transverse 
reinforcement ratio [4,6,7,12]. There is evidence of problems with anchorage of transverse 
bars, with lack of ductility in steel used for joint reinforcement (truss- or ladder-type wire 
mesh), and with non-simultaneous occurrence of the maximum capacity of masonry and 
steel. Test results have shown that 180-degree hooks around the extreme longitudinal bar 
are the best way to anchor transverse reinforcement resulting in improved shear capacity 
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and more gradual 
degradation [1,10,12,14]. 
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The available shear 
strength of the wall for different 
levels of shear demand Vu is 
shown schematically in Fig. 2.9. 
Before diagonal cracking, 
available shear capacity is the 
cracking strength Vcr. After 
diagonal cracking, V m and Vs 
become effective. Because the 
residual masonry shear strength 
V m is lower than Vcp the behavior 

~ 
vcr+------:V 

Figure 2.9 

Shear Demand Vu of the wall after diagonal cracking 
will depend on the amount of 

Shear resistance mechanisms of masonry transverse reinforcement. If the 
walls. shear strength provided by 

transverse reinforcement is 

Figure 2.10 Brittle shear failure 

insufficient, like Vs1 in Fig. 2.9, 
then the shear capacity provided by the new 
mechanism is lower than the cracking 
strength, the diagonal crack opens 
extensively, and the failure is sudden and 
brittle (Fig. 2.10). In this case, the maximum 
lateral capacity of the wall is given by its 
cracking load, and its deformation capacity is 
very limited [4,8,11,12]. In walls with larger 
transverse reinforcement ratios, the strength 
of the new mechanism is higher than the 
cracking strength (like Vs in Fig. 2.9), and 
new diagonal cracks develop and spread over 
the. diagonals of the wall as displacement 
increases. Transverse reinforcement limits 
crack opening, and enhances aggregate 
interlock. Failure (Vu = Vn in Fig. 2.9) 

in Fig. 2.11. 

generally occurs by crushing of masonry at 
cracked portions of the diagonals, as shown 

This mechanism has been termed a "ductile shear failure" [12]. 



During recent years, several expressions 
have been proposed for calculating the shear 
capacity of masonry walls [1,7,8,10,20,22]. Most 
are empirical, and include in different ways 
some or all of the above aspects influencing 
shear strength of masonry walls. 

In general, deformation capacity of a 
panel dominated by shear is lower than that of 
a panel dominated by flexure [1], and the rate 
of load degradation is higher. Ductility can be 
improved by increasing the amount of transverse 
reinforcement. An empirical expression to 
calculate the overall shear stiffness of a wall 
panel under normal load conditions is given in 
Ref. [1]. That expression, based on the secant Figure 2.11 Ductile shear failure 
stiffness at first major diagonal cracking, is 
conservative up to that level; and its validity for 
slender walls is unknown. An expression to evaluate 
strength degradation under cyclic loading due to a 
shear mechanism is proposed in the same Ref. 1. 

2.3.3 Sliding Mode of Failure. A third 
mechanism of failure, sliding, has frequently been 
observed in walls with large amounts of transverse 
reinforcement but light longitudinal reinforcement, 
and subjected to reversed cyclic loading [12,13,14]. 
A sliding plane of failure can be defined either by a 
flexural crack continuous along an horizontal course 
(sliding-flexure failure) [12,17], or between two 
diagonal cracks as in the case of squat walls (sliding
shear failure) [8,12]. 

The sliding flexural mechanism, shown in Fig. 
2.12, has been described in Ref. [14]. After 
complete cycles of reversed displacement of large 
amplitude, the longitudinal reinforcement at both 

Figure 2.12 Sliding mode of 
failure. 
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ends of the wall yields, and a wide crack propagates through the length of the section, 
generally at the base of the wall. Lateral load is resisted only by dowel action of the 
longitudinal reinforcement crossing that crack, and by aggregate interlock. However, due 
to the characteristics of the "cold joint" at the base of the wall, and to the wide opening of 
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the crack, aggregate interlock is almost ineffective at this stage. On the other hand, dowel 
action will not develop until large displacements have occurred. As displacement increases, 
dowel action becomes effective, and the crack will eventually close at one end of the wall, 
enhancing aggregate interlock action and defining a shear transfer zone at the compression 
toe. In a pure sliding type of failure, damage occurs only at the interface zone, and failure 
occurs by crushing of masonry along the sliding plane [12]. 

Interface shear capacity has been usually calculated using traditional concepts of 
shear friction. Reinforcement normal to the sliding plane produces the clamping force 
necessary to develop aggregate interlock, and provides dowel action [13,21]. This 
mechanism is more efficient if the longitudinal reinforcement is uniformly distributed. 

2.3.4 Available Ductility. Some authors [1,17] have pointed out that in calculating 
ductility, it is more convenient to define the ultimate flexural displacement as that 
corresponding to some given percentage of the flexural strength after toe crushing, instead 
of the displacement at ultimate strain of masonry, as conventionally defined. Analytical 
[15,16] and experimental [1,12,17] results have shown that available ductility so defined 
decreases with increasing axial load and aspect ratio of the wall, but increases with 
increasing compressive strength of masonry. Increases in flexural reinforcement ratio and 
yield strength decrease ductility when defined conventionally, but do not affect the ductility 
defined as above. Confining plates at the compression toes of the wall are helpful in 
increasing deformation capacity of the walls [16]. Because of the relatively small values of 
the plastic hinge length e p for masonry walls, large curvature ductility levels are required to 
satisfy a given displacement ductility demand. 



3. SPECIMEN DESCRIPTION 

In this chapter, the specimens built and tested during this program are described in 
detail. The specimens are described as part of a prototype bUilding. Structural details of 
each specimen, including reinforcement and construction details of walls, floors, and lintels, 
are discussed in the following sections. Results of standard material tests are given. 

3.1 Overall Description 

3.1.1 General. Each specimen was a two-story concrete block wall system 16.67 ft 
(5.08 m) long, 17.33 ft (5.28 m) high, and 5-5/8 in. (143 mm) thick, resting on a reinforced 
concrete base beam. Type 1 specimens were perforated walls with one door opening and 
one window opening per story. Type 2 specimens were coupled walls with one central 
opening per story. Each specimen had a floor system 8 in. (200 mm) thick, extending 3.0 
ft (0.91 m) from each lateral face of the wall. The wall element designations are shown in 
Fig. 3.1. The walls were denoted as first-story and second-story walls; and with the base of 
the wall considered the first floor, the floor slabs were designated as the second floor and 
the roof. 

I 
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I 

Type 1 Specimen 

R 00 f 

Sec o 
r 
nd 

Sto y 

Se co 
00 FI 

nd 
r 

Fi 
St 

t rs 
o ry 

I I 
Base 
beam Type 2 Specimen 

Figure 3.1: Wall element designations. 

j 

The specimens were intended to represent a wall subassemblage system in a two-story 
prototype building [35], shown in Fig. 3.2 for the case of Type 2 specimens. The walls were 
assumed to be 20 ft (6.10 m) apart. Depending on the characteristics of each wall system, 
the floor slabs spanned either perpendicular or parallel to the plane of the walls. As shown 
in Fig. 3.3, the second floor and roof were represented in the specimens by a floor slab 
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extending 3.0 ft (914 mm) from each face of the 
wall. The effective floor width contributing to 
the stiffness and strength of the wall was as
sumed to lie within this width. The walls of the 
prototype building were assumed to be rigidly 
connected to an immovable foundation. 

Figure 3.2: Prototype 
plan. 

building floor 

The walls were constructed of hollow 
lightweight concrete masonry units measuring 6 
in. thick by 8 in. high by 16 in. long (152 x 203 
x 406 mm) for full units, and 8 in. long (203 
mm) for half units. Units were laid in running 
bond, and the walls were fully grouted. To 
allow the placement of transverse reinforcement 
and to improve grout continuity, all walls except 
those at the second story of Specimen 2b were 
built using full units consisting of open-end 
bond-beam units. In the case of the second 
story walls of Specimen 2b, bond-beam units 
were used only in courses with transverse 
reinforcement. 

Prototype Building Tributary Width 20' 

Actual Specimen Width 6' 5·5/S" 

I~' 5-5IS" 3't II 

~ 
Specimens 
2band 20: 
Floor 
Spanning 
Parallel to 

1W~' 

The specimens had reinforcement meet-
~ ing ASTM A615, Grade 60. Transverse rein

forcement had 180-degree hooks around the 
extreme longitudinal reinforcement. Vertical 
dowels were placed in the foundation beam 
when Specimens 2a and 2b were constructed. 
Dowels for the remaining specimens were 

Figure 3.3: Specimen location in proto- epoxy-anchored to the foundation beam. Lon-
type building. gitudinal reinforcement was anchored to the 

roof slab using 90-degree hooks. When neces
sary, 40db lap-splices were used. Bars were cold-bent in the laboratory. Because the units 
were only 6 in. thick, the inside bend diameter was usually less than that specified by ACI 
318-89 [45] for transverse reinforcement. 

3.1.2 Design. To use consistent criteria throughout the project, all specimens were 
designed for gravity and lateral loads as specified in the 1985 Uniform Building Code [34], 
acting on the wall as part of the prototype building [35]. Lateral load-resisting elements 
were provided with enough flexural and shear strength to satisfy UBC requirements for 
Zone 4. The lateral load capacity of each specimen was predicted using a plastic collapse 
analysis. All wall elements were then re-designed to satisfy the requirements consistent with 
the development of the expected collapse mechanism. In all specimens, the wall capacity 
was assumed to be controlled by flexural behavior. According to a capacity design 
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philosophy, elements were provided with shear capacities larger than shear forces associated 
with the development of flexural strength of the system. 

Depending on the characteristics of each wall system, the floor slabs spanned either 
perpendicular or parallel to the to the plane of the walls. If the slabs spanned perpendicular 
to the plane of the walls, the tributary floor load would be carried completely by the walls 
in the prototype building, as shown in Fig. 3.3. If the floors spanned parallel to the plane 
of the walls, the floor load would not be carried by the walls in the prototype building, as 
shown in Fig. 3.3. In either case, the floor loads on the prototype walls were accurately 
considered in design and represented in the test setup. Appendix A gives a detailed 
description of the design of Type 1 specimens. Design of Type 2 specimens is described in 
Ref. 13. 

3.2 Structural Details of Type 1 Specimens 

3.21 GeneraL Typical block layout and dimensions for Type 1 specimens are shown 
in Fig. 3.4. The specimens were perforated walls with one door opening 3.33 ft (1.02 m) 
wide and 6.67 ft (2.03 m) high, and one window opening 3.33 ft (1.02 m) wide and 3.33 ft 
(1.02 m) high, per story. Lintels 2 courses deep were placed below the slab over each 
opening. 

3.22 Walls. Because of the different design philosophies used with Type 1 
specimens, the structural detailing of the lateral load resisting elements was different for 
each specimen. 

Pier-Based Specimen 1a 

Structural details of Specimen la, designed by the pier-based philosophy, are shown 
in Fig. 3.5. Reinforcing details for this specimen were characterized by light longitudinal 
reinforcement in piers, #3 (10 mm) jamb bars (Pv = 0.08%), and columns, 2#3 (10 mm) 
bars (Pv = 0.16%); heavy transverse reinforcement in first story piers, 1#3 (10 mm) and 
1#4 (13 mm) bars at every course (Ph = 0.73%); and heavy horizontal reinforcement in the 
base of the wall and the 2nd floor horizontal element between piers, 2#4 (13 mm) bars at 
every course (Ph = 0.97%). Roof lintels had 1#4 (13 mm) bar as top longitudinal 
reinforcement and 2#4 (13 mm) bars as bottom longitudinal reinforcement. The second 
floor lintel had 6#4 (13 mm) bars as total longitudinal reinforcement. Transverse 
reinforcement in the lintels consisted of #3 (10 mm) U ties placed at 8-in. (203 mm) 
centers. As shown in Fig. 3.6, the bottom course of the lintels was constructed with bond 
beam units placed in an inverted position. To improve sliding shear capacity between the 
wall and base beam, smooth shear keys in the form of truncated cones (3.25 in. in diameter 
and 1.5 in. deep) were drilled in the base beam, coinciding with the positions of the wall 
cells with no longitudinal reinforcement. 



22 

N- . 
GO 

I I I I I I I I I J L I 
I I I I I I I I I I 

I I I I I 
I I I I I 

I I I I I . 
I I I I I 

I I I I I 
o 
tl;, 

1 L I I I I I 
I I I I I I I I 

I I I I I I I I 
I I I I I I I I 

I I I I I I I I 
co 

L J I I I I I I I I I 

-- I I J I 1 J J I I I 

I~ 
I I 1 I I 

I I I I I 
I I I I I 

J J J J J 
• I I I I I GO 

I I I I I I I I <.0 
I I I I I I I I 

I I I I I I I I 
I I J L I I J 1 

I I I I I I I I 

I I 
12'-0" I 3'-4" 4',0" 3'-4"~ 4'-0" 

16',8" 

Figure 3.4: Typical Type 1 Specimen. 
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Figure 3.6: Type 1 Specimen: floor slab reinforcement detail. 
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Coupled Wall-Based Specimen Ib 

Structural details of Specimen 1b, designed by the coupled wall-based philosophy, are 
shown in Fig. 3.7. Reinforcing details for this specimen were characterized by heavy 
longitudinal reinforcement in the first story piers, #3 (10 mm) jamb bars plus 6#6 (19 mm) 
bars distributed in each pier (p v = 1.06%); heavy longitudinal reinforcement in co!u:rn.t:s, 
3#5 (16 mm) bars (Pv = 0.69%); heavy transverse reinforcement in first story piers, 1#3 
(10 mm) and 1#4 (13 mm) bars at every course (p h = 0.73%); light longitudinal 
reinforcement in the base of the wall, 4#3 (10 mm) bars (Pv = 0.06%); heavy horizontal 
reinforcement in the base of the wall and the second floor horizontal element between piers, 
2 #4 (13 mm) bars at every course (Ph = 0.97%); and lighter longitudinal reinforcement 
in the lintels, 1#3 (10 mm) bar as a top and bottom reinforcement. Transverse reinforce
ment in the lintels consisted of #3 (10 mm) V ties placed at 8-in. (203 mm) centers. As 
shown in Fig. 3.6, the bottom course of the lintels was constructed with inverted bond beam 
units. To improve the deformation characteristics of the wall, the flexural reinforcement was 
debonded in the lowest 8 in. of the wall (Fig. 3.7). To improve sliding shear capacity 
between the wall and base beam, smooth shear keys in the form of truncated cones (3.25 
in. in diameter and 1.5 in. deep) were drilled in the base beam, coinciding with the positions 
of the wall cells with no longitudinal reinforcement. 

3.23 Floors. As is typical of this type of construction, the floors of the prototype 
building were assumed as precast, prestressed concrete planks, 6 in. (152 mm) thick and 4 
ft (1.22 m) wide, with a 2-in. (50 mm) thick reinforced topping of cast-in-place concrete. 
For the Type 1 specimens, the planks were assumed to span perpendicular to the plane of 
the walls. As shown in Figs. 3.6 and 3.8, the specimens' floors were built of 3-ft (914 mm) 
long plank segments resting 1.5 in. (51 mm) inside the walls on each side of the specimen. 
Reinforcement requirements of the slabs were based on the 1985 VBC [34] gravity load 
requirements on the floors of the prototype building and on ACI 318-86 [34] provisions for 
reinforced concrete elements. Longitudinal reinforcement for the precast planks, as shown 
in Fig. 3.6, consisted of four Gr 270 3/8-in. strands (10 mm) (p' = 0.00152). Topping 
reinforcement, provided for shrinkage and temperature steel requirements for the prototype 
building, consisted of WWF 6 x 6 x 6/6 (152mm x 152mm x 4.8mm/4.8mm), placed 
approximately at the mid-depth of the 2-in. topping slab. To provide better structural 
integrity, #4 (13 mm) bars at 18 in. (457 mm) were run continuously through the cells of 
planks at opposite sides of the wall. Those plank cells containing reinforcement, and also 
those crossed by bolts from the lateral loading system, were filled with concrete at the time 
the topping was cast. To improve punching shear capacity of the wall-slab joint, additional 
pieces of welded wire fabric reinforcement were added to the topping in the wall areas, as 
shown in Fig. 3.9. 
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Figure 3.7: Specimen Ib wall reinforcement. 

Figure 3.8: Type 1 Specimen floor layout_ 
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Figure 3.9: Additional WWF reinforcement in Type 1 Specimens. 

3.3 Structural Details of Type 2 Specimens 

3.3.1 General As shown in Figs. 3.10 to 3.13, the Type 2 specimens were coupled 
walls with one central opening 4.67 ft (1.42 m) wide. They were two-story concrete block 
walls 8.0 ft (2.44 m) high, 6.0 ft (1.83 m) long, with an actual thickness of 5-5/8 in. (143 
mm). Block layout and dimensions for Specimens 2a and 2b are shown in Figs 3.10 and 3.11 
respectively. As shown in Figs. 3.12 and 3.13, Specimens 2c and 2d had a lintel 2 courses 
deep under the slab over the openings. 

3.3.2 Walls. Wall reinforcement was the same for all four Type 2 specimens. 
However, due to the presence of lintels, and to improve the behavior of the walls, the 
structural detailing was slightly modified for the last two Type 2 specimens. 

Specimens 2a and 2b 

Wall reinforcement was arranged as shown in Fig. 3.14 for Specimens 2a and 2b. 
Longitudinal reinforcement consisted of 5 #4 bars (13 mm) placed at 16 in. centers (406 
mm) in each wall (Pv = 0.248%). Vertical reinforcement was lap spliced to dowels in the 
base, using a 40db lap (20 in. or 510 mm). Transverse reinforcement in the first story 
consisted #4 bars (13 mm) at every course (Ph = 0.44%). Transverse reinforcement in the 
second story was #4 bars in every other course (p h = 0.22%). 

Specimens 2c and 2d 

Walls of Specimens 2c and 2d were almost identical to those of Specimens 2a and 
2b. However, as shown in Fig 3.15, vertical reinforcement was lap spliced to dowels at the 
mid-height of the walls. Longitudinal reinforcement in the lintels consisted of two #4 (13 
mm) bars in each face. Transverse reinforcement consisted of #3 (10 mm) U ties placed 
at 8-in. (203 mm) centers. As shown in Fig. 3.16, the bottom course of the lintels was 
constructed with half units. To improve sliding shear capacity between the wall and base 
beam, 4-in. diameter and 1.5-in. deep shear keys were drilled in the base beam coinciding 
with the positions of the wall cells with no longitudinal reinforcement. 
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Figure 3.15: Specimens 2c and 2d. reinforcement. 
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3.3.3 Floors. As described in this section, each of the Type 2 specimens was used 
to study the behavior of a different floor-coupling beam system in the prototype building. 

Specimen 2a 

In this case, the floor system of the prototype building was assumed as a cast-in-place 
reinforced concrete flat slab, 8 in. (200 mm) thick. Given the characteristics of the 
prototype building (Fig. 3.2), the floors were assumed to span perpendicular to the coupled 
walls. As shown in Fig. 3.16, transverse reinforcement in the top of the slab consisted of #5 
bars (16 mm) spaced at 10 in. (254mm) with p' = 0.00388, and in the bottom of the slab, 
of #4 00rs (13 mm) S{XIced at 10 in (254 mm) with p = 0.00250. T~ reinIDrcement requirements were 
governed by the required flexural capacity, in the prototype building, of a continuous slab 
spanning 20 ft. (6.01 m) between the shear walls [25]. Longitudinal reinforcement 
requirements were governed by shrinkage and temperature steel requirements for the 
prototype building. Longitudinal reinforcement consisted of #3 bars (10 mm) spaced at 12 
in. (305 mm). As shown in Fig. 3.16, additional longitudinal reinforcement, consisting of 
four #4 bars (13 mm), was placed in the slab directly over the shear walls to provide extra 
flexural strength in the portion of the slab which was envisioned to act as a coupling beam 
between the two walls (p = p' = 0.00206). These #4 bars were enclosed by #3 ties (10 
mm) placed at 3-in. centers (76 mm) between the walls, and at 8-in. centers (203 mm) on 
the walls. 

Specimen 2b 

As with.the Type 1 specimens, the floors of the prototype building were assumed as 
precast, prestressed concrete planks, 6 in. (152 mm) thick and 3 ft (914 mm) wide, with a 
2-in (50 mm) thick reinforced topping of cast-in-place concrete. Since there were no lintels 
at the wall openings, the planks were assumed to span parallel to the plane of the walls. 
As shown in Fig. 3.16, the specimen's floors were built of two precast planks measuring 6 
in. (152 mm) thick, 16.67 ft. long (5.08 m) and 3 ft. (914 mm) wide. Reinforcement of the 
planks and the cast-in-place topping was the same as described for Type 1 specimens. 
However, no additional pieces of welded wire fabric were used in the vicinity of the walls. 
As shown in Fig. 3.16, additional longitudinal reinforcement, consisting of four #4 bars (13 
mm), was placed between the precast planks directly over the shear walls to provide extra 
flexural strength and ductility in the portion of the slab which coupled the two walls. These 
#4 bars were enclosed by #3 ties (10 mm) placed at 3-in. centers (76 mm) between the 
walls, and at 8-in. centers within the walls. 

Specimen 2c 

Floor planks and topping were identical to those of Specimen 2b. However, as shown 
in Fig. 3.16, Specimen 2c had lintels constructed of two courses of concrete masonry below 
the coupling slabs over the openings. To improve punching shear capacity of the wall-slab 
joint, additional pieces of welded wire fabric reinforcement were added to the topping in 
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the wall areas, as shown in Fig. 3.17. To improve the behavior of the specimen's floor 
system, steel clamps intended to simulate the restraining effect of the rest of the floor in the 
prototype building, were used to keep the planks from separating at the ends of the wall, 
as shown in Fig. 3.18. 

Figure 3.17: Additional WWF 
reinforcement in 
Specimens 2c and 2d. 

Specimen 2d 

II :::~:::~:~:~::::~:::#:::::::::::~:::::::::::::~::~::::~~:~:::i:::i:::::~~:~~:::~:::::::~~ ). 

n·= 
'1"1 

Figure 3.18: Specimen 2c, floor clamps. 

Floor planks and topping were identical to those of Type 1 specimens. To improve 
punching shear capacity of the wall-slab joint, additional pieces of welded wire fabric 
reinforcement were added to the topping in the wall areas, as shown in Fig. 3.17. 

3.4 Material Tests 

3.4.1 General In this section, results of standard tests conducted on the materials 
used to construct the masonry walls are described. Masonry components, concrete, and 
reinforcement were tested according to specifications mentioned in the subsequent sections. 
In order to obtain representative material properties, most tests were performed 
immediately after completion of the wall tests. 

3.4.2 Concrete Masonry Unit Tests. To ensure basic material uniformity, all concrete 
units for this and other TCCMAR experimental specimens were manufactured by Blocklite 
(Selma, California). The units were specified to be Type I units (moisture-controlled), and 
to conform to the requirements of ASTM C90 (Hollow Load-Bearing Concrete Masonry 
Units). All specimens were constructed from a single production run of blocks. 
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Unit weight of two full-sized hollow units was determined by measuring the weight 
of sand required to fill the unit holes. Knowing the bulk specific weight of the sand, the net 
volume of the unit was calculated as the difference between its gross volume and the sand 
volume. The units were 15-9/16 in. long~ 5-5/8 in. wide, and 7-1/2 in. high. Their average 
area ratio (net volume/gross volume) was 0.6, and their average unit weight, as shown in 
Table 3.1, was 99.0 lb/fe. No saturation or absorption tests were run. 

To determine compressive strength, 4 units were capped and tested in accordance 
with ASTM C140 (Sampling and Testing Concrete Masonry Units). Compressive strength 
was calculated using both the gross and the net area. Results are given in Table 3.1. 

Table 3.1 Results of Concrete Block Unit Tests 

I 
Test 

I 
Units 

I 
Average 

I 
COY 

I % 

Unit Weight 2 99.0 -
(pef) 

Compressive Strength (psi) 
Net Area 2750 9 

4 
Gross Area 1650 9 

3.4.3 Mortar Tests. The mortar conformed to the proportion specification for Type 
S mortar of ASTM C270 (Mortar for Unit Masonry). It was proportioned by volume to 
have 1 part of Portland cement, 1/2 part hydrated lime, and 4-1/2 parts masonry sand. 

a) Portland cement conformed to Type I (general purpose) of ASTM C150 
(Portland Cement). 

b) Lime conformed to Type S of ASTM C207 (Hydrated Lime for Masonry 
Purposes). 

c) Sand was natural, and was specified to conform to ASTM C144 (Aggregate 
for Masonry Mortar). It was not tested for conformance with the gradation 
requirements of that specification. 

Tests were conducted on the mortar used in the specimen (referred to here as "field" 
mortar), and on separate mortar batches mixed for that purpose (referred to here as 
"laboratory" mortar). Before building the specimens, flow tests were conducted on 
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laboratory mortars, to establish a water content giving a flow of just over 110. Two-in. 
mortar cube specimens were taken from this mix and tested to provide a value of relative 
mortar strength and quality to enable a comparison to be made with similarly tested mortars 
used by other researchers. Results are summarized in Table 3.2. 

I Table 3.2 Laboratory Mortar Test Results I 
Specimens Age Average Compressive Coeff. of 

Strength Variation 
No. Size (days) (psi) 

3 2-in. cubes 14 3260 4% 

3 2-in. cubes 31 3380 3% 

During construction of each story of the specimens, flow tests were conducted on 
field mortars taken form the mason's board. Two-in. (51 mm) cube specimens were taken 
and tested in accordance with ASTM C780 (Preconstruction and Construction Evaluation 
of Mortars for Plain and Reinforced Concrete Masonry). In some cases, additional 3 x 6-in. 
(76 x 152-mm) cylinders and 2 x 4-in (51 x 102-mm) cylinders were taken and tested. 
Results are summarized in Table 3.3. In that table the designation "test" refers to the age 
of the material specimen at the time of the test of the wall specimen. Differences between 
compressive strengths of both mortars are due to the fact that the flow of the field mortar 
is higher than that of the laboratory mortar, about 110. 

3.4.4 Grout Tests. The grout conformed to the coarse grout specification of ASTM 
C476 (Grout for Masonry). Proportions by volume were 1 part portland cement to 3 parts 
masonry sand to 2 parts pea gravel. To control water loss and shrinkage of the grout, Type 
2 Grout-Aid, manufactured by Sika, was used at a dosage of one pound of Grout-Aid to one 
bag of cement, with a maximum of six pounds of Grout-Aid to one cubic yard of grout. 
Sand and pea gravel conformed to ASTM C404 (Aggregates for Masonry Grout). 

During the grouting of each story, 3 x 3-in. (76 x 76-mm) grout prisms were formed 
in absorptive molds in accordance with ASTM C1019. They were subsequently tested in 
accordance with ASTM C39 (Standard Method of Test for Compressive Strength of 
Cylindrical Concrete Specimens). AdditionaI2-in. and 3-in. cylinders were taken from grout 
poured in hollow units using a core drill and were then tested. Results are summarized in 
Table 3.4. The change in drill sizes was due to availability of core drills in the testing 
laboratory. 

3.4.5 Prism Tests. During the construction of each story the mason constructed 
several full unit prisms, each 3 units high. The prisms were laid against a vertical surface. 
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Table 3.3 Field Mortar Test Results 

Sample Specimens Age Average Com pres- Coeff. of 
sive Strength Variation 

No. Size (psi) 
(days) 

Sp-2a 3 2-in. cubes 16 800 3% 
Story 1 2 3-in. cyl. 16 600 --

3 2-in. cubes 28 690 10% 
5 3-in. cyl. 113 (test) 1150 5% 

Sp-2a 3 2-in. cubes 76 (test) 1230 2% 
Story 2 

Sp-2b 9 2-in. cubes 156 (test) 1640 13% 
Story 1 4 2-in. cyl. 156 (test) 1330 4% 

Sp-2b 9 2-in. cubes 100 (test) 1770 9% 
Story 2 7 2-in. cyl. 100 (test) 1650 10% 

Sp-2c 12 2-in. cubes 93 (test) 3160 14% 
Story 1 

Sp-2c 9 2-in. cubes 65 (test) 1880 13% 
Story 2 

Sp-2d 9 2-in. cubes 130 (test) 3640 2% 
Story 1 

Sp-2d 9 2-in. cubes 106 (test) 3010 23% 
Story 2 

Sp-1a 9 2-in. cubes 109 (test) 1900 16% 
Story 1 

Sp-1a 9 2-in. cubes 81 (test) 1660 19% 
Story 2 

Sp-1b 6 2-in. cubes 88 (test) 3100 22% 
Story 1 

Sp-1b 9 2-in. cubes 67 (test) 1600 19% 
Story 2 
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I Table 3.4 Grout Test Results I 
Sample Specimens Age Average Coeff. of 

Compressive Variation 

No. Size Strength 
(days) (psi) 

Sp-2a 3 3-in. prism 28 5320 5% 
Story 1 1 3-in. prism 104 (test) 5410 --

5 3-in. core 104 (test) 4040 19% 

Sp-2a 4 3-in. prism 69 (test) 4690 8% 
Story 2 4 3-in core 69 (test) 4420 10% 

Sp-2b 4 3-in. prism 154 (test) 5480 6% 
Story 1 3 2-in. core 154 (test) 3250 9% 

Sp-2b 4 3-in. prism 88 (test) 4930 10% 
Story 2 3 2-in. core 88 (test) 2470 27% 

Sp-2c 4 3-in. prism 87 (test) 1640 35% 
Story 1 3 2-3/4-in. core 87 (test) 4540 8% 

Sp-2c . 4 3-in. prism 52 (test) 4570 37% 
Story 2 4 2-3/4-in. core 52 (test) 3660 15% 

Sp-2d 4 3-in. prism 123 (test) 6180 9% 
Story 1 4 2-3/4-in. core 123 (test) 3280 10% 

Sp-2d 4 3-in. prism 99 (test) 4990 9% 
Story 2 4 2-3/4-in. core 99 (test) 4190 18% 

Sp-1a 4 3-in. prism 98 (test) 5010 7% 
Story 1 4 2-3/4-in. core 98 (test) 3260 6% 

Sp-1a 4 3-in. prism 77 (test) 6060 10% 
Story 2 3 2-3/4-in. core 77 (test) 3470 11% 

Sp-1b 4 3-in. prism 83 (test) 5610 9% 
Story 1 5 2-3/4-in. core 83 (test) 5140 11% 

Sp-1b 4 3-in. prism 62 (test) 5270 7% 
Story 2 4 2-3/4-in. core 62 (test) 4867 10% 
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No other jigs were used to aid construction. All prisms were laid using stretcher units. The 
prisms were grouted simultaneously with the walls, consolidated using the same mechanical 
vibrators, and cured under the same conditions as the walls. The ends of the prisms were 
capped using hydrostone, according to the following procedure: with the prism standing in 
vertical position, wooden molds were placed around the top end; once the verticality of the 
lateral faces of the prism had been checked, hydrostone was poured inside the molds. Once 
the hydrostone hardened, the process was repeated for the other end. Loads were applied 
using a I-in. thick steel plate, with I-by-3-inch welded stiffeners. The vertical centroid of 
each prism specimen could be aligned visually with the axis of the testing machine. 
Compression tests were performed in accordance with ASTM E447 (Compressive Strength 
of Masonry Prisms). Results are summarized in Table 3.5. 

3.4.6 Concrete Tests. All concrete used was generally in accordance with the 
requirements of ACI 318-83 [15]. Concrete for the base beams had a specified compressive 
strength of 6,000 psi (41.4 MPa). Concrete for the floor slabs had a specified compressive 
strength o( 4,000 psi (27.6 Mpa). During the pouring of each floor slab, 6-in. (152-mm) 
diameter cylinder specimens were taken in accordance with ASTM C31 (Making and Curing 
Concrete Test Specimens in the Field), and were subsequently tested in accordance with 
ASTM C39. Results are summarized in Table 3.6. 

3.4.7 Reinforcement Tests. Reinforcement conformed to Grade 60 of ASTM A615 
(Deformed and Plain Billet Steel Bars for Concrete Reinforcement). 

Within each bar size, all reinforcement for each specimen was intended to be taken 
from the same heat. However, due to an oversight in ordering materials, the reinforcement 
in Specimen 2a came from multiple heats. For that specimen, test were conducted on steel 
from each heat. 

For all specimens, reinforcement from each heat was tested in tension, and 
stress-strain curves were obtained. Deformations were measured using a Tinius-Olsen 
extensometer over an 8-in. gauge length. Typical stress-strain curves are given in Fig. 3.19 
to 3.30. Data are summarized in Table 3.7. 

3.4 Construction· of Specimens 

The specimens were constructed in the Phil M. Ferguson Structural Engineering 
Laboratory, located at the Balcones Research Center of the University of Texas at Austin. 
Construction methods and techniques were the same as typically used in the field for this 

type of structure. 

The foundation dowels for the first-story of the first two specimens (2a and 2b) were 
cast in place with the base beams. The beams were re-used for subsequent tests. Mter the 
first two specimens were tested and removed, the old foundation dowels were cut off flush 
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I Table 3.5 Prism Test Results I 
Sample Specimens Age Average Compres- Coeff. of 

sive Strength Variation 
(psi) 

(days) 

Sp-2a 3 prisms 104 (test) 2020 19% 
Story 1 

Sp-2a 4 prisms 69 (test) 2340 8% 
Story 2 

Sp-2b 4 prisms 154 (test) 3090 10% 
Story 1 

Sp-2b 3 prisms 88 (test) 2510 14% 
Story 2 

Sp-2c 4 prisms 87 (test) 2950 11% 
Story 1 

Sp-2c 3 prisms 52 (test) 2820 10% 
Story 2 

Sp-2d 4 prisms 123 (test) 3170 11% 
Story 1 

Sp-2d 3 prisms 99 (test) 2970 14% 
Story 2 

Sp-1a 3 prisms 98 (test) 2810 12% 
Story 1 

Sp-1a 4 prisms 77 (test) 2790 8% 
Story 2 

Sp-lb 4 prisms 83 (test) 3500 2% 
Story 1 

Sp-lb 4 prisms 62 (test) 3150 8% 
Story 2 
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I Table 3.6 Slab Concrete Test Results I 
Sample Specimens Age Average Compresa CoefT. of 

sive Strength Variation 

No. Size (psi) 
(days) 

Sp-2a 3 6-in. Cyl. 7 4250 12% 
Floor 2 3 6-in. Cyl. 90 (test) 5280 1% 

Sp-2a 5 6-in. Cyl. 57 (test) 3660 9% 
Roof 

Sp-2b 6 6-in. Cyl. 117 (test) 5220 2% 
Floor 2 

Sp-2b 5 6-in. Cyl. 65 (test) 3670 6% 
Roof 

Sp-2c 12 6-in. Cyl. 73 (test) 4450 2% 
Floor 2 

Sp-2c 10 6-in. Cyl. 46 (test) 5670 4% 
Roof 

Sp-2d 6 6-in. Cyl. 112 (test) 532(} 2% 
Floor 2 

Sp-2d 6 6-in. Cyl. 88 (test) 5210 3% 
Roof 

Sp-1a 8 6-in. Cyl. 100 (test) 4680 5% 
Floor 2 

Sp-1a 8 6-in. Cyl. 75 (test) 4540 1% 
Roof 

Sp-1b 7 6-in. Cyl. 76 (test) 5000 4% 
Floor 2 

Sp-1b 7 6-in. Cyl. 55 (test) 4420 3% 
Roof 
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with the base. For subsequent tests, holes were drilled in the base beam, and new 
foundation dowels were inserted and secured with Epcon, an epoxy-based structural adhesive 
made by ITW Ramset. 

All masonry walls were laid by an experienced mason in running bond pattern. 
Clean-out openings were used in the bottom courses of the walls in both stories. After the 
walls were built to their full story height of 8.0 ft (2440 mm) and the formwork was erected, 
all cores were grouted using a single lift. Grout was consolidated using 3/4-in. electric 
vibrators. The vibrators were placed in the cores and turned on. Grout was placed in the 
cores, and the vibrators were slowly withdrawn during the grouting operation. Grout and 
slab concrete was placed using a bottom-opening bucket lifted into place by a travelling 
overhead crane. 

After construction of each story was completed, sway braces were connected to that 
story slab. Once the specimen was built, the elements of the lateral and vertical loading 
systems were installed, and all hydraulic and electric connections were made. 

A complete description of the construction process is given in Ref. 13. 
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Table 3.7 Reinforcing Bar Test Results (Refer to Fig. 3.19) 

Reinforcement fy E Em Em fu Eu Refer 
(Ksi) (Ksi) (Ksi) (Ksi) to: 

Sp 2a - 2b 62.6 29,000 --- --- 106.4 0.125 Fig. 
Dowel Reinf. 3.20 

Sp 2a 64.9 32,000 0.0093 1040 104.3 0.13 Fig. 
Vert. Reinf. 1st 3.21 

Story 

Sp 2a 68.2 29,000 0.0051 644 106.4 0.12 Fig. 
#3 Slab Reinf. 3.22 

Sp 2b 70.6 30,700 0.0075 1570 113.1 0.127 Fig. 
Vert. Reinf. 1st 3.23 

Story 

Sp 2c 72.2 28,200 0.0046 1140 113.6 0.10 Fig. 
#4 Reinf. 3.24 

Sp 2c - 2d 66.4 29,600 0.0118 1040 104.5 0.137 Fig. 
#3 Stirrup 3.25 

Sp 2d 65.2 28,300 0.0138 1130 97.2 0.148 Fig. 
#4 Reinf. 3.26 

Sp 1a - 1b 74.2 29,100 0.0145 1210 106.9 0.113 Fig. 
#3 Reinf. 3.27 

Sp 1a - 1b 67.3 27,600 0.0048 1110 107.2 0.116 Fig. 
#4 Reinf. 3.28 

Sp 1a - 1b 74.8 29,600 0.0104 1240 110.6 0.114 Fig. 
#5 Reinf. 3.29 

Sp 1a - 1b 67.2 29,800 0.0075 1440 111.9 .0120 Fig. 
#6 Reinf. 3.30 
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Figure 3.19: Typical stress-strain curve for reinforcement. 
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Figure 3.20: Typical stress-strain curve for Specimens 2a and 2b dowel 
reinforcement. 
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Figure 3.21: Typical stress-strain curve for Specimen 2a vertical reinforcement. 
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Figure 3.22: Typical stress-strain curve for Specimen 2a longitudinal reinforce
ment of slabs. 
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Figure 3.23: Typical stress-strain curve for Specimen 2b reinforcement except 
dowels. 
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Figure 3.24: Typical stress-strain curve for Specimen 2c reinforcement. 
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Figure 3.25: Typical stress-strain curve for Specimens 2c and 2d lintel 
transverse reinforcement. 
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Figure 3.26: Typical stress-strain curve for Specimen 2d reinforcement. 
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Figure 3.27: Typical stress-strain curve for Specimens la and Ib #3 reinforce
ment. 
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Figure 3.28: Typical stress-strain curves for Specimens la and Ib #4 rein
forcement. 
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Figure 3.29: Typical stress-strain curve for Specimens la and Ib #5 reinforce
ment. 
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Figure 3.30: Typical stress-strain curve for Specimens la and Ib #6 reinforce
ment. 



4. TEST EQUIPMENT AND PROCEDURE 

This chapter contains a description of the test setup, the instrumentation of 
the specimens, the loading and data acquisition systems, and the testing procedure. 

4.1 Test Setup 

The test setup, shown in Figures 4.1 to 4.3, was intended to simulate the 
conditions imposed on the specimens as part of a building under earthquake excitations. 
The overall test setup consisted of the following elements: 

4'·6 1/2'" 4'·6 1/2'" 

Co-+-__ 

11/4" ROD 

Figure 4.1 Vertical load system. 

1) reaction system 
2) precast base beams 
3) vertical loading frames 
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10'·8" 6',8" 

ELEVATION 

REACTION WALL 

~~~~~~~~~~~~~~I 

FLOOR 

Figure 4.2 Lateral load system. 

BRACING 
SUPPORT 
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PLAN 

Figure 4.3 Sway bracing system. 

4) lateral loading frame 
5) sway bracing 

To simulate the actual conditions in a building under seismic excitation in 
which load result from floor and roof masses, lateral loads were applied at the lateral edges 
of the slabs rather than directly on walls. Those loads were applied by hydraulic actuators 
attached to steel frames mounted on the reaction wall. Simple steel link sway bracing was 
attached to the outer edges of the second-floor and the roof slabs, and was anchored to the 
reaction wall running parallel to the specimen's in-plane centerline. 

Vertical loads, when needed to represent floor and roof gravity loads 
transferred from the slabs to the walls in the prototype building, were applied to the top of 
each coupled wall or piers by hydraulic actuators attached to a steel frame mounted on the 
reaction floor. The elements comprising the test setup are described the following sections. 
A detailed description of the design of the test setup system is given in Ref. 25, and a 
description of the reaction system is given in Ref. 26. 

Reaction System. This consisted of a massive reinforced concrete floor and two 
walls, 19 ft. (5790 mm) high, and joined at right angles. The floor and walls have anchor 
bolt locations, each with four anchor bolts, on a 4-ft. (1219 mm) square grid. Each floor 
anchor bolt location has an allowable vertical loading of plus or minus 200 kips (890 KN), 
and each wall anchor bolt location has an allowable horizontal loading of plus or minus 100 
kips (445 KN) [17]. 

Concrete Base Beam. The concrete base beam was intended to simulate the 
action of a rigid foundation and provided anchorage for the vertical reinforcement of the 
specimens. It was connected to the testing floor using 12 prestressing rods, each consisting 
of a 1-1/4 in. (32 mm) diameter ASTM 193 B7 rod prestressed to 25 kips (111 KN). 
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Prestressing provided adequate lateral frictional resistance between the base beam and the 
reaction floor without allowing any slippage or shear forces in the tie-down rods. 

Vertical Loading Frame. As shown in Fig. 4.1~ the vertical load was applied 
by a steel frame located at the out-of-plane centerline of each of the two walls in the case 
of the coupled wall specimens, and at the out-of-plane centerlines of the two piers in the 
case of the perforated specimens. A spreader beam was used to distribute the load into the 
top slab along the in-plane centerline of each of the vertical elements. The spreader beam 
was attached with a pinned coupling to a yoke going across the specimen. Using a long l
inch diameter rod, one end of the yoke was connected to an anchor plate attached to the 
reaction floor. Using another long I-inch diameter rod, the other end of the yoke was 
connected to a hydraulic actuator mounted on an anchor plate attached to the floor. Load 
was controlled by an Edison servo-mechanical load maintainer. All connections between 
the spreader beam and the yoke, the yoke and the rods, and the rods and the anchor plates 
were designed as pinned to allow for up to ±6 in. (152 mm) of horizontal movement, and 
1 in. (25 mm) of vertical movement of the wall during the test. 

Lateral Loading Frame. As shown in Fig. 4.2, lateral loads were applied to the 
specimens using 4 two-way hydraulic actuators, each with a capacity of 112 kips (498 KN) 
and a maximum stroke of ± 6 in. The stationary ends of the actuators were attached to a 
steel frame bolted to the reaction wall, and oriented perpendicular to the plane of the 
specimens. The other end of each actuator was attached to the center of a steel beam with 
a pinned connection at each end. The pinned connections were bolted to the outer edge 
of each floor slab. The purpose of the pinned connections was to allow for independent 
vertical, horizontal and rotational movements of each of the coupled walls during the test. 

- Sway Bracing. The sway bracing system, shown-in Figure 4.3, was designed to 
control out-of-plane movement of the specimens during testing. Four simple braces 
connected one outer corner of each floor slab with the reaction wall running parallel to the 
in-plane centerline of the specimen. This system was modified to permit the out-of-plane 
displacements induced during the test of Specimen 1a. 

4.2 Instrumentation 

Lateral loads were measured using 50-kip capacity load cells placed on the 
actuators at each floor level, and monitored continually during testing using a X-Y plotter 
connected to one of the load cells. 

Vertical loads were measured using a 50-kip capacity load cell placed on one 
of the rods, and monitored continually during testing monitored using the pressure gauge 
on the load maintainer. 
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As shown in Figs. 4.4 to 4.10, each specimen was fully instrumented to 
measure displacements and deformations. A brief description of the instrumentation is 
given in the next paragraphs. 

Wall lateral displacements were measured using linear potentiometers at each 
end of each floor level. At the south end of the roof slab, three linear potentiometers were 
connected to the specimens. The first was used for the data acquisition system. The second 
was connected to a plotter to continuously monitor the top floor displacement during the 
test. The third was used for the load control phase of the test. In the case of Type 1 
Specimens, all the linear potentiometers to measure wall overall lateral displacements were 
attached to the reaction wall. In the case of Type 2 Specimens, the linear potentiometers 
at the north end of the wall were attached to an steel pole bolted to the floor. In all cases, 
readings from those potentiometers represent absolute wall displacements. 

Flexural deformations of walls and piers were measured using sets of linear 
potentiometers on the extreme fibers of each element. 

Shearing deformations of walls and piers were measured using sets of crossed 
linear potentiometers along two diagonals of the element. 

Linear potentiometers were used to measure relative horizontal movement 
between the base beam and the laboratory floor, between the walls and the base beam, 
between the walls and the slabs at each face of the slabs, and between the piers and the rest 
of the wall for Type 1 Specimens. 

End rotations of coupling elements with respect to walls were measured by 
sets of linear potentiometers placed at each end of each coupling beam. 

Strains in reinforcement were measured using electrical resistance strain 
gauges placed on the reinforcement at some critical zones. The concrete slab had strain 
gauges on longitudinal reinforcement. Specimen 2a also had strain gauges placed on the 
concrete surface of the slabs, as shown in Fig. 4.7. 

4.3 Control and Data Acquisition Systems 

Vertical loading system. The hydraulic actuators for each vertical loading 
frame were operated in parallel under control of an Edison load maintainer, so that as the 
specimen rocked under the lateral loading, the vertical load was held constant and at the 
same value for both actuators. 

Lateral loading system. Lateral loads were applied using a hand-operated 
servo-controlled closed-loop system. The four hydraulic actuators were operated in parallel 
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under control of a single servovalve and powered by an electric motor-driven pump. The 
flowchart of the control system is shown in Fig. 4.11. The function of each component is 
briefly described in the following paragraphs. 

The input command was hand-generated by the system operator. The 
feedback signal was obtained either from a load cell attached to one of the actuators (in the 
case of a load-controlled test phase) or from a displacement transducer measuring the 
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Figure 4.11 Flowchart of control and data acquisition systems. 

absolute roof displacement (in the case of a displacement-controlled test phase). The 
feedback signal was conditioned and compared to the command signal by the Pegasus servo
controller. The calculated error is used to generate a command output from the servo
controller to the servovalve, which regulates the fluid pressure on the actuators. The loop 
operates to keep the error within a preset tolerance. 

Data Acquisition System. The data acquisition system consisted of a 140-
channel capacity model HP 3852 scanner connected to an IBM-PC type computer via a 
HPIB bus. The flowchart of the data acquisition system is shown in Fig. 4.11. The 
command signal to scan all the channels is manually sent by the operator, using the 
computer program that controls the data acquisition system. One by one, the voltage signals 
from the instrumentation channels are read, converted from analog to digital format, and 
sent to the computer. Data are displayed, printed if necessary, and stored in a hard disk 
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unit by the computer. A second computer program is used to reduce the data to a format 
compatible with standard microcomputer spreadsheet programs. 

4.4 Testing Procedure 

The loading history followed during the tests was based on the TCCMAR 
standard Sequential Phased Displacement (SPD) loading history [27] shown in Figure 4.12. 
The SPD loading history begins as a series of three reversed load cycles to the same 
displacement amplitude. This series is repeated increasing the maximum displacement up 
to a point denoted as the First Major Event (FME). The First Major Event corresponds 
to some significant event of the specimen behavior, such as first flexural cracking or first 
yielding of the reinforcement of the walls. After reaching the FME, the SPD loading history 
consists of a series of seven reversed load cycles. The first one is a cycle with a peak 
amplitude equal to that one of the FME amplified by a given factor. It is followed by three 
cycles of decreasing amplitude, and finally by three cycles of the same peak amplitude. This 
series is repeated increasing the peak value according to a prescribed history, until the end 
of the test. The particular history of increasing peaks for each test is discussed in the test 
result sections of this work. 
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Figure 4.12 Sequential phased displacement load history. 
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Due to the high initial stiffness of the specimens, testing began under load 
control for all specimens. Base shears were keyed to the base shear corresponding to the 
First Major Event (FME). Once the lateral displacement at the top of the wall was large 
enough, the loading system was switched to displacement control. The subsequent loading 
history was then based on the First Major Event displacement. 

Selected channels were monitored during each test. At each load point, 
readings from all channels were scanned, stored, and in some cases, printed. During the 
first and last cycles at each displacement level and at some important events, the walls were 
visually inspected, all cracks were marked and photographs were taken. Videotape 
recordings were made during the first cycle at each of the higher displacement levels for 
some of the tests. 

Test were considered finished when the damage suffered by the specimen 
seemed large enough to endanger the stability of all or part of the system. 





5. EXPECTED BEHAVIOR OF PERFORATED WALL 
SPECIMENS AS A FUNCTION OF DESIGN 

PHILOSOPHY 

In this chapter, expected behavior and lateral load capacity calculations of the two 
perforated wall Type 1 specimens (Fig. 3.4) are described. The results obtained are 
discussed, with emphasis on the differences resulting from the two different design 
philosophies used for these specimens [31]. In each case, lateral load-resisting elements 
were provided with enough flexural and shear strength to satisfy UBC requirements. The 
lateral load capacity of each specimen was predicted using a plastic collapse analysis. All 
wall elements were then re-designed to satisfy the requirements consistent with the 
development of the expected collapse mechanism. 

As usually intended in designing seismic resistant elements, the wall capacity was 
assumed to be controlled by flexural behavior. According to a capacity design philosophy, 
elements were provided with shear capacities larger than shear forces associated with the 
development of flexural strength of the system. The elements were also assumed to have 
enough deformation capacity to develop a collapse mechanism with no deterioration of 
strength. 

5.1 Design Criteria 

Estimated values of the material properties were based on the results of previous 
tests in the same project [13,32]. The properties of the Grade 60 reinforcing steel used in 
these calculation are: yielding fy = 72 Ksi; modulus of elasticity Es = 29,000 Ksi; tensile 
capacity fu = 114 Ksi; and ultimate strain €u = 12%. A masonry compressive strength 
f ' m = 2000 psi was used, and concrete compressive strength was f' c = 4000 psi. The stress
strain behavior of the masonry and concrete was modeled using the curve given by Kent and 
Park for unconfined concrete [33]. 

To use consistent criteria throughout the project, Type 1 Specimens were designed 
for gravity and lateral loads as specified in the 1985 UBC [34], acting on the wall as part of 
the prototype building [35]. A wall density of 121 pcf was used. The floor dead and live 
loads were 107 and 43 psf respectively. The tributary width of the wall in the prototype 
building was taken as 20 ft. The resulting base shear acting on the wall was 15.6 Kips. The 
actual specimens are loaded vertically by constant loads representing the gravity loads on 
the wall's tributary area. 
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5.2 Code Design 

The code-type design was the same for both specimens. Essentially, an allowable 
stress design was performed on the lateral load-resisting elements under the service-level 
code loads. Required longitudinal reinforcement in piers was #3 jamb bars, which, when 
extended to the foundation, provided the required longitudinal reinforcement for the wall 
at its base. One #3 bar at each course was required as transverse reinforcement in these 
elements. A detailed description of the code design is given in Appendix A. 

The final design of the walls, described in Appendix A, was completed based on the 
actual lateral load capacity of each specimen, computed according to its respective design 
philosophy. 

5.3 General Expected Behavior of Specimens 

Both specimens were designed to behave in an essentially flexural mode, in which 
most of the inelastic action is due to large flexural deformations at the end sections of 
critical elements. Each element was designed to resist the forces associated with the 
predicted lateral load capacity of the specimen. Reinforcement ratios and detailing were 
intended to prevent undesirable modes of failure such as diagonal tension, diagonal 
compression, sliding shear, anchorage failure, and buckling of compression reinforcement. 

The lateral load capacity of each specimen was expected to be defined by a 
predominantly flexural collapse mechanism associated with the development of plastic 
hinging regions at the ends of some elements, with the position of the plastic hinges 
depending on the elements' relative flexural capacity. The expected collapse mechanism 
configuration depended on the design philosophy adopted. A plastic analysis was performed 
on the flexural collapse mechanism for each wall. In performing the plastic collapse 
analysis, all elements were assumed to have enough deformation capacity to develop the 
collapse mechanism with no strength deterioration. Assuming that the actual element 
strength could not exceed the values used, and because the assumed hinge configuration 
might not be critical, each calculated collapse load constituted an upper bound to the true 
solution [36]. Both cases are discussed in detail in later sections. 

Since, as previously mentioned, a predominantly flexural type of lateral load resisting 
behavior was desired for both specimens, it was necessary to develop a model capable of 
describing the flexural behavior of the elements' sections .. It has been widely recognized 
that the flexural behavior of lightly reinforced, fully grouted concrete masonry elements is 
well described by the theory developed for reinforced concrete members [1,22,37]. The wall 
specimens of this study were analyzed using the general methodology developed for 
reinforced concrete sections under eccentric axial load, which is based on the plane-section 
assumption. 
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Because of good agreement with results of tests performed on pier specimens similar 
to those analyzed here [38], it was decided to use the shear strength model proposed by 
Blondet et al. [20]. In that model, the cracking strength vert) of the masonry in the absence 
of axial stresses is: 

Ven} = (3.5 - 1.75M/Vd)~f~ 
v crlJ = 1.75 ~f~ 

for 

for 

M/Vd!5: 1 
(5.1) 

M/Vd> 1 

The influence of axial compressive stress fa is included based on a principal stress 
criterion: 

2 V~a 
V.Jl + --

C,v 1.5 (5.2) 

The shear strength v n is taken as the sum of the contributions of the masonry, v Cf' and 
the transverse reinforcement, V2V s. The latter is calculated assuming that only 1/2 of the 
steel is effective in resisting shear. If Ph is the transverse reinforcement ratio, the shear 
strength will be: 

(5.3) 

Because the end sections of the flexural elements may be subjected to large rotations, 
wide cracks will probably develop there. It is necessary to check the interface shear transfer 
capacity at these sections. The resisting mechanism is provided by aggregate interlock and 
by dowel action. Reinforcement normal to the sliding plane produces clamping force 
necessary to develop aggregate interlock action and provides dowel action. The interface 
shear capacity Vf is usually computed using tr~ditional concepts of shear friction: 

(5.4) 

where p. is the friction coefficient, As is the distributed reinforcement normal to the sliding 
plane, and N is the net axial load acting on the wall. Previous experimental results obtained 
in the same project [13,32] showed that the coefficient of friction could be taken equal to 
one. 
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5.4 Behavior of "Pier-Based" Specimen la 

5.4.1 Expected Behavior of Pier-Based Specimens. In a pier-based design, inelastic 
deformation predominantly occurs in a column-type sidesway mechanism at one or more 
story levels. In each story mechanism, plastic hinges form at the top and bottom of all piers, 
as shown schematically in Fig. 5.1. The pier elements are intended to be constrained to 
ductile flexural failure modes by the use of a capacity design approach for shear. 

The specimen designed according to the pier-based design philosophy was expected 
to experience most of its inelastic 
deformation in the lower story. As a 
result, a high deformation demand was ... 
expected in the first story piers. In 
addition, in a pier-based design, the D 
energy dissipation occurs through large 
inelastic deformations of the vertical 
load bearing elements. This behavior -. 
can conceivably lead to undesirable 
damage and out-of-plane instability of 
the pier regions. 

The force distribution among the 
different lateral load resisting elements 
depends on the stage of the loading 
process. In the case of Specimen la, 
analysis based on the uncracked elastic 
properties of the elements indicated that 

Figure 5.1: Collapse mechanism "Pier-based" 
design philosophy (Specimen 13). 

48% of the base shear would be taken by each pier, and 2% taken by the column [35]. 
After cracking, the relative lateral stiffness of the piers and column depends on their axial 
load levels, which in turn depend on their gravity load and overturning force. 

The design of Specimen la was governed by the requirement to force ductile flexural 
behavior in the piers. Because of their low height to length ratio, high shear forces are 
associated with the development of their flexural capacity. As a result, it was necessary to 
minimize the flexural reinforcement of the piers using only the #3 jamb bars required by 
code design. 

Because of their low flexural reinforcement ratio, it was expected that the 
deformation capacity of the piers would be limited by possible fracture of the jamb bars. 
On the other hand, heavy transverse reinforcement was expected to prevent diagonal tension 
failure of the piers. However, there was a strong potential for failure by diagonal 
compression. 



Shear transfer at the pier-wall 
connection at the base of the wall was also 
a significant factor in the behavior of this 
specimen. As shown in Fig. 5.2, wide 
flexural cracks were expected to develop at 
the base of the pier. The pier shear Vp must 
be transmitted to the base of the wall 
through the compressed toe of the pier and 
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must be resisted by the "drag" bars crossing 
a potential crack under the base of the pier. Figure 5.2: Shear transfer mechanism 
Design of this reinforcement was governed between pier and wall at base. 
by the conditions at the critical compression 
toe of the downwind pier. For design purposes, that crack was conservatively assumed to 
be inclined at 45°. 
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Figure 5.3: Forces acting on the collapse mechanism of the "pier-based" Specimen la. 

5.4.2 Lateral Load Capacity of Pier-Based Specimen la. By either applying the 
principle of virtual displacements, or by imposing equilibrium conditions on the collapse 
mechanism when equal lateral loads are applied at each floor (Fig. 5.3), the following 
expression is derived for the lateral load capacity Vb of the specimen: 

2M, 2 
~ = -- + -(M 1 + MpZ ) 

b h h p 
c p 

(5.5) 
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where 
= Flexural capacity of column 
= Flexural capacity of center and extreme pier respectively 
= Clear height of column = 80 in 
= Clear height of piers = 40 in 

Note that this expression for the lateral load capacity of the specimen is valid for 
load acting in either direction. However, since flexural capacities of the piers and column 
depend on the axial force level on each element, which in turn depends on the gravity loads 
and overturning forces in the wall, this expression cannot be applied directly to obtain the 
lateral load capacity of the specimen. As explained in the next sections, a satisfactory 
upper-bound solution must satisfy global equilibrium of forces, and the flexural and shear 
capacities of the elements must not be exceeded. 

In addition to its own weight, the specimen was subjected to vertical forces intended 
to simulate gravity loads on the floors of the prototype building. Those forces were applied 
on the roof level at the center of each pier. The total weight of the specimen and the test 
setup was calculated as 28.4 kips. The vertical load applied on each pier at the roof was 
40.8 kips. According to an uncracked elastic analysis, the axial forces produced by these 
loads on the column, center pier, and extreme pier at the first story were respectively: 

= 
= 
= 

10.3 Kips (Column) 
49.6 Kips (Center pier) 
50.1 Kips (Extreme pier) 

To keep the specimen's lateral load capacity within the limits imposed by the test 
setup, it was decided to keep #3 jamb bars as the only flexural reinforcement in the piers 
and column, as determined from the code design (Appendix A). Both first story piers were 
provided with 1 #4 plus 1 #3 bars at each course as transverse reinforcement. 

Moment-axial force interaction diagrams for piers and column were obtained using 
the RCCOLA computer program [39], using a maximum compressive masonry strain of 
0.003. For axial load values below the balance point, the interaction diagrams could be 
approximated by: 

M = 13.138N + 527.24 (Pier in compression) (5.6) 

M = 6.71N + 219.19 (Column in compression) (5.7) 

M = 219.19 - 8.73N (Column in tension) (5.8) 
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The shear-axial force interaction diagram for piers, given by Eq. (5.9), was obtained 
using Eqs. (5.1) to (5.3), with: 

M/Vd = 0.46 
Vcrt) = (3.5 - 1.75 x 0.46)'/2000 = 2.69V2000 = 120 psi (Eq. 5.1) 
fa = NP/(47.63 x 5.63) 
Vs = Ph fy = 0.69% X 72000 = 497 psi 
Shear capacity: Vn = (vcr + V2Vs) bd, or: 

v" = 60.69 + 29.32il + OJJl.07N (5.9) 

D ,... 

Figure 5.4: Forces acting on Specimen la under southward lateral loads. 

Lateral Load Capacity: Load to the Right (Southward) 

Forces acting on the specimen under southward lateral loads are shown in Fig. 5.4. 
Equations (5.10) to (5.12) describe the specimen's equilibrium under vertical forces, lateral 
forces, and moments about point A (center of extreme pier), respectively: 

(5.10) 

(5.11) 
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(5.12) 

Note that if Eq. (5.11) is expressed in terms of end moments on elements assumed 
to be in double curvature, the result is Eq. (5.5). 

The system of Equations (5.10) to (5.12) contains 7 unknowns. If the elements are 
assumed to be at their flexural capacity, Eqs. (5.6) to (5.8) and the assumption of double 
curvature permit axial forces to be expressed in terms of shear forces. Eq. (5.9) permits the 
same for elements acting at their shear capacity. Since 4 unknowns still remained in the 
system, it was necessary to make an additional assumption with respect to the distribution 
of forces in the specimen. After several trials, it was found that if the center pier was 
assumed to experience an axial force equal to its tensile axial capacity, a solution could be 
obtained under which the column reached its flexural capacity and the extreme pier reached 
its shear capacity. In this case: 

NPI = -25.1 Kips (tensile axial capacity) 
Mpi = 0 
VI = 0 
Me = 219.19 - 8.73Ne (from Eq. 5.8) 
Ve = ZMelhe (column in double curvature) 
V2 = 60.69 + (1 + 0.0207Np2)1/2 (from Eq. 5.9) 

Replacing these expressions in Eqs. (5.10) to (5.12), the lateral load capacity Vb of 
Specimen 1a when loaded to the South was calculated: 

Vb = 122.1 Kips 

This value is an upper bound to the actual lateral load capacity. 

The rest of the forces on the elements were: 

Ne 
Me 
Ve 
V2 
Np2 
Mp2 

= 
= 
= 
= 
= 
= 

18.3 Kips (tensile force) < Tensile capacity = 25.1 Kips 
59.4 Kip-in 
1.5 Kips 
120.6 Kips (shear capacity) 
153.4 Kips (compressive force) 
20V2 = 2413 K-in < Flexural capacity = 2543 K-in 

In summary, Specimen 1a was expected to reach its southward lateral load capacity 
when the extreme pier developed its shear capacity, the center pier developed its axial 
tensile capacity, and the column developed its flexural capacity. 
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Lateral Load Capacity: Load to the Left (Northward) 

Forces acting on the specimen under northward lateral loads are shown in Fig. 5.5. 
Equations (5.13) to (5.15) describe the specimen's equilibrium under vertical forces, lateral 
forces, and moments about point C (center of column), respectively: 

(5.13) 

(5.14) 

(5.15) 

D 
Ngc ~g1 Ng2 

~ l I I A 

C V--:-. 
1 

V2 .. 

76" 88" 

Figure 5.5: Forces acting on Specimen la under northward lateral loads. 

The system of equations was solved in the same way previously described, combining 
Eqs. (5.13) to (5.15) with Eqs. (5.6) to (5.9). In this case, it was assumed that the lateral 
pier reached its axial tensile capacity and the center pier and the column reached their 
flexural capacities: 

Np2 = 25.1 Kips (tensile axial capacity) 
Mp2 = 0 
V2 = 0 
Me = 219.19 + 6.71Ne (from Eq. 5.7) 
Ve = 2!vfe/he (column in double curvature) 
Mpl = 13.138Np1 + 527.24 (from Eq. 5.6) 
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= 2Mpdhp (pier in double curvature) 

Replacing these expressions in Eqs. (5.13) to (5.15), the lateral load capacity Vb of 
Specimen 1a when loaded to the North was calculated: 

Vb = 98.3 Kips 

This value is an upper bound to the actual lateral load capacity. 

The rest of the forces on the elements were: 

Me = 524.0 Kip-in (flexural capacity) 
Ne = 45.4 Kips (compressive force) 
Ve = 13.1 Kips 
Mpl = 1704.0 Kip-in (flexural capacity) 
VI = 85.2 Kips < Shear capacity = 110.2 Kips 
NPI = 89.6 Kip (compressive force) 

In summary, Specimen 1a was expected to reach its northward lateral load capacity 
when the extreme pier developed its axial tensile capacity, and the center pier and the 
column developed their flexural capacities. 

5.5 Behavior of "Coupled Wall-
Based" Specimen Ib 

5.5.1 Expected Behavior of 
Coupled Wall-Based Specimens. In a 
coupled wall-based design, inelastic 
deformation occurs in a beam-type 
sidesway mechanism in which plastic .... 
hinges form at the base of the coupled 
walls and at the ends of coupling 
elements, as shown schematically in Fig. 
5.6. The elements are intended to be 
constrained to ductile flexural failure 
modes by the use of a capacity design 
approach for shear. The flexural Figure 5.6: 
capacity of the piers must not be 
exceeded under the lateral loads 
associated with this mechanism. 

o 
o 

Collapse mechanism of "Coupled 
wall-based" design philosophy 
(Specimen 1b). 

Since no large inelastic deformations are expected to develop in the piers, design of 
these elements is based on elastic behavior assuming low values of the shear-to-moment 
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ratio. Due to their higher axial loads, downwind piers will be stiffer (after cracking) than 
the center piers, and will take most of the lateral forces. These assumptions lead to high 
calculated moments and heavy required longitudinal reinforcement in the downwind piers. 
In some cases, such as the downwind pier of Specimen lb, it was not possible to provide the 
element with the flexural capacity required by design, and a potential plastic hinge was 
expected to develop at the base of the pier. Even though this behavior would probably not 
affect the lateral capacity of the specimen, it showed that the piers can still suffer some 
potential damage. 

If the masonry walls are long in plan, formation of plastic hinges at their bases 
produces large strains in the walls' longitudinal reinforcement. This condition has often 
been observed to cause fracture of longitudinal reinforcement under reversed cyclic loads, 
and has also been associated with in-plane and out-of-plane slip of the walls at their bases 
[13]. In order to avoid these undesirable effects, it was decided to use a bond breaker 
around the flexural reinforcement at the base of the wall of Specimen lb, up to 8 in. above 
the foundation beam. 

Because their low shear span to depth ratio, high shear forces are associated with the 
development of the flexural capacity of the lintels. Because of the physical limitations 
produced by the size and location of the masonry cells, it is usually not possible to provide 
all the required transverse reinforcement in those elements. As a result, even when the 
minimum flexural reinforcement is used, some shear damage can be expected to occur in 
the lintels. However, as found in previous tests [32], the floor-lintel system should develop 
a shear capacity higher than expected, and shear damage should be controlled. In the case 
of Specimen lb, one #3 bar was used as top and bottom flexural reinforcement in the 
lintels. 

Similarly to pier-based Specimen la, due to the high levels of shear in the piers, 
Specimen 1 b has a strong potential for damage of the piers by diagonal compression, and 
for damage at the pier-wall connection by sliding-shear. 

In a coupled wall-based design, energy dissipation is provided by large inelastic 
deformations, first of the horizontal elements (lintels), and later, of the vertical load 
bearing elements. This behavior permits a great part of the inelastic action to take place 
before the vertical load bearing elements start to suffer damage. 

5.5.2 Lateral Load Capacity of Coupled Wall-Based Specimen lb. By either applying 
the principle of virtual displacements, or by imposing equilibrium conditions to the collapse 
mechanism when the same lateral load is applied on each floor (Fig. 5.7), the following 
expression is derived for the lateral load capacity Vb of the specimen: 

(5.16) 
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Figure 5.7: 

o 
o 

Forces acting on the col
lapse mechanism of the 
"coupled wall-based" Speci
men lb. 

Where 
Me 

Mw 

Nt 

= 

= 

= 

= 

= 

= 

Flexural capacity of 
column 
Flexural capacity of wall at 
base 
Total vertical force 
transmitted through the 
coupling elements 
Distance between plastic 
centroids of coupled walls 
= 120 in 
2nd floor height = 100 in 
Roof height = 204 in 

Note that the expression for the lateral 
load capacity of the specimen is valid for load 
acting in both directions. Flexural capacities of 
wall at base and column depend on the axial 
load acting on each element, which in turn 
depends on the gravity load level and 
overturning forces in the wall. 

If the vertical elements (piers and column) are provided with enough longitudinal 
reinforcement to prevent axial tensile failure, the occurrence and location of the plastic 
hinges in the coupling elements will depend on the ratio between the flexural capacity of 
the coupling elements and that of the vertical elements. After studying several possible 
combinations of relative strengths, it was concluded that plastic hinges would develop at all 
but one of the expected locations: a plastic hinge would develop at the column instead of 
at the lintel in the lintel-column connection at the roof (Fig. 5.8). The total vertical force 
Nt transmitted through the wall is governed by the'shear forces in the lintels associated with 
the failure mechanism. 

According to a tributary area criterium, 1/4 of the specimen's own weight was 
assumed to be taken by the column, and the rest of by the wall. The external vertical load, 
applied directly on the top of the piers, was assumed to be carried entirely by the wall. The 
assumed distribution differs from that one in an actual building, in which the floor gravity 
loads are more likely to be distributed according to the tributary areas on each vertical load 
bearing element. 

Lateral Load Capacity: Load to the Right (Southward) 

Reinforcement of the wall consisted of #3 jamb bars in the piers, passing 
continuously through the base beam, as determined by the code design. After several trials 
with different lintel/COlumn strength ratios, it was decided to use three #5 bars to reinforce 
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Figure 5.8: Forces acting on the expected mechanism of the "coupled wall-based" 
Specimen lb. 

the column, and one #3 bar as top and bottom reinforcement in the lintels. Flexural 
capacity of the elements was calculated as previously described. The coupling system had 
6x6 No.6 welded wire fabric in the topping, plus the lintel reinforcement. The flexural 
capacity of the coupling system (Fig. 5.8) was: 

267 Kip-in 
991 Kip-in 

Under lateral load to the right, overturning produces a tensile force Nt on the column 
and a compressive force of the same value Nt on the wall (Fig. 5.9). These forces must be 
combined with gravity forces Ngc and N gw acting on the column and wall respectively, 
resulting in net axial forces Nc and Nw respectively. The total vertical force Nt transmitted 
through the wall is governed by the shear forces at the lintels associated with the failure 
mechanism in Fig. 5.8. For the 2nd floor lintel this force is: 

V2 = (Msl + Ms2)/40 = (267 + 991)/40 = 31.5 Kips 

In the case of the roof lintel, the hinge was expected to occur at the column, whose 
flexural capacity Mn col (Fig. 5.10) depends on the axial load Ncol acting on that section. On 
the other hand, this axial load must be in eqUilibrium with the rest of the vertical loads 
acting on that connection (Fig. 5.10). Solving by iterations, 
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Figure 5.9: Axial forces acting on vertical elements of "coupled wall-based" Specimen lb. 

Mncol = Section flexural capacity = 437 
Kip-in 

Veol = 10.9 Kips 
Ncol = 27.3 Kips (tens. force) 
M lint = 208 Kip-in < Section flexural 

capacity = Msi = 267 Kip-in 
V;int = Vr = 30.0 Kips 

The vertical force Nt transmitted through the 
specimen is: 

Nt = Vr + V2 = 30.0 + 31.5 = 61.5 Kips 

The net axial forces acting on the column and 
the wall are: 

61.5 - 5.4 = 56.1 Kips 
(Tension) 
61.5 + 108.1 = 169.6 Kips 
( Compression) 

Vcd
: tN~ 
Mn~ 

Figure 5.10: Forces acting on the 
roof lintel-column 
connection of Speci
men 1b under south
ward loads. 
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For the given values of the axial loads, the flexural capacities of the column and wall 
sections are: 

Me = 273 Kip-in 
Mw = 12,040 Kip-in 

Substituting those values in Eq. 5.16, the lateral load capacity Vb of Specimen 1b 
when loaded to the South was calculated as: 

Vb = 2/(100 + 204) [273 + 12,040 + 61.5 x 120)] = 130 Kips 

This value is an upper bound to the actual lateral load capacity. 

Lateral Load Capacity: Load to the Left (Northward) 

Similarly to the previous case, in the lintel-column connection at the roof, the hinge 
was expected to occur at the column, whose flexural capacity Mn col (Fig. 5.11) depends on 
the axial load Neol acting on that section. On the other hand, this axial load must be in 
equilibrium with the rest of the vertical loads acting on that connection. Solving by 
iterations: 

Mn col = Section flexural capacity = 
752 Kip-in 

Veol = 17.9 Kips 
Neol = 26.4 Kips (Comp. force) 
M lint = 682 Kip-in < Section 

flexural capacity = Ms2 = 
991 Kip-in 

~int = Vr = 23.7 Kips 

The vertical force Nt transmitted through the 
specimen is: 

Nt = Vr + V2 = 23.7 + 31.5 = 55.2 Kips 

The net axial forces acting on the column and 
the wall are: 

Ne = Nt - Nge = 55.2 + 5.4 = 60.6 Kips 
(Comp. force) 

+:: 
Figure 5.11: Forces acting on the 

roof lintel-column 
connection of Speci
men 1b under north
ward loads. 

Nw = Nt + Ngw = 108.1 - 55.2 = 52.9 Kips (Comp. force) 

For the given values of the axial loads, the flexural capacities of the column and wall 
sections are: 
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Me = 890 Kip-in 
Mw = 5897 Kip-in 

Substituting those values in Eq. 5.16~ the lateral load capacity Vb of Specimen 1b 
when loaded to the North was calculated as: 

Vb = 2/(100 + 204) [890 + 5897 + 55.2 x 120)] = 88 Kips 

This value is an upper bound to the actual lateral load capacity. 

5.6 Capacity Design 

Each structural element of the walls was designed to resist the forces associated with 
the lateral load capacity of the specimen. Those elements expected to develop large 
inelastic deformations were provided with shear capacities larger than the shear forces 
associated with the development of their flexural strengths. A detailed description of the 
capacity design calculations is given in Appendix A. 

As previously mentioned, the flexural behavior of reinforced concrete masonry 
elements was modeled using the general methodology developed for reinforced concrete 
sections under eccentric axial load. Flexural capacity of the masonry member sections were 
calculated using the RCCOLA computer program [39] considering a maximum compressive 
masonry strain of 0.003. 

Each element was provided with enough shear capacity to resist the shearing forces 
associated with the development of the collapse mechanism. No explicit strength reduction 
coefficient were used in shear design. However, the elements were provided with shear 
capacities that ranged between 10% and 56% larger than the respective shear demands. 
The shear strength of the masonry elements, as previously described, was calculated using 
the model proposed by Blondet et a1. [20]. It was assumed that shear strength would govern 
the behavior of sections where plastic hinges would not develop. The contribution of 
masonry to the shear strength was always considered in addition to that of the transverse 
reinforcement. Shear behavior of plastic hinging regions was assumed to be essentially a 
problem of interface shear transfer. Sections in which plastic hinges were expected to 
develop were checked for sufficient interface shear transfer capacity. 

The resulting reinforcement and detailing for both Type 1 specimens have been 
completely described in Chapter 3. 
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5.7 Structural Details for Type 1 Specimens 

5.7.1 Structural Details of Pier-Based Specimen 1a. Structural details of Specimen 
la, designed by the pier-based philosophy, are described in Chapter 3 and shown in Fig. 3.5. 
Reinforcing details for this specimen are characterized by light longitudinal reinforcement 

in piers and columns; heavy transverse reinforcement in the first story piers; and heavy 
horizontal reinforcement in the base of the wall and the 2nd floor horizontal element 
between piers. 

5.7.2 Structural Details of Coupled Wall-Based Specimen lb. Structural details of 
Specimen 1b, designed by the coupled wall-based philosophy, are described in Chapter 3 and 
shown in Fig. 3.7. Reinforcing details for this specimen are characterized by heavy 
longitudinal reinforcement in piers and columns; heavy transverse reinforcement in first 
story piers; heavy horizontal reinforcement in the base of the wall and the 2nd floor 
horizontal element between piers; and lighter reinforcement in the lintels. 

5.S Comparison between Expected Behavior of Each Specimen 

Both specimens were intended to develop their lateral load capacity in a 
predominantly flexural mode. According to a capacity design philosophy, elements were 
provided with shear capacities larger than the shear forces associated with the development 
of flexural strength of the system. The elements were also assumed to have enough 
deformation capacity to develop a collapse mechanism with no strength deterioration. 

As expected, capacity calculations for both specimens showed larger lateral capacity 
under load to the South. Moreover, similar lateral load capacities were obtained for both 
specimens: 98.3 and 122.1 kips for Specimen 1a under northward and southward loads 
respectively, and 88.0 and 130.0 kips for Specimen 1b under northward and southward loads 
respectively. 

Both specimens had similar overall amounts of reinforcement. However, 
reinforcement was more uniformly distributed among the different elements in Specimen 
1a. As previously discussed, two of the most critical aspects of the specimens' behavior and 
design were the shear forces in the piers, and the transfer of this shear to the wall. Even 
though the collapse mechanism was different for each specimen, the design shear force for 
the critically loaded pier was almost the same in both specimens, resulting in a similar 
amount of transverse reinforcement in all vertical elements. Because of the differences in 
required flexural capacity, longitudinal reinforcement ratios were very different in the two 
specimens. Piers of Specimen 1a had minimum longitudinal reinforcement, whereas those 
of Specimen 1b were reinforced with the maximum practical amount of steel. Conversely, 
lintels of Specimen 1a were heavily reinforced, while those of Specimen 1b had only 
minimum steel. 
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Because it involves large inelastic deformations of only the piers of the structure, the 
expected collapse mechanism for pier-based Specimen la is potentially undesirable. Being 
squat, these piers have a tendency for shear-dominated failure and consequent loss of axial 
capacity. Other potentially critical aspects of this design are the possible diagonal 
compression failure of the piers, shear transfer at the pier-wall joints, and excessive inelastic 
deformation demand on the piers. 

In coupled wall-based Specimen lb, energy dissipation is provided by large inelastic 
deformations, first of the horizontal elements (lintels), and later, of the vertical load 
bearing elements. This behavior permits a great part of the inelastic action to take place 
before the vertical load bearing elements start to suffer damage. Critical aspects in this 
design are the potential development of hinging regions at the vertical elements (piers and 
column at lintel-column joint), shear damage of lintels, and high deformation demand at the 
base of the wall. 

The objective of the different design philosophies is to direct the behavior and 
damage of the structure to some desired pattern compatible with the design requirements 
imposed on that structure. However, as indicated in the design of both specimens, the 
design philosophy can sometimes only influence damage progression, but cannot control it 
completely. This makes damage more likely to occur in some designated locations; however, 
damage can still occur in some other undesirable locations. 



6. TEST RESULTS FOR PERFORATED WALL 
SPECIMENS 

6.1 General 

Test results of the perforated wall Type 1 specimens are presented in this chapter. 
The results are described in terms of the load-displacement response of the specimens, 
displacements and deformations measured at some critical areas of the specimens, crack 
pattern and yielding maps at some selected displacement points, and a description of the 
significant event sequence during the test. 

The load-displacement response is presented in the form of base shear-overall drift 
ratio curves. The overall drift ratio is defined as the in-plane displacement at the mid-depth 
of the roof slab divided by the height at that point above the top of the beam foundation, 
equal to 204 in. Displacements and deformations measured in critical zones of the specimen 
are presented for different stages of the test. Instrumentation channels are designated 
according to the description given in Section 4.3. Plots of readings obtained from 
displacement transducers (DT) and strain gauges (SG) have been cut at the point when each 
instrument stopped working properly. 

The crack pattern and yielding maps progressive damage at given stages of each test. 
They provide a good indication of the response of the specimen: zones of concentration of 
stresses; load transfer patterns; and the failure mechanism. 

Roof 
~ 

North Untel South Untel 
-

D ~~ 2nd Story 

2ndFi oor 
rL 

Untel 
:--

~ Center D ExInIme 
:::J Pier Pier ~1 
8 

stStory 

Wall bale 

Description of the results is based on 
visual observations, on the load-displacement 
curves obtained directly during the test, and on 
readings from the data acquisition system. 
Events during the test are described in terms of 
base shear and overall drift ratio at each load 
point, identified by its corresponding scan 
number. The events described include cracking 
in the elements, yielding of reinforcement, 
crushing of masonry, fracture of reinforcement, 
and other particular events. The nomenclature 
described in Fig. 6.1 has been used in describing 

I Foundation beam I 

the results of the tests. Figure 6.1: Perforated wall element 
designation. 

The displacement sequence pattern used 
during the tests was described in Section 4.4. According to the particular characteristics of 
each specimen, slight modifications were introduced in each test. Within each load
displacement series, the peaks are defined as shown in Fig. 6.2: "first peak", "second peak", 
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and "last peak" are respectively the peak values corresponding to the first time, the second 
time, and the last time the peak is reached in a particular series. "Next peak" indicates the 
point at which the peak value of the last series is reached when loading up to a higher value 
in the next series. 

'E 

j 0 PrAf"r+++'l-I+I+t+tt-I+l++-tI-I+l-H++I+H++t-I+4I-1+1+t+-t+t 

! 

Figure 6.2: Peak value designations in SPD diagram. 

6.2 Test Results for Specimen 1a 

6.2.1 Test Result Summary. Specimen 1a was subjected to the roof in-plane 
displacement history shown in Fig. 6.3. To check potential out-of-plane instability after the 
1st story piers had been subjected to considerable in-plane deformations, the specimen was 
subjected to a constant distribution of out-of-plane displacements, applied simultaneously 
with the last cycles of loading, as shown in Fig. 6.3. 

Constant vertical loads of 40.8 kips were applied on the roof at the top of each 2nd 
story pier, making a total externally applied vertical load of 81.6 kips. 

Because of the specimen's high initial stiffness, the test of Specimen 1a was initiated 
under load control. The test was switched to displacement control when the overall drift 
ratio was 0.059% (0.12 in. top displacement). 

The First Major Event (FME) was defined as the first yielding of the pier 
longitudinal reinforcement. It occurred when the wall was being loaded in the north 
direction, at an overall drift ratio of 0.069% (0.14 in. top displacement) and a base shear 
of 77.6 kips, as shown in Fig. 6.3. At that stage, the extreme longitudinal bar of the south 
first story pier yielded. 

Lateral load capacity of the specimen was 98.2 kips, at an overall drift ratio of 0.39% 
(0.80 in. top displacement) when loaded to the north, and 104.5 kips, at an overall drift ratio 
of 0.39% (0.79 in. top displacement) in the south direction. 
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Figure 6.3: Specimen 1a: Roof displacement history. 

The test was stopped due to damage of the specimen, specially in the areas of the 
connection between the first story piers and the base of the wall, as shown in Fig. 6.35. The 
maximum overall drift ratio was 0.86% (1.75 in. top displacement) when loaded in the north 
direction with 59.8 kips, and 0.91% (1.85 in. top displacement) when loaded in the south 
direction with 73.6 kips. 

The most significant events that occurred during the test have been summarized in 
Tables 6.1 and 6.2 for northward and southward loading respectively. 

6.22 Load-Displacement History and Deformations. The overall load-displacement 
history, and displacements and deformations measured in some critical areas of the 
specimen, are presented in this section. Since most inelastic deformation and damage 
occurred in the 1st story, the description of results is concentrated on the behavior of the 
elements of that story. 

The base shear-overall drift ratio history for the entire test is shown in Fig. 6.4. The 
envelope of the first peaks of the hysteresis loops is shown in Fig. 6.5. Lateral roof 
displacement was measured with displacement transducer (DT) 57. 
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Table 6.1: Specimen la test: significant events, northward loading 

Load Test Event Base Top Overall 
Point Shear Displ. Drift 

Ratio 
Kips in % 

76 Aexural cracking of wall base; Bed joint cracking at 1st story extreme 29.8 0.Q18 0.009 
pier and column. 

218 Cracking at the 1st story lintel - pier connection 70.1 0.11 0.052 

258 Horizontal cracking at base wall under extreme pier 68.5 0.11 0.055 

297 FME, yielding of longitudinal reinforcement in extreme pier 73.6 0.14 O.OOg 

348 Diagonal cracking at wall base under center pier n.9 0.20 0.10 

538 Cracking at bottom face of slab in the 2nd story lintel - pier 94.0 0.50 0.24 
connection 

620 Splitting crack at north end of window sill; Cracking at the bottom 88.9 0.50 0.25 
face of slab in the 1 st story lintel - pier connection 

636 Diagonal cracking at center pier 95.6 0.70 0.34 

637 Maximum lateral load capacity 98.2 0.80 0.39 

673 Vertical splitting of masonry at column base 65.1 0.40 0.20 

739 Crushing of masonry at column base 86.5 0.90 0.44 

834 l-inch out-of-plane displacement is imposed at top of specimen 

Fracture of longitudinal bar in extreme pier 
840 75.9 1.12 0.55 

Maximum displacement; Extensive cracking and crushing of masonry 
893 at north end of wall base and at center pier - wall base connection; n.o 1.80 0.86 

buckling of reinforcement at base of column 
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Table 6.2: Specimen 1a test: significant events, southward loading 

Load Test Event Base Top Overall 
Point Shear Displ. Drift 

Ratio 
Kips in % 

83 Bed jOint cracking at 1st story center pier and column 30.6 0.040 0.020 

116 AexuraJ cracking of wall base 40.9 0.048 0.024 

356 Diagonal cracking at the wall base under extreme pier; Yielding of 80.2 0.19 0.095 
longitudinal reinforcement in center pier and column 

Diagonal cracking at extreme pier 
550 96.5 0.49 0.24 

Yielding of longitudinal reinforcement at south end of wall base 
596 97.7 0.49 0.24 

Splitting cracking at south end .of window sill 

628 Maximum lateral load capacity 95.7 0.49 0.24 

649 Crushing of masonry at south end of wall base; yielding of drag bar 104.5 0.79 0.39 

753 l-inch out-of-plane displacement is imposed at top of specimen 100.6 1.20 0.59 

Maximum displacement; Splitting and crushing of masonry at south 
834 end of wall base 

904 95.6 1.84 0.90 
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Figure 6.4: Specimen la: Base shear - Overall drift ratio history. 
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Figure 6.S: Specimen la: First peak envelope of the Base shear - Overall drift ratio history. 
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Figure 6.6: Specimen 1a: Displacement profiles for some first peak points. 

Displacement profiles over the height of the specimen, for some selected first peak 
points, are shown in Fig. 6.6. Roof and 2nd floor displacements were obtained from 
displacement transducers 57 and 56 respectively. 

Deformations and strains measured in the 1st story column are shown in Figs. 6.7 and 
6.8. First peak values of readings from displacement transducers 2 and 6 are shown in Fig 
6.6. DT 2 measured the total axial deformation of the 1st story at the north end of the 
specimen, and DT 6 measured the crack opening at the base of the column. Fig. 6.8 shows 
first peak values of readings from strain gauges (SG) 62 and 63, at the base and top sections 
of the 1st story column respectively. The rest of the strain gauges in this element did not 
work properly. 

Displacements and deformations measured at the base of the wall are shown in Figs. 
6.9 to 6.15. Slipping of the wall base on the foundation beam is shown in Figs. 6.9 and 
6.10. The first plot shows first peak slip values versus overall drift ratio. The second figure 
shows slip as a fraction of the total roof displacement versus the overall drift ratio. Strain 
distributions in longitudinal reinforcement at the base of the wall, for some of the first peak 
points, are shown in Figs. 6.11 and 6.12, for northward and southward loading respectively. 
The readings were obtained from strain gauges 76, 77, 110, and 111, and the load points 
have been identified by the overall drift ratio. Strain values measured in the drag bars 
during the first peaks of the loading process, are shown in Figs. 6.13 to 6.15. In those plots, 
each curve contains the readings of one strain gauge. 
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Figure 6.7: Specimen la: 1st story column deformations. 
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Figure 6.8: Specimen la: Strains in longitudinal reinforcement at end sections of 1st 
story column. 
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Figure 6.9: Specimen 1a: Slip of the wall base on the foundation beam. 
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Figure 6.10: Specimen 1a: Slip of the wall base on the foundation beam. 
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Figure 6.11: Specimen la: Strain in longitudinal reinforcement at the base of the wall, 
northward loading. 
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Figure 6.12: Specimen la: Strain in longitudinal reinforcement at the base of the wall, 
southward loading. 
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Figure 6.13: Specimen la: Strains in top drag bar at wall base under center pier. 
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Deformations measured at the end sections of the 1st story piers for some of the first 
peak points, are shown in Figs. 6.16 to 6.23. In each figure, the bottom and top horizontal 
axes define the position of the instruments on the pier base and top sections respectively. 
Deformations measured in the base section have been plotted on the bottom axis, and their 
values are indicated in the vertical scale at the left side. Deformations measured in the top 
section have been plotted on the top axis, and their values are indicated in the vertical scale 
at the right side. Displacement transducers were used to measure flexural deformations at 
the edges of the pier. Strains gauges were attached to the longitudinal reinforcing bars at 
the end sections. Each figures shows deformations measured at some selected first peak 
points, for a given loading direction. Load points and instrumentation channels are 
indicated in the figures. 

Slip of the end sections of the 1st story extreme pier, measured at the first peak 
points, is shown in Fig. 6.24. Displacement transducer 46 measured the slip of the pier with 
respect to the wall base. Displacement transducer 49 measured the slip of the 2nd floor 
with respect to the pier top section. Readings of the DT 49 have been plotted with opposite 
sign in Fig. 6.24. Since a crack developed trough the support of displacement transducer 
24 early during the test, no measures of slip were available for the center pier. 

6.23 Cracking and Yzelding Progression Maps. Maps of the cracking and 
reinforcement yielding progression, for some selected first peak points, are shown in Figs. 
6.25 to 6.36. Cracks were identified and marked as the test was progressing. Shadowed 
areas in crack maps indicate masonry crushing or spalling off. Yielding points were detected 
from the readings of the instrumentation system. A diagonal line crossing the reinforcement 
indicates fracture of the bar. Only the events clearly and unmistakably identified were 
marked in the yielding maps. 

6.24 Description of Test Events. A detailed description of the observations made 
during the test of Specimen 1a is given in this section. 

The test was initiated under load control with cycles of 10-kip amplitude. No 
significant events occurred during this series, nor during the next, of 20-kip amplitude. 

At Load Point 76, corresponding to a base shear of 29.8 kips and overall drift ratio 
of 0.009% (0.018 in. roof displacement) in north direction (the first north peak of the 30-kip 
series), cracks formed along bed joints in the extreme 1st story pier and the 1st story 
column. A flexural crack formed at the bottom bed joint in the south side of the wall base. 

At Load Point 83, corresponding to a base shear of 30.6 kips and overall drift ratio 
of 0.020% (0.040 in. roof displacement) in south direction (the first south peak of the 30-kip 
series), cracks formed at bed joints in the center 1st story pier and at the extreme sections 
in the 1st story column. Some cracking developed at bed joints in the second story piers. 
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Figure 6.27: Specimen la: Cracking progression at overall drift ratio 0.15%. 
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Figure 6.31: Specimen la: Cracking progression at overall drift ratio 0.39%. 
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At Load Point 116, corresponding to a base shear of 40.9 kips and overall drift ratio 
of 0.024% (0.048 in. roof displacement) in south direction (the first south peak of the 40-kip 
series), a flexural crack formed at the bottom bed joint in the north side of the wall base. 
Bed joint cracking in the column progressed during the next two cycles in the south direction 
at 40 kips and 50 kips respectively. Some degradation of stiffness became noticed from the 
load-displacement plot. 

Bed joint cracking in the 1st story column and extreme pier showed more progress 
after the series of 60-kip cycles. The flexural crack at the base of the wall continued 
extending. 

At Load Point 218, corresponding to a base shear of 70.1 kips and overall drift ratio 
of 0.052% (0.11 in. roof displacement) in north direction (the first north peak of the 70-kip 
series), cracking initiated at the bottom north corner of the 1st story window and at the 
bottom face of the 1st story lintel-pier connection. The flexural crack at the base of the wall 
extended at both sides of the wall at the end of this loading series. Load-deformation curves 
showed some degree of stiffness degradation. The test was switched to displacement control 
mode after completing the 70-kip series. 

At Load Point 258, corresponding to an overall drift ratio of 0.055% (0.11 in. roof 
displacement) and base shear of 68.5 kips in north direction (the first north peak of the 
0.12-in series), cracking initiated at the south top corner of the 1st story window, and at the 
south top and north bottom corners of the 2nd story window. Horizontal cracking initiated 
at the first course of the wall base under the extreme pier. 

The First Major Event (FME) occurred at Load Point 297, corresponding to an 
overall drift ratio of 0.069% (0.14 in. roof displacement) and base shear of 73.6 kips in north 
direction. At that point, the longitudinal bar in the south side of the extreme pier yielded 
at the pier bottom section. Cracking extended at the north lintel-pier connections at both 
stories. 

Cracking and yielding progressions after completing the 0.14-in series are shown in 
Figs. 6.25 and 6.26 respectively. 

At Load Point 348, corresponding to an overall drift ratio of 0.10% (0.20 in. roof 
displacement) and base shear of 77.9 kips in north direction (the first north peak of the 
0.20-in series), a diagonal crack, starting close to the north bottom corner of the first story 
window, extended almost three courses through the base of the wall. Cracking extended 
under the base of the 1st story extreme pier. Longitudinal reinforcement in the north side 
of the 1st story extreme pier reached yielded at the pier top section. 

At Load Point 356, corresponding to an overall drift ratio of 0.095% (0.19 in. roof 
displacement) and base shear of 80.2 kips in south direction (the first south peak of the 
0.20-in series), diagonal cracking in the base of the wall initiated at the south bottom corner 



107 

of the 1st story window. Horizontal cracking initiated at the first course of the wall base 
under the center pier. Cracking extended under the base of the 1st story extreme pier. 
Longitudinal reinforcement yielded at the bottom section in the north side of the 1st story 
center pier, and at the top section in the north side of the 1st story column. 

At Load Point 438, corresponding to an overall drift ratio of 0.15% (0.30 in. roof 
displacement) and base shear of 86.0 kips in north direction (the first north peak of the 
0.30-in series), the 1st story extreme pier showed development of plastic hinging at both end 
sections. Diagonal cracking extended along the base of the wall under the center pier and 
in the vicinity of the bottom north corner of the window. 

At Load Point 450, corresponding to an overall drift ratio of 0.14% (0.29 in. roof 
displacement) and base shear of 90.5 kips in south direction (the first south peak of the 
0.30-in series), wide cracks opened at both end sections in the 1st story column and 1st story 
center pier. Diagonal cracking at the base of the wall extended under the extreme pier and 
in the vicinity of the south bottom corner of the window. Longitudinal reinforcement 
reached yielded at the south side of the column base and at the top section in the south side 
of the center pier. 

Cracking and yielding progressions after completing the 0.30-in series are shown in 
Figs. 6.27 and 6.28 respectively. 

At Load Point 537, corresponding to an overall drift ratio of 0.20% (0.40 in. roof 
displacement) and base shear of 89.9 kips in north direction (a point preceding the first 
north peak of the 0.50-in series), longitudinal reinforcement yielded at the top section in the 
north side of the 2nd story column. 

At Load Point 538, corresponding to an overall drift ratio of 0.24% (0.50 in. roof 
displacement) and base shear of 94.0 kips in north direction (the first north peak of the 
0.50-in series), a crack developed at the 2nd story north lintel-pier connection and 
penetrated through the bottom face of the slab. The crack extended all the way through the 
width of the slab. The flexural crack at the bottom section of the 1st story extreme pier was 
about 5 mm. maximum opening. Diagonal cracking in the base of the wall under the center 
pier continued extending. Longitudinal reinforcement reached yielded at the top section, 
north side, and bottom section, south side, in the center pier. 

At Load Point 550, corresponding to an overall drift ratio of 0.24% (0.49 in. roof 
displacement) and base shear of 96.5 kips in south direction (the first south peak of the 
0.50-in series), diagonal cracking in the base of the wall under the extreme pier continued 
extending. A diagonal crack occurred in the extreme 1st story pier. Longitudinal 
reinforcement yielded in compression at the bottom section in the south side of the wall 
base. Longitudinal reinforcement yielded at the bottom section in the north side of the 
extreme pier. The bottom transverse bar in the center pier yielded at the north side. 
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At Load Point 596, corresponding to an overall drift ratio of 0.24% (0.49 in. roof 
displacement) and base shear of 97.7 kips in south direction (the second south peak of the 
0.50-in series), longitudinal reinforcement yielded at the bottom section in the north side of 
the wall base. 

At Load Point 620, corresponding to an overall drift ratio of 0.25% (0.50 in. roof 
displacement) and base shear of 88.9 kips in north direction (the last north peak of the 0.50-
in series), a splitting crack about 16-in. long developed at the north end of the 1st story 
window sill. A crack developed at the 1st story north lintel-pier connection and penetrated 
trough the bottom face of the slab. The crack extended all the way through the width of 
the slab. The flexural cracks at the bottom and top sections in the 1st story extreme pier 
opened about 5 mm and 3 mm respectively. 

At Load Point 628, corresponding to an overall drift ratio of 0.24% (0.49 in. roof 
displacement) and base shear of 95.7 kips in south direction (the last south peak of the 0.50-
in series), a splitting crack about 16-in. long developed at the south end of the 1st story 
window sill. The flexural crack at the bottom section in the 1st story center pier opened 
about 4 mm. Some crushing of the masonry occurred at the top bed joint in the center pier. 
Cracks at the three bottom bed joints in the 1st story column opened about 1.5 mm and the 
crack at the top bed joint opened about 2.5 mm. 

Cracking and yielding progressions after completing the 0.50-in series are shown in 
Figs. 6.29 and 6.30 respectively. 

At Load Point 636, corresponding to an overall drift ratio of 0.34% (0.70 in. roof 
displacement) and base shear of 95.6 kips in north direction (a point preceding the first 
north peak of the 0.80-in series), a diagonal crack initiated in the center pier and extended 
through the two top courses of the base of the wall. 

At Load Point 637, corresponding to an overall drift ratio of 0.39% (0.80 in. roof 
displacement), the first north peak of the 0.80-in series, the specimen reached its maximum 
lateral load capacity of 98.2 kips in north direction. Longitudinal reinforcement yielded at 
the bottom section in the south side of the 2nd story column. 

At Load Point 648, corresponding to an overall drift ratio of 0.34% (0.69 in. roof 
displacement) and base shear of 101.6 kips in south direction (a point preceding the first 
south peak of the 0.80-in series), longitudinal reinforcement yielded at the bottom section 
in the north side of the 2nd story column. 

At Load Point 649, corresponding to an overall drift ratio of 0.39% (0.79 in. roof 
displacement), the first south peak of the 0.80-in series, the specimen reached its maximum 
lateral load capacity of 104.5 kips in south direction. Diagonal cracking under extreme pier 
continued extending. Yielding progressed through the longitudinal reinforcement at the 
bottom section in the north side of the wall base. 
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Cracking and yielding progressions after completing the 0.80-in series are shown in 
Figs. 6.31 and 6.32 respectively. 

At"Load Point 673, corresponding to an overall drift ratio of 0.20% (0040 in. roof 
displacement) and base shear of 65.1 kips in north direction (a point of the 0.80-in series), 
vertical splitting of masonry occurred at the base of the column. 

At Load Point 699, corresponding to an overall drift ratio of 0.39% (0.79 in. roof 
displacement) and base shear of lOlA kips in south direction (the second south peak of the 
0.80-in series), a horizontal crack developed at the top course of the wall base and extended 
all the way under the window. 

At Load Point 739, corresponding to an overall drift ratio of 0.44% (0.90 in. roof 
displacement) and base shear of 86.5 kips in north direction (a point preceding the first 
north peak of the 1.20-in series), crushing of masonry occurred at the base of the column. 

At Load Point 753, corresponding to an overall drift ratio of 0.59% (1.20 in. roof 
displacement) and base shear of 100.6 kips in south direction (the first south peak of the 
1.20-in series), crushing of masonry initiated at the bottom course in the south side of the 
wall base. Diagonal cracking in the wall base continued extending under both piers. The 
drag bar in the second course under the extreme pier yielded. 

After Load Point 833 (the last point of the 1.20-in series), the specimen was subjected 
to an out-of-plane displacement of 1.00 in. at the roof and 0.50 in. at the 2nd floor. At 
Load Point 840, corresponding to an overall drift ratio of 0.55% (1.12 in. roof displacement) 
and base shear of 75.9 kips in north direction (a point preceding the first north peak of the 
1.20 in.-in-plane, 1.00 in.-out-of-plane series), a loud noise and a jump in the force
displacement curve seemed to indicate fracture of one of the longitudinal bars in the 1st 
story extreme pier. No additional damage was produced by the cycles including the out-of
plane displacement. 

Cracking and yielding progressions after completing the 1.20-in series are shown in 
Figs. 6.33 and 6.34 respectively. 

At Load Point 893, corresponding to an overall drift ratio of 0.86% (1.75 in. roof 
displacement) and base shear of 77.0 kips in north direction (the first north peak of the 1.80 
in.-in-plane, 1.00 in.-out-of-plane series), extensive cracking and crushing of masonry 
occurred at the top courses in the north edge of the wall base and at the base of the center 
pier. The top drag bar in the base of the wall yielded under the extreme pier area. The 
top transverse bar in the center pier yielded at the south side. 

At Load Point 904, corresponding to an overall drift ratio of 0.90% (1.84 in. roof 
displacement) and base shear of 95.6 kips in south direction (the first south peak of the 1.80 
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in.-in-plane 1.00 in.-out-of-plane series), splitting and crushing of masonry occurred at the 
south edge of the base of the wall. 

At Load Point 918, corresponding to an overall drift ratio of 0.51 % (1.04 in. roof 
displacement) and base shear of 79.2 kips in south direction (a point of the 1.80 in.-in-plane, 
1.00-in.-out-of-plane series), longitudinal reinforcement yielded at the top section in the 
south side of the extreme pier. 

At Load Point 920, corresponding to an overall drift ratio of 0.91 % (1.85 in. roof 
displacement) and base shear of 90.8 kips in south direction (the second south peak of the 
1.80in.-in-plane, 1.00 in.-out-of-plane series), a loud noise and a jump in the load
displacement plot seemed to indicate fracture of one of the longitudinal bars in the center 
pier. Base shear dropped to 73.6 kips. Because of the extensive damage on the specimen, 
confirmed from the high degradation in the load-displacement curves, the test was stopped 
after this cycle. Most of the damage occurred at the center pier-wall base connection and 
at the north edge of the wall base. Crushing of masonry also occurred at the south edge of 
the base of the wall and at the base of the column. Splitting of masonry occurred along the 
sill of the window opening. 

Cracking and yielding conditions of the specimen after completing the test are shown 
in Figs. 6.35 and 6.36 respectively. 

6.3 Test Results for Specimen Ib 

6.3.1 Test Result Summary. Specimen 1b was subjected to the roof in-plane 
displacement history shown in Fig. 6.37. 

Constant vertical loads of 40.8 kips were applied on the roof at the top of each 2nd 
story pier, making a total externally applied vertical load of 81.6 kips. 

Because of the specimen's high initial stiffness, the test of Specimen 1b was initiated 
under load control. The test was switched to displacement control when the overall drift 
ratio was 0.059% (0.12 in. top displacement). 

The First Major Event (FME) was defined as the first yielding of the longitudinal 
reinforcement in the wall base. It occurred when the wall was being loaded in the north 
direction, at an overall drift ratio of 0.053% (0.11 in. top displacement) and a base shear 
of 64.9 kips, as shown in Fig. 6.37. At that stage, the bar at the south edge of the wall base 
yielded. 

Lateral load capacity of the specimen was 89.9 kips at an overall drift ratio of 0.38% 
(0.77 in. top displacement) when loaded to the north, and 145.0 kips at an overall drift ratio 
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Figure 6.37: Specimen Ib: Roof displacement history. 

of 0.39% (0.79 in. top displacement) in the south direction. 

The test was stopped due to local damage of the roof slab in areas not restrained by 
reinforcement. Inelastic behavior and damage of this specimen was concentrated at the base 
of the wall and at the lintel-column and lintel-pier connections, as shown in Fig. 6.73. The 
maximum overall drift ratio was 0.96% (1.95 in. top displacement) when loaded in the north 
direction with 72.0 kips, and 0.78% (1.59 in. top displacement) when loaded in the south 
direction with 108.9 kips. 

The most significant events that occurred during the test have been summarized in 
Tables 6.3 and 6.4 for northward and southward loading respectively. 

6.3.2 Load-Displacement History and Deformations. The overall load-displacement 
history, and displacements and deformations measured in some critical areas of the 
specimen, are presented in this section. The description of results is concentrated on the 
behavior of the critical elements of the specimen. 

The base shear-overall drift ratio history for the entire test is shown in Fig. 6.38. The 
envelope of the first peaks of the hysteresis loops is shown in Fig. 6.39. Lateral roof 
displacement was measured with displacement transducer (DT) 57. 
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Table 6.3: Specimen 1 b test: significant events, northward loading 

Load Test Event Base Top Overall 
Point Shear Displ. Drift 

Ratio 
Kips in % 

38 Aexural cracking of wall base 20.0 0.Q16 0.008 

80 Aexural crack in lintel-pier connection at both stories 30.2 0.029 0.014 

211 Yielding of longitudinal reinforcement in the 1st story lintel 55.1 0.076 0.037 

212 Yielding of longitudinal reinforcement in the 2nd story lintel 59.8 0.089 0.043 

267 FME, yielding of longitudinal reinforcement in wall base 64.9 0.11 0.054 

730 Yieldin9 of longitudinal reinforcement at the base of the column 82.9 0.39 0.19 

731 Damage initiated at the 2nd floor column-slab connection 86.0 0.49 0.24 

823 Maximum lateral load capacity; Diagonal cracking in the lintel-column 89.9 0.77 0.38 
connection at the 2nd story 

865 Fracture of extreme bar at south end of wall base 73.2 0.59 0.29 

916 Crushing of masonry at the north end of wall base 82.1 1.07 0.52 

963 Damage in the slab-wall connection at the roof north corner of the 75.5 1.17 0.57 
specimen 

1013 Maximum displacement; Crushing of masonry at the base of the 72.0 1.95 0.96 
column 



113 

Displacement profiles over the height of the specimen, for some selected first peak 
points, are shown in Fig. 6.40. Roof and 2nd floor displacements were obtained from 
displacement transducers 57 and 56 respectively. 
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Figure 6.38: Specimen 1b: Base shear - Overall drift ratio history. 

Deformations and strains measured in the column are shown in Figs. 6.41 to 6.46 for 
some selected first peak points. Distributions of flexural deformations at the base of the 
column, measured with displacement transducers 6 and 7, are shown in Figs. 6.41 and 6.43 
for northward and southward loading respectively. Distributions of strains in the 
longitudinal reinforcement at the base of the column, measured with strain gauges 61 and 
62, are shown in Figs. 6.42 and 6.44 for northward and southward loading respectively. 
Distributions of flexural deformations at the top section of the column, measured with 
displacement transducers 8 and 9, are shown in Figs. 6.45 and 6.46 for northward and 
southward loading respectively. The load points have been identified by the overall drift 
ratio in each figure. 
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Table 6.4: Specimen 1 b test: significant events, southward loading 

Load Test Event Base Top Overall 
Point Shear Displ. Drift 

Ratio 
Kips in % 

47 Flexural cracking of wall base and column 19.6 0.016 0.008 

277 Cracking in the top face of slab at the 2nd floor 64.8 0.077 0.038 

461 Cracking in the top face of slab at the roof; Yielding of longitudinal 87.6 0.16 0.077 
reinforcement at north edge of wall base 

647 Yielding of longitudinal reinforcement at base of 2nd story column 102.8 0.25 0.12 

Crushing of masonry at the south end of wall base 
740 122.8 0.39 0.19 

Maximum lateral load capacity 
833 145.0 0.79 0.39 

Fracture of extreme bar at north end of wall base 
906 119.7 0.76 0.37 

Maximum displacement; Extensive cracking and damage of masonry 
1025 and concrete at the column-lintel-slab connections 108.9 1.59 0.78 
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Figure 6.39: Specimen Ib: First peak envelope of the Base shear - Overall drift ratio 
history. 
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Figure 6.41: Specimen Ib: Flexural deformations at the base of the column, northward 
loading. 
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Figure 6.42: Specimen Ib: Strains in longitudinal reinforcement at the base of the column, 
northward loading. . 
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southward loading. 

--. 
C 

0::. 

-0.0 

o 

o 
5-

:- . 1:: 
a:> 0.05 
E 
§ 

,- . 0. 0.10 
<I) 

Ci 

0.15 1- . 

0.20 

North 

..... 

DT8 

24 

Column top section South 

..., 
~ 

~ DT9 

+ 0.02% 

0 0.04°4 

X 0.05% 

'V 0.10% 

# 0.15% 

0 0.24% 

0 0.38% 

t::,. 0.57% 

EE 0.96% I 
! 
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Figure 6.46: Specimen Ib: Flexural deformations at the top section of the column, 
southward loading. 

Displacements and deformations measured at the base of the wall are shown in Figs. 
6.47 to 6.50 for some selected first peak points. Flexural deformations at the ends of the 
base of the wall, measured with displacement transducers 18 and 43, are shown in Figs. 6.47 
and 6.49 for northward and southward loading respectively. Distributions of strains in the 
longitudinal reinforcement at the base of the wall, measured with strain gauges 77, 78, 110 
and 111, are shown in Figs. 6.48 and 6.50 for northward and southward loading respectively. 
The load points have been identified by the overall drift ratio in each figure. 

Strains measured at the ends of the debonded portions of the longitudinal 
reinforcement at the base of the wall, are shown in Figs. 6.51 and 6.52. Each plot includes 
first peak readings of the two strain gauges on each bar: 77 and 79 for the bar at the north 
edge of the base wall; and 111 and 112 for the bar at the south edge. 

Slipping of the wall base on the foundation beam is shoWn in Figs. 6.53 and 6.54. 
The first plot shows first peak slip values versus overall drift ratio. The second figure shows 
slip as a fraction of the total roof displacement versus the overall drift ratio. 

Deformations and strains measured at the end sections of the lintels are shown in 
Figs. 6.55 to 6.62 for the first peak points. Figs. 6.55, 6.57, 6.59, and 6.61 show readings 
obtained with displacements transducers intended to measure the angular distortion between 
the end section of the lintel and the vertical element (pier or column). Figs. 6.56, 6.58, 6.60, 
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and 6.62 show strains in the top and bottom longitudinal reinforcement of the lintels, 
measured at the lintel end sections. 

6.3.3 Cracking and Yzelding Progression Maps. Maps of the cracking and 
reinforcement yielding progressions, for some selected first peak points, are shown in Figs. 
6.63 to 6.74. Cracks were identified and marked as the test was progressing. Shadowed 
areas in crack maps indicate masonry crushing or spalling off. Yielding points were detected 
from the readings of the instrumentation system. A diagonal line crossing the reinforcement 
indicates fracture of the bar. Only the events clearly and unmistakably identified were 
marked in the yielding maps. 

6.3.4 Description of Test Events. A detailed description of the observations made 
during the test of Specimen lb is given in this section. 

The test was initiated under load control with cycles of 10-kip amplitude. No 
significant events occurred during this series. 

At Load Point 38, corresponding to a base shear of 20.0 kips and overall drift ratio 
of 0.008% (0.016 in. roof displacement) in north direction (the first north peak of the 20-kip 
series), flexural cracking initiated in the bottom section of the wall base at the south edge 
of the specimen. 
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Figure 6.47: Specimen lb: Flexural deformations at the base section of the wall, 
northward loading. 
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Figure 6.50: Specimen 1b: Strains in longitudinal reinforcement at the base section of the 
wall, southward loading. 
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Figure 6.52: Specimen Ib: Strains measured at the end of the debonded portion of the 
reinforcing bar at the south edge of the wall base. 
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Figure 6.53: Specimen Ib: Slip of the wall base on the foundation beam. 
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Figure 6.54: Specimen Ib: Slip of the wall base on the foundation beam. 
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Figure 6.55: Specimen Ib: Deformations at the 1st story lintel-column connection, first 
peak values. 



124 

8 

c: 
.(is 

6 ~ 
Cf.) 

C» c: 
'S 
(j) 4 >= -c: .(is .... 
Ci5 2 

1 

0 

-1 
-1.0 

/ 
/. 

South 
-0.5 0.5 

Overall drift ratio % 

/ 

SG71 ~ 

/ 
/ 

/ 

SGS9 

North 
1.0 

Figure 6.56: Specimen 1b: Strains in the longitudinal reinforcement of the 1st story lintel 
at the lintel-column connection, first peak values. 
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Figure 6.57: Specimen 1b: Deformations at the 1st story lintel-pier connection, first peak 
values. 
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Figure 6.58: Specimen 1b: Strains in the longitudinal reinforcement of the 1st story lintel 
at the lintel-pier connection, first peak values. 
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Figure 6.59: Specimen Ib: Deformations at the 2nd story lintel-column connection, first 
peak values. 
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Figure 6.60: Specimen 1b: Strains in the longitudinal reinforcement of the 2nd story lintel 
at the lintel-column connection, first peak values. 
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Figure 6.61: Specimen 1b: Deformations at the 2nd story lintel-pier connection, first peak 
values. 
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Figure 6.62: Specimen 1b: Strains in the longitudinal reinforcement of the 2nd story lintel 
at the lintel-pier connection, first peak values. 
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Figure 6.70: Specimen 1b: Yielding progression at overall drift ratio 0.39%. 
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Figure 6.73: Specimen Ib: Cracking progression at end of the test, overall drift ratio 

0.96% north and 0.78% south. 
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At Load Point 47, corresponding to a base shear of 19.6 kips and overall drift ratio 
of 0.008% (0.016 in. roof displacement) in south direction (the first south peak of the 20-kip 
series), flexural cracking initiated in the bottom section at the north edge of the wall base 
and in the north side at the base of the column. 

At Load Point 80, corresponding to a base shear of 30.2 kips and overall drift ratio 
of 0.014% (0.029 in. roof displacement) in north direction (the first north peak of the 30-kip 
series), a flexural crack formed in the bottom face of the north lintel-pier connection at both 
stories. 

At Load Point 124, corresponding to a base shear of 40.0 kips and overall drift ratio 
of 0.021 % (0.043 in. roof displacement) in north direction (the first north peak of the 40-kip 
series), the flexural crack in the north lintel-pier connection at the 2nd story progressed 
toward the slab. 

At Load Point 177, corresponding to a base shear of 49.9 kips and overall drift ratio 
of 0.027% (0.055 in. roof displacement) in south direction (the first south peak of the 50-kip 
series), a horizontal crack developed in the top section at the 2nd story column. A crack 
formed in the bottom face of the 2nd story south lintel at the connection of the lintel with 
the extreme pier. 

At Load Point 211, corresponding to a base shear of 55.1 kips and overall drift ratio 
of 0.037% (0.076 in. roof displacement) in north direction (a point preceding the first north 
peak of the 60-kip series), the bottom longitudinal reinforcement in the 1st story lintel 
yielded at the lintel-pier connection. 

At Load Point 212, corresponding to a base shear of 59.8 kips and overall drift ratio 
of 0.043% (0.089 in. roof displacement) in north direction (the first north peak of the 60-kip 
series), cracks formed in some bed joints at both 1st story piers and at the 1st story lintel. 
Some non-linearity became evident in the load-displacement plot. The bottom longitudinal 
reinforcement in the 2nd story lintel yielded at the lintel-pier connection. 

The First Major Event (FME) occurred at Load Point 267, corresponding to an 
overall drift ratio of 0.054% (0.11 in. roof displacement) and base shear of 64.9 kips in north 
direction. At that point, the longitudinal bar in the south edge of the wall base yielded at 
the bottom section. The crack at the 2nd story north lintel-pier connection penetrated 
through the bottom face of the slab. 

At Load Point 277, corresponding to a base shear of 64.8 kips and overall drift ratio 
of 0.038% (0.077 in. roof displacement) in south direction (the first south peak of the 65-kip 
series), cracking initiated in the top face of the slab at the second floor. The specimen 
showed larger stiffness when loaded to the south. Test was switched to displacement control 
mode after completing the 65-kip series. 



135 

Cracking and yielding progressions after completing the 65-kip series are shown in 
Figs. 6.63 and 6.64 respectively. 

At Load Point 369, corresponding to an overall drift ratio of 0.060% (0.12 in. roof 
displacement) and base shear of 79.5 kips in south direction (the first south peak of the 
0.12-in series), extensive horizontal cracking occurred in the bed joints at the 1st story 
column. A horizontal crack developed in the bottom bed joint at the 2nd story column. 

At Load Point 450, corresponding to an overall drift ratio of 0.07% (0.14 in. roof 
displacement) and base shear of 69.5 kips in north direction (a point preceding the first 
north peak of the 0.16-in series), a diagonal crack developed in the wall base in the vicinity 
of the bottom north corner of the window opening. 

At Load Point 451, corresponding to an overall drift ratio of 0.078% (0.16 in. roof 
displacement) and base shear of 72.6 kips in north direction (the first north peak of the 
0.16-in series), cracking in the bottom face of the roof slab progressed to the edge of the 
slab. The second longitudinal bar in the south side of the wall base yielded at the bottom 
section. 

At Load Point 461, corresponding to an overall drift ratio of 0.077% (0.16 in. roof 
displacement) and base shear of 87.6 kips in south direction (the first south peak of the 
0.16-in series), cracking occurred in the top face of the roof slab at the lintel-pier 
connection. Diagonal cracking initiated in the wall base in the vicinity of the bottom south 
corner of the window opening. Horizontal cracking in the base of the wall extended along 
the length of the bottom section. The longitudinal reinforcement in the north edge of the 
wall base yielded at the bottom section. 

At Load Point 544, corresponding to an overall drift ratio of 0.097% (0.20 in. roof 
displacement) and base shear of 76.2 kips in north direction (the first north peak of the 
0.20-in series), cracking initiated in the bottom face of the 2nd floor slab at the lintel-pier 
connection. 

At Load Point 555, corresponding to an overall drift ratio of 0.096% (0.20 in. roof 
displacement) and base shear of 95.1 kips in south direction (the first south peak of the 
0.20-in series), horizontal cracking progressed in the bed joints at the 1st story column. The 
second longitudinal bar in the north side of the wall base yielded at the bottom section. 

At Load Point 647, corresponding to an overall drift ratio of 0.12% (0.25 in. roof 
displacement) and base shear of 102.8 kips in south direction (a point preceding the first 
south peak of the 0.30-in series), the longitudinal reinforcement in the north edge of the 
column yielded at the 2nd story base section. 

Cracking and yielding progressions after completing the 0.30-in series are shown in 
Figs. 6.65 and 6.66 respectively. 
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At Load Point 730, corresponding to an overall drift ratio of 0.19% (0.39 in: roof 
displacement) and base shear of 82.9 kips in north direction (a point preceding the first 
north peak of the O.SO-in series), the longitudinal reinforcement in the north edge of the 
column yielded at the base section. 

At Load Point 731, corresponding to an overall drift ratio of 0.24% (0.49 in. roof 
displacement) and base shear of 86.0 kips in north direction (the first north peak of the 
O.SO-in series), diagonal cracking initiated in the lintel-column connection at the 1st story 
and propagated through the 2nd floor slab. Damage initiated in the column-slab connection 
at the 2nd floor. 

At Load Point 740, corresponding to an overall drift ratio of 0.19% (0.39 in. roof 
displacement) and base shear of 122.8 kips in south direction (a point preceding the first 
south peak of the 0.50-in series), diagonal cracking in the lintel-column connection at the 
1st story progressed. Horizontal cracking occurred in the top bed joints at the 2nd story 
column. Crushing of masonry initiated at the south end of the wall base. The longitudinal 
reinforcement in the south edge of the column yielded at the base section. 

At Load Point 741, corresponding to an overall drift ratio of 0.24% (0.49 in. roof 
displacement) and base shear of 133.7 kips in south direction (the first south peak of the 
O.SO-in series), diagonal cracking in the wall base progressed under the extreme pier. The 
top longitudinal reinforcement in the 1st story lintel yielded at the lintel-pier connection. 

Cracking and yielding progressions after completing the 0.50-in series are shown in 
Figs. 6.67 and 6.68 respectively. 

At Load Point 823, corresponding to an overall drift ratio of 0.38% (0.77 in. roof 
displacement), the first north peak of the 0.80-in series, the specimen reached its maximum 
lateral load capacity of 89.9 kips in north direction. Damage progressed in the column-slab 
connection at the 2nd floor, and diagonal cracking initiated in the lintel-column connection 
at the 2nd story. The top longitudinal reinforcement in the 1st story lintel yielded at the 
lintel-column connection. 

At Load Point 831, corresponding to an overall drift ratio of 0.24% (0.49 in. roof 
displacement) and base shear of 126.9 kips in south direction (a point preceding the first 
south peak of the 0.80-in series), the longitudinal reinforcement in the south edge of the 
column yielded at the 1st story top section. 

At Load Point 833, corresponding to an overall drift ratio of 0.39% (0.79 in. roof 
displacement), the first south peak of the 0.80-in series, the specimen reached its maximum 
lateral load capacity of 145.0 kips in south direction. Vertical splitting and crushing of 
masonry progressed at the south end of the wall base. The longitudinal reinforcement in 
the south edge of the column yielded at the 2nd story base section. The longitudinal 
reinforcement in the south edge of the 1st story center pier yielded at the top section. 
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Cracking and yielding progressions after the specimen reached its maximum lateral 
capacity in both directions are shown in Figs. 6.69 and 6.70 respectively. 

At Load Point 865, corresponding to an overall drift ratio of 0.29% (0.59 in. roof 
displacement) and base shear of 73.2 kips in north direction (a point preceding the second 
north peak of the 0.80-in series), the bar at the south edge of the wall base fractured at the 
bottom section. 

At Load Point 906, corresponding to an overall drift ratio of 0.37% (0.76 in. roof 
displacement) and base shear of 119.7 kips in south direction (a point preceding the last 
south peak of the 0.80-in series), the bar at the north edge of the wall base fractured at the 
bottom section. 

At Load Point 916, corresponding to an overall drift ratio of 0.52% (1.07 in. roof 
displacement) and base shear of 82.1 kips in north direction (a point preceding the first 
north peak of the 1.20-in series), diagonal cracking progressed in the lintel-column 
connection at the 1st story. Crushing of masonry initiated at the north end of the wall base. 

At Load Point 917, corresponding to an overall drift ratio of 0.57% (1.17 in. roof 
displacement) and base shear of 83.3 kips in north direction (the first north peak of the 
1.20-in series), the longitudinal reinforcement in the north edge of the column yielded at the 
2nd story top section. 

Cracking and yielding progressions after completing the 1.20-in series are shown in 
Figs. 6.71 and 6.72 respectively. 

At Load Point 961, corresponding to an overall drift ratio of 0.33% (0.67 in. roof 
displacement) and base shear of 62.7 kips in north direction (a point preceding the second 
north peak of the 1.20-in series), a loud noise and a jump in the force-displacement curve 
seemed to indicate fracture of a steel bar. 

At Load Point 963, corresponding to an overall drift ratio of 0.57% (1.17 in. roof 
displacement) and base shear of 74.5 kips in north direction (the second north peak of the 
1.20-in series), damage initiated in the slab-wall connection at the roof north corner of the 
specimen. 

At Load Point 971, corresponding to an overall drift ratio of 0.58% (1.18 in. roof 
displacement) and base shear of 130.1 kips in south direction (the second south peak of the 
1.20-in series), the bottom longitudinal reinforcement in the 2nd story lintel yielded at the 
lintel-column connection. 

At Load Point 1013, corresponding to an overall drift ratio of 0.96% (1.95 in. roof 
displacement) and base shear of 72.0 kips in north direction (the first north peak of the 
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2.00-in series), crushing initiated in the base of the column. Damage continued progressing 
in the column-slab connections. 

At Load Point 1020, corresponding to an overall drift ratio of 0.23% (0.48 in. roof 
displacement) and base shear of 57.4 kips in south direction (a point preceding the first 
south peak ofthe 2.00-in series), the bottom longitudinal reinforcement in the 1st story lintel 
yielded at the lintel-column connection. 

At Load Point 1025, corresponding to an overall drift ratio of 0.78% (1.59 in. roof 
displacement) and base shear of 108.9 kips in south direction (a point preceding the first 
south peak of the 2.00-in series), extensive cracking and damage occurred at the lintel
column connection at the 2nd story. Wide diagonal cracks and crushing of masonry initiated 
in the lintel. Concrete in the slab-wall connection at the roof north corner of the specimen 
started to suffer crushing. While the damage was localized in a small portion of the 
specimen, it was occurring in areas no restrained by reinforcement. The test was stopped 
after this cycle. 

Cracking and yielding conditions of the specimen after completing the test are shown 
in Figs. 6.73 and 6.74 respectively. 



7. DISCUSSION OF TEST RESULTS FOR 
PERFORATED WALL SPECIMENS 

In this chapter, test results of the perforated wall Type 1 specimens are discussed. 
The results are reviewed in terms of the failure mechanism and the load-displacement 
response of the specimens. 

This discussion is based on the description of the results given in Chapter 6. Visual 
observations, load-displacement curves obtained directly during each test, and readings from 
the data acquisition system are used to describe the results. Instrumentation channels are 
designated as described in Section 4.3. The elements of the specimens are designated as 
shown in Fig. 6.1. Within each load-displacement series, the cycles and peaks are 
denominated as defined in Section 6.1 and as shown in Fig. 6.2. 

7.1 Lateral Load Capacity and Failure Mode 

The expected mode of failure and predicted monotonic lateral load capacity for each 
Type 1 specimen have been described in Chapter 5. Experimental lateral load capacity of 
each specimen has been defined as the maximum base shear obtained from the load
displacement history, for each direction of the loading process. Predicted values of lateral 
load capacity were calculated in advance of each test and used to design the specimens. 
Predicted and experimental values of the specimens' lateral load capacity are summarized 
in Table 7.1. Differences between the expected behavior and the test results are discussed 
in this section. 

Table 7.1: Lateral load capacity of Type 1 specimens 

North South 
Specimen 

Predicted Experimental Predicted Experimental 
[kips] [kips] [kips] [kips] 

1a 98.3 98.2 122.1 104.5 

1b 88.0 89.9 130.0 145.0 

7.1.1 Lateral Load Capacity and Failure Mode of Specimen 1a. The lateral load 
capacity of Specimen 1a was 98.2 kips at an overall drift ratio of 0.39% (0.80 in. roof 
displacement) when loaded to the north, and 104.5 kips at an overall drift ratio of 0.39% 
(0.79 in. roof displacement) when loaded to the south. 
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The spread of cracking in Specimen la before reaching the specimen's lateral load 
capacity is shown in Fig. 6.29: diagonal cracks had initiated in both piers; extensive 
diagonal cracking had occurred in the wall base under both piers; cracking had occurred 
in the lintel-pier connections at both stories and in the column bed joints; and horizontal 
splitting of the masonry had occurred in the window sill. As shown in Fig. 6.30, the 
longitudinal reinforcement had yielded in both end sections of all 1st story vertical elements. 

CoUapse Mechanism and Lateral Load Capacity of Specimen la for Northward Loading 

At the time the specimen reached its north lateral load capacity, wide bed-joint 
cracks had opened at top and bottom of both piers, and strains in the longitudinal 
reinforcement were larger than yielding strain at those locations, as shown in Figs. 6.16 and 
6.17, and 6.20 and 6.21 for the center and extreme pier respectively. A wide crack extended 
from the south end of-the base of the extreme pier into the first course of the base wall, out 
of the reach of the instrumentation, as shown in Fig. 6.31. As shown in Figs. 6.8 and 6.32, 
longitudinal reinforcement yielded at top and bottom of the column. Longitudinal 
reinforcement at the base of the wall did not yield, as shown in Figs. 6.11 and 6.32. 

The large opening of the bed-joint crack under the extreme pier suggested that this 
element was subjected to almost pure tensile axial force at its base at the time the specimen 
developed its lateral load capacity. At the same time, it was evident that plastic flexural 
hinges developed at the end sections of the center pier and column. The resultant 
mechanism is shown in Fig. 7.1. These results were in good agreement with the assumed 
collapse mechanism for Specimen 1a, as 
described in Section 5.4. As shown in Table 7.1, 
the calculated lateral load capacity was a very 
good prediction of the specimen's ultimate 
capacity. 

Collapse Mechanism and Lateral Load 
Capacity of Specimen la for Southward Loading 

At the time the specimen reached its 
south lateral load capacity, wide cracks had 
opened at the bed joints in the column, specially 
at the base section, as shown in Fig. 6.7. As 
shown in Figs. 6.18 and 6.19, wide cracks had 
opened at the top and bottom of the center 

N~ 

D 

pier, . and strains in the longitudinal F" 7 I" 0n£ h' I h 19ure.. Observed collapse mecha-
reI orcement at t ose sectIOns were arger t an nism for Specimen la; 
yielding strain. Most of the deformations in the N th did' 

. d . b h or war oa mg. extreme pIer were ue to rotatIOn a out t e 
section defined by the crack on the top course of the base beam, as previously described. 
However, the instruments were not able to measure those deformations, as shown in Figs. 



141 

6.22 and 6.23. Diagonal cracks under the extreme pier extended and opened significantly. 
As shown in Figs. 6.12 and 6.32, longitudinal reinforcement in the north side of the base of 
the wall yielded. 

The large opening and distribution of cracks in the column and center pier suggested 
that these elements were subjected to almost pure tensile axial force at the time the 
specimen developed its lateral load capacity. However, each element showed a different 
pattern of behavior. Horizontal cracks formed in most of the bed joints of the column, 
indicating that the axial deformations were distributed over the entire height of this element. 
The wide cracks at the top and bottom of the center pier indicated that most of the axial 
deformations were concentrated in those sections. 

Deformations and damage conditions of the column and center pier agreed with the 
conditions of the expected collapse mechanism, as described in Section 5.4. As expected, 
a plastic hinge clearly formed at the bottom of the extreme pier. However, as shown in 
Figs. 6.12, 6.23, 6.32, and 7.2, the evidence indicated that the last plastic hinge needed to 
define the collapse mechanism 
formed at the base of the wall _ 
instead of at the top of the pier as 
expected. Thus, the observed D 
collapse mechanism that defined 
the lateral load capacity for 
Specimen la, when loaded to the 
south, was basically a cantilever _ 
wall connected through the lintels 
to a strut, as shown in Fig. 7.3. 

The predicted south lateral 
load capacity of 122.1 kips for the 
assumed collapse mechanism, as 
described in Section 5.4, was larger 
than the specimen's ultimate load 
f 104 5 ki h . T I Figure 7.2: o . ps, as s own III ab e 

7.1. To maintain consistency with 
the calculations made before the 

Flexural 
Hinges 

Observed plastic hinging regions at the 
time Specimen 1a reached its southward 
lateral capacity. 

test, the south lateral load capacity of the specimen was recalculated for the mechanism 
shown in Fig. 7.3 using the same material properties as in the original calculations, and 
following the process outlined in Section 5.5.2. Assuming that the column had developed 
its expected axial yielding capacity of 15.8 kips with zero flexural capacity, the axial force 
transmitted through the lintels would have been 26.1 kips, the total axial compressive force 
on the wall base 125.8 kips, and the wall flexural capacity 12,993 kip-in. The ultimate load 
for that mechanism, calculated using Eq. (5.16), would have been 106.1 kips. This value 
showed a better agreement with the specimen's lateral load capacity of 104.5 kips. 
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As expected, the lateral load 
capacity calculated for the observed 
mechanism, 106.1 kips, was lower than 
that originally calculated in Section 5.4.2 
of 122.1 kips. The collapse mechanism 
did not develop as expected because the 
wall base showed a flexural capacity 
lower than anticipated. In addition to 
that, the column was not able to develop 
its full axial tensile capacity, as discussed 
later in this Section. 

The analysis of the distribution of 
displacements on the height of the 
specimen confirmed the occurrence of a 
different collapse mechanism in each 

-+ 

-+ 

Column 
tensile 
capacity 

0 

0 Aexural 
Hinge 

loading direction. As shown in Fig. 6.6, Figure 7.3: Observed collapse mechanism for 
when loaded to the north, the inter-story Specimen 1a; Southward loading. 
relative displacement was larger at the 
1st story than at the second story. This result, as discussed in Section 2.2.2, is typical of 
pierced walls that develop a column sidesway type of mechanism, in which most of the 
inelastic deformations tend to concentrate in a single story. When loaded to the south, the 
distribution of displacements was almost uniform, which is typical of walls that rotate about 
a single plastic hinge at th~ base, as described in Section 2.2.1. 

Failure Mode of Specimen la 

As previously described, Specimen 1a developed different collapse mechanisms on 
each direction of the loading process. However, damage and deformation capacity were 
governed by the same mechanisms: shear transfer between the piers and the wall base; and 
fracture of longitudinal reinforcement in the piers. 

When the specimen was loaded to the north at high levels of lateral displacement, 
the extreme pier was practically under pure tensile force. This pier suffered the apparent 
fracture of one of its longitudinal bars close to the end of the test. The column was taking 
most of the overturning compressive force, which produced crushing of the masonry and 
buckling of the longitudinal reinforcement at the column base. Under these conditions, the 
center pier was subjected to relatively low levels of compressive force and was carrying most 
of the lateral force. Because of the low amount of longitudinal reinforcement in the pier, 
this shear force was transferred to the wall base mainly through a small zone in the 
compression toe of the center pier, as discussed in Section 2.3.3. This concentration of 
stresses would have caused the extensive damage which occurred at the north end of the 
wall base under the center pier, as shown in Fig. 6.35. 
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When the specimen was loaded to the south at high levels of lateral displacement, 
the column was practically under pure tensile force, as shown in Fig 7.3. Axial deformations 
were distributed over the height of the column, as evident from Fig. 6.7. The distribution 
and opening of cracks in practically every bed joint, as shown in Fig. 6.35, suggested that the 
reinforcement yielded not only at the top and bottom, but spread along the column height. 
This distributed yielding may have limited the strain in the reinforcement to values well 
below the strain hardening level, keeping the column from reaching its axial tensile capacity 
as assumed in design. The center pier was also subjected to practically pure tensile force. 
This pier also suffered the apparent fracture of one of its longitudinal bars close to the end 
of the test. Under these conditions, the extreme pier was subjected to high levels of 
compressive force and was carrying practically all the lateral force. Because of the high 
compressive force, the mechanism for transferring shear from the pier to the wall base was 
more efficient than the previous case, and the damage in the extreme pier-wall base 
connection was limited, as shown in Fig. 6.35. When the test was stopped, the wall base 
reached its flexural capacity, and simultaneously began to crush at the compression toe, as 
shown in Fig 6.35. 

As anticipated in design, the drag bars in the wall base were particularly important 
in transferring shear from the piers to the wall base. Figs. 6.13 to 6.15 show measured 
strains in those bars for the first peak points. It is evident from those plots how the shear 
force was transferred from the top drag bars to the lowest ones as the horizontal splitting 
cracking progressed along the top course of the wall base, and bond of the reinforcement 
was deteriorating there. 

Diagonal cracking occurred in the piers, but it did not progress after the specimen 
reached its lateral load capacity. This shows that the shear capacity provided to the piers 
was adequate. 

The progression of cracking in the lintels was consistent with the specimen's behavior 
as previously described. Cracks only occurred at the lintel-pier connection when the 
specimen was loaded to the north, and the presence of the column restrained the rotation 
of the lintels. Due to its relatively low tensile axial capacity and stiffness, the column did 
not significantly restrain the rotation of the lintels when the specimen was loaded to the 
south, and no cracking occurred under these circumstances. Strain gauges in the lintel 
reinforcement showed no yielding at those locations. 

No evidence of instability or additional damage was observed due to the out-of-plane 
displacement. 

Z1.2 Lateral Load Capacity and Failure Mode of Specimen lb. The lateral load 
capacity of Specimen 1b was 89.9 kips at an overall drift ratio of 0.38% (0.77 in. roof 
displacement) when loaded to the north, and 145.0 kips at an overall drift ratio of 0.39% 
(0.79 in. roof displacement) when loaded to the south. 
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The progression of cracking in Specimen 1b before reaching its lateral load capacity 
is shown in Fig. 6.67: extensive horizontal cracking had occurred in the bed joints at the 
column; a flexural crack extended along the base of the wall and crushing of masonry had 
initiated at the south edge of that section; diagonal cracking had began in the wall base at 
the corners of the window opening; extensive cracking had occurred in the lintel-column 
connection at the 1st story; and cracks had initiated in the lintel-pier connections at both 
stories. As shown in Fig. 6.68, the longitudinal reinforcement had yielded at the base 
sections of the wall and column, at the base section of the 2nd story column, and at the 
lintel-pier connections at both stories. 

Collapse Mechanism and Lateral Load Capacity of Specimen lb for Northward Loading 

At the time the specimen reached its north lateral load capacity, flexural hinges had 
formed at the bases of the column and the wall, as evident from deformation and strain 
distributions shown in Figs. 6.41, 6.42, 6.47, 6.48, and 6.52. The crack at the base of the wall 
opened almost 0.5 in. at the south edge of the section. As evident from Figs. 6.55 to 6.58 
and 6.70, the lintel at the 1st story was in double curvature and developed flexural hinges 
at both end sections. The 2nd story lintel developed a flexural hinge only at the connection 
with the pier, as evident from Figs. 6.59 to 6.52 and 6.70. A flexural hinge was expected to 
develop at the top section in the 2nd story column at the time the specimen had reached 
its lateral load capacity, as described in Section 5.5.2. However, strain gauges in the 
reinforcement at that location showed values close to but still under the yielding strain. The 
initiation of diagonal cracks at the lintel-column joint seemed to indicate that the inelastic 
deformations were occurring mainly due to distortion of the joint instead of flexural 
rotations at the end of the column. Thus, the observed collapse mechanism for Specimen 
1b, when loaded to the north, is shown in Fig. 7.4. 

These results were in good agreement 
with the expected behavior of Specimen 1b 
when loaded to the north, and predicted and 
observed values of the lateral load capacity 
were very close, as shown in Table 7.1. 

Collapse Mechanism and Lateral Load 
Capacity of Specimen lb for Southward Loading 

At the time the specimen reached its 
south lateral load capacity, a flexural hinge had 
formed at the base of the wall, as evident from 
deformation and strain distributions shown in 
Figs. 6.49 and 6.51. The crack at the base of 
the wall opened almost 3/8 in. at the north edge Figure 7.4: 
of the section. Wide cracks opened at the bed 
joints in the column, specially at the base 

o 
o 

Observed collapse mecha
nism for Specimen 1b; 
Northward loading. 
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section, as shown in Figs. 6.43, and all the longitudinal reinforcement had yielded at that 
location, as shown in Fig.' 6.44. As evident from Figs. 6.55 to 6.58, both lintels were 
practically in single curvature and a plastic hinge developed only at the 1st story lintel-pier 
connection. 

The large opening and distribution 'of the cracks in the column suggested that this 
element was subjected to almost pure tensile axial force at the time the specimen developed 
its lateral load capacity. It was evident that a plastic flexural hinge developed at the base 
of the wall. Thus, the observed collapse mechanism for Specimen Ib, when loaded to the 
south, was similar to the one developed by specimen 1a: a cantilever wall connected 
through the lintels to a strut, as shown in Fig. 7.3. This result did not completely agree with 
the expected collapse mechanism, as described in Section 5.4. 

The predicted south lateral load capacity of 130 kips for the assumed collapse 
mechanism as described in Section 5.4, was lower than the specimen's ultimate load of 145 
kips, as shown in Table 7.1. To be consistent with the calculations made before the test, 
the south lateral load capacity of the specimen was recalculated for the mechanism shown 
in Fig. 7.3 using the same material properties as in the original calculations, and following 
the process outlined in Section 5.5.2. Assuming that the column had developed its expected 
axial yielding capacity of 67.0 kips with zero flexural capacity, the axial force transmitted 
through the lintels would have been 77.3 kips, the total axial compressive force on the wall 
base 177.0 kips, and the wall flexural capacity 12,442 kip-in. The ultimate load for that 
mechanism, calculated using Eq. (5.16), would have been 142.9 kips. This value showed a 
better agreement with the specimen's lateral load capacity of 145.0 kips. 

The lateral load capacity calculated for the observed mechanism, 142.9 kips, was 
higher than that calculated in Section 5.4.2 for the mechanism originally assumed as the 
correct one, 130.0 kips. This apparent contradiction was due to an increased effectiveness 
of the coupling system caused by lintels with flexural capacities larger than expected. This 
overstrength of the lintels was mainly due to a material strength larger than expected. The 
predicted flexural capacities at the end sections of the 40-in. span lintels, as described in 
Section 5.5.2, were 267 kip-in and 991 kip-in. The maximum shear force that the coupling 
system would be able to transmit, would occur when the lintels, bending in double curvature, 
reached their flexural capacities at each end. This shear force was calculated as 62.9 kips. 
However, the experimental evidence indicated that the coupling system transmitted a force 
of 69.6 kips, corresponding to the axial yielding capacity of the column, and that only one 
of the lintels developed its flexural capacity at both end sections. This results indicated that 
the lintels were stronger than originally assumed, and that the contribution of the 
overturning forces to the lateral load capacity of the specimen was larger than expected. 

The distribution of displacements over the height of the specimen, shown in Fig. 6.40, 
was typical of a system developing a mechanism in which most of the inelastic action is 
concentrated in inelastic rotations at the base of the elements. 
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Failure Mode of Specimen Ib 

Damage and deformation capacity of Specimen 1b were governed by fracture of 
longitudinal reinforcement in the wall base, and by extensive damage in the lintel-column 
connections. 

When the specimen was loaded to the north at high levels of lateral displacement, 
the mechanism previously described continued governing the behavior of the system. 
Fracture of the extreme bar occurred at the base of the wall, and crushing of masonry began 
at the compression toe of the wall and column. Extensive diagonal cracking occurred at the 
lintel-column joints, showing a behavior typical of joints with insufficient transverse 
reinforcement to resist the unbalanced forces. At the same time, the slab-column joint 
suffered some damage, apparently due to punching shear. 

When the specimen was loaded to the south at high levels of lateral displacement. 
the same mechanism, with the column acting like an strut, continued governing the behavior 
of the system. Fracture of the extreme bar occurred at the base of the wall, and crushing 
of masonry progressed at the compression toe of the wall. Diagonal cracking continued 
progressing in the lintel-column joints, due to the high shear forces transferred from the 
column to the lintels. As the lateral displacement of the specimen was increasing, the 
imposed rotations on the lintel end sections became larger, and eventually, a flexural hinge 
developed at the lintel-column connections at the 2nd story. The joint was not able to resist 
those forces, and extensive damage and crushing of masonry and concrete occurred at that 
area. 

As anticipated in design, the piers suffered only minor cracking, and yielding occurred 
only in one of the longitudinal bars. The high amount of longitudinal reinforcement limited 
the crack opening at the end sections, providing sufficient shear sliding capacity. 

7.2 Load - Displacement Histories 

The load-displacement history for each test, in terms of the base shear-overall drift 
ratio hysteresis loops, have been shown in Figs. 6.4 and 6.38 for Specimens 1a and Ib 
respectively. The same plots, in terms of the roof displacement, are shown in Figs. 7.5 and 
7.6. The base shear versus roof displacement and base shear versus second floor 
displacement histories for the first cycle of each series, are shown in Figs. 7.7 and 7.8 for 
Specimen la, and Figs. 7.9 and 7.10 for Specimen lb. Since enough readings with the data 
acquisition system were taken during the test, those curves can be considered a very good 
representation of the loading and unloading process. 

As observed in those figures, the hysteresis loops remained very stable throughout 
both tests, typical of basically flexural behavior. Most of the strength degradation occurred 
after the first cycle of each series. Sudden losses of strength due to the occurrence of some 
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major events, like fracture of reinforcement or crushing of masonry, are clearly observed in 
some of the loops. 

As shown in Figs. 7.7 to 7.10, the load-displacement history was very similar for both 
floor levels in both tests. 
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Roof displacement [in] 

Figure 7.7: Specimen 1a: Base shear - roof displacement history for first cycle of each 
series. 

No evidence of pinching was observed in the hysteresis loops, indicating that 
deformations by shear, sliding shear, and reinforcement bond deterioration were not 
important. Fig. 7.11 shows the first cycle history of the base shear versus total slip for the 
extreme (south) pier of Specimen 1a. The total slip (summation of the slip measured at the 
top and bottom of the pier), was important only when the specimen was loaded to the north, 
and the pier was practically under pure tensile force. When the specimen was loaded to the 
south, and the pier was subjected to high levels of compressive forces, and was carrying most 
of the specimen's lateral load, slip was insignificant. Fig. 7.12 shows the first cycle history 
of base shear versus slip measured at the base of the wall of Specimen lb. Slip was 
important only when the wall was being loaded to the south at loading levels close to the 
ultimate load in that direction. In both cases, slip hysteresis loops did not show the typical 
stiffening spring behavior that causes pinching in the response hysteresis loops of the 
structure. 
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Figure 7.8: Specimen la: Base shear - second floor displacement history for first cycle 
of each series. 
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Figure 7.10: Specimen Ib: Base shear - second floor displacement history for first cycle 
of each series. 
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Figure 7.12: Specimen 1b: History of wall base slip on foundation beam for first cycles. 

Table 7.2: Specimen 1a: Energy dissipation 

Energy / Average peak displacement 
Loading series [Kip-in/in] 

1st Cycle 2nd Cycle Last Cycle 

0.12 in. 15.4 9.7 10.0 

0.14 in. 13.4 5.3 10.3 

0.20 in. 16.8 12.6 15.9 

0.30 in. 30.6 21.3 18.7 

0.50 in. 41.3 29.9 28.5 

0.80 in. 48.6 32.0 28.8 

1.20 in. 47.4 35.3 34.6 

1.20 in. 35.4 32.6 30.8 

1.80 in. 48.0 65.8 -
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Even though the structural response was very stable and typically flexunil in both 
tests, the specimens showed a relatively low energy dissipation capacity. The hysteresis 
loops were narrow for the most of the test, as shown in Figs. 7.5 to 7.10. The energy 
dissipated per cycle was calculated and normalized by the average peak displacement for 
that cycle. Results are summarized in Tables 7.2 and 7.3 and shown in Figs. 7.13 and 7.14. 
Both specimens showed similar energy dissipation capacity when loaded to the north. 
However, as evident from the wider hysteresis loops of its response, when loaded to the 
south, Specimen 1b showed better energy dissipation capacity than Specimen 1a. In general, 
as shown in Figs. 7.13 and 7.14, the largest loss in energy dissipation capacity occurred after 
the 1st cycle of each series. During the next cycles within the series, the response was very 
stable, as evident from the hysteresis loops, and the reduction in dissipated energy per cycle 
was smaller. 

Table 7.3: SpeCimen 1b: Energy dissipation 

Energy / Average peak displacement 
Loading series [Kip-in/in] 

1st Cycle 2nd Cycle Last Cycle 

0.12 in. 16.3 14.3 13.6 

0.16 in. 21.9 14.4 14.5 

0.20 in. 22.7 15.7 16.4 

0.30 in. 30.8 21.3 19.7 

0.50 in. 41.2 28.6 27.0 

0.80 in. 61.9 41.0 33.7 

1.20 in. 57.4 39.7 30.4 

1.80 in. 49.5 - -

To examine the influence of the out-of-plane displacement on the response of 
Specimen la, the hysteresis loops of the complete 1.2-in series have been plotted in Fig. 
7.15. First, the specimen was subjected to a complete series of cycles with a peak roof 
displacement of 1.2 in. Then, out-of-plane displacements of 1.0 in. at the roof and 0.5 in. 
at the second floor were imposed on the specimen. Finally, as shown in Fig. 6.3, the out-of
plane displacements were maintained constant as the specimen was subjected to three 
complete cycles at 1.2 in. peak roof displacement. As shown in Fig. 7.15, no significant 
events occurred during the first series of cycles in the north direction. Crushing of masonry 
occurred during the first south cycle before imposing the out-of-plane displacements. No 
significant degradation was observed during the rest of the south loading cycles. Mter 
imposing the out-of-plane displacements, one of the longitudinal bars of the extreme pier 
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Figure 7.13: Specimen 1a: Normalized energy dissipated during cyclic loading. 

0.12-ln 0.16-ln 0.20-ln 0.30-ln 0.50-ln O.BOcln 1.20-ln 1.80-ln 
cycles cycles cycles cycles cycle.s cycles cycles cycles 

Figure 7.14: Specimen 1b: Normalized energy dissipated during cyclic loading. 
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Figure 7.15: Specimen 1a: Load - Roof displacement history for series of 1.2 in. cycles. 

was fractured when the specimen was being subjected to a roof lateral displacement slightly 
lower than the 1.2 in. peak. No significant events and degradation were observed during the 
rest of the loading cycles. As seen in Fig. 7.13, dissipation energy capacity of the specimen 
showed little reduction during the second series of cycles at 1.2 in. roof displacement. Since 
the fracture of the pier reinforcement could hardly be attributed to the out-of-plane 
displacement effects, it was concluded that the out-of-plane displacements had little if any 
influence on the response of the specimen. 

7.3 Load - Displacement Envelopes 

Envelopes of the first peaks of the load-displacement response have been shown in 
Figs. 6.5 and 6.39 for Specimens 1a and 1b respectively. The same plots, in terms of the 
roof displacement, are shown in Figs. 7.16 and 7.18. Those curves permitted comparison 
of the north and south loading behavior of each specimen, and provided useful information 
about their general behavior. 

As shown in Figs. 7.16 and 7.18, the behavior of the specimens became markedly 
nonlinear after reaching the first major event, at 0.14 in. and 0.11 in. of roof displacement 
respectively. 

The envelopes of the first peaks of the response before reaching the first major event 
are shown in Figs. 7.17 and 7.19, for Specimens 1a and 1b respectively. Both specimens 
showed the highest stiffness during the first north cycle of 10-kip amplitude of the loading 
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process: 5722 kip/in Specimen 1a; and 3094 kip/in Specimen lb. As the amplitude of the 
cycles was increased, t~e stiffness became comparable in both directions. 

As shown in Fig. 7.20, the specimens reached their maximum lateral load capacities 
at the same roof displacement of about 0.8 in. In both cases, the south ultimate load was 
the largest: 6% and 61% larger than the north capacity for Specimens 1a and 1b 
respectively. 
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Figure 7.20: First peak envelopes of the load-displacement response of Specimens 1a and 
lb. 

In the case of Specimen la, the descending branch of the load-displacement envelope 
was practically a straight line in both directions. While Specimen lb showed the same 
behavior when loaded to the north, the specimen was rapidly degradating when subjected 
to roof displacements in excess of the displacement corresponding to its south ultimate 
capacity. As previously discussed, the displacement capacity of this specimen was limited 
by extensive damage of the lintel-column connection when loaded to the south. 

To examine the strength degradation that occurred during the tests, the first, last, and 
next peak envelopes of the load displacement response have been plotted in a single chart 
for each specimen, as shown in Figs. 7.21 and 7.22 for Specimens 1a and 1b respectively. 
In both cases, strength reduction became noticeable with the appearance of nonlinearity in 
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the envelopes. As previously mentioned, strength reduction was maintained within 
acceptable limits, and the response of the specimen was stable until reaching the maximum 
displacement. 
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Figure 7.23: Specimen 1a: First peak envelopes of the stiffness versus roof 
displacement. 

7.4 Stiffness Envelopes 

2.0 

The stiffness was defined as the ratio between the peak values of base shear and roof 
displacement in a particular cycle. As shown in Figs. 7.23 and 7.24, stiffness calculated for 
first peak points decreased' rapidly as the roof displacement increased, especially at the 
beginning of the tests. 

As shown in Figs. 7.17 and 7.19 and as previously discussed, the specimens showed 
the highest stiffness during the first north cycle of the loading process. The stiffness was 
sharply reduced after the first load peak, even before any crack was visible in the specimens. 
As the specimens reached their first major event and nonlinear behavior became evident, 
the degradation of stiffness became more stable: 

As shown in Figs. 7.25 and 7.26, the degradation of stiffness that occurred between 
cycles of the same displacement amplitude was practically negligible. 
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Figure 7.26: Specimen 1b: First, last, and next peak envelopes of the stiffness versus roof 
displacement. 

7.5 Design and Construction Details 

In this Section, design and construction details are discussed based on their 
performance during the tests. 

ZS.l Walls and Piers. Shear keys proved to be an effective way to increase the 
sliding shear capacity between the base of the walls and the foundation beam. The wall
foundation beam connection had been shown to be highly susceptible to sliding by shear in 
previous tests [13}. To improve sliding shear capacity of that connection, smooth shear keys 
in the form of truncated cones were drilled in the base beam as described in Section 3.2.2. 
As previously discussed, sliding by shear showed little if any influence in the results of the 
test of Specimens la and lb. 

The necessity of a minimum ratio of longitudinal reinforcement for walls and piers 
was evident from the results of the tests. It was observed that walls and piers with small 
reinforcement ratios are highly susceptible to fracture of the extreme longitudinal 
reinforcement, especially in the case of long walls. This limits the deformation capacity of 
such walls. A minimum ratio of distributed longitudinal reinforcement is needed to control 
inelastic rotations at the base of the walls, and to enhance the sliding shear resistance, 
especially at the wall-foundation connection. Some research is needed to relate the 
requirement for a minimum longitudinal reinforcement with the requirements to limit the 
wall's flexural capacity in order to insure ductile behavior. 
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The transverse reinforcement, as designed, proved to be adequate for both specimens. 
Transverse bars anchored using lS~-degree hooks around the extreme longitudinal bars 
showed excellent characteristics: anchorage was adequate; the hooks restrained against 
lateral buckling of the longitudinal reinforcement; and the hooks provided some degree of 
confinement to the grout. 

Anchorage and lap splices of the longitudinal reinforcement were adequate as 
designed. No evidence of deterioration of the bond between reinforcement and grout was 
observed in the anchorage and splice zones during the tests. 

7.5.2 Lintels. As described in Section 3.2.2, to reduce the bottom shell cover, the 
bottom course of the lintels was constructed with bond beam units placed in an inverted 
position. This detail proved to be effective in reducing masonry spalling in zones subjected 
to high levels of inelastic deformations. Such spalling is potentially dangerous to building 
occupants. 

Transverse reinforcement in the lintels proved to be adequate as designed. "U" 
shaped ties, as shown in Fig. 3.6, were used as transverse reinforcement in the lintels. Test 
results showed that the slabs contributed to the shear capacity of the lintels. The extent of 
this contribution is a matter for further research. 

The need for adequate reinforcement in the lintel-column connections was evident, 
especially after the test of Specimen lb. Enough transverse reinforcement must be provided 
at the lintel-column connection to resist the unbalanced forces associated with the 
development of the flexural capacities of the elements connected by the joint. 

7.5.3 Floor System. The design and construction details of the floor system proved 
to be adequate to maintain the required strength and integrity. No evidence of 
deterioration of the bond between the different elements forming. the floor system was 
observed during the tests. 

The welded wire fabric reinforcement added to the topping on the wall areas, as 
described in Section 3.2.3, provided adequate punching shear resistance to the slab. No 
deterioration of the wall-slab connection was observed during the tests. 

The bond between the precast planks and the cast-in-place concrete of the topping 
was adequate to resist the shear stresses associated with the development of the flexural 
capacities of the coupling elements. Apart from deep cleaning using a steel brush and 
removal of the dust, no special provisions were taken to improve the bond between the 
planks and the topping. 





8. EXPECTED BEHAVIOR OF COUPLED WALL 
SPECIMENS 

In this chapter, expected behavior and lateral load capacity calculations of the four 
coupled wall Type 2 specimens (Fig. 3.10 to 3.13) are described, and the results obtained 
are discussed. Essentially, the same process outlined in Chapter 5 for Type 1 specimens has 
been followed for Type 2 specimens: lateral load-resisting elements were provided with 
enough flexural and shear strength to satisfy UBC requirements; the lateral load capacity 
of each specimen was predicted; and all wall elements were then re-designed to satisfy the 
requirements consistent with the development of the expected collapse mechanism. Two 
approaches were considered in analyzing the specimens: a simple plastic analysis for the 
collapse mechanism; and a step-by-step nonlinear analysis of the walls under monotonically 
increasing lateral loads. 

Since most of the assumptions and steps of the process have already been described 
in Chapter 5, no further details will be given here except when necessary. A detailed 
description of the analysis of Specimens 2a and 2b is given in Ref. [13]. 

8.1 Design Criteria 

Type 2 Specimens were designed for gravity and lateral loads as specified in the 1985 
UBC [34], acting on the wall as part of the prototype building [35]. A wall density of 121 
pcf was used. The floor dead and live loads were 113 and 43 psf respectively. The tributary 
width of the wall in the prototype building was taken as 20 ft. The resulting base shear 
acting on the wall was 16.3 kips. When needed, the actual specimens were loaded vertically 
by constant loads representing the gravity loads on the wall's tributary area. 

Because the analyses were intended to be predictions rather than post-test 
verifications, actual material properties were usually not known in advance. As explained 
below, representative material properties were estimated. 

Reinforcement Actual properties of the reinforcement, as given in Chapter 3, were 
used. Typical behavior curves given in the PCI Design Handbook [40] were used for 
prestressing steel. 

Masonry A masonry compressive strength f' m = 3000 psi was used in analyzing 
Specimen 1a. Based on the results of Specimen 2a material tests, f' m = 2200 psi was used 
for Specimen 2b. Based on the results of previous material tests, f' m = 2500 psi was used 
for Specimens 2c and 2d. 
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Concrete Based on a 7-day compressive strength of 4250 psi, concrete compressive 
strength was estimated as fe' = 5700 psi for Specimen 2a. Specified fc' = 4000 psi and 5000 
psi were considered for cast-in-place topping and precast planks respectively for Specimens 
2b, 2c, and 2d. 

Code Design The code-type design was the same for all specimens. Essentially, an 
allowable stress design was performed on the lateral load-resisting elements under service 
loads. Required longitudinal reinforcement in each wall was 5 #4 bars. One #3 bar every 
other course was required as transverse reinforcement in these elements. A detailed 
description of the code design is given in Appendix A of Ref. [13]. 

8. Expected Behavior of Type 2 Specimens 

The specimens were designed to behave in a basically flexural mode, in which most 
of the inelastic action is due to inelastic flexural deformations at the end sections of critical 
elements. Essentially, Type 2 specimens were expected to behave in the same general way 

previously described in Section 5.3 for Type 
... 1 specimens. In a coupled wall system, ';r: _i) -

,..- inelastic deformation occurs in a beam-type 
sidesway mechanism in which flexural hinges 
form at the base of the coupled walls and at 

... the ends of coupling elements, as shown 
.--, - J ~ schematically in Fig. 8.1 for Type 2 

Hinging specimens. The elements are intended to be 
Regions constrained to ductile flexural failure modes 

by the use of a capacity design approach for 
shear. Energy dissipation is provided by 

Figure 8.1: Collapse mechanism for cou- large inelastic deformations, first of the 

C> 
/'1 

_.,. ~ ., .~ ... ~ ~ ~'. 

pled wall. horizontal elements (lintels), and later, of 
the vertical load bearing elements. This 
behavior permits a great part of the inelastic 

action to take place before the vertical load bearing elements start to suffer damage. 

The shear distribution between the two walls depends on the stage of the loading 
process. Before cracking, one half of the base shear would be taken by each wall. After 
cracking, the relative lateral stiffness of the walls depends on their axial load levels, which 
in turn depend on their gravity load and overturning force. It was expected that at higher 
levels of lateral load, most of the base shear would be taken by the wall under higher 
compressive forces. This assumption is particularly valid for those specimens with a strong 
coupling system. 

Because of their low shear span to depth ratio, high shear forces are associated with 
the development of the flexural capacity of the lintels. Because of the physical limitations 
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produced by the size and location of the masonry cells, it is usually not possible to provide 
all the required transverse reinforcement in those elements. As a result, even when the 
minimum flexural reinforcement is used, some shear damage can be expected to occur in 
the lintels. 

Behavior of the elements' sections was modeled using the same assumptions 
described in Section 5.3. However, shear strength of all elements was evaluated using 
provisions of ACI 318-86 [34]. 

8.3 Plastic Analysis 
Mechanism 

of Collapse 

A plastic analysis was performed on 
the flexural collapse mechanism shown in 
Fig. 8.1 for each specimen. The walls are 
assumed to rotate about their compression 
toes, and all deformations were assumed to 
be concentrated at the plastic hinges. In 
performing the plastic collapse analysis, all 
elements were assumed to have enough 
deformation capacity to develop the collapse 
mechanism with no strength deterioration. 
By either applying the principle of virtual 
displacements, or by imposing equilibrium 
conditions to the collapse mechanism when 
the same lateral load is applied on each 
floor (Fig. 8.2), the following expression is 
derived for the lateral load capacity Vb of 
the specimen [13]: 

Where 

Figure S.2: Forces acting on the collapse 
mechanism of the "coupled 
wall-based" Specimen lb. 

(S.l) 

M1,M2 = Flexural capacities at the base of the tensioned and compressed 
wall respectively 

M s1,Ms2 = 
Nt = 

= 
£ = 

Flexural capacity of end sections of coupling elements 
Total shear force transmitted through the coupling elements 
2(Msl + Ms2)/(Lintel span = 56 in) 
Distance between plastic centroids of vertical 
elements = 128 in 
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= 
= 

2nd floor height = 100 in 
Roof height = 204 in 

Note that the expression for the lateral load capacity of the specimen is valid for load 
acting in both directions. Flexural capacities at wall bases depend on the axial load acting 
on each element, which in turn depends on the gravity load level and overturning forces in 
the wall. The total axial force transmitted between the walls depends on the flexural 
capacity of the end sections of the coupling elements. 

As determined from equilibrium, the shear force taken by each wall at the time the 
collapse mechanism has developed is: 

(8.2) 

(8.3) 

Where 

= Shearing forces at the base of the tensioned and compressed 
wall respectively 

Flexural capacities of the end 
sections of the coupling elements for all 
Type 2 specimens, as shown in Fig. 3.16, 
are given in Table 8.1. 

Under lateral loads, overturning 
axial force Nt acting on the walls must be 
combined with gravity forces, resulting in 
net axial forces Nl and N2 on the tension 
and compression wall respectively. 
Because they were intended to represent 
bearing walls in the prototype building, 
Specimens 2a and 2d were vertically loaded 
at the top of the walls to simulate floor 

Table 8.1 
Flexural Capacity of Coupling Element End 

Sections 

Specimen Msl Ms2 Nt 
(kip-in) (kip-in) (kip) 

2a 760 760 54.2 
2b 1343 478 65.2 
2c 1586 2506 146.1 
2d 698 1506 78.7 

load actions. Specimens 2b and 2c, representing non-bearing walls, were subjected only to 
their own weight, as described in Section 3.3. At collapse, the total axial forces on the walls 
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Table 8.2 and the associated flexural capacities 
Ml and M2 for each Type 2 specimen 
are given in Table 8.2. 

Axial Loads and Flexural Capacities of Walls at 
Collapse 

Tensioned Wall Compressed Wall Because of its strong coupling 
system and the absence of externally 
applied vertical loads, the net axial 
force acting on the tensioned wall of 
Specimen 2c was larger than the 
tensile axial capacity of the wall. For 
this reason, as shown in Table 8.2, it 
was assumed that failure would occur 
when the tensioned wall reached its 
tensile axial capacity Nl = 106.4 kips, 
which defines the axial force in the 
compressed wall. 

Specimen Nt Mt N2 M2 

Substituting values of Table 8.2 
in Eq. 8.1, the lateral load capacity Vb 
of each Type 2 specimen were calculated 
as shown in Table 8.3: 

These values are upper bounds to 
the actual lateral load capacity of the 
specimens. 

8.4 Nonlinear Step-by-Step Analysis 

A planar frame model of the 

(kip) (kip-in) (kip) (kip-in) 

2a 17.0 3319 91.4 5510 
(Tens) (Comp) 

2b 52.5 2209 77.9 4764 
(Tens) (Comp) 

2c 106.4 0 132.4 5784 
(Tens) (Comp) 

2d 41.3 1596 116.2 5279 
(Tens) (Comp) 

Table 8.3 
Collapse Lateral Load Capacity of Type 2 

Specimens 

Specimen Lateral Load Capacity Vb 
(kip) 

2a 101 
2b 102 
3c 141 
2d 112 

coupled walls was subjected to an incremental collapse analysis under monotonically 
increasing lateral loads. Each increment in load was defined by the occurrence of a major 
event in one or more elements. A major event could be first flexural cracking of an 
element, yielding of the extreme flexural reinforcement of an element, or attainment of 
flexural capacity in an element. Each load increment was determined by performing an 
elastic analysis using the member properties calculated for that increment. The modulus 
of elasticity of each element was assumed to remain constant during the loading process. 
Equivalent flexural and shear stiffness were calculated using the moment-curvature 
relationship for each critical section. Since this method works by using load increments, it 
is not possible to analyze the specimen beyond the point of maximum lateral load capacity. 
A more detailed description of this analysis is given in Section 6.4 of Ref. [13]. 

Results of these analyses for Specimens 2a, 2b, and 2c, presented in the form of base 
shear versus lateral displacement at the top of the specimen, are given in Tables 8.4 to 8.6, 
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and Fig. 8.3. These calculations, made 
in advance to each test, were intended 
to predict the behavior of the 
specimens. Because of time constraints 
before testing Specimen 2d, no analysis 
was performed at that time for this 
specimen. 

It can be observed that the 
predicted values of the lateral load 
capacities obtained from the plastic 

3.0 analysis of the collapse mechanism 
(Table 8.3), are consistently larger than 

Figure 8.3: 

Top Dlsplaoemem pn) 

Predicted base shear 
displacement envelope for 
specimens 

S 
those obtained from the nonlinear step-

ver us b I' As . I T e 2 y-step ana YSIS. prevIous y 
yP mentioned, in performing the plastic 

analysis, it was assumed that the 
considered mechanism was the actual 

Table 8.4 
Predicted Base Shear 

Displacement History for Specimen 2 

one, and that all the elements were 
capable of reaching and maintaining 
simultaneously their maximum flexural 
capacities. The lateral load capacity 
so obtained is an upper bound to the 
actual capacity. Because the 
specimens were relatively simple 
structures, it was not a difficult task to 
identify the correct kinematically 
admissible mechanism. However, due 
to their different load-deformation 
characteristics, it was expected that 
some elements of the specimen failed 
before the other were able to develop 
their full capacities. For this reason, 
the second assumption was not 
completely valid, and the actual 
lateral load capacity of the specimen 
was expected to be lower than that 
predicted using the collapse 
mechanism. Because the non-linear 
step-by-step analysis was able to 
model this behavior, predictions so 
obtained were considered to be more 
reliable. 

Base Top 
Shear Displ. Event 
(kip) (in.) 

13.0 0.012 
Flexural crack at base of tension 
wall 

15.0 0.014 
Flexural crack at base of 
compression wall 

50.9 0.070 
Yielding of reinforcement at 
base of tension wall 

53.3 0.074 
Yielding of reinforcement at 2nd 
floor slab 

63.3 0.11 
Yielding of reinforcement at 
roof slab 

72.7 0.19 
Yielding of reinforcement at 
base of compression wall 

87.2 0.59 
Flexural capacity of compressed 
wall 

98.0 1.59 
Flexural capacity of tensioned 
wall; collapse mechanism 
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Table 8.5 Predicted Base Shear - Displacement History for Specimen 2b 

I Base Shear I Top Displ. I Event I (Kip) Qn) 

21.6 0.020 Flexural crack at base of tensioned wall 

26.3 0.026 Flexural crack at base of compressed wall 

34.5 0.041 Yielding of reinforcement at base of tensioned wall; Flexural crack at 2nd floor slab top 
face 

43.4 0.055 Flexural crack at top of 1st story tensioned wall; Flexural crack at top of 2nd story 
tensioned wall 

49.3 0.095 Yielding of reinforcement at top of 1st story tensioned wall; 
at roof slab top face 

Yielding of reinforcement 

53.8 0.12 Yielding of reinforcement at top of 2nd story tensioned wall 

57.6 0.14 Flexural crack at base of 2nd story tensioned wall 

61.4 0.17 Flexural crack at 2nd floor slab bottom face 

65.2 0.21 Yielding of reinforcement at base of compressed wall 

68.8 0.27 Yielding of reinforcement at base of 2nd story tensioned wall 

74.2 0.40 Flexural crack at top of 1st story compressed wall; 
compressed wall 

Flexural crack at top of 2nd story 

75.8 0.44 Flexural crack at roof slab bottom face 

81.0 0.63 Flexural capacity of 2nd floor slab (top face) 

85.9 0.99 Flexural capacity of roof slab (top face) 

88.2 1.33 Flexural capacity of compressed wall base 

91.0 4.26 Flexural capacity of tensioned wall base; Collapse mechanism 
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Table 8.6 Predicted Base Shear· Displacement History for Specimen 2c 

Base Shear Top Disp!. Event 
(Kip) (in) 

22.9 0.Q16 Flexural crack at 2nd floor lintel bottom face 

24.8 0.Q18 Flexural crack at base of tensioned wall 

31.5 0.025 Flexural crack at base of compressed wall 

33.6 0.028 Flexural crack at roof lintel bottom face 

42.0 0.043 Yielding of reinforcement at base of tensioned wall 

44.2 0.047 Flexural crack at top of 1st story tensioned wall 

53.8 0.065 Flexural crack at top of 2nd sto:;! tensioned wall; Yielding of reinforcement 
at top of 1 st story tensioned wal 

57.2 0.074 Flexural crack at top of 1 st story compressed wall 

64.3 0.096 Flexural crack at 2nd floor slab top face 

66.0 0.10 Flexural crack at base of 2nd story tensioned wall 

66.4 0.10 Flexural crack at top of 2nd story compressed wall 

76.6 0.15 Yielding of reinforcement at top of 2nd story tensioned wall 

82.9 0.18 Yielding of reinforcement at base of 2nd story tensioned wall 

92.6 0.23 Yielding of reinforcement at base of compressed wall 

100.6 0.30 Flexural capacity of tensioned wall base 

104.3 0.34 Flexural crack at roof slab top face 

114.4 0.47 Yielding of reinforcement at top of 1st story compressed wall 

116.4 0.50 Flexural capacity of top section 1 st story tensioned wall 

118.3 0.54 Yielding of reinforcement and flexural capacity of 2nd floor lintel top face 

120.1 0.59 Yielding of reinforcement at top of 2nd story compressed wall 

129.2 0.95 Flexural capacity of compressed wall base; Collapse mechanism 
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8.S Capacity Design 

Because all Type 2 spe.cimens were analyzed and tested in advance to Type 1 
specimens, there are some differences in methods and criteria of analysis. This is the case 
of the shear strength calculations. As previously described, shear capacities of all the 
elements of the Type 2 specimens were calculated using the provisions of the 1983 edition 
of the ACI-318 code [41]. More appropriate formulas were later used to calculate shear 
strength of masonry piers of Type 1 specimens. 

Each wall was provided with enough shear capacity to resist the shearing forces 
associated with the development of the collapse mechanism. Sections in which plastic 
hinges were expected to develop, were checked for sufficient interface shear transfer 
capacity. The resulting reinforcement and detailing for Type 2 specimens is completely 
described in Section 3. 

8.6 Comparison among Expected Behavior of Each Specimen 

All specimens were intended to develop their lateral load capacity in a predominantly 
flexural mode. The elements were assumed to have enough deformation capacity to develop 
a collapse mechanism with no strength deterioration. 

Because all Type 2 specimens had identical wall reinforcement, their behavior was 
expected to be differentiated by the characteristics of their floor systems. Those specimens 
with stiffer and stronger coupling system were expected to develop higher axial loads on the 
walls due to overturning. In the absence of externally applied vertical forces on the walls, 
the lateral load capacity of the specimen was expected to be controlled by the tensile axial 
capacity of the tensioned wall, as in the case of Specimen 2co High levels of tensile axial 
loads were expected to reduce the shear and sliding-shear capacity of the tensioned walls, 
and, consequently, to increase the shear demand on compressed walls. 

High rotation demands were expected to develop at the end sections of the coupling 
elements. In the case of Specimen 2b (planks parallel to the wall with no lintel) there was 
a strong potential for explosive failure of the prestressed plank. Shear damage was expected 
to develop in the lintels of Specimens 2c and 2d. 





9. TEST RESULTS FOR COUPLED WALL SPECIMENS 

9.1 General 

Test results for coupled wall Type 2 specimens are presented and discussed in this 
Chapter. Since most of these results have already been published [13,32,45], only a general 
description and discussion of the results concerning the overall behavior of the specimens 
is included here. 
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Figure 9.1: Specimen 2a: Roof displacement history 

9.2 Test Results for Specimen 2a 

Specimen 2a was subjected to the roof displacement history shown in Fig 9.1. 
Significant events for northward and southward loading are summarized in Tables 9.1 and 
9.2 respectively. Progression of cracking and damage of walls is shown in Figs. 9.2 through 
9.5. The observed history of base shear versus roof displacement is shown in Fig. 9.6. The 
envelopes of base shear versus roof displacement are shown in Figs. 9.7 and 9.8. In Fig. 9.7, 
the envelope of base shear versus overall drift ratio is compared with analytical predictions 
made before the test using a sequential collapse analysis. The variation of lateral backbone 
stiffness (defined as the ratio between the peak values of load and displacement in a 
particular cycle) during the test is shown in Fig. 9.9. 
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Table 9.1: Specimen 2a test: significant events, northward loading 

Load Test Event Base Top Overall 
Point Shear Displ. Drift 

Ratio 
Kips in % 

39 FME: Aexural cracking of tension wall 24.2 0.036 0.Q18 

58 Aexural cracking of compression wall 24.2 0.045 0.022 

95 Yield of longitudinal reinforcement in tension wall 48.3 0.11 0.054 

131 Cracking and yield of both slabs; Yield of compression 58.5 0.16 0.078 
wall 

169 Cracking of bottom of both slabs 62.4 0.24 0.12 

170 Aexural cracking above lap splices 66.8 0.28 0.14 

207 Diagonal cracks in tension wall 73.2 0.41 0.20 

279 Diagonal cracks in compression wall 86.7 0.86 0.42 

317 Toes of both walls start to crush; Wide flexural crack at wall 89.4 1.13 0.55 
bases and splices 

357 Maximum lateral load capacity 95.9 1.69 0.83 

384 Face shell spall at toe of compression wall n.9 1.67 0.82 

414 Maximum lateral displacement; Extreme compression bar 80.5 2.23 1.09 
buckles in compression wall; Walls slide on base 
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Table 9.2: Specimen 2a test: significant events, southward loading 

Load Test Event Base Top Overall 
Point Shear Displ. Drift 

Ratio 
Kips in % 

43 Aexural cracking of tension wall 24.3 0.037 0.018 

99 Yield of longitudinal reinforcement in tension wall 48.6 0.10 0.049 

135 Cracking and yield of both slabs; Yield of compression 45.5 0.14 0.069 
wall 

247 Diagonal cracks in tension wall 71.2 0.57 0.28 

284 Diagonal cracks in compression wall; Toes of both walls 77.7 0.84 0.42 
start to crush 

361 Maximum lateral load capacity 84.7 1.64 0.80 

386 Face shell split at toe of compression wall 72.6 1.63 0.80 

397 Fracture of extreme tension bar of tension wall 45.9 1.63 0.80 

418 Maximum lateral displacement; Longitudinal and lateral 63.5 2.17 1.06 
sliding of walls 
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When testing Specimen 2a, vertical load was to be maintained at 19.4 kips per wall 
(92.2 psi at the wall base). Due to a problem with the calibration of the load cell, the 
vertical load was kept at only 12 kips per wall until Load Point 137. The calibration 
problem was then detected and corrected, and the load was increased to the proper level. 
This occurred at the same time the lateral loading system was switched from load to 
displacement control. 

As shown in Figs. 9.6 and 9.7, Specimen 2a reached a maximum base shear of 95.9 
kips, at an overall drift ratio of 0.83% (1.69 in. roof displacement) when loaded to the North 
direction, and a maximum base shear of 84.7 kips, at an overall drift ratio of 0.80% (1.64 
in. roof displacement) when loaded tq the South direction. Ultimate capacity was 
determined by formation of a flexural mechanism: after plastic hinges developed in the 
coupling elements, flexural failure occurred at the bases of the walls. Displacement capacity 
was limited by crushing of the compression toes, tensile fracture of a longitudinal bar at the 
first-story of the north wall, and sliding movement of the walls' bases both in-plane and out
of-plane. 

As shown in Fig. 9.6, the hysteresis loops remained very stable throughout the test. 
The longitudinal reinforcement eventually fractured at the north end of the first story of the 
north wall; the subsequent loss of strength is shown in Figure 9.6 by the decrease of base 
shear in the largest loop while loading to the south. The specimen's hysteretic behavior was 
basically flexural, consistent with the observed failure modes. 

Pinching of the hysteretic loops was observed at high levels of lateral displacement. 
This pinching is due to sliding of the coupled wall at the base of the first story. Plots of 
earlier load series, before the onset of substantial base sliding,· exhibit little pinching. 

Wide flexural cracks developed at the bases of both walls, and crushing of masonry 
occurred at the toes of the walls. From visual observations at the end of the test, the 
tension walls uplifted across their entire length. Large sliding shear displacements occurred 
due to the deterioration of shear transfer capacity between the walls and the foundation 
beam. The north wall had a final in-plane displacement at the base of 0.25 inches to the 
north. The south wall in-plane displacement at the base was 0.5 inches. The out-of-plane 
displacement for the north wall varied from 1/2 to 9/16 inches. The south wall 
displacement varied from zero to 3/4 inches. 

Shearing cracks formed in both 1st story walls, especially near their bases, but did not 
widen. As shown by the strain gauge readings, transverse reinforcement did not yield. 

Specimen 2a had a cast-in-place concrete slab. Throughout the test, the slab and wall 
remained monolithic, and the slab-wall joint showed no signs of deterioration. Slab cracks 
formed in a regular, flexural pattern across the full width of both slabs near the slab-wall 
intersection at the openings. As evident from the observed yielding of the longitudinal 
reinforcement across the full width of both slabs, plastic hinges formed in each slab at both 
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sides of the opening, and the full widths of both slabs were effective in transferring shear 
and moment between the walls. 

The cast-in-place concrete slabs used a reinforcing detail which in effect created an 
embedded beam centered over the walls and spanning the full length of Specimen 2a 
(Section 3.3.3). This reinforcing beam detail was used to ensure sufficient slab coupling. 
Visual observations showed that both the second-floor and roof slabs cracked and yielded 
across their entire widths. This suggests that the beam reinforcement detail of Specimen 
2a was unnecessary. 
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Figure 9.10: Specimen 2b: Roof displacement history 

9.3 Test Results for Specimen 2b 

Specimen 2b was subjected to the roof displacement history shown in Fig.9.10. 
Significant events for northward and southward loading are summarized in Tables 9.3 and 
9.4 respectively. Progression of cracking and damage of walls is shown in Figs. 9.11 to 9.14. 
The observed history of base shear versus overall drift ratio is shown in Fig. 9.15. The 
envelopes of base shear versus overall drift ratio are shown in Figs. 9.16 and 9.17. In Fig. 
9.16 the envelope of base shear versus overall drift ratio is compared with analytical 
predictions made before the test using a sequential collapse analysis. The variation of 
lateral stiffness during the test is shown in Fig. 9.18. 
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Table 9.3: Specimen 2b test: significant events, northward loading 

Load Test Event Base Top Overall 
Point Shear Displ. Drift 

Ratio 
Kips in % 

52 Aexural cracking of 2nd story tension wall; Yield of 1st story tension 34.9 0.112 0.055 
wall 

63 Aexural cracking of 2nd story compression wall; Yield of 2nd story 43.9 0.202 0.099 
compression wall; Cracking of 2nd floor slab top face 

Yield of 2nd story north wall joint opening 
85 67.9 0.59 0.29 

Cracking of roof slab top face 
100 59.1 0.40 0.19 

Diagonal shear cracking of both 1 st story walls; Yield of 2nd story 
135 south wall joint opening; Cracking of 2nd story slab bottom face 65.5 0.56 0.27 

Yield of 2nd story tension wall base 

171 Cracking of roof slab bottom face; Yield of 2nd story south wall joint SO.8 1.25 0.61 
opening; Longitudinal shear cracking of roof slab top face 

172 88.0 1.69 0.82 
Cracking of compression toe of both walls; Face shell spall at toe of 
compression wall; Longitudinal shear cracking of 2nd floor slab top 
face 

207 86.6 2.55 1.25 
Maximum lateral load capacity and maximum roof displacement; 
Longitudinal shear cracking of bottom face of both slabs 

208 Fracture of extreme tension bar of compression wall 88.1 3.46 1.69 

Loss of compression toe 

217 Extreme compression bar of compression wall buckles in 46.0 2.51 1.23 

219 -55.4 -2.34 -1.15 
(south) (south) 

220 6.9 2.23 1.09 
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Table 9.4: Specimen 2b test: significant events, southward loading 

Load Test Event Base Top Overall 
Point Shear Disp/. Drift 

Ratio 
Kips in % 

16 Aexural cracking of tension wall and compression wall 10.3 0.017 0.008 

36 After load jump: Yield of longitudinal reinforcement of 1ast story 53.8 0.40. 0.20 
tension and compression walls 

56 Aexural cracking of 2nd story walls; Cracking of both slabs' top 42.3 0.27 0.13 
faces; Diagonal shear cracking of tension wall 

85 After load jump: Yield of 2nd story north wall joint opening 67.9 0.59 0.29 

105 Longitudinal shear cracking of 2nd floor slab bottom face 46.1 0.41 0.20 

140 Cracking of 2nd story slab bottom face 60.3 0.62 0.30 

176 Longitudinal shear cracking of roof slab bottom face 69.1 1.18 0.58 

177 Yield of 1st story north wall joint opening 74.8 1.57 0.77 

212 Yield of 2nd story tension wall; Cracking of roof slab bottom face 72.4 2.32 1.14 

Maximum lateral load capacity and maximum roof displacement; 
213 vertical cracking of compression wall toe 78.3 3.10 1.52 
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Specimen 2b: First, last, and next peak envelopes of the loap 
displacement response. 

-2.5 -1.5 -0.5 0 0.5 1.5 2.5 3.5 
Roof displacement [in] 

North 

Figure 9.18: Specimen 2b: First peak backbone stiffness 
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Since the floor system of Specimen 2b spanned parallel to the walls, no additional 
vertical load was applied to the specimen. 

Before the testing began, due to a malfunction of the closed loop servocontroller 
system, the specimen was accidentally loaded when the first-story ram on the east side 
began to extend after being connected to the load transfer beam. Hairline diagonal cracks 
formed in each wall. The bed joint on the concrete base beam was cracked at the south end 
of the south wall. Local cracking also occurred in the roof slab near the south sway brace 
plate. The only noticed effect of this damage on the response of the specimen was a 
decrease of the expected initial stiffness. 

As shown in Figs. 9.15 and 9.16, Specimen 2b reached a maximum base shear of 88.1 
kips, at an overall drift ratio of 1.70% (3.46 in. roof displacement) when loaded to the North 
direction, and a maximum base shear of 78.3 kips, at an overall drift ratio of 1.52% (3.10 
in. roof displacement) when loaded to the South direction. Ultimate capacity was 
determined by formation of a flexural mechanism: after some degradation occurred at the 
coupling elements, flexural failure occurred at the bases of the walls. Displacement capacity 
was limited by the loss of the compression toes for both walls when loading to the north and 
by crushing of the south wall compression toe when loading to the ~outh; by tensile fracture 
of a longitudinal bar at the first-story of the north wall; by buckling of the longitudinal 
reinforcement at the compression toes; and by sliding movement of the walls' bases, both 
in- and out-of-plane. 

As shown in Fig. 9.15, the hysteresis loops remained very stable throughout the 
tests. The specimens' hysteretic behavior was basically flexural, consistent with the observed 
failure mode. 

Similar to the previous case, large shear sliding displacements were observed between 
the walls and the foundation beam. This sliding caused pinching in the hysteresis loops at 
high levels of lateral displacement. When the test ended, the residual out-of-plane 
displacements due to sliding were 7/8 inches for the north wall, and 1-3/8 inches for the 
south wall. The north wall had a final in-plane residual displacement of 0.13 inches to the 
south, and the south wall had a final in-plane residual displacement of 0.19 inches to the 
north. 

Due to malfunctions of the servo-controller system, sudden increases in load were 
applied towards the south twice during the testing. Even though the load peak values were 
not recorded by the data acquisition system, their values were obtained from the plotter 
used to monitor the test. The first jump in the applied load produced some flexural 
cracking at the 1st story walls and at the wall-slab connections. The second jump produced 
yielding of the longitudinal reinforcement of the coupling system at the roof level. However, 
the actual damage produced on the specimen was less than expected for those levels of 
loads. It is believed that because of inertial forces, the base shear was less than the applied 
load. 
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The floor system of Specimen 2b suffered a high degree of deterioration during the 
test: 1) shear cracks formed at the vertical faces of the plank-wall connections; 2) punching 
shear cracks developed at the slab-wall intersection near the openings; 3) the horizontal 
joint between slab and walls deteriorated at the top of wall openings in both stories; 4) 
flexural cracking, while present, was limited to a couple of cracks across the full width of 
the slab at the wall openings; and 5) local cracking was produced by load transfer from the 
testing apparatus to the second-floor and roof slabs. 

The effectiveness of the coupling system was reduced due to two principal factors: 
shear cracking at portions of the slab-wall intersections; and deterioration of the horizontal 
joint at the coupled wall openings between second-floor and roof slabs and walls. These 
factors caused reduced continuity between the walls and the slabs, allowing. the slabs to 
rotate less than the walls at each story level. Smaller rotations of the slabs result in lower 
slab moments, which in turn reduce the amount of shear transferred by the slabs between 
the walls. This produced a decrease in the strength and stiffness of the specimen. Evidence 
of this effect was observed during testing of Specimen 2b: 1) while double-curvature flexural 
cracking was observed in the walls during the early stages of the test, single-curvature 
flexural cracking governed the response of the walls as the load cycles increased during the 
test; and 2) due to their smaller rotations, the slabs did not develop their flexural capacities, 
and the flexural cracks that developed in the planks were totally closed at the end of testing, 
indicating that the planks remained essentially elastic throughout the test. 

An eccentric shear stress transfer model has been used to evaluate the reduction of 
shear transfer from slabs to walls in Specimen 2b [13]. Results of those analysis showed that 
high shear stresses would develop at the wall-slab connections, indicating possible problems 
in shear transfer from the slabs to the walls, which was in fact observed for Specimen 2b. 

The problems encountered with eccentric shear stress transfer for Specimen 2b are 
not likely to be encountered often in the field, because that specimen represents a worst 
case. In the prototype building, restraint against the longitudinal shear cracking and 
subsequent movement of the planks is provided by the adjoining floor system; while for 
Specimen 2b, restraint is not provided to inhibit plank movement away from the coupled 
walls. 

9.4 Test Results for Specimen 2c 

Specimen 2c was subjected to the roof displacement history shown in Fig. 9.19. 
Significant events for northward and southward loading are summarized in Tables 9.5 and 
9.6 respectively. Progression of cracking and damage of walls is shown in Figs. 9.20 to 9.23. 
The observed history of base shear versus roof displacement is shown in Fig. 9.24. The 
envelopes of base shear versus overall drift ratio are shown in Figs. 9.25 and 9.26. In Fig. 
9.25 the envelope of base shear versus overall drift ratio is compared with analytical 
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Table 9.5: Specimen 2c test: significant events, northward loading 

Load Test Event Base Top Overall 
Point Shear Displ. Drift 

Ratio 
Kips in % 

32 Aexural cracking of tension wall 12.8 0.014 0.007 

35 Aexural cracking of compression wall 20.2 0.029 0.014 

63 Aexural crack bottom face roof lintel 30.3 0.058 0.028 

96 FME: Yield of longitudinal reinforcement in tension wall 40.2 0.074 0.036 

230 Cracking at the tension wall-2nd floor lintel connection 60.1 0.15 0.074 

311 Cracking at the top face of 2nd floor slab 81.3 0.29 0.14 

390 Diagonal cracks in tension and compression walls; 94.6 0.45 0.22 
Cracking at top face of roof slab 

483 Wide flexural cracks at bases of both walls 113.1 1.01 0.50 

579 Maximum lateral load capacity; Compression wall toe 122.1 1.99 0.98 
starts to crush; Both walls slide on foundation beam; 
Extensive diagonal cracking of compression wall; Horizontal 
crack at tension wall just below the 2nd floor slab; Diagonal 
cracks in web of 2nd floor lintel; Compression zone of 2nd 
floor lintel starts to crush 

629 Crushing of both wall toes; Crushing of compression zone 102.9 2.01 0.99 
of 2nd floor lintel 

645 Complete crushing of wall toes;' Both walls slide on 96.0 2.00 0.98 
foundation beam; Strong pinching effect in hysteresis loops 

661 Last peak in north direction; Extreme compression bar 92.4 2.00 0.98 
buckles in compression wall; Walls slide on base 
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Load 
Point 

41 

70 

107 

240 

318 

401 

493 

591 

637 

653 

669 

Table 9.6 Specimen 2c test: significant events, southward loading 

Test Event 

Aexural cracking of tension wall; Aexural crack bottom face 
roof lintel 

Aexural cracking of compression wall; Aexural crack 
bottom face 2nd floor lintel 

FME: Yield of longitudinal reinforcement in tension wall 

Cracking at the tension wall-2nd floor lintel connection 

Cracking at the top face of 2nd floor and roof slabs 

Diagonal cracks in tension and compression walls; Cracking 
at the wall-lintel connection at both floor levels 

Wide flexural cracks at bases of both walls; Splitting crack 
in compression toe, masonry starts to crush 

Maximum lateral load capacity; Both wall toes show vertical 
splitting and crushing; Wide flexural cracks in both walls; 
Both walls slide on foundation beam; Diagonal cracking of 
both walls; Diagonal cracks in web of 2nd floor lintel; 
Extensive damage of 2nd floor lintel 

Crushing of both wall toes; Crushing of compression zone 
of 2nd floor lintel 

Complete crushing of wall'toes; Both walls slide on 
foundation beam; Strong pinching effect in hysteresis loops 

Last peak in south direction; Extreme compression bar 
buckles in compression wall; Walls slide on base; Fracture 
of extreme bar of tension wall 

Base 
Shear 

Kips 

19.7 

24.7 

39.5 

59.5 

71.3 

92.0 

104.3 

107.0 

94.7 

86.6 

70.3 

Top 
Displ. 

in 

0.032 

0.036 

0.071 

0.14 

0.24 

0.48 

0.98 

1.92 

1.92 

1.90 

1.93 

Overall 
Drift 
Ratio 

% 

0.016 

0.018 

0.035 

0.069 

0.12 

0.24 

0.48 

0.94 

0.94 

0.93 

0.95 
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Figure 9.20: Specimen 2c: Cracking progression at overall drift ratio 0.14%. 
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predictions made before the test using a sequential collapse analysis. The variation of 
lateral stiffness during the test is shown in Fig. 9.27. 

As shown in Figs. 9.24 and 9.25, Specimen 2c reached a maximum base shear of 122.1 
kips, at an overall drift ratio of 0.98% (1.99 in.) when loaded to the North direction, and a 
maximum base shear of 107.0 kips, at an overall drift ratio of 0.94% (1.92 in.) when loaded 
to the South direction. Ultimate capacity was determined by formation of a flexural 
mechanism: after plastic hinges developed at the coupling elements, flexural failure occurred 
at the bases of the walls. Displacement capacity was limited by the loss of the compression 
toes in both walls, by buckling of some longitudinal bars at the bases of the walls, and by 
slip of the bases of the walls with respect to the base beam. 
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Figure 9.24: Specimen 2c: Base shear ~ Roof displacement history 

Wide flexural cracks developed at the wall bases. Extensive crushing of masonry 
occurred at the compression toes of both walls. After spalling of the masonry shell cover 
at the toes, extreme longitudinal reinforcement of the walls showed buckling iri the clear 
span defined between the bottom transverse bar and the base beam. However, transverse 
reinforcement with 180 degree hooks at the ends proved to offer a good confinement for 
longitudinal reinforcement. During the last cycles, slip of the bases of the walls with respect 
to the base beam became more significant. This effect is clearly seen in the flattening of 
the hysteresis loops. Simultaneously, the crack pattern at the wall bases showed that some 
interior longitudinal bars started to buckle. 
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At this point it was not clear if the buckling of those bars produced the out-of-plane 
slipping of the walls, or if the lateral movement of the walls caused the bars to buckle. 
During the last cycle, the extreme bar of the North wall fractured when the specimen was 
loaded in the South direction. 

Shearing cracks formed in all the walls, especially near the bases of both first-story 
walls, but did not widen. Transverse reinforcement did not yield. Shear keys proved to be 
effective in preventing early significant slipping. After the test, it was found that the sliding 
shear plane passed through the shear keys. The shear capacity of the keys exceeded that 
of the bond between the grout and the base beam. 

The coupling system showed progressive deterioration under the action of cyclic 
loads. Flexural cracks developed at the bottom face of the lintels and at the slab topping. 
After the test, it was found that the cracks from the topping penetrated into the top flange 
of the precast planks, but there was evidence that the planks remained elastic during the 
test. Crushing of the compression zone occurred at the second-floor lintel during the last 
cycles of the test. Strain gauges placed on the longitudinal reinforcement of the lintels, near 
to the edge of the North wall, showed no yielding. Shearing cracks developed at the web 
of the second floor lintel. Extensive cracking occurred at the walls near the connection with 
the lintels, especially at the second floor. There was no evidence of deterioration of the 
joint between the walls and the planks, nor of the horizontal joint between walls and slabs. 
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Extensive cracking occurred at the walls near to their connection with the lintels, 
especially at the second floor. Even though the strain gauges in the longitudinal 
reinforcement of the lintels showed no yielding, there was cracking in the anchorage zone 
of part of this reinforcement and wide flexural cracks in the lintels, indicating that strains 
probably exceeding yield occurred over an extended length of this reinforcement. The 
cracking pattern in the walls near the lintel ends suggests the existence of strong tensile 
forces in the anchored bars. 

Owing to the characteristics of the coupling system, it was not possible to provide the 
lintels with a shear capacity larger than their theoretical flexural capacity. Consequently, 
a shear type of failure was expected for these elements. However, only the lintel in the 
second floor showed some shear cracking at the web and lintel behavior was typically 
flexural. In all probability, the coupling system was unable to develop its expected flexural 
capacity due to early damage in the masonry and slip of some lintel longitudinal 
reinforcement, and its shear capacity was larger that expected due to the contribution of the 
slabs. 

In summary, Specimen 2c showed satisfactory maintenance of strength, stiffness, and 
energy dissipation up to story drifts of about 1 %. The specimen behavior was basically 
flexural, as intended in design. Predicted base shears corresponding to significant events 
agreed well with observed values, even though predicted displacements in the final stages 
of the test were only about one-half of the observed values. The behavior of the coupling 
system was better than expected, with no deterioration of the slab-wall connections, and with 
a flexural failure. 

9.5 Test Results for Specimen 2d 

Specimen 2d was subjected to the roof displacement history shown in Fig.9.28. 
Significant events for northward and southward loading are summarized in Tables 9.7 and 
9.8 respectively. Progression of cracking and damage of walls is shown in Figs. 9.29 to 9.32. 
The observed history of base shear versus roof displacement is shown in Fig. 9.33. The 
envelopes of base shear versus overall drift ratio are shown in Figs. 9.34 and 9.35. The 
variation of lateral stiffness during the test is shown in Fig. 9.36. 

As shown in Figs. 9.33 and 9.34, Specimen 2d reached a maximum base shear of 
111.4 kips, at an overall drift ratio of 0.48% (0.98 in. roof displacement) when load ed to 
the North direction, and a maximum base shear of 110.6 kips, at an overall drift ratio of 
0.46% (0.95 in. roof displacement) when loaded to the South direction. Ultimate capacity 
was determined by formation of a flexural mechanism: after plastic hinges developed at the 
coupling elements, flexural failure occurred at the bases of the walls. Displacement capacity 
was limited by the loss of the compression toes in both walls, and by buckling and fracture 
of some longitudinal bars at the bases of the walls. 
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Table 9.7: Specimen 2d test: significant events, northward loading 

load Test Event Base Top Overall 
Point Shear DispJ. Drift 

Ratio 
Kips in % 

35 Aexural cracking of both walls 20.7 0.022 0.011 

69 Cracks in mortar joints of 2nd floor lintel 31.1 0.036 0.018 

150 Aexural cracking at the top face of the roof slab 50.3 0.078 0.038 

191 FME: Yield of longitudinal reinforcement in tension wall 58.3 0.103 0.051 

. 
274 Diagonal cracks in compression wall; Cracking at the 87.4 0.25 0.12 

tension wall-lintel connections in both floor levels 

434 Diagonal cracking progressed in both walls 101.7 0.58 0.29 

514 Maximum lateral load capacity; Splitting crack in 111.4 0.98 0.48 
compression toe, masonry starts to crush; Diagonal cracks 
in web of 2nd floor lintel 

684 Loss of compression toe of south wall; Longitudinal 96.1 1.48 0.72 
splitting crack at the compression zone of the 2nd floor 
lintel; Wide diagonal cracks in the 2nd story wall at the 
lintel-wall connection; Diagonal crack in 2nd story wall 

701 Crushing of masonry in the compression toe progressed 110.1 2.05 1.00 
along the section; Crushing of compression zone of 2nd 
floor lintel 

744 Complete crushing of wall toes; Extreme compression bar 93.1 2.08 1.01 
buckles in compression wall 

792 Fracture of extreme bar of tension wall 73.1 2.04 1.00 

887 Longitudinal bar buckles in compression zone of 2nd floor 82.6 3.08 1.51 
lintel 

929 Maximum displacement; Fracture of welded wire fabric 61.1 3.13 1.53 
reinforcement in topping at roof 
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Table 9.8 Specimen 2d test: significant events, southward loading 

Load Test Event Base Top Overall 
Point Shear Displ. Drift 

Ratio 
Kips in % 

44 Rexural cracking of both walls 20.9 0.028 0.014 

115 Yielding of bottom longitudinal reinforcement in 2nd floor 35.2 0.052 0.026 
lintel 

159 Rexural cracking at the top face of the roof slabs 49.5 0.085 0.042 

201 FME: Yield of longitudinal reinforcement in tension wall 59.4 0.122 0.060 

284 Cracking at the tenSion wall-lintel connections in both floor 79.2 0.20 0.097 
levels 

444 Diagonal cracking progressed in both walls 102.5 0.59 0.29 

524 Maximum lateral load capacity; Splitting crack in 110.6 0.95 0.46 
compression toe, masonry starts to crush 

692 Loss of compression toe of south wall; Longitudinal 102.2 1.39 0.68 
splitting crack at the compression zone of the 2nd floor 
lintel; Wide diagonal cracks in the 2nd story wall at the 
lintel-wall connection 

711 Crushing of masonry in the compression toe progressed 107.7 1.92 0.94 
along the section; Crushing of compression zone of 2nd 
floor lintel 

897 Maximum displacement; Fracture of extreme bar of tension 59.2 2.89 1.42 
wall 
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Figure 9.29: Specimen 2d: Cracking progression at overall drift ratio 0.47%. 
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Figure 9.34: Specimen 2d: First peak envelopes and predicted response 
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Figure 9.35: Specimen 2d: First, last, and next peak envelopes of the load displacement 
response. 

~~--~--~--~----------------~--~--~--~--~-----------

500 

o 
-3.5 -2.5 -1.5 -0.5 0 0.5 1.5 2.5 3.5 

South 
Roof displacement [in) 

North 

Figure 9.36: Specimen 2c: First peak backbone stiffness 
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Extensive crushing of masonry occurred at the compression toes of both walls. After 
spalling of the masonry shell cover at the toes, extreme longitudinal reinforcement of the 
walls showed buckling in the clear span defined between the bottom transverse bar and the 
base beam. As the specimen was being subjected to larger displacements, crushing of 
masonry was progressing inside the base sections. During the last cycles, all extreme 
longitudinal bars of the walls fractured. 

The high degree of deterioration of the bases of the walls is evident from the 
flattening and degradation observed in the hysteresis loops during the final loading cycles. 
At that stage, most of the shear transfer resistance between the walls and the foundation 
beam was provided by shear friction due to the vertical loads applied on top of the walls. 

Shearing cracks formed in all the walls, especially near the bases of both first-story 
walls, but did not widen. Transverse reinforcement did not yield. As with Specimen 2c, 
shear keys proved to be effective in preventing early significant slipping. 

The coupling system showed a progressive deterioration under the action of cyclic 
loads. Flexural cracks developed at the bottom face of the lintels and at the slab topping. 
Extensive shear cracking in the span, and crushing of the masonry in the end sections, 
occurred in the 2nd floor lintel. Extensive damage, characterized by diagonal cracks in the 
walls, occurred in the lintel-wall connections in the roof lintel. 

The cracking and damage pattern of the lintels and of the lintel-wall connections 
suggested that each lintel responded in a different way. Diagonal cracks in the web and 
crushing of masonry at the end sections of the 2nd floor lintel indicated that high moments 
and shears developed in that element. The extensive damage of the walls in the lintel-wall 
connections at the roof level limited the moment and shear transfer between those elements. 
Wide cracks, extending completely along the width and depth of the slab and lintel, 
indicated that the behavior of the roof lintel was dominated by axial forces. 

There was no evidence of deterioration of the joint between the walls and the planks, 
nor of the horizontal joint between walls and slabs. 

9.6 Discussion of Tests Results for Coupled Wall Specimens 

9.6.1 Overall Response. As expected, each Type 2 specimen developed its lateral 
load capacity in a predominantly flexural mode: after plastic hinges developed at the 
coupling elements, flexural failure occurred at the bases of the walls. Displacement capacity 
was limited by crushing of masonry at the compression toes, tensile fracture of the walls' 
longitudinal reinforcement, and sliding movements of the walls' bases, both in- and out-of
plane. 
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As shown in Figs. 9.6, 9.15, 9.24, and 9.33, the hysteresis loops remained very stable 
throughout the tests up to overall drift ratio levels of the order of 1 %. Most strength 
degradation occurred after the first cycle of each series. Due to the loss of the compression 
toes, to fracture of reinforcement, and to base sliding, important degradation of strength and 
stiffness occurred during the later cycles of each test. Pinching was observed in the 
hysteresis loops corresponding to high levels of lateral displacement. This pinching was 
primarily due to sliding of the coupled walls on the base of the first story. Plots of earlier 
load series, before substantial base sliding, exhibit little pinching. 

As observed during the tests, shear was not a critical factor in the response of the 
specimens. Transverse steel did not come close to yielding during testing, and visual 
observations during the tests also showed that diagonal shear cracks formed but did not 
increase in width. Calculations of the contributing deformations for each wall showed that 
flexural deformations dominate the total lateral displacements of the walls [13]. 

Because all Type 2 specimens had identical wall reinforcement, their response was 
differentiated by the characteristics of their floor systems. Results of the tests have been 
summarized in Table 9.9, and are shown in Figs. 9.37 to 9.39. As seen from those results, 
the specimens subjected to vertical loads simulating floor gravity loads on the top of the 
walls, (Specimens 2a and 2d), were able to sustain deformations in excess of the ultimate 
deformation (corresponding to the lateral load capacity). The externally applied vertical 
load tends to balance the overturning axial tensile forces in the walls, and enhances the 
shear transfer capacity between the bases of the walls and the foundation beam. 

Specimens 2c and 2d, with lintels spanning between the walls, showed the largest 
lateral load capacities. Specimen 2b, which suffered important degradation of the coupling 
system due to deterioration of the slab-wall connection, showed the smallest lateral load 
capacity and was the most flexible. 

Large tensile axial forces transmitted to the walls through the lintels can overcome 
gravity loads in the tension wall, producing net tensile axial force. This is especially 
important in cases like Specimen 2c, which represented a non-bearing wall with little 
externally applied gravity load. The presence of this net tensile force can explain the 
extensive cracking of the bed·joints, especially at the first-story walls, and the long crack at 
the top course of the first-story South wall just below the slab in the case of specimen 2d. 

9.6.2 Floor Systems. The design and construction details of the floor system of 
Specimen 2a proved to be adequate to maintain the required strength and integrity. No 
evidence of deterioration of the bond between the different elements forming the floor 
system was observed during the tests. 
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Table 9.9: Type 2 specimen tests: Summary of results 

Specimen 
Event 

2a 2b 2c 2d 

Drift Base Drift Base Drift Base Drift Base 
Shear Shear Shear Shear 

% [kips] % [kips] % [kips] % [kips] 

Yielding of wall 
longitudinal 0.054 48.3 0.055 34.9 0.036 40.2 0.054 60.8 

reinforcement 

Wall diagonal 0.20 73.2 0.27 65.5 0.22 94.6 0.12 82.4 
cracking 

Lateral load 0.83 95.9 1.70 88.1 0.98 122.1 0.72 115.5 
capacity 

Maximum 1.09 80.5 up 88.1 0.98 92.4 1.56 53.7 
displacement 

Initial stiffness 1525 777 1973 1823 
[kip/in] 
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Figure 9.37: Type 2 specimens: Yielding of the longitudinal reinforcement of the walls. 
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Figure 9.39: Type 2 specimens: Lateral load capacity. 

As previously described, the floor system of specimen 2b suffered extensive 
deterioration of the slab-wall connections. As a result, it was decided to increase the welded 
wire reinforcement in the topping of Specimens 2c and 2d in the wall areas, as described 
in Section 3.3.3. This additional reinforcement provided adequate punching shear resistance 
to the slabs, and no deterioration of the wall-slab connection was observed during the tests 
for Specimens 2c and 2d. 

9.6.3 Coupling Systern.s. As previously discussed, the coupling slab of Specimen 2a 
remained monolithic and showed no signs of deterioration. Yielding lines developed across 
the full width of the slabs, defining plastic hinges at both ends of the coupling elements. 

Due to the damage of the slab-wall connections, the coupling system of Specimen 2b 
showed the lowest effectiveness of all Type 2 specimens. The planks remained essentially 
elastic throughout the test, and the shear transfer between the walls was reduced. 

The lintels of Specimens 2c and 2d showed a common behavior: the degradation of 
the lintel-wall connection did not permit the lintels to develop their full flexural capacity. 
In some cases, like the roof lintel of Specimen 2d, the behavior of the coupling system was 
completely dominated by the action of the tensile axial forces transmitted between the walls. 

9.6.4 Predicted Behavior. Figures 9.7, 9.16, and 9.25 compare the predicted 
monotonic response of each specimen with the envelopes of the base shear-roof 
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displacement history at first peaks. As discussed in Section 5.4, no prediction for Specimen 
2d was available at the time of the test. 

As observed for all the specimens, base shear for the south envelope is always less 
than for the north envelope at the same roof displacement. For each load cycle, specimens 
were first loaded towards the north, and the resulting loss in stiffness of the walls when 
loading to the north causes a reduced strength for the same displacement towards the south. 
Therefore, comparisons between the predicted and observed envelopes will be based on the 
observed envelope for northward loading. Results of the tests and predictions have been 
summarized in Table 9.10. In the same table, the ratios between the predicted values and 
the test results are indicated in parenthesis. 

Table 9.10: Type 2 specimen tests: Predicted and observed results for ultimate capacity 

Specimen Collapse 
Test results Sequential collapse analysis mechanism 

analysis 

Base shear Roof Base shear Roof Base shear 
displacement displacement 

[kip] [in] [kip] [in] [kip] 

2a 95.9 1.69 98.0 1.59 101 
(1.02) (0.94) (1.05) 

2b 88.1 3.48 91.0 4.26 102 
(1.03) (1.23) (1.16) 

2c 122.1 1.99 129.2 0.95 141 
(1.06) (0.48) (1.15) 

2d 111.4 0.98 - - 112 
(1.01) 

The predicted envelopes are based on monotonic loading, while both specimens were 
tested cyclically. As shown in the figures, the north envelope model the predicted envelope 
fairly well. The difference between the predicted envelope and the north envelope can be 
accounted for by the fact that predicted analysis did not include slip at the base of the first
story walls (which actually occurred during the tests). 

As expected from upper bound methods, the predicted values are consistently larger 
than the test results. 





10. ANALYTICAL RESULTS 

In Chapter 5, dealing with the design of perforated wall specimens, it was made clear 
how difficult it can be to determine the critical collapse mechanism for a complex perforated 
wall. To automate that process, it was decided to develop a computer program which would 
apply a fixed pattern of loads to a structure, stepping that structure through monotonically 
increasing displacements until a collapse mechanism would form. 

This was the motivation for the development of the program SCAM (Sequential 
Collapse Analysis of Masonry). In this chapter, the basic operation of the program is 
described. This is supplemented by material in Appendix B. Also, the program is checked 
by using it as an analysis tool to calculate the load-deflection behavior of one perforated 
wall and one coupled wall specimen. 

As another part of the analysis, a model was developed for computing the ultimate 
shear strength of reinforced concrete masonry walls. In this chapter, that model is also 
discussed. 

10.1 Computer Program SCAM (Sequential Collapse Analysis of Masonry Walls) 

SCAM is a computer program developed to analyze the nonlinear response of a 
masonry wall structure subjected to monotonically increasing displacements. The program 
idealizes the wall as an assemblage of line elements connected by rigid joints. The program 
performs an inelastic step-by-step analysis using the tangent stiffness properties of the 
structure. Tangent stiffnesses are calculated during each step using the force-deformation 
curves of the elements. The solution algorithm is based on a displacement-controlled 
scheme, making the solution process stable even when tangent stiffnesses are zero or 
negative. Output information includes the force-displacement curve for the specified degree 
of freedom used to control the process, force-deformation curves for the end sections of 
each element, and the values of the force and displacement vectors at each step of the 
process. The computer program SCAM and its solution algorithms are completely described 
in Appendix B of this work. 

The prescribed displacement history of an arbitrarily specified degree of freedom is 
used to control the process. The incremental displacement of this specified degree of 
freedom, defined as part of the prescribed displacement history, must be small enough to 
permit the convergence of the solution algorithm. 

Any arbitrary distribution of nodal forces that includes the force corresponding to the 
specified degree of freedom can be used. However, the pattern of the distribution cannot 
be modified during the process; that is, the ratio between each force and the force on the 
specified degree of freedom must remain constant. 
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The solution algorithm can be summarized in the following steps: 

1) Given the tangent stiffness matrix calculated at the end of the previous step, 
find an incremental displacement vector such that: 

a) The vector component corresponding to the specified degree of 
freedom is equal to the prescribed value, and 

b) The associated incremental force vector contains non-zero components 
only in some specified degrees of freedom. 

For a given starting value of the incremental displacement vector, the 
problem is solved by successive iterations. 

2) Element deformations are calculated using the cumulative nodal 
displacements. 

3) Using the element deformations and the force-deformation relationships, 
internal forces and tangent stiffness properties are calculated for each 
element. 

4) The structure tangent stiffness matrix is calculated using the tangent stiffness 
properties of each element. 

5) The nodal force vector is calculated using the internal forces for each 
element. This vector contains unbalanced forces corresponding to degrees of 
freedom other than the specified ones. The unbalanced forces are carried on 
to the next iteration and are eliminated in step (lob). 

Element force-deformation behavior, described further in Appendix B, involved the 
non-linear relationships between axial forces and axial deformations, and between moments 
and curvatures. The latter relationship was evaluated assuming a maximum masonry 
compressive strain of 0.003. Masonry strength was arbitrarily decreased to zero for strains 
exceeding that value. 

The program was written in Microsoft Fortran version 5.0, and was run in an IBM
compatible 386/25 MHz with an 80387 math co-processor. 

10.2 Analysis of Specimen 1a using Computer Program SCAM 

10.21 General. Specimen 1a was analyzed assuming that'its behavior would be 
governed by a flexural mechanism. This assumption implies that the elements and 
connections have been provided with sufficient reinforcement, and that the reinforcement 
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has been detailed adequately, so that the elements will develop the required strength and 
deformation capacity, and shear and shear transfer failures will be avoided. 

Constant vertical loads, as defined in Section 5.4.2, included 3.55 kips on the top of 
the column at each floor level, 47.9 kips on the top of the center pier at the roof level, 7.1 
kips on the top of the center pier at the 2nd floor level, 44.35 kips on the top of the extreme 
pier at the roof level, and 3.55 kips on the top of the extreme pier at the 2nd floor level. 
The lateral movement of the roof at the top of the center pier was used as the specified 
degree of freedom. Constant increments of 0.01 in. were used to define the displacement 
history of this specified degree of freedom. The specimen was analyzed for a distribution 
of equal lateral loads applied at the top of each pier at both floor levels. 

10.22 Model of the Structure. As shown in Fig. 10.1, Specimen 1a was modeled using 
line elements passing through the centroids of the actual element sections. Elements with 
rigid end portions were used to model the connections. The model was assumed rigidly 
connected to the floor through the foundation beam. A larger number of elements were 
used to model the members expected to suffer large inelastic deformations, such as the 1st 
story piers, the column, and the base of the wall. 

D 

D 
I I 

Figure 10.1: Model for Specimen 1a 

10.23 Materials and Force-Deformation Relationships. Measured strengths of the 
materials used to built the specimen, as described in Chapter 3, were used in the analysis. 
The properties of the Grade 60 reinforcing steel used in these calculation are described in 

f~ 
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Table 3.7. A masonry compressive strength = 2800 psi was used, and concrete compressive 
strength was f 'c = 4600 psi. A modulus of elasticity for the masonry Em = 750 t: was 
used. A modulus of elasticity for the concrete Ec = 57,000 Ii! was used. Moduli of 
rupture for masonry and concrete equal to 4 Ii! and 4 Ii: re~pectively were used. The 
stress-strain behavior of the masonry and concrete was modeled using the curve given by 
Kent and Park for unconfined concrete [33]. 

Moment-curvature relationships for the cracked sections were calculated using the 
RCCOlA computer programjJ9]. The sections were assumed initially uncracked. Cracking 
moments and curvatures were calculated with the initial elastic properties for the gross 
section and the modulus of rupture of the material. A smooth transition was used between 
the cracking point and the curve obtained with RCCOlA. Fig. 102 shows a typical 
moment-curvature curve for the piers of Specimen la, for a given level of axial load. The 
moment-curvature curves were terminated at a masonry compressive strain of 0.003. 

200 

O~------r-----~------~------T-----~ o 0.0004 0.0008 0.0012 0.0018 0.002 

Curvature (1/1nl 

Figure 10.2: Typical moment-curvature relationship for the piers of Specimen 1a 

The axial force-axial strain relationship shown in Fig. 10.3 was used to model the 
behavior of reinforced concrete and masonry elements under axial loads. Under 
compressive forces, the behavior is approximately linear up to stress of about 70% of f c or 
f m' Since it is not usual to find such high stresses in real elements under pure axial loads, 
it seems reasonable to use that point as (NI,E 1)' Under t.ensile forces, it can be assumed the 
behavior is governed fully by the reinforcement. Thus, € 2 corresponds to E Y' € 3 to E sh' and 
E 4 to E u' and the N values are those associated with the yielding and ultimate capacity of 
the reinforcement respectively. 

Fig. 10.4 shows a typical axial force-axial strain curve for the column of Specimen la, 
obtained as previously described. 
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Figure 10.3: Axial force-axial deformation curve used in SCAM analysis 
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Figure 10.4: Typical axial force-axial strain relationship for the column of Specimen la 

The effects of inelastic response on the shear force-shear deformation relationship 
were included by using an equivalent effective shear area Av in the usual elastic expression 
for the shear force-shear deformation relationship. This effective area was assumed to be 
proportional to the neutral axis depth c of the section: 

a = V L 
\I GA 

\I 

(10.1) 

(10.2) 
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v 

G 

c 

Relative shear deflection between the ends of an element of 
length L (Appendix B) 

Shear force acting on the element 

Effective shear area 

Shear modulus of the material 

Web thickness 

Neutral axis depth 

The neutral axis depth c is obtained from the RCCOLA analysis of the sections. 

10.24 Results of the Analysis for Northward Load. The predicted history of base 
shear versus roof displacement for Specimen 1a when loaded to the North, obtained using 
SCAM, is shown in Fig. 10.5. Fig. 10.6 shows the comparison between the predicted 
response and experimental results for the envelope of the 1st peaks of the response for 
Specimen 1a. Run time for this case~ in the 386/25 machine, was about 30 minutes. 

As shown in Fig. 10.5, the predicted lateral load capacity was 102.7 kips at a roof 
displacement of 0.36 in. As shown in Fig. 10.6, this predicted maximum strength agreed well 
with the experimental value of 98.2 kips. However, the corresponding predicted 
displacement, 0.36 in., was far from the measured value of 0.80 in. In addition, the 
predicted load-displacement response ends at a maximum displacement of about 0.4 in., far 
less than the experimentally observed value. Reasons for these discrepancies are discussed 
in Section 10.4. 

To examine the predicted response of the critical elements of the specimen, their 
internal force histories have been plotted in Figs. 10.7 through 10.10 in terms of the 
moment-axial load in the element ends. Portions of the ultimate capacity and yielding 
strength (point of first yielding of the longitudinal reinforcement) interaction diagrams 
calculated for those sections have been included in the same plots. Compressive axial force 
is positive in those plots. 

Fig. 10.7 shows the moment-axial load history for the section at the base of the wall. 
The sections started with a small moment and axial load of 98.0 kips due to the initially 
applied vertical loads. As the loading process progressed, the axial load decreased due to 
overturning. The moment at the section increased until eventually reaching the yielding 
capacity. However, this section did not reach its flexural capacity at the time the specimen 
developed its lateral strength. 
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Figure 10.5: Specimen la: Predicted base shear-roof displacement history for northward 
loading, obtained using SCAM 
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Figure 10.6: Specimen 1a: Comparison between the predicted response and experimental 
results for the envelope of the 1st peaks of the response, northward loading 
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Fig. 10.8 shows the moment-axial load history for the ends of the 1st story column. 
Both sections started with a small moment and with an axial load of 12 kips due to the 
initially applied vertical loads. As the loading process progressed, axial load increased due 
to overturning. The moment at both ends also increased, until the moment at the bottom 
section eventually reached the ultimate capacity. 
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Figure 10.9: Specimen 1a: Predicted moment-axial force history for the end sections of the 
1st story center pier, northward loading 

Figs. 10.9 and 10.10 show the moment-axial load history for the ends of the 1st story 
center and extreme pier respectively. Both piers started at about the same level of axial 
load due to the vertically applied loads. As the loading process progressed, axial load 
decreased in the extreme pier and remained more or less constant in the center one. The 
moments at both ends in both piers increased, until they eventually reached their flexural 
capacities. 

In summary, the SCAM analysis indicated that the northward lateral load capacity 
of Specimen 1a would be governed by a mechanism in which both piers develop their 
flexural capacities, and the column develops its flexural capacity at its bottom section. 
These results are in very good agreement with the expected mechanism for Specimen 1a as 
described in Section 4.4.2, and with the experimental results, as described in Section 7.1.1 
and shown in Fig. 7.1. 

10.25 Results of the Analysis for Southward Load. The predicted base shear-roof 
displacement history of Specimen 1a when loaded to the South, obtained using SCAM, is 
shown in Fig. 10.11. Fig. 10.12 shows the comparison between the predicted response and 
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Figure 10.10: Specimen 1a: Predicted moment-axial force history for the end sections of the 
1st story extreme pier, northward loading 

experimental results for the envelope of the 1st peaks of the response for Specimen 1a. Run 
time, in the same 386/25 machine, was again about 30 minutes. 

As shown in Fig. 10.11, the predicted lateral load capacity was 109.5 kips at a roof 
displacement of 0.66 in. As shown in Fig. 10.12, these results agreed fairly well with the 
experimental results of 104.5 kips and 0.79 in. respectively. However, as the previous case, 
the predicted load-displacement response ends at a maximum displacement of about 0.7 in., 
far less than the experimentally observed value. Reasons for these discrepancies are 
discussed in Section 10.4. 

Fig. 10.13 shows the moment -axial load history for the section at the base of the wall. 
The sections started with a small moment and axial load of 98.0 kips due to the initially 
applied vertical loads. As the loading process progressed, the axial load increased very 
slowly. The moment at the section increased, until eventually reaching the yielding capacity, 
and later, the ultimate capacity at the time the specimen developed its lateral strength. 

Fig. 10.14 shows the moment-axial load history for the ends of the 1st story column. 
Both sections started with a small moment and axial load of 12 kips due to the initially 
applied vertical loads. As the loading process progressed, axial load rapidly decreased due 
to overturning. Eventually, at the time the specimen reached its lateral load capacity, both 
end sections developed their tensile yielding capacity with a practically non-existent flexural 
capacity. 
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Figure 10.11: Specimen 1a: Predicted base shear-roof displacement history for southward 
loading, obtained using SCAM 
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results for the envelope of the 1st peaks of the response, southward loading 
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Figs. 10.15 and 10.16 show the moment-axial load history for the ends of the 1st story 
center and extreme pier respectively. Both piers started at about the same level of axial 
load due to the vertically applied loads. As the loading process progressed, axial load 
decreased in the extreme pier, and both ends eventually reached their flexural capacity. 
Axial load and moments increased in the extreme pier, until the bottom end reached its 
flexural capacity, at the time the specimen developed its lateral strength. As shown in Fig. 
10.16, the moment at the top end of the extreme pier was far from the ultimate capacity of 
that section at the time the specimen reached its lateral strength. 
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Figure 10.15: Specimen la: Predicted moment-axial force history for the end sections of the 
1st story center pier, southward loading 

In summary, the analysis indicated that the southward lateral load capacity of 
Specimen la would be governed by a mechanism in which the column develops its axial 
yielding capacity and the base of the wall develops its flexural capacity. The pier 
mechanism would not develop because the top end of the extreme pier would be far from 
reaching its flexural capacity. These results are in very good agreement with the 
experimental results, as described in Section 7.1.1. and as shown in Fig. 7.2. 

10.3 Analysis of Specimen 2d Using Computer Program SCAM 

10.3.1 General The same general assumptions stated for the analysis of Specimen 
la were made in this case. Constant vertical loads included 30.5 kips on the top of each 
wall at the roof level, and 6.5 kips on the top of each wall at the 2nd floor level. The lateral 
movement of the roof at the top of the center pier was used as the specified degree of 
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Figure 10.17: Model for Specimen 2d 
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freedom. A constant increment of 0.01 in. was used to define the displacement history of 
this specified degree of freedom. The specimen was analyzed for a distribution of equal 
lateral loads applied at the top of each wall in both floor levels. 

10.3.2 Model of the Structtue. Fig. 10.17 shows the model used to analyze Specimen 
2d. Elements with rigid end portions were used to model the connections. The model was 
assumed rigidly connected to the floor through the foundation beam. A larger number of 
elements was used to model the members expected to suffer large inelastic deformations, 
such as the ends of the 1st story walls and the lintels. 

10.3.3 Materials and Force-Defonnation Relationships. Measured strengths of the 
materials used to build the specimen, as described in Chapter 3, were used in the analysis. 
The properties of the Grade 60 reinforcing steel used in these calculation are described in 
Table 3.7. A masonry compressive strength 1. 1 = 3100 psi was used, and concrete 
compressive strength was fcl = 5300 psi. A modulUS of elasticity for the masonry Em = 
750 t': was used. A modulus of elasticity for the concrete Ee = 57000 Ii! was used. 
Moduli of rupture for masonry and concrete equal to 4 Ii! and 4 K respectively were 
used. The stress-strain behavior of the masonry and concr~te was modeled using the curve 
given by Kent and Park for unconfined concrete [33]. 

10.3.4 Results of the Analysis for Specimen 2d. Because of its symmetry, it was 
necessary to analyze Specimen 2d in one direction only. The analytical results are compared 
with the test results for northward loading. The predicted base shear-roof displacement 
history of Specimen 2d, obtained using SCAM, is shown in Fig. 10.18. Fig. 10.19 shows the 
comparison between the predicted response and experimental results for the envelope of the 
1st peaks of the response for Specimen 1a when loaded to the North. Run time in the 
386/25 computer was about 30 minutes. 

As shown in Fig. 10.18, the predicted lateral load capacity was 96.9 kips at a roof 
displacement of 0.59 in. Those predicted values did not agree well with the observed values 
of 111.4 kips and 0.98 in. respectively. As shown in Fig. 10.19, the predicted response 
agreed very well with the experimental results at the initial part of the curve, but it ended 
at a maximum displacement of about 0.75 in., far less than the experimentally observed 
value. Reasons for these discrepancies are discussed in Section 10.4. As discussed earlier, 
the sudden drop in predicted capacity is due to the fact that element flexural resistance was 
assumed to drop abruptly to zero at unconfined masonry compressive strains exceeding 
0.003. 

Fig. 10.20 shows the moment-axial load history for the section at the base of each 
wall. Initial moments and axial forces in the walls are due to the vertical loads. As the 
loading process progressed, the axial load of each wall was being modified due to 
overturning. The axial load and the moment acting on the base of the compression wall 
increased until eventually reaching the ultimate flexural capacity of the section, point that 
defined the predicted lateral force capacity for this specimen. The axial load at the base 
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Figure 10.20: Specimen 2d: Predicted moment-axial force history for the sections at the 
, bases of the walls 

of the tension wall decreased, and the section eventually developed its yielding strength, but 
did not reach its flexural capacity. 

Results for the lintels showed a similar behavior for both of them. End sections 
developed their flexural capacities only at the connection with the compression wall. 

In summary, at the point when the analysis indicated that the specimen would suffer 
a drastic reduction of its lateral strength, only the compressed wall had developed its 
flexural capacity, and the lintels had developed their flexural capacities only at one end. 
This damage progression is clearly not enough to define a collapse mechanism for this type 
of structure, and the predicted response is clearly incomplete. 

10.4 Evaluation of Results Obtained with the Computer Program SCAM 

The computer program SCAM was able to model the response of masonry wall 
specimens up to drift levels of about 0.4%. The program operation was based on moment
curvature curves which ended at an assumed maximum masonry strain of 0.003. The 
program was therefore unable to follow the specimens' behavior past drift levels 
corresponding to those maximum strains. 

Predicted response was generally stiffer than the observed response. Maximum 
lateral capacities were estimated within about 10%. Drift at maximum capacity was 
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underestimated. Observed cDllapse mechanism were accurately predicted. The sDlutiDn 
algDrithm remained stable, even when element capacities were dropping. The mDdel 
fulfilled its requirements as a design tDDl for predicting cDllapse mechanisms and 
correspDnding capacities. 

These results are generally cDnsistent with the assumptiDns and limitatiDns Df the 
program: the program was nDt Driginally intended as a pure analysis tDDL The program 
CDuid be expected to. underestimate the lateral drifts, fDr the fDllDwing reaSDns: 

1) 

2) 

3) 

MDment-curvature relatiDnships used were cDnsistent with a flexural cracking 
value Df 4 {i: based Dn the experimental DbservatiDns Df Specimen 2a. If 
this value ex~eeded the actual Dne, the program wDuld underestimate the 
cracked, elastic defDrmatiDns Df the specimen. 

The program dDes nDt have a CDnnectiDn element capable Df fDllDwing the 
bDnd degradatiDn Df flexural reinfDrcement at the base Df the specimens. This 
leads to. underestimates Df defDrmatiDn. 

The program dDes nDt have a cDnnectiDn element capable Df mDdeling sliding 
shear behaviDr. This also. leads to. underestimates Df defDrmatiDns. 

The program cDuld be expected to. Dverestimate capacity slightly because its estimate 
Df element flexural capacity is based Dn mDment-curvature curves fDr mDnDtDnically 
increasing curvatures. An exceptiDn to. this, Dbserved fDr Specimen 2d, was due to. the fact 
that large curvatures (cDrrespDnding to. strains in excess Df the assumed maximum) Dccurred 
in the lintels Df bDth stDries. 

The program did nDt calculate maximum drifts beYDnd abDut 0.4%, far less from the 
experimentally Dbserved values. It must be emphasized that this is due Dnly to. the masDnry 
reaching its assumed maximum cDmpressive flexural strain Df 0.003, and nDt to. any problem 
with the sDlutiDn algDrithm. Based Dn wDrk perfDrmed in this and Dther TCCMAR tasks 
[47], it did nDt seem justified to. use a larger value Df the maximum strain during the design 
process. HDwever, if larger maximum strain values had been used, the program's sDlutiDn 
algDrithm wDuld have accDmmDdated them. AlSo., maximum strains much larger than 0.003 
cDuld have been incDnsistent with the small-defDrmatiDn assumptiDns used in the program. 

If the cDmputer program SCAM were to. be extended as a general analysis tDDI fDr 
masDnry wall specimens, the fDllDwing limitatiDns wDuld have to. be DverCDme: 

1) MDment-curvature relatiDnships fDruncDnfined sectiDns, Dbtained by methDds 
such as the RCCOLA cDmputer program, are stDpped at SDme cDnventiDnally 
defined pDint cDrrespDnding to. a maximum strain in the masDnry, usually 
0.003. HDwever, DbservatiDns Df the actual failure mechanism (SectiDn 9.5) 
reveals that this pDint dDes nDt necessarily cDrrespDnd to. the .maximum 
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deformations. After failure of the original section, a reduced section with 
lower strength but with some residual deformation capacity will remain active. 
This reduced section is defined by the progression of the masonry crushing 
and reinforcement fracture inside the original section. Some studies are 
necessary to obtain moment-curvature relationships that include this behavior. 

2) The relationship between element deformations and strains would have to be 
revised to permit large deformations. 

3) An interface element would have to be added to model bond degradation and 
sliding shear behavior at the wall base, in addition to rocking about the 
compression comer of the wall element. 

The program would, however, still be limited by its idealization of masonry elements as lines 
following the mid-sections of those elements. The general solution algorithm is stable even 
for descending branch behavior. It could be implemented in finite element programs for 
analyzing masonry walls. 

10.5 Proposed Shear Strength Analytical Model for Masonry Walls 

To analyze the behavior of the specimens tested as part of this work, a model was 
needed to represent the shear capacity of masonry walls and piers. As mentioned in 
Chapter 2, there has been extensive discussion of how to evaluate shear capacity of masonry 
elements. Several expressions for calculating shear capacity of masonry walls have been 
recently proposed [1,7,8,10,20,22]. Most are empirical, and include in different ways, some 
or all the aspects influencing shear strength of masonry walls. 

However, it was believed by this author that further analyses were needed to improve 
that model and/or propose a new one to predict shear capacity of masonry walls. A first 
step was to analyze the degree of agreement of the existing models with available 
experimental results. Based on the obtained conclusions, a new model was proposed. 
Finally, results obtained with the new model were compared with experimental data. A 
complete description of the development of the proposed expression and the corresponding 
calculations is given in Appendix C of this work. 

The proposed model uses the conventional approach of representing the shear 
strength after diagonal cracking Vn as the summation of the residual strength of the masonry 
Vrn plus the contribution of the transverse steel Vs' 

The contribution of the transverse reinforcement Vs to the shear strength can be 
expressed as: 



Where: 
a 
Ah 

= 
= 

= 
= 
= 
= 
= 

All 
~ = cx- tdf, = cxPlltdf, 

ht 

Transverse reinforcement effectiveness ratio 

234 
(150.15) 

Total transverse reinforcement area in the height of the 
wall 
Wall thickness 
Wall height 
Effective depth of wall cross-section 
Yielding strength of transverse reinforcement 
Transverse reinforcement ratio 

From the analysis of available experimental data, a value of a = 0.4 was determined 
as the most appropriate. 

As described in Section 2.3.2, the masonry contribution Vm to the shear strength is 
the residual masonry shear strength after diagonal cracking. V m is provided by shear 
transfer at the compression toe of the wall, by aggregate interlock between the faces of the 
diagonal crack, and by dowel action of the longitudinal reinforcement crossing the diagonal 
crack. The following parameters affecting V m have been identified: the compressive 
strength of the masonry f~ the aspect ratio of the wall, usually represented by the MjVd 
ratio; the axial stress level fa; and the longitudinal reinforcement ratio p v' 

The neutral axis depth c at the critical section, as calculated from usual principles for 
the section under combined flexure and axial load, and the ratio of the acting moment to 
flexural capacity M/Mn for that section, were chosen to represent the above factors affecting 
V m' The proposed expression for V m is therefore of the following form: 

v = c E.. M tdfJ! 
m m, d M VJm 

II 

(10.4) 

The value of the constant em = 18 was determined from the experimental data. 

Based on these results, the following equation is proposed to evaluate the shear 
strength of a fully grouted masonry wall: 

(10.5) 



Where: 

VIII = 18 c M td Ii! 
d Mn 
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(10.6) 

(10.8) 

As described in Appendix C, results obtained with the proposed model compared 
very well with available experimental data for masonry walls failing in shear. 





11. SUMMARY, CONCLUSIONS AND 
RECOMMENDATIONS 

11.1 Summary 

The objectives of this study, part of Task 3.1(c) of the TCCMAR Program, were to 
examine how the in-plane seismic resistance of multistory reinforced concrete masonry walls 
is affected by floor-wall joints, wall openings, and floor elements. To that end, six full-scale 
concrete masonry specimens, reinforced and fully grouted, were constructed and tested in 
the laboratory. Two of the specimens, known as Type 1, represented a shear wall of a two
story building with door and window openings. The rest of the specimens, known as Type 
2, represented a pair of coupled walls of a two-story building, each coupled by a different 
floor system, with and without lintels. 

The specimens were tested under quasi-static, reversed cyclic lateral loads applied 
in the plane of the walls at the second-floor and roof level. All of them but Specimens 2b 
and 2c were also loaded vertically by constant loads representing gravity loads on the 
coupling slabs' tributary areas. To analyze potential problems of lateral instability, 
Specimen 1a was subjected to out-of-plane displacements simultaneously with the in-plane 
displacements during the last cycles of loading. 

Test results for each specimen included load-deflection data, strains in reinforcement, 
and sufficient information to compute deformations and to analyze the behavior of the 
specimen and its critical regions. 

The specimens behaved generally as intended in design. Under many cycles of 
reversed loading, the response was stable up to story drift ratios as high as 0.7% to 1.0%. 
The energy dissipated per cycle did not degrade significantly, even at the maximum story 
drift levels. Failure was ductile, in that inelastic action was restricted to those elements 
designed to respond in a predominantly flexural mode. . 

Maximum capacities and overall behavior of the specimens were well predicted by 
the analysis of the expected collapse mechanisms. An analytical inelastic model developed 
during this work, and based on beam and column elements, showed reasonably good results 
in predicting the load-deformation behavior of the specimens and their critical elements. 

11.2 Conclusions 

11.2.1 General Design Approach. Based on the test results and analytical 
predictions, a general design approach is proposed for coupled and perforated reinforced 
concrete masonry walls subjected to seismic loads. This approach involves the following 
steps: 
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1) Select a stable collapse mechanism for the wall, characterized by reasonable inelastic 
deformation demand in hinging regions. Using that collapse mechanism, predict the 
lateral load capacity of the wall in terms of its flexural capacity in hinging regions. 
This process can be facilitated using collapse analysis programs such as that 
developed for this research. 

2) Using general plane-section theory to describe the flexural behavior of reinforced 
masonry elements, provide sufficient flexural capacity and flexural ductility in hinging 
regions. 

3) Using a capacity design philosophy, provide wall elements and connections with 
sufficient shear and shear transfer capacity respectively, to resist the shears consistent 
with the development of the intended collapse mechanism. Calculate the shear 
capacity of masonry elements, and the shear transfer capacity between adjacent 
elements, using expressions developed in this and previous research. An appropriate 
strength reduction factor must be considered in calculating nominal shear capacities 
of the elements. 

4) Using reinforcement details developed and tested in this and previous research, detail 
the wall reinforcement to develop the necessary strength and inelastic deformation 
capacity in the critical regions. 

11.22 Design Guidelines. Successful implementation of this general design approach 
requires that inelastic deformations and associated damage be compatible with design 
assumptions at each region of the specimen, allowing for uncertainties in loads and 
capacities. To meet this requirement, the following specific design guidelines should be 
followed: 

1) Walls designed according to a pier-based design philosophy or a coupled wall-based 
philosophy, can each perform satisfactorily as described above. Pier-based walls were 
not observed to be susceptible to out-of-plane instability in these tests. However, 
selection of the desired collapse mechanism should include considerations of required 
local deformations associated with assumed overall drift level. 

2) Strain demands in flexural reinforcement at hinging regions should be compared with 
available strain capacity under reversed cyclic loading. If strain demand is excessive, 
inelastic drift should be reduced, or wall bases should be shortened. To decrease the 
reinforcement strain associated with inelastic rotations, longitudinal reinforcement 
can be de-bonded in hinging regions. This is particularly useful at bases of long 
walls. 

3) In computing the flexural capacity of coupling elements similar to those tested here, 
the effective width of the slab should be at least as great as the actual 6.5 ft. width 
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used for these specimens. This is important in order to get correct estimates of 
collapse capacity and associated shear demands. 

4) Lap splices should be carefully located, considering the following factors: 

a) Lap splices at critical regions can lead to premature splitting failure if large
diameter bars are used. Whatever the bar diameter, lap splices at critical 
regions limit the yielded length of flexural reinforcement and increase the 
strain demand for a given drift level. 

b) Extensions of splices which inadvertently increase flexural capacity of adjacent 
critical regions should be avoided. 

5) To enhance wall stability and retard fracture of longitudinal reinforcement, sliding 
shear should be resisted by shear keys at wall bases. 

6) In carrying out the capacity design of masonry elements for shear, shear resistance 
should be calculated using the methods developed and evaluated here, as described 
in Section 10.5 and Appendix C. A strength reduction factor of 0.85 or less should 
be used in shear design of masonry elements. 

7) End anchorages in shear reinforcement should be detailed using 180-degree hooks 
around the extreme flexural reinforcement. If a given combination of bar diameter 
and wall thickness do not permit standard bend radii, it is better to use smaller bend 
radii and retain the 180-degree hook. 

8) Shear capacity of coupling elements depends on the geometry, reinforcement, and 
axial load of the element. The floor slab-lintel assemblages tested here had shear 
capacities exceeding the capacity of the web alone. 

9) Connections between precast floor slabs and walls had minimum reinforcement, 
consisting of welded wire fabric placed in the 2-in. topping. This detail performed 
satisfactorily as discussed above. 

10) Seismic behavior of perforated masonry shear walls is dependent on the integrity of 
the masonry and grout. Use of a grouting admixture was crucial to grout integrity. 

To further improve the performance of masonry walls designed according to the 
guidelines proposed here, further investigation is needed in the following areas: 

1) Factors affecting early fracture of extreme longitudinal reinforcement in long walls 
with light flexural reinforcement. 
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2) Factors affecting progressive deterioration of the lintel-wall and lintel-column 
connections. 

3) Effects of high levels of overturning axial forces on the coupled walls as a result of 
excessive flexural capacity of the lintels. 

11.23 Analytical Approaches for Design. The behavior and lateral load capacity of 
the specimens studied here were in general agreement with the methods used to predict 
lateral capacity and collapse mechanism. The following analytical procedures are 
recommended for design of complex masonry walls: 

1) A simple plastic analysis of trial collapse mechanisms provides a very good estimate 
of a wall's lateral load capacity. However, the selection of the correct mechanism 
can be difficult for highly indeterminate walls. 

2) To automate this procedure, the solution algorithm and the line element model used 
were incorporated into the computer program SCAM to perform a sequential 
collapse analysis for masonry walls. This approach was appropriate for predicting the 
response of masonry wall structures within the range of validity of the moment
curvature relationships used. 

11.3 Recommendations for Implementation 

The design approach, specific design guidelines, and analytical tools studied and 
developed here should be used in design of perforated and coupled wall masonry structures. 
The design approach should be incorporated into masonry design codes. 

11.4 Recommendations for Further Research 

1) In this work, only the overall characteristics of the response of the specimens were 
analyzed. Further analyses are needed to study the individual response of each 
component of the specimens. Instrumentation data include sufficient information to 
perform this task. Complete data are available to the research community. 

2) Implementation of improved models for the moment-curvature relationships for 
masonry sections are needed. The new models should consider the residual 
deformation capacity of the reduced section after the original section is damaged. 

3) The proposed model for shear strength of masonry walls needs to be verified using 
experimental results other than those against which it was calibrated. 
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4) A minimum ratio of distributed flexural reinforcement is needed to control inelastic 
rotations at the base of the walls, to prevent fracture of the extreme bars, and to 
enhance sliding shear resistance, especially at the wall-foundation connection. Some 
research is needed to relate the requirement for a minimum longitudinal 
reinforcement with the requirements that the wall's flexural capacity be limited to 
insure ductile behavior. 

5) Studies are needed to determine the nurumum requirements for transverse 
reinforcement needed at lintel-column joints to resist the unbalanced forces 
associated with the development of the flexural capacities of the elements connected 
by the joint. 

6) Studies are needed to determine the reinforcement details at the lintel-wall 
connection, needed to prevent the local damage detected during the tests of 
Specimens 2c and 2d. 

7) The design approach and design guidelines developed here are expected to be 
generally applicable to grouted clay masonry as well as grouted concrete masonry. 
Specific aspects of material properties and flexural and shear behavior may differ, 
and they should be verified experimentally. 





APPENDIX A 

DESIGN OF TYPE 1 PERFORATED WALL SPECIMENS 

A.l Introduction 

In this Appendix, design of the two Type 1 Specimens of the TCCMAR Program 
Task 3.1(c), single walls with door and window openings (Fig. A.l), is described, and the 
results obtained are discussed, with emphasis on the differences between the design 
philosophies [31]. Lateral load resisting elements were provided with enough flexural and 
shear strength to satisfy code type requirements. All the wall elements were then re
designed to satisfy the requirements consistent with the development of the expected 
collapse mechanism. In both cases, the wall capacity was assumed to be controlled by 
flexural behavior. According to a capacity design philosophy, elements were provided with 
shear capacities larger than shear forces associated with the development of flexural strength 
of the system. 
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Figure A.l: Type 1 Specimen. 
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A.2 Design Criteria 

A.21 Materials. Estimated values of the material properties were based on the 
results of previous tests in the same project [13,32]. 

Reinforcement 

Grade 60 reinforcing steel was used to built the specimens. Based on the results of 
previous tests, the following steel properties were used (Fig. A.2): fy = 72 Ksi, Es = 29,000 
Ksi, € sh = 0.5%, ESh = 1320 Ksi, fu = 114 Ksi, and € u = 12%. 

f, Ksi 
1.\ 

114 

72 

29000 

o ~~----~----------------+-----~~ 
0.005 0.0368 0.12 

Figure A.2: Reinforcing steel properties used in design. 

Masonry 

Masonry compressive strength t. / = 2000 psi was used. The stress-strain behavior 
of the masonry was modeled using the curve given by Kent and Park for unconfined 
concrete [21]. 

Concrete 

A concrete compressive strength t. / = 4000 psi was used. The stress-strain 
behavior of the concrete was modeled u;ing the curve given by Kent and Park for 
unconfined concrete [21]. 

A.22 Loads. In order to use consistent criteria throughout the project, Type 1 
Specimens were designed for gravity and lateral loads specified in the 1985 UBC [34], acting 
on the wall as part of the prototype building [35]. The tributary width of the wall in the 
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prototype building was taken as 20 ft. The specimens were loaded vertically by constant 
loads representing the gravity loads on the wall's tributary area. 

Where 

Gravity Loads 

Wall: 

Floors: 
Dead Load: 

Live Load: 

Total Floor: 

Lateral Loads (for UBC Zone 4) 

= 
= 
= 
= 

1.0 
1.0 
1.33 
0.14 

Wall density = 121 pcf 
Wall weight = 6.3 Kips/Story 

Precast plank + topping 
Partitions 
Floor finish 
HVAC 

TOTAL 

On the full area 
Reduction 

TOTAL 

Distributed 

74 psf 
20 psf 
5 psf 
8 psf 

107 psf 

50 psf 
7 psf 

43 psf 

150 psf 

Total Load per floor = 0.15 x (16.67' x 20') = 
50.0 Kips 

ZIKCSW 
(A.3) 

Z 
I 
K 
CS 
W = 2 (0.107 x 20 x 16.67 + 6.3) = 83.9 Kips 

15.6 Kips 
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A.3 Code Design 

The code-type design was the same for both specimens. Essentially, an allowable 
stress design was performed when the walls were subjected to the service loads. 

A3.1 Design Criteria. Allowable stresses design as prescribed in 1985 VEC [34] was 
performed. Seismic shear forces were amplified by a factor of 1.5 and allowable stresses 
were increased by 1/3 when seismic forces were included in service loads. Material 
pr~perties were: Fs = 24 Ksi; ~s = 29,000 Ksi; f~ = 2000 psi; Em = 750 f~ = 1500 
Ksl' F = /, I / 3 = 667 pSI' n = E /E = 19 3 , b m ' sm • 

A3.2 Vertical Load Distribution. The center pier was assumed to take 1/2 of the 
total gravity load above its level (55.4 Kips); the lateral elements, 1/4 each (27.7 Kips). 

A3.3 Lateral Force Distribution. Analysis based on the uncracked elastic properties 
of the elements indicated that 48% of the base shear would be taken by each pier, and 2% 
taken by the column. To take into account the effect of cracking and the increase in 
stiffness of the downwind pier due to the higher compressive forces induced by overturning 
moment, it was assumed that the downwind pier would take 3/4 of the base shear [35]. 

A3.4 Flexural Design of Piers. The most heavily loaded pier was designed first. It 
was assumed the pier was in double curvature and size #3 bars were used as jamb bars. 
The code forces acting on that pier were: 

V 
M 
N 

= 
= 
= 

3/4Vbase = 11.7 Kips 
VL/2 = (11.7 K)(40")/2 = 234 Kip-in 
27.7 Kips (Gravity load only) 

Assuming that plane sections remain plane, that materials behave elastically, that 
masonry takes no tensile stresses, and that the maximum stress in the masonry is equal to 
Fb (k > kb ) when the axial load is conservatively taken equ~l to the gravity load of 27.7 
Kips, and by imposing compatibility of deformations, the tensile stress in the reinforcing 
steel fs and the maximum allowable moment Ma for the section were calculated: 

= 
= 
= 

21.9 Ksi < Fs = 24 Ksi 
603 Kip-in 
802 Kips> 1.5M = 351 Kips-in 

O.K 

O.K 

A3.5 Shear Design of Piers. The service level shearing stress fv' amplified by a factor 
of 1.5 as per code seismic provisions, was compared with the allowable stress Fv increased 
by 1/3 and calculated assuming the shear reinforcement takes all shear: 

fv = 
M/Vd = 

(11.7 x 1000)/(5.63 x 38.1) = 54.5 psi 
L/2d = 40/(2 x 43.4) = 0.46 



Fv = 

Fvmax = 
1.33Fv = 

1h(4 - M/Vd)lf'm = 1h(4 - 0.46)12000 = 79.2 psi 
(120 - 55 M /Vd) = (120 - 55 x 0.46) = 94.7 psi 
105.6 psi > 1.5fv = 81.8 psi 

The required area of transverse reinforcement at each course was: 

= sV/Fs d = 8 x (1.5 x 11.7)/(1.33 x 24 x 43.4) = 0.1 in2 
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O.K 
OK 

To satisfy this requirement, minimum transverse reinforcement of 1#3 at each course 
was provided. 

A3.6 Minimum Reinforcement Requirements. 

Flexural reinforcement ratio = 2#3/Ag = 2(0.11)/(47.63 x 5.63) = 0.00082 
> Min ratio = 0.0007 OK 

Transverse reinforcement ratio = 1#3/(8 x 5.63) = 0.0024 > Min ratio = 
0.0007 O.K 

Total reinforcement ratio = 0.00082 + 0.0024 = 0.0032 > Min ratio = 
0.002 O.K 

Maximum reinforcement spacing ~ 40" < Maximum allowed = 48" OK 

Minimum bar size = #3 = Minimum allowed O.K 

A3.7 Flexural Design of the Base of the WalL It was conservatively assumed that the 
base of the wall would take all the base shear and overturning moment, and that the wall 
would take 3/4 of the total gravity load. Only #3 jamb bars were considered in computing 
the allowable stresses for the section. The forces acting on the wall were: 

v 
M 
N 

= 
= 
= 

Vbase = 15.6 Kips 
15.6 x (204 + 100) = 4742 Kip-in 
3/4( 2 x 6.3 + 2 x 50) = 84.5 Kips 

The tensile stress in the reinforcing steel fs and the maximum allowable moment Ma 
for the section were calculated as previously described: 

= 
= 
= 

23.6 Ksi < Fs = 24 Ksi 
6924 Kip-in 
9209 Kip-in> 1.5M = 7113 Kip-in 

OK 

O.K 
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A3.8 Shear Design of the Base of the WalL Because of the low level of the service 
shearing stress Iv in the base of the wall, minimum transverse reinforcement was required 
at this stage of the design. 

The final design of the walls, described in the next sections of this report, was 
completed based on the previously calculated actual lateral load capacity of the specimens 
according to the different design philosophies. 

A.4 Capacity Design 

A4.1 General. Each structural element of the walls was designed to resist the forces 
associated with the lateral load capacity of the specimen. Those elements expected to 
develop large inelastic deformations were provided with shear capacities larger than the 
shear forces associated with the development of their flexural strengths. 

A4.2 Capacity Design Criteria 

Flexural behavior and design. As previously mentioned, the flexural behavior of 
reinforced concrete masonry elements was modeled using the general methodology 
developed for reinforced concrete sections under eccentric axial load. Flexural capacity of 
the masonry member sections were calculated using the RCCOLA computer program [39] 
considering a maximum compressive masonry strain of 0.003. 

Shear behavior and design. Because of good agreement with results of tests 
performed on pier specimens similar to those analyzed here [38], it was decided to use the 
shear strength model proposed by Blondet et al. [20]. In that model, the cracking strength 
verG of the masonry in the absence of axial stresses is: 

VetO = (3.5 - 1.75 M / Vd) Ii! 
VetO = 1.75 Ii! 

for M/Vd ~ 1 

for M/Vd> 1 
(A.2) 

The influence of axial compressive stress fa is included based on a principal stress 
criterion: 

2 VetOfa 
V-n+--

e,v 1.5 (A.8) 

The shear strength v n is taken as the sum of the contributions of the masonry, Vcr' and 
the transverse reinforcement, V2Vs• The latter is calculated assuming that only 1/2 of the 
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steel is effective in resisting shear. If Phis the transverse reinforcement ratio, the shear 
strength will be: 

1 v = v +-v 
Il cr 2$ (A.9) 

Because the end sections of the flexural elements may be subjected to large rotations, 
wide cracks were expected to develop at those locations. It was necessary to check the 
interface shear transfer capacity at these sections. The resisting mechanism is provided by 
aggregate interlock and by dowel action. Reinforcement normal to the sliding plane 
produces clamping force necessary to develop aggregate interlock action and provides dowel 
action. The interface shear capacity Vf is usually computed using traditional concepts of 
shear friction: 

(A.lO) 

where is the friction coefficient, As is the distributed reinforcement normal to the sliding 
plane, and N is the net axial load acting on the wall. Previous experimental results obtained 
in the same project [13,32] showed that the coefficient of friction could be taken equal to 
one. 

Each element was provided with enough shear capacity to resist the shearing forces 
associated with the development of the collapse mechanism. It was assumed the shear 
strength mechanism would govern the behavior of sections where plastic hinges would not 
develop. The contribution of masonry to the shear strength was always considered in 
addition to that of the transverse reinforcement. Shear behavior of plastic hinging was 
assumed to be essentially a problem of interface shear transfer. Sections in which plastic 
hinges were expected to develop were checked for sufficient interface shear transfer 
capacity. Because the flexural capacities of the elements were calculated considering the 
overstrength due to the strain hardening of the reinforcement, no understrength factors ¢ 
were used in calculating shear capacities. 

A.S Design of Specimen la 

A5.1 General. Specimen la was designed for a base shear of 172 Kips, as 
determined from preliminary calculations of the lateral load capacity of the system. Each 
element of the specimen was designed to resist the forces associated with that base shear 
capacity. 
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A.5.2 1st Story Extreme Pier. Longitudinal reinforcement of the pier was #3 jamb 
bars. This element was expected to develop plastic hinges at both ends. Forces associated 
with the collapse mechanism were calculated as: 

= 80.5 Kips (Compression) Axial force Np2 

Bending moment 
Shear force Vp2 

= 
= 

Section flexural capacity = Mp2 = 1931 Kip-in 
2Mp2/40 = 96.5 Kips 

Shear Design 

Vu = Vp2 = 96.5 Kips 
M/Vd = 0.46 

fa = 80.5 X 1000/(47.63 X 5.63) = 300 psi 
vcrll = (3.5 - 1.75 X 0.46)12000 = 2.69J2000 = 120 psi (Eq. A.2) 
Vcr = (1202 + 120 X 300/1.5)1/2 = 196 psi (Eq. A.3) 
VS = P h fy = 72000 P h 

Shear capacity Vn = (vcr + V2vs)bd = (196 + Y272000 P h)(5.63 X 43.4) 

Setting Vn = Vu. the required Ph = 0.56 % was obtained 
Use 1#3 + 1#4 @ each course 

Check: Ph = 0.69 % 
Vn = 108 Kips > Vu = 96.5 Kips 

Interface Shear Transfer 

= f.l(N + As fy) = 1.0(80.5 + 0.22 X 72) = 96.3 Kips 

O.K 
O.K 

o.K 

A.5.3 1st Story Center Pier. Longitudinal reinforcement of this pier was #3 jamb 
bars. Forces associated with the collapse mechanism were: 

Axial force Np1 

Bending moment 
Shear force Vp1 

= 
= 
= 

54.6 Kips (Compression) 
Section flexural capacity = Mp1 = 1511 Kip-in 
2Mpd40 = 75.6 Kips 

Shear Design 
Vu = 
M/Vd = 
fa = 

= 
= 

Vp1 = 75.6 Kips 
0.46 
54.6 X 1000/(47,63x 5.63) = 204 psi 
(3.5 - 1.75 X 0.46)12000 = 2.69J2000 = 120 psi (Eq. A.2) 
(1202 + 120 X 204/1.5)1/2 = 175 psi (Eq. A.3) 

Using the same transverse reinforcement as in the extreme pier: 
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Vs = Ph fy = 72000 x 0.69% = 497 psi 
Shear capacity Vn = (vcr + lIzvs)bd = (175 + V2497)5.63 X 43.4 = 104 Kips O.K 

Use 1#3 + 1#4 @ each course 

Interface Shear Trarufer 

= /-l(N + As fy) = 1.0(54.6 + 0.22 x 72) = 70.4 Kips O.K 

A5.4 1st Story Column. Flexural reinforcement of this element was 2#3 bars. As 
assumed in the preliminary collapse mechanism analysis, when the specimen loaded to the 
right reached its capacity, the column was subjected exclusively to a tensile axial force equal 
to its axial tensile capacity. It was necessary to check the element for the case of load to 
the left. Following the same procedure, it was assumed that the extreme tension pier was 
able to develop its full tensile axial capacity, and that the column was subjected to a 
compressive force equal to its gravity load plus the transmitted force. Since the extreme 
pier and column had the same longitudinal reinforcement and were subjected to the same 
gravity loads, the maximum compressive force in the column resulted in the same value of 
the compressive force on the extreme pier. The forces acting on the column were: 

Axial load Ne = 80.5 Kips (Compression) 
Bending moment = Section flexural capacity = Me = 744.4 Kip-in 

2Me/80 = 18.6 Kips Shear force Ve = 

Shear Design 

Vu = 
M/Vd> 
fa = 

= 
= 

Ve = 18.6 Kips 
1.0 
80.5 x 1000/(23.63 x 5.63) = 605 psi 
1.75)2000 = 78 psi ~Eq. A.2) 
(782 + 78 X 605/1.5)1/ = 194 psi (Eq. A.3) 

Masonry shear capacity Vcr == vePd == 196 x 5.63 x 19.4/1000 = 21.4 Kips 

O.K 

Use 1#3 each course. Use same reinforcement for 2nd story column 

Interface Shear Trarufer 

Vf = /-l(N + As fy) = 1.0(80.5 + 0.22 x 72) = 96.3 Kips O.K 

A5.5 2nd Story Extreme Pier. Longitudinal reinforcement of this pier was #3 jamb 
bars. Forces acting on the pier were: 
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Axial force due to overturning moment, assumed equal to one half of that aCting on 
the 1st story extreme pier = V2 52.8 = 26.4 Kips. 

Axial force due to gravity loads, assumed equal to one quarter of the total gravity 
load at the top of the element plus its own weight = 24.2 Kips. 

Total axial force Np2 = 24.2 + 26.4 = 50.6 Kips (Compression) 

It was assumed that the bottom section develops its full flexural capacity: 

Mbot = Mp2 = 1444 Kip-in 

The moment at the top section, M top' is limited by the flexural capacity of the lintel, 
which must be smaller than Mbot' It was assumed that 

Mtop = Vz Mp2 = 722 Kip-in. 

Shear force was Vp2 = 1.5Mpzl40 = 54.2 Kips = 63% of the story shear 

Shear Design 

Vu = Vp2 = 54.2 Kips 
M/Vd = 0.61 
fa = 50.6 x 1000/(47.63 X 5.63) = 189 psi 
VcrO = (3.5 - 1.75 X 0.61))2000 = 2.43J2000 = 109 psi (Eq. A.2) 
Vcr = (1092 + 109 X 189/1.5)1/2 = 160 psi (Eq. A.3) 
V s = P h i y = 72000 P h 
Shear capacity Vn = (vcr + Vzvs)bd = (160 + V272000 P h)5.63 X 43.4 

Making Vn = Vu' the required Ph = 0.18 % is obtained 
Use 1#4 @ each course. Use same reinforcement for 2nd story center pier. 

Check: Ph = 0.44 % 
78 Kips = 90% of the story shear 

Interface Shear Transfer 

Vf = p(N + As fy) = 1.0(50.6 + 0.22 X 72) = 66.4 Kips 

O.K 
O.K 

o.K 

A.5.6 Base of the Wall The base of the wall was designed to resist the forces 
associated with the ultimate capacity of the 1st-story piers as shown in Fig. A.3. 
Longitudinal reinforcement was provided by the pier jamb bars continuous through the wall 
base and anchored to the base beam. Extra reinforcement was added as needed. The extra 
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pier bars were cut below the base of the piers so that no additional flexural capacity was 
added to those elements. Forces on the wall base were (Fig. A.3): 

Axial force Nw = 54.6 + 80.5 + 4.3 = 139.4 Kips (Compression) 

Shear force Vw = Specimen capacity = 172 
Kips 

Bending moment Mw = 1511 + 1931 + 
(80.5 - 54.6)(44) + (75.5 + 96.5)(40) = 
11,462 Kip-in 

Flexural Design 
Mu = Mw = 11,462 Kips 
Adding 4#4 uniformly distributed at the 
base: 
Mn = 13,650 Kip-in> Mu = 11,462 Kip-

54.6K 

+1511 K-in 

~75.5K 

8O.5K + 1931 K-in 

~96.5K 

E~:3I~ 

III o.K Figure A.3: Forces acting on the wall 
at base of Specimen la. 

Transverse Reinforcement Design Design of the 
transverse reinforcement was governed by the design of the drag bars needed to take the 
pier shears into the base of the wall. The critical location were the compression toe of the 
extreme pier. As previously described, it was assumed that the pier shear Vu would be taken 
by the reinforcement at the two top courses of the wall base. 

Required reinforcement area / course = Vu/2fu = 96.5/(2 x 114) = 0.42 in2/course 
Practical limitation: no more than 2#4 per course = 0.40 in2• 

Use 2#4 @ every course 

Interface Shear Transfer 

Vf = peN + As fy) = 1.0(139.4 + 1.24 x 72) = 229 Kips O.K 

A5.7 2nd Floor Horizontal Member. The 2nd floor horizontal member between piers 
was designed to resist the forces associated with the ultimate capacity of 1st and 2nd story 
piers as shown in Fig. A.4. Forces acting on the end section of the horizontal element were: 

Axial force Nh = 9.6.5 - 54.2 = 42.3 Kips (Compression) 
Shear force Vh = 80.5 - 50.6 = 29.9 Kips 
Bending momentMh = 1931 + 1444 + (96.5 + 54.2)(64/2) - 29.9(48/2) = 7480 Kip

III 

Flexural Design For the given axial force, the flexural capacity Mn of the section reinforced 
using 2#4 at each course was 6610 Kip-in. Since this is the maximum practical 
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reinforcement, it was necessary to accept some degree 
of flexural failure of this element. 

Use 2#4 @ each course 

Transverse Reinforcement Design Design of the 
transverse reinforcement was not governed by the 
shear associated with the flexural capacity of the 
horizontal element, but rather by the forces associated 
with the pier capacities: 

Vu = 
M/Vd> 

= 

Vh = 29.9 Kips 
1.0 
1.75 V2000 = 78 psi (Eq. A.2) 

Shear capacity neglecting axial stress 
contribution: 

Vn = (vert> + lIzvs)bd = (78 + lIz72000 
P h)X (5.63 x 61.6) 

Setting Vn = Vu' the required Ph = 0.03% is 
obtained 

Check: 

Use 1#4 @ evety other cell 

Ph = 0.22 % 
lIzVs = 27.7 Kips 

O.K 

50.6~ 
/ ~ ~ 1444 K-in 

---3>-')54.2K 

93.5 K; t8~5 K 

1931 K-in I 

Figure A.4: 

1< >i 
48' 

Forces acting on 2nd 
floor horizontal 
member-pier 
connection of 
Specimen 1a 

O.K 

Interface Shear Transfer Neglecting axial force contribution: 

Vf = flAs fy = 1.0(8 x .4)72 = 230.4 Kips o.K 

A5.8 Roof Lintel between Piers. The roof lintel between piers was designed to resist 
forces from the 2nd story extreme pier as described in Sect. A.5.5. From eqUilibrium of 
forces, as shown in Fig. A.5, forces at the end of the lintel were: 

Axial force N\ 
Shear force V; 
Bending moment M\ 

= 
= 
= 

54.2 Kips (Compression) 
Force transmitted through the lintel = 26.4 Kips 
liz 1444 + 54.2 x 12 - 26.4 x 24 = 739 Kip-in 

Flexural Design The flexural capacity of the section Mn was calculated neglecting the axial 
force and considering the welded wire fabric in the topping, approximately 0.5 in2• Using 
1#4 plus WWF at the top and 2#4 at the bottom, flexural capacities were Mn = 620 Kip-in 
and Mn = 957 Kip-in when the bottom and top fibers were in tension respectively. 

Use 1#4 + WWF @ top and 2#4 @ bottom 



Transverse Reinforcement Design Design of the 
transverse reinforcement was not governed by the 
shear associated with the flexural capacity of the 
horizontal element, but rather by the forces associated 
with the pier capacities: 

Vu = 
MjVd> 

= 

v; = 26.4 Kips 
1.0 
1.75 V2000 = 78 psi (Eq. A.2) 
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I~ 
54.2K-E:-(--

~ t5~6K 
722K-in I 

IE :.1 
48" Shear capacity neglecting axial stress 

contribution: Figure A.5: Forces acting on the 
roof lintel-pier 
connection of 
Specimen 1a 

(VcrO + Yzvs)bd = (78 + V272000 
P h)(5.63 x 21.63) 

Setting Vn = Vu' the required Ph = 0.39 % is obtained 

Check: Ph = 0.49 % 
Vn = 30.9 Kips 

Interface Shear Transfer Neglecting axial force contribution: 

Use #3 U tie @ every cell 

O.K 
O.K 

Vf = flAiy = 1(3 x 0.2 + 0.5) x 72 = 79.2 Kips O.K 
Use same reinforcement for both roof lintels 

A5.9 2nd Floor LinteL The 2nd floor lintel was designed to resist the force 
transmitted through the coupling system when the specimen reaches its capacity. 

Flerural Design Longitudinal reinforcement was provided as a continuation of the 
longitudinal reinforcement of the 2nd floor horizontal element (2#4 @ each course). 

Transverse Reinforcement Design Using the same reinforcement as in roof lintel, #3 U ties 
@ every cell, the shear capacity Vn was also 30.9 Kips. 

Note the total shear capacity of both lintels between the column and the piers is 2 
x 30.9 = 61.8 Kips = 117 % of maximum transmitted force through the 
wall. O.K 

Interface Shear Transfer Neglecting axial force contribution: 

Vf = flAJy = 1(6 x 0.2 + 0.5) x 72 = 122.4 Kips O.K 
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A.6 Design of Specimen Ib 

A6.1 General Specimen 1b was designed for a lateral load capacity of 130 Kips, 
which corresponded to the case of lateral loads acting to the right Each element of the 
specimen was designed to resist the forces associated with that case. Some of the elements 
were checked for the case of load to the left. 

A6.2 Roof Lintel-Column Connection. 
Longitudinal reinforcement of the column was W 
bars. This element was expected to develop a 
plastic hinge at the top section for either direction 
of the lateral load. Lintel top reinforcement was 
1#3 plus the WWF 6x6 No.6 at the topping. 
Lintel Bottom reinforcement was ill. For the 
case of the specimen loaded to the right, forces on 
the column and roof lintel, as shown in Fig. A.6, 
were: 

Ncol = 27.3 Kips (Tension) 
Mcol = Section flexural capacity = 

437 Kip-in 
V::ol = 10.9 Kips (Assuming double 

curvature) 
M lint = 208 Kip-in < Section flexural 

capacity = Msl = 267 Kip-in 
V;int = Vr = 30.0 Kips 

Figure A.6: Forces acting on the 
roof-lintel connection of 
Specimen 1b 

Forces acting on the column and the lintel for the case of the specimen loaded to the 
left were: 

Ncol 

Mncol 

Vcol 
M lint 

V;int 

= 
= 
= 
= 
= 

26.4 Kips (Compression) 
Section flexural capacity = 752 Kip-in 
17.9 Kips (Assuming double curvature) 
682 Kip-in < Section flexural capacity = MS2 = 991 Kip-in 
Vr = 23.7 Kips 

Shear Design of the 2nd Story Column 

Vu = 

M/Vd> 
fa = 
VcrO = 
Vcr = 
Vs = 

Vmax = 17.9 Kips (Case of column under compression) 
1.0 
26.4 x 1000/(23.63 x 5.63) = 198 psi 
1.75 V2000 = 78 psi (Eq. A.2) 
(782 + 78 X 198/1.5)1/2 = 128 psi (Eq. A.3) 
P h fy = 72000 P h 
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Shear capacity Vn = (vcr + Y2vs)bd = (128 + Vz72000 P h)5.63 X 20.0 

Setting Vn = Vu' the required Ph = 0.09 % is obtained 

Check: Ph = 0.44 % 
Vn = 32.4 Kips> Vu = 17.9 Kips 

Use 1#4 @ each course 
O.K 
O.K 

Check case of column under tensile forces: consider vcr = 0 
Vn = 18.0 Kips > Vu = 10.9 Kips 

Interface Shear Transfer of the 2nd Story Column 

Vf = pAJy = 1 x 3 x 0.30 x 72 = 64.8 Kips 

Shear Design of Roof Lintel 

Vu = 31.5 Kips (Shear associated with flexural capacity of lintel) 

o.K 

O.K 

From Sect. A.5.8, using #3 U tie @ every cell, the lintel shear capacity Vn was 30.9 
Kips. Since the contribution of the slab was not considered, this value was 
conservative. O.K 

Interface Shear Transfer of Roof Lintel 

Vf = pAJy = 1.0(2 x 0.11 + 0.5)72 = 51.8 Kips O.K 

A6.3 2nd Floor Lintel-Column Connection. Longitudinal reinforcement in the 
columns was 3#5 bars in both stories. Columns were not expected to develop plastic hinges 
at the connection with the 2nd floor lintel. Lintel top reinforcement was 1#3 plus the WWF 
6x6 gauge 6 at the topping. Lintel bottom reinforcement was W. Given the axial forces 
acting on the 2nd story column and the plastic moments at the 2nd floor lintel, forces acting 
on the 1st story column could be calculated from Figs. A.7 and A.8 for the cases of load to 
the right and load to the left respectively. 

Forces Acting on the 2nd Floor Lintel-Column Connection for the Case of the Specimen 
Loaded to the Right (Fig. A 7) 

Forces from 2nd story column: 
N2 = 27.3 Kips (Tension) 
M2 < Section flexural capacity Mn2 = 437 Kip-in 
V2 = (437 + M2)/80 
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Forces from 2nd floor lintel: 

l'iint = 

Section flexural capacity = Msi = 267 
Kip-in 
31.5 Kips 

Forces from 1st story column: 

= 

< 
= 

N2 + l'iint - Ng = 27.3 + 31.5 - 2.7 = 
56.1 Kips (Tension) 
Section flexural capacity = 273 Kip-in 
(273 + M I )/80 

Mechanism condition (from equilibrium at the 
connection) : 

Ml + M2 > 468 Kip-in 

Capacity condition: 

Ml + M2 < 710 Kip-in 

It was perfectly possible to satisfy both conditions 
simultaneously, i.e., the combined flexural strength of the 

Figure A.7: 

267 K·ln 

31.SK 

Forces acting on 
the 2nd floor 
lintel-column 
connection of 
Specimen 1b for 
the case of load 
to the right 

columns above and below the connection was large enough to induce the formation of the 
plastic hinge in the lintel. 

To estimate VI: 

VI = (273 + M I )/80 ~ [273 + (273)(468/710)]/80 = 5.7 Kips 

Forr:es Acting on the 2nd Floor Lintel-Column Connection for the Case of the Specimen 
Loaded to the Left (Fig. A.S) 

Forces from 2nd story column: 

= 
< 
= 

26.4 Kips (Compression) 
Section flexural capacity Mn2 = 752 Kip-in 
(752 + M 2)/80 

Forces from 2nd floor lintel: 

Section flexural capacity = MSI = 991 Kip-in 
31.5 Kips 



Forces from 2nd story column: 

= 

< 
= 

N2 + ~int + N'§.. = 26.4 + 31.5 + 2.7 
= 60.6 Kips (Compression) 
Section flexural capacity = 890 Kip-in 
(890 + M1)/80 

Mechanism condition (from equilibrium at the 
connection) : 

Ml + M2 > 976 Kip-in 

Capacity condition: 

Ml + M2 < 1642 Kip-in 

It was perfectly possible to satisfy both conditions Figure A.8: 
simultaneously, i.e., the combined flexural strength of the 
columns above and below the connection was large enough 
to induce the formation of the plastic hinge in the lintel. 

To estimate V1: 

= (890 + M1)/80 ~ [890 + 
(890)(976/1642)]/80 = 17.7 Kips 

Shear Design of the 1st Story Column 
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31.5 K 

1) 
991 K·in 

Forces acting on 
the 2nd floor 
lintel-column 
connection of 
Specimen 1b for 
the case of load 
to the left 

Vu = Vmax = 17.7 Kips (Case of column under compression) 
M/Vd > 1.0 
fa = 60.6 X 1000/(23.63 X 5.63) = 456 psi 
Vetil = 1.75 J2000 = 78 psi (Eq. A.2) 
Vcr = (782 + 78 X 456/1.5)1/2 = 173 psi (Eq. A.3) 
V s = p J, = 72000p h 
Shear capacity v: = (vcr + V2vs)bd = (173 + V272000Ph)5.63 X 20.0 
Setting Vn = Vu' minimum Phis required 

Use 1#4 @ each course 

Check case of column under tensile forces: consider vcr := 0 
Vn = 18.0 Kips> Vu = 5.7 Kips O.K 

The rest of the design of the column and lintel was the same as in the previous case. 
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A.6.4 1st Story Piers. Since no large inelastic deformations were expected, design of 
the 1st story piers was based on elastic behavior using a VL/M ratio of 0.6 [42]. It was 
assumed that the case of load to the right governed design: 

Total base shear = 130 Kips 
5.7 Kips Shear taken by column 

Shear taken by wall at base 
= 
= 130 - 5.7 = 124.3 Kips 

Two approaches were used to determine forces taken by piers: 

Approach 1 The extreme pier was assumed to resist all the axial load transmitted 
through the wall. Because that pier was laterally stiffer, it was 
assumed to take 3/4 of the base shear. 

Approach 2 After some degree of inelastic action has been developed, both piers 
were assumed to have the same stiffness and to take the same axial 
load and shear . 

. The piers were reinforced using #3 jamb bars continuous through the wall and 
anchored to the base beam. As required by design, additional flexural reinforcement was 
added in such a way that the flexural capacity at the base of the wall was not increased. 

Forces Acting on 1st Story Extreme Pier, Approach 1 

Np2 

rr p2 

= 
= 
= 
= 

Gravity Load + Total force transmitted through the wall 
54.6 + 61.5 = 116.1 Kips (Compression) 
3/4 Shear at wall base = 3/4 (124.3) = 93.2 Kips 
Vp2 L/0.6 = 93.2 x 40/0.6 = 6213 Kip-in 

Flexural Design of the 1st Story Extreme Pier, Approach 1 Diameter of additional 
reinforcement was limited by the size of the cells and by anchorage requirements. It was 
determined that #6 was the maximum acceptable size. Adding 1#6 on each cell, the 
flexural capacity of the pier was: 

Mn2 = 4647 Kip-in = 75 % of required capacity 

It was not possible to satisfy the calculated flexural demand on this pier. However, 
it must be noted that the required moment was calculated using a very conservative value 
of the ratio VL/M = 0.6. On the other hand, if the same reinforcement were used in both 
1st story piers, there would be some remaining capacity in the center pier and redistribution 
of forces would occur. 
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Shear Design of the 1st Story Extreme Pier, Approach 1 

Vu = Vp2 = 93.2 Kips 
M /Vd = 170.6 > 1.0 
fa = 116.1 X 1000/(47.63 X 5.63) = 433 psi 
vcrO = 1.75 V2000 = 78 psi (Eq. A.2) 
Vcr = (782 + 78 X 433/1.5)1/2 = 169 psi (Eq. A.3) 
VS = Ph fy = 72000 Ph 
Shear capacity Vn = (vcr + V2vs)bd = (169 + V272000 Ph)5.63 X 43.4 

Setting Vn = Vu' the required Ph = 0.58 % is obtained 
Use 1#3 + 1#4 @ each course 

Check: = 0.69 % 
= 102 Kips> Vu = 93.2 Kips 

Interface Shear Transfer of the 1st Story Extreme Pier, Approach 1 

Vf = p,(N + AJy) = 1[116.1 + (6 X 0.44 + .22)72] = 322 Kips 

O.K 
O.K 

O.K 

Forces Acting on 1st Story Piers, Approach 2 The following calculations are valid for both 
1st story piers. 

Np2 

it p2 

= 
= 
= 
= 

Gravity Load + liz Total force transmitted through the wall 
54.6 + V261.5 = 85.4 Kips (Compression) 
liz Shear at wall base = lIz124.3 = 62.2 Kips 
VpzL/0.6 = 62.2 X 40/0.6 = 4147 Kip-in 

Flexural Design of the 1st Story Piers, Approach 2 Using the same additional reinforcement 
as in the previous case, 1#6 in each cell, the flexural capacity of the piers was: 

Mn2 = 4465 Kip-in> Mp2 = 4147 Kip-in 

Shear Design of the 1st Story Piers, Approach 2 

Vu 
M/Vd 
fa 

= 
= 
= 
= 

Vp2 = 62.2 Kips 
170.6 > 1.0 

O.K 

Vera 

Vcr = 

85.4 X 1000/.(47.63 x 5.63) = 318 psi 
1.75 V2000 = 78 psi (Eq. A.2) 
(782 + 78 X 318/1.5)1/2 = 150 psi (Eq. A3) 

Check: Ph = 0.69 % 
Vn = 97 Kips > Vu = 62.2 Kips 

Use 1#3 + 1#4 @ each course 

o.K 
O.K 
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Forces Acting on 1st Story Center Pier, Approach 1 The 1st story center pier was reinforced 
in the same way as the extreme pier. 

N 1 = Gravity Load = 54.6 Kips (Compression) 
~1 = ~ Shear at wall base = ~ (124.3) = 31.1 Kips 
Mp2 = Vp~/0.6 = 31.1 x 40/0.6 = 2073 Kip-in 

Flexural Design of the 1st Story Center Pier, Approach 1 

Mn2 = 4231 Kip-in 

Shear Design of the 1st Story Center Pier, Approach 1 

M/Vd = 
fa = 

= 
= 
= 

1/0.6 > 1.0 
54.6 x 1000/(47.63 x 5.63) = 204 psi 
1.75 J2000 = 78 psi (Eq. A.2) 
(782 + 78 X 433/1.5)1/2 = 129 psi (Eq. A.3) 
(vcr + 1f2vs)bd = (0.129 + 1f272 X 0.0069)5.63 
Kips 

Comments on the 1st Story Pier Design 

o.K 

X 43.4 = 92 
O.K 

Total pier shear capacity, Approach 1 = 102 + 92 = 194 Kips 
Total pier shear capacity, Approach 2 = 2 X 97 = 194 Kips 
Note that even though the individual capacities of the elements were different, the 

total shear capacity was the same. 

Since the results of Design Approach 1 for the extreme pier showed that the pier 
could not be provided with the required flexural capacity, some level of damage was 
expected at the base of this element. However, redistribution of forces was expected and 
the collapse mechanism would not be altered. 

A6.5 2nd Story Piers. Design of 2nd story piers was based on the same assumptions 
as in 1st story pier case. Design approach 1 was used. 

Total story shear = 
Shear taken by column = 
Shear taken by piers = 65 - 9 = 
Shear taken by extreme pier Vp2 = % 56 = 
Axial load on extreme pier NP2 = 

Mp2 = Vp2 L/0.6 = 42 x 40/0.6 = 2800 Kip-in 

65 Kips 
9 Kips 
56 Kips 
42 Kips 
Gravity Load + Transmitted Force 
= 47.7 + 30.0 = 77.7 Kips 
( Compression) 
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The pier was reinforced using #3 jamb bars. As required by design, 1#4 was added 
in each cell. 

Flexural Design of the 2nd Story Piers 

Mn2 = 3153 Kip-in 

Shear Design of the 2nd Story Piers 

M/Vd 
fa 
VctO 

Vcr 

= 
= 
= 
= 

1/0.6 > 1.0 
77.7 X 1000/(47.63 X 5.63) = 290 psi 
1.75 J2000 = 78 psi (Eq. A.2) 
(782 + 78 X 290/1.5)1/2 = 146 psi (Eq. A.3) 

O.K 

Vn = 
Use 1#3 @ every course 

(vcr + 1/2vs)bd = (0.146 + 1/272 X 0.0024)5.63 X 43.4 = 57 Kips 
o.K 

A.6.6 WaIl at Base. Longitudinal reinforcement of the wall at base, as previously 
defined, was provided by the pier #3 jamb bars continuous through the wall at base and 
anchored to the base beam. Extra longitudinal reinforcement added to the piers was 
discontinued so the flexural capacity of the wall at base was not increased. 

Design of the transverse reinforcement was governed by the design of the drag-bars 
needed to transfer the pier shear force into the wall at base as previously described. Since 
the maximum pier shear was about the same as in Specimen 1a case, the solution described 
in Sect. A.5.6 was adopted. 

Interface Shear Transfer of the Wall at Base 

Vf = fl(N + AJy) = 1(170.8 + 0.44 X 72) = 202 Kips O.K 

A. 6. 7 2nd Floor Horizontal Member. The 2nd floor horizontal member was designed 
to resist the forces transmitted from the 1st and 2nd story piers calculated using Design 
Approach 1. Forces acting on the end section of the horizontal element were obtained in 
the same way as described in Sect. A.5.7 and Fig. A.4: 

Axial force Nh 
Shear force Vh 

Bending moment M h 

= 
= 
= 

48 Kips (Compression) 
38 Kips 
5585 Kip-in 

Same design used in Specimen 1a case, 2#4 at each course as longitudinal 
reinforcement and 1#4 @ every other cell as transverse reinforcement, was found to be 
adequate to resist these forces. 
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A6.8 Roof Lintel between Piers. The roof lintel between piers was designed to resist 
forces from 2nd story extreme pier as described in Sect. A6.5. Forces acting on the end 
section of the lintel were obtained in the same way as described in Sect. A.5.8 and Fig. A.5: 

Shear force 11; 
Bending moment Ml 

= 
= 

Max. shear force = 31 Kips 
1360 Kip-in 

Flexural Design The flexural capacity of the section Mn was calculated neglecting the axial 
force and considering the welded wire fabric in the topping, approximately 0.5 in2. Using 
1#3 + WWF at the top. 1#4 at the center. and 1#3 + 1#5 at the bottom, flexural capacity 
is Mn = 1280 Kip-in. Since the axial load was not considered, this is a conservative 
value. o.K 

Transverse Reinforcement Design Same design adopted for Specimen 1a (Sect. 5.8), n.Jl 
tie @ every cell, was adopted. 



APPENDIX B 
COMPUTER PROGRAM FOR SeQUENTIAL COLLAPSE ANALYSIS OF 

MASONRY SHEAR WALLS 

The purpose of this Appendix is to describe the computer program 
SCAM, developed to analyze the nonlinear response of masonry shear walls subjected to 
monotonically increasing loads. 

B.l General 

SCAM is a computer program developed to analyze the nonlinear response of a 
masonry wall subjected to an arbitrary distribution of monotonically increasing loads. The 
program idealizes the wall as an assemblage of line elements connected by rigid joints. The 
program performs an inelastic step-by-step analysis using the tangent stiffness properties of 
the structure. Tangent stiffnesses are calculated during each step using the force
deformation curves of the elements. The solution algorithm is based on a displacement
controlled scheme, which makes the solution process stable, even when tangent stiffnesses 
are zero or negative. Output information includes the force-displacement curve for the 
specified degree of freedom used to control the process, force-deformation curves for the 
end sections of each element, and the values of the force and displacement vectors at each 
step of the process. 

The prescribed displacement history of an arbitrarily specified degree of freedom is 
used to control the process. The incremental displacement of this specified degree of 
freedom, defined as part of the prescribed displacement history, must be small enough to 
permit the convergence of the solution algorithm. 

Any arbitrary distribution of nodal forces that includes the force corresponding to the 
specified degree of freedom can be used. However, the pattern of the distribution cannot 
be modified during the process; that is, the ratio between each force and the force on the 
specified degree of freedom must remain constant. 

B.2 Beam-Column Element 

B.21 Element. The computer program SCAM uses a beam-column element with 
constant cross-sectional area, constant effective shear area, linearly varying moment of 
inertia along its length, and rigid end sections parallel to the element. The element and the 
local and global degrees of freedom at each end node are shown in Fig. B.lo 
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Figure B.l: SCAM beam-column element 

B.22 Stiffness Matrix. The elemental stiffness matrix k in local coordinates is given 
by: 

The elements of each sub matrix are: 

EA 

L 

C3 2 
kA22 = -kAn2 = -kBA22 = kB22 ::: - (a - 1) Ina 

D 

C2 ::: -kBA23 ::: kA32 ::: - (a -1) (a -1 -Ina) 
D 



C2 kAB23 = -kB2j = kBA32 = -kB32 = - (a - 1) (a Ina - a + 1) 
D 

Where: 

p = 121,4(1 +v) 

A L2 
v 

D = 1na [ (a + 1) + ~ ( a -Ii ] - 2 (a - 1 ) 

Where: 

A: Cross-sectional area of element 
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Av: Effective shear area of element 

I A' I B: Cross-sectional moments of inertia at ends of the element 

E, v : Modulus of elasticity and Poisson's modulus of the material 

L: Clear span of the element (excluding the rigid ends) 

The elemental stiffness matrix in global coordinates K is: 

K = LT k L 

Where L is the displacement transformation matrix: 

cosS sinS 0 

-sinS cosS dA 

cosS sinS 0 

LB = -sinS cosS dB 

o o 1 o o 1 

Where: 

Lengths of the rigid ends 

8: Inclination of the element 

B.3 Solution Algorithm to Determine Incremental Displacements and Forces 

The problem to be solved during each step can be stated in the following form: 
given the tangent stiffness matrix calculated at the end of the previous step, find an 
incremental displacement vector such that: 

a) The vector component corresponding to the specified degree of freedom is 
equal to the prescribed value, and 

b) The associated incremental force vector contains non-zero components only 
in some specified degrees of freedom. 
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The solution algorithm for the incremental forces and displacements for the nth'step 
is described in the following paragraphs: 

a) Initial values for the step n: 

Kn-1: Tangent stiffness matrix, calculated using equivalent elastic properties for each 
element with the deformations obtained during the previous step. 

r n-1: Cumulative nodal displacement vector calculated during the previous step. 

P n-1: Cumulative nodal force vector associated with r and calculated during the 
previous step. 

p"n-1: Cumulative nodal force vector that includes unbalanced forces. This vector 
has been calculated at the end of the previous step using the internal 
deformations associated with r n-1. 

b) An arbitrary incremental displacement vector ~r is taken. The component 11 rj , which 
corresponds to the displacement increment in the specified degree of freedomj, must 
be equal to the prescribed displacement increment. 

c) The incremental force vector ~p associated with ~r is calculated as: 

~P = K,,-l ~r 

Since ~r is probably not the solution for this step, it will be necessary to correct ~p 
to eliminate the nodal forces corresponding to all degrees of freedom except the 
specified ones. 

d) Define a vector &P to correct ~P such that the corrected vector ~p' is: 

{

Forces only } 
IIp· = IlP + ()P = in specified 

degrees of freedom 

If the unbalanced forces (p"n-1 - P n-1 ) are included in the correction vector &P, its 
components will be: 

oP = -I1P - (P t n-l _ P n-l) 
k Ie Ie Ie for a DOF k with no force 

oP, = I1P - (P ,.n-I _ p.n-I) 
} 0 J J 

for the specified DOF j 
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= -fl.P - (P I n-l - P n-l) + (X (fl.P. + fl.P ) 
m m m m J 0 

for a DOF whose force is 
related by (x'" with the force 

at the specified DOF j 

e) For an arbitrary value of fl.Fo: 

~, = [K,,-tt l ~P 

The correct solution for this step is such that 0 rj is zero, i.e, the incremental 
displacement of the specified degree of freedom is maintained constant and equal 
to the prescribed value. 

f) If orj is different from zero, take a new value for fl.Po and repeat steps from (d) to 
(f) until the process converges. 

If 0 rj is close enough to zero to satisfy a given tolerance criterion, calculate 
cumulative displacement and force vectors for the step n + 1: 

," = ,,,-1 + I!,. = ,,,-1 + I!, + ~, 

P" = p,,-l + I!p. = p,,-l + I!P + ~p 

B.4 Internal Forces and Deformations 

The cumulative displacement and force vectors, calculated at the end of the process 
described in the previous Section, have been calculated with the tangent stiffness properties 
determined at the end of the previous step. Because of the nonlinear behavior of the 
elements, it is necessary to check for unbalanced forces resulting from changes in stiffness 
during the step. To do this, deformations of the elements are calculated at the end of the 
step, and by using force-deformation relationships, internal forces are calculated for each 
element. Nodal forces are then re-calculated using the internal forces. The calculation of 
deformations and internal forces is described in this Section. 

Deformations of the elements of the structure can be calculated from the cumulative 
nodal displacement vector rD. Since the calculation of the axial deformations and forces is 
a straightforward process, the discussion of this Section will be centered on flexural and 
shear deformations. Since for this program the flexural force-deformation characteristics 
of the elements are given in the form of moment-curvature relationships for the sections, 
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it is necessary to determine the distribution of curvatures in terms of the given nodal 
displacements. 

B.4.1 State of Deformations at a Section. Since the object of this study, masonry 
walls, are usually squat elements, shear deformations are an important contributing part to 
the total deformations of the wall. In this section, the contribution of shear deformations 
in a beam-column element is analyzed. 

Fig. B.2 shows the shear deformations at a beam-column element of length L 
subjected to pure shear forces. e is the rotation of the element axis, and d v is the relative 
deflection between the ends of the element. 

--'-

L "'1 

Figure B.2: Shear deformations 

Fig. B.3 shows the state of deformations at a section at a position x along the axis of 
a beam subjected to bending moment and shear force simultaneously. v is the total 
deflection of section in direction perpendicular to its axis, <p is the flexural rotation of the 
section, and e is the shear rotation of the axis of the beam. 

x 

Plane section 

Figure B.3: Deformations at a section 

It is usually assumed in beam theory that the plane sections remain normal to the 
neutral axis, that is, the shear deformations are negligible. However, as seen in Fig. B.3, if 
shear deformations are important, this assumption is no longer valid, and the slope av lax 
of the neutral axis is given by: 
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av = q> + a ax 

B.4.2 Element Deformations in Terms of Nodal Displacements. Given the total nodal 
displacements v A and VB' and the flexural nodal rotations q> A and q> B' it is usually assumed 
that the rotation at a section is equal to the slope of the neutral axis there. Deflections 
along the span of the element can be interpolated in terms of the nodal displacements using 
a third-order polynomial function in x. The variation of curvature in the span, given by the 
second derivative of the deflection function, is therefore linear. This is the exact solution 
for an elastic structure subjected to loads only at the nodes, producing linear variation of 
moments along the elements, and with negligible shear deformations. 

However, as previously discussed, when shear deformations become important, the 
flexural rotations differ from the slope of the neutral axis. By imposing this condition, the 
process outlined above can still be used to calculate the end curvature of the elements as: 

ci>, = 2 [ 

Curvatures at the A and B ends respectively 

Total shear deflection between the ends of the element 

B.4.3 Calculation of Elemental Deformations and Internal Forces. As previously 
discussed, to determine the end curvatures of the element it is necessary to know the shear 
deformation in advance, which can be easily calculated if the shear force and shear force
shear deformation relationships are available. Since the final objective of this step is to 
calculate internal forces, the shear force is still unknown and the calculation of the 
curvatures is not a straightforward process. The problem can be solved by successive 
iterations for each element, according to the following steps: 

a) An arbitrary value of the shear deformation Av is assumed. The associated shear 
force is calculated using the corresponding relationships between shear force and 
shear deformations. 

b) End curvatures are calculated using the given value of the shear deformation. 



273 

c) End moments are calculated using the end curvatures and the moment-curvature 
relationships. 

d) The shear force is re-calculated by equilibrium in the element. 

e) Shear forces calculated in steps (a) and (d) are compared. If the difference is small 
enough to satisfy a given tolerance criterion, the assumed value for the shear 
deformation was the correct solution. If the difference is important, the process must 
be repeated using a different value for the shear deformation. 

The deformations and internal forces calculated during the last step of the iteration 
process are the solution of the problem. 

B.5 Unbalanced Forces 

Using the internal forces determined as described in the previous Section, the nodal 
force vector at the end of the step n can be re~calculated as P' ft. The unbalanced force 
vector is the difference between this vector and the cumulative force vector P ft, calculated 
using the tangent stiffness matrix at the beginning of the step. The unbalanced force vector 
is carried on to the next step and eliminated as described in Section B.3. 

B.6 Organization of SCAM 

Each step of the above process is performed by one or more subroutines. The 
general organization of the computer program SeA is shown schematically in the flow chart 
of Fig. B.4, and is described in this Section. 

B.nJ Reading of Input Data. Input data are read in the Main Program and in the 
subroutines INDAT and INLOAD. Data include: 

a) 

b) 

c) 

d) 

General data 

Structure model data: Joint coordinates; supports conditions; 
element properties, including initial elastic element properties 

Force deformation characteristics of the elements, including moment
curvature and axial force-deformation curves 

Initial static load conditions 

A complete description of the input is given in Section B.7. 
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Start 

1 

I 
Read Input Data 

I 
,1,' 

Calculate Tangent Stiffness Matrix 

~ Yes ~ Static ? Step· Loads 

No 
Calculation of Force 

and Displacement 
Vectors due to Initial 

Static Loads 

Calculate: Incremental Displacement and Force Vectors 
Cumulative Displacement and Force Vectors 

No Iterations 

i Converge? 

End 
Yes 

Calculate: Element Deformations 

Tangent Stiffness Properties for Each Element 

Calculate Unbalanced Force Vector 

Figure B.4: Flow Chart of Computer Program SCAM 
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B.6.2 Computation of Tangent Stiffness Matrix. The general organization of the 
calculation of the tangent stiffness matrix is shown in Fig. B.5. 

MAIN PROGRAM 

I 
ESTF 

I I I 
STITOT 

EROT ESTFL ESTFG SPRING 

Incorporates 
Support 

Displacement Element Element Elemental 

Transformation Stiffness Matrix Stiffness Matrix Stiffness Matrix Conditions 

Matrix in Local In Global Into Structure 
Coordinates Coordinates Stiffness Matrix 

Figure B.5: Organization of tangent stiffness matrix calculations 

Elastic initial properties from the data input are used to calculate the tangent 
stiffness matrix during the first step. Equivalent elastic stiffness properties calculated using 
the elements' force-deformation curves are used in the next steps. The following is a 
description of each subroutine. 

EROT: 

ESTFL: 

ESTFG: 

STITOT: 

SPRING: 

Calculates the displacement transformation matrix RLA and RLB, as 
described in Section B.2.2. 

Calculates the element tangent stiffness matrix in local coordinates 
KLA, KLB, KLAB, and KLBA, as described in Section B.2.2. 

Calculates the element tangent stiffness matrix in global coordinates 
K, as described in Section B.2.2. 

Incorporates the element stiffness matrix into the structure tangent 
stiffness matrix KTOT, stored in banded form. 

Incorporates support conditions to KA TOT. Spring constant values 
are added to the elements of the main diagonal of KA TOT 
corresponding to DOF with elastic support conditions. Large value of 
the spring constant is used for rigid supports. 
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B.6.3 Computation of Initial Displacements. Nodal displacement and force vectors 
associated with an initial static arbitrary distribution of loads are calculated. This step, 
performed only once at the beginning of the loading process using the elastic initial 
properties of the structure, involves the following subroutines: 

INLD: Reads input data for loads and incorporates nodal loads PX, PY, and 
M into the cumulative force vector PTOT. 

SYMSOL: Calculates the cumulative displacement vector DTOT associated with 
the static initial loads. 

B.6.4 Computation of Incremental Displacement and Force Vectors. The incremental 
nodal displacement and force vectors for each step are calculated by the subroutine INCR, 
according to the solution algorithm described in Section B.3: 

a) The initial incremental displacement vector DD is taken equal to the DD 
obtained in the previous step times a factor FACT, equal to 1 for the first 
iteration step. 

b) The incremental displacement at the specified degree of freedom 
DD(NSPDOF) is set equal to the specified increment SPDIS. 

c) The force vector DP associated with DD is calculated as DP = (KTOT)(DD). 

d) The correction vector DPl, needed to eliminate forces corresponding to 
degrees of freedom other than the specified ones in DP, is calculated. 
DP1(NSPDOF) = DPO, an arbitrary value. Unbalanced forces (PTOTI -
PTOT) are added to DPl. 

e) The displacement vector DDI associated with DPI is calculated using the 
subroutine SYMSOL. 

f) If DDl(NSPDOF) is small enough compared SPDIS to satisfy a given 
tolerance criterion, the process converged and: 
DD = DD + DDI 
DP = DP + DPI 
DTOT = DTOT + DD 
PTOT = PTOTI + DP 

g) If DDl(NSPDOF) is not small compared with SPDIS, a new value od DPO is 
calculated using the bi-section iteration method and steps (d) to (g) are 
repeated. 
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h) If the number of iterations is larger than an upper limit, the process starts 
again from step (a) using a smaller value of FACT. 

i) If FACT is smaller than a lower limit, the process is stopped. 

B.6.5 Computation of Element Deformations and Tangent Stiffness. Flexural, shear 
and axial deformations at the ends of each element, and equivalent tangent stiffness 
properties to use in the next step, are calculated by the subroutine FODE, using the 
cumulative nodal displacement vector DTOT, as described in Section B.4.3: 

a) An initial value is assumed for the element shear force SHFRC. 

b) Given the cumulative displacement vector DTOT, the element displacement 
vector in local coordinates DELOC is calculated using the subroutine EROT 
to determine the transformation of coordinates matrix RL. 

c) The axial deformation AXDEF is calculated, and using the subroutine AXFD, 
the axial force AXFRC is calculated. 

d) Knowing the axial force AXFRC, the subroutine MCI determines the 
moment-curvature curves to use for this element. 

e) Using the assumed value for the shear force SHFRC, the shear deformation 
SHDEF is calculated using the subroutine SHFD. 

t) End curvatures PHil and PHI2 are calculated considering corrections by 
shear deformation, as described in Section B.4.2. 

g) End moments Ml and M2 are calculated by subroutine MC2. 

h) Shear force is recalculated by equilibrium using Ml and M2. 

i) Steps (e) to (h) are repeated until the error in the calculation of the shear 
force is small enough to satisfy a given tolerance criterion. Bi-section method 
is used to determine the new value of SHFRC to start the new iteration. 

j) If iterations do not converge to a solution, the process goes back to the 
calculation of a new incremental displacement vector DD (Section B.6.4) 
using a smaller increment of the specified DOF displacement SPDIS. 

k) If. the iterations converge to a solution, the equivalent tangent stiffness 
properties are calculated by the subroutine FLSTF. 
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A description of some of the subroutines involved in this process is given in the 
following paragraphs. 

AXFD: For a given value of the axial strain AXDEF, this subroutine calculates 
the axial force AXFRC and the equivalent cross-section area A. The 
axial force-axial strain curve used by this subroutine is shown in Fig. 
B.6. 

N 

e 

_---" ........... N2 

: ............................... N4 

Figure B.6: Axial force-deformation curve used in subroutine AXFD. 

This curve was chosen to represent the behavior of reinforced concrete 
and masonry elements under axialloadso Under compressive forces, 
the behavior is approximately linear up to an stress of about 70% of 
f c or f mo Since it is not usual to find such a high stresses in real 
elements under pure axial loads, it seems reasonable to use that point 
as N1-e 10 Under tensile forces, it can be assumed the behavior is fully 
governed by the reinforcement. Thus, € 2 corresponds to e l' € 3 to € sh' 

and € 4 to € u' and the N forces are those associated with the yielding 
and ultimate capacity of the reinforcement. 

Assuming the modulus of elasticity remains constant, the axial tangent 
stiffness is represented by the equivalent cross-section area A, which 
in terms of the slope of the force-deformation curve at any particular 
point is: 

A = l. (aN) 
E de 
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The inelastic effects on the shear force-deformation relationship have 
been included by using an equivalent effective shear area A V in the 
usual elastic expression for the shear force-shear deformation 
relationship. This effective area has been assumed to be proportional 
to the neutral axis depth eNU of the section: 

SHDEF = SHFRC * L 
G * AV 

AV = CNU * TW 

Where G is the shear modulus of the material and TW is the web 
thickness. 

This subroutine calculates the tangent flexural stiffnesses at the ends 
of an element. Given a set of moment-curvature curves for each 
section and the axial load acting on that section, the subroutine 
interpolates between the two curves with the closest axial loads to find 
the slope at a given curvature level. Fig. B.7 shows a typical set of 
moment-curvature curves used by this subroutine. 

Curvature <I> 

Figure B.7: Typical moment-curvature curves used in subroutine FLSTF 

Assuming that the modulus of elasticity remains constant during the 
process, the equivalent moment of inertia I for each end of the 
element is calculated in terms of the slope of the moment-curvature 
curve: 
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1 = 1. (aM) 
E a4> 

B.6.6 Computation of Unbalanced Forces. Using the internal forces for each 
element, the cumulative force vector is calculated as PTOT1 by the subroutine ASSG with 
the usual techniques in structural analysis. The unbalanced forces determined from the 
difference between PTOT1 and PTOT are eliminated by correcting the incremental 
displacement vector during the next step. 

B.6. 7 Printing of Results. Results for each step are printed at the end of the step by 
subroutine PPRINT. Load-displacement histories are printed at the end of the process by 
subroutine PPRINTZ. 

B.7 Input for Program SCAM 

Numerical input data are supplied in free format. Within each line, data are 
separated by spaces or by commas. Alpha numeric data must be entered in the specified 
format. 

1) Title: One line 

TITLE (A72): Name of the problem 

2) Control Information and General Data: One line containing 11 data 

NJ: Number of nodes 

NE: Number of elements 

NSP: Number of nodes with some displacement restrain (supports) 

NHEL: Number of elements with initial hinges at one or two ends 

NSEC: Number of different types of flexural sections. 
This indicates the number of sets of moment-curvature curves, 
If the same unsymmetrical section will be subjected to moments 
of different sign in different zones of the structure, it must be 
entered as two different sections. 

NAXSEC: Number of different types of axial sections. 
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NCODL: Initial load control code 
0: No initial loads 
1: Initial loads 

NSPDOF: Specified Degree of Freedom whose displacement history will control 
the process. 

SPDIS1: Displacement increment for the specified DOF 

NPREL: Number of the degrees of freedom, in addition to the specified one, 
that will be subjected to external loads 

NRSPD: Number of regions in the displacement history of the specified DOF 
with different factors amplifying SPDISI (Refer to Fig. B.8) 

Output Control Information: One line containing 6 data. Each data is a code 
indicating whether a part of the output will be 
printed or not. 
For each code: 

NCDGEN: General data input echo 

NCDJE: Element property input echo 

NCDMC: Force-deformation input echo 

0: 
1: 

NCDl: Incremental displacement and force vectors 

NCD2: Cumulative displacement and force vectors 

NCD3: Element forces and deformations 

No printing of output 
Print output 

4) Moment-Curvature Curves: General Data: NSEC + 1 lines 

4.1) One Line: 

NPTMAX: Number of points of each moment-curvature curve. This is a 
unique number for all curves 

4.2) NSEC Lines: Each line contains 2 values: 

Integer: Number identifying section type, less than or equal to NSEC 
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NCURV: Number of moment-curvature curves for this type of section 

5) Node Coordinates: NJ lines, each containing 2 values. Node coordinates must be 
entered in sequence, starting from the first node 

X: X coordinate 

Y: Y coordinate 

6) Support Conditions: NSP lines, each containing 4 values. 

NJOSP: Number of the node with some displacement restrain 

KX: Spring constant in X-direction. If totally restrained, use 1.E15 

KY: Spring constant in Y-direction. If totally restrained, use 1.E15 

KG: Rotational spring constant. If totally restrained, use 1.E15 

7) Element Properties: NE lines, each containing 13 values 

N1: Node number at end A 

N2: Node number at end B 

A: Cross-sectional area 

AV: Cross-sectional effective shear area 

I: Cross-sectional moment of inertia 

TW: Web thickness 

E: Modulus of elasticity 

SNU: Poisson's modulus 

D1: Rigid portion length end A 

D2: Rigid portion length end B 

NSCOD: Type of flexural section 

NSAXCOD: Type of axial section 
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NELCOD: Code indicating inelastic action of the element: 
0: Element remains elastic with the initial properties unchanged. 

No force-deformations output will be available for this element 
1: Element will behave inelastically and its stiffness properties will 

be modified during the process 

8) Hinged Elements: NHEL lines, each containing 2 values. Omit if NHEL = 0 

NJHEL: Number of the hinged element 

NJOHEL: Code indicating hinging condition: 
1: Hinge at initial end 
2: Hinge at final end 
3: Hinges at both ends 

9) Specified DOF Displacement History: NRSPD lines, each containing 2 values. 
Refer to Fig. B.8. Omit if NRSPD = 1 

FACSPD: Factor that amplifies SPDIS1 

LIMSPD: Upper limit of the specified DOF displacement for which F ACSPD is 
valid 

10) Incremental Load Distribution: NPREL lines, each containing 2 values. Omit if 
NPREL = 1 

NNPREL: Number of the loaded DOF 

PREL: Ratio between load in NNPREL DOF and load in the specified DOF 

11) Moment-Curvature Data: -NSECx[2 + NCURVx(NPTMAX + 1)] total lines 

11.1) One Line: 

-Steps (11.1) to (11.3) must be repeated for each section, 
making a total of [2 + NCURVx(NPTMAX + 1)] lines 
for each section 
-Data must be input in sequential order, starting from 
the first section 
-Refer to Fig. B.9 for an example 

TITL (A72): Name of the section type 

11.2) One Line: 
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) 
I 
'C 

8 

f 

NRSPD-3 
SPOIS1 • FACSPD(3) 

.......................................... ...-------... 

SPOISl • FACSPD(l) 

................... 1 SPOIS1· FACSPD(2) 

o UMSPO(l) UMSPD(2) UMSPD(3) 

Specified OOF displacement history 

Figure B.8: Example of specified DOF displacement history. 

Integer: Number of the section type 

11.3) NCURVx(NPTMAX + 1) Lines: -Steps (11.3.1) to (11.3.2) must be 
repeated NCURV times for each section 

11.3.1) 

LOAD: 

11.3.2) 

MOMPT: 

PHIPT: 

CNUPT: 

One Line: 

-Axial load for the particular moment-curvature curve 
-Compressive force is positive 
-Curves must be input in sequential order~ starting from the highest 

axial load 

NPTMAX Lines: -Each line contains a moment-curvature point 

Moment 

Curvature 

Neutral axis depth 

and the corresponding value of the neutral 
axis depth 

-Points within each curve must be input in 
sequence, starting from the lowest 
curvature value 



Ii: 
:E 
o 
:E 
C 
CD 
E o 
:E 

EXAMPLE: NPTMAX - 6 
Section Type - n 
NCURV(n) - 3 

______ -"'" LOAD{n,1) 

LOAD(n,2) 

LOAD(n,S) 

Curvature PHIPT 

Figure B.9: Example of moment-curvature data 
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12) Axial Force-Deformation Data: -NAXSECx6 lines 
-Steps (12.1) to (12.3) must be repeated for each 

section, making a total of 6 lines for each 
section 

-Data must be input in sequential order, starting 
from the first section 

-Refer to Fig. B.10 

12.1) One Line: 

TITL (A72): Name of the section type 

12.2) One Line: 

Integer: Number of the section type 

12.3) Four Lines: -Each line contains 2 values corresponding to one point of the 
axial force-deformation curve (refer to Fig. B.9) 

AXDPT: Axial deformation (in/in), tension is positive 

AXFPT: Axial force, tension is positive 
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Ii\N 

AXFPT(n.l) 

AXDPT(n.4) AXOPT(n,3) AXDPT(n,2) 

AXDPT(n.l) 

. . . . . . . . . . . AXFPT(n,2) 
.. .. .. .. . .. .. .. .. . .... AXFPT(n.3) 

........................................ AXFPT(n.4) 

Figure B.10: Axial force-deformation input 

E 



APPENDIX C 
SHEAR STRENGTH MODEL FOR MASONRY WALLS 

C.l General 

To analyze the behavior of the specimens tested as part of this work, a model was 
needed to represent the shear capacity of masonry walls and piers. As mentioned in 
Chapter 2, there has been extensive discussion on how to evaluate shear capacity of masonry 
elements. Several expressions for calculating shear capacity of masonry walls have been 
proposed recently [1,7,8,10,20,22]. Most are empirical, and include in different ways, some 
or all the aspects influencing shear strength of masonry walls. 

To illustrate the differences among the results obtained, the shear capacity of a 
typical pier of the Type 1 specimens was evaluated· using the different existing expressions 
[1,10,20], and compared with the 1988 UBC [19] strength design recommendations for 
masonry walls. The pier was analyzed assuming an MjVd ratio of 0.46 (contra flexure point 
at mid-height), axial stress of 300 psi, and using #3 jamb bars as longitudinal reinforcement. 
Since this analysis was performed in advance of the tests of the specimens, assumed material 
properties were used: f m = 2000 psi; and i y = 72 ksi. The results are shown in Fig. C.1 
for different values of the transverse reinforcement ratio. Minimum values of all curves 
correspond to the minimum transverse reinforcement ratio of 0.07%, as prescribed by the 
1988 UBC [19] for fully reinforced walls. The dot in each curve indicates the maximum 
transverse reinforcement ratio found in the experimental work on which the analytical model 
was based on. 

As shown in Fig. C.1, significant differences exist among the results of the different 
models to compute the shear strength of the pier, especially for high values of the transverse 
reinforcement ratio. 

To select an appropriate analytical model for the piers of the Type 1 specimens, the 
different existing models were evaluated using the results of tests performed on pier 
specimens similar to those of the Type 1 specimens. Ratios of predicted shear strength to 
measured shear strength were calculated for each model. At the time those analyses were 
performed, the shear strength models of Matsumura [10], Blondet et al. [20], and Hidalgo 
and Uiders [7] were available. Results, given in Ref. [38], showed that the model proposed 
by Blondet et al. had the best agreement with the experimental results. As described in 
Appendix A, piers of Type 1 specimens were designed using that model. 

However, it was believed by this author that further analyses were needed to improve 
that model and/or propose a new one to predict shear capacity of masonry walls. A first 
step was to analyze the degree of agreement of the existing models with available 
experimental results. Based on the obtained conclusions, a new model is proposed here. 
Finally, results obtained with the new model are compared with experimental data. 
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Figure C.l: Predicted shear strength of Type 1 Specimen pier. 

Experimental data selected for this study included only results from tests on fully 
grouted concrete masonry walls, with enough transverse reinforcement to prevent a brittle 
shear failure; that is, their ultimate shear capacity was larger than diagonal cracking 
strength. In all cases, transverse reinforcement had l80-degree hooks around extreme 
longitudinal reinforcement. Of each set of results, only those walls showing a shear mode 
of failure were considered. Data were taken from tests performed at The University of 
California, Berkeley [12], in Japan by Matsumura [10], and at The University of Colorado 
by Shing [4]. Additional tests results obtained at Berkeley [43,44] were not considered 
because they did not satisfy the conditions previously mentioned. Detailed descriptions of 
the specimens and test results are given in the references above, and are not be repeated 
here.. Test results and calculations are summarized at the end of this Appendix. 

C.2 Analysis of Existing Models 

Experimental results were compared with predicted values obtained with some of the 
existing models. Results are discussed with emphasis on each one of the factors governing 
the shear capacity of masonry walls. 
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Models studied included the 1988 UBC [19] provisions for strength design of masonry 
walls, the model proposed by Blondet et al. [20], the model of Matsumura [9], and the 
model proposed by Shing et al. [1]. All the models, described at the end of this Appendix, 
use the approach of representing the shear strength after diagonal cracking Vn as the 
summation of the residual strength of the masonry V m plus the contribution of the transverse 
steel ~. 

v ;: V + V n m of 
(C.I) 

To compare the degree of agreement of each model with the experimental results, 
ratios of the predicted shear strength to the measured shear strength were calculated. Plots 
of the strength ratios versus the transverse reinforcement ratio, defined as the ratio of the 
total transverse reinforcement area to the vertical cross-section area, are shown in Figs. C.2 
through C.S. In those figures, the mean value and the 90% and 10% fractile values are 
indicated by dashed lines. Statistical results of those calculations are given in Table c.l. 

Table C.1 Statistical summaries of ratios of predicted shear strength to measured shear strength I 
Model 

1988 UBC (191 0.70 15.7 0.97 0.41 

Blondet et a!. [20] 0.85 10.3 1.04 0.65 

Matsumura [9] 1.02 10.2 1.21 0.84 

Shing et a!. [11 0.90 13.4 1.09 0.62 

Based on the discussion of the shear strength mechanism of reinforced masonry walls 
given in Section 2.3.2, the results of the strength ratio calculations will be analyzed in the 
following sections. 

C21 Transverse Reinforcement Contribution to Shear Strength. As discussed in 
Section 2.3.2, shear strength Vs is provided by the tensile capacity of the horizontal steel 
crossing the diagonal crack (Fig. 2.8). The effectiveness of the transverse reinforcement in 
resisting shear forces can be expressed in terms of the ratio between the ~ actually 
developed and the total shear capacity if all the bars crossing the diagonal crack were able 
to reach the yielding point. 

The 1988 UBC [19] expression for Vs [19] is based on the assumption that all the 
transverse reinforcement crossing a 4S-degree diagonal crack will eventually yield, as in the 
case of reinforced concrete elements. As seen in Fig C.2, the ratios of predicted strength 
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Figure C.2: Ratios of predicted shear strength to measured strength. 1988 VBC [19] 
strength design equations for masonry walls. 
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Figure C.3: Ratios of predicted shear strength to measured strength for model of Blondet 
et al. [20]. 
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Figure C.4: Ratios of predicted shear strength to measured shear strength for model of 
Matsumura [9]. 
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Figure C.S: Ratios of predicted shear strength to measured shear strength for model of 
Shing et al. [1]. 
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to measured strength calculated using the 1988 UBC recommendations, tend to increase as 
the transverse reinforcement ratio increases. These results suggest that the contribution of 
the transverse reinforcement to the shear strength of reinforced masonry walls is 
overestimated by those recommendations. Because 1988 UBC limits the maximum available 
shear strength, the recommendations seem to be conservative for large values of the 
transverse reinforcement ratio. 

Blondet et al. [20] assumed that the transverse reinforcement effectiveness is a 
constant equal to 50%. As seen in Fig C.3, the ratios of predicted strength to measured 
strength are more uniformly distributed with respect to the transverse reinforcement ratio 
than in the previous case. However, the strength ratios still tend to increase for higher 
values of the transverse reinforcement ratio, which suggests that contribution of steel is 
overestimated in that range. 

Matsumura [9] assumed that the contribution of the transverse steel is proportional 
to the square root of the transverse reinforcement ratio. The transverse reinforcement 
effectiveness ratios for all the walls of this study, calculated with this model, are shown in 
Fig. C.6. From that figure, it is clear that Matsumura's model lacks an upper limit for the 
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steel contribution at the range of low 
transverse reinforcement ratios, as * 120 

the effectiveness ratios become ~ 
larger than one. This conclusion is ! 
verified by examining Fig. CA. .~ 
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, ','7" v,., 
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contribution to the shear strength in ~ 0 +---r---,--.......,..---r--r---r---I 
that range. 0 0.1 0.2 0.3 0.4 O.S 0.6 0.7 

Traosvmse Reinforcement Ratio % 

Shing et al. [1] assumed that Figure C.6: Effectiveness of transverse 
the steel contribution effectiveness reinforcement, model of Matsumura. 
decreases as the spacing s between 
transverse bars is increased. As the 
transverse reinforcement ratio usually increases as s decreases, the effectiveness ratio of the 
transverse reinforcement becomes larger for higher reinforcement ratios. As shown in Fig. 
C.7, the effectiveness ratio is practically constant at approximately 70% for transverse 
reinforcement ratios larger than 2%. As shown in Fig. C.S, strength ratios tend to increase 
with transverse reinforcement ratio. 

C22 Masonry Contribution to Shear Strength. As described in Section 2.3.2, the 
masonry contribution V m to the shear strength is the residual masonry shear strength after 
diagonal cracking. Vm is provided by shear transfer at the compression toe of the wall, by 
aggregate interlock between the faces of the diagonal crack, and by dowel action of the 
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longitudinal reinforcement crossing 
the diagonal crack. The following 
parameters affecting V m have been 
identified: the compressive strength 
of the masonry f' m; the aspect 
ratio of the wall, usually represented 
by the MjVd ratio; the axial stress 
level fa; and the longitudinal 
reinforcement ratio P v. The existing 
models consider the contribution of 
some or all of these parameters, 
usually in a semi-empirical way. 
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C.3 Proposed Shear Strength 
Model for Reinforced 
Concrete Masonry Walls 
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Figure C.7: Effectiveness of transverse 
reinforcement, model of Shing et al. 

Based on the discussions regarding the shear strength mechanism given in Section 
2.3.2, and on the analysis of the existing models, a new shear strength model for masonry 
walls has been proposed. The new model uses the conventional approach of representing 
the shear strength after diagonal cracking Vn as the summation of the residual strength of 
the masonry Vm plus the contribution of the transverse steel Vs. 

C3.1 Transverse Reinforcement Contribution to Shear Strength. From the analysis of 
the existing models, it was concluded that if a minimum ratio of transverse reinforcement 
is provided and a maximum spacing between transverse rebars is maintained, the 
effectiveness of the transverse steel can be assumed constant, with a value of 0.5 or less. 

The contribution of the transverse reinforcement Vs to the shear strength can be 
expressed as: 

Where: 
ex = 
Ah = 
t = 
h = 
d = 
fy = 
Ph = 

Ah 
V = «- tdf. = «Phtdf.y 

If ht y 

Transverse reinforcement effectiveness ratio 
Total transverse reinforcement area 
Wall thickness 
Wall height 
Effective depth of wall cross-section 
Yielding strength of transverse reinforcement 
Ah/th = Transverse reinforcement ratio 

(C.2) 
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To determine an appropriate value of a, the expression of the shear strength of the 
masonry wall can be conveniently written as: 

(C.3) 

Where: 
vn = Vn/td = 
vrn = Vrn/td = 

Average shear strength 
Average masonry contribution to the shear strength 
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Figure e.S: Shear strength of masonry walls with M/V d = 0.60 - 0.62. 

To eliminate the influence of the other parameters on the shear strength, test data 
were arranged in groups of specimens of the same properties. Figs. e.S and e.9 show the 

. results obtained for walls with M/Vd ratios between 0.60 and 0.62, and 0.82 respectively. 
In both cases, the results have been arranged by different levels of axial stresses. Available 
data for other M/Vd ratios were in small quantities that did not permit valid results to be 
obtained. The series with the largest number of points in each plot was used to fit an 
straight line using a linear regression technique. Because the form in which the data have 
been represented, the slope of this line is directly the transverse reinforcement effectiveness 
ratio. Results of the linear regression analyses are given in Table 2, and the lines have been 
plotted in Figs. e.8 and C.9. 

From these results, a transverse reinforcement effectiveness ratio of about 0.4 seems 
to be adequate. 
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Figure C.9: Shear strength for masonry walls with M/V d = 0.82. 

Table C2 Transverse reinforcement effectiveness IX calculated from linear regression 
analyses. 

I MfVd I Axial stress 1.. I Num=n: data I Slope a I Correlation I psi coefficient 

0.60 - 0.62 400 - 437 8 0.37 0.61 

0.82 284 9 0.47 0.64 

C.3.1 Masonry Contribution to Shear Strength. It was the intention of this author to 
select a single parameter involving all the mechanisms that govern the masonry residual 
shear strength. To do that, shear resisting mechanisms were related to the conditions 
existing at the section subjected to the maximum level of bending moment, which is usually 
the base of the wall. 

For a critical section already cracked due to reversal loading cycles, the mechanism 
of shear transfer at the compression toe can be visualized as a problem of force transfer by 
friction between two surfaces. The strength developed by that mechanism of shear transfer 
will depend on the level of clamping forces in the compression toe. The normal stress level 
in the compression toe, which defines the extent of the clamping forces, depends on the 
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axial force acting on the wall, on the level of flexural stresses in the compression toe, and 
on the size of that area. The neutral axis depth c at the base section, as calculated from 
usual principles for the section under combined flexure and axial load, and the ratio of the 
acting moment to flexural capacity M/Mn for that section, represent adequately both 
parameters: the size of the compression toe, and the axial stress level. 

The aggregate interlock effect depends essentially on the opening of the diagonal 
crack, which in turn depends on the axial stress level and the reinforcement in that zone. 
The influence of the transverse reinforcement in this mechanism has already been 
considered in Vs' The amount of longitudinal reinforcement can be also represented by the 
neutral axis depth c of the wall section. 

The aspect ratio of the wall, which is usually expressed in terms of the MjVd ratio, 
indicates the relationship between the shear acting on the wall and the bending moment at 
the critical section, It can be reasonably assumed that this ratio remains constant for 
sections in elements close to develop their capacity. Since the neutral axis depth depends 
directly on the moment, the M-V relationship can be expressed in terms of c. 

An additional parameter considered in this study was the moment-shear capacity 
interaction. The mechanism governing the flexure-shear interaction is still unknown. While 
the flexural capacity development is a mechanism involving some definite critical sections 
of the wall, the shear strength mechanism involves either the complete element, or the 
interstory height of the wall. 

The available experimental evidence has shown that the influence of the shear stress 
level on the flexural capacity of the wall's critical sections is insignificant. Due to shear 
deformations, the plane-section assumption is not longer valid for high levels of forces, 
However, the flexural capacity is not affected. 

The shear capacity of the wall ia also affected by the level of flexural damage. 
Flexural cracks extending to the web of the wall are likely to reduce the residual shear 
capacity of the masonry. This fact was noted by Priestley [23] who suggested that the 
masonry shear capacity should be reduced according to the level of ductility demand on the 
wall. Based on this considerations, the neutral axis depth c for the critical section, at the 
time the shear failure occurs, was used as the parameter to represent the shear-flexure 
interaction. 

In summary, the neutral axis depth c, and the ratio of the acting moment to flexural 
capacity M/Mn at the critical section, are the parameters chosen to represent the residual 

r masonry shear strength Vm. The proposed expression for Vm is therefore of the following 
form: 
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.y = c E ~ td ~ 
m m d M ~Jm 

n 

(C.4) 

The value of the constant em was determined from the experimental data. The 
flexural capacity Mn and the neutral axis depth c of the critical section, for the given level 
of axial load at shear failure, were calculated using the RCCOLA computer program [39]. 
The bending moment M at the critical section at shear failure was calculated using the given 
M/Vd ratio. Vs' calculated using Eq. C.2, was subtracted from Vn to obtain V m and calculate 
Cm for each point. This process was repeated for different values of a in Eq. C.2, ranging 
from 0 to 1. The average Cm and the standard deviation were computed for the entire 
series of data, for each a. As shown in Fig. C.lO, the coefficient of variation is minimized 

30~-----------"'" 

o+-_~ ___ ~ __ ~ __ ~ __ ~ 
o 0.2 0.4 0.8 0.8 1.0 

Transverse ralnforcement affecdven8&l ratio IX 

Figure C.lO: Standard deviation of em calculations. 

for a = 0.4, which is the same value previously estimated for the transverse reinforcement 
effectiveness ratio. 

Based on these results, the following equation is proposed to evaluate the shear 
strength of a reinforced concrete fully grouted masonry wall: . 

v = V + V n m s (C.S) 

Where: 

Y = 18 E ~ td ~ 
m d M ~Jm 

n 

(C.6) 

(C.7) 
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C.4 Analysis of the Proposed Shear Strength Model for Reinforced Concrete Masonry 
Walls 

To compare the degree of agreement of the proposed shear strength model with the 
experimental results, ratios of the predicted shear strength to the measured shear strength 
were calculated and plotted, as shown in Fig. Cll. 

1.4 

------------~----V-----e---v-----[j:'·--~~-----.;)------------:"Mean-.:-O~98------------

--------------~-----------------------~---~-------~-------------:"----io~------------------

t 1.2 
t'Il 

1 1.0 

0.8 ~ 

·.·0· 

------------Ej------------~----------: ~ : 

90% 

-..d 0.6 bo 
5 
~ 

0.4 t'Il 

as ..... u 

~ 0.2 
~ 

0 

0 0.1 0.2 0.3 0.4 O.S 0.6 0.7 

Transverse Reinforcement Ratio % 

Figure C.ll: Predicted shear strength to measured shear strength ratios for proposed shear 
strength model. 

The mean value of the strength ratio distribution was 0.98, and the standard deviation 
was 8.3% of the mean. The maximum and minimum values were 1.17 and 0.71, and the 
90% and 10% fractiles were 1.08 and 0.87 respectively. 

A simple examination of Figs. C11 and C.2 to C.5 shows that the strength ratio 
distribution of the proposed model is more uniform than those of the existing models. The 
ratios tend to be closer to the mean value and they do not show a tendency to vary with the 
transverse reinforcement ratio. 
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