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1. INTRODUCTION

Tili~up construction is an efficient and economic method for constructing low-rise structures which has
become popular throughout the United States. Wall panels in tilt—up structures are cast horizontally at the
construction site, rather than in a prefabrication plant or on-site in vertical forms. Tili-up construction
derives its name from the process of “tilting” the wall panels up into their final vertical position. Once in
place, the panels are con.ected to one another using pilasters, steel plates, or splicing “chord” steel at the roof
level, so as to form a structurally continuous wall systeor. The panels are then counected to the foundation
using cast-in-place “dowel-type” connections [80]. Finally, the roof is attached to the wails through ledger

beams attached 1o the panels.

Tilt-up construction offers certain advantages to contsoctors when compared with conventional cast-in—
place walls or precast wall sections shipped to the site [3]. Tilt—up walls are usually cast horizontally on the
floor slab, therefore, form costs are low only the edges of the wall need to be formed. Furnther, both compac-
tion of the concrete and preparation of special surface finishes are easier when panels cast horizontally rather
than vertically. Also, transportation costs and restrictions on pane! size and configuration due to vehicle li-
mitations are virtually eliminated when the panels are cast on site [ 70]. Generally, tilt—up walls are only han-
dled once (when they are tilted into place} during the construction process [30]. Consequently there is less
chance of damage to a tilt—up wall panel, as compared to the use of conventional precast elements, which must
be handled at least twice. Tilt—up pancls can also function as shear walls [70] thercby climinating the need

for perimeter bracing and reducing overall buiiding costs.

There are, however, several distinct disadvantages to tilt—up construction. Some of its constructibility
advantages are lost if the structuze is located on a relatively confined site. Operations are difficult if the area
of the floor slab that is free of utilities and can be used to cast panels is less than 6,000 ftZ, or if the width of
the building is less than 50 ft. Generally itis not cost—effective to construct these small structures using tili-up
panels {31]. Uncongested, non—urban sites are desirable for tilt—up construction because adequate room is

needed for casting the panels and to allow movement of the crane used to erect the panels.

Tilt-up construction is cost—effective if a proposed building is one- 10 two—stories in height and has a
relatively simple configuration (meaning the structure is built with perpendicular comners and has large—area
offsets, if offsets are desired). Examples of simple configurations are structures with rectangular, L-shaped,
or H-shaped plan geomectrics. Structures with small-area offsets, although favored for aesthetic reasons, may

increase the cost significantly and can lead to less reliable seismic response calculations.



1.1  Past Seismic Performance

During the 1964 Alaska earthquake and the 1971 San Fernando earthquake, typical darsage in tili—up
structures included partial collapse of roof sections due to failure of the panel—to—rpof connections and col-
lapse of wall panels following failure of the panel—to—roof and panel—to-panel connections [32,41 55]. As
a consequence of the structural behavior during those carthquakes, building code provisions were revised in
an effort to improve the seismic performance of tilt-up construction [75,76,77]. The response of tilt—up
construction during the 1987 Whittier Narrows and 1989 Loma Pricta carthquakes showed that some im-
provernents had been achieved. However, the degree of damage to some tilt—up buildings in the 1987 and
1989 earthquakes was still unacceptable {10,35,691.

The seismic performance of tilt—up construction is closely linked to the connection details. The designer
of tili-up structures is faced with a difficult task of detailing each connection to provide the stiffness required
1o resist service loads within permissible deflection limits while also ensuring that each connection has suffi-
cientduculity, energy—dissipation capacity, and stability to survive seismic loads. The connections must also

accommodate the expansion and contraction of structural elements due 1o temperature, creep, and shrinkage
f2i].

1.2 Research Needs

In the two decades since the San Fernando earthquake, considerable efforts have been made to improve
the seismic performance of tilt—up construction. Building code provisions have been revised {63}; lateral-
load tests on slender walls have been performed [52] and the resulss led to the adoption of new design proce-
dures for tilt—up wall panels{ 5); in—planc bending tests have been conducted on a varieiy of diaphragms repre-
senting typical roof construction {1,23,43,44,45,72,74]; analytical models have been developed to calculate
the overall response of tili-up structures to seismic ioadings [1,4,6,7,8,12,53,54); and isolated tili—up panels
have been subjected to simulated earthquake loading [6,7,28)]. The results of these investigations have led

10 an improved undersianding of the behavior of tilt—up structures during strong ground motion.

However, the performance ot iilt—up construction in recent earthquakes demonstrates that additional re-
search is needed if seismic damage is to be reduced to acceptable levels. There have been no tests of complete
iilt—up systemns and atternpts to validate analytical models of tilt—up construction using the measured response
of buildings during recent earthguakes have been limited. Physical testing has consisted only of tests onsingle
panels and isolated diaphragms. There have been few tests to measure the capacity and ductility of typical
congections used in tilt—up buildings. Finally, there are a large number of existing tilt—up structures that have
details which do not satisfy current building code regulations. Repair and rehabilitation procedures must be

developed 10 reduce the seismic vuinerability of these structures.



1.3 Objective and Scope

This report is intended 10 summarize existing information about the seismic performance of tili-up
construction. The scope of the report is limited to traditional, tilt-up structures in which conciete wall panels

are cast horizontally. No attempt is made 10 interpret the response of tili—up frame structures.

This repon is divided into seven chapters. Chapter 2 describes the influence of construction techniques
on the desiga of tilt-up structures. Design considerations for the wall panels, the roof diaphragm, and the
critical connections used in tili—up construction are discussed in Chapter 3. In Chapier 4, the results of pre-
vious experimental tests of till—up wall panels and roof diaphragms, and previous analytical studies are sum-
marized. Acceleration histories recorded during recent earthquakes measured in three tilt-up buildings in
California are evaluated in Chapter 5. Chapter 6 summarizes the damage observed in tilt—up structures fol-
lowing the 1964 Alaska, the 1971 San Fernando, the 1987 Whittier Narrows, and the 1989 Loma Prieta earth-

quakes. Results are summarized in Chapter 7.

1.4 Acknowledgements
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2. CONSTRUCTION OF TILT-UP STRUCTURES

Most important developments related to the design and construction of tilt—up structures may be traced
10 innovations in the field. Tilt-up was first used in the early 1900’s as an efficient method for fabricating
durable concrete wall panels used in military structures [13]. Contractors found that the quality of concrete
panels casthonzontally and tilted into place exceeded that of traditional casi—in—place walls. Until the 1960’s,
1lt-up construction was used almost exclusively for one and two-—story warehouses and industrial structures
where economical, quick construction was emphasized [24]. During the past 30 years, increased attention
has been placed on aesthetics, and the uses for tilt-up structures now include office buildings, shopping cen-
ters, and other commercial buildings. Construction techniques have been continually refined as the market

for tilt—up structures has continued to expand.

Typical techniques for fabricating and erecting the tilt-up wall panels and roof diaphragms are reviewed
briefly in the following sections. The influence of these construction techniques on the design of tilt-up struc-

tures is aiso discussed.

2.1 Wall Panel Construction

Knowledge of fabrication and erection 1echniques for til—up panels is required to proportion the panels
effectively. Although the panel height is determined by the architect, panel weight, and therefore width and
thickness, is often limited by the capacity of the crane used during construction. Stresses induced in the panels
during lifting must also be considered during design [79]. Cables are attached to connections cast in the wall
panels at the pick points {Fig. 2.1) and used by the crane to lift the panels from a horizontal to a vertical posi-

tion. lmproper placement of the pick point can result in extensive cracking of the panel during tilting.

Other factors considered in design include panel fabrication, positioning of the crane at the site, and the
lifting schedule. The proposed building floor plan, panel dimensions, and the architectural treatments 1o the
exterior panel surface must be considered to ensure that panel fabrication and erection are completed effi-
cienmly and economically [46]. For example, the outside face of the wall panels is typically cast against the
flourslab. The crane is then attached 1o the inside face of the panel and the panels are positioned from inside
the building (except when erecting the last few panels) [46]. This procedure prevents excessive head swing
from the top of the panel and provides excellent traction for the crane when it operates on the floor slab
(Fig. 2.2). Hence, the panel erection process influences the proportioning and fabrication of the wall panels

and the design of the building foundation.

Special attention must be paid to the design of concrete panels. Variations in width should be minimized
and attention paid to large openings in order to epsure structural integrity and maintain serviceability after

the panels have been lifted into place [10,35,78]. The openings should be located $o as not 1o interfere with



the load path within the panel (Fig. 2.3). 1tis desiroble that openings be placed 5o as not o intr.rcept panel
joinus (Fig. 2.4), because differcniial movements between panels can cause doors to stick or windows to break
[78]. However, piers must be of sufficient size to resist shear forces, and an arrangement with panel joints

throygh the openings may b more desirable based on strength considerations.

Care must also be taken to ensure the serviceability of connections within the structure. Roof framing
members should not be connected to the walls at the panel—to—panel joints in order to accommodate thermal
expansion of the panels (Fig. 2.5) [78). Thermal effects are an important consideration for panel-to—panel

connections, because very stiff connections can cause cracking and eventual degradation of the panels {78].

2.2 Roof Construction

Roof canstruction for tilt—up and other low—rise buildings consists of the assembly of three structural ele-
menis: the framing members, the roof skin, and the fasteners. In the interest of minimizing project costs, roofs
are usually constructed to serve both as an outer protective covering for the building and as a structural dia-
phragm 10 resist lateral loads. Wood and steel are often used as the roofing elements in tilt~up bui'dings, with
plywood-sheathed roofs being the most cormmon form of roof construction in the western U.S  (Fig. 2.6).

Metal deck roafs are often used in the eastern U.S.

Building performance is often directly related to the choice of fasteners in the roof system [S7]. Because
verticat loads on the roof of a typical low-rise building are relatively small compared with lateral loads from
wind ar earthquakes, the capacity of the roof is proportional to the amount, distribution, and shearing resis-

ance of the fasteners,

2.2.1 Wood Diaphragms

A 1ypical plan view of a plywood diaphragm is shown in Fig. 2.7. Glued-laminated (glulam) beams run
in the transverse direction of the building and are connecied to the tilt-up wall panels and interior columans.
Sawn purlins span between the glulam beams, and are overlain by a skinof plywood. Nails are used to connect

the structural members.

Wood roofs designed to resist large lateral loads should be constructed as blocked rather than unblocked
systerns [33]. [na blocked roof, framing members are located around the entire perimeter of each 4x8-ft ply-
wood panel in the roof diaphragm (Fig. 2.8) {57]. Blocking prevents buckling of the plywood under lateral
loads. The shear capacity of a blocked roof is 1.5 10 2 times the streagth of a similar unblocked diaphragm
[57]. However, if the design shears are low, which might occur if the proposed building is not designed to

resist eanthquake loads, au unblocked diaphragm is probably the most cost efficient choice.

Panelized roof systems are often used to minimize the cost of constructing a wood diaphragm. Panel sec-

tions are fabricated on the ground from purlins and blocking members overlain with sheets of plywood



(Fig. 2.9). The grids are then lifted into position and connected to glulam beams and purlins already in place.
Speed of construction is the primary advantage of this technique: an experienced crew of five workers can

fabricate up to 20,000 fr® per day [33].

2.2.2 Metal Deck Diaphragms

Truss girders and steel joists typicatly serve as the wain structural members in metal deck diaphragms
(Fig. 2.10). Where shear is transferred from the diaphragm to the walls, a perimeter steel angle ledger is 1ypi-
cally used as ashear collector, as shown in Section A-A of Fig. 2.10. Insituations where diaphragm—-to-wall
connections are embedded steel plates or steel {rarning members, typical connections are as shown in Sections
B-B. C-C, and D-D. The metal decking typically consisis of ribbed members that are either puddle—welded,

screw fastened, or pin-attached to the framing members.

Similarly to blocking in a wood diaphragm, buckling of the roof skin is prevented by instailing channel
or Z- or C~type metal deck members transverse to the ribs at each panel end (Fig. 2.11). Metal decking is
typically 20-ft lony; and spans 2 to 3 joists. Therefore, placing these “blocking” elements every second or

third joist provides a mechanism for transferring large shears within the diaphragm.

2.2.3 Compuosite Diaphragms

Composite diaphragros usually comprise a metal deck diaphragm, as discussed in Section 2.2.2, overlaid
with a layer of concrete. The concrete fill acts as a global buckling mechanism for the metal deck diaphragm

skeleton.



3. DESIGN OF TILT-UP STRUCTURES TO RESIST LATERAL LOADS

Dunng design. the wall panels located aisund the perimeter of tili—up buildings are typically assumed
to form a box which resists the horizontal and vertical loads. The use of load—carrying members around the
perimeter of the structure increases the available area in the building by eliminating the need forinternal brac-
ing. When a uniformly distributed horizontal load is applied at the roof level, the raof diaphragm acts as a
deep beam (Fig. 3.1): the interior roofing members represent the web and the perimeter chords represent the
flanges (members BF and CG in Fig. 3.1). Similaily to a plate girder, the diaphragm web is designed to resist

the in—plane shear forces and the flanges are proportioned to resist the axial forces developed due to bending

3)-

Shear forces developed in the diaphragm are transferred to the end walls and are then carried as horizontal
shear into the foundation. Chord reinforcement, located in the panels at the elevation of the diaphragm or
in the edge of the diaphragm itself, restrains the out—of—plane deflections of the tilt—up panels which result

from the in-plane deformations of the diaphragm.

Tilt—up systems represent an economical alternative to metal—clad or masonry buildings in the competi-
tive environment of low-rise commercial and industrial structures. In order to reduce the total cost of a build-
ing, the effort spent on design of tilt—up systems is usually minimized [15]. Maximum advantage is taken
of standardized design procedures and minimum building code requirements. Although this approach pro-
vides a quick and inexpensive method for proportioning tilt—up wall systems, it is only reliable for regular,
rectangular buildings with few openings in the wall panels or offsets in the perimeter. More sophisticated
analytical methods may be required for the design of buildings with irregular geometries.

Design of a tilt—up system involves the proportioning of three components: the tili-up wall panels, the
horizontal diaphragm, and the primary connections (those beiween the wall panels and the diaphragm, be-
tween adjacent wall panels, and between the wall panels and the foundation). Methods used to design these

structural clements and factors affecting component performance are discussed in the following sections.

3.1 Wall Panels

The provisions of the Uniform Building Code [77] govern the design of tilt—up wall panels in most re-
gions of high seismicity in the U.S. Panels must have sufficient strength to resist moments and axial forces
due to the factored vertical and lateral loads, and must have sufficient stiffness to control deflections under
service loads. Because slender walls may develop significant out—of—plane deflections, P-4 moments must

be considered when evaluating both panel sirength and stiffness.



Individual wall panels are typically modelled as uniformly-loaded, simply-supported beams (Fig. 3.2).

The midspan deflections corresponding 10 the cracking moment, 4.,, and nominal flexural capacity, 4,,, may

be approximated as:
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where M., is the cracking moment of the panel, M, is the nominal flexurai capacity of panel, his the distance
between supponts, E. is Young's modulus for concrete, I is the moment of inertia corresponding to gross sec-

tions, and I, is the moment of inertia corresponding to fully cracked sections.

The UBC limits midspan deflections under service loads, A, 10 [77]:

h
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where 4 is calculated assuming a linear vaniation of displacement berween the cracking moment and the
nominal capacity:

(M:-M")

A= et M, ML)

(A'l _Acr ) (3'4)

where M; is the maximum moment in the wall under service loads.

Typically, the provisions of UBC Section 2336 are used to determine the design lateral forces for the wall
panels. The specified lateral force for design is [77]:

Fp=21C, W, (35)

where F is the lateral force resisted by the pazel, Z is the seismic zone facto, [ is the importance factor, Cp
is defined as 0.75 for exterior walls, and W is the weight of the panel. For a building located in seismic zone

4 with an importance factor of 1, the design lateral force is equal to 30% of the panel weight.

The UBC design procedure {77] is based on the results of a series of lateral load tests conducted by the
ACI-SEASC Task Committee on Slender Walls [16]. Twelve tili—up wall panels, with slenderness ratios
ranging fram 30 10 60, were tested during this investigation. The test configuration is shown in Fig. 3.3. The
Task Committee found that previous design procedures [81}], which assumed that the entire wall panel was
fully cracked, overestimated mid—panel deflections. An iterative approach for estimating deflections was
proposed where the panel midspan deflection is calculated using Eq. 3.6 based on the magnitude of the mid-
span moment under service loads and the midspan moment is determined using Eq. 3.7 which includes the
influence of P-4 effects (Fig. 3.4).
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where w is the lateral load, 4 is the midspan deflection, M is the midspar mioment, M, is the yield moment
for the panel, F, is the weight of the panel, F, is the applied vertical load at the top of the panel, and e is the

eccentricity of the applied load, P,.
The design procedures in the UBC and Task Committee report are based on the following assumptions:

« A wall panel behaves as a uniformly-loaded, simply--supported member: maximum moments
and deflections occur at midspan and the horizontal displacement of the top of the panel relative

to the base is ignored.
¢ The panei cruss—section is constant over the height of the panel.

Many common tilt-up structural configurations do not satisfy the conditions implied in the design proce-
dures. Under seismic loading, the roof of a tili—up structure moves relative to the base violating the assumed
simply-supported boundary conditions, concentrated loads are rransferred to the panel at intermediate points
along the panel height in buildings with multiple stories, and panels are frequently cast with large openings
causing variations in the moment of inertia over the height of the panel. Proponioning of panels with openings
for seismic loads appears to be the most important of these concerns. Damage was observed in panels with

openings following the 1987 Whitticr Narrows [10,35] and 1989 Loma Prieta [69] earthquakes.

3.2 Diaphragms

A diaphragm transfers lateral forces from one lateral-load resisting system to another. In the process of
transferring these forces, the energy dissipated by the flexible diaphragm can reduce the magnirude of the
forces that the other structural elements must resist. In tilt-up structures the roof is typically the primary dia-
phragm, however, ventical diaphragms, such as those used 10 subdivide the structure or 1o compensate for wall
offsets, may also be found in tilt—up construction. In the following sections, emphasis is placed on horizontal

diaphragms.

Horizontal diaphragms in tilt—up structures are typically designed to be flexible and may sustain sizeable
in—-plate deformations when subjected to lateral loads. As shown in Fig. 3.1, the horizontal shear developed

in the diaphragm is resisted by the transverse walls which must transfer thatshear to the foundations. Continu-



ity within the diaphragm and between the diaphragm and the transverse wall is dependent upon the strength

and deformation capacity of various connections. Four general criteria must be satisfied [73]:

» Connections between adjacent sections of the roof (e.g. BIKC and IJLK in Fig. 3.1) must restrain

relative horizontal deflections.

» Connections between the roof framing members and the diaphragm skin must prevent buckiing
of the skin.

» Connections between the diaphragm and the lateral-load resisting walls must be sufficient to

transfer the diaphragm shear (e.g. connection berween roof panel BIKC and wall panel ABCD
in Fig. 3.1).

« Connections between the sections of the diaphragm and the diaphragm chord (e.g. chords BF and
CG in Fig. 3.1) must be sufficient to transfer the shear resulting from out—of—plane bending of

the longitudinal wall panels.

Counnection dewils vary depending upon the materials used to construct the diaphragm. Factors influencing
the design and behavior of wood and metal-deck diaphragms are discussed in the following sections. Metal-
deck diaphragms generally provide more stability, stiffness, and resistance to environmenta! effects than
wood diaphragms. Experience has shown that panel—to-roof connections in tili—up structures with metal
deck diaphragms perform better under severe loadiag than panel—to—roof connections in tilt-up structures
with plywood diaphragms. However, connections between roof elements in a metal deck do not perform as
well as those in plywood diaphragms under the same conditions. Regardless of connector performance, the

materials used for diaphragm construction are usually chosen to minimize the initial cost of construction.

3.2.1 Diaphregm Strength and Stiffness

The distribution of forces from the diaphragm to the tili—up wall panels depends on the stiffness of the
diaphragm [3]. Asshown in Fig. 3.5(a), forces are distributed in proportion to the tributary area supported
by the wall panels in buildings with flexible diaphragms. In contrast, forces are distributed in propoition to
the relative stiffness of the wall panels (Fig. 3.5(b)) in buildings with rigid diaphragms. ACI Committee 551
[3] classifies diaphragras according to the shear stiffness (Table 3.2) and reports that most plywood and
metal-deck diaphragms may be considered to be semi-flexible (Fig. 3.5(2)). Composite and concrete dia-
phragms are typically semi-rigid or rigid (Fig. 3.5(b)).

According 1o one school of thought, a rigid diaphragm is beneficial for lateral-load resistance because
the out—of—plane deflections in the wall panels are reduced [42,50,73]. However, flexible diaphragms and
flexible roof-10—wall connections provide a mechanism for energy dissipation which reduces the magnitude

of the forces transmitted to the perimeter walls {71].
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(a) Wood Diaphragms

Historically, plywood diaphragms have been the most common type of diaphragm used in tilt—up
construction on the West Coast. The allowable shear strength of various plywood diaphragm configurations
is summarized in Table 3.1 [77]. The results of monotonic experimental tests [23,43,44,45 72,74] sponsored
by the American Plywood Association in the 1950’s and 60’s form the basis for these design provisions. The
nominal shear strength of plywood diaphragms is typically 3 to 4 times the allowable shear stress for design
{57).

The UBC requires that the in—plane deformations of the diaphragm must not exceed the deflection limits
of the supponiing elements [76]. The foliowing equation was developed from tests by Countryman [23] and
is suggested by the American Plywood Association [57] for calculating deflections in single-layered, ply-
wood sheathed diaohragms under service loads:

- SuLd | oL 1. X 3
d—BEAb+4G:+O'094Le"+ % (3.8}

where o is the maximum deflection of the diaphragm, in.; v is the diaphragm shear, Ib/ft; L is the diaphragm
length, ft; bis the diaphragm width, fi; A is the cross-sectional area of the chord, in.2; E is the elastic modulus,
psi; G is the shear modulus, psi, ¢ is the effective thickness of the plywood; ¢, is the deformation of the nails,

in.; Ac is the slip in the individual chords, in.; and X is the distance between the support and the splice, f1.

The four components of Eq. 3.7 correspond to deflection due 10 diaphragm bending, deflection due to
diaphragm shear, deflection due te slip of the individual nails, and deflection due to slip at the chord splices,
respectively. Representative values of fastener slip, €5, are summarized in Table 3.3. The individual chord
splice slip, 4., has not been quantified in any of the building codes or design recommendations and is usually
assumed based on data from relevant tests or engineering judgement. When the flange chord is sieel reinforc-
ing bat or steel angle ledgers as in concrete rili—up construction, the splice slip component is reduced to the
minimal effect of web—flange shear transfer between the perimeter chord and the boundary diaphragm ele-

ments [34].

{b) Metal-Deck Diaphragms

Guidelines for the design of metal-deck diaphragms are published by the Steel Deck Institute [47,48].
The resulis of expenmental tests conducted at West Virginia University [49] form the basis for these provi-

sions.

As shown in Fig. 3.6, the panel leagth for metal-deck sheets typically corresponds to 2 or 3 times the
purlin spacing. Connections between the corrugated decking and the supporting members are shown sche-

matically in Fig. 3.7. The strength of the diaphragm is typically controlled by failure of the connections in
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the metal deck or local buckling of the metal-deck panels [48]. Nominal diaphragm strengths for each mode
of failure are summarized in Table 3.4. Three conditions must be evaluated to determine the shear strength
of a diaphragm that is limited by the connections: failurz of the structural connections between the metal deck
and the supporting members along the edge of the diaphragm (Fig. 3.8), failure of the structural and sidelap
connections (connections between adjacent metal-deck panels) in an interior panel (Fig. 3.9), and failure of
the corner fasteners (Fig. 3.10) [48].

The deflection of a metal-deck diaphragm is larger than the deflection of a comparable, continuous plate
of uniform thickness because the metal—deck diaphragm is made from individual sheets of finite width that
are joined at discrete points along the edges (49)]. Stress fields are discontinuous within the metal-deck dia-
phragm due to these gaps leading to larger displacements. The corrugations in the metal deck are susceptible

10 warping at the ends of the panels, which also increases the deformatioas.

Studies of metal—deck diaphragms [49] have identified four phenomencn that must be considered when
calculating diaphragm deflections: shear displacement of the diaphragm, end warping of the deck panels, slip
at the interior sidelap connections, and slip of the supporting system of purlins and edge beams. An underly-
ing assumption in this approach is that the shear stiffness of the metal deck is small compared with the flexural

stiffness. Therefore, only shear deformations are considered {47].

The displacement due to pure shear (Fig. 3.11(a}) may be calculated as [48]:

a, = (P_a) 2 +v s (3.9)

L E: 4
where A; is the pure shear displacement, in.; P is the applied diaphragm load. kip; a is the diaphragm width,
ft; L is the diaphragm length, ft; v is Poisson’s Fatio; E is Young's Modulus, ksi; 1 i the thickness of the deck
element, in.; d is the corrugation pitch, in.; and 5 is the developed flute width, in. (Fig. 3.7(b)).

Unless the corrugated deck elements are restrained, an extra component cf deflection results from warp-
ing {Fig. 3.11(b)). This component of displacement is derived from treating the corrugation as a beam on an
elastic foundation and leads to rather cumbersome expressions for warping displacement. However, warping
constants, Dy, are tabulated in the Steel Deck lustitute manual {48] for common deck panels so detailed cal-

culations are unnecessary.

The influence of fastener and support slip are included in the coefficient C [48}:

_Et 240
c=Ets, (Za, e zn,.s,/s,) (3.10)

where Sy is the structural connection flexibility, in./kip; S; is the sidelap connection flexibility, in./kip. The

1erms a1, a2, A, and A are related to the number and arrangement of the fasteners, and are defined in
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Table 3.4. Fastener strengths and flexibilities are defined in Table 3.5 and discussed in Section 3.2.2. The
slip coefficient, C, decreases with an increase in the number and stiffness of the fasteners, or with an increase

in the thichuess of the metal deck.
The shear displacement, warping constant, and slip coefficient are combined 10 give the total deflection

of a diaphragm subjected o a load P as follows (48]:

A, =4, + (9D, + C)EP“‘L (3.11)

where 4, is the diaphragm deflection, in. and the factor ¢ reflects the influence of purlin spacing on warping.
Values of ¢ are tabulated in Ref. 48 and range from 1.0 for deck sheets that span over two or three purlins

to 0.58 for deck sheets that span over eight purlins.

The shear stiffness, expressed in kip/in., of a metal deck diaphragm may be calculated as [48):

G = E ¢
2.6§+¢D,+C

(3.12)

{c) Composite Diaphragms
When additional stiffness is required in a metal-deck diaphragm, the decking is often over—lain with con-
crete. In concrete compaosite diaphragms, the shear strength is dependent upon the type of concrete used.

Nominal strengths are presented in Table 3.6 for composite diaphragms with structural and insulating con-

Creles.

The shear stiffness of concrete composite decks may be derived from Eq. 3.12. The concrete fill prevents

warping of the corrugated clements and the siiffness of the concrete fill must be considered |48]:

g E 1 7507
G = ——_ +35 dt e ) )

where &; is the depth of the concrete cover above the top corrugations, in. and [’ is the specified compressive

sirength of the concrete, psi.

3.2.2 Diaphragm Fasteners
(a) Wood Diaphragms

The fasteners used within the framing elements of a wood roof diaphragm can be broken down into three
categories [71]: nails, staples, and adhesives. Nails are by far the most common mechanical fastener in wood
diaphragm construction and are produced with either plain or mechanically deformed shanks. Nail pull-out

was a common cause of roof failures in low-rise buildings in the 1971 San Fernando earthquake [55] and at
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that time most nails had plain shanks. By inducing deformation in the nail shank, an increase in the nail’s
pull—out resistance occurs, along with a decrease in the required depth of penctration for the nail to achieve

resistance. Therefore deformed shank nails are now recommended for use in high seismic zones.

The pull-out strer:igth of nails with lengths between % and 1/g in. and various deformed shanks are
compared with 6d common nails in Fig. 3.12(20]. In general, nails with helical threads provide more strength
and create a stiffer connection than nails with annular threads [ 71]. The size of the nail head is also important
(71]. A large nail head gives a larger bearing area and therefore more resistance against the nail pulling
through the diaphragm skin. Splitting of the plywood skin was also a common mode of roof failure in the
1971 San Fernando earthquake [55].

Staples are the second most common type of fasteners in plywood diaphragms. Staples are not as variable
in geometry as nails. They have such general classifications as “slender” or “thin” and “stout” or “fat” [71].
It is considered better practice to use many slender staples than a few stout staples because slender staples
cause less splitting of the plywood and can be driven with lighter tools. Staples can be used in place of nails

in order to control plywood splitting or when a small fastener spacing is required.

Two types of adhesives are used in diaphragm construction: rigid adhesives and mastic adhesives. Rigid
adhesives use staples or nails only t0 hold the wood in place until the adhesive has set[71). Mastic adhesives,
however, resist service loads with the help of fasteners, and at large loadings the load is carried solely by the
fasteners while the mastic adhesive acts to reduce the arplitude of the deflection [71]. Although adhesives

provide strong and durable connections, their use is not widespread because of their relatively high cost.

(b) Metal - Deck Diaphragms

The {asteners used for connections within metal—deck diaphragms can be divided into three categories:
welds, screws, and power—driven pins [47]. Each ype of fastener exhibits higher sirength and stuffness when
the connection is between the metal deck and a structural member (structural connections) than when the con-
nection is between deck sheets (sidelap or stitch connections). The fastener strength and flexibility of struc-
tural connections will be denoted as Qrand S, while the fastener strength and flexibility of sidelap connections

will be denote’ as Q; and S;. The strength and flexibility of common connectors are presented in Table 3.4
[48]).

Welded conneciions are the most common in metal decks due 1o the speed of construction [47]. The
strength of puddle welds without washers depends on the thickness of the metal deck, the diameterof the weld,
and the sirength of the base material. Problems can occur if the amperage is 100 high during welding leading
10 bum—through of the upper layer of deck, or if the amperage is o0 low there may be improper Eusion into
the bottom layer [47]. When thin deck sheets (less than 0.028 in) are used a the diaphragm, weld washers
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are recommended because they act as a heatsink and control the size of the hole [48). The sirength of a welded
connection with wzld washers is related 1o the thickness of the deck, the diameter of the hole in the washer,
and the electrode strength. The strength of welded sidelap connections is taken 10 be 75% of the comparable
strength of structural welded connections. Welded coanection flexibility is usually smail compared with the
fexibility of other types of fasteners because the sliparound the welds is relatively small and limited primarily

to distortion of the deck element around the weld [48].

The equations for strength and flexibility of screwed connections are based on experimental data using
No. 12 and No. 14 screws and apply to both self—drilling and self~tapping types of screws [47]. Forstructural
connections, the strength is controlled by the thickness and yield stress of the decking. Strength depends on

deck thickness and screw diameter for sidelap connections.

Power—driven pins are shafis, which may be slightly tapered, that are driven through the deck elements.
Holes are not pre—drilied. The strength of structural connections depends on the type of pin and the thickness

of the deck, while the strengih of sidelap connections depends only on the thickness of the deck.

3.2.3 Design of Non—Rectangular Diaphragms and Diaphragms with Openings

Duc to the inherent flexibility of roof diaphragms in tilt-up buildings, large deflections are expected un-
der lateral loads. Consequently, tilt-up buildings with irregular plans may experience large incompatibilities
in displacements between adjoining sections of diaphragm near reentrant corners or neat stairwells attached
to the roof (Fig. 3.13(a) and 3.14(a)). The concentration of displacements generates large shear forces and
has the potential to cause structural damage [14]. In order to resist these shear forces, the diaphragm must
be designed with structural members that “collect” the force and transfer it to the vertical wall panels. These
collector elements, called drag struts, receive the diaphragm force in shear and then “drag” the force back 1o
the vertical elements by anchorage [14]. Figures 3.13(b) and 3.14(b) show that the addition of drag struts has
divided the diaphragm into smaller rectangular diaphragms [ 14], and the displacements at reentrant corners
and stairwells are compatible with the surrounding structural elements.

Rather than provide structural elements to resisi the high shear forces developed at the reentrant comers
and stairwells, efforts can be made to eliminate these forces altogether by avoiding displacement incompati-
bilities at reentrant corners and stairwells as showa in Fig. 3.13(¢c) and 3.14(¢). By notastaching the wall pan-
els to the roof in these areas, displacement incompatibilities at critical locations no longer exist. The unat-

tached walls and stairwells will deflect as solitary units without affecting the global diaphragm response.

Smaller rectangular disphragms within a global non-rectangular diaphragm are called “subdiaphragms,”
and are subject 10 the same code provisions and constraints as a typical diaphragm [34]. Specifically, all sub-
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diaphragms must be sized such that they conform to the maximum diaphragm aspect ratios given in Table
No. 25-1 of the UBC (Table 3.7) [77].

Higi: local shears that may be present in a diaphragm with openings must also be considered. Local shears
are 1ypically considered by analyzing the diaphragm as a Vierendeel truss [74) as shown in Fig. 3.15. The
shear and bending forces along and across critical sections of the diaphragm must be calculated to determine
if the surrounding framing members have sufficient capacity 1o resist the amplified bending and shear farces
located in the viciaity of the opening. [t is imponant to provide blocking members around the perimeter of
ali openings and 1o provide a positive direct connection between the blocking and the surrounding framing

ciements.

3.3 Connections in Tit—Up Systems

Sclecting appropriate connections is the most important aspect of designing tilt—up buildings to resist
carthquake loads. The capacity and duciility of the connections will determine whether or nota structure per-
forms satisfactorily during an earthquake. The connections in a tili-up structure can be divided into three

types. panel-to—foundation connections; panel-to—panel connections; and panel-to—roof connections.

3.3.1 Panel-to-Foundation Connections

Typical panel-to—-foundation connections are shown in Figs. 3.16 and 3.17 [40,55,80]. The Uniform
Building Code [77] requires that conrections between precast walls and the supporting member must resist
a tensile force in Ib of at least 50*A; where A, is the cross—sectional area of the wall in in.2. Most designers
do not provide a physical connection between the tilt~up panel and the foundation as specified by the UBC
because in many instances the weight of the panel counteracts any uplift forces. Rather, a dowel connecton
hetween the panel and floor slab is typically provided. 1flateral loads are expected to produce uplift forces
in the tili—up panels, ther. designers typically will provide one of the following types of connections: (1) physi-
cal connection between tilt—up panel and foundation (which in most instances is #4 bars at 4 ft on center),
or(2) sufficient panel-to—panel connections to constrain the in—plane walls to behave as one monolithic shear
wall. This monolithic behavior increases the resisting moment of the shear wall which counteracts the applied
moment from the lateral forces producing uplift. Currently, many engineers are trying 10 remove UBC provi-

sion 2615(i)3B which would allow designers 1o decide if panel—to—-foundation connections are needed.

3.3.2 Panel-to-—-Panel Connections

Panel—two—panel connections have changed significantly during the past 30 years. [n the 1960’s continu-
ous, casi-in-—place pilasters were often used to connect panels (Fig. 3.18(a)). Another common detail was
1o provide connections at six to eight foot intervals along the height of the wall (Fig 3.18(b)). However. in

recent consiruction, a single continuous chord is typically provided at the roof level around the perimeter of
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the building [10,80], with no other connecnons between panels, except at the corners of the building (Fig.
3.19). The perimeter chord provides a restraint that holds the tilt-up building together, so that it functions
as a unit under seismic loading. Designers recommend restricting panel-to-panel connections to the single
continuous chord in order 1o eliminate degradation of connections due Lo temperature and shrinkage effects.
Also, some designers believe that the increased amount of structural damping due to fewer panel-to-parel
connections more than compensates for the decreased lateral resistance that results from using less connec-
tions [80).

Pilaster connections are not common in new construction because the pilasters produce stress concentra-
tions at the connecied panel edges, as a result of our—of-plane deflections, and they restrain movement due
to shrinkage and temperature effects {10]).

3.3.3 Panel-to—Roof Connections

In filt-up construction, the critical connection for seismic loading is usually the connection between the
roof diaphragm and the concrete tilt-up wall panel. Panel-to-roof connections must be designed to resist
forces normal and paraliel to the plane of the panel. Inadequacies of these connection have been the cause
for many partial roof and panel collapses during the past three decades. The 1964 Alaska earthquake and the
1971 San Fernando carthquake gave clear evidence that the use of the popuiar wood ledger connection, as
shown in Figs. 3.20 and 3.21 [77], must be restricted to regions of low seismic risk and should be replaced
by some type of joist anchor in high seismic risk zones (Fig. 3.22) [25]

Wood ledger connections were found to be susceptible to three failure mechanisms: the ledger was placed
in cross grain bending by seismic lateral loads which resulted in the wood ledger splitting along the bolt line;
the bearing stresses of the nails in the plywood-to-jedger connection caused the nails 10 shear through the
plywood:; and the force on the nails resulting from tension in the plywood overcame the pull-out resistance
of the ledger.

In 1976, the UBC [75] introduced four new code provisions to avoid these problems (Fig. 3.23). Those
provisions are reproduced in Appendix A. Section 2310 specifies a direct connection between the wall and
diaphragm capable of resisting at least 200 1b per lineal foot of wall. Section 2312(j)2D requises continuous
ties between diaphragm chords to anchor these forces. Section 2312(j)3A prohibits the use of toe nails, nails
subjected to withdrawal, or wood framing used in cross-grain bending or cross—grain tens:on in all seismic
zones except zone 1. Section 2312(j)3C draws attention to the need to have exterior panels able to accommo-
date strucrural movements resulting from both lateral forces and temperature changes. These provisions have

remained essentially unchanged through the 1991 edition of the UBC [77).
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Asspecified in Section 2310 of the UBC, the panel--to—roof connection must resist a minimum anchorage
force of 200 Ib per lineai foot of wall. This provision rarely controis in tilt—up construction, however. Consid-
er, for example, atili-up warehouse with a plywood roof diaphragm constructed in California Guring the early
1970’s. The panel height is likely to be greater than 17 ft. The design force for the panel, F,, is calculated
using Eq. 3.5 where the zone factor is taken to be 0.4, the importance factor is taken to be 1.0, and Cp is taken
10 be 0.75 [ 77]. This leads to a design lateral force for the panel of 0.3W,, where W) is the weight of the panel.
However, the UBC states that when designing the connections in the middle half of the building, C, must be
multiplied by 1.5 for flexibie diaphragms. If the tilt-up panel is modelled as a simply—supported member,
then the connection force between the foundation and the panet is the same magnitude as the connection force
between the panel and the diaphragm, 0.225W, Assuming a minimum panel thickness of 5%z in., the weight
of the panel is 1170 1b/ft, and the connection between the panel and the diaphragm must be designed to resist
265 1b/ft, which is greawer than the specified minimpum strength. Therefore, the minimum anchorage force

of 200 Ib/ft should be considered to be a lower bound in tilt-up construction.

The unsatisfactory perforrnance of many panel-to—roof conrections indicated that continuous ties were
nceded between diaphragm chords to distribute horizontal forces within the diaphragm and that direct, posi-
tive connections were needed for anchorage of the diaphragm to the panels. Because the use of continuous
ties from one end of a diaphragm to the other w1s highly inefficient, the concept of subdiaphragms was
introduced (Fig. 3.23). A series of small “diaphragms” within the total diaphragm were used 10 transfer an-
chorage forces to the wall from the diaphragm interior. For the 16x64—ft subdiaphragm EFGH in Fig. 3.23,
the longitudinal purlins serve as ties, if the purlins are connected directly to the wall (Fig. 3.22, 3.24, and 3.25)
and are made continuous over the intcrior glulam beams (Fig. 3.26). If, however, the purlins do not frame
into the side walls, as is the case for some existing construction, then a retrofit can be made by introducing
ties into ihe 8x16-frsubdiaphragm HIJK (Fig. 3.23) by metal strapsor rods_as shown in Figs. 3.28,3.29,3.30,
and 3.27, to create the continuous tie connection. In the transverse direction, the continuous tie can be pro-
vided by connecting the glulam beams directly to the tilt~up wall as shown in Fig. 3.31. The subdiaphragm
conceplt, therefore, simultaneously fulfills the provisions for continuous ties between diaphragm chords and

for closely—spaced ties for walls with negligible bending resistance between anchors.

Several varieties of “direct” connections of plywood sheathing and roof joists to the wall parel reinforce-
ment, as seen in Figs. 3.22, 3.28, 3.29, 3.30, 3.31, have been used. The advantages and disadvantages of each
of those connections are listed below each figure [25]. Connections used to retrofit the wood ledger in
Fig. 3.20and 3.21 1o provide bener anchorage of the framing members to the wall panel by providing a “direct
connection” are shown in Figs. 3.24, 3.2%, 3.27. Such schemes were used to repairand upgrade roof—to-wall
connections after the 1971 San Fernando and 1987 Whitticr Narrows carthquakes.
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After the 1971 San Fernando Easthquake, building codes also placed limits on plywood thickness [75].
For the details shown in Fig. 3.23, plywood was to be at least ¥/14-in. thick for sub-purlins (studs) placed
16 in. on center and at least 3/g-in. thick for studs placed 24 in. on center. These limits on plywood thickness
were implemented to reduce the likelihood of nail shearing through the plywood.

The influence of shnnkage in wood diaphragm elements must be considered when evaluating the durabil-
ity of panel-to-roof connections. Shrinkage in sawn lumber framing members may be approximated as
l/37 in. shrinkage per 1 in. of width or depth as the member progresses from the green to the dry state [25].
Glulam beams can be expected to shrink !/ in. per foot of depth for every 3% moisture loss. This resmraint
could lead to pull -out of the fasteners connecting the embedded strap to the plywood, or degradation of the

ledger due to cross-grain tension splitting along the bol line.

34 Summary

Typical design procedures for tilt-up construction treat a building as a series of individual components,
rather than a structural sysiem. The diaphragm is designed as a simply-supported shear beam to transfer later-
al forces into the end walls, and the wall panels are designed as slend 2r columns, pinned at both ends. to resist

gravity and lateral loads. Code-specified forces are often used to design the critical connections.
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4. SUMMARY OF PREVIOUS INVESTIGATIONS OF THE SEISMIC
BEHAVIOR OF TILT-UP CONSTRUCTION

Since the 1971 San Fernando earthquake, engineers throughout the U.S. have studied the szismic re-
sponse of many types of buildings, and developed design provisions to improve the performance of new
construction. [n Southern Califomia, emphasis was placed on reducing the seismic risk of vnreinforced ma-
sonry and tili—up buildings. These types uf construction have sustained significant structural damage during

recent earthquakes and represent a large portion of the inventory of existing, low~rise, industrial buildings.

Much of the work related to tilt—up construction has been conducted by researchers at Agbabian
Associates [4,5,6,8,7,9,10,11,12,27,28], where analytical modelling procedures have been developed
based on the results of experimental tests. Analytical models of tilt—up systems have also been developed at
Dames and Moore (53,54].

Experimemal tests of diaphragms subjected to cyciic loads have been conducted by Agbabian/Bammes/
Kariotis (ABK) [ 1] and researchers at the University of British Columbia [25), the University of California
[84,85], Stanford University [83], and Washington State University [39]. The ABK tests represent the most
extensive investigation with tests of full-scale plywood. wood-sheathed, and metal deck diaphragms. How-

ever, a detailed description of the results has not been published [ 2].

The results of these experimental and analytical studies are summarized in this chapter. Diaphragms are
discussed in Section 4.1, tilt—up wall panels are discussed in Section 4.2, and analytical models for complete

tilt-up systerns are summarized in Section 4.3.

4.1 Cyclic Response of Diaphragms

During a design-level earthquake, the types of roof diaphragms used in most filt—up structures are ex-
pected to experienice nonlinear response. The nature of this response is extremely sensitive to the types of
connections used within the diaphragm and to the actual material properties of the diaphragm components,
which are highly variable. Most of the experimental research to date has focused on the behavior of wood
diaphragms, because wood diaphragms have been used almost exclusively in Southern Califomia and the
Pacific Northwest during the past 20 years. The results of five experimental investigations of the cyclic re-
sponse of wood diaphragms and panels are summarized in Section 4.1.1. Data from individual connections
and complete diaphragms are presented. The limited daw from cyclic tests of metal-deck diaphragms are
described in Section 4.1.2. Methods for modelling diaphragms are discussed in Section 4.1.3. Analylical
representations of the diaphragms range from using several nonlinear spring elements to special—purpose fi-

nite—clement models with individual naij elements.
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This section is not intended to summarize all experimental and analytical work related to diaphragms.
Only investigations that involve cyclic loading are discussed. The paper by Peterson [ 56] contains a compre-

hensive review of the literature related to wood diaphragms.

4.1.1 Experimental Tests of Wood Panels and Diaphragms

The first phase of many investigations of the behavior of plywood diaphragms and panels is devoted 1o
undersianding the response of the individual nailed connections. The measured response of nails connecting
plywood and framing members is shown in Fig. 4.1. The data shown in Fig. 4.1(a) were obtained by cycling
the connection 1o a given force level [39], while the connection shown in Fig. 4.1(b) was cycled between given
displacement levels [26]. In both cases, the stiffness of the connection decreased as the amplitude of the dis-
placement increased, and the connection exhibited a region of extremely low stiffness as the applied load
passed through zero. Once the connection was pushed into the nonlinear region of response, specimens would
experience larger displacements when pushed to the same nominal force level (Fig. 4.1(a)} and specimens
pushed to a specified displacement would resist lower forces as the number of loading cycles increased (Fig.
4.1(b)).

Five experimental investigations in which complete diaphragms or panels were subjected to load rever-
sals are summarized in Table 4.1. Young and Medearis {83], Zacher and Gray [84,85), Itani and Falk {39],
and Dolan [26] evaluated the response of plywood, gypsum board, and waferboard panels, while ABK [1]
and Itani and Falk [39] investigated the behavior of plywood, lumber—sheathed, and gypsum board dia-
phragms. The general shape of the measured hysteretic response of complete diaphragms closely resembles
the behavior of the individual connections (Fig. 4.2). The force—displacement curves are pinched, diaphragm
stiffness decreases with increasing displacement, and diaphragm stiffness decreases as the number of inelastic

loading cycles at a constant displacement or force level increases.

Young and Medearis [83] found that 20 cycles at the nominal design level did not influence the capacity
of the wall panel nor the nonlinear force—displacement response. This observation was confirmed in small-
scale panel tests by Yasumura and Sugiyama [82] where panels were subjected to 50 cycles at +60% of the
strength of nominally identical specimens tested monotonically. Accumulated damage was observed in tests

when the panels were subjected to loading cycles of +80% of the capacity [82).

Young and Medearis [83] also estimated viscous damping factors from their test results. During load
cycles at the nominal design level, damping values of 0.07 and 0.10 were calculated for panels with one and
two lavers of plywood, respectively. Polensek [58] identified damping factors between 0.07 and 0.11 from
low-amplinude, free—vibration tests of plywood floor systems. itani and Falk [39] also estimated damping
cocfficients from free—vibration tests (Fig. 4.3). At a displacement level of 0.1 in., damping factors in the
plywood diaphragm specimens were between 0.1 and 0.15. Equivaleat damping factors increased to more
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than 0.20 when the displacement level was increased to 0.6 in. As indicated in Fig. 4.3(b), the displacement

levets used in both free—vibration tests did not cause significant aonlinear response in the diaphragms.

Tue ABK diaphragm tests were designed to evaluate a number of prastical concerns such as the influence
of blocking, roofing materials, and retrofit nailing on the response of diaphragms [1]. Table 4.2 contains a
summary of the primary experimental variables in these tests, Each diaphragm was subjected to a senies of
quasi-siatic load reversals and earthquake motions in real time. Schematic drawings of the diaphragm test
specimens are shown in Fig. 4.4. Comparisons of the quasi—static and dynamic response of diaphragm D are
shown in Fig. 4.2(c) and (d). The average initial stiffness inferred from the low—amplitude quasi-static tesis

of all diaphragms are reported in Table 4.2.

Data obtained during the dynamic. earthquake simulations indicate that diaphragm response remains
nearly linear up to accelerations of approximately 0.1g{1] Beyond 0.1g, the nonlinear characteristics of the
diaphragm may be observed. Researchers noted that roofing material initially added stiffness 10 the dia-
phragm, however, the roofing material separated from the diaphragm when the accelerations reached approx-

imately 0.2g [1].

Zacher and Gray [84,85] compared the behavior of panels connected with nails and staples, and eva-
luated the influence of over—driving the fasteners. The results indicated that stapled pane!ls do behave satis-
factorily, however the nailed panels were able 1o resist larger displacements before failure. Panels with nails
over-driven by /3" failed in a brittle manner at displacements that were less than 75% of the displacement
capacity of similar panels in which the nail heads did not break the plywood veneer. The displacement capac-
ity of panels with staples was also reduced when the staples were over-driven, however, the failure mode was

not as abrupt as observed for the nailed connections.

4.1.2 Experimental Tests of Metal -Deck Diaphragms

As indicated in Table 4.2, metal-deck diaphragms were also tested as part of the ABK investigation [1].
The measured response of diaphragm R is shown in Fig. 4.5. Response during the quasi—static tesis
(Fig. 4.5(a)) is similar 1o that of plywood diaphragms. The metal-deck diaphragm displayed a pinched hys-
teresis curve and the effective stiffness decrezsed with increasing displacement. It is difficult 1o make conclu-
sions about the cyclic force—displacement response of metl-deck diaphragms from the dynamic data
(Fig. 4.5 (b)).

4.1.3 Analytical Modsis of Diaphragms

The measured data described in Section 4.1.1 form the hasis for the analytical represeniasions of dia-

phragms discussed in this section. [n ali cases, the nonlinear features of the analytical models were scaled
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from available experimenial data. No procedures are available to estimate the nonlinear response of a dia-

phragm given the nominal design properties discussed in Chapter 3.

[n the late 1970’s, Adham and Ewing [ 11]developed an analytical model where eight inelastic spring and
damper assemblies were used o model wood diaphragms (Fig. 4.6). Diaphragm propenies scaled from the
monowonic tests performed by Tissel [74] were combined with the linear hysteresis rules shown in Fig. 4.7.
The calculated frequencies of plywood and luruber sheathed diapbhragms ranged from 2.8 to 11.5 sec. which
is considerably larger than those inferred by Blume and Rea from full-scale, non—destructive tests of wood

diaphragms in school buidlings {17, 18,62].

Following the ABK tests [1], Adham [4] refined the hysteresis model for plywood diaphragms. A se-
cond—order carve was selected to model the force—deflection envelope of the diaphragm (Fig. 4.8(a)):

F,e

Fl
k‘,*'el

F(e) =

(41)

where F{e) is the force in the spring, e is the deformation of the spring, F, represents the strength of the dia-
phragm, and X is the ininal diaphragm stiffness. When the diaphragm is subjected to cyclic loading, the hys-
teresis rules defined in Fig. 4.8(b) are used to control the response. Based on the observed response of the
ABK diaphragms, the unloading stiffness, K, was assumed to be equal to the initial diaphragm stiffness, K,
and the force level used 10 define siip at low applied loads, F), was raken to be ten percent of the strength of
the diaphragm, F,. Values of the critical parameters, K, K, F,;, and F, for an arbitrary plywood diaphragm

are calculated from the experimental data using the scaling rules listed below [4]:

=LD
— D e

where L is the iength and D is the width of the diaphragm section under consideration, and the following pa-
rameters were taken from the ABK test results [1):

L' = length of diaphragm section in test = 20 ft

D' = width of diaphragm section in test = 20 ft

K[ = observed initial stiffness of diaphragm in test = 324 kip/ft

K, = observed reloading stiffness of diaphragm in test = 324 kip/ft

F. = observed strength of diaphragm in test = 32 kip

F| = observed strength at which diaphragm stiffness increases during cycling = 3.2 kip

During the NSF-sponsored TCCMAR program, the ABK tests {1] were re~cvaluated and the diaphragm

hysteresis model was revised to include strength degradation at large displacements and variation of the un-
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loading stiffness with the level of deformation {9,36,29]. The force—~deflection envelope and hysteresis rules
for the revised model are shown in Fig. 4.9. The unloading stiffness, K,,, was defined as:
Y
K. =K, (——emu) {(4.4)
where ¢, represents the yicld deformation and is defined as /3 F, /K|, €ma is the maximum deformation of
the diaphragm during previous loading cycles, and y is assumed to be 0.2 for wood diaphragms. Viscous
damping was ignored in the revised diaphragm model {Fig. 4.6), the hysteretic damping was considered to

be sufficient. Calculated and measured displacement response of diaphragm N are compared in Fig. 4.1
during one of the later eanthquake simulations {9].

Itani and Falk {39] and Dolan [26] developed special-purpose finite-element codes to analyze the re-
sponse of plywood diaphragms and panels. The researchers used similar modelling techniques: framing
members were represented using linear beam elerents, the plywood sheathing was modelled with linear
plane—stress or shell elements, and nonlinear spring clements were used to model the nailed connections be-
tween the framing and sheathing. Special gap elements were used in both investigations to allow adjacent
sheets of plywood to separaie, but not overlap. Dolan [26] used similar bi-linear elements to represent the
connections between framing members, while [tani and Falk [39] used hinged connections to attach all fram-

ing members.

The general nature of the calculated response in both investigations was governed by the choice of nonlin-
ear nail element. Data from connection tests (Fig. 4.1) were used to develop envelope curves for the nailed
connections (Fig. 4.11). Approximately 100 connections were tested in each investigation. Itani and Falk

[39] chose a power curve 10 represent the data,
Feon = aia"2 (4.5)
while Dolan (26} used a three—parameter model,

_kdd|
Feon = (P, + K, 4| )(1- € T) (4.6)

where Feg, is the force resisted by the connection, A is the displacement of the connection, and a;, az, Py,
K,, and K are constants whose values were determined from the experimental data using a curve fitting tech-

nique.

Both finite~element models were used successfully by the researchers to reproduce their experimental
results (Fig. 4.12).
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4.2 Cyclic Response of Tiit—Up Wall Panels

Agbabian Asscciates conducted a series of dynamic tests on tilt-up wall panels in the early 19807
(6,8, 7,28]. The experimental setup for these tests is shown in Fig. 4.13. Three wall panels were tested. Key
parameters of the experimental program are summarized in Table 4.3. Two load cells, 1 displacement trans-
ducer, and 9 velocity transducers were used to measure the response of the panels. Displacements and accel-

crations along the height of the panel were later calculated from the velocity data.

These experiments were closely linked to the analytical modeled described in Section 4.3. Researchers
calculated the transverse response of a representative tilt-up building at the op of the longitudinal wall panels
using the 1940 El Centro and 1971 Castaic (San Fernando) earthquake records. This calculated response was
then used as the input motion at the 10p of the wall panel, and the ground motion was used to drive the base

of the panel (Fig. 4.13). Responsc was calculated for tilt~up buildings with rigid and flexible diaphragms.

Each wall panel was subjecied to a series of 9 or 10 earthquake simulations. The effective peak ground
acceleration was increased from 0.2g 1o 0.4g in the later tests. By the end of the testing sequence, all panels
had experienced inelastic response. The El Centro ground motion, combined with a rigid diaphragm, proved
to be the most severe test of the panels. The maximum acceleration and displacement response of the panels,
inferred from the measured velocity data, is shown in Fig. 4.14. The amplirude of the displacements increased

as the panels were subjected to more loading cycles and sustained structural damage (Fig. 4.15).

The distributions of accelerations and displacements closely resembled the first mode shape of a panel
that is pinned at both ends (Fig. 4.14). The researchers, therefore, concluded that the response of the panel
at mid-height should govern the design, and that using fully cracked sections for panel design was a conserva-
tive assumption {6, 8, 7). Disiributions of moments were also calculated along the panel height (Fig. 4.16).
Although the distribution of moments did not correspond 10 the expected fitst mode shape, the researchers
concluded that design procedures for walls were appropriate because the magnitude of the calculated mo-
ments was less than those calculated using the ACI-SEASC recommendations for slender walls [81].

4.3 Anaiytical Models of Tilit—Up Systems
In the early 1980°s, Adham [4] developed an analytical model for tilt—up construction that was based on

an earlier representation of unreinforced masonry buildings [11]. Considering the representative tilt—up

building shown in Fig. 4.17, the following assumptions were made:
« Eanhquake motion in the transverse direction of the building was considered to be critical.
<  Oaly half of the building was analyzed due to symmetry (Fig. 4.17(c)).

+ The roof diaphragm was modelled as a deep shear beam using four inelastic springs (Fig.
4.17(d)). Hysteresis rules for the inelastic springs are defined in Fig. 4.8.
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»  The transverse wall panels were assumed to be rigid. Therefore, ground motion was assurmed

10 be transmitted to the roof without amplification at the end of the building (Fig. 4.17(d)).

» Thelongitudinal wall panels were assumed to deform primarity in out-of-plane bending. Linear

beam elements were used 10 represent these panels (Fig. 4.17(d)).

+  The respense of the two longitudinal walls was assumed to be the same. Therefore, a single set

of beam elemenis could be used to model the longitudinal walls (Fig. 4.17(e)).

A tonal of 23 nodes, 4 inelastic springs, and 18 linear beam elements were used to model the 300° by 150°
warehouse shown in Fig. 4.17(a) [6]. The model did not include any type of conpection between adjacent
longitudinal wall panels. A viscous damping factor of 5% was used for the beam elements, and two damping
factors (0.07% and 10%) were used for the nonlinear springs. The model was subjected to a scaled version

of the N69W component of the motion recorded at Castaic during the 1971 San Fernando earthquake.

Calculated acceleration response at the top and mid-height of the center lov pitadinal wall panel isshown
in Fig. 4.18 and 4.19 for the lightly—d2mped and moderately—damped models, respectively. In both cases,
the amplitade of the respanse is greater at mid—height of the panel than at the top. The amplitude of the accel-
erations at the roof exceeded those at the ground by a factor of 1.4 for the moderately—damped model and 2.6
for the lightly—damped model. This cesult implies that the connection forces between the wall panels and the
roof exceed those between the wall panels and the foundation. The calculated acceleration response of the
center of the roof was used as the driving function at the top of the panel for the experimental tests described
in Section 4.216.8,7,28].

Distributions of the calculated accelerations and moments along the height of the center longiwdinal wall
panel are shown in Fig. 4.20. Unlike the experimental data, the distribution of calculated moments resembled

the first mode shape of a pinned-pianed beam.

[n the late 1980’s, researchers at Dames and Moore used a similar model to represent the seismic response
of tilt—up buildings [53,54). The idealized building and analytical models for linear and nonlinear analyses
are shown in Fig. 4.21. The transverse walls were assumed to be rigid and the longitudinal walls were mod-
elled using beam elemems. The diaphragm was assumed to deform in shear. Initially, linear elements were
used to model the diaphragm and longitudinal wall panels. Bi-linear models were later adopted to evaluate

the influence of member nonlinearity on structural response.

A 200" by 200’ building was subjected to the S69E component of the 1952 Taft ground motion. The initial
stiffness of the diaphragm was varied su:h that the natural period of the diaphragm ranged form 0.25t0 2.0
sec. Viscous damping factors of 5% and 10% were used. The calculated anchorzge forces between the dia-
phragm and longitudinal walls exceeded 50% of the weight of the wall panels for the majority of the condi-
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tions considered (Fig. 4.22). The magnitude of the forces was not reduced significantly in the nonlinear analy-
ses. Because panel-to-roof connections typically have limited ductility, the researchers concluded that linear

analyses were appropriate for tilt-up construction [53,54].

The distribution of shear forces in the diaphragm is shown in Fig. 4.23. The results indicate that shear
forces do not decrease linearly with distance from the end walls. Proposed shear distributions for design are
also wndicated in Fig. 4.23.

Following the 1987 Whittier Narrows earthquake, researchers at Agbabian Associates revised their ana-
lytical model to reflect the observed damage in tilt-up buildings and to take advantage of the improved model-
ling capabilities developed as part of the TCCMAR research program [29]. The modelling of three actual
buildings is described in Ref. 9. In all three cases, the nature of the analytical model is considerably different
from the carlier analyses [4,6). For earthquake motion in the transverse direction, the following changes were

made:

» The longitudinal walls are notincluded in the analyses, because their contribution to the stiffness
of the building was considered to be negligible.

« The mansverse wall panels were modelled using linear beam elements.

« Nonlinear springs were used to represent the soil supporting the transverse wall panels. Panel
uplift could be evaluated with these elements.
A warehouse in Hollister, California (discussed in Chapter 5 of this report) was analyzed to demonstrate
the performance of the revised nonkinear modet for diaphragms (Fig. 4.9). The analytical model of the 300’
by 100’ warehouse is shown in Fig. 4.24 for earthquake motion in the transverse direction. The concrete wall
panels were assumed to be uncracked in the analysis. The stiffness of the plywood diaphragm was inferred
from the results of the ABK tesis [1] using the scaling procedure defined in Eq. 4.2 and 4.3. The diaphragm

stiffness was subsequently increased by a factor of 3 to account for the roofing material and insulation [9].

The response of this building during the 1986 Morgan Hill earthquake was recorded as part of the Califor-
nia Strong Motion Instrumentation Program [38]. Comparisons of the calculated and measured displacement
at the center of the diaphragm, relative to the top of the transverse walls, are shown in Fig. 4.25. The general
nature of the measured response is well-represented by the analytical model.

A 165' by 544’ warehouse in Downey, California and a 294' by 452’ building in Whittier, California (Fig.
4.26) were analyzed as part of an investigation of tilt-up performance during the 1987 Whittier Narrows
earthquake [9]. Both buildings were located less than 10 miles from the epicenter. The Downey building
sustained minor structural damage during the earthquake, while no damage was observed in the Whittier
building [9]).
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Analytical models of the Downey and Whittier buildings for ground motion in the transverse direction
are shown in Fig. 4.27 and 4.28, respectively. The models included a more-detailed representation of the
transverse walls than was used to analyze the Holiister building and nonlinear springs were included beneath
the transverse walls in the Downey building to model the s0il. The response of the longitudinal walls was
not modelled cxplicitly, however, the respounse of the longitudinal wall panels was evaluated by subjecting

an isolated panel to the calculated diaphragm accelerations and the input ground motion.

Although the response of these buildings was not recorded during the Whittier earthquake, the ground
motion was recorded at six sites within 15 miles of the epicenter, and both buildings were inspected thorough-
ly after the event. Therefore, the performance of the analytical model was evaluated by comparing the extent

of structural damage predicted using the analytical model and damage observed following the earthquake.

The results of the analyses of the Downey building agreed with the observed damage. For transverse
ground motion, panel uplift was calculated to occur in the west and interior walls. When the building was
subjected to longitudinal ground motion, the calculated forces between the diaphragm and the longitudinal
wall panels exceeded the strength of the connections. Evaluation of the longitudinal wall panels subjected
to transverse ground motion indicated that the dynamic moments were less than the cracking load for the pan-
els. The calculated damage in the panel-to—~foundation and panel-to—roof connections was observed follow-

ing the earthquake, and cracking of the wall panels was not observed.

The correlation between calculated and observed damage in the Whittier building was not as good. The
anzalyses indicated damage in the panel-to—roof connections, distress in the diaphragm along the south wall
of the building, and extensive cracking of the longitudinal wall panels, when the building was subjected to
transverse ground motion. None of this damage was observed in the structure. The rescarchers belicved that
the skewed wall panels along the south end of the building may have led to problems modelling the dia-
phragm, and that the ground motion measured approximately 1.2 miles from the building was not representa-

tive of the motion at the site,

4.4 Summary

As indicated in this chapter, the seismic response tilt-up construction has been studied extensively in the
past 15 years. Analytical models for calculating the seismic response of plywood diaphragms and tilt-up
buildings have been summarized. However, litile guidance is available for the engincer interesied in perform-
ing independent calculations. The response of tili~up buildings is closely linked to the nonlinear characteris-
tics of the diaphragms. All the researchers scaled experimental data to obtain the parameters used in their
analyses. The link between the design equations discussed in Chapter 3 and the analytical models is missing.
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Therefore, the influence of vanations in the diaphragm, such as the rype or spacing of the fasteners or the
thickness of the plywood, on the structural performance can not be evaiuated.

The seismic vesponse of tilt-u. construction is also related to the performance of the structural connec-
tions between the roof and wall panels, adjacent wall panels, and wall panels and the foundation. With the
exception of the study by Adham et al. [9] where the panel-to-foundation connections were modelied, con-
nections are not considered in the analytical models discussed. Although most damage observed after an
earthquake has been attributed to fatlure of the connections, the current analytical models can not be used o
evaluate tue required strength and ductility of these cnitical elements.
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5. MEASURED STRONG-MOTION RESPONSE OF TILT-UP BUILDINGS

Acceleration response histories have been recorded in tilt—upbuildings during several recent earthquakes
as part of the California Strong Motion Instrumentation Program [37,38,59,60,61,66,67]. The physical char-
acteristics of three buildings for which data are available are summarized in Table 5.1. Two of the buildings,
the Hollister and Redlands warehouses, represent traditional tili-up construction. The one—stery structures
are rectangular in plan, have relatively few openings in the tilt~up panels, and are used primarily forstorage.
The Milpitas industrial building, on the other hand, represents the recent wrend of using tilt—up wall panels
in multi-story commercial buildings. The first story in this building is used as a warehouse and the second
for offices. Every wall panel has openings for windows or doors.

The seismic response of each of the structures will be summarized in the following sections. Generaliza-
tions about the dynamic behavior of tilt—up buildings will also be presented.

5.1 Hollister Warehouse

A view of the north—east corner of the Hollister warehouse isshown in Fig. 5.1 and the floor plan is shown
in Fig. 5.2. Six~in. thick tili-up panels are used throughout the building, with the exception of four 7-in.
panels at the north and south ends of the longitudinal walls. Cast—in—place pilasters are used to connect adja -
cent wall panels. Cambered, glulam beams, ranging in depth from 22%: in. to 28 in. with a widih of 5 Y3
in., run in both the longitudinal and transverse directions of the building (Fig. 5.3). The beams aie supporte i
by a single line of 8-in. standard pipe columns. The roof is formed from a grid of 4x14 and 4x10 purlins 1t
8 fion center with 2x4 stiffeners at 2 fi on center, overlain by ¥2-in. structural plywood. Blocking was p.o-
vided throughout the diaphragm. The plywood is covered with 2-in. styrofoam insulation, 1-in. fesco boad,
and roofing material.

Typical reinforcement in the wall panels consists of a single layer of #4 bars spaced at 12 in. on center
in each direction (Fig. 5.4). Two #9 bars form the chord in the longitudinal walls and a single #5 bar is used
in the transverse walls. Chord reinforcement from adjacent panels was overlapped and welded.

The building was designed with nine openings in the tilt—up walls: four overhead doors for truck access
and five doors for personnel (Fig. 5.5). Two #5 bars were typically placed in the wall panels next to the open-
ings.

Recards from thirteen strong-motion instruments were obtained during the 1984 Morgan Hill, 1986 Hol-
lister, and 1989 Loma Prieta earthquakes. Five instruments recorded the ground motion, four monitored
transverse motion at the roof, three recorded longitudinal motion at the roof, and one instrument monitored
the out—of—plane response of z longitudinal w all panel at midheight. [nstrument locations are indicaied in
Fig. 5.6 and summanzed in Table 5.2. Horizontal ground acceleration histories recorded at the base of the

warehouse are shown in Fig. 5.7 for the three earthquakes. Corresponding linear response spectra are pres-
cnted in Fig. 5.8.

Acceleration histories are shownin Fig. 5.9, 5.10,and 5.11 for the Morgan Hill, Hollister, and Loma Prie-
1a earthquakes, respectively. The following observations were made from the acceieration response:
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+  The amplitudes of the transverse accelerations at the center of the roof (channel 4) and the top
of the longitudinal wall (channel 5) were approximately 3 times greater than the corresponding
ground accelerations (channel 7). The out—of—plane motion at midheight of the center longitudi-
nal wall panel (channel 6) exceeded the ground aceclcrations by a facior of approximately 2.5.

= The longitudinal accelerations at the center of the roof {(channel 11) were observed to be amphi-
fied by a factor of 1.5 10 2 relative to the longitudinal ground acceleration (channel 13).

« In—plane acceleratons measured at the top of the walls (channels 2 and 3 for transverse motion
and channels 10 and 12 for longitudinal motion) were essentially the same as the accelerations
recorded at the base of the walls (chanuel 7 for transverse motion and channel 13 for longitudinal
motion). No appreciable amplification of the in—plane ground motion was observed at the roof.

Normalized Fourier amplitude spectra of the acceleration response histories are shown in Fig. 5.12,5.13,
and 5.14. A surnmary of the predominant frequency for each channel is presented in Table 5.2.

+ Similarly to the acceleration histories, the Fourier amplitude spectra indicate that the frequency
contentof the in—plane wall response is essentially the same as the corresponding ground motion.

+  Qut—of-plane response at the center of the walls and response at the center of the diaphragm was
similar and may be used to identify the fundamental natural frequency of the structure. In the
transverse direction, the namural frequency was approximately the same during the Morgan Hill
and Hollister earthquakes, ranging from 1.6 to 1.7 Hz. The patural frequency decreased to 1.10
Hz during the Loma Prieta earthquake. The decrease in structura) stiffness observed during the
Loma Prieta earthquake is consistent with the increased amplitude of the response and observed
damage foliowing the earthquake [67].

* The Fourier amplitude spectra from out-of-plane motion at midheight of the longitudinal wall
panels (channel 6) indicate amplification of response between 3 and 5 Hz. However, the out—of-
plane response of the panels is dominated by the transverse behavior of the building.

» Longitudinal structural frequencies are not easily identified from the Fourier amplitude spectra.
The relative frequency content was essentially the same as the ground motion for frequencies
less than 2 Hz. Maximum amplification at the center of the roof occurred between 6 and 7 Hz.

The digiticed data pravided by the California Depantment of Conservation included displacement histo-
ries which were obtained by integrating the corrected acceleration response. Displacement response at the
base of the structure and the center of the roof is shown iu Fig. 5.15. The longitudina! displacement of the
roof was essentially the same as the north-south ground displacement. Amplification of the transverse dis-
placements at the center of the roof may be observed.

The displacement of the structure relative 1o the ground may be interpreted as an indication of damage
during an earthquake. However, due 10 the natre of the numerical integration process, the magnitude of the
relative displacement response must be considered to be approximate. Differences between the integrated
structural displacement records and the integrated ground displacementare shown in Fig. 5.16, 5.17,and 5.18
as the “unfiltered” relative displacement records. It was observed that the predominant frequency of the
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ground motion tended to dominate the calculated relative displacement response, especially for the transverse
response recorded at ihe 10p of the transverse end walls and the longitudinat response. The relative displace-
ment records were filtered in the frecuency domain, in an attempt 10 remove the noise attributable 1o the
ground motion. Deuils of the filiering procedure are described in Appendix B. The filtered relative displace-
ment records for the Hollister warehouse are also shown in Fig. 5.16, 5.17, and 5.18. Calculated maximum
relative displacements are summarized in Table 5.3 for e unfiltered and fi'tered records. The following
trends may be observed:

+ The relative displacement recards in the transverse direction at the center of the building (chan-
nels 4, 5, and 6) were not significantly affected by the filtering process. Maximum relative dis-
placement variations were typically within £ 15% for the unfiltered and filtered records, which
is consistent with the error expected for numerical integration of acceleration records {68). The
primary difference between the unfiltered and filtered records, was that the filtered relative dis-
placement records tended to oscillate about zero displacement, while the unfiltered records oscil-
lated about the ground displacements.

* The character of the relative displacement records in the transverse direction at the end of the
building (channels 2 and 3) were dramatically changed by the filtering process. In many cases,
the maximum relative displacement froro the filiered records was less than one-half of the maxi-
mum relative displacement from the unfiitered records. Due to the significant change ia the am-
plitude and frequency content of the relative displacement records at the top of the transverse

walls, the relative displacement records for channels 2 and 3 were considered to be unreliable.

» Longitudinal rejative displacernent records (channels 10, 11, and 12) were also dominated by the
ground displacements. The amplitude of the longntudinal relative displacements was larger at the
cenier of the roof than along the [ongitudinal walls. However, the relative displacement records
for channels 10, 11, and 12 were considered to be unreliable.

= The transverse relative displacements of the roof sustained by the Hollisier warehouse during
the Loma Prieta earthquake were an ovder of magnitude larger than the relative displacements
of the roof during the Morgan Hill and Hotlister events. The maximum relatve roof displace-
ment in the transverse direction during the Loma Prieta earthquake was on the order of 1% of
the building height.

* The out—of-plane displacements at the top of the longitudinal wall panel were consistently larger
than the response at midheight of the panel.

5.2 Redlands Warehouse

The east elevation of the Redlands warehouse is shown in Fig. 5.19 and the floor plan is shown in Fig.
5.20. The building is divided nearly in half by a non-bearing stud panition wall. Paneis south of the fire wall
are 22-ftwide and panels nonh of the fire wall are 20-ft wide. Panels along the transverse sides of the building
are 22'-ft wide. All panels are 7—in. thick. Pilasters are used to connect adjacent pancis.
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Cambered glulam beams span between the longitudinal walls (Fig. 5.21). The Y2—in. plywood sheathing
is supported by 4x 14 purlins at 8—{t on center and 2x4 rafters at 2—ft on center. All four openings in the perime-
ter walls (two overhead doors and two personnel doors) were located in the east, longitudinal wall (Fig. 5.22).

Structural response during the 1986 Palm Springs, 1992 Landers, and 1992 Big Bear carthquakes was
recorded at 12 locations. Three instruments recorded ground motion, five recorded transverse response at the
roof, three recorded longitudinal response at the roof, and one recorded the cut—of—plane respoase of 1 longi-
tudinal wall panel at midbeight. Instrument locations are indicated in Fig. 5.20 and summarized in Table 5.4,
Horizontal ground acceleration histories recorded at the base of the warehouse are shown in Fig. 5.24 for the
Palm Springs earthquake. Corresponding linear response spectra are presented in Fig. 5.25. Digitized data
are not yet available from the Landers and Big Bear carthquakes.

Acceleration hi.tories are shown in Fig. 5.26, 5.27, and 5.28 for the Palm Springs, Landers, and Big Bear
carthquakes, respectively. Observations from the acceleration response are surnmarized below:

« The maximum transverse acceleration response was measured at the quarter—point of the longi-
tudinal walls (channe! 5) durisg the Palm Springs and Landers earthquakes, indicating that the
non-bearing fire wall and overhead door openings in the longitudinal wall influenced the dynani-
ic response of the structure. During the Big Bear earthquake, maximum transverse accelerations
were recorded at the center of the longitudinal wall (channel 4). This change in behaviorindicates
that the stiffness of the fire wali decreased during the Big Bear event, however, no informauon

on observed damage is available.

= The amplitude of the ransverse accelerations zt the roof (channels 3 and 5) were 3 10 S times the
amplitude of the transverse ground acceleration (channel 12). The out-of—plane accelerations
at midheight of the center longitudinal wall panel (channel 2) were approximately 2.5 times the
magaitude of the transverse ground accelerations.

« The magnitude of longitudinal accelerations at the center of the transverse walls at the roof level
(channe! 9) were amplified by a factor of approximately 3 relative to the longitudinal ground ac-
celerations {channel 11).

+ The in—plane acceleration response at the top of the longitudinal (channels 8 and 10) and trans-
verse (channels 6 and 7) walls was approximately the same as the corresponding ground accelera-
tions (channel 11 in the longitudinal direction and channel 12 in the transverse direction).

Normalized Fourier amplitude spectra for the Palm Springs earthquake acceleration records are shown
in Fig. §.29.

« The fundamental transverse natural frequency of the warehouse was observed to be 2.6 Hz. The
fundamental natural frequency in the longitudinal direction was 3.2 Hz.

¢ The Fourier amplitude spectra for in—plane wall response werc essentially the same as those for
the corresponding ground acceleration records.
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Iniegrared displacement response at the base of the structure and the center of the roof is shown in Fig.
5.30. The longirudinal displacement of the roof was essentially the same as the north—south ground displace-
meni. The transverse response of the roof may be observed in the east-west absojute displacement record.

Unfiltered and filtered relative displacements for the Redlands warehouse are shown in Fig. 5.31. Calcu-
lated maximum relative displacements are sumnrarized in Table 5.5 for the unfiltered and filtered records.
The following trends may be observed:

»  The relative displacement records in the transverse direction at the center of the building (chan-
nels 2, 3, 4, and 5) were not significanily affected by the filtering process. Roof-level reiative
dispiacements at the quarter—point of the longitudinal wall (channel 5) exceeded those at the cen-
ter of the longitudinal wall (channel 3), indicating that the fire wall influenced structural re-
sponse.

»  The character of the relative displacement records in the transverse direction at the end of the
building (channeis 6 and 7) were dramatically changed by the filtering process. The relative dis-
placement records for channels 6 and 7 were considered to be unreliable.

« Longitudinal relative displacement records recorded on the top of the longitudinal walls {chan-
nels 8 and 10) were also dominated by the ground displacements. 1he relative displacement re-
cords for channels 8 ang 10 were considered to be unreliable. Longisudinal relative displace-
ments recorded at the top of the south wansverse wall (channel 9) were not significantly
influenced by filtering. The amplitude of the longitudinal relative displacements measured by
channel 9 were approximatcly one—fifth of the transverse relative displacements recorded by
channel 5.

«  The maximum relative roof displacement sustained by the Redlands warehouse during the Palm
Springs earthquake was less than 0.1% of the building height.

»  The ow—of-plane displacements ai the top of the longitudinal wall panel were consistently larger
than the response at midheight of the panci.

5.3 Milpitas Industrial Building

The north—west corner of the two~story Milpitas industrial building is shown in Fig. 5.32 and the floor
plans are shown in Fig. 5.33. The tili-up panels are typically 24—ft wide with window openings at both the
first and second story levels (Fig. 5.34). Panel thickness varies between 16 in. along the panel edges to 8 in.
above and below the windows. Chord reinforcement is located at the second floor and roof levels and is
welded berween adjacent panels.

Eighteen, structural steel tube columns are used to carry the vertical floor and roof loads. The columns
are arranged in a 24x30-f: grid. Deep, open weh steel girders span in the longitudinal direction of the building
at the second floor jevel. Open web steel joists span between the girders in the transverse direction and support
a metal deck and a 2Y2—in. concrete slab. Puddle welds were used to connect the metal deck to the joists and
girders. The pitched roof is supported by glulam beams rinning in the transverse direction. The roof dia-
phragm coasists of '2—in. plywood sheathing with 2x4 joists and 6x16 purlins.
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Thirteen instruments recorded the response of the building dunng the 1988 Alum Rock and 1989 Loma
Prieta earthquakes. Instrument locations are shown in Fig. 5.35 and summarized in Table 5.6. Five insuu-
ments recorded the ground motion, the transverse building response was monitored by three insiruments at
the roof and three at the second floor, and the longiwdinal buildiag response was recorded by one instrument
at the roof and one at the second floor. Horizonal ground acceleration histories recorded at the base of the
building are shown in Fig. 5.36 for the two earthquakes. Corresponding linear response spectra are preseated
in Fig. 5.37.

Measured acceleration records are showa in Fig. 5.38 and 5.39 for the Alum Rock and Loma Prieta earth-
quakes, respectively. Observations are noted below:

* The maximum transverse accelerations recorded a1 the center of the Iongitudinal walls at the roof
level (channel 4) were approximately 3 times greater than the maximum transverse ground accel-
erations (channel 9). Max:mum transverse accelerations recorded atthe second floor level (chan-
nel 7) were approximately 25% greater than the transverse ground accelerations.

= The in—plane response of the transverse walls measured at both the roof and second floor levels
(channels 3, 5, 6, and 8) was essentially the same as the transverse ground acceleration (chan-

nel 7).

» The magnitude of the longitudinal acceleration response, measured at the center of the transverse
walls (channel 11 at the roof and channel 12 a1 the second floor), exceeded the transverse accel-
eration response at both the roof {channel 4) and second floor level (channel 7) during both earth-
quakes. Amplification factors, relative to the base, exceeded 4 for longitudinal acceleration re-
sponse at the roof and were approximately 1.6 at the second floor level.

The corresponding Fourier amplitude spectra are shown in Fig. 540 and 5.41. The predominant natural
frequencies are between 3.5 and 5 Hz in the transverse direction and between 4.5 and 5.5 Hz in the longitudi-
nal direction. The frequency signature is less pronounced in the data from the 1988 Alum Rock carthquake.

Integrated displacement histories are shown in Fig. 5.42. The amplitude of the ground displacement is
an order of magnitude larger during the Loma Prieta earthquake than during the Alum Rock earthquake. As
a result of the large ground displacements during the Loma Prieta earthquake, the relative displacements of
the structure are notsignificant. Relative displacements at the roof may be observed in both the longitudinal
and transverse directions during the Alum Rock earthquake however.

Unfilwered and filtered relative displacements for the Milpitas industrial building are showa in Fig. 5.43
and 5.44. Calculaied maximum relative displacements are summarized in Table 5.7 for the unfiltered and
filtered records. The following trends may be observed:

+ Thesignal-to—noise ratios for the relative displacements iz the Milpitas induswrial building were
smaller than those observed for the Hollister and Redlands warehouses. Therefore, the reliability
of all the relative displacement data must be questioned.

+ The relative displacement records from ail channeis during the Loma Prieta earthquake were sig-
nificantly affected by the filtering process.
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*  Only two channels of relative displacernent data curing the Alum Rock earthquake appear 10 be
izsensitive to filtering: channels 4 and 11, which represent the transverse and longitudinal re-
sponse at the center of the roof. The maximum relative displacement of the roof was less than
0.05% of the height of the building.

5.4 Summary

The measured response of three tilt—up buildings during seven recent earthquakes in California has been
presented. Although the structural systems used in the three buildings differ, the following generalizations
abour the seismic response of tilt—up construction may be made:

« Transverse accelerations were observed to be amplified by a factor of apprximately 3 between
the base and the center of the roof. The measured owt-cf-plane response at midheight of the lon-
gitudinal wall panels was amplified relative 1o the ground accelerations. However, maximum
amplification was observed al the roof level,

« The magnitude of the amplification of the longitudinal accelcrations appeared to be dependent
upon the aspect ratio and structural characteristics of the building. Amplification factors ranged
from 1.5 in the Hollister warehouse to 4 in the Milpitas industrial building.

« [n-plane acceleration response of the transverse walls at the roof level was essentially the same
as the corresponding ground motion. The magritudes of the acceleration histories were not am-

plified appreciably, and the frequency content of the signals was nearly identical.

« Displacement of the roof relative to the ground was more pronounced in the transverse than the
fongitudinal building response. Maximum out—of-plane displacements al the roof level were
approximately twice those measured at the midheight of the panel.

» Non-bearing partition walls and openings in wall panels may influence the behavior of tilt-up
construction. Maximumn transverse acceleratior. response was observed at the quarter—point of
the longitudinal walls in the Redlands warchousc.



6. OBSERVED PERFORMANCE OF TILT-UP CONSTRUCTION
DURING EARTHQUAKES

Investigations of the performance of inJividual tilt—up structures during the 1964 Alaska, the 1971 San
Fernando, the 1987 Whittier Narrows, and th: 1989 Loma Prieta earthquakes are summarized in this chapter.
Typical types of damage are listed in Table 6.1, along with an indication of the frequency. The observed be-

havior of tilt-up construction during the four eanthquakes is summarized in Sections 6.1 through 6.4. Section
6.5 contains some general observations.

6.1 The 1964 Alaska Earthquake

The 1964 Alaska earthquake damaged tili—up structures at the Elmendorf Air Force Base and provided
ihe first evidence of the potential seismic vulnerability of this type of construciion [32]. The Elmendorf Ware-
house suffered the worst structural damage in the arca: three of five bays coliapsed. The plan view of the build-
ing is shown in Fig. 6.1 and typical roof framing and concrete fire wall details are shown in Fig. 6.2. Adjacent
structures of different forms of construction sustained only minor damage, implying that the cause of the col-

lapse was not the magnitude of the earthquake (M =8.3-¥.6) but rather the structural system used in the ware-
house.

Following the earthquake, investigators identified the likely cause of failure to be pullout of the anchor
bolts from the tilt—up concrete walls. The anchor bolts connected the wall panels to the steel frame and ply-
wood roof diaphragm. This failure mechanism could have been prevented by installing ties in the concrete
colume to confine the anchor. Britile failure of the steel reinforcement in concrete columns and of the welds
connecting the cross bracing in the fire walls 1o the steel roof framing members was also observed [32]. These
connections were unable to develop the full strength of the structural members, suggesting problems related
to insufficient connection ductility, as well as connection strength.

6.2 The 1971 San Fernando Earthquake

Major structural damage was observed in tilt—up warehouses located in the Sylmar Industrial Tract and
San Fernando Industrial Tract following the 1971 San Fernando earthquake. Studies of eight tilt—up buildings
are reported in Ref. 41 and 55. Collapse of the roof or wall panels was observed in four of these structures.

Most of the failures were attributed to inadequate connection details between the plywood diaphragm,
the ledger beams, and the tilt—up panels (Fig. 3.20). Three modes of failure occurred at this interface:

»  plywood pulled through the nails;

*  nails pulled out of the ledger;

«  ledgers split in cross—grain bending 'Fig. 6.3).

Once the panel-to—toof connection failed, the 100f framing system was susceptible to failure of the glulam—~
to—pilaster or purlin—to—ledger connections. Loss of these connections allowed the framing members to slip
off their seats, leading to collapse of the roof. The out-of-plane resistance of the tilt-up panels is essentially

zero once the adjacent roof element has fallen or the panel-to—roof connection has failed. The wall panel is
then also susceptible t collapse.
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Evaluation of the roof and wall collapses that occurred during the 1971 San Fernando earthquake indi-
cates that most roof collapses originated in areas where the purlins framed into the wall panels (Fig. 6.4). High
in—plane chear forces develop along the shorter side of the diaphragm and therefore the plywood-to-ledger
connections along the end walls are more susceptible to damage than connections along the longitudinal
walls. Also, beam seats provide more stability and redundancy to connections between glulam beams and
concrete pilasters than the hangers used to form the connections between purlins and ledgers. After the ply-
wood—to-ledger connections are lost, it is reasonable to assume that the next failure mechanism will occur
at the connection of purlins to other framing elements.

Significant damage also occurred in buildings that did not collapse. Cracking and spalling of the pilasters
or corbels was observed in three of the eight tilt—up buildings considered [41,55). Cracking and permanent
out-of-plane deformations were also observed in the wall panels. Damage 1o wall panels was attributed to
excessive flexural deformation due to large in—plane roof deformations [41]. Damage ta corbels and pilasters
spalling was also auributed to displacement of the roof diaphragm.

Asa result of the poor performance of the plywood-to-ledger connections during the 1971 San Fernando
earthquake (Fig. 3.20), provisions were added to Section 2312(j) of the Uniform Building Code to prohibit
the use of these connections in regions of high seismic risk [ 75]. Positive, direct connections between the roof
diaphragms and the supporting walls are currently required in Section 2310 of the UBC [77].

6.3 The 1987 Whittier Narrows Earthquake

The 1987 Whittier Narrows earthquake provided the first major test of the tilt—up design requirements
adopted following the San Fernando earthquake. The number of roof and wall panel collapses during the
Whittier Narrows earthquake was greatly reduced compared with those during the 1971 San Fernando earth-
quake, and all occurred in structuses built before 1971. However, the magnitude of the 1987 earthquake
(M|.=5.9) was considered moderate, as compared with the 1971 earthquake (M =6.4). Thereforz, the possi-
bility that greater structural damage will occur during a stronger earthquake can not be dismissed for tilt—up
buildings designed using the post-1978 UBC provisions.

The most severe damage in more modern tilt—up structures during the 1987 earthquake occurred in build-
ings that had wall panels with large openings. Observations of panels bowing out and cracking near the upper
comers of openings were common in buildings constructed after 1983. This type of damage has been attrib-
uted to two sources [35]:

= insufficient panel reinforcement, or incorrect placement of reinforcement within the panel;
< openings had been cut into existing panels without providing additional reinforcement.

Adham et al. {10] suggest that panels with large openings should be proporioned to resist flexural action as
if the panel were a frame: the vertical piers should be designed to resist their own inertial load plus that of
the portion of the wall above the opening. Design of these piers should conform to provisions in Section
2625(f)9B of the UBC entitled “Wall Piers” [77].



When modifications are made to an existing building, many owners overlook the need to replace the
strength and stability lost when an opening is cut in a tilt~up panel [ 10,35). Steel columns or “kickers” are
usually recommended 0 increase the lateral-load resistance of a panel with large openings (Fig. 6.5).

"The the response of tilt-up buildings during the 1987 earthquake also highlighted the importance of tying
the structure together and providing adequate collector elements 1o carry the force away from reentrant cor-
ners [35]. A number of failures of plywood in roof diaphragms could have been prevented if ties had been
provided 10 ensure that the purlins did not separate from the glulam beams (Fig. 3.26). Distress of roof ele-
ments was reported near reentrant comners and skewed joints where framing members were often not able 1o
wransmit chord forces into the diaphragm (Fig. 6.6).

Cases of roof distress and ptywood failure directly above vertical elements such as stair wells anid interior
columns or walls were also reported. In many cases, collector elements were not provided 10 transmit dia-
phragm [orces into the vertical members.

The Whittier Narrows earthquake also provided information on the seismic performance of 3 number of
common construciion practices that were developed during the 1970’s and 80’s. In contrast to buildings
constructed before 1971 when casi--in-place pilasters provided continuous cunnection between adjacent wall
panels, the chord reinforcement at the elevation of the diaphragm is the often only panel-to—panel connection
in modern tilt—~up construction, Additional panel-to—panel connections are provided only in the comers of
the building. Changes in the connection design were adopted to improve the durability of tilt--up construction
under teraperature and shrinkage induced loads. Two tilt-up buildings with minimal panel-to—panei connec-
tions were studied following the Whittier Narrows earthquake [10]. Littie or no structural damage was ob-
served. However, the individual panels were considered to be more susceptible to damage due w out—of-
plane bending than comparable structures with pilasters. The reduction in the number of panel-to—-panet con-
nections is also believed to lead to panel uplift [9] .

The structural implications of using steel ledgers and metal screws for the panel-to—troof connections
were investigated by studying the behavior of the Downey and Whittier buildings (Fig. 4.26) [10]. Typical
panel-to-roof connection details are shown in Fig. 6.7 [9]. The metal screws failed along the transverse wails
in the Downey building. Structura! damage was expected 10 be considerably greater if the building had been
subjected to the design-level earthquake {9]. Although replacing wooden ledgers with steel ledgers elimi-
nates the cross—grain bending failure mechanism in the panel-to—roof connections shown in Fig. 6.3, itis not
sufficient to guarantee acceptable connection performance.

6.4 The 1989 Loma Prieta Earthquake

The satisfactory performance of most engineered buildings during the 1989 Loma Prieta earthquake has
been attributed 10 the relatively short duration of the ground motion [69].

Although there were isolated cases of major damage 1o tilt—up concrete industrial buildings, collapses
were not as widespread as during the 1971 San Fernando sarthquake. Several cases in which the contents of
the building influenced the structural performance were identified. A tomato—storage warehouse in Hollister
lost part of a wall when stacks of cans inside the building fell against the wall panels and broke the connection
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between the wall panels and pilasters [69]. In an industrial park west of Watsonville, another tilt-up structure
sustained moderate structural damage to several pilasters and a wall panel separated from the roof diaphragm
when a free-standing steel-frame mezzanine struck the exterior walls [69].

6.5 Summary

The observed performance of tilt-up buildings during the 1964, 1971, 1987, and 1989 earthquakes indi-
cates that this form of construction is susceptible to srrucrural damage (Table 6.1). Damage in buildings
constructed before the 1971 San Fernando earthquake may usually be artributed to:

* wood ledger members failing in cross-grain bending;

« nails pulling through the edges of the plywood at the ledger or at interior panel edges;
* edge naiis pulling out of wood ledgers or interior framing members;

e brittle fracture of welded connections.

The damage statistics presented in Table 6.1 indicate that the seismic performance of tili~up buildings
constructed after the 1971 San Fernando earthquake improved significantly. However, the following suscep-
tibilities were idenufied:

¢ cracking and permanent out-of-plane deformations in panels with large openings;

+ excessive displacement or flexibility of the diaphragms, particularly for those with very large
spans;

+ improper connection or anchorage details between adjacent wall panels and between the wall
panels and the foundation.



7. CONCLUSIONS

Tilt-up construction is a proven cost-effective method of erecting low-rise buildings. However, the need
to develop methods to mitigate the seismic hazards continues to grow with the increasing use of tilt-up for
commercial and industrial buildings that contain a large number of workers and expensive equipment. Past
seismic perfermance indicates that initial savings during construction can be offset by the cost of repairing
structural damage and of downtime following an earthquake.

Tilt-up buildings constructed before 1973 are susceptible 1o failure of the connections between the wall
panels and the roof diaphragm which often leads 10 the collapse of the roof and wall panels. The 1971 San
Fernando earthquake highlighted the risk of vulnerable connections, and buitding code provisions were soon
modified [75] to avoid many problems, such as cross-grain bending in wood ledger bearns. However, design
procedures developed for traditional warehouse construction may not be appropriate for buildings with geo-
metrically complex floor plans or a large number of openings in the panels. Damage to wall panels with open-
ings and roof connector elements during the 1987 Whittier earthquake indicates that modern tlt-up buildings
are also susceptible to seismic damage.

A review of current design procedures and detailed analydcal models for tilt-up construction indicates
that buildings are often treated as a group of individual components, rather than a complete structural system.
The diaphragm and wall panels are considered independently and connections are typically not modelled in
the analyses. Although the seismic response is closely tied 1o connector performance, analytical models are
not currently available to evaluate the influence of connection details on the structural response.

The measured response of three tilt-up buildings in California was used to identify trends in the seismic
behavior. The buildings represented different eras in tilt-up construction: the structures in Hollister and Re-
dlands were one-story warehouses with plywood roof diaphyagms and cast-in-place pilasters, while the
structure in Milpilas was two-stories tall, included a metal-deck floor diaphragm and a wood reof, and had
window opemings in every panel. However, the gencral nature of response was similar in all three buildings:

s Transverse accelerations measured at the center of the roof were approximately three times larger
than the comesponding ground accelerations.

» The amplitudes of the transverse accelerations and displacements at the center of the roof were
larger than the amplitudes of the response measured at mid-height of the center longitudinal wall
panel,

+ The in-plane accelerations measured at the top of the ransverse walls were essentially the same
as those measured at the base of the walls.

In addition, data from the Redlands warehouse demonstrated that non-bearing partition walls and openings
in wall panels may influence the response of tilt-up systems.

These observations are not consistent with the typical design assumptions. For example, the measured
response indicated that wall panels do not behave as columns pinned at both ends. The roof of the Hollister
warchouse sustained transverse displacements larger than 4 in. (1% of the building height) relarive to the base
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during the 1989 Loma Prieta earthquake. The middle of the panel experienced a maximum transverse dis-
placement of approximately 2.5 in. during the same event.

The differences between the expected and measured response indicate that the seismic response of tilt-up
copstruction is not completely understood. Additional work is required to develop analytical models that are
sensitive to the nature of the critical connections in the building and can be used to mitigate seismic hazards
in new and existing construction. With an improved understanding of system behavior, tilt-up construction
can be made as safe as it is economical.
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TABLE 3.1 ALLOWABLE SHEAR IN LB/FT FOR HORIZONTAL PLYWOOD DIAPHRAGMS
WITH FRAMING OF DOUGLAS FIR-LARCH OR SOUTHERN PINE! [77]

Blocked Diaphragms

Unblocked Diaphragms
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TABLE 3.2 DIAPHRAGM SHEAR STIFFNESS [3]

Raunge of
Category Shear Stiffness Type of Diaphragm
(kfin.)
Very Flexible <6.7 straight and diagonally sheathed wood diaphragms
Fexible 67-15 special diagonally sheathed wood diaphragms, plywood
sheathing, lightly—~fastened light-gauge steel decks
Semi-Flexible 15-100 plywood sheathing,
moderately-fastened medium—gauge steel decks
Semi-Rigid 100 - 1000 heavily-fastened heavy—gauge steel decks,
. composite diaphragms
Rigid > 1000 cast-in~place concrete decks
TABLE 3.3 FASTENER SLIP EQUATIONS [74]
Minimum I For Maximum Approximate Slip, €, (in.) *°
Fastener Penerration Loads up to
(in.) (b} Green/Dry Dry/Dry
6d common nail 114 180 (Vy/434)2314 (Vo/456)314
8d common nail 171 220 (Vo/857)1869 (Vo/616)3018
10d common nail 13 260 (Vo/977)1 8% (Vo/769)3276
14-ga staple 1to02 140 (Vo /902)} 464 (Vo/596)1 9%
14-ga staple 2 170 1 (Va/6T4) 8T (Vo/461)2776

2 Fabricated green/tested dry (seasoned); fabricated dry/tested dry. V; = fastener load.

® Values based on Structural [ plywood fastened 10 Group I1 lumber. Increase slip by 20% when plywood
is not Structural L.



TABLE 3.4 STRENGTH OF METAL—-DECK DIAPHRAGMS {48]

. Nominal Strength Allowable Shear for Design
Mode of Failure (kip/f) (kip/ft)
Failure of Connections
Fge Connectons Su = (2, + mpaz + "')*QL[ 5= 25"1'5 iﬁiﬁﬁs
Interior Panel - _ g-f
S.= (22 (A 1)+B)L
S._ hanical
Corner Fasteners (N?B?) §=< Or mechanica
S, = /_____.___(L2m+ 5 o 235  connections
0.25
3
Stabitity &=(%§Mp§ﬂ 55§§
Notation:
Su nominal shear strength of diaphragm, kip/ft

critical shear for stability of diaphragm, kip/ft

allowabtle shear strength for design, kip/ft

panel iength, ft

purlin spacing, fi

corrugation pitch, in.

width of the deck panel, in.

thickness of the metal deck, in.

panel depth, in.

strength of a structural fastener, kip (defined in Table 3.5)

swength of a sidelap fastener, kip (defined in Table 3.5)

X x¢ /'w = end distnbudon factor

£ x, /w = purlin distribution factor

ratio of sidelap fastener strength to structural fastener strength, O./Cr
distance from the panel centerline 10 a fastener at the end suppor, in.
distance from the papel centerline to a fastener at putlin support, in.
number of intermediate sheet-lo—structure cannections per panel length
and between purlins at the diaphragm edge

numbet of purlins excluding those at ends or endlaps

number of stitch connections within length L

1 for single—edge fasteners

2 for double—edge fasteners

number of fasieners per fool along the ends

moment of inertia of the sheet, in.%/ft

developed flute width { 2(e+w) + fin Fig. 3.7 ), in.

n,a, + (2,2 x} + 4%
DL,
240&

[T O T O T T T N (T VI A O O O T Ry |

W =2z »FF SFFRIEPRO .z TNuk

[}
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0

1 -
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TABLE 3.5 STRENGTH AND FLEXIBILITY OF CONNECTIONS
IN METAL DECK DIAPHRAGMS [48]

(@) Structural Connections

Type of Strength Flexibility
Connector Q . Sf. Notes
(kip) {in./kip)
Puddie Welds
without washers 22t F.d-1) (1)
] 0.00115 o
'
t
with washers 991 (133 d, + 03 F 1) v 1))
Screwed Connections 1.25 F, ¢ (1 - 0.005 F,) 0-0‘/‘;‘3 3)
Power-Driven Pins
Ramset 265D 6251 (1 — 51) "-OJ‘Z”
t
Hilti ENP2-21-L15 611¢c(l -4 0.00125 ‘
Hilti ENP3-21-L15 Fed -4 { i “
Hilti ENKK 5201 (1 - 30) 0.00156
J
{p) Sidelap Connections
Type of Strength Flexibility
Connector Q‘ . S’, Notes
(kip) (in./kip)
Puddle Welds
without washers 165t Fu(d — 1) 0.00125 )
with washers 74251 (133 d, + 03 Fou t) 'z 2
Screwed Connections 115 d ¢ Oﬁ'%*ﬂ )
i
Power-Driven Pins 240 12 00% (6)
1
Notation:

t = thickness of metal deck, 1.
d = average visible diameter of weld, in. or major diameter of screw, in.
F, = specified minimum strength of metal deck, ksi
d, = diameter of hole in washer, in.
Fx = electrode strength, ksi
Fy = yield stress of metal deck, ksi.
Notes:
(1) Applicable for deck thicknesses between 0.0285 and 0.0635 in,
(2) Washers are recommended for deck thicknesses less than 0.028 in.
(3) Equartions developed for No. 12 and No. 14 screws.
(4) Applicable for deck thicknesses between 0.024 and 0.60 in.
(S) Strength is independent of screw because deck typically fails before screws yield.
(6) Strength and flexibility do not depend on the type of pin.

52



TABLE 3.6 STRENGTH OF COMPOSITE DIAPHRAGMS [48]

Type of Concrete

Nominal Strength
(kip/ft)

Allowable Shear for Design
(kip/ft)

Swuctural

_ By

wf '

T * 19500

. . B
Type 1 — insulating S, = —% + 0.040 Jf. §=<

Type 11 - insulating

Noration:

nominal shear strength of diaphragm, kip/ft

ailowablc shear sirength for design, kip/ft

panel length, ft

width of the deck panel, in.

swrength of a structural fastener, kip (defined in Table 3.4)

strength of a sidelap fastener, kip (defined in Table 3.4)

ratio of sidelap fastener strength to structural fastener strength, Ov/Or
distance from the panel centerline to a fastener at the end support, in.
distance from the panel centerline to a fassener at purlin support, in.
number of intermediate sheet-to-structure connections per panei [ength
and between purlins at the diaphragm edge

number of purlins excluding those at ends or endlaps

number of stitch connections within length L

unit weight of concrete, Ib/ft?

specified compressive strength of the concrete, psi.

n, a, + {2n, T x2 + 4 X xZ)

[ T TS O T ¥ SO { Y T S VI )

LU S T}

m:'.e-?'? 5‘3‘3‘9@@{[‘-:&}“

i

TABLE 3.7 MAXIMUM DIAPHRAGM DIMENSION RATIOS [77]

i
Horizontal Diaphragms | Vertical Diaphragms
Material Span—Width Height-Width
Ratios Ratios
1. Diagonal sheathing, conventional 31 21
2. Diagoaal sheathing, special 4:1 3A
3. Plywood and particleboard, nailed all edges 4:1 Il
4. Plywood and particle board, blocking omitted at 4:1 2:1
intermediate joints
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TABLE 4.3 SUMMARY OF DYNAMIC TESTS OF TILT-UP WALL PANELS (6, B, 7]

Effective
Test No. Motion Eanhquakc’ Peak Diaptragm PaneiNo. | Reinforcement
Seq. No. Acocleration Stiffness
)
1 1 El Centro 0.2 Flexible
2 2 El Centro 0.2 Rigid
3 3 Caslaic 0.2 Flexibic
4 4 Castaic 0.2 Rigid
S 5 El Centro 0.4 Flexible
6 6 El Centro 0.4 Rigid 2 5-#4
7 7 Casiaic 0.4 Flexible
8 8 Castaic 0.4 Rigid
9 1 El Ceniro 0.2 Flexible
10 1 El Centro 0.2 Flexible
11 2 El Centro 02 Rigid
12 3 Castaic 0.2 Flexible
13 4 Castaic 02 Rigid
14 5 El Ceniro 0.4 Flexible
15 & El Centro 04 Rigid
16 7 Castaic 0.4 Flexible 3 543
17 8 Castaic 0.4 Rigid
18 6 El Centro 0.4 Rigid
19 1 El Centro 0.2 Flexible
20 2 El Centro 0.2 Rigid
21 3 Castaic 0.2 Flexible
22 4 Casiaic 0.2 Rigid
23 5 El Centro 0.4 Flexible
24 6 El Centro 0.4 Rigid 4 S5-#4
28 7 Caslaic 04 Flexible
26 8 Castaic 04 Rigid
27 6 El Centro 0.4 Rigid
28 6 El Ceatro 0.4 Rigid
29 6 El Ceatro 0.4 Rigia
30" 2 El Centro 0.2 Flexible 4" 5-#4
31" 6 El Centro 04 | Flexible

* El Centro — NS compooent from 1940 E1 Centro earthquake

Castaic - N69W componeat from 1971 San Fernando eanthquake.
** Panc] #4 was repaired with cpoxy after Test 29. Tests 30 and 31 were conducted on the repaired panel.
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Variable Widths Affect e Stack Casting
¢ Lift Rigging
e Weight/Crane Size

!

Avold e Laterally Unbalanced
8 Too Narrow Elements

e Interrupting Support Elements

Fig 23  Examples of improper placement of openings [78].

67




A\
N

Avoid Joints Thru Openings

Better

Fig. 2.4

Locations of openings within til-up panels [78).
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Fig. 2.5  Roof framing member connected to the tilt—up panels at the panel-to—panel joint [78].
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2 LA™~ Sawn dXx
d Purkns
_ interior /‘
Coharns Concrete
Wal Panels

Fig. 2.7 Typical plywood diaphragm [35].

bridging

Blocking {acts as blocking)
{may aisc be
positioned fiatwise)

Fig. 2.8 Blocked section of a plywood roof diaphragm [571.
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1/16" Weld 1° Long
Every Flute

127 ¢/¢
Puddie Weid

Z-Type Sheartranz ®

116" Weld 1* Long
Every Flute

Channel Type Sheartranz ®

Fig. 2.11  Typical Z- and C- type shear transfer connections [64).
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e VERTICAL LOAD
i LEVER SYSTEM "
<

‘J ROLLER EEAEING\
i
PLYWOOO AND
TRUSS JOISY
| S, BACKING FQR
AlR BAG -
ADJUSTAL
—— ¢ SUPPORT:
i § vEs? L
| et . SPECIMEN
l‘ TUBULAR
ot STEEL FRAME ~
e
AIR BAG
|-t
LOAD
DRUM
e {(WATER)
4 ' ) [ ’
e, —_ 4
2%7 SIDE ELEVATION OF TEST SETUP

Fig.3.2  Idealized model of a tilt-up wali panel [16].

Fig. 3.3 Test configuration for ACI-SEASC lateral load tests {16].

76



Q
2| te—e
" .
Pp/2 ~ — N
VAVA \ —
~ 2 A .
3 3'1 P12~ |
.
o . —*
l Midheight _
T Mk‘
\ L’
2 H —
~r £ -
3 <
e
Ry

Fig. 3.4 Free body diagram of a tilt-up panel subjected to lateral loading [16).
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Fig. 3.5 Distribution of lateral forces to supporting walls in structures with flexible and rigid
diaphragms [65].
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Fig. 3.7  Corrugations in metal decking [48).
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Fig. 3.8 Strength of metal-deck diaphragm limited by connections along edge of diaphragm [48].
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Fig. 3.9  Strength of metal-deck diaphragm limited by connections in an interior panel [48).
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(b) OPEN-ENDED UNIT

Fig. 3.11  Deformati-u of metal deck [48).
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Fig. 3.12  Pull-out strength of various roofing nails [20j.
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Fig. 3.15  Analysis uof diaphragm modelled as a Vierendeel truss [74].
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Coatianans B



b
#4 SLB DOWELS [ 2.
0 24 o/c -

i‘f

P.C. PANEL . / 1 #5 CONT.
PER ELEVATIONS ————e f !

N “ DOWELS © 24 ,
¥ CONT. SOLID i} ¢ o/
NON-SHRINK GROUT CLR.

FINISHEI(): GRADE

H,

-_ ¥

SLAB ON GRADE —m
PER FON. PLAN ]

£a

o'-0 i

e N\ N
{PER PLAN) Z '

T o

i ol ' I~ B ‘J‘?

J
-

o #4 CONT,

%':2_;
/[/

o el \
- 2 §5 CONT.
o 0P & BOT.
EO. 0.
!
s
1 45 CONT i ‘ . &
. 1 f4 @ 24°0/c N
P.C. PANEL
PER ELEVATIONS ’ﬂ-\/j
0-0"__ _ N
7L
= HOLD 15"
Q@ 24"p/x ———. CLR. N m MIN.
FINISHED GRADE o v
PER ARCH, ———\ COVER w/ 3™ MIN.
CONC. OVER STL.
; N %
(PER PLAN) § W
i l
7| = N
- - €
14 @ 240 /¢
Wl o
{1 CONT SOLID
NON-SHRINK
PER PLAN GROUT

Fig.3.17  Typical pancl~to—foundation connections in buildings construcied aficr 1971 {40).

89



Nore: Alernate horizontal | 4, Typical
Lars % project 47 for raity '.i _l_Tl
cvlume anchorage B 207 o o r"-T "'—[-
[T IY, 1T pe— - . b ' Precast panel
r _ I. ‘|’ 4 i - L
'i } . s { 2 W :"_
- 1 - * . &N
b —[ A l ) "e’ -y i P
P | P Y .
K \ h:
W4 chamfer (typ ) Cameriine Tymcal colums bers

r-n\a-mn-u-d.‘\ hu\
reg PRI BT - {
[ » 2 '’ ) 4

\ 1
L” Splice Plece
"—!L‘—‘L@ Dry Pock Grow

torizents! Asinlercing,

ELEVATHON

Fig.3.13 Typical panel-to-panel comnections in buildings constructed before 1971 [55,80]
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Fig. 3.20 Typical purlin to wood ledger connection in buildings constructed before 1971 [35].
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Fig. 3.21 Typical plywood to wood ledger connection in buildings constructed before 1971 [25].



, Nails for shear transfer to ledger

e R
ar‘: . Embedded strap with or without swivel
',,‘." . for local forces normal to wall

Joist @ 16" or 24"

Bolts for both

Chord Steel-§‘~\ﬁk* X Zr vertical support and
8 "], ‘ chord and diaphragm
l. s ' shear
a-7 % *___ Joict hanger |
a \
_‘_'_"LL_L_ Wood ledger

Advantages:

a. Tew pieces with simple, standard naraware.

b. Easy to install with standard carpentry techniques.
c. Good, direct shear transfer to wall,

d. Accommodates ceiling on underside of joists.

Disadvantages:

a. Embedded straps have to cycle and align with joists and follow slope
of ledger which requires setting joist lecations at an early stage
so joists and straps coincide. Swivel is of dubious merit if place-
ment is significantly off as strap will run diagnonally across joists
and na’'ing is partially lost.

b. May be adversely affected by shrinkage as strap is permanent in
elevation into u.ll while roof and roofing settle around it., Strap
also places bum, in roof membrane subject to different thermal
behavior than rest of roof.

Comment: This is a good current detail essentially developed after the
San Ferando earthquake to provide a positive tie into diaphragm for local
forces. There are some ficld problems setting the straps at the proper
elevation and proper lateral location and some concerns over the effect of the
straps on the roof membrane.

Fig.3.22  Typical purlin to wood ledger connection in buildings constructed after 1971 {25).
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<HUC4 hanger
\

\

) 1,

4 x block 2

Rt N ‘ \l N
- ) ‘\ ) Y
. " — 7
S YHUC4 hanger
N
7
PLAN VIEW
P
. . é; HUC4 hanger
Nails for diaphragm -9 ¢
and chord shear
to ledger
, ;f . Washer
Bolts for vertical <« ) ; —
support, diaphragm & :‘ \ /.,
and chord shear and __|° o i ? pgs e pl € Joists @ 16"
local forces mormal [ ® Y . | R ’2‘2 oy 24t
. : y —
to wall 1 ’ ‘ . —Rod ‘\\_
! .l
. ' — Coupling nut ‘ ~ -~ & x block
P R
a7 “—- - Washer
b A L
bl = 3 x ledger

v

ELEVATION

Advantages:

a. Standard hardware.

b. Installs with normal carpentry tools and technique.

. Independent of joisr posirioning provided wall bolts are not within.
4-inches of joist centerline. Tight tolerances not required.

d. Good, direct shear transfer to wall,

e. Not adversely affected by wood shrinkage.

Fig.3.24  Surengthening of existing pancl-to—roof connections for walls with parapets [25].
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Nail diaphragm and chord shear to sill

© Joists @ 16" or 2a"

s

Bolts diaphragm and
chord shear sill to

wall \\\ )

-7
- «—— Rods for outward
: local forces normal

to wall
LI _ Wood ledger and bolts for
."f‘ vertical support
____1!r_L___

See Figure 9 for details
of rod connection

Advantages:

a) Simple connection installed with standard carpentry techniques.
b) Can be installed on existing construcrion almost as easily as on
new.

Disadvantages: tlumber of small parts resulting in an increased cost.,

Fig. 3.25  Strengthening of existing panel-to-roof connections at top of wall {25].

Fig.3.26  Purlin-to—purlin connection across a giulam beam [22).



Nails for combination of diaphragm and
sub-diaphragm shear to ledger

Endnail each block for overturning force —-—
- Nails plywood to blocking for localy
R / force normal to wall
V:'Q, ! y
e LFF-F et
. a >
d 1f CDT ‘Ti 'r- i
Chor' stge or e b AHP . Joist
combination Ofo v n . 16"
diaphragm and =) . | T 24"
sub-diaphragm |.“ - p it S ~
tension r A —*L
o ‘ . LBlocking stapgered each side of rod_.
o o i snug fit required between joists
. \
V " ___Rods for lucal force normal to wall
{ - p——rte ——- ..— SUB-DIAPHRAGM 't
. lo . 1\
] e % ) \.\—-- Coupling nut
——8olts For shear transfer to chord/wall
~-w 3 x ledger to match joist depth
Advantages:
a. Relatively simple carpentry
b. Tolerances are relatively loose.
c. MNot adversely affected by joist shrinkage.
4. Can be applied to existing as well as new construction,
Disadvantages:

b.

a. Increased hardware, lumber and nailing relative to (13).
Snug fit on blocking hard to obtain unless rods are tightencd

before sheathing is in place.
©. Problem in blind nailing plywood into staggered blocks.

Fig. 327  Use of metal lies through purlins 10 create a subdiaphragm (walls with parapets) [25).
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Nailing fur ~hord shear ‘rom diaphragm
and sub~ Jlapnragm and diaphragm shear.
T e
.4

o
3

Nails to blocking for
,/ local forces normal to

A wall

Bults for chord
shears and
dizphragm shear |

/

/

s

A

»
s

Chord steel ~

Q
—T )

- V"

L-'iCoupl.ing nut

| ) <7
2 el
; Sub d1aphrag- Rod for local
f forces normal
f ‘ to wall

2 x blocking snug fit

to joists. Stagger
opposite sides of rod

Fig. 3.28  Use of meuwl tics through purlins to create a subdiaphragm (top of wall) [25].
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Nails for combination of diaphragm and
sub-diaphragm shear to ledger

Fmbedded strap with or without swivel for
™™ local forces normal to wail

{
!

i

[Strap to strap for full local force normal to wall
N

ails-strap to plywood for preportion of local—

/ force normal to wail !
/

/ l Boundary nailing for sub-diaphragm shear-—

{

—rYL:—J ,/ Sheetmeral strap 7 -
K //—‘—_\Ié-ﬁ‘y
~> — - #
¢ -} !

Chord Steel for

H

combination of L )
diaphragm and ‘:»
sub-diaphragm e — i _ ; Jo{sﬁs
tension \T , A X\ Sr gl."
by ! A
0 L n i

SUB-DTAPHRAGM — — —

\ K
y ~2 x flat blocking

— Bolts for shear transfer to chord/wall

L ——— 3 x ledger to match joist depth

Advanrtages:

a. Relatively simple carpencry.
b. Work dene from above.

Disadvantages:

a. Noa~standard sheet metal strap.
b. Strap has to be ser accurately to elevation follewing slope of roof.

May be adversely affected by shrinkage as strap is permanent in

c.
elevation into wall while roof and roofing settle around it.
Scrap also places bump in roof membrane subject to different thermal
behavior than rest of roof.
Fig-3.29 Use of meuwl strap atiached to plywood and blocking to create a subdiaphragm [25].



__..‘_V./\!{-q.._. ,
e /
SIPA TS

Chord steel for

combination of ~

diaphragm and
subdiaphragm
tension

3 x ledger to_ " q.

match joist
depth

Advantages:

Boundary nailing for sub-diaphragm shear —
Nails for combination of diaphragm and f
/ sub-diaphragm chord shears to ledger J

i
/Nails——To blocking for normal forces—

a = e —— 1 = r L] NN

‘% L\\ [{Nails to strap and blocks |

=] for pertion of normal forces

‘4’\ \_ \ Sheetmeral strap !

1

N _.f\ \ SUB-DIAPHRAGM L

> i\ \ Angle connccrion for local K
S ' normal forces

L— Bolts for shear transfer to chord/wall

Nails to strap for applicable portion of
" local normal forces -- Some portion goes
off top of blocking to diaphragm plywood

a. Relatively simple carpentry without close tolerances.
b. Adjusts to shrinkage.

Nailing to strap overhead - probably requires scasfolding.

Disadvantages:
a. MNon-standard angle and strap.
b.
¢. PRequires duplicate nailing to blocks.
d.

Blocks must be end connected for overturning.

Fig. 3.30  Usc of metal strap attached to blocking to create a subdiaphragm [25).
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Fig. 4.1 Measured force—displacement response of nailed connections.
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By \ahee

(3} Static load reversals [83).

‘- Envelope \—

Cyclic
Load-Defiection
Curves

> v — T N N A

& 4 20 0 2 0 e
Displacement (mm)

{(b) Static load reversals [26].

Fig. 4.2 Measured force—displacement response of plywood wall panels and diaphragms.
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Fig. 4.2 (cont.) Measured force-displacement response of plywood wall panels and diaphragms.
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(b) Force—displacement curve for monotonic loading to failure.

Fig. 4.3 Measured frec-vibration response of plywood diaphragm [39).
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MOTE: TME 1-Ton {907 kg) LEAD VEIGHTS
SHOWN ATTACHED FOR THE DYMANIC
AMRAS TESTS REMAIN ATTACHED FOR THE
:m: i ('{EIAEU:TE;#:;) STATIC TESTS, BUT INDUCE WO
INERTIAL FORCES OUE TQ THE
SERVO VALYES (2) SLOW TESTING SPEED
25 GPn (35 LPn} .

LOAD CELL
30,000 LB
(133 v

REMOVABLE REACTION
PILLARS FOR QUAS |-
STATIC TESTS (Tve
& PLACES)

LOW FRICTION ROLLER
ASSEMBLIES

SIAPHRACH (TYr B PLACES)
UNDEN TEST

PROGRAWMBLE ACTUATOR

{(a) Quasi-suatic tests.

PROCAMMMABLE ACTUATOR (TYP)
¥ o 18 (102 s x 857 sm)
1ERVO vALVES (2)
25 &M (35 LM

1-ToH (307 o)
LEAD VEIGHTS SUPPORTED
O LOW FRICTION ROLLERS
{TYPICAL, 30 PLACES]

LOW FRICTION ROLLER
ASSEMILIES (TYP 8
FLACES)

{b) Dynamic tests.

Fig. 44 Test configuration for ABK diaphragr tests [1).
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Fig. 4.5 Measured force-displacement response of metal-deck diaphragm [1].
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Fig. 4.6 Representation of plywood diaphragm as a series of nonlinear spnags [11].
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Fig. 4.14 Comparison of maximum response of panels 2, 3, and 4 with a rigid roof diaphragm
subjected to El Centro base motion [6,8,7).
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Fig. 4.15 Displacement and acceleration distributions in panel 3 with a rigid roof diaphragm
subjected 10 varying imensities of the El Centro base motion [6,8,7}.
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Rediands Worehouse — 1986 Palm Springs Earthquake
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Fig. 5.26 Redlands warchouse — 1986 Palm Springs earthquake.
(b) Longitudinal acceleration response.
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Fig. 5.9  Hollister warehouse - 1984 Morgan Hill earthquake.
(a) Transverse acceleration response.
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Hollister Warehouse — 1984 Morgan Hill Earthquake
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Fig.5.9 (coat.) Hollister warehouse ~ 1984 Morgan Hill earthquake.
(b) Longitudina) acceleration response.
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Hollister Warehouse — 1986 Hollister Earthquake
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Fig. 5.10 Hollister warehouse — 1986 Hollister earthquake.
(a) Transverse acceleration response.
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Hollister Warehouse — 1986 Hollister Earthquake
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Fig. 5.10  (cont.) Hollister warchouse — 1986 Hollister earthquake.
(b) Longitudinal acceleration response.

142



Hollister Warehouse — 1989 Loma Prietag Earthquoke
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Fig. 5.11  Hollister warehouse - 1989 Loma Prieta earthquake.
(a} Transverse acceleration response.
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Hollister Warehouse — 1989 Loma Prieta Earthquake
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Fig.5.11  (cont.) Hollister warehouse — 1989 Loma Priea earthquaice.
(b) Longitudinal acceleration response.
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Fig. 5.12  Hollister warehouse ~ 1984 Morgan Hill earthquake.

(a) Normalized Fourier amplitude spectra of wransverse acceleration response.
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Fig. 5.12  (cont.) Hollister warehouse — 1984 Morgan Hill earthquake.

(b) Nommalized Fourier amplitude spectra of longitudinal acceleration response.
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Normalized Fourier Amplitude
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5.13  Hollister warehouse - 1986 Hollister earthquake.
(a) Normalized Fourier amplitude spectra of transverse acceleration response.
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Normatized Fourier Amplitude

Hollister Warehouse — 1986 Hollister Earthquake
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Frequency, Hz

Fig. 5.13  (cont.) Hollisier warehouse — 1986 Hollister earthquake.
(b) Normalized Fourier amplitude specira of longitudinal acceleration response.
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Normalized Fourier Amplitude

Hollister Warehouse — 1989 Loma Prieta Earthquake
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Frequency, Hz

Fig. 5.14  Hollister warchouse - 1989 Loma Prieta earthquake.
(a) Normalized Fourier amplitude specira of ransverse acceleration response.
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Normalized Fourier Amplitude

Hollister Warehouse — 1989 Loma Prieta Earth¢uake
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Fig. 5.14
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Frequency, Hz

(cont.) Hollister warehouse - 1989 Loma Prieta earthquake.
(b} Normalized Fourier amplitude spectra of longitudinal acceleration response.

150



“asuodsas wowadeydsip aanjosqy — asnoyatem JAsilod <1 Ty

00 0SZ 002 0GI 00l 0°G 00
o9s ‘swl/
01—

ARV A AN ARV 00

'y J

axonbyjipg |jIH UDBIOW +Q6| — SSNOYSIDA 49}SI||OH

"ur Quawaoo|dsi(

151



-asuodsas Wwawooe|dsIp MAjosqy — snoysiem Jasijoy (woo)  ¢i's iy

0 0% 06cC 00c 0°Gl 00! 06 00
J8s ‘aully

ul Quawaon(dsiq

asuodssy 1Sy — 3sb3

[ - i b [ 1 J

ayonbylip3 19)Si/jOH 986, — BSSNOYSIDM 49)SI||OH

152



-asuodsas Juawasedsip Nnjosqy ~ Isnoyauem JASI[OH (woed)  §1's Ty

] A A ] ] \J AJ

00¢ 0'Ssc 00c 0°Gl 00! 0¢ 00

09s ‘Bl
00—

AN AN .

— —~ 00
400y -------o-e- JsuUodssy Yinog — YJIoN 00!

punoiy —
,/\\.\//\,\ /i\ + ﬂét;/\\,/ 00
.., 001
asuodsay j}sey — }So03

axonby)ip3 D}BIi4 DWOT £86 — OSNOYSIDA| J9)SIfjOH

Ul Quawsopdsiqg

153



Hollistér Warehouse — 1984 Morgan Hill Earthquake

0.8 Channel 4 — Roof, Center (Unfiltered)

r
0.0

~0.8l
0.8

0.0

< —0.8
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0.0

~0.8l
0.8,

0.0
-0.8L

Relative Displacement, i

-0.8 Time, sec
0.0 0.0 20.0 30.0 40.0

Fig. 5.16  Hollister warchouse — 1984 Morgan Hill earthquake.
(a) Transverse relative displacement response.
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in.

Relative Displacement,

Hollister Warehouse — 1984 Morgon Hill Earthquake

-

0.2 Channel 2 — Roof, South Wall (Unfiltered)

o.otm /N f\ /J\-\ /"'\\fﬂ\ A

—0.2 :
0'2[ Channel 2 — Roof, South Wall (Filtered)
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-0.2L
0.2 Channel 3 — Roof, North Wall (Unfiltered)
0.0
-0.2
0.2 Chonnel 3 — Roof, North Wall (Filtered)
0.0
-0.2 Time, sec
0.0 10.0 20.0 30.0 40.0

Fig. 5.16  (cont.) Hollister warchousc - 1984 Morgan Hill earthquake.
(b) Transverse relative displacement response.
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Relative Displacement,

0.2 Channel 10 — Roof, West Wail (Unfiltered)
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-0.21

0.2, Channel 10 — Roof, West Wall (Filtered)
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0.0 %‘%MAV&V%AWAV
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0.2, Channel 11 — Roof, Center (Filte:.ed)
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-0.2t

0.2, Channel 12 — Roof, East Woll (Filtered)

0.0 %*W%*Mﬁ“f‘ﬁ*”v&wv%
-021L Time, sec

0.0 10.0 20.0 30.0 40.0

Hollister Warehouse — 1984 Morgan Hill Earthquaoke

Fig. 5.16 (cont.) Hollister warehouse - 1984 Morgan Hill earthquake.
(b) Transverse relative displacement response.

156



in.

Relotive Displacement,

Hollister Warehouse — 1986 Hollister Earthquake

T T

0.8, Channel 4 — Roof, Center (Unfiltered)
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0.8, Channel 6 — Midpanel, West wall (Filtered)

0.0

-0.8L Time, sec
0.0 10.0 20.0 30.0 40.0

Fig. 5.17  Hollister warehouse — 1986 Hollister carthquake.
(a) Transverse relative displacement response.

157



Relotive Displacement, in.

Hollister Warehouse — 1986 Hollister Earthquake

~ T T

0.2 Channel 2 — Roof, South Wall (Unfiltered)
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-0.21

0.2 Channel 3 — Roof, North Wall (Filtered)
-0.2 Time, sec

0.0 10.0 20.0 30.0 40.0

Fig. 5.17  (cont) Hollister warehouse ~ 1986 Hollister earthquake.
{a) (cont.) Transverse relative displacement response.
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Relative Displacement, in.

Hollister Warehouse — 1986 Hollister Earthquake
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=Y

Fig. 5.17  (cont.) Hollister warehouse — 1986 Hollister canthquake.
(t) Longitudinal relative displacement response.
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Re/ative Disp/acemen t

Hollister Warehouse — 7989 Loma Pr/eta Eorthquake

r

4.0
0.0

—-4.0
4.0,

-

0.0

—4.0
4.0
0.0
4.0
4.0
0.0
~4.0!
4.0,
0.0
-2.0!
4.0
0.0

-4.01L

0.0

T | T

I

Ch

annel 4 - Roof Center (Unf//tered)

Ch

WV'WWW
annel 4 — Roof, Center (Filtered)

AtA nﬂa PSP AL A

d
V'V AL I A A B o A 1

annel 5 — Raoof, West Wall (Unfiltered)

EAP

annel 5 — Roof, West Wall (Filtered)

hAﬂAnlAﬁl A _aa AAA A

P Y AAA
vv'v"'v' W V'Y W A" e .I'

Ch

Ch

10.0

i

annel 6 — Midpanel, West Woll (Unfiltered)

‘ww&vm‘wmvbw»wavm—%—a-—q

annel 6 — Midpanel, West Wail (Filtered)

e

Time, sec
ZQ. 0 3(.?. () 4Q. 0 5Q. 0 5(?. 0

Fig. 5.18 Hollister warehouse — 1989 Loma Prieta earthquake.

(a) Transverse reladve displacement response.
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Relative Displacement, in.

Hollister Warehouse — 1989 (oma Frieto Earthquake

L§ Ll

0.5, Channel 2 — Roof, South Wall (Unfiltered)
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0.0
—-0.51L

0.5 Channel 3 — Roof, North Wall (Filtered)
-0.51 Time, sec

00 100 200 300 400 500 600

Fig. 5.18 (cont.) Hollister warchouse — 1989 Loma Pricta carthquake.
{a) (cont.) Transverse relative displacement response.
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Hollister Warehouse — 1989 Loma Prieta Earthquake

r L T

Channel 10 — Roof, West Wall (Unfiltered)
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Fig. 5.18  (cont.) Hollister warehouse — 1989 Loma Prieta earthquake.
{b) Longitudinal relative displacernent response.
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Fig. 5.23  Locations of strong-motion instruments - Redlands warchouse.
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Base Acceleration, g

Redlonds Warehouse
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Fig. 5.24 Measured ground accelerations — Redlands warehouse.
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Rediands Warehouse — 1986 Palm Springs Earthquake
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Fig. 5.26 Redlands warchouse — 1986 Paim Springs eanthquake.
(a) Transverse acceleration response.
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Redlonds Warehouse — 1986 falm Springs Earthquaoke
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Fig. 5.26 Redlands warchouse — 1986 Palm Springs earthquake.
(b) Longitudinal acceleration response.
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Normalized Fourier Amplitude

Redlands Warehouse — 1986 Palm Springs Earthqucke

1.0 Channel 2 — Midpanel, West Wall
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0.0 . : \ A L Uad "W
1.0, Channel 12 — Ground, West Wall
0.5}
WM

0.0 ; . . '
0.0 10 20 30 40 50 60 70 80 90 7100
frequency, Hz

Fig. 529 Redlands warchouse — 1936 Palm Springs carthquake.
(a) Normalized Fourier .mplitude spectra of transverse acceleration response.
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Redlands Warehouse — 1986 Palm Springs Earthquake

10. Channel 8 —~ Roof, East Wall
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Frequency, Hz

Fig. 5.29 Redlands warchouse — 1986 Palm Springs carthquake.
(b) Normalized Fourier amplitude spectra of longitudinal acceleration response.
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Redlands Warehouse — 1986 Palm Springs Earthquake

0.3, Channel 3 — Roof, West Wall (Unfiltered)
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Fig. 5.31  Redlands warehouse — 1986 Palm Springs earthquake.
(a) Transverse relative displacement response.
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Redlands Warehouse — 1986 Palm Springs Earthquake

Chonnel 2 — Midpaonel, West Wall (Unfiltered)

Channel 7 — Ronf, North Wall (Filtered)

-0t Time, sec
0.0 10.0 20.0 30.0 40.0

) - - Jd

Fig. 5.31  (cont.) Redlands warehouse — 1986 Palm Springs carthquake.
(a} (conmt.) Transverse relative displacement response.
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Redlands Warehouse — 1986 Palm Springs Eorthquake
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Fig. 531  {cont.) Redlands warechouse - 1986 Paira Springs earthquake.

{b) Longitudinal relative displacement response.
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Milpitas Industrial Building

0.15 - 1988 Alum Rock Eorthquake — NS
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Fig. 5.36  Mecasured ground accelerations — Milpitas industrial building.
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Acceleration, g

Milpitas Industrial Building ~ 1988 Alum Rock Earthquake

0.3, Channel 3 — Roof, East Wall

0.0 —-—“—‘—WM‘-‘“—W%—————*—*—————C
-0.31L

0.3, Channel 4 — Roof North Wall

0.0 —*‘W*WMW‘«
-0.3t

0.3 Channel 5 — Roof West Wall
-0.31

0.3, Channel 6 — Second Floor, East Wall

0.0—-—#-%%&*%—*———‘———*#—-—4
—0.3L

0.3, Channel 7 — Second Floor, North Wall
-0.31

0.3 Channel 9 — Ground, East Wall

0.0 VSIS RV PPy —— »
-0.3L Time, sec

0.0 5.0 10.0 15.0 20.0

Fig. 5.38  Milpitas industrial building — 1988 Alum Rock earthquake.
(a) Transverse acceleration response.
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Acceleragtion,

Milpitas industrial Building — 1988 Alum Rock Earthquake

LA LI

Channel 11 — Roof East Wall

0.3

a.0
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0.3, Chennel 12 — Second Floor, East Wall
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~0.3L

0.3 Channel 13 — Ground, East Wall

0.0 PP ertmaro e 4
-0.3

Time, sec _
0.0 5.0 10.0 15.0 20.0

Fig. 5.38  (cont.) Milpitas industrial building — 1988 Alum Rock earthquake.
(b) Longitudinal acceleration response.
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Acceleration, g

Milpitas Industrial Building — 1989 Loma Prieta Earthquake

L LS L

0.3, Chonnel 3 — Roof, Eost Wall
0.0
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0.0
-0.3L
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0.3r Channel 7 — Second Floor, North Woll
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—o0.3!
0.3, Channel 8 — Ground, East Wall
-0.3t Time, sec
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Fig. 539 Milpitas industrial building — 1989 Loma Prieta earthquake.
(a) Transverse acceleration response.
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Acceleration, g

Milpitas Industrial Building — 1989 Loma Prieta Earthquaoke

Channel 11— Ropf Eost Wall

0-\3F ‘
00 \“rll; E '.|’ i‘l‘l i A T
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0.3, Channe! 12 — Second Filoor, East Wall
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0.3 Channel 13 — Ground, East Wall
o0
-03
Time, sec
0.0 50 100 150 200 250 300
Fig. 5.39  (cont.) Milpitas industrial building — 1989 Loma Pricta carthquake.

(b) Longitudinal acceleration response.
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Normalized Fourier Amplitude

Milpitas Industrial Building — 1988 Alum Rock Earthquake
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Fig. 540 Milpitas industrial building - 1988 Alum Rock earthquake.

(a) Normmalized Fourier amplitude spectra of iransverse acceleration response.
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Milpitas Industrial Builiding — 1988 Alum Rock Earthquake

10 Channel 11 — Roof East Wall

o Q
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Channel 12 — Second Floor, Fast Wall

Chaonnel 13 — Ground, East Wall
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O = o
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Fig.5.40  (cont.) Milpitas industrial building — 1988 Alum Rock earthquake.
(b) Normalized Fouricr amplitude spectra of longitudinal acceleration response.
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Milpitas Industrial Building — 1989 Loma Prieta Earthquake
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Fig. 541  Milpitas industrial building - 1989 Loma Pricta carthquake.

(a) Normalized Fourier amplitude spectra of transverse acceleration response.
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Normalized Fourier Amplitude

Milpitas Industrial Building — 1989 Loma Prieta Earthquake

1.0 Channel 11 — Roof East Wall

0.5{

0.0 !

1.0 Channel 12 — Second Floor, East Wall
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Fig. 541 (cont.) Milpitas industrial building — 1989 Loma Prieta earthquake.
(b} Normalized Fourier amplitude spectra of longitudinal acceleration response.
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Milpitas Industrioi Building ~ 1988 Alum Rock Earthquake

| Al L

0.08 Channel 3 — Roof, East Wall (Unfiltered)
O N L N —
~0.08l
0.08 Channel 3 — Roof, East Wall (Filtered)
I
0.00 YYTERVINTR " 4
. _0.08l
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r
-0.08L Time, sec
0.0 5.0 10.0 15.0 20.0 25.0

Fig. 5.43 Milpitas industrial building — 1988 Alum Rock earthquake.
(a) Transverse relative displacement response.
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Milpitas Industrial Building — 1988 Alum Rock Earthquake

J L 1

0.05, Channel 6 — Second Floor, East Wall (Unfiltered)
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Fig. 543  (cont) Milpitas industria) building ~ 1988 Alum Rock earthquake.
{(a) (cont.) Transverse relative displacement response.
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Relative Displacement,

Milpitas Industrial Building — 1988 Alum Rock Earthquake
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0.2 Channel 11 — Roof, East Wall (Unfiltered)
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—0.21 Time, sec
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Fig. 5.43  (cont.) Milpitas industrial building - 1988 Alum Rock carthquake.
(b) Longitudinal retative displacement response.
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Relative Displacement, in.

Milpitas Industrial Building — 1989 Loma Prieta Earthquake
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Fig. 544 Milpitas industrial building — 1989 Loma Prieta carthquake.
(a) Transverse relative dispiacement response.
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Milpitas Industrial Building — 1989 Loma Prieta Earthquake
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Fig. 5.44 (cont.) Milpitas industrial building — 1989 Loma Prieta eanthquake.
(a) {cont.) Transverse relative dispiacement response.
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Relative Displacement,

Milpitas Industrial Building — 1989 Loma Prieta Earthquake
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Fig. 544 (cont.) Milpitas industrial building — 1989 Loma Prieta earthquake.
(b) Transverse relative displacement response.
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CIRECTION OF NORTH WALL COLLAPSE
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Fig. 6.1 Plan view of Eimendorf Warehouse indicating locations of damage [32].
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Fig. 6.2 Typical roof framing plan and clevation of fire wall in Elmendorf Warchouse 132].




Fig. 6.3 Failure of a wood ledger beam in cross—grain bending.
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VECTOR ELECTRONICS
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Fig. 6.4 Summary of damage in tilt-up buildings during the 1971 Ser Fernando carthquake [41,55].
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(a)
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Fig. 6.5 Use of steel kickers 10 increase the strength and stability of tilt-up panels with large openings [10}].

210



Ground l
Motion |

Chord Force

Qut-ot-Plane
Component

\

Fig. 6.6 Skewed wall joints [35].
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Fig. 6.7 Typical connection between wood purlin and steel ledger {10].
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SUMMARY OF UBC PROVISIONS
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1976 UNIFORM BUILDING CODE

Anchorage of Concrete or Masonry Walls

Sec. 2310. Concrete or masonry walls shall be anchored to all floors
and roofs which provide lateral support for the wall. Such anchorage shall
provide a positive direct connection capable of resisting the horizontal
forres specified in this Chapter or a minimum torce af 200 pounds per
lineal foot of wall, whichever is greater. Walls shall be designed 1o resist
bending between anchors where the anchor spacing exceeds 4 feet. Re-
quired anchors in masonry walls of hollow units or cavity walls shall be
embedded in a reinforced grouted structural element of the wall. See Sec-
tion 2312 (j) 2D and 2312 ()) 3A.

Sec. 2312¢>20 and 2312()> 3A

D. Diaphragms. Floor and roof diaphragms shall be designed to resist
the forces set forth in Table No, 23-J. Diaphragms supporting concrele or
masonry walls shall have continuous ties between diaphragm chords to
distribute. into the diaphragm, the anchorage forces specified in this
Chapter. Added chords may be used to form sub-diaphragms (o transmit
the anchorage forces to the main cross ties. Diaphragm deformations shait
be considered in the design of the supporied walls. See Section 2312 (j)3 A
for special anchorage requirements of wood diaphragms.

3. Special reguirements. A. Wood disphragms providing lateral sup-
port tor concrete of masonry walls. Where wood dizphragms are used to
laterally support concrete or masonry walls the ancharage shall conform
to Section 2310. In Zones No. 2, No. 3 and No. 4 anchorage shall not be
accomplished by use of t0e nails, or nails subjected to withdrawal; nor
shatl wood framing be used in cross grain bending or cross grain tension.

B. Pile caps and caissons. Individual pile caps and caissons of every
building or structure shall be interconnected by ties, cach of which can
carry by tension and compression a minimum horizontal force equal to [0
percent of the larger pile cap or caisson loading, unless it can be
demonstrated that equivalent restraint can be provided by other approved
methods.

C. Exterior clements. Precast, nonbearing, nonshear wall panels or
similar elements which are antached to or enclose the exterior, shall ac-
commodate movements of the struciure resulting from lateral forces or
temperature changes. The concrete pancls or other elements shall be sup-
ported by means of cast-in-place concrete or by mechanical fasteners in
accordance with the following provisions.

Connections and panel joints shall allow for a relative movement be-
tween stories of not less than two times story drift caused by wind or
(3.0/K) times story drift caused by required seismic forces; or % inch,
whichever is greater.

Connections shall have sufficient ductility and rotation capacity so as to
preclude fracture of the concrete or brittle failures at or near welds, Inserts
in concrete shall be attached to, of hoocked around reinforeing steel, or
othetwise terminated $0 as to effectively transfer forces to the reinforcing
steel,

Connections 1o permit movement in the plane of the panel for story drift
shall be properly designed sliding connections using slotted ar oversize
holes or may be connections which permit movement by bending of stee!
or other connections providing equivalent sliding and ductility capacity.
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TABLE NO.23-J—HORIZONTAL FORCE FACTOR~C," FOR

ELEMENTS OF STRUCTURES
DIRECTION VALUE O
PART QR PORTION OF BUILDINGS QF FORCE C‘,
I. Exterior bearing and nonbearing walls, | Normalto
interior bearing walls and parutions, fat 0.20°
interior nonbeaning walls and partitions. surface
Masonry or concrete fences
1. Cantilever parapet Normal to
Nal 1.00
surface
3. Exterior and intenor ornamentauons and Any
appendages. direction 1.00
4. When connected 10, part of, or housed
within g building:
a. Towers, tanks, towers and t(anks plus
contenss, chimneys, smokestacks and 0.20°
penthouse
b. Storage racks with the upper storage Any
level at more than B feet i heght direction 020
plus contents

¢. Equipment or machinery not required
for life safety systems or for continued 0.20" -
operations of essential facilities

d. Equipment or machinery required for
life safety systems or for continued 0.50* *
operation of essential facilities

5. When resting on the ground, tank plus Any
effective mass of its contents. girection 0.12
6. Suspended ceiling framing systems (Ap- Any
plies to Seismic Zones Nos. 2, 3 and 4 direction Q.20"
only)
7. Floors and 00T acling as diaphragms Any 0.12°
direction
8. Connections for exierior pancls or for Any
elements compiving with Section 2312 | direction 2.00
) 3C.
9. Conneclions for prefabricated struciural Any
elements other than walls, with force ]| direction o.N

applied a1 center of gravity of assembly

'See also Section 2309 (b} for minimum load on deflection criteria for interior
partitions.

iWhen iocated in the upper portion of any building where the #,/D ratio is
five-10-0n¢ O greater the value shall be increased by 50 percent.

‘W, for storsge racks shall be the weight of the racks plus contents. The
value of C, for racks over two storage support levels in ht shall be
0.16 tor ihc levely below the top two ievels. in lieu of the tabulated values
steet notagt tacks Mmay be designad in accordance with U.B.C. Siandard
No, 27 4T
Where 2 number of storage rack uniis are interconnecied so that there arca
munimum of four vertica! elements in each direction on each column line
designed to resist horizonl forces, the dexign coefficients may be as fora
building with X values from Table Mo, 23-1, CS = 0.20 for use in the for-
muls V' = ZIKCSW and W equal to the 1ol dead load plus 50 percent of
the rack rated capacity, Where the desigh and rack configurations are in
accordance with this paragraph the desigh provasions in U.B.C. Standard
No. 27-11 do nor apply.

*For flexible apd Nenibly ¢ equip angd machinery, the appropriste
values of C, shall be determined with consideration given to both the
dyn amic properties of the equip and hinery and to the building or
structure in which it is placed but shall not be less than the listed values.
The design of the equipment and machinery and their anchorage is an in-
tegral part of the design and specification of such equipment and
machinery.

‘For Essentizl Facilities and life safety systems. the design and detailing of
equipment which must remain in place and be functional follawing a major
carthquake shall consider drifts in accordance with Section 2312 (k). The
product of 78 need not eaceed | 5.

*Criling weight shall include all light fixiures and other eqQuipMent which are
lsterally supported by the ceiling. For purposes of determining the lateral
force, 8 ceiling weight of aot less than 4 pounds per square foor shall be
uied.

“Floors and roofs acting as dizphragms shall be designed for a minimum
force resuliing from a €, of 0.1 2 applied 10 w, unless 2 greater foree resulis
from the distribution of fateral forces in accorgance with Sestion 2312 ().

*The W, shall nclude 15 percent of the floor live load in norage and
uu&mm
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1291 UNIFORM BUILDING CODE

Anchorage of Concrete or Masonry Walis

Sec. 1310, Concrete or masonry walls shall be anchored to all floors, roofs and
other structural elements which provide required lateral support for the wall. Such
anchorage shall provide a positive direct connection capable of resisting the hori-
zontat forces specified in this chapler or aminimum force of 200 poun_d.s per lineal
foot of wall, whichever is greater. Wallsshail bedesigned o resist bending between
anchors where the anchor spacing excezds 4 feet. Required anchors in masonry
walls of hollow units or cavity walls shall be embedded in a reinforced grouted
structural clement of the wall. See Sections 2336, 2337 (b) 8 and 9.

Lateral Forca on Elements of Structures and Nonstructural
Components Supported by Structures
Sec. 2336. (a) General. ™

(b) Design for Total Lateral Force. The total design lateral seismic force, Fp,
shall be determined from the following formula:

F, = ZIC,W, (36-1)

The values of 2 and { shail be the values used for the building.

EXCEPTIONS: 1. For anchorage of machinery and equipment reguired for
life-safety systems, the value of / shall be taken as 1.5.

2. For the design of tanks and vessels contamning sufficient quantities of highly
toxic or expiosive substances to be hazardous 10 the safety of the general public if
released, the value of / shaii be taken as 1.5.

3. The value of [ for pane) connectors for pancls in Section 2337 (b) 4 C shall be
1.0 for the entire connector.

The coefficient C; is forelements and components and for rigid and rigidly sup-
ported equipment. Rigid or rigidly supporied equipment is defined as having a fun-
damental period Jess than or equal to 0.06 second. Nonrigid or flexibly supported
equipment is defined as a system having a fundamental periad, including the
equipment, greater than 0.06 second.

The lateral forces calculated for nonrigid or flexibly supported equipment sup-
poried by a structure and located above grade shall be determined considering the
dynamic properties of both the equipment and the structure which supports it, but
the value shall not be less than that listed in Table No. 23-P. In the absence of an
analysis orempirical data, the value of C, for nonrigid or flexibly supported equip-
ment located above grade on a structure shall be taken as twice the value listed in
Table No. 23-P, but need not exceed 2.0.

EXCEPTION: Piping, ducting and conduit systems which are constructad of
ductile materialy and connections may use the values of C from Table No. 23-P.

The value of C, for elements, components and equipment laterally self-sup-
ported at or below ground level may be two thirds of the value set forth in Table No.
23.P. However, the design lateral forces for an element or component or piece of
equipment shall not be less than would be obtained by treating the item as an inde-
pendent structure and using the provisions of Sectiop 2338.

The design lateral forces determined using Formula (36- 1) shall be distributed in
proportion to the mass distribution of the element or component.

Forces determined using Formula (36-1) shall be used to design merabers and
connections which transfer these forces to the seismic-resisting systems,

For applicable forces in connectors for exierior panels and diaphragms. refer to
Section 2337 (b) 4 and 9.

Forces shall be applied in the horizontal directions. which result in the mostcni
tical loadings for design.
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Detailed Systems Design Requirements
Sec. 2317,

(b} Structural Framing Systems. 1. General. Four types of general building
framing sysiems defined in Section 2333 () are recognized inthese provisions and
shown in Table No. 23-O. Each type is subdivided by the types of vertical elements
used to resist lateral seismic forces. Special framing requirements are given in this
section and in Chapters 24 through 27.

2. Detailing for combinations of systems. For components common to differ-
ent structural systems. the more restrictive detailing requirements shall be used.

3. Cennections. Connections which resist seismic forces shall be designed and
detailed on the drawings.

4. Deformation compatibility. All framing elements not required by design to
be part of the lateral force-resisting system shall be investigated and shown 1o be
adequate for vertical load-carrying capacity when displaced 3(R,./B) times the dis-
placements resulting from the required latera) forces. P A cffects on such clements
shall be accounted for. For designs using working stress methods, this capacity
may be determined using an allowablestressincrease of 1.7, The rigidity of adjoin-
ing rigid and exterior clements shall be considered as follows:

A. Adjoining rigid elements. Moment-resistant frames may be enclosed by or
adjoined by more rigid elements which would 1end to prevent the frame from re-
sisting lawral forces where it can be shown that the action or failure of the more
rigid elerrents will not impair the vertical and lateral load-resisting ability of the
frame.

B. Ex erior elements. Exterior nonbearing. nonshear wall panels or elements
which 7re attached 1o or enclose the exterior shaii be designed to resist the forces
per Fe mula (36- 1) and shzll accommodate mevements of the structure resulting
from tateral forces or temperature changes. Such elements shall be supported by
mean: of casi-in-place concrete or by mechanical connections and fasteners in ac-
cordance with the following provisions:

(1) Com.ections and pane! joints shall ajllow for a relative movement between
stories of not less than two times story drift caused by wind, 3(R,./8) times
the celculated elastic story drift caused by design scismic forces, or 'z
inch, whichever is greater.

(ii) Connections to permit movement in the plane of the panel for story drift
shall be sliding connections using slofted or oversize holes. connections
which permit movement by bending of steel, or other connections provid-
ing equivalent sliding and ductility capacity.

{iii) Bodies of connections shail have sufficient ductility and rotation capacity
5043 to preclude fracture of the concrete or brittle failures at or near welds.

(iv) The body of the connection shal} be designed for ane and one-third times
the force determined by Formula (36-1).

(v) All fasteners in the conpecting system such as bolts, inserts, welds and
dowels shall be designed for four times the forces determined by Formula
{36-1).

(vi) Fasteners embedded inconcrete shall be attached ta, or hooked around, re-
inforcing steel or otherwise terminated so as to effectively transfer forces
to the reinforcing steel.

5. Ties and continuity. All parts of a structure shall be interconnected and the

connections shall be capable of ransmitting the seismic force induced by the parts

being connecied. As » minimum, any smaller portion of the building shall betied to
the remainder of the building with elements having at least a strength 10 resist

Z times the weight of the smaller portion.

]

A pasitive connection for resisting a horizontal foree scting parallel 1o the mem.
ber shall be provided for each beam, girder or truss. This force shall not be less
than Z tmes the dead plus live load.

E)

6. Coliector elements. Collector elements shall be provided which are capable
of transferring the seismic forces originating in. ouhes portions of the building to the
clement providing the resistance 1o those forces.
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7. Concrete frames. Concrete frames required by design 1o be part of the lateral
force-resisting syseem shall conform to the foliowing:

A In Seismic Zones Nos. 3 and 4 they shall be special moment-resisting frames.

B. InSeismic Zone No. 2 they shall. as a minimum, be intermediatc moment-
resisting frames.

8. Anchorage of concrete or masonry walls. Concreie or masonsy walls shall
be anchored to ail floors and roofs which provide lateral support for the wall. The
anchorage shall provide a positive direct connection between the wall and floor or
roof construction capable of resisting the horizontal forces specified in Section
2336 or Section 2310. Requirements for developing anchorage forces in dia-
phragms are given in Section 2337 (b) 9 below. Diaphragm deformation shall be
considered in the design of the supported walls.

9. Diaphragms.

A, Thedeflection in the plane of the diaphragm shall not exceed the permissible
deflection of the attached elements, Permissible deflection shall be that deflection
which will permit the attached elemeni to maintainits structural integrity underthe
individual loading and continue to support the prescribed loads.

B. Flocr and roof diaphragms shall be designed to resist the forces determined in
accardance with the following formula:

F,+Z":F,
> -

imx

FP;=

Wor (37-1}

The force Fy, determined from Formula (37-1) need notexceed 0.75 21w, but
shail not be less than 0.35 Z / n.

When the diaphragm is required to transfer Jateral forces from the vertical resist-
ing clements abeve the diaphragm to other vertical resisting elements below the
diaphragm due to offset in the placement of the elements or to changes in stiffness
inthe vertical clements. these forces shall be added to those determined from For-
mula {37-1}.

C. Diaghragms supporting concrete or masonry walls shall have continuous ties
or struts between diaphragm chords to distribute the anchorage forces specified in
Section 2337 (b) 8. Added chords may be used to form subdiaphragms to transmit
the anchorsge forces to the main crossties.

D. Where wood diaphragms are used to laterally support concrete or masonry
walls, the anchorage shall conform to Section 2337 (b) 8 above. In Seismic Zones
Nes. 2,3 and 4 ancharage shall not be accomplished by use of tosnails or naits sub-
ect to withdrawal, nor shall wood ledgers or framing be used in eross-grain bend-
ing or cross-grain tension, and the contintious ties required by Jtem C above shal}
be in addition to the diaphragm shesthing.

E. Connections of diaphragms tothe vertical elements and to collectors and con-
nections of ¢ JHectors to the verticel elements in structures in Seismic Zones Nos. 3
and 4, having a plan irregularity of Type A. B. C or D in Table No. 23-N., shall be
designed without cansidering one-third increase usually permitied in atlowable
str=zses for elements resisting earthquake forces.

F. In structures in Seismic Zones Not. 3 and 4 having a plan trregularity of Type
B in Table No. 23-N, diaphragm chords and drag members shall be designed con-
sidering independent movement of the projecting wings of the structure. Each of
these diaphragm clements shal] be designed for the more severe of the fe'owing
two assurnptions:

Motion of the projecting wings in the same direction.

Motion of the projecting wings in opposing directions.

EXCEPTION: This requifement may be deemed satisfied if the procedures of
Section 2335 in conjunction with a three-dimensional mode! have been used to deter-
mine the lateral seismic forces for design.
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APPENDIX B
FILTERING OF RELATIVE DISPLACEMENT HISTORIES

Corrected absolute acceleration, absolute velocity, and absclute displaccment records were provided by
the California Office of Strong Motion Studies for each of the tilt—up buildings swdied [37,38,59,60,61,66,
67]. Relative displacements are typically used to interpret structural response, because the displacement of
abuilding relative to its foundation is a measure of the distortions within the structure during the earthquake.
However, digitizing, filtering, and integrating the measured acceleration records introduces noise [68).
Therefore, reliable values of relative displacement can not be calculated simply by subtracting the absolute

displacement of the ground from the absolute displacement of the structure.

In an attempt 1o quantify the amplitude of the error introduced during the digitization process, Shakal and
Ragsdale [68] digitized a straight line as if it were an acceleration trace. The digitized acceleration records
were filtered and integrated to obtain absolute velocity and displacement records. The error introduced in the
acceleration, velocity, and displacement records is plotted in Fig. B.1 as a function of the long~period filter
cut-off period. The results indicate that errors introduced by the digitization process are likely 10 be on the
order of 2 cm/sec? for the acceleration records. Errors in velocity and displacement waveforms depend on
the frequency of the long—period filter cut—off and increase as the period of the filter cut—off increases. Noise
introduced by the recording instrument has been ignored in this process, and the results should be considered
10 be a lower bound to the amplitude of the actual noise inroduced {68].

An Orrasby filter was used during the processing of all the strong-motion data considered in this report
[38]. The shape of the filter is shown in Fig. B.2. Frequency cut-offs are summarized in Table B.1 and were
determined using an iterative procedure. Progressively shorter long-period filter cut-off periods were used
10 rermove as much noise as possible while retaining as much signal as possible. Given this information, an
estimate of the reliability of the displacement records can be made. For example, records measured in the Hol-
lister warehouse during the Loma Prieta earthquake have a useable bandwidth between (.12 and 23.6 Hz
(0.042 and 8.40 sec) [38]. The long—period filter cut—off corresponds to approximately 1 cm or §.4 in. of pro-
cessing noise (Fig. B.1).

The procedure used wo filter all the relative displacementdata will be illustrated using the transverse struc-
tural displacement data recorded in the Hollister warehouse during the Loma Pricta earthquake. Channel 4
(located at the center of the roof) is used 10 represent structursl displacements and Channel 7 (located at the
center of the west wall) is used to represent the ground movement. Digitized absolute displacement records
for the two channels are plotted in Fig. B.3(2) and the Fourier amplitude spectra are shown in Fig. B.3(b).
Both plots indicate that the ground motion dominates the absolute displacement response at the roof. The
structural vibrations observed between 8 and 16 sec in the structural displacement record correspond 1o the
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peak in the Fourier amplitude spectra at approximately 1.1 Hz. This corresponds to the predominant frequen-
cy identified from the acceleration records (Table 5.2). The influence of the Ormsby filter may also be seen
in Fig. B.3(b) where it is evider:! that the long—period response (frequencies less than 1.4 Hz) has been re-
moved from both the ground and structural signals.

The relalive displacement signal obtained by subtracting the ground displacement (Channel 7) from the
structural displacement (Channel 4) at each time increment is shown in Fig. B.4(2) and the corresponding
Fourier amplitude spectra is shown in Fig. B.4(b). Although the predominant frequency in the relative dis-
placement history occurs at 1.1 Hz, it is clear that a significant smount of noise from the ground displacement
is present. The long—period ascillations that occur after 30 sec in the relative displacement history also indi-

cate the presence of noise.

A high—pass filter was used to remove the portion of the signal attributable to the ground motioa. The
shape of the filter is shown in Fig. B.5, and the frequency limits were selected using an iterative approach.
The cut—off frequencies were increased until the amplitude of the filtered relative displacement response his-
tory tended toward zero at the end of the record. The resulting filtered relative displacement history is shown

in Fig. B.6. Cul—off frequencies for the different earthquakes are preseated in Table B.1.

As discussed in Chapter 5, the general shape of the unfiltered and filtered relative displacement records
did notchange appreciably for the transverse displacements measured near the center of the buildings. How-
ever, the nature of the filiered and unfiltered longitudinal relative displacements and iransverse relative dis-
placements measured at the top of the end walls were considerably different. In most cases, the maximum
amplitude of the filtered relative displacements at these locations were of the same magnitude as the ampli-
tude of the expected ermor shown in Fig. B.1. Therefore, only the transverse relative displacement data mea-

sured near the center of the buildings were considered to be reliable.
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TABLE B.1 FILTER LIMITS USED TO PROCESS STRONG-MOTION RECORDS

mt

Limits for
Building and Earthquake CSMIP Limits far Ormsby Filter High-Pass Filter
(Fig. B.2) (Fig. B.S)
fu(H) [ fic (M2) | fu (H2) | fie (HD) | fi (H2) | fo (Hz)
Hollister Warehouse
1984 Morgan Hill 0.08 0.16 23 25 0.20 0.50
1986 Hallister 0.10 0.20 23 25 0.20 0.50
1989 Loma Prieta Q.07 0.14 23 25 a.20 0.50
Redlands Warehouse
1986 Palm Springs 025 0.50 23 25 1.10 1.25
Milpitas Industrial Building
1988 Alum Rock 030 0.60 23 25 20 25
1989 Loma Prieta 0.07 0.14 23 25 2.0 25
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Fig. B.1 Estimate of processing noise present in corrected strong-motion records [68].
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Fig. B.2 Ormsby filter used to process CSMIP records (38].
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(b) Fourier amplitude spectrum.

Fig. B3  Absolute displacement response.
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Unfiltered, Relative
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Fig. B4  Unfiltered, relative displacement response at the roof.
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Filtered, Relative
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Fig. B.S  High—pass filter used 1o calculate relative displacement response.
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Fig. B6  Filiered, relative displacement response at the roof.
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