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ABSTRACT

A comprehensive study has been conducted to evaluate the safety of
existing masonry infilled R/C structures under earthquake loadings. Fourteen
1/2-scale frame specimens were tested to evaluate the influence of the relative
strength and stiffness of an infill with respect to those of the bounding frame,
the lateral load history, the panel aspect ratio, the magnitude and distribution
of vertical loads, and the adjacent infilled bays on the performance of these
structures. The experimental results show that the addition of infill pénels
results in a major improvement in the strength and energy-dissipation capa-
bility of these frames. The test results have been extrapolated to obtain the
dynamic properties of the prototype structure and, thereby, to study its per-
formance under seismic loadings. The results have demonstrated a remarkable
improvement of structural performance due to the infill. Furthermore, simple
analytical methods have been developed in this study to predict the lateral
strength and stiffness of infilled frames. The predictive value of these methods
has been validated by the experimental results. Finite element analyses have
been conducted on the frame specimens. To this end, two interface models
have been developed in this study. One simulates the behavior of the interface
between the frame and masonry infill and that of the mortar joints, and the
other is to model the bond-slip behavior of reinforcing bars in concrete. The
resulting finite element models are able to capture both the failure mechanisms

and lateral strengths of the infilled frame specimens.
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CHAPTER 1
INTRODUCTION

1.1 Statement of Problems and Objectives

Masonry infill panels can be frequently found as interior and exterior
i)artitions in R/C structures. Since they are normally treated as architec-
tural elements, their presence is often ignored by engineers. However, even
though they are considered non-structural, they may interact with the bound-
ing frames when the structure is subjected to strong lateral loads induced by
earthquake ground motions. Such interaction may or may not be beneficial to
the performance of a structure, and has been a subject of many debates. In
some countries, masonry infill has been used as a means to strengthen existing
moment-resisting frames, and there is evidence that they improved the perfor-
mance of structures in past earthquakes (Rosenblueth et al. 1986; Amrhein et
al. 1985). On the other hand, infill walls have been related to catastrophic
failures (Glogau 1974; Uzsoy et al. 1972), such as the development of soft
stories and the brittle shear failure of columns induced by the short-column
effect. As many reinforced concrete structures located in seismically active
areas have masonry infills, their safety has become a major concern among
engineers, and there are no code provisions or rational guidelines available for
the design and safety assessment of such structures. Even though a number of
studies (e.g., Fiorato and Sozen 1970; Brokken and Bertero 1981; Klinger and
Bertero 1976; Mander et al. 1993; Angel et al. 1994) have been conducted on



infilled frames, experimental data which can be used to assess the performance
of such structures are still very limited. Furthermore, many of the early tests
were conducted on small-scale structures.

To assess the lateral strength and stiffness of infilled frames, several
analytical models have been proposed (Stafford Smith 1966; Fiorato et al.
1970; Liauw and Kwan 1985). However, none of these models is capable of
capturing all the major failure mechanisms. The finite element method has
been used by several investigators (Dhanasekar and Page 1986; Liauw and Lo
1988; Schmidt 1989) to analyze the behavior of infilled frames. In all these
analyses, relafively simple models have been used for the frames and infill
panels. Except for Schmidt’s work, most of the studies have been devoted to
steel frames with masonry infill. Work on the analysis of R/C infilled frames
has been very limited.

To further our understanding of the behavior of R/C infilled frames,
a comprehensive experimental and analytical study has been conducted. The

‘study focuses on the performance and safety of existing masonry-infilled R/C
constructions in the United States. It includes the identification of critical
| design parameters, experimental investigation with 1/2-scale models, seismic
analysis of a prototype structure, development of analytical methods, develop-
ment and calibration of finite element models, and validation of these models

with experimental results.

1.2 Organization of the Report
Chapter 2 presents a literature review of experimental and analytical
research conducted on infilled frames. A number of possible failure mechanisms

and the governing parameters are identified.



Chapter 3 summarizes the experimental program and observations.
Tests were conducted on fourteen 1/2-scale masonry-infilled R/C frame spec-
imens to investigate the influence of the relative strength and stiffness of the
infill with respect to those of the frame, the lateral load history, the vertical
load level and distribution, the panel aspect ratio, and the adjacent infilled
bays on the behavior of these structures.

Chapter 4 studies the seismic performance of a prototype structure.
Test results of single-story, single—bay'specimens have been extrapolated to
deduce the load resistance properties of the corresponding prototype frames.
The frames have been analyzed under short- and long-duration pulses as well
as earthquake ground motions.

Chapter 5 reviews some of the existing simple analytical methods de-
veloped for infilled frames. A new method has been developed in this stﬁdy
for predicting the lateral strength of infilled frames. It accounts for the diago-
nal/sliding shear failure of the infill and the shear failure of the columns. The
applicability of this method has been examined by comparing the analytical
results with those of the experiments. The applicability of existing methods
for assessing the lateral stiffness of masonry-infilled R/C frames has also been
evaluated.

In Chapter 6, the finite element models which have been developed
in this study to model the bond-slip behavior between the reinforcing steel
and concrete and the behavior of cementitious interfaces are presented. The
models have been implemented in a finite element program and analyses have
been conducted on some of the infilled frame specimens that were tested.

Chapter 7 summarizes the results of the experimental, analytical, and



numerical investigations. The important conclusions and the needs in future

studies are also identified.



CHAPTER 2
LITERATURE REVIEW

2.1 Experimental Research

Experimental investigations of the behavior of infilled frames have
been carried out by a number of researchers. Some of these studies are high-
lighted here. Stafford Smith (1963,1966) has subjected 6-in.-by-6-in. steel
frames infilled with mortar to diagonal compression and racking forces, and
has found that increasing the stiffness of the bounding frames with respect
to that of the infill can significantly increase the strength of infilled frames.
Based on the results of these tests, he has proposed an equivalent diagonal
strut model for evaluating the strength and stiffness of infilled frames. In a
study conducted by Fiorato et. al (1970), 1/8-scale non-ductile reinforced con-
crete frames infilled with brick masonry have been subjected to monotonic as
well as cyclic lateral loads. They have observed that the horizontal sliding
failure of masonry infill introduces a short-column effect, with plastic hinges
and sometimes brittle shear failure developed at the mid-height of the columns.
They have concluded that masonry infill can increase tile strength but reduce
the ductility of concrete frames. Liauw and Kwan (1983, 1985), based on the
tests of small steel frames infilled with relatively stiff concrete panels, have
identified failure mechanisms characterized by the formation of plastic hinges
in the columns and beams, which are accompanied by the crushing of the infill

at compression corners. Schmidt (1989) has tested reinforced concrete frames



with brick infills that had relatively weak mortar joints. In these tests, the
increase of the lateral strength due to infill is not very significant. His test
specimens exhibited a large amount of slip along the mortar joints that was
followed by thé formation of plastic hinges at the top and bottom sections of
the columns. The failure mechanisms of infilled frames observed from prior
experimental studies can be classified into five major types, as shown in Fig.
2.1, depending on the relative strength and stiffness of the bounding fra,rné
with respeét to those of the infill, the geometric configuration of the frame,
as well as the loading condition. Frames dominated by mechanisms B and C
identified in the figure tend to exhibit a brittle behavior. However, the load
and design conditions that lead to these mechanisms remain to be studied.
Klingner and Bertero (1976), and Brokken and Bertero (1981) have -
tested 1/3-scale, three-story-high, reinforced concrete frames infilled with fully
grouted hollow concrete masonry under monotonic and cyclic lateral loadings.
The infill panels were reinforced with standard deformed bars in both vertical
and horizontal directions, and the shear strength of the concrete columns was
enhanced with additional shear steel that was beyond the minimum require-
ments of the ACI code. They have concluded from these studies that infill
panels can be effectively used to enhance the seismic performance of reinforced
concrete frames in terms of strength and ductility. They have shown that the
lateral stiffness and strength deteriorate with cyclic load reversals, the degree
of which depends on the panel reinforcement and interface condition. The
peak strength under cyclic loading is, in general, somewhat smaller than that
obtained under monotonic loadihg, but it is always higher than that of a bare

frame. Hobbs and Samai (1985) have investigated the effect of the stiffness
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of an infill wall with respect to that of the frame on structural performance,
and have concluded that a weak infill give a smooth behavior close to an ideal
elastic-perfectly plastic response, whereas a moderately strong or strong infill
leads to a more brittle behavior due to the development of shear failure in frame
members. Kahn and Hanson (1979) have reached the same conclusion in their
tests of R/C frames with reinforced concrete panels as infills. They have found
that separating the infill from the bounding columns and enchancing the shear
transfer between the beam and the infill can prevent the brittle shear failure of
the columns and, therefore, significantly enhance the ductility of a structure.
They have found that the failure of an infill panel transfers a big shear force
to the columns, whose failure in shear will result in a fast degradatioﬁ of the
lateral load resistance of the system. The shear failure of the columns could
be prevented if the columns were confined with adequate shear reinforcement.

Fiorato et. al (1970) have observed that the presence of vertical loads
increases the strength and stiffness due to the stiffening and strengthening
of the columns as well as to the increase of the shear capacity of the infill.
Their test results show that the presence of an opening reduces the strength
and stiffness of a structure. However, this reduction is not proportional to
the reduction of the area of the wall due to the openings. Liauw and Lo
(1988), in their tests of small (11.8-in.-tall) steel frames with microconcrete
infills, have noticed that the strength of a two-bay infilled frame is only about
1.5 times of that of a single-bay infilled frame, which shows that the strength
of adjacent infilled bays in a multi-bay frame is not additive. Zarnic and
Tomazevic (1990) have found that introducing horizontal steel into a masonry

infill has a little influence on the performance of R/C frames, except for cases



where there are openings in the infill. For the latter cases, the horizontal steel
improves the ductility of infilled frames. They have examined the applicability
of different repair and strengthening methods and have concluded that infilled
frames damaged by earthquakes can be efficiently repaired and strengthened.

McDowel et al. (1956), Lefter and Colville (1974), Angel et al. (1994),
and Seah (1988) have investigated the out-of-plane resistance of infills. They
have noticed that the arching action has a beneficial influence on the out-of-
plane resistance. In these studies, some analytical methods have also been
proposed to determine the maximum out-of-plane pressure that a masonry
infill can resist. |

In spite of the aforementioned studies, quantity information on the
safety and performance of masonry-infilled R/C structures that are represen-
tative of the current construction in the U.S. is still lacking. In particular, the
effects of the relative strength and stiffness of an infill with respect to those of
the columns, the lateral load history, the panel aspect ratio, the vertical load
and its distribution, and the adjacent infilled bays on the performance of these

structures are not well understood.

2.2 Analytical Models

Fiorato et. al (1970) have used an equivalent beam model to esti-
mate the precracked stiffness and cracking strength of an infilled frame, and
have proposed a knee-braced frame model to simulate the short-column effect
observed in their experiments. Polyakov (1960) has proposed a diagonal strut
model, in which the infill panel is substituted by an equivalent diagonal strut.
Analytical techniques have been developed by Holmes (1961), Stafford Smith
(1963,1967), and Mainstone and Weeks (1970) to estimate the effective width
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of a diagonal strut. Schmidt (1989) has used an additional strut to induce
column failure. To find the collapse loads of infilled frames, Wood (1978) has
used the plastic analysis method. Liauw and Kwan (1985) have proposed a
unified plastic analysis method to define the maximum lateral resistances and
failure mechanisms of infilled frames. In this method, they have identified four
types of failure mechanisms, which involve plastic hinges in frame members
and the crushing of infill at loaded corners.

To develop a general model for the failure analysis of infilled frames,
the finite element method has been used by Dhanasekar and Page (1986) and
Liauw and Lo (1988). In their analyses, linear and nonlinear beam elements
have been used to model the behavior of steel frames, and simple interface
elements have Been developed to model the interaction between the infill and
the frame. Dhanasekar and Page have used a nonlinear orthotropic model
to simulate the behavior of brick panels, while Liauw and Lo have used a
simple smeared crack model to simulate the behavior of microconcrete infills.
Schmidt (1989) has used smeared crack elements for both reinforced concrete
frames and brick infills. In all these analyses, infill panels have been modeled
as homogeneous materials, and the effects of mortar joints have been smeared
out. The performance of these models has been validated with limited test

results.
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CHAPTER 3
EXPERIMENTAL STUDY

3.1 Introduction

The performance of infilled frames under lateral loadings has been
experimentally investigated by a number of researchers. Stafford Smith (1966),
and Liauw and Kwan (1985) have studied the behavior of steel frames with
mortar infills. Dawe et al. (1992) and Mander et al. (1993) have studied the
behavior of masonry-infilled steel frames. The behavior of masonry-infilled R/C
frames under in-plane loads has been examined by Fiorato et al. (1970), Klinger
and Bertero (1976), Brokken and Bertero (1981), Schmidt (1989), Hobbs and
Samai (1985), Zarnic and Tomazevic (1990), and others. Angel et al. (1994)
have conducted an extensive study on the out-éf—plane resistance of masonry
infill. Based on results of prior studies, one can classify the failure mechanisms
of infilled frames into five major types, as illustrated in Fig. 2.1. It has been
shown that the failure mechanisms are very much determined by the relative
strength and stiffness of the infill with respect to those of the bounding frame,
as well as the loading condition. However, in spite of these studies, information
on the safety and performance of existing infilled structures in the U.S. is still
very .limited. This is partly due to the complexity of the problem, which
involves a large number of design parameters and complicated frame-panel
interaction mechanisms. Furthermore, many of the infilled specimens used in

prior studies did not reflect the current construction practice in the U.S.
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3.2 Experimental Program

The objective of the experimental program reported here is two-fold.
First, it is intended as a parametric study for evaluating the performance of
masonry-infilled R/C frames that are representative of current construction
practice. Secondly, it is intended to provide a data base for the validation
of the finite element models which have been developed in this project for
predictive analysis as well as simple analytical models. To this end, extensive
material tests were coﬁducted on individual components and subassemblies, in
conjunction with the frame specimens, for the calibration of these models.

3.2.1 Prototype Structure and Test Specimens. A six-story,
three—Bay, reinforced concrete moment-resisting frame, which is shown in Fig.
3.1, has been selected as a prototype structure. It represents an interior frame
of a typical office building. The height/length ratio for each bay is 1/1.5.
The design loads comply with the specifications of the Uniform Building Code
(UBC) (1991). The service live load was taken to be 50 psf, and the dead load
was estimated to be 130 psf. For the purpose of parametric study, two types of
frames were designed with respect to lateral loadings. One is a "weak” frame,
which was designed for a lateral wind pressure of 26 psf, corresponding to a
basic wind speed of 100 mph. The other is a "strong” frame, which was de-
signed for a set of equivalent static forces stipulated for Seismic Zone 4 in the
UBC. The former represents some existing R/C frames which do not meet the
current seismic resistance standards. The frames were designed to satisfy the
provisions of ACI 318-89 (1989). In either case, the load resistance contributed
by infill panels was ignored, as in standard design practice.

The single-bay test specimens, Specimens 1 through 12, were chosen
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Figure 3.1. Prototype Frame.

to be 1/2-scale models representing the interior bay at the bottom story of the
prototype frame. The design of the weak frame is shown in Figs. 3.2 and 3.3,
which had weak columns and a strong beam, comparatively. As shown in Figs.
3.4 and 3.5, in the strong frame, the columns were heavier and had closer ties
near the ends, and yielding was expected to initiate in the beam. The design of
the beam in the strong frame is identical to that in the weak frame, except that
the former had more shear reinforcement in the critical regions. Each beam-
to-column joint in the strong frame had four horizontal stirrups to prohibit
brittle shear failure, in accordance with the seismic provisions of ACI 318-89
(1989). While the strong frame had a height /length (h/1) ratio of about 1/1.5,
two h/l ratios were considered for the weak frame. They are approximately
1/1.5 and 1/2. The design details of a wea,k’fra,me with the lower h/l ratio is
shown in Figs. 3.6 and 3.7. The two-bay specimens, Specimens 13 and 14, were
intended to study the influence of adjacent infilled bays. As shown in Fig. 3.8,

the aspect ratio for each panel of these specimens was 1/1.5 and the frames
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all dimensions in inches

L4725

Figure 3.9. Concrete Masonry Units; a) Hollow Block; b) Solid Block.

had the weak design. For infill panels, 4 x 4 x 8-in. hollow and solid concrete
masonry blocks were used in respective specimens. Their configurations are
shown in Fig. 3.9.

The concrete base slab of each specimen was cast at least one week
éhead of the frame. The concrete in each frame specimen had a specified
compressive strength of 3,000 psi. The concrete mix consisted of 564 lbs of
cement, 1400 lbs of sand, 1400 1bs of size #8 aggregate, and 340 1bs of water per
cubic yard. The infill was constructed by a professional mason after the frame
had been cast. Type S masonry mortar was used. It had a cement:lime:sand
ratio of 1:0.5:4.5 by volume. Special attention was paid to the wall-frame
interfaces to avoid any gap between the infill and the frame. In the bed joints
of the hollow blocks, mortar was applied onto the face shells only, whereas the
solid blocks had mortar applied onto the entire bed joint. The head joints weré
filled partially with mortar as in practice. The bed and head joiﬁts were 3/8-in.
thick.
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Table 3.1 summarizes the characteristics of the test specimens. Some
of the frame specimens were tested more than once. In these cases, the damaged
frames were repaired with epoxy injection into the cracks, and the crushed
regions were patched up with cement paste of strength comparable to that of
the original concrete. A new infill panel was used for each test. The specimens
were tested at least 28 days after the construction of the infill.

3.2.2 Test Setup and Instrumentation. The test setup is
shown in Fig. 3.10. The lateral load was applied by means of two servo-
controlled hydraulic actuators, each of which has a load capacity of 110 kips
and a stroke of £5 inches. To avoid any tensile force on the R/C beam, four stiff
steel rods were used to transmit the pulling force to the specimen. The vertical
loads were exerted by manually controlled hydraulic jacks, whose forces were
directly monitored by strain gages attached to the vertical loading rods. The
reaction frame and the specimen were anchored onto a two-foot-thick strong
floor.

Strain gages and displacement transducers (LVDT’s) were installed
in each test to monitor the strains in the reinforcing bars and the deformations
of the specimen at different locations, as shown in Fig. 3.11. LVDT’s 1, 2, and
13 in the figure were used to measure the lateral displacement of the frame,
LVDT’s 5, 6, 7, and 8. were used fo calculate the bending curvatures at the
column sections, and LVDT’s 9, 10, 11, and 12 were used to measure the overall
shear distortion of the infill panel. The data from strain gages 15 to 26 were
used to derive the moments, curvatures, and axial forces developed at critical

beam and column sections.
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Table 3.1. Test Specimens.

Spec. Type of &Zspgn?f/ nggt Lateral Load Dis¥$§§nm0§ps) I;I;: y(;f
No. Frame Units ~ |Ratioth/) Columns | Beam
1 weak no infill 0.67 monotonic 66 --- 1
2 | weak - repaired (1)* hollow 0.67 monotonic 66 - 1
3 [ weak - repaired (2)+| solid 0.67 monotonic 66 - 1
4 weak : hollow 0.67 cyclic 44 22 1
5 weak solid 0.67 cyclic 44 22 1
6 strong hollow 0.67 cyclic 44 22 1
7 strong solid 0.67 cyclic 44 22 1
8 | weak - repaired (4)+[ bollow 0.67 monotonic 44 22 1
9 | weak - repaired (8)¢| solid 0.67 monotonic 44 22 1
10 weak hollow 0.48 cyclic 44 22 1
11 weak solid 0.48 cyclic 44 22 1
12 |weak - repaired (10)*] solid 048 cyclic 66 33 1
13 weak hollow 0.67 cyclic 99 -— 2
14 |weak - repaired (13)*| solid 0.67 cyclic 99 - 2

* Specimen repaired
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3.2.3 Load Patterns and Histories. As shown in Table 3.1,
the specimens were subjected to different combinations of vertical and lateral
loads. A constant vertical load was applied onto each specimen. Two different
vertical load distributions were employed: one with vertical loads applied onto
the columns only, and the other with 1/3 of total vertical load applied onto
the beam and 2/3 onto the columns. The vertical load distribution is shown
for a one-bay specimen in Fig. 3.12. The load was distributed along the R/C
beam by a steel wide-flanged beam (see Fig. 3.12). For this purpbsé, a W5x16
beam was used for specimens with an aspect ratio of 2/3 and a W6x15 was
used for specimens with an aspect ratio of 1/2. In the two-bay specimens,
a total vertical load of 99 kips was exerted onto the columns, with 33 kips
applied onto each column. Two types of in-plane lateral displacement histories
were selected. They were monotonic and cyclic loads. The cyclic load tests
started with five cycles of load control, in which the amplitude of the load w#s
increased gradually until the lateral load was slightly lower than the level at
which a major crack was expected to occur in the infill. Results of monotonic
tests were used to estimate the cracking load for the infill. For the single-bay
specimens, the maximum load applied under load control was 24 kips for the
weak-panel specimens and 40 kips for the strong-panel specimens. For the two-
bay specimens, these loads were 40 and 60 kips for the weak-panel and strong-
panel specimens, respectively. The load controlled cycles for the weak-panel,
single-bay, specimens are shown in Fig. 3.13a. The load controlled cycles were
followed by displacement controlled cycles of gradually increasing displacement
amplitudes. As shown in Fig 3.13b, the displacement controlled cycles started

from an amplitude of 0.15 in., which was increased with increments of 0.15
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in. Each specimen was subjected to three fully reversed displacement cycles
at each amplitude level. The 0.15-in. displacement is the level about which
a major crack was expected to initiate in the panels of different specimens.

Usually, a test was terminated when excessive damage was observed in the
specimen. E<—+——W
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Figure 3.12. Vertical Load Distribution on Columns and Beam in Single-Bay
Specimens (d = 16.5”).

3.2.4 Material Properties. Material tests were conducted on

the reinforcing steel, and concrete and masonry samples for each specimen.
. These include the modulus of rupture tests on 2x2 x 7 in. concrete prisms, the
split-cylinder tests of concrete, the compression tests of standard 6-in-diameter
concrete cylinders, the compression tests of masonry units, the compression
tests of 2-in.-diameter mortar cylinders and 2-in. mortar cubes, and the com-
pression tests of 3-course masonry prisms. At least three samples were tested
in each case and the results were averaged. Figures A.1 to A.3 (in Appendix

A) show typical stress-strain curves from the compression tests of concrete
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cylinders. These tests were conducted for Specimen 11. Typical stress-strain
curves from the compression tests of masonry prisms are shown in Figs. A.4 to
A.6. These were tests carried out for Specimen 12. The average strengths of
concrete and masonry samples are presented in Table 3.2. It can be noted from
the table that the cofnpressive strengths of 3-course hollow masonry prisms are
considerably lower than those of individual units and mortar specimens. This
can be attributed to the lack of stability of the face shells of the hollow prisms.

The tensile strengths of the reinforcing bars are summarized in Table
3.3. These are based on the nominal diameters of the bars. Two of the stress-
strain curves obtained from the tension tests conducted on #5 rebars are shown
in Figs. A.7 and A.8. Furthermore, direct shear tests were conducted on single
mortar joints to obtain their cyclic shear behavior under different compression
forces. As it is shown in Table 3.4, the shear strengths of the bed joints in the
hollow and solid specimens are almost identical. They are computed based on
the net cross-sectional area of mortar joints. It must be pointed out that, in
some of the shear tests, the peak shear strength was not captured accurately
due to measurement problems. Hence, some of these results were adjusted
based on the results of well conducted tests and the assumption that the cohe-
sive force remained the same. Typical shear stress-shear displacement curves
and normal displacement-shear displacement curves under normal compressive

stresses of 50, 75, 100, 150 psi are shown in Figs. A.9 to A.24.

3.3 Experimental Results
The specimens were aligned in the east-west direction (see Fig. 3.12).
The sign convention adopted for the lateral displacement and force is that they

are positive when they are towards west and negative when towards east. The
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Table 3.2. Average Strengths of Concrete and Masonry Materials.

Frame Concrete Three-Course Masonry Prisms C°mP"°‘5iV°! Compressivel
- - - Strength of | Strength of
5pec!  Secant |Compressive] Strainat| Modulus |Tensile Strengthh  Sccant o | Compressive; Strain at Mortar
No.| Modulus*| Strength Peak | of Rupture |(Split-Cylinder | Modulus Strength Peak Masonry Cylinders
(ksi) (ksi) Stress (ksi) Test) (ksi) (ksi) (ksi) Stress Units (ksi) (ksi)
1 3180 448 0.0018 0.980 0477 - — — —_ —
2 3180 448 0.0018 0.980 0477 457 140 0.0036 2.39 2.30
3 3180 448 0.0018 0.980 0477 1381 219 0.0029 2.26 232
4 2500 3.89 0.0027 0.705 0.401 667 1.54 0.0030 2.39 1.62
5 2620 3.03 0.0026 0.635 0.263 1298 2.01 0.0023 2.26 1.94
6 2880 3.75 0.0024 0.712 0.455 609 147 0.0032 2.39 243
7 2700 485 0.0030 0.744 0.328 1316 1.97 0.0026 2.26 2.25
8 2500 3.89, 0.0027 0.705 0.401 740 1.38 0.0027 2.39 225
9 2500 3.89 0.0027 0.705 0.401 1195 2.06 0.0026 226 1.81
10 2920 3.90 0.0021 0.689 0432 572 1.54 0.0036 239 1.73
11 2630 373 0.0028 0.617 0.448 1393 1.66 0.0025 226 1.89
12 2920 3.90 0.0021 0.689 0.432 1064 197 0.0029 2.26 2.59
13 2830 395 0.0027 0.734 0.504 823 1.99 0.0026 2.39 2.08
14 2830 395 0.0027 0.734 0.504 933 1.68 0.0034 226 2.08

* At 45% of the Compressive Strength

Table 3.3."Average Tensile Strengths of Reinforcing Steel.

Size | Bar |Diameter| Stress | Stress

(in) | (ksi) | (ksi)
No.2 | Plain 0250 | 53.3 65.2
No.4 |Deformed! 0.500 { 61.0 96.0
No.5 {Deformed| 0.625 | 60.0 96.0




Table 3.4. Average Shear Strengths of Mortar Joints.

;ﬁi‘fn‘l’fy Sucetg%?%gs&e Compressive| Peak Shear _|Residual Shear
Units | Cyli ifderg (pggar Stress (psi) | Strength (psi) | Strength (psi)
25 - 27
50 72 48
Hollow 1980 75 99 70
100 136 89
150 - 198 135
50 70 a4
Solid 1950 & ““ 63
100 138 * 89
150 186 133

* Adjusted
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lateral load-lateral displacement curves of the fourteen frame specimens are
shown in Figs. 3.14 through 3.27. The final damage patterns of the specimens
are shown in Figs. 3.28 through 3.41. The bare frame, which was a weak
frame, exhibited a fairly ductile behavior with, however, some significant shear
cracks developed in the beam-to-column joints. In the case of an infilled frame,
the major nonlinearity in the behavior was usually initiated by the cracking
of the infill. These cracks often initiated in the form of inclined cracks at the
diagonal compression corners, with an approximately 45-degree angle, which
were connected by horizontal sliding cracks developed along the bed joints
near the midheight of the panel. This type of crack will be referred to as
diagonal/sliding cracks in the following discussions. However, as shown by
the failure patterns of the test specimens, the failure mechanism of an infilled
frame depends very much on the relative strengths of the frame and the infill.
In general, a frame with a weak panel had its lateral resistance governed by the
sliding of the panel along its bed joints, as shown by Specimen 4 in Fig. 3.31.
In such a case, the resistance of the panel does not seem to be influenced by the
frame, and the total strength of the specimen is equal to the flexural resistance
of a bare frame plus the sliding-shear strength of the panel. This is also true
for the two-bay specimen which had weak panels and a weak frame. In the
case of a strong infill and a weak frame, the ultimate resistance and failure
were very much dominated by the diagonal/sliding crack and the shear failure
of the east column, as shown by Specimen 5 in Fig. 3.32. This type of failure
mode was also observed in the test of Specimen 14, which had strong panels
and a two-bay weak frame. However, the cracking patterns of the panels were

slightly different in two-bay and one-bay specimens. In the case of a strong
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infill and a strong frame, as shown by Specimen 7 in Fig. 3.34, the ultimate
resistance was governed by the corner crushing in the infill. In this case, the
diagonal compression strut mechanism was fully developed, and the infill was
most effective in enhancing the lateral resistance of the frame. It must be
noted that in most of the weak-panel specimens (with hollow blocks), the lower
courses of the masonry infill were strengthened by the. mortar spilled from the
upper courses. In these cases, the damage developed in the lower parts of the
infills was less severe. |

The initial stiffness, critical loads, critical displacements, and failure
mechanisms of the fourteen specimens are summarized in Table 3.5. In the
table, for monotonically loaded specimens, the secant stiffness is defined as the
slope of a line joining the origin of the lateral load-vs.-lateral displacement curve
and the point at which 50% of the maximum resistance was first reached. For
the case of cyclic loading, the secant stiffness is the slope of a line connecting the
extreme points of a small-amplitude displacement cycle in which the peak load
is about 50% of the maximum lateral resistance. As shown by Specimens 1, 4,
and 5, the stiffness of a weak frame-weak panel specimen can be 15 times as
large as that of a bare frame, while that of a weak frame-strong panel specimen
can be 50 times. However, for the repaired specimens, such as Specimens 8
and 9, the increase in stiffness appears to be much smaller. The maximum
load resistance of a weak frame-weak panel specimen can be 1.5 times that
of a bare frame, while the resistance of a weak frame-strong panel specimen
can be 2.3 times. No test has been conducted on a strong. frame without an
infill panel. However, the lateral resistance of the strong frame is estimated to

be 32.7 kips. This is based on the theoretical strength after being increased
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by 15% to account for the expected discrepancy between the actual strength
and theoretical prediction, as reflected by Specimen 1. Comparing this to
the strengths developed by Specimens 6 and 7 indicates that the maximum
resistances of the strong frames were increased by the weak and strong infills
by factors of 1.4 and 3.2, respectively. Furthermore, frames with strong panels
exhibited a much better hysteretic energy dissipation than those with weak
panels.

The resistance of an infilled frame does not seem to depend on the
aspect ratio of the specimen. Furthermore, the distribution of the vertical load
between the columns and the beam does not affect the resistance of an infilled
frame very much. Nevertheless, increasing the total vertical load by 50% can
increase the stiffness by 30% and the maximum resistance by 25%, as shown
by Specimens 11 and 12. Specimen 13, which had a two-bay weak frame with
weak panels, was about 1.8 times stronger and 1.9 times stiffer than Specimen
4, which had a one-bay weak frame and a weak panel. Specimen 14, which
had a two-bay weak frame with strong panels, was about 1.7 times stronger
and 1.1 times stiffer than Specimen 5, which had a one-bay weak frame and
a strong panel. The difference between the étrengths and stiffnesses of the
two-bay and one-bay specimens is mainly due to the contribution of the third
column and the additional infill panel to the load resistance of the two-bay
specimens. The total vertical load applied onto the two-bay specimens was
50% higher than those on Specimens 4 and 5. No test has been conducted
on a bare two-bay frame. Its resistance is estimated to be 36 kips based on
the resistance of Specimen 1. Comparing this to the resistances of the two-bay

infilled specimens, it can be noticed that the resistance of a two-bay bare frame
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No. | (Kipsfin) |in Panel *(Kips] (in.) (Kips) (in.) Mechanism
1 24 —— -en- 239 2.57 flexural
2 ———- ——-- ——- ---- ———- D1
3 740 62.4 0.13 62.4 0.13 c7
4 430 -30.0,+20.7 | -0.14,40.04 |-34.5 .+36.5 |-0.28 ,+047 | DI + E3
5 1280 46.0,+492 | -0.18,+0.08 [-52.2 ,+60.0 |-0.60 ,+036 c7
6 480 41.1,+462 | -0.19,4022 |423 ,+466 |-035.4+038 D1
7 1460 90.2,4938 | 0.24,40.20 |-110 ,+100 |-0.45 ,+0.40 E3
8 330 30.0 0.14 427 0.55 C3 + E3
9 590 587 0.20 65.8 0.29 c7
10 400 351, 4426 | 0.24,+024 |-351 4426 [-024 4024 | D1+ E3
11 1470 -59.0,+65.8 | -0.23,40.22 | 620 ,+658 |-0.67 ,+0.22 c7
12 1950 74.6,+741 | 019,+0.14 [-799 4815 [-032 ,+0.28 c7
13 830 -55.0,+61.0 | -0.10,+0.15 | 677 +657 |-036 ,+0.30 D1
14 1450 90.4,491.0 | -021,40.19 | -101 4910 [-034 .+0.19 c7

* Diagonal/Sliding Crack
% Defined in Fig. 2.1




35

could be increased by the strong and weak panels by factors of 2.8 and 1.9,
respectively. In general, the specimens subjected to cyclic loads exhibited a
lower resistance and a faster load degradation with respect to the level of lateral
displacement than those subjected to monotonically increasing loads. Detailed |
experimental observations are summarized in the following paragraphs.

3.3.1 Single-Bay Specimens with Weak Frames. Specimens
1 through 5 and 8 through 12 had weak frames. Some of them were subjected
to monotonically increasing lateral displacements, while the others were sub-
jected to fully reversed displacement cycles. The total vertical loads applied
to these specimens were 66 kips, except for Specimen 12, which was subjected
to a vertical load of 99 kips. Specimens 1 through 3 had vertical loads applied
onto the columns only, while the rest had vertical loads distributed between
the columns and the beam. Specimens 10 through 12 had a h/l ratio of ap-

proximately 1/2, while all other specimens had a h/l ratio of about 1/1.5.

Monotonically Loaded Specimens

Specimen 1. Specimen 1 was a bare frame, which exhibited a fairly
ductile behavior with plastic hinges developed in the columns. The load-
displacement curve of Specimen 1 is shown in Fig. 3.14. Flexural cracks
initiated at the bottom sections of both columns at a lateral load of about 11
kips. Major shear cracks developed in the beam-to-column joints at about 16
kips. The longitudinal reinforcement at the bottom sections of the columns
yielded at a lateral load of about 14 kips and a lateral displacement of 0.58
in., while the flexural reinforcement at the end sections of the beam yielded
at about 17 kips and 0.78-in. displacement. Concrete crushing was observed

at the upper end of the east column and the lower end of the west column
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at the maximum load of 24 kips and a lateral displacement of about 1.9 in.,
after which the lateral resistance remained more or less constant. The failure
pattern of Specimen 1 is shown in Fig. 3.28.

Specimen 2. The frame used in Specimen 1 was repaired and installed
with a weak infill panel, and tested as Specimen 2. At the very beginning of
the test, the control on one of the two horizontal actuators was lost due to a
broken wire connection, and a large lateral force was applied to the specimen
before any data were recorded. This force was large enough to crack the infill.
Hence, the load-displacement curve shown in Fig. 3.15 corresponds to the post-
cracked behavior of the specimen. At the maximum lateral load of about 32
kips, large slips occurred along the initially cracked bed joints, after which the
lateral resistance remained almost constant. The longitudinal reinforcement at
the bottom sections of the columns yielded at a lateral displacement of about
0.7 in. and that at the end sections of the beam yielded at about 1.8 in.
Concrete crushing was observed at the bottom of the west column and the top
of the east column at a lateral displacement of about 2 in. The failure pattern
of Specimen 2 is shown in Fig. 3.29.

Specimen 8. The frame used in Specimen 2 was repaired for the
second time and infilled with solid blocks to be tested as Specimen 3. The first
diagonal/sliding crack occurred in the infill at the maximum lateral load of 62.4
kips and a lateral displa.cement of 0.13 in., after which the lateral load dropped
to 48.3 kips and shear cracks appeared at the top of the east column. The
lateral load reached 62.4 kips again at a lateral displacement of 0.23 in. The
shear crack at the top of the east column widened at a lateral displacement of

about 0.4 in. The test was terminated when concrete crushing was observed at
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the bottom section of the west column. Since the strain gages in the frame were
damaged in the previous tests, no strain data were recorded. As it is shown
in Fig. 3.16, the lateral load-lateral displacement curve levels off at 42.5 kips
when the lateral displacement is close to 1 in. The failure pattern of Specimen
3 is shown in Fig. 3.30.

Specimen 8. Specimen 8 was constructed with a repaired frame that
was tested previously as Specimen 4. It was similar to Specimen 2 in design,
except that the vertical load was distributed between the columns and the
beam. At a lateral load of 30 kips and a lateral displaéement of 0.14 in., the
first diagonal/sliding crack océurred in the infill. The lateral resistance did not
drop at this point and increased with displacement up to 42.5 kips at 0.32-in.
displacement, at'which the load dropped to 39.5 kips due to a major slip in
the bed joint of the infill. The maximum lateral resistance reached was 42.7
kips at 0.55-in. displacement. It was followed by a gradual decrease in lateral
load. At about a lateral displacement of 0.8 in. and a lateral load of 39 kips, a
large slip was observed along the top bed joints in the infill. Subsequently, the
opening of inclined cracks and the crushing in the infill led to a rapid decline
of the lateral load as shown in Fig. 3.21. Crushing of concrete occurred at the
bottom section of the west column at about 1.2-in. displacement. As shown
in Fig. 3.35, the failure mode is very similar to that of Specimen 2.

Specimen 9. The frame used in Specimen 8 was repaired again and
infilled with solid blocks and it was tested as Specimen 9. It was similar to
Specimen 3 in design, except that the vertical load was distributed between
the columns and the beam. At about a lateral load of 53 kips, an inclined

crack developed in the infill. This was followed by a horizontal crack at about
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59 kips, after which the lateral load dropped immediately to 54 kips. A major
diagonal/sliding crack developed in the infill at the maximum load of 65.8 kips
and at a lateral displacement of 0.29 in. This was followed immediately by a
significant shear crack at the top of the east column. At 1.7-in. displacement,
minor concrete crushing was observed at the bottom section of the west column.
Some crushing and spalling occurred in the infill at 1.25-in. displacement. The
load-displacement curve and the failure mode of this specimen, as shown in
.F igs. 3.22 and 3.36, are similar to those of Specimen 3. However, the resistance
of Specimen 9 is slightly higher tvhan that of Specimen 3. This might be due
to the fact that a part of the vertical load in Specimen 9 was directly applied

onto the beam. This could have enhanced the shear resistance of the infill.

Cyclically Loaded Spécimens

Specimens 4 and 5, and Specimens 10 through 12 were subjected to
cyclic lateral loads.

Specimen 4. Specimen 4 had a weak panel. The first diagonal/sliding
crack in the infill occurred at a lateral load of 30 kips and a lateral displacement
of 0.13 in. in the negative direction, and at 20 kips and 0.04-in. displacement
in the positive direction. The maximum lateral resistances were detected at
36.5 kips and 0.47-in. displacement in the positive direction and 34.5 kips
and 0.28-in. displacement in the other. Considerable slip was observed along
the bed joints at about 0.6-in. displacement. The slip progressed with the
crushing and degradation of mortar at the bed joints. Crushing started inside
the infill at about 0.75-in. | displacement. At about a lateral displacement of
1.35 in., concrete crushing was observed at the bottorﬁ section of the west

column in each loading direction. The yielding of the flexural reinforcement in
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the columns could not be monitored because of bad strain gages. The load-
displacement hysteresis curves of the specimen are shown in Fig. 3.17. The
failure pattern of Specimen 4 is shown in Fig. 3.31.

Spectmen 5. Specimen 5 had a strong panel. As shown by the hys-
teresis curves in Fig. 3.18, the load degradation in this specimen was much
‘faster than that of Specimen 4, which had a weak panel. However, the energy
dissipation of this specimen appears to be better than that of Specimen 4. The
first diagonal/sliding cracks in the infill were observed at a lateral load of 49.2
kips in the positive direction and 46 kips in the negative direction. The cor;
responding lateral displacements were 0.08 in. and 0.18 in., respectively. This
led to a drop of the lateral resistance. At this point, shear cracks appeared at
the top of the east column in each direction. The shear cracks widened signif-
icantly at the maximum lateral resistance of 60 kips in the positive direction
and 52.2 kips in the other. Slips along the horizontal cracks and the openings
of the diagonal cracks were observed in the infill at about 0.8-in. displace-
ment. Crushing of infill started at about a lateral displacement of 0.85 in. in
both directions. The longitudinal reinforcement at the bottom sections of the
columns yielded at about a lateral displacement of 0.9 in., but no yielding was
detected for the longitudinal reinforcement in the beam. Due to the spalling of
crushed masonry inside the infill, the lateral resistance dropped considerably
at about 1-in. displacement. Concrete crushing started at the bottom section
of the leeward column at about 1.2-in. displacement in each direction. The
failure pattern is shown in Fig. 3.32.

Specimen 10. Specimen 10 had a weak infill and a panel aspect ratio

of 0.48. The hysteresis curves and the failure mode of Specimen 10, as shown
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in Figs. 3.23 and 3.37, are quite similar to those of Specimen 4, but the
maximum lateral resistance is 17% higher. The first major diagonal/sliding
cracks developed in infill at a lateral load of 42.6 kips and a lateral displacement
- of 0.24 in. in the positive direction, and 35.1 kips and 0.24 in. in the negative
direction. The cracking loads coincided with maximum lateral resistances in
both directions. Corner crushing was observed in the infill at about a lateral
displacement of 0.55 in. The longitudinal reinforcement at the bottom sections
of the columns yielded at about a lateral displacement of 1.0 in. Due to bad
strain gages, no strain data were recorded for the steel bars in the beam. At
about a lateral displacement of 1.4 in., minor crushing of concrete was observed
‘at bottom sections of the columns in both directions.

Specimen 11. Specimen 11 had a strong infill and a panel aspect ra-
tio of 0.48. The hysteresis curves and the failure mode of Specimen 11, as
shown in Figs. 3.24 and 3.38, are similar to those of Specimen 5. However,
its maximum lateral resistance is 10% higher than that of Specimen 5, which
had a panel aspect ratio of 0.67. The first diagonal/sliding crack was observed
at 65.8 kips and 0.22-in. displacement in the positive direction, and 59 kips
and 0.23-in. displacement in the negative direction. The first cracking load
and the maximum resistance coincide in the positive direction. The maximum
lateral resistance in the negative direction occurred at 62-kips load and 0.67-in.
displacement after the first major crack. These cracks were followed immedi-
ately by shear cracks at the top sections of the east column. The shear cracks
in the columns widened at about 0.8-in. displacement. Yielding occurred in
the longitudinal reinforcement at the bottom sections of the columns at about

0.7-in displacement, but the bars in the beam did not yield. At about 61 kips
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and 0.4-in. displacement, crushing started inside the inﬁlly. At about 1.3-in.
displacement, crushing was observed at the bottom section of the west column
in the negative direction.

Specimen 12. The frame used in Specimen 10 was repaired and in-
stalled with a strong panel and tested as Specimen 12. It was similar to Speci-
men 11, except that the vertical load was 50% higher in this case. At a lateral
load of 55 kips in the positive direction and 60 kips in the negative direction, 45-
dégree inclined cracks developed in the infill from the middle of the beam-wall
interface and propagated to the bottom corners of the wall in both directions.
They did not affect the lateral resistance. The first major diagonal/sliding
cracks occurred at 74 kips and 0.14-in. displacement in the positive direction,
and 75 kips and 0.18 in. in the other. These were followed immediately by a
small drop of lateral resistance and the initiation of shear cracks at the top of
the east column in each direction. The maximum lateral resistances reached
were 81.5 kips in the positive direction and 79.9 kips in the negative direc-
tion. The corresponding displacements were 0.28 in. and 0.32 in., respectively.
At about 75 kips and 0.3-in. displacement in the positive direction, crushing
started inside the infill. As shown by the hysteresis curves in Fig. 3.25, the
lateral resistance dropped significantly at about 0.5-in. displacement due to
the spalling of the infill in the previously crushed areas. The shear cracks at
the top of the east column Widenéd at about 43 kips and 0.7-in. displacement
in the positive direction. Similar shear failure was also observed in the other
column. At a lateral displacement of about 1.0 in., crushing started at the
bottom section of the west column in the negative direction. The failure mode

of Specimen 12 shown in Fig. 3.39 was very similar to that of Specimen 11,
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but the lateral resistance increased by 25%.

3.3.2 Single-Bay Specimens with Strong Frames. Speci-
mens 6 and 7, which had strong frames, were intended to study the influence of
the strength and stiffness of the columns on the lateral resistance of an infilled
frame. Specimen 6 had a weak panel and Specimen 7 a strong panel. The
panel aspect ratio was 0.67 for both specimens.

Specimen 6. As shown by the hysteresis curves in Fig. 3.19, the
behavior of Specimen 6 was quite sirﬂilar to that of Specimen 4, but the lateral
strength is 28% higher than that of Specimen 4. The first diagonal/sliding crack
occurred at 46.2 kips and 0.218-in. displacement in the positive direction, and
41.1 kips and 0.192-in. in the other. At about a displacement of 0.24 in., a
major slip was\ observed along the top bed joint at the wall-beam interface. The
maximum lateral resistance of 46.6 kips was reached at 0.38-in. displacement
in the positive direction, and 42.3 kips at 0.35-in. displacement in the negative
direction. At about 0.5-in. displacement and a lateral load of 44 kips, crushing
started in the infill. No major opening was observed in the diagonal cracks in
the infill. The failure mode of' this specimen is shown in Fig. 3.33. Unlike the
specimens with weak frames, the yielding of the longitudinal reinforcement in
the beam occurred prior to that in the columns, at 0.34-in. displacement.

Specimen 7. The first crack in the infill developed along the bed joint
at the beam-wall interface at about 77 kips and 0.14-in. displacement in the
positive direction. The first diagonal/sliding crack in the infill occurred at 93.8
kips and 0.2-in. displacement in the positive direction, and 90.2 kips andv 0.24
in. in the negative direction. These led to a drop of the lateral resistance.

Shear cracks also appeared at the top of the windward column at this point.
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The maximum lateral resistances reached were 100 kips in the positive direction
and 110 kips in the negative direction. The corresponding displacements were
0.4 and 0.45 in., respectively. The corner crushing of the infill was observed at
about a displacement of 0.5 in., and the internal crushing occurred at about
0.7 in. The longitu'dinal reinforcement at the bottom section of the columns
yielded at about 0.9-in. displacement. No shear failure was observed in the
columns. However, the shear cracks in the columns opened slightly at about
1.1-in. displacement. The hysteresis curves and the failure pattern of Specimen
7 are shown in Figs. 3.20 and 3.34, respectively.

3.3.3 Two-Bay Specimens. A two-bay frame with a weak-frame
design was constructed for Specimens 13 and 14. Each panel had an aspect
ratio of 0.67. A total vertical load of 99 kips was applied onto these specimens,
and it was divided equally among the columns. The specimens were subjected
to fully reversed displacement cycles.

Specimen 13. Specimen 13 had weak panels. As shown in Fig. 3.40,
the failure mode of this specimen is similar to that of Specimen 4, which was a
one-bay specimen having the same design. However, as shown by the hysteresis
curves in Fig. 3.26, the maximum lateral resistance of Specimen 13 is about

85% higher than that of Specimen 4, and it exhibited a more severe strength
| degradation than Specimen 4. It must be pointed out that the total vertical
load applied on this specimen was 50% higher than that applied on Specimen
4. The first diagonal/sliding cracks were observed in both panels at 55-kip
lateral load and 0.1-in. displacement in the negative direction, and 61 kips
and 0.15-in. displacement in the positive direction. The maximum lateral

resistances were 67.7 kips in the negative direction and 65.7 kips in the positive
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direction at lateral displacements of 0.37 and 0.29 in., respectively. Shear and
flexural cracks were observed in the columns and the beams as well as in the
column-to-beam joints. However, they did not widén considerably. Crushing
started inside the infill at about 0.45-in. displacement and at corners at about
0.6-in. Major slidings along the bed joints were observed at about 0.6-in.
displacement. No yielding was observed in the longitudinal reinforcement, and -
no crushing was observed in the concrete columns in the test.

Specimen i‘{. The frame of Spécimen 13 was repaired. and installed
with strong panels and tested as Specimen 14. In general, as shown in Fig.
3.41, the failure of this specimen is similar to that of Specimen 5, which was a
one-bay specimen having the same design. However, as shown by the hysteresis
curves in Fig. 3.27, the lateral resistance of Specimen 14 is about 68% higher
than that of Specimen 5, and its strength deg;adation is more severe than
that of Specimen 5. The levels of damage in the columns and the panels
of this specimen are different in the two different bays. As shown in Fig.
3.41, one panel exhibited a sliding shear failure mode, while the other severe
corner crushing. Severe shear crack developed only in one of the two exterior
columns. The first diagonal/sliding cracks were observed in both panels at "
90.4-kip lateral load and 0.21-in. displacement in the negative direction, and
a.f 91.0 kips and 0.19-in. displacement in the positive direction. The cracking
load and the maximum load coincided in the positive direction; whereas, in
the negative direction, a maximum lateral load of 101.0 kips was reached at
0.34-in. displacement. The shear crack widened in the west ex.terior column
at 0.46-in. displacement. Corner crushing was observed in the west infill panel

at 0.46-in. displacement. Within the maximum lateral displacement of 1.14
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in., the yielding of the longitudinal reinforcement occurred only at the bottom

section of the east exterior column at 0.46-in. displacement.

3.4 Interpretation of Experimental Results

3.4.1 Influence of Panel Strength. As shown in Fig. 3.42,
an infill panel can significantly increase both the lateral stiffness and load
resistance of a reinforced concrete frame. The stronger the panel is, the larger
is the increase. The strength of Specimen 9, which had a weak frame and a
strong infill, is about 54% higher than that of Specimen 8, which had a hollow
infill; and 175% higher than the maximum resistance of the weak bare frame
(Specimen 1). Specimen 5, which had a strong infill and was subjected to cyclic
loads, had a lateral resistance 64% higher than that of Specimen 4, which had
a weak panel. Specimens 6 and 7 had strong frames and were subjected to
cyclic loads. Specimen 7, which had a strong infill, had a resistance 136%
higher than that of Specimen 6, which had a weak infill. Nevertheless, the
degradation of post-peak resistance with respect to displacement was faster in
the case of the strong infill than thé case of the weak infill. This is more evident
under cyclic lateral loads as is indicated by the hysteresis envelope curves of
Specimens 4 and 5, and those of Specimens 6 and 7 in Fig. 3.43. This can be
partly attributed to the brittle shear failure that was induced in the columns
by the solid infill in the case of a weak frame, and partly to compression failure
of the solid infill itself. However, as the hysteresis curves of the specimens
with weak and strong panels show, a strong infill resulted in a much better
energy-dissipation capability than a weak infill.

3.4.2 Influence of Column Strength. The specimens with a

strong frame design had a substantially higher load resistance than those with
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a weak frame design. The strength of Specimen 7, which had a strong frame
and a strong infill, was 83% higher than that of Specimen 5, which had a weak
frame and a strong infill; whereas, the strength of Specimen 6, which had a
strong frame and a weak infill, was only 28% higher than that of Specimen 4,
which had a weak frame and a weak infill. On the other hand, the theoretical
load carrying capacities of the weak and strong bare frames are 21.4 and 28.5
kips, respectively. In the case of a weak infill, where the sliding shear was
the dominant failure mode, the frame and the panel actions were more or less
independent and their strengths were additive. In the case of a strong panel,
the lateral resistance was governed by the shear strength of the columns and the
diagonal compression mechanism in the infill. In the case of a strong frame, the
higher frame stiffness resulted in a more efficient compression strut mechanism
and, thereby, a higher resistance.

3.4.3 Influence of Aspect Ratio. = The panel aspect ratio has
little influence on the lateral strength and stiffness of a specimen. This can
be seen by comparing the hysteresis envelope curves of Specimens 10 and 11,
which had a h/l ra,tib of 0.48, with those of Specimens 4 and 5, which had a
h/1 ratio of 0.67, as shown in Fig. 3.44. The increase in lateral strength due to
the decrease of the aspect ratio from 0.67 to 0.48 is only 17% for the specimens
with weak panels, and 10% for those with strong panels.

3.4.4 Influence of Vertical Load. Vertical load distribution
had only a small influence on the lateral resistance of the specimens as shown
by Specimens 3 and 9 in Fig. 3.42. Specimen 9, which had vertical loads
applied onto the beam as well as the columns, was about 5% strbnger than

Specimen 3, which had the same design and had vertical loads applied on
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the columns only. The total vertical loads in both cases were the same. The
increase in the lateral strength can be attributed to the increase of the panel
shear strength resulting from the higher compressive stress in the bed joints.
An increase in the total vertical load resulted in a substantial increase in both
the lateral strength and stiffness of infilled frames. As shown in Fig. 3.44,
Specimen 12, which had the vertical load 50% higher than that of Specimen
11, had its lateral resistance and stiffness 25% and 33% higher than those of
Specimeﬁ 1.

3.4.5 Influence of Horizontal Load History. The influence
of lateral load history can be observed from the comparison of the monotonic
load-displacement curves of Specimens 8 and 9 with the hysteresis envelopes
of Specimens 4 and 5 in Fig. 3.45. All these specimens had weak frames.
Specimens 8 and 4 were infilled with hollow blocks, while Specimens 9 and 5
were infilled with solid blocks. The monotonically loaded specimens, Specimens
8 and 9, had lateral resistances 17% and 10% higher than those of Specimens 4
and 5, which were loaded cyclically. Cyclic loads induced a lower resistance and
a faster degradation of the post-peak resistance. The latter was more evident
for the case of strong infills.

3.4.6 Influence of Two Adjacent Infilled Bays. In Fig. 3.46,
the hysteresis envelopes of Specimens 13 and 14, which had two infilled bays,
are compared to those of Specimens 4 and 5, which were single-bay specimens.
Specimens 13 and 4 had the same frame design and weak infill panels, while
Specimens 14 and 5 had strong infill panels. It can be observed from Fig.
3.46 that for the case of weak panels, the two-bay frame had a resistance 85%

higher than that of the single-bay frame. In the case of strong panels, the
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Figure 3.44. Hysteresis Envelopes for Weak Frames with Different Aspect
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two-bay frame was 68% stronger than the single-bay frame. The small increase
of lateral resistance in the latter case could be due to the fact that the peak
resistance of each bay of the two-bay frame did not occur at the same moment.
By comparing the lateral resistances of Specimens 11, 12, and 14 (see Table
3.5), it can be observed that both the total vertical load and the number of

infilled bays have an influence on the lateral resistance.

3.5 Drift Limits

In design, drift limits can be used to control the extent of structural
and non-structural damage in a building. Hence, the drift corresponding to
the onset of a major damage in the test specimens is summarized in Table
3.6. As can be observed from the table, for all the specimens tested, the first
major crack in an infill occurred at a drift between 0.17 and 0.46%. This is
usually the first significant damage in the specimens and corresponds more or
less to the elastic limit of a specimen. Therefore, it can be regarded as the
serviceability limit for this type of structures. Specimens with strong frames
or panels demonstrated a comparatively high serviceability limit. The drift at
which the lateral resistance was reduced to 80% of the maximum resistance
ranges from 0.8 to 2%. This can be considered as the ultimate limit state.
The ratio of the drift at the ultimate limit state to that at the serviceability
limit state can be regarded as a ductility measure. For the specimens tested,
this ductility measure ranges from 2.3 to 11. Specimens with strong frames.
or panels had a lower ductility than those with weak frames or panels because
of the relatively large drift at the serviceability limit state of the former. The
two-bay specimens were less ductile than the one-bay specimens which had

similar design details. Furthermore, Specimen 12, which had a higher vertical
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Table 3.6. Drift Limits.

Spec. Drift at  (Percentage of Story Height)

No.; 1 I1 oI { 1v Vv VI {VII (VI IX | X XI | XI1
1 N | 31|68 N [132| N N N 096|129 | 3.1 | 49
2 - - - N - - N N 119|298 ]| - 37
3 [021]021]1.16[0. 71| N N N N N - - 32
4 1017|1063 |1451182}1140(099{124| N - N (2231 26
5 10331079 {142(132|207}132|140| N |154| N 190 ] 2.3
6 ]036({061 (178 N (1731040091 | N N (056 N 1.8
7 1046|071 |1.04 182 }1.65}1046]1.160.82] 142 N 1.9
8 1020]091 182 |198| N |1491159 198 — - 248 | 3.1
9 (033048198 (066] N 10821207} N - - 281 29
10 |0.171040 (188 | N N 04111401091 165 - 231 ] 24
11 1036074 }1150(132| N 091|091 | N |115| N |215]| 2.1
12 ]0.17]055]1.02]095] N 066066} N - - 1651 1.7
13 |0.17}055|1.06| N N |100{074|100| N N N 1.7
14 1031/044 084|076 N (180{083{0.760.76| N N 19

N = Not happened, not major, or not applicable
= No data

L. First major crack in infill: diagonal or diagonal/sliding.

II. Maximum lateral load.

III. Reduction to 80% of maximum lateral load.
IV. Major shear crack in column.

V. Shear crack in beam-column joint.

VI Sliding of mortar joints.

VII. Interior crushing of infill.

VIIIL. Corner crushing of infill.

IX. Yielding of reinforcement in column.

X. Yielding of reinforcement in beam.

XI. Crushing of concrete in columns.

XII. Maximum lateral displacement imposed on specimen.
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load, exhibited a higher ductility than Specimen 11. The drift level at which
a severe shear crack developed in a column ranges from 0.7 to 2%. In general,
shear cracks occurred earlier in specimens with strong panels than those with
weak panels. The crushing of concrete in the c&lumns occurred at drift levels
ranging from 1.7 to 2.8%. The lower bound corresponds to Specimen 12, which

had a relatively high axial load.

3.6 .Conclusions

The test results have demonstrated that infill panels can significantly
enhance the load resistance capabilities of R/C frames. Strong panels pro-
vide a better energy-dissipation capability and are more effective in enhancing
the load resistance of a frame than weak panels. This improvement is more
significant for strong frames than for weak frames.

Generally, three different failure modes have been observed from maso-
nry-infilled R/C frames. In the case of a weak panel, slip along the bed joints
and plastic hinges in the frame governed. In the case of a weak frame infilled
with a strong panel, the interaction between the infill and the frame resulted in
a brittle shear failure of the columns. However, in spite of the shear failure, an
infilled frame can sustain a lateral load that is much higher than that of a bare
frame up to a drift level of 2%. Furthermore, the results of this study indicate
that the shear failure of the columns can be prevented if they are provided
with adequate shear reinforcement. In the case of a strong frame and a strong
panel, the lateral strength was governed by the crushing of the infill.

Specimens subjected to cyclic loads showed a lower resistance and a
faster strength degradation than those subjected to monotonic loads. Increas-

ing the total vertical load resulted in a higher resistance, but the influence of
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the distribution of the vertical load between the columns and the beam was
insignificant. The panel aspect ratio (h/1) in the range of 0.48 to 0.67 had
only a small effect on the lateral stiffness and resistance. Finally it has been
observed that the two-bay infilled frames were about 1.7 to 1.85 times strongerA

than a similar one-bay infilled frame.
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CHAPTER 4
SEISMIC PERFORMANCE OF PROTOTYPE STRUCTURE

4.1 Introduction

It has been always a challenging problem as to hqw the information
required for the seismic analysis of structures can be derived from the experi-
mental results of small-scale substructures. To this end, a simple and rational
analytical method is proposed in this study. For this method, the experimen-
tal results presented in Chapter 3 are analyzed to assess the load resistance
properties of the test specimens. Results of this analysis are extrapolated to
obtain the ductility and yield resistance of the three-bay, six-story, prototype
frame based on an approximate modal analysis. The natural period of the pro-
totype frame is computed with the eigenvalue analysis. Based on the period,
ductility, and yield resistance of the prototype frame, with and without infill,
response spectrum analyses are conducted to compute the seismic resistances
of the prototype frame at different limit states. In the analyses, the El Cen-
tro and Pacoima Dam ground motion records, and short- and long-duration

acceleration pulses are used as input excitations.

4.2 Load Resistance Properties of Test Specimens
The experimental results from the test specimens have been discussed
in Chapter 3. These results are analyzed here to quantify the yield resistance,

ductility, and energy-dissipation capability of the specimens.
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4.2.1 Ductility and Yield Resistance. The ductility and yield
resistance, along with the natural period, are the necessary information for a
seismic response analysis. For elastic-perfectly plastic systems, ductility is often
defined as the ratio of the maximum allowable displacement to the displace-
ment at which the first yield occurs. For infilled frames, the first noticeable
nonlinearity occurs with the separation at the infill-to-frame interfaces. This
introduces a small reduction of the lateral stiffness. After that, the initiation
of major cracks in the infill or the compressive crushing of the infill induces a
major inelastic behavior. This point can be considered as the first yield. In this
study, the ultimate limit state of an infilled frame is taken as the displacement
at which the maximum resistance is developed, or the displacement at which
the lateral resistance is reducea to 80% of the maximum lateral resistance.
The latter is the displacement at which the degradation of the structural re-
sistance begins to accelerate in most of the infilled frame specimens. To define
the ductility in a more consistent manner, an infilled frame is idealized by an
equivalent elastic-perfectly plastic system, as shown in Fig. 4.1. Based on this,

the ductility can be defined as

Hrm = A, (4.1)
or
Ago
Hso = A, (4.2)

in which A,,, is the displacement at the maximum lateral resistance, Agg is the
displacement at which the lateral resistance is reduced to 80% of the maximum

resistance, and A, is the yield displacement of the equivalent elastic-perfectly
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plastic system as shown in Fig. 4.1. In this study, the yield resistance, r,,
of the equivalent system is selected to be 80% of the ultimate resistance in
both cases. This results in a conservative approximation. In the case of fully
reversed cyclic loading, the yield resistance is evaluated as the average of the
yield resistances in the two loading directions. For a monotonically loaded
specimen, the elastic stiffness, k, of the equivalent system is approximated by
the secant stiffness between the origin and 50% of the maximum resistance in
the ascending branch of the load-displacement curve, as shown in Fig. 4.1. For
the case of cyclic loading, the elastic stiffness is approximated by the slope of
the line connecting the extreme points of a small amplitude displacement cycle
in which the peak load is about 50% of the maximum lateral resistance.

]

r Equivalent elasﬁc— rfectly plastic response
T 4- Actual response curve
max
Iy —0.80Guax T v ~—
r50= 0.50 ;nax T
k
1
}
Ay A Ago A

Figure 4.1. Idealized Response Curve for a Single-Degree-of-Freedom System.

For the bare frame, the assumption of an elastic-perfectly plastic be-
havior is very close to the response curve obtained from the test. Unlike infilled

frames, the bare frame did not exhibit a significant load degradation after the
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maximum lateral resisfance had been reached. As can be seen from the load-
displacement curve of the bare frame specimen in Fig. 3.14, to attain an 80%
reduction of the lateral strength, a displacement far beyond an acceptable drift
level is required. As a result, the maximum allowable drift for the bare frame
is taken to be 2%, which is intended to prevent significant structural and non-
structural damage. On the‘ other hand, for the infilled specimens, the drift
levels corresponding to the maximum allowable displacements defined previ-
ously are lower than 2% in all cases, as shown in Table 4.1. Based on the 2%
drift limit, the maximum allowable displacement for the bare frame specimen.
is 1.2 in. The yield displacement, A,, of the bare frame is 0.8 in., which is
computed by dividing the yield resistance by the elastic stiffness. With these
allowable and yield displacements, a ductility of 1.5 is obtained for the bare
frame. The yield and maximum allowable displacements of all the specimens
as well as the resulting ductilities are summarized in Table 4.1. The results
show that the ductility of infilled frames is higher than that of the bare frame.
This is due to the higher elastic stiffness and, consequently, the lower yield
displacement of an infilled frame, when compared to those of the bare frame.
In most cases, the single-bay specimens that had strong panels are more duc-
tile than those with weak panels. On the other hand, the two-bay specimen
that had strong panels was slightly less ductile than the one with weak panels.
At the ultimate limit state corresponding to 80% of the maximum resistance,
two-bay specimens were considerably less ductile than one-bay specimens.
‘4.2.2 Energy-Dissipation Capability. For the case of cyclic
loadings, the cumulative energy dissipation for a specific damage state is de-

fined as
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Table 4.1. Load Resistance Properties of Test Specimens.

Tegt[fiximm e P IR | A Maximum Resistance | At 80% of Maximum Resistance
No. [552% Resoe sifsp 10| L _
max r =08, k A. |Displacement | Ductility| Energy Dissipated| Displacement | Ductility| Energy Dissipated
®ip) | ®ips) |Kipsn] @) [Bm () | W | U Kipiw) | Agp )| Hgo| U ®ipim)
10239 | 191 | 24| 0800| - - - 1207 | 15¥ 127
2 | - Y R - - -— - -
3 | 624 499 740 | 0.068 0.13 15 3 1 070 10.3 35
4 |355%| 284 | 430 | 0066 | 037 | 45 63 088 1133 169
5 |561% 449 |1280| 0035| o048 | 109 88 086 | 246 290
6 |445%] 356 | 480 | 0074 | 036 | 39 46 108 1146 253
7 [1050%| 840 |1460) 0058 | 042 | 72 241 063 | 109 420
8 [427 | 342 | 330 0103| o055 | 43 16 110} 107 39
9 | 658 | 526 | 590 | 0089 | 029 | 26 9 120 135 63
10 [389% 311 | 395( 0079 024 | 24 y7) L14 | 144 289
11650 520 |14m0] 0035 027 | 61 57 091 | 260 398
12 [ 807%| 646 |1950) 0.033| 030 | 73 93 062 | 188 198
136677 s34 |83 | 0064| 033 |52 70 064 | 100 176
14 {90*% 768 | 1447{ 0053 { 026 | 49 140 051 |96 315

* Average of two directions
** Based on the secant stiffness as defined in the text
+ Based on 2% drift limit
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U= zn:U,’ (4.3)

in which U; is the energy dissipated in cycle i and n is the number of cycles
to arrive at the damage state, which can correspond to the development of
the maximum lateral resistance or the state at which the lateral resistance is
reduced to 80% of the maximum resistance.

Similarly, for the case of monotonic loadings, U can be defined as the
energy dissipated .by plastic work at a specific damage state. Based on the

idealized response curve shown in Fig. 4.1, this can be expressed as

U=r,(A; —A,) (4.4)

in which A, is the maximum allowable displacement, which can be defined
either as A,,, or Ago. The values of U calculated for the different test specimens
are shown in Table 4.1. Among the cyclically loaded specimens, those which
had a strong panel were stronger and dissipated more energy than those which
had a weak panel. The specimens with a smaller aspect ratio dissipated less
energy at the maximum resistance and more energy at 80% of the maximum
resistance than the specimens with a higher aspect ratio. Increasing the vertical
load resulted in a higher energy dissipation at the maximum resistance and a
lower energy dissipation at 80% of the maximum resistance. The two-bay
infilled specimens dissipated more energy than the one-bay specimens of the

same design.

4.3 Prototype Frame
The prototype frame is a three-bay, six-story, R/C frame, representing

an internal frame of an office building (see Fig. 3.1). For the case with infill,
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this frame is assumed to have an infill panel in the miadle bay of every story.
As discussed in Chapter 3, the frames have been designed for two types of
lateral loadings: a moderate wind load, which results in a weak frame design,
and a severe earthquake load, which results in a strong frame -design. The test
specimens represent the middle bay of the first story of the prototype frame.
Under lateral loadings, three types of failure mechanisms can be conceived for
the prototype frame, as illustrated in Fig. 4.2. For the strong bare frame,
which has a strong-column-weak-beam design, the failure tends to be governed'.
by the plastic hinges at the bottom sections of the columns in the first story
and at the end sections of the beams, as shown in Fig. 4.2a. The weak bare
frame has a weak-column-strong-beam design. As shown in Fig. 4.2b, the
failure of this frame tends to be dominated by the plastic hinges at the end
sections of the columns in the first story. For an infilled frame, the failure is
expected to initiate with a diagonal/sliding crack in the infill in the first story,
which is followed by the failure of the surrounding columns, as shown in Fig.
4.2c. The last two cases (Figs. 4.2b and 4.2c) correspond to the soft-story

mechanisms.

4.4 Modal Analysis of Prototype Frame
The prototype frame is idealized as a six-degree-of-freedom system,
with each degree of freedom cofresponding to the lateral displacement at each
story. Modal analysis is conducted on the idealized prototype frame to have its
response represented by that of an equivalent single—degfee-of-freedom system.
The equations of motion for the idealized multiple-degree-of-freedom

system 1is
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Figure 4.2. Failure Mechanisms of Prototype Frames; a) Strong Bare Frame;
b) Weak Bare Frame; ¢) Infilled Frame.

mv +r = —m{1}9, (4.5)

in which m is the mass matrix, v is the displacement vector, r is the restoring
force vector, {1} is a vector of unity, and @, is the ground acceleration. The
displacement vector in the geometric coordinates, v, can be expressed in terms

of the modal displacements as

v=90Y (4.6)

in which @ is a matrix that consists of the modal vectors in its columns, and
Y is the displacement vector in the modal coordinates. Combining Egs. 4.5

and 4.6, and premultiplying Eq. 4.5 by &7, one has

MY + R = —Li, (4.7)

in which M = #Tm® is the modal mass matrix, L = #'m{1}, and R = &’r
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is the modal force vector. In this study, the response of the prototype frame is
approximated by the fundamental mode of vibrations. With this assumption,

Eq. 4.7 becomes

MYy + Ry = — Ly, (4.8)

in which M; = ¢Tm¢, is the modal mass, L; = ¢Tm{l1}, Ry = ¢¥r is the
modal force, and Y; is the modal response corresponding to the fundamental
mode of the structure. By assuming that each story of the structure has a

mass m, one has

N
My =m@id, =mY. ¢% (4.9)

i=1

N
Li=mei {1} =m)_ ¢ (4.10)

=1

in which N is the number of stories and ¢y; is the i-th component of the funda-
mental mode. The effective modal mass, M., corresponding to the fundamental
mode is defined as

M. = .Ef_ — m(¢1 {1})? _ m(SN, 1)

3 =
M, ¢1 ¢1 Efil :1‘)1'
With the above assumption, one can characterize the response of the

(4.11)

prototype frame in terms of the base shear and first-story displacement by

carrying out the following operations.

<1>m@Yi+<1>r =-<1>m{l}y, (4.12)

in which < 1 > is a row vector of unity and r; is the restoring force vector

due to the fundamental mode of vibrations. By normalizing the fundamental
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Figure 4.3. Equivalent Single-Degree-of-Freedom System; a) the Structure; b)
Response of the Equivalent System.

mode shape so that ¢;; = 1 and Y; = v;, which is the displacement at the first

story, Eq. 4.12 becomes

Lyiby + Vo = — My, (4.13)

in which M; =< 1 > m{1} is the total mass of the fr&ne and Vg =<1>r;is
the base shear. The above equation represents the equation of motion for an
equivalent single-degree-of-freedom system.

For a nonlinear structure, one can idealize the response by an elastic-
perfectly plastic system, as shown in Fig. 4.3b. In accordance with the idealized
response, one has the yield resistance Vg, and yield displacement v;,. Further-
more, the maximum allowable displacement of the structure can be denoted as

v1.- In the linearly elastic range,

Vo=<1>r =<1>k¢¥; =wlliv (4.14)
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in which w; is the modal frequency, and L; and K = w?L; are the mass and

elastic stiffness of the equivalent system. If one knows the yield resistance Vp,,

the yield displacement can, therefore, be determined as

Voy
W%Ll

vy = (4.15)

and the ductility becomes v1,/v1y. In summary, to characterize the equivalent
system, one needs to find ¢,, wy, Voy, and vy,. These can be extracted from |

the behavior of the scaled models that were tested.

4.5 Seismic Performance Analysis

To study the influence of infill panels on the seismic performance of
R/C structures, seismic analyses are carried out with the prototype frame using
the response spectrum method. To this end, the properties of the equivalent
single-degree-of-freedom systems must be defined. These include the frequency
or the period of the fundamental mode, the yield base shear, and the ductil-
ity of the system. In the derivation of these properties, the properties of the
single-bay test specimens are used. To be consistent with the experimental
loadings, two types of input excitations are used. Those frames which have
their properties determined from the cyclically loaded specimens are analyzed
with earthquake loadings, while the frames with prdperties determined from
the monotonically loaded specimens are analyzed with short- and long-duration
pulse accelerations. For a ductile bare frame, the inelastic behavior is not influ-
enced very much by the load history. Therefore, the weak and strong prototype
bare frames are also analyzed with the earthquake loadings. For each loading
type, three limit states are considered: the elastic limit, the inelastic state at

which the maximum lateral resistance is reached, and the post-peak ultimate
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limit state at which the lateral resistance drops to 80% of the maximum. How-
ever, as mentioned before, for the bare frames, the 2% drift limit is considered
as the ultimate limit state.

4.5.1 Properties of Prototype Frame.
Period

Eigenvalue analysis has been conducted with SAP90 program (Habibul-
lah and Wilson 1991) to obtain the eigenvector, ¢,, and the corresponding
period, T', of the fundamental mode of the prototype frame with different de-
signs. The comparison of experimental and numerical results have shown that
the actual stiffness of a R/C frame specimen is much lower than the analytical
stiffness that is based on uncracked sections. As a result, an effective moment
of inertia, I, is used in the analysis. The effective moment of inertia, I, is
taken as a fraction of the moment of inertia, I, of the member gross section,
ie

*?

I, =al, (4.16)

in which the reduction factor, «, has been found such that the stiffness of a
single-bay, single-story, 1/2-scale, bare frame obtained from SAP90 matches
the experimental stiffness of the specimen. For the weak bare frame, a has
been found to be 0.44. This va,lué is used in the eigenvalue analysis for all
cases because of the absence of other data.

The complicated interaction of the infill with the surrounding frame
cannot be modeled with SAP90. Therefore, an inﬁlléd bay is modeled by an
equivalent beam that has an effective shear modulus G.. The value of G, has

been found such that the lateral stiffness of a cantilever beam obtained from
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the elastic analysis is equal to the stiffness of the corresponding infilled frame
specimen. The bending stiffness EI of this beam has been assumed to be equal

to that of the uncracked infilled specimen.

N

Linear mode Soft-story mode

(@) b

Figure 4.4. Idealized Mode Shapes for Inelastic Response; a) Linear Mode; b)
Soft-Story Mode.
Yield Base Shear

The yield base shear, V4, is governed by the failure mechanism of
the prototype frame. With the failure mechanisms assumed in Fig. 4.2, the
inelastic response of the strong bare frame is approximated by a linear mode,
as shown in Fig. 4.4a, and those of the weak bare frame and infilled frames by
a soft-story mode, as shown in Fig. 4.4b.

To obtain the yield base shear of the strong bare frame, a collapse
analysis has been conducted using the failure mechanism shown in Fig. 4.2a.
The distribution of the lateral forces along the height of the frame is assumed
to be linearly proportional to the height. For the collapse analysis, the plastic
moments of the frame members have been calculated theoretically in accor-

dance with the ACI provisions (1989), and they have been increased by 15%
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to account for the discrepancy between the actual and theoretical strengths,
as reflected by the test results from Specimen 1. The sum of the lateral forces
corresponding to the collapse of the frame is defined as the ultimate base shear,
Vou, 80% of which is considered as the yield base shear, V4, to be consistent
with the yield resistance defined previously (Sec. 4.2).

In the case of the weak bare frame and infilled frames, where the fail-
ure is concentrated in the first story, the yield base shear, Vg, is approximately
equal to the yield resistance of the first story. For the weak bare frame, baseci
on the failure mechanism shown in Fig. 4.2b, the yield resistance of the first
story can be calculated with the plastic moment capacity of the columns. How-
ever, in this study, it is taken to be twice the yield resistance of the middle bay,
by assuming that the interior and exterior columns have the identical design.
The yield resistance of the middle bay of the prototype frame is calculated by
applying the similitude rules to the yield resistance of Specimen 1 (see Table
4.1). To obtain the yield resistance of the first story of the infilled frames, the |
lateral forces resisted by the bending of the exterior columns at the first story
can be added to the yield resistance of the middle bay. The yield resistance of
the middle bay of the prototype frame is obtained by applying the similitude
rules to the yield resistance of the corresponding test specimen. In this study,
the scaling factor is 2. Hence, the resistances of the specimens are multiplied
by 4 to obtain those of the prototype. Furthermore, it must be pointed out that
in the case of the infilled frames, the exterior columns are much more flexible
than the middle bay of the frame. The yielding of these columns may occur
way after the peak resistance has been reached by the middle bay. Hence, to

be conservative, the resistances of the exterior columns are calculated at the
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yield displacement of the middle bay for all the three limit states.
Ductility

The ductility of the equivalent single-degree-of-freedom system has
been defined as the ratio of the allowable displacemeﬁt, V14, to the yield dis-
placement, vy,. For the weak and strong bare frames, vy, is calculated based
on the 2% drift limit as discussed before. In the infilled frame, the allowable
displacement of the first story is approximated by that of the middle bay. This
is obtained from the experimental results of the infilled frame specimens (see
Table 4.1) by applying the similitude rules.

4.5.2 Earthquake Excitations. The elastic and ductility re-
sponse spectra of the NS component of the 1940 El Centro record and the
derived 1971 Pacoima Dam record are used in the analyses. They have peak
ground accelerations, Ugmaz, of 0.35g and 0.4g, respectively. A damping ratio of
5% of the critical is considered for all cases. The structures are evaluated based
on the maximum ground acceleration that can be sustained without exceeding
the prescribed limit state.

Elastic Range

The maximum allowable peak ground acceleration, 9,,, which can be
resisted by the prototype frame at the elastic limit is obtained from the elastic
response spectra shown in Fig. 44.5. Based on Eq. 4.14, one has the following

expression for the maximum base shear.

%,ma:c - Llwfvl,ma:c (417)

where, based on Eq. 4.13,
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M,

Vl,mez = I

S4 (4.18)

1

in which Sy is the spectral displacement. Combining Eqs. 4.17 and 4.18, one
has

‘/O,ma:c = watSd = MtPSa (419)

in which PS, = w28, is the pseudo-spectral acceleration.
For the prototype frame, one can obtain the maximum allowable peak
ground acceleration, vg4,, as
Voy .
—gmaz (4.20)

Vyy =
ga
%,ma.‘c

Substituting Eq. 4.19 in Eq. 4.20 results in the following relation for ¥gq.

oo = T (4.21)
T MPS, T

Inelastic Range

In the inelastic range, seismic analyses are conducted using the dué—
tility spectra shown in Fig. 4.6. The development of these spectra has been
discussed by Bertero et al. (1978) and is only briefly summarized here. With
damping, the equation of motion for the equivalent single-degree-of-freedom

system is given by

Ll'i}l + 2L1L¢J1€1}1 + ‘/0 = —Mt’i}g (422)

in which ¢ is the damping ratio. By introducing the dimensionless variables

v = ;‘f; and p = —“7:0; and using Eq. 4.15, one can rewrite the above equation in

the non-dimensional form:
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2 5
H4 2w by twip=——1 29 (4.23)

N Vgmaz

in which the resistance factor, 7, is defined as

Voy

— . (4.2
73gma1:Mt (4 4)

n=
Based on the above equation, Bertero et al. (1978) have computed the ductility
demand, Ymqz, for structures of different frequencies and resistance factors, 7,
using the El Centro and Pacoima Dam records. With these spectra, one can
obtain 5 for a given elastic period and ductility, and calculate the maximum
allowable ground acceleration with Eq. 4.24. |

4.5.3 Short-Duration Pulse Excitation. A short-duration pulse
is a relatively high acceleration which is applied in a very short period of time
when compared to the natural period of a structure, as shown in Fig. 4.7.
The allowable impulse that an elastic-perfectly plasticly plastic single-degree-
of-freedom system can resist can be calculated, based on the conservation of

energy principle, as

=% /e, (4.25)
wy

in which I ‘= M, [5¢ 3,dt is the impulse and p is the displacement ductility of
the system.

4.5.4 Long-Duration Pulse Excitation. A long-duration pulse
is a ground acceleration applied for a relatively long duration, as shown in Fig.
4.8. Tt is assumed that the duration of the pulse, tg, is much larger than the

natural period of the structure, T', and the amplitude is more or less constant.
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The maximum allowable pulse acceleration, ., that an elastic-perfectly plas-
tic single-degree-of-freedom system can resist can be calculated, based on the

conservation of energy principle, as

Vo, 1
e = 3201 - 5) (4.26)

4.6 Comparison of Results

With the period, yield base shear, and ductility calculated with the
methods presented in the previous sections, the performance of the prototype
frame has been analyzed under the aforementioned dynamic loadings with dif-
ferent design conditions. The results are presented in Tables 4.2 and 4.3. The
maximum allowable ground accelerations that the prototype frame can resist
at different limit states are summarized in Table 4.2. In this table, v, and
vge are the lateral displacements at the level of the first story corresponding
to the maximum resistance and 80% of the maximum resistance, respectively.
'I"hese' results are also shown in Fig. 4.9 for the El Centro ground motion and
in Fig. 4.10 for the Pacoima Dam record. The mass of the infill panels is also
included in the analyses. However, the influence of the additional mass on the
results is insignificant. The comparison of the results shows that, in the elastic
range, the addition of the infill has reduced the maximum allowable ground
acceleration that can be resisted by the frame in most of the cases. On the
other hand, increasing the vertical load has increased the maximum allowable
ground acceleration for the elastic limit state.

At the limit state corresponding to the maximum resistance, only the
strong infill has improved the performance of the frame. At the ultimate limit

state corresponding to 80% of the maximum resistance, the addition of an infill
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Table 4.3. Maximum Pulse Levels Resisted by Prototype Frame.

Specimen Equivalent SDOF System for Prototype Frame
Modal Level of Maximum Ground Motion
.| Quantities
Test Infill -t - =
;S Frame p lel v Mass Via _VIL Via=Vm V12 =Vg
0. an ly M t I * . *% I * . *% Iv* . *%
(m-) (pr—scc%m.) (Klp-sec) (vga/ g) (Kip-sec) (Vga/g) (Klp-sec) (Vga/ g)
1 { weak | none | 142{ 1.36 13.7 0.15 - - 2677 | 02t
3 | weak | strong | 008 146 | 51 | 019 113 | 033 | 280 | 037
8 | weak | weak | 0.16] 140 5.7 0.14 204 0.25 29.5 0.26
9 | weak | strong| 0.09| 146 53 0.20 18.6 0.36 38.8 0.39

++Long-Duration Pulse
+ Basedon 2% drift limit

d

* Short-Duration Pulse, 1= Mfig(t) dt
0
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has improved the performance of the frame in all cases. For this limit state,
the stronger the frame or the infill is, the higher is the seismic resistance.

The prototype frame, whose properties have been derived based on
the monotonically loaded specimens, has been analyzed under short- and long-
duration pulses. The results, presented in Table 4.3, show that with the limit
states based on the elastic limit and the maximum resistance, the bare frame
can resist a bigger impulse than the infilled frames. At the ultimate limit state
corresponding to 80% of the maximum resistance, infilled frames can resist a
stronger impulse than a bare frame. For the case of a long-duration pulse, the
results indicate that the infilled frames perform considerably better than the
bare frame. Furthermore, it is observed that the strength of an infill panel has
a significant influence on the seismic resistance.

The seismic analyses have been conducted with the assumption that
only the middle bay of the prototype frame is infilled. However, if the frame
is infilled in two adjacent bays in every story, the test results from the two-
bay specimens can be used. As shown in Table 4.1, the difference between the
stiffnesses of the one-bay and two-bay specimens of identical design is not large
enough to create a big difference in the fundamental period of the prototype
frame. On the other hand, the yield resistances of the two-bay specimens
are much higher than those of the one-bay specimens. Therefore, the seismic
resistance of a proﬁotype frame which has infills in two bays would be higher
than the frame with only one infilled bay. Nevertheless, in the case of strong
panels, the ductility of the two-bay frame is considerably lower than those of
the one-bay frames (see Table 4.1). In this case, it is possible that the seismic

resistance of the former could be lower than that of the latter.
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CHAPTER 5
SIMPLE ANALYTICAL METHODS

5.1 Introduction-

As demonstrated by the experimental results, the lateral stiffness and
strength of an infilled frame depend, to a large extent, on how the frame and
panel may interact with one another. This is an extremely complicated behav-
ior. A complete analysis of this requires a detailed finite element model which
accounts for the cracking of the frame and the infill as well as the separation
of the frame-panel interface, which will be considered in Chapter 6. However,
a number of simplified methods, which consider one type of frame-panel inter-
action mechanism or the other, have been proposed previously (Stafford Smith
1966; Fiorato et al. 1970; Liauw and Kwan 1985) for practical reasons. These
methods are reviewed in this study. In addition, based on recént experimental
observations, new methods have been developed in this study to account for
the sliding and diagonal shear failure of the infill and the shear failure of the
columns. To examine the predictive value of these formulas, they are compared
to the experimental results presented previously.

To assess the lateral strength in a realistic manner, it is necessary to
have a means to identify the failure mechanism of an infilled frame. For this
purpose, some of the most likely failure mechanisms have been identified for
single-bay, single-story infilled frames, and corresponding analytical formulas

have been derived for strength predictions. The strength formulas have been
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used to evaluate the lateral resistances of the single- and two-bay infilled-frame
specimens that were tested in this study. Predictive formulas for lateral stiffness
have also been examined.

For convenience in the following discussions, the design of a test spec-

imen is denoted by a three-letter label. For the first letter, "w” refers to a weak

N " »
]

frame and to a strong frame. For the second letter, "w” refers to a weak
infill and ”s” to a strong infill. For the third letter, ”1” refers to the aspect
ratio of 2/3 and ”s” to the aspect ratio of 1/2. For example, a weak frame
specimen infilled with a weak panel of aspect ratio equal to 2/3 is designated

by "wwl”.

5.2 Lateral Stiffness

One well recognized method for assessing the lateral stiffness of an
infilled frame is based on the equivalent diagonal strut concept (Polyakov 1960;
Holmes 1961; Stafford Smith 1966), which is shown in Fig. 5.1a. Stafford
Smith (1966) has shown that the effective width, w, of an equivalent strut that
represents an infill depends on the contact length between the frame and the
infill, which, in turn, depends on the relatfve stiffness of the two components.
Based on the analogy of a beam on an elastic foundation, Stafford Smith has

proposed the following relation between the contact length, «, and the relative

a_r _n,| ELh
h~ 2\h "~ h\ 4E,tsind (51)

in which Ak is a non-dimensional parameter representing the relative stiffness

stiffness.

of the infill with respect to that of the frame, E; and F,, are the moduli of

elasticity of the frame members and the infill, respectively, I, is the moment
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of inertia of the uncracked column section, h is the height of the frame, ¢ is
the thickness of the infill, and 6 is the angle of the frame diagonal with respect
to a horizontal axis. Assuming a linear as well as a parabolic distribution of
the contact stress, Stafford Smith has calculated the average strain along the
diagonal, based on theory of elasticity and the finite difference approximation.
The contact lengths calculated with the aforementioned distributions were in
good agreement with the experimental results. Based on this, the width of an
equivalent ciiagonal strut has been established to arrive at the same diagonal
strain. However, the theoretical results based on theAabove contact length
do not show a good correlation with Stafford Smith’s experimental data with
respect to the effective width of the equivalent diagonal strut. Therefore, a set
of empirical curves, as shown in Fig. 5.2, relating the relative stiffness (Ah) to
the effective width of an equivalent diagonal strut have been proposed (Stafford
Smith 1967). These curves are used here to evaluate the effective width of the
equivalent strut and, thereby, the lateral stiffness of the infilled frame specimens
presented previously. However, it must be pointed out that these curves are
based on experimental data derived from small-scale specimens of steel frames
infilled with mortar panels, with the relative stiffness, Ak, ranges from about
4 to 14. The relative stiffness of the masonry-infilled R/C frame specimens
tested in this study ranges from 2 to 3.6. Therefore, these curves may not be
applicable to the specimens conéidered here.

Mainstone and Weeks (1970) have proposed some empirical relations
to find the effective width of an equivalent strut based on similar ideas. The

relation proposed for R/C frames infilled with masonry is
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w = 0.175(2L,, sin §)(Ah)~%* (5.2)

in which L,, is the length of the infill, and w is the effective width of the
equivalent strut, both in inches. This relation results in a lower value for the
effective width than the empirical curves discussed above.

With the equivalent strut concept, an infilled frame is represented
by a diagonally braced structure, whose lateral stiffness is calculated by the
following relations depending on the rigidity of the joints. These r.elations have
been derived by Stafford Smith (1966) by considering the strain energy due
to the tension column, the equivalent diagonal strut, and the bending of the

frame. In the case of hinged joints, the lateral stiffness is given by

1

K, = ———
(A+ B)

(5.3)

In the case of rigid joints, with the assumption that the flexural resistance of
the frame and the resistance of the braced frame with hinged joints are parallel,

he has proposed that

A+B+C
s = —m———— 4
K= Gar B (54)
In Eqgs. 5.3 and 5.4,
h(tan §)? d R3(3I,h + 21.L)
= ———m—— e IS = 5-5
A A Ey B wtE,(cos §)% ¢ 12E¢1.(6I,h + I.L) (5:5)

in which I, is the moment of inertia of the beam section, d is the diagonal
length of the infill, and L is the span length of the frame as shown in Fig.

5.1a. A represents the lateral flexibility related to the axial deformation of
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the tension column, B accounts for the lateral flexibility due to the diagonal

strut, and C' is the lateral flexibility due to the flexural deformation of the rigid

frame.
v
— _iF
h
£
e »
L
(a) Diagonal-Strut Model (b) Shear-Beam Model

Figure 5.1. Diagonal-Strut and Shear-Beam Models.

With the above formulas, Stafford Smith has found that the joint rigidity does
not have a significant influence on the lateral stiffness.

Another simple method for assessing the lateral stiffness of an infilled
frame is based on a shear-beam model (Fiorato et al. 1970), which is shown
in Fig. 5.1b. In this model, one can obtain the following expression for the
lateral stiffness.

' 1
Ky = 53—~ (5.6)

Ksn Ky

in which K, and Ky are the shear and flexural stiffnesses of a cantilever
beam. In this case, the beam is assumed to be a composite section consisting
of a masonry panel and R/C columns. However, for shear stiffness, K, only

the wall section is considered with the assumption that shear is uniform across
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the wall; whereas, for flexural stiffness, Kj;, the whole composite section is

used. As a result, these stiffnesses are given as

AuGu 3E.I
hu Kn="

Ko = (5.7)

in which h,, Ay, and G,, are the height, horizontal cross-sectional area, and
shear modulus of the infill, F. is the modulus of elasticity of concrete, and A
and I are the height and moment of inertia of the composite beam.

The methods described above weré used to calculate the lateral stiff-
ness of some of the infilled frame specimens which were tested in this study.
The results are summarized in Table 5.1. The experimental stiffness in this ta-
ble is the secant stiffness. For the case of cyclic loading, the secant stiffness is
defined as the slope of a line connecting the extreme points of a small-amplitude
displacement cycle in which the peak load is about 50% of the maximum lateral
resistance. The stiffness of the frame members influences the effective width of
the equivalent strut and, consequently the lateral stiffness of the infilled frame.
However, as shown by the results in Table 5.1, the contribution of the flexural
resistance of the frame itself to the total lateral stiffness is insignificant. The
elastic moduli of concrete and masonry used for the above calculations are
based on the average of the material test results, which are shown in Table 3.2.
The moment of inertia of the R/C beams and columns, I; and I, are based on
gross uncracked sections.

For a better evaluation of the formulas, the ratio of the secant stiff-
ness, K, of the infilled frames obtained from the experiments to stiffness K,

evaluated with the Stafford Smith’s equivalent strut model, considering only

-
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Figure 5.2. Effective Width-vs-Relative Stiffness Curves for Frames of Different
Aspect Ratios (Stafford Smith 1967).



Table 5.1. Lateral Stiffness of Test Specimens.
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Lateral Stiffness (kips/in.)
Specimen —
Stafford Smith’s Method Mainstone’s| Fiorato's
Experimental Columns & |Rigid Frame| Method | Shear Beam
No. | Label SutOnly | "o | gsmm |StrutOnly | Method
4 wwl 430 127 126 180 62 495
5 wsl 1280 585 537 591 314 2533
6 swi 480 144 143 218 66 502
7 ssl 1460 624 584 661 330 2652
10 WWs 395 135 132 182 64 693
11 WSS 1470 563 512 562 322 3729
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the flexibility of the diagonal strut, are presented in Fig. 5.3. It can be ob-
served that the secant stiffness obtained from the tests, in general, is a lot
higher than that predicted by the strut model. The trend is quite consistent
for specimens with a virgin frame. Specimens 3, 8, and 9, which had repaired
frames, exhibited a much lower stiffness ratio than the rest. This indicates
the influence of the stiffness of the frame on the overall stiffness of an infilled
frame. Furthermore, Fig. 5.3 indicates that the stiffness ratio for Specimen 12
is a lot higher than that for Specimen 11. This is due to the fact that the strut
model does not consider the influence of axial loads, which, in reality, have an
important influence on the behavior of R/C frames and masonry infills.

The ratios of the secant stiffness, K, of the infilled frames to stiff-
ness K, evaluated with the shear-beam model are presented in Fig. 5.3 as
well. Generally, the shear-beam model overestimates the stiffness. This can be
attributed to the lack of a perfect bond in the frame-panel interface in reality.

Under seismic excitation, a higher stiffness usually attracts larger lat-
eral forces. Therefore, the method based on the shear-beam model, which

overestimates the stiffness, is conservative in this respect.

5.3 Lateral Strength

From the experimental results presented in Chapter 3, it can be ob-
served that the lateral strength of an infilled frame strongly depends on the
type of the failure mechanism developed, which, in turn, is dependent on how
the frame and the infill interact with one another.

5.3.1 Interaction between Infill and Frame. | To assess the
nature of the intéraction bétween a frame and the infill in the single-bay speci-

mens, two simple mechanisms are considered here as baselines for comparison.
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These are the flexural mechanism of a bare frame and the simple resistance
mechanism governed by the sliding-shear failure of an infill. The ratios of the
actual lateral resistance V,,, developed by an infilled specimen to the resistances
provided by these mechanisms can provide some information on the nature of
the frame-panel interaction. To evaluate the lateral resistance of an infilled
frame based on the simple sliding-shear mechanism, the vertical load was dis-
tributed between the frame and infill in accordance with their axial stiffnesses.
Based on the Mohr-Coulomb Criterion, the sliding-shear strength V,, of an infill

can be expressed as

Vi = CAy + 0P (5.8)

in which A, is the horizontal cross-sectional area of the infill, and P, is the
vertical load acting on the infill. The cohesive strength, C, and the initial
coeflicient of friction, yo, are determined to be to 50 psi and 0.9, respectively,
based on the average results of the direct shear tests conducted on masonry
mortar joints (see Table 3.4). The flexural resistance, Fy, of the weak frame
is based on the actual strength of Specimen 1. The resistance of the strong
frame was computed theoretically and increased by 15% to account for the
possible discrepancy between the actual and theoretical strengths as reflected
by Specimen 1 (see Chapter 4). The sliding-shear strength V,, of the infill is
added to the flexural strength FYy of the bare frame to obtain the total strength.

The strength ratios (Via/(Vw + Fy)) are shown in Fig. 5.4. It can be
observed that specimens that had weak frames and weak panels have a strength
ratio of about one. On the other hand, specimens which had weak frames and

strong panels exhibit ratios less than one. The failure mechanism of this type
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of specimen (see Fig. 3.26) is very much dominated by the diagonal/sliding
cracks in the infills and the shear failure of the columns. In this case, the shear
failure of the columns prevented the development of an effective load-resisting
mechanism. On the other hand, in Specimen 7, the strong columns led to
the development of a diagonal strut mechanism (see Fig 3.28), which results
in a high strength ratio. This reflects a complicated frame-panel interaction
mechanism. Figure 5.4 also contains the ratio of the maximum lateral strength,
Via, of the specimens to the flexural strength, Fy, of the corresponding bare
frame. These ratios show the effectiveness of an infill in increasing the lateral
strength of a frame.

In summary, it can be concluded that in a weak-panel specimen, the
interaction of the infill and the frame introduces no significant influence on
the lateral strength. In this type of specimens, the lateral strength is almost
equal to the sum of the strengths of the individual components. For a strong-
panel specimen, the interaction can significantly enhance the lateral strength,
provided the frame is sufficiently strong. However, if a frame is weak, the
interaction of the frame and the infill can lead to the shear failure of the wind-
ward column. This prevents the development of a diagonal strut mechanism,
which is believed to be the most effective load carrying mechanism of an infilled
frame.

Most of the dnalytical models proposed for infilled frames are based
on one type of the frame-panel interaction mechanism or the other. Some
of these models and the corresponding formulas for the lateral strength are

discussed in the next section.
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5.3.2 Analytical Models. Different analytical models have been
proposed for predicting the strength of a single-story, single-bay infilled frame.
Fiorato et al. (1970) have used an equivalent beam model to estimate the
precracked stiffness and the cracking strength of an infilled frame. To estimate
the ultimate strength of an infilled frame, they have proposed a knee-braced
frame model to simulate the short-column effect observed in their experiments.
In this model, it is assumed that failure is dominated by a horizontal fracture
developed at the mid-height of an infill (which is mechanism B1 in Fig. 2.1),
and the resistance of an infilled frame is governed by the bending resistance of
two short columns. Polyakov (1960) has proposed a diagonal strut model, in
which the infill panel is substitu.ted by an equivalent diagonal strut. Analytical
techniques have been developed by Stafford Smith (1963,1969), Holmes (1961),
and Mainstone and Weeks (1970) to estimate the effective width of the diag-
onal strut. This model is only capable of capturing the diagonal compression
failure of infill panels (i.e., mechanism E in Fig. 2.1). Schmidt (1989) has used
an additional strut to induce column failure. Wood (1978) has used plastic
analysis to find the collapse loads of infilled frames. In his model, a failure
criterion is adopted for brick infills. Liauw and Kwan (1985) have simplified
this technique to analyze multi-story infilled frames by proposing four types
of failure mechanisms, which involve plastic hinges in frame members and the
crushing of infill at loaded corners.

Nevertheless, none of the aforementioned models can capture all pos-
sible failure mechanisms of infilled frames. Some of these models, such as the
equivalent diagonal strut model, have been calibrated with test results obtained

from steel frames with mortar infills. Most of these models preclude the shear
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failure of columns, which are not uncommon in R/C infilled frames.

5.3.3 Failure Mechanisms. Amongall the possible failure mech-
anisms shown in Fig. 2.1, five of them are selected as the most possible cases
and are shown in Fig. 5.5. Mechanisms 1 and 2 can be represented by the knee-
braced frame model proposed by Fiorato et al. (1970); Mechanisms 3 and 4 can

“be represented by the plastic models proposed by Liauw and Kwan (1988); and
Mechanism 5 is dominated by the slip along bed joints. With the assumption
that plastic hinges are developed in the columns only, these mechanisms are
applicable to frames with a weak column-strong beam design. However, these
mechanisms are also applicable to infilled specimens with a strong column-weak
beam design. This is due to the fact that in these specimens, the infill panels
restrained the beams from bending and, thereby, postpone the development of
plastic hinges in the beams. It must be understood fhat the maximum lateral
resistance of an infilled frame may occur long before the formation of a com-
plete failure mechanism. For example, the maximum resistance can occur at
the initiation of the first major crack in an infill or at the onset of the crushing
of the diagonal strut.

Analytical methods proposed for assessing the ultimate resistance pro-
vided by the aforementioned mechanisms are presented in the following sec-
tions. Some of the methods have been proposed by other investigators. These
include the method proposed by Fiorato et al. (1970) for predicting the first
cracking load, the method proposed by Stafford Smith (1969) for estimating
the diagonal crushing load, and the plastic analysis method proposed by Li-
auw and Kwan (1985) for calculating the failure loads of Mechanisms 3 and 4.

In addition to these, methods have been developed in this study to compute
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the resistance provided by Mechanisms 1, 2, and 5. Even though these mech-
anisms and the corresponding load resistance formulas are originally derived
for single-bay infilled frames, they can also be used to approximate the lateral
resistance of the two-bay specimens as reflected by the following results.
5.3.4 Cracking Load. The cracking load of an infilled frame
is the lateral load at which the first major diagonal/sliding crack initiates in
the infill. This load can be approximated with the sliding resistance of the wall
as proposed by Fiorato et al. (1970). This approach is adopted here by using
the model shown in Fig. 5.6. In this model, the beam is assumed to be rigid
and the wall is represented by a diagonal strut and a vertical strut, which are
connected by a hinge. As shown in Fig. 5.6, P is the total vertical load applied
on the infilled frame and V is the lateral load, P, is the axial load in a column
due to the applied vertical load P, Py is the vertical component of the load
carried by the compression strut, and P,, is the portion of the total vertical
load carried by the wall (i.e. P = 2P, + P,,). The cracking load of the infill,

Viwer, is estimated with the Mohr-Coulomb criterion as

Vwcr = CLwt + [Lon (59)

where

Py = Py, + Py (5.10)

It is assumed that the vertical load on an infilled frame is distributed between
the horizontal cross section of the wall and the columns in accordance with their
relative axial stiffnesses. The lateral load applied to an infilled frame results in

a diagonal force in the strut. Based on these considerations, at cracking load,
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Figure 5.5. Selected Failure Mechanisms.
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Vwers Puy and Py, are expressed as

PA,

Ppy= P .
A, + 24, (5:11)
Vwerh
where
Ay = Lyt
E.
Aceq = ACE

g

A, = hobo + A,(% ~1)

in which E, is the elastic modulus of the reinforcing bars, h. and b, are the
depth and the width of the concrete columns, A, is the cross-sectional area of a
R/C column, A, is the equivalent area in masonry for the R/C columns, and
A, is the cross-sectional area of the longitudinal bars in a column. Combining
these équations with Eqs. 5.9 and 5.10 results in

_ C+Aw+2

P
- LA, (5.13)
L

wer —

5.3.5 Crushing Load. The lateral load V,,s, corresponding to
the diagonal crushing of an infill can be calculated based on the equivalent

'diagonal strut concept proposed by Stafford Smith (1962) as

Verush = Wt fl cos @ (5.14)



115

Rigid beam lp : | p
. T
Wall
h Colurr{
\ Pc1
0 ¥
< L - Vh/L Py 'Pw1=Vh/L

Figure 5.6. Vertical Load Components Acting on the Wall.

in which f/ is the .compressive strength of the masonry. The effective width,
w, of the diagonal compressive strut (see Fig. 5.1) can be obtained from the
empirical curves presented by Stafford Smith (1967) (see Fig. 5.2) based on
the relative stiffness of the wall with respect to that of the frame.

- 5.3.6 Residual Shear Resistance of Cracked Wall. After
the fracture of the infill, the cohesion is lost and the coefficient of friction is
reduced due to wearing. Therefore, the residual shear force of the wall, V.,
can be expressed as

TtiAe
Vor = -ll_*—ﬂi_%&Aw (5.15)
which is derived from Eq. 5.13. In this equation, g, is the residual coefficient of
friction of the mortar joints, which is determined based on the average results

of the direct shear tests (see Table 3.4).

5.3.7 Failure Mechanism 1. This mechanism and the corre-

sponding model that is used for calculating the lateral resistance are quite
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similar to those proposed by Fiorato et al. (1970). Nevertheless, the residual
shear resistance of the infill, which has been neglected in Fiorato’s method,
is considered here. As shown in Fig 5.7, the lateral resistance corresponding
to Mechanism 1 is the sum of the shear forces in the columns and the shear
resistance of the wall. The resistance of the frame is governed by the plastic
hinges formed at one end and the midheight of each column. However, the de-
velopment of plastic hinges in the columns usually occurs at a relatively large
lateral displacement. Therefore, the infill is assumed to be cracked at that time
and the residual shear force of the cracked infill should be considered as the

shear resistance of the wall. Hence, the lateral resistance is given as

V;l,l = Vir + Fcc + Fy , (516)

in which V,,, is obtained from Eq. 5.15, and F,. and F,; are the shear forces
in the leeward and windward columns, respectively. In Mechanism 1 (see Fig.
5.7), for the column segment AB, taking moment about A results in the fol-

lowing expression for F.

4M pct

Fct= A

(5.17)

in which M, is the plastic moment developed in the windward column consid-
ering the effect of the axial force. Taking moment about D in column segment

CD results in the following relation for F,..

F, = (5.18)

in which M, is the plastic moment of the leeward column for which the influ-

ence of the axial compressive load is ignored for simplicity.
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5.3.8 Failure Mechanisrh 2.  This mechanism has been identi-
fied in this study based on experimental observations. As shown in Fig. 5.7,
the lateral resistance, V,3, provided by Mechanism 2 is the sum of the ultimate
shear resistance of the windward column, the sh;aa,r force in the leeward col-
umn, and the residual shear resistance along the horizontal crack in the wall.

Hence,

‘/1.;2 = VJ,,- + Fcc + V;:t ' (519)

in which V,,, is the residual shear resistance provided by the horizontal crack

in the wall:

urP
V! = AutBleg 4 , (5.20)

1 — gh Y
2L
The above equation is similar to Eq. 5.15. The difference is that only one-half
of the vertical component of the diagonal force is considered here, assuming
that the diagonal force is divided equally between the two segments of the
wall separated by the diagonal crack. Fi is the same as that described in

Mechanism 1, and V,; is the ultimate shear resistance of the windward column

approximated by

Ve = 0.8V, + Vo (5.21)
in which V,, and V. are the shear resistances of the column provided by the
shear reinforcement and the concrete, respectively. These are calculated based
on the provisions of ACI 318-89 (1989) as

d
Ves = fyt,A,,; (5.22)
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th

Veo =21+ 5004,

W flbed (5.23)

in which A; = h.b. is the gross cross-sectional area of the column, f,, is the
yield strength of shear reinforcement, s is the spacing of shear reinforcement
in the columns near the beam-to-column joints, A, is the area of shear rein-

forcement within a distance s. Furthermore,

h
N = ‘/-uZZ + Pa (5.24)

is the tensile force in the windward columns, d is the distance form the centroid
of tension reinforcement to the extreme compression fiber of concrete in the
column section, and f! is the specified compressive strength of concrete. In Eq.
5.23, all dimensions are in inches, f! is in psi, and V.. and N, are in pounds.
The factor 0.8 in Eq. 5.21 is to reduce the shear capacity of the section due to
the fact that not all the ties which intersect the diagonal crack in the column
have the necessary development length to reach the yield capacity.

5.8.9 Failure Mechanism 3. In Mechanism 3, as shown in Fig,.
5.8, masonry is assumed to reach the crushing strength along the length y at
the wall-to-frame interface, and plé,stic hinges are assumed to develop in the
columns ne#r the beam-to-column joints and at points B in the columns. This
mechanism, which is based upon the plastic analysis method, has been pro-
posed by Liauw and Kwan (1985). It is assumed that there is no significant
shear transfer between the beam and the wall. The contact stress is assumed
uniform, which implies that the entire region has reached the plastic state.
Point B in the windward column is the location at which the moment is max-

imum and the shear is zero. Taking moment about A in column segment AB
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results in

futy?/2 = 2M,, | (5.25)
For simplicity, the plastic moment of the columns, M,., is evaluated without

considering the influence of the axial load. Based on Eq. 5.25, the contact

length can be evaluated as

4M,.
y= —f_;T (5.26)
Considering the equilibrium of column segment AB, one obtains
4M,.
Via = ufat =[5t (5.27)

Defining m, = i,M-E% and substituting it in the above equation, one has
g TTih? g

Vis = mof.th, (5.28)

5.3.10 Failure Mechanism 4. Mechanism 4 is based on the
plastic analysis method proposed by Liauw and Kwan (1985). In Mechanism
4, as shown in Fig. 5.8, plastic hinges are assumed to develop at both ends of
the columns and the masonry is assumed to reach crushing at the compression
corners. No significant shear transfer is assumed between the beam and the
infill. It is assumed that the contact stress at the wall-to-column interface has a
parabolic distribution along the contact length ah with a maximum intensity
of f;. at the corner. This distribution of the compressive stress is based on
the assumption that the rotation of the column induces a linear variation of
cbmpressive strain in the masonry panel. Taking moment about A in column

AB results in
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F.h + % f,'ntah—gah =2M,, (5.29)

in which F is the shear force in each column. Again, for simplicity, the plastic
moment of the column, M,., is evaluated without the consideration of the
axial load. Hence, considering the equilibrium of column AB in the horizontal

direction results in

9 2 .
Via = 2 futeh + 2F, = m2fhth + (5 = ) fnth (5.30)

~in which « is the ratio of the contact length to the height of the frame. The
contact length is approximated by the analogy of a beam on elastic foundation
and can be evaluated with Eq. 5.1 based on the relative stiffness of the wall
with respect to that of the frame.

5.3.11 Failure Mechanism 5. As shown in Fig. 5.9, in Mech-
anism 5, the frame and the infill are considered as two parallel systems with a
displacement compatibility at the compression corners. Hence, the lateral re-
sistance of this mechanism is considered to be the sum of the flexural resistance

of the frame and the residual shear resistance of the fractured wall as

Vis = Vir + F; (5.31)
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Figure 5.9. Failure Mechanism 5.

in which V,,, can be obtained from Eq. 5.15. The resistance of a bare frame,

Fy, with plastic hinges at the end sections of the columns can be expressed as

Fy= (5.32)

In the calculation of M., the influence of the axial loads is ignored. The
vertical load distribution on the wall and the columns is Based on the model
shown in Fig. 5.6.

5.3.12 Two-Bay Infilled Frames. For two-bay infilled frames,
it is assumed that both bays will fail with the same mode, which can be one of
the five failure mechanisms introduced for single-bay infilled frames, as shown
in Fig. 5.5. This assumption is used here to derive the formulas for the
strength prediction of the two-bay specimens. However, with Mechanisms 1
through 3, the assumption of identical mechanisms in both bays results in two
incompatible failure modes for the middle column. In the following derivations,

this inconsistency is ignored. Furthermore, they are based on the assumption
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that all the columns and infill panels are identical in a two-bay frame.
Cracking and Residual Shear Resistances
The vertical loads acting on the panels and the columns are calculated

with a model similar to that shown in Fig. 5.6. Based on this, the cracking

load of the infills is

C’+__JLO.P__

Aw Ace
Vior ——l%mw (5.33)
L

and the total residual shear resistance of cracked walls is

Y.
Vi = HutBlecagy (5.34)

1-

in which A, is the cross-sectional area of a single panel, h and L are the height
and length of a single bay, and A, is the equivalent cross sectional area of a
column.
Crushing Load

It.is assumed that the effective width of the equivalent diagonal strut
in a two-bay frame is the same as that in a single-bay frame. Based on this, the
crushing load of the infills are calculated to be twice as large as the crushing
load of each panel expressed by Eq. 5.14.
Failure Mechanism 1

In this case, the failure of an infilled frame is assumed to be similar

to Mechanism 1 shown in Fig. 5.5. Hence,

Vi = Vur +2F .+ Fy (5.35)

in which F,. and F,; are computed by Eq. 5.18 and 5.17, respectively, and V,,,

is calculated by Eq. 5.34.
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Failure Mechanism 2
The failure of an infilled frame is assumed to be similar to Mechanism

2 shown in Fig. 5.5. Hence,

‘/u2 = Vull,. + 2Fcc + ‘/ct (536)
in which V! is the residual shear resistance provided by the horizontal crack
in the infills:

prP
V) = Metdleagy | (5.37)

1 — &k
2L
Failure Mechanisms 3 and 4
With Mechanisms 3 and 4 and the assumption of simultaneous crush-
ing in both panels, the lateral resistances of the two-bay infilled frames are
twice as large as the loads computed by Eqs. 5.28 and 5.30, respectively.
Failure Mechanism 5
With Mechanism 5, which is governed by sliding along the bed joints

and plastic hinges at the end sections of the columns, the lateral resistance of

a’two-ba,y frame is given by

Vs = Vior + Fj (5.38)

in which V,, can be obtained from Eq. 5.34. The resistance of a two-bay
bare frame, Fy, with plastic hinges at the end sections of the columns can be

expressed as

(5.39)
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in which M, is the plastic moment developed by the columns with the influence
of the axial loads ignored.

5.3.13 Comparison of Results.  The values of the parameters,
which are used for the calculation of the failure loads, are summarized in Tables
5.2. The lateral resistances based on the selected mechanisms as well as the
cracking and crushing loads of the infill, are calculated for the specimens tested
and are summarized in Table 5.3. The minimum of the lateral resistances
calculated for different failure mechanisms defines the failure load, and the
corresponding mechanism identifies the dominant failure mode of the infilled
frame. The analytical results indicate that Mechanism 5 is the dominant failure
mechanism of the specimens which had a weak panel. In this mechanism,
large slips along the bed joints and the plastic hinges in the columns govern.
On the other hand, for the specimens which had a strong panel, the results
indicate that Mechanism 2 is dominant. This mechanism is governed by the
diagonal/sliding shear failure of the infill and the shear failure of the windward
column.

Table 5.3 also shows the actual failure loads and failure mechanisms
of the specimens. The comparison of the experimental and analytical results
shows that the failure mechanisms identified from the analysis agree with those
obtained from the experiments in all cases, except for the strong frame-strong
panel specimen, i.e., Specimen 7. For this specimen, Mechanism 2 has been
identified by the analysis as the dominant failure mechanism, whereas the ac-
tual failure is similar to a combination of Mechanisms 4 and 5. For the speci-
mens whose failure mechanisms match the experimental results, the analytical

failure loads are in good agreement with the actual lateral resistances. The
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. ** -+
Speci- | L | Ly| t | he|b |Ey| 8 [Ah{wH a| fin| fy [ d | s
Men | (n) [ Gn) | Gn) | Gn) | (n) | Gsi) | (rad) (in) (ksi) | (ksi) | (n) | (in)
wwl | 91 | 84 | 131} 7-] 7 |610]3362]229] 23. | 068 147|718{575| 25
wsl | o1 | 84 1362| 7 | 7 [1330(3362|356] 18 | 044]206|718{575] 25
swl | 92| 841131 8 | 8 |6103362]203] 26 {078]147]730] 670! 15
ssl | 02|84 (362 8| 8 [1330(33.62{3.14] 19 |050]206|730]670| 15
WWS | 1231116131 7 | 7 |610 |2619]2.19] 27 10.71) 1.47]718]575] 25
WSS 13|16 l362| 7 | 7 [1330]2619) 338 | 19 | 046 206] 7181 575| 25

a [ & B bl w | CIEC) | £y

(kips)| (in) | (in) (ksi) | (ksi) | (ksi) | (ksi)
Specimens
66 605 56 '0.9 089 0051358 ( 395 533

** Secant Modulus of Masonry Prisms
* Calculated based on Stafford Smith’s method (Fig. 5.2)
+ Yield strength of longitudinal bars in columns
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Table 5.3. Lateral Strength of Test Specimens Predicted by Simple Analytical
Models. :

Specimen + Actual Load |Actual
peoret Vwer | Verush | Vut Vi Vi3 A\ Vis \Y :a F&ﬂ:dre
No. Label [ (kips) | (kips) | (kips) _|_Gips) (kips) | (kips) [ (kips) (kips) e
4 wwl | 338 | 369 | 538 | 431 | 454 | 439 |]368 36.5 5
5 wsl | 1100 | 12 | 1012 |[674| | %4 | 1075 | 881 60.0 2
6 | swl | 201 | 417 | 755 | 634 | 594 | 557 [|4s7 66 | 5
7 ssl | 990 | ns1 | 1190 ||852]| | 1175 | 1247 | 908 100 |445
8 wwl | 338 | 369 | 538 | 431 | 454 | 439 27 1445
9 wsl | 1100 | 112 | 1012 |[674] | %04 | 1075 | 881 65.8 2
10 | wws | 320 | 467 | 525 | 455 | 454 | 438 ||353 426 5
1| wss | 967 | 1213 | 916 |{722] | 904 1088 | 754 65.8 2
o .
13 | wwl | 661 | 738 | 892 | 706 | %08 | 8.8 |[637 617 5
) wsl 2008 | 2240 | 1704 1808 | 2150 | 1488 101.0 2

% Maximum lateral resistance from experiment *

* Based on Stafford Smith's method.

*# Failure mode in Fig. 5.5 that is closest to the experimental observation
*+H Two-bay frames
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difference is within 17% for Specimen 10, 12% for Specimens 5, 11, and 14, 6%
for Specimen 13, and 2% for the others. However, a 22% difference is observed

between the analytical and experimental results for Specimen 7.
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CHAPTER 6
FINITE ELEMENT ANALYSIS

6.1 Introduction

The finite element method can be a powerful analytical tool for eval-
uating the behavior of structures under different load and design conditions.
Once a model has been calibrated with experimental data, it can be used for
numerical parametric studies to further our understanding of the behavior of a
structure under different conditions. It is particularly useful for infilled struc-
tures, whose behavior depends upon a large number of parameters.

Several investigators have used the finite element method to model
the behavior of infilled frames. Dhanasekar and Page (1986), and Liauw and Lo
(1988) have used linear and nonlinear beam elements to model the behavior of
steel frames, and simple interface elements to model the interaction between the
infill and the frame. Dhanasekar and Page have used a nonlinear orthotropic
model to simulate the behavior of brick panels, while Liauw and Lo have used a
simple smeared crack model to simulate the behavior of micro-concrete infills.
Schmidt (1989) has used smeared crack elements for both reinforced concrete
frames and brick infills. In all these analyses, infill panels have been modeled
as homogeneous materials, and the effects of mortar joints have been smeared
out. The performance of these models has only been validated with limited
test results.

Shing et al. (1994) have furthered the above mentioned work by
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modeling the R/C frame and masonry units with smeared crack elements,
and developing a cohesive dilatant interface model to simulate the behavior
of mortar joints between masonry units as well as the behavior of the frame-
to-panel interface. In the above analysis, the shear reinforcement in a R/C
frame has been represented by a smeared overlay, and the longitudinal bars in
the frame have been modeled with bar elements. For the reinforcing steel, an
elastic-hardening plastic behavior has been considered.

This study is a continuation of the aforementioned work. A néw
interface constitutive model has been developed for mortar joints to account
for the behavior that has not been apprppriately considered in previous models.
The capability of the new model has been validated by experimental results
on mortar joints and rock joints. Furthermore, a bond-slip model has been
developed to consider the relative displacement between reinforcing bars and
concrete. The influence of bond slip on the behavior of R/C frames with and
without infill is investigated. These models have been implemented in the
finite element code FEAP (Zienkiewicz 1989), and have been validated with
the experimental results presented in a previous chapter. In this study, the
concrete frame and masonry units are modeled with the smeared crack model
developed by Lotfi and Shing (1991), which is summarized in the following

section.

6.2 Smeared Crack Model for Concrete and Masonry Units

The smeared crack model developed by Lotfi and Shing (1991) has the
following features. A Jo-plasticity model with an isotropic strain-hardening/sof-
tening law is utilized for modeling an uncracked material. The plasticity model

is combined with the Rankine tension-cutoff criterion to signal the onset of
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cracking. The failure criteria are shown in terms of the principal stresses, o,

and o3, in Fig. 6.1a. The von Mises yield criterion can be expressed as

f=J— %az(ep) =0 (6.1)

in which J; is the second invariant of the deviatoric stress, o, is the effective
stress, and ¢, is the effective plastic strain. The isotropic strain-hardening/soft-
' ening is governed by o, = oc(¢p), which consists of a parabolic curve and an
exponential tail as shown in Fig. 6.1d.

A crack initiates when the maximum principal stress reaches the ten-
sile strength, f/, in a direktion normal to the maximum principle stress. The
cracked material is assumed to be nonlinear orthotropic with the axes of or-
thotropy, n —t, normal and tangential to the direction of the crack (Fig. 6.1b).
For a coaxial rotating crack model, which is considered in this study, the crack
direction and the axes of orthotropy rotate with the principal axes of strain
in such a way that the crack remains normal to the direction of the maximum
principal strain. The incremental stress-strain relation for a cracked material

in the local n — t coordinates can be expressed as:

dé = D°de (6.2)

in which & = {0y, 0; 0. }%, €= {ven € 26:4}7, and D¢ = Diag[Enn , Ey , Gnil-
In this study, E,. is modeled as an exponentially decaying function of the
normal strain (Fig. 6.1c). For the case of a coaxial rotating crack, the shear
modulus is given by Gn; = (01 — 02)/2(e1 — €2), where o; and oy are the
principal stresses, and ¢; and e; are the principal strains (Bazant 1983). Thé

tangent modulus in the direction parallel to the crack is represented by Ey.
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Figure 6.1. Smeared Crack Constitutive Model.
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The compression behavior in a direction parallel to the crack is modeled by a
nonlinear hardening/softening law similar to the uniaxial compressive behavior
given by the plasticity model for an uncracked material. Additional details of

the crack model can be found in Lotfi and Shing (1991).

6.3 Dilatant Interface Constitutive Model

Among numerous constitutive models proposed for the modeling of
the behavior of concrete, rock, and mortar joints, those capable of modeling
the initiation and propagation of fracture under combined normal and shear
stresses are limited. In this respect, the plasticity-based interface constitu-
tive models proposed by Stankowski (1990), Carol and Prat (1991), Hohberg
(1992), and Lotfi and Shing (1994) are among the few exceptions. Lotfi and
Shing (1994) have developed a plasticity-based constitutive model for concrete
and mortar joints. They used a Mohr-Coulomb-type failure surface, whose evo-
lution is controlled by a set of internal variables. A non-associated flow rule is
used in this model to properly account for the shear dilatancy effect, which can
have a significant influence on the response of a confined interface. However,
there are still some aspects of the physical behavior of interfaces which have
not been considered properly in the aforementioned model. These include the
compressive hardening behavior of interfaces, the reversal of shear dilatancy
in the case of cyclic loading, and the normal contraction of an interface under
shear sliding. These phenomena have been observed from experimental studies
on rock and mortar joints, as described in the following paragraphs.

The study conducted on rock joints by Yow and Goodman (1987)
has shown that an interface can exhibit a nonlinear hardening behavior under

compression. This is similar to classical contact problems, in which the normal



134

force-normal displacement response can show a very large stiffness under a high
compressive force. This can also be observed in mortar joints that have soft
mortar fillings, such as the head joints in masonry and the joints at wall-to-
frame interfaces.

Furthermore, experimental results on rock joints (Wibowo et al. 1991)
and mortar joints (Amadei et al. 1989) have shown that a relative shear dis-
placement results in a normal expansion which is called shear dilatancy. It has
also been shown that this dilatancy is reversible, i.e., changing the direction of
the relative shear displacement reverses the normal dilatation. In rock joints,
the presence of asperities, as shown in Fig. 6.2, is the source of this kind of
behavior. In mortar joints, this is usually caused by an inclined fracture plane.

Relative shear displacement under a high compressive stress can result
in the crushing and wearing of asperities in an interface. The level of crushing
depends on the quality of the material and the level of the compressive stress.
This results in a normal contraction. The results of shear tests conducted on
rock joints by Wibowo et al. (1991) and mortar joints by Amadei et al. (1989)
have shown the compaction of interfaces under cyclic shear displacements and
constant normal forces.

The aforementioned physical properties of interfaces are incorporated
in the constitutive model proposed here.

6.3.‘1 Constitutive Médel. The physical properties discussed
in the previous section are modeled in the following manner. The nonlinear
hardening behavior of an interface under a compressive stress is assumed to be
an elastic phenomenon. No dilatation is assumed in the elastic regime. In the

plastic regime, the total shear dilatation exhibited by an interface is considered
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to be the sum of the normal compaction and the geometric dilatation. The
latter is due to the wedging action of the asperities, as shown in Fig. 6.2.
Owing to the reversible nature of this dilatation, it is conceived as a geometric
phenomenon. This dilatation is thus represented as a function of the z.i.ngle 0 of
the asperity and the shear displacement, as shown in Fig. 6.2. Although there
is not a definite asperity angle for interfaces in general, the averaging method
commonly used in rock mechanics (Rengers 1970) can be employed to define
a representative angle for a finite length of an interface. On the other hand,
the normal contraction of an interface, due to the loss of loose particles, is an

irreversible phenomenon which can be modeled by the plasticity theory.
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Figure 6.2. Interface Asperities.

Based on the above discussions, the relative displacements between
the top and bottom faces of an interface is decomposed into an elastic part, a

plastic part, and a geometric part as follows.
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d =d"+d"+d (6.3)
where
d;, dh ds
d® = d? = dJ = (6.4)
ds &7 0

in which subscripts n and ¢ denote the directions normal and tangential to the
interface, as shown in Fig 6.3. The superscripts e, p, and g denote the elastic,
plastic, and geometric portions of the relative displacements, respectively. The

superposed dot represents differentiation with respect to time.

n n

Figure 6.3." Local Coordinate System.

Elastic Regime

In this study, the elastic response is governed by

o =Dede (6.5)

in which ¢ = {o 7}¥, where o is the normal stress and 7 is the shear stress,
and D¢ =Diag [Dy, , Dy, a diagonal matrix of elastic constants. Matrix D®

represents the linear or nonlinear elastic stiffness of an interface, which may
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depend on the stress state. It may also serve as penalty parameters to enforce
the impenetrability condition. In these respects, the elastic shear stiffness, Dy,
is assumed constant. The elastic normal stiffness, Dnn, is constant in tension
and varies with respect to the normal relative displacement in compression,

1.e.,

Kb

Drn TdE+6

for —6<d <0 (6.6)

in which K., is the initial normal stiffness of the interface, § is the closing
distance of the interface, and d, is the normal component of the elastic relative

displacement. This relation is illustrated in Fig. 6.4.

o]

o _Ku®
P

Figure 6.4: Nonlinear Elastic Compression Behavior.

Plastic Regime
Combining Egs. '6.3 and 6.5, one can express the stresses in a rate

form as
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o =Dd - d? - d% (6.7)
Yield Criterion

A three-parameter hyperbolic yield criterion proposed by Lotfi and

Shing (1994) for cohesive interfaces is adopted here. This is expressed as

Flo,q)=1"~p*o-s)?+2r(c —s)=0 (6.8)

in which r is the radius of curvature at the vertex of the hyperbola, s is the
tensile resistance, and p is the slope of the asymptotes, as shown in Fig. 6.5.
It can be shown that r = (¢ — p?s?)/2s, where c represents cohesion. In
the above formula, tensile stress is considered positive. The internal var.iables
q = {s r p}7 control the evolution of the yield surface. Asshown in Fig. 6.5,
qo = {50 70 po}? denotes the internal variables for an intact interface, while
q- = {0 r. p.}T denotes the residual values characterizing the final state of

an interface.

Non-Associated Flow Rule

To model the normal compaction of an interface due to the loss of
materials and the opening of a fractured interface, a non-associated flow rule
is proposed. Experimental results (e.g., Amadei et al. 1989) have indicated
that the higher the compressive stress is, the larger is the compaction of the

interface. To model this behavior, the plastic potential is defined as

Qo) = 3l7 + (o +aY] (6.9)

in which 7 is a parameter that controls the loss of materials and a is a small
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Figure 6.5. Hyperbolic Yield Criterion

positive constant used to define the direction of the plastic flow at ¢ = 7 = 0.
The direction of the plastic relative displacement is governed by the flow rule

as

d? = ,'\5— =im (6.10)

in which X is the plastic multiplier.

As illustrated in Fig. 6.6, as the compressive stress increases, the
compactioﬁ increases as well. The proposed plastic potential also provides a
lower compaction for materials with a higher shear strength. The contraction

of the interface occurs only under a compressive stress that is bigger than a.

Dilatancy
As it has been discussed before, the shear dilatancy is considered as
the sum of the geometric dilatation and normal plastic compaction. As shown

in Fig. 6.2, the geometric dilatation occurs only after fracture and can be
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Q=112 (n T+ (o-vaz))
o+
m= n'?}

o

Figure 6.6. Non-Associated Flow Rule

expressed as a function of the plastic shear displacement as

df, = sign(d?)d}¢ | (6.11)

Hence,

d? = Ad’ (6.12)

where

a-|? sign(dz)( (6.13)
0 0

in which ( = tan @ and 4 is the inclination angle of the asperities. Therefore,

the total shear dilatancy, d2, is

dP = sign(d)d¢ + &7 (6.14)
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With Eqgs. 7, 10, and 12, one has

& =D°(d — ABm) (6.15)
where
1 sign(d?
B =I+A= gr{di)C (6.16)
0 1

Fvolution of Internal Variables -
The evolution of the internal variables q is governed by a set of work

softening rules expressed as

—sp(l— 1 _ 2 6.17

8 = so( Gi{ sz) ( )
r=r,+ (ro —r.)e P (6.18)
po= pr + (po — pr)e™™ (6.19)

in which GJ and G} represent Mode-I and Mode-II fracture energies, a and 8
are two material parameters that control the rate of softening, and «;, k2, and
k3 are intermediate variables representing plastic work. They are computed

with the following equations.

k1 =<o0>d; (6.20)
Ky = (1 — Tpisign(r))d? (6.21)

K3 = (141 — 'r,z)sign(r)ci{J (6.22)
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in which < . > is the Macauley bracket (i.e., < z >= (z +|z|)/2)). For a given

state, 7,1 corresponds to the shear capacity under the current normal stress

when the tensile strength is exhausted, while 7., corresponds to the residual

shear capacity given by the final yield surface under the same normal stress.

The above equations can be written in a compact form as

in which

Hence,

where

that

= H(o )d® = AH(e )m (6.23)
<o> 0 ‘
H= 0 T — Tr18ign(7) (6.24)

0 (r1 — Tr2)sign(T)

q = (gg)k = Ah(o,q) (6.25)

h= (g%)Hm (6.26)

For the compression-shear region, it follows from the yield criterion

A = plo? - 2ro (6.27)

7% = p*o? - 2r,0 (6.28)

It is assumed that 7,; and 7., are zero in the tension-shear region. The tensile

softening rules given by Egs. 6.17 to 6.19 represent an enhancement of the

original proposal of Stankowski (1990) (Lotfi and Shing 1994).
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Furthermore, experimental results indicate that, for a given compres-
sive stress, the change of dilatancy with respect to the shear displacement
decreases with increasing cumulative tangential displacement (e.g., see Pande
et al. 1990). This requires that the inclination slope of the asperities decreases
with respect to the cumulative plastic work performed by shear. To this end,

the following rule is proposed.

(=G +(Co—¢)e ™ (6.29)
in which {; and (j are the residual and initial values of (, and 7 is a material

parameter which controls the rate of decrease of (.

The loading and unloading satisfy the Kuhn-Tucker conditions:
F<0, A20, Fi=0 (6.30)

6.3.2 Stress Update Algorithm/Return Mapping. In the
displacement-based finite element method, the incremental deformation is given
and the update of the stress state is strain driven. Consequently, upon dis-
cretization in time, the problem of integrating the rate constitutive relation
can be stated as follows: given oy, &£,, and d,, at time ¢ = ¢, evaluate op4; =
o, + Ao, and K.y = K, + Ak, for a prescribed value of d,.41 = d,. + Ad,
at time t = t,,41 = t,, + At,.

Splitting of Constitutive Relations

For the integration of the above constitutive relations, the return
mapping algorithm based on the operator-splitting method proposed by Ortiz
(1981) is adopted. The algorithm is based on the elastic prediction-plastic
correction that satisfies the consistency requirement. The convergence and

stability of the algorithm have been addressed by Simo and Ortiz (1985), and
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Ortiz and Simo (1986). The rate constitutive relation to be considered here

can be summarized as follows.

d=d+d"+d°

o =Ded’

d = /-\m(a, q)
q = Ah(o,q)
d? = Ad®

(6.31)

According to the operator-splitting method, the rate equations are

decomposed into an elastic part, a plastic part, and a geometric part as

follows.

Elastic Part:

Plastic part:

& =Ded

d’ =

q =

d =0

d =0

o =-Ded’
d’ =Jim(o,q)
q = h(c,q)

(6.32)

(6.33)
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Geometric Part:

d =0

o =-Dd’

d =0 (6.34)
q =0

d =0

The sum of the right-hand sides of Eqs. 6.32, 6.33, and 6.34 will
result in the right-hand side of Eq. 6.31. In Eq. 6.32 (elastic prediction),
the plastic strains and internal variables are taken to be unchanged and the
applied displacement increment is assumed to be totally elastic. For the other
two parts, there is no additional displacement increment. The sum of Egs.

6.33 and 6.34 represents the plastic correction:

d =0
6 =-D¢(d"+d°) = -AD*Bm(o,q)

d’ = Am(a,q) (6.35)
q = Ah(o,q) |
de = Adr

Linearization of Yield Function
The plastic correction for stresses and internal variables is carried out
in an iterative fashion. In every itera.tion, the yield function F is linearized

around the current states, o‘ 1 and qn +1, to obtain

A @ o, OF 1
F = F(an+1’ qn+l)+(6 ) a-s‘_)n q(n'_)*_ )(0' o.n+l)+(aq) 0'(' q(') )(q qn+1) =0

or
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F“ES?-I +' (Vs:ll) (o — 0'1(:4)—1) (5n+1) (a—- qflll) =0 (6-36)
where
_OF  _OF
" Jo " dq

For iterative correction, the rate equations for stress and internal

variables (Eq. 6.35) can be expressed by the following approximations.
41 t t t 1

5111) $1+1 = A/\D$1+1B$»+1m$1+1 (6.37)

qr(::ll) - Qr(:l-l = A’\hg+1

in which A) is an incremental plastic parameter, and D,(gl,Bﬂl,mﬂl,and
h( ni1 are the values of D,B,m,and h at the state (o S,?H,qn_H) By substituting
Eq. 6.37 into Eq. 6.36, the value of A can be obtained as

F(‘)
AN = DT BT el @ (6.38)
(Vni1) Dn+1 a1y — ( 1) hn+1
where
1 aq [ 1
)y = (5 )mHm, (6.39)

in which H is defined in Eq. 6.24.

In each iteration, evaluating matrix H based on the current stress
state, which can be far beyond the yield surface, can result iﬁ excessive plastic
work. Consequently, this causes an unrealistic change of the internal variables.

Therefore, in this model, the expression for hfg_l has been changed to

i 0q., (i i
hii = (5.)0hHaml, (6.40)
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in which H,, denotes matrix H that is based on the converged stress state in

the previous incremental step.

Substitution of A into Eq. 6.37 gives the stresses, 0’5::11 ), and internal

variables, qfl'i'll ). The process is repeated until Fﬂl converges to 0 within a

prescribed tolerance.
The Algorithm
Step 1: Displacement Update

dn+1» = dn + Adn

Step 2: Elastic Predictor
I =d;
i =d;

A = dapr — d2) — @20)

©

qn+1 = qn
¢ = ¢

0’5:21 = O'(dfz(fh

Step 3: Check for Yielding
If F& <0 , then
7y = diG), by = di), iy, = diE)

0 0 0
Ony1 = 0'514)—1, Q41 = qsllu Cnt1 = r(:+)1
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go to Step 1.

Otherwise, set ¢ = 0 and go to the next step.

Step 4: Update Stresses and Internal Variables

Fn+1

AN = = G B)
(Vs )TDn4)-1Bn+1mn+1 (€n+1)Th£L+1

5:1-11) = A/\(t)DS-)I-IBn+1m1(1-1—1
Q%1 =gl + AxORY),

,(il*f) Cn+1 (Co — G )e™ ™™

Step 5: Check Convergence

¥ | FSY|<Tol. , then

t t 1 t e -
Ony1 = 0’51+11), Qi1 = qs’t-tl), Cng1 = C(:ll)’ d'n.+1 = (De) 1""n+1

&,

9
e di,"""1 - dtn+1, dnn+1 = nn+1 +( 1 Jfﬂ)(n+l

d,’;n-{-l = Qpn+1 —'dzn-f-l hand din-{-l

Otherwise, set § =3 + 1 and go to step 4.

6.3.3 Numerical Verifications. Three sets of direct shear tests
have been selected to validate the capability of the proposed interface model for
simulating the behavior of different types of interfaces. For the calibration of
the model, data from three shear tests under different levels of normal stress are
required. In the case of mortar joints, the interface has a finite thickness and the

elastic properties can be computed directly from the properties of the mortar ‘
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itself. However, experimental results on mortar joints show that the actual
elastic stiffness is always much lower than the calculated value. Therefore,
the elastic shear and normal stiffnesses, D,, and D, of mortar joints and
rock joints are both found based on experimental results. Furthermore, it is
desirable to have data from a tension test and a shear test to deduce the values
of G’} and G? . However, in the absence of data from such tests, the values of
these parameters are obtained by trial and error in the calibration process.
The shear tests conducted by Amadei et al. (1989) on clay bricks have
been chosen to provide one set of experimental data. In these tests, the clay
bricks are 92 x 55 x 193 mm in size, and the mortar has a cement:lime:sand ratio
of 1:1.5:4.5 by volume. The results of three tests, under constant normal forces
of 18, 49, and 158 kN, have been used to calibrate the model. The values of the
parameters obtained from the calibration are shown in Table 6.1. Figures 6.7
and 6.8 show the shear force-shear displacement curves obtained from the test
and finite element analysis, respectively. As the results show, the model was
able to capture the peak and residual shear resistances, and the decline of the
shear strength. Figures 6.9 and 6.10 show the normal displacement-shear dis-
placement curves obta,inea from the test and numerical analysis, respectively.
The specimen under a 18-kN normal force is also analyzed to show the capa-
bility of the calibrated model for simulating the shear behavior under different
normal forces. The experimental and numerical results of shear force-vs.-shear
displacement for this specimen are shown in Figs. 6.11 and 6.12. Figures 6.13
and 6.14 show the normal displacement-shear displacement curves obtained
from the test and the numerical analysis, respectively. The numerical results

are in good agreement with the experimental curves. As it can be seen in Fig.
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6.9, the normal displacement drops considerably at every turning point of the
relative shear displacement. This is due to loss of materials during the shear

cycles.

Table 6.1. Material Parameters for Mortar Joints in Clay Brick Masonry.

1
Ko 5 Dt So G Gy Ho B,
(psi) (in.) (psi) (psi) (psi-in.) | (psi-in.)
12000 0.3 42000 95 1.61 16.1 0.79 0.65
a Ty I, B Co Ce Y n
0.5 42 5 2 0.6 0.025 23 300

Shear tests conducted in this study on mortar joints of hollow and
solid concrete block specimens have been used to calibrate the interface model
for the analysis of infilled frames later on. In these tests, the concrete blocks
are 4 x 4 x 8 in. in size, and the mortar has a cement:lime:sand ratio of 1:0.5:4.5
by volume. The results of three tests, under constant normal stresses of 75,
100, and 150 psi, have been used to calibrate the model. The value of the
parameters obtained from the calibration are shown in Tables 6.2 and 6.3 for
hollow and solid concrete blocks, respectively. The experimental and numerical
results for the hollow block specimen under a 100-psi normal stress are shown
in Figs. 6.15 to 6.18. Figures 6.15 and 6.16 show the shear force-shear dis-
placement curves for this specimen obtained from the test and finite element
analysis, respectively. Figures 6.17 and 6.18 show the normal displacement-
shear displacement curves of the same specimen obtained from the test and

analysis, respectively. The results for the solid block specimen subjected to a
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150-psi normal stress are shown in Figs. 6.19 to 6.22. Figures 6.19 and 6.20
show the shear force-shear displacement curves for the solid block specimen
obtained from the test and» analysis, respectively. The normal displacement-
shear displacement curves of this specimen are shown in Figs. 6.21 and 6.22
for the test and analysis, respectively. The results show the capability of the
model to simulate the cyclic behavior of a mortar joint under a constant normal
pressure.

Table 6.2. Material Parameters for Mortar Joints in Hollow Concrete Block
Masonry.

1
Knn Y Dy So G, c;“f Ho W,
(psi) (in)) (psi) (psi) (psi-in.) | (psi-in.)
27820 0.2 35000 40 1.61 16.1 0.9 0.75
o r 0 r, B z; 0 C T 'Y 'ﬂ
4 10 5 2 0.45 0.0003 3 15.7
Table 6.3. Material Parameters for Mortar Joints in Solid Concrete Block
Masonry.
n
Ko | 9 Dy | So S Gy Bo | K
(psi) (in.) (psi) (@si) (psi-in.) | (psi-in))
27820 0.2 35000 40 1.61 16.1 0.9 0.75
o Ty r, B C 0 t.» T Y 11
2 10 5 2 0.15 0.0003 3 55
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Wibowo et al. (1991) subjected a block of welded tuff (3 x 3 x 6 in.
in size) to tensile splitting to create a rock joint. They made several replicé.s of
this joint using gypsum cement with a water-to-gypsum cement ratio of 20%
and an unconfined compressive strength of 4000 psi. The results of three tests
conducted on the manufactured rock joints, under constant normal forces of
2.95, 5.9, and 11.8 kips, have been used to calibrate the model. The values of
the parameters obtained from the calibration are shown in Table 6.4. The result
of the test under the 2.95-kip normal force has been simulated by the calibrated
model. Figures 6.23 and 6.24 show the shear force-shear displacement curves
obtained from the test and analysis, respectively. The normal displacement-
shear displacement curves obtained from the test and analysis are shown in
Figs. 6.25 and 6.26, respectively. As shown in Fig. 6.25, the specimen behaved
unsymmetrically in the test. However, the numerical model can only assume
a symmetric behavior. The simulated shear behavior of the rock joints under
different normal forces are compared to the test results in Fig. 6.27 in terms
of the shear force-shear displacement curves, and in Fig. 6.28 in terms of the
normal displacement-shear displacement curves. In all cases, good agreement
is observed between the experimental and analytical results.

To examine the capability of the model to simulate a nonlinear elastic
behavior under compression, a mortar joint in a solid concrete block specimen
has been subjected to an increasing compressive stress. Figure 6.29 shows the
experimental and numerical results. For the interface model, the initial stiff-
ness has been estimated from the experimental results and the closing distance

has been adjusted to match the experimental curve. It can be seen that the



Table 6.4. Material Parameters for Rock Joint.
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I
Knn 8 Dy So G GI; Ko Ky
(psi) (in.) (psi) (psi) (psi-in.) | (psi-in.)
60000 003 | 30000 25 161 1610 0.7 036
o To r T ﬁ C 0 C r 'Y T\
0.1 20 0 0.1 0.265 0.091 0.1 150

numerical normal stress-normal displacement curve agrees with the experimen-

tal response. However, it must be noted that the compression test could be

influenced by the flexibility of the loading apparatus. Therefore, the results

might not represent the actual behavior of an interface.
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Figure 6.7. Shear force-Shear Displacement Curve for Mortar Joint in Clay
Brick Masonry under 49-kN Normal Force (Experiment).
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Figure 6.9. Normal Displacement-Shear Displacement Curve for Mortar Joint

in Clay Brick Masonry under 49-kN Normal Force (Experiment).
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Figure 6.11. Shear force-Shear Displacement Curve for Mortar joint in Clay
Brick Masonry under 18-kN Normal Force (Experiment).
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Figure 6.27. Shear Force-Shear Displacement Curves for Rock Joints under
Three Different Normal Forces.
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6.3.4 Conclusions. A plasticity-based constitutive model was
proposed and successfully implemented for modeling the behavior of a large
variety of interfaces including rock joints and mortar joints. In addition to
separation and shear sliding, this model can simulate the nonlinear compressive
behavior, reversible dilatancy, and compaction of an interface. The capability

of the numerical model was validated with experimental results.

6.4 Bond-Slip Constitutive Model

6.4.1 Introduction. It has been generally recognized that the
load carrying capacity and stiffness of a reinforced concrete structure depend
on the bond between the steel reinforcement and concrete. In the simplified
analysis of reinforced concrete structures, complete strain compatibility be-
tween the concrete and steel is usually assumed. This implies a perfect bond.
The assumption of a perfect bond in cracked zones would require an infinitely
high strain to account for a finite crack width, which would, therefore, prohibit
a crack from opening under certain conditions. In reality, different amounts
of straining develop in the concrete and reinforcing bars in the vicinity of a
crack because of ‘bond slip (Mehlhorn and Keuser 1985). The amount of slip
is related to the bond stress developed at the bar-to-concrete interface.

The bond stress-slip relation involves several parameters. These in-
clude the deformation pattern of reinforcement, bar diameter, clear concrete
cover, confining stresses, transverse reinforcement, the mechanical properties
of concrete, concrete settlement, which sometimes leaves voids underneath the
bar, and the failure mechanism of concrete surrounding the bars. The failure of
concrete surrounding a reinforcing bar is usually in the form of splitting cracks

or shearing and crushing of concrete keys between two consecutive steel ribs.
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Developing an analytical relation incorporating all these parameters is a very
difficult task. Several experimental investigations have been conducted on this
subject, and different models have been proposed based on an empirical ap-
proach, or on micro- or macro-mechanical considerations. In this study, these
models are reviewed and a simple and efficient bond-slip relation is selected.
The constitutive model is implemented in a finite element model to capture
bond slip. In this study, special considerations are paid to the bond-slip be-
havior of deformed bars.

6.4.2 Background on Bonding Mechanisms and Modeling.
The interaction between the concrete and deformed bars subjected to a pull-out
force is characterized by a behavior consisting of four different stages (Gam-
barova et al. 1989). In Stage I, where the bond stress is very low, slip is prohib-
ited by chemical adhesion. In Stage II, the bond stress is just large enough to
break the chemical adhesion and the ribs of the bar exert large bearing stresses
against the concrete. Transverse microcracks may originate at the tips of the
ribs allowing the bar to slip a little, but the wedging action of the bars against
the surrounding concrete remains limited. In Stage III, a considerable wedg-
ing action develops, which produces tensile hoop stresses in the surrounding
concrete. As a result, a confining action is exerted by the concrete on the bars
and the bond is provided by the bar-to-concrete interlock. Longitudinal crack
initiates as a result of the hoop stress. In Stage IV, the longitudinal cracks
(splitting cracks) propagate through the entire concrete cover and the bond
may fail abruptly if no transverse reinforcement is provided. The presence of
transverse reinforcement limits the opening of a splitting crack. Nevertheless,

if the concrete cover is large, the bar spacing is large, and the confinement
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pressure is high enough to resist the wedging action and the development of
splitting cracks, the failure will be governed by the crushing and/or shearing
of concrete keys between the steel ribs.

Effective Parameters

Among all possible parameters that may influence the bond behavior,
the bar diameter,-clear concrete cover, confining stress, transverse reinforce-
ment, the mechanical properties of concrete, and load history are considered
most important. The influence of other ﬁarameters, such as the end distance
(the distance of the front face of the first steel rib from the loaded face of
the surrounding concrete in a pull-out test), shear force causing the dowel ac-
tion of the bars, bar surface condition, concrete settlement resulting in voids
underneath the bars, and strain rate, are either not important or not well
understood.

Bar Diameter. Giuriani et al. (1984) have carried out an experi-
mental investigation on the bond-slip behavior of deformed bars in lightweight
concrete. They have found that for small-diameter bars and a low amount of
slip, the major part of the slip consists of the local crushing of concrete in
front of steel ribs. In this case, larger bars resulted in a higher bond stiffness.
On the other hand, for large-diameter bars and/or large slips, the splitting of
concrete governs the failure. Furthermore, they have observed that the onset
of splitting cracks, which is accompanied by a sudden change in stiffness, in
large bars takes place at a lower bond stress than that in smaller bars.

Clear Cover. Clear cover influences the onset of the splitting of con-
crete. The smaller the clear cover is, the lower is the bond stress required

for splitting. Morita and Kaku (1979) have noticed that increasing the clear
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cover increases the ultimate bond strength but not proportionally. From the
results of experimental investigations and finite element analysis, Hayashi and
Kokusho (1985) have concluded that the thickness of the concrete cover does
not affect the bond-slip behavior if a minimum cover of 2.5 times the bar di-
ameter is provided.

Confining Stresses. The lateral pressure due to external lateral load-
ings or the confinement introduced by transverse reinforcement are the major
" sources of confining stresses. In any case, the confining stress increases the bond
strength and provides a more ductile behavior by changing the failure mecha-
nism from brittle splitting to ductile shearing (Robins and Standish 1984; La
Borderie and Pijauciier-Cabot 1992). Morita and Kaku (1979) have observed
from their experimental study that specimens having bars supported at the
corners of the stirrups behaved in a more ductile manner than those with un-
supported bars or with bars supported along the legs of the stirrups. Giuriani
et al. (1991) have noticed that a small amount of transverse reinforcement
is sufficient to prevent the splitting failure. McCabe and Darwin (1992) have
explained that the ductile bond behavior in the presence of transverse rein-
forcement is due to the reduction of the crack width and the redistribution of
the wedging forces of the bar as localized fracture occurs.

Concrete Mechanical Properties. The tensile and compressive strengths
of concrete affect the onset of microcracking and splitting cracks, and the crush-
ing/shearing of concrete keys. However, it has been observed that the bond
strength is not directly proportional to the compressive strength. This is more
evident for the case of splitting cracks where the tensile strength governs. The

tensile strength of concrete is usually considered proportional to the square root
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of its compressive strength. McCabe and Darwin (1992) have used the frac-
ture mechanics approach to explain that in the case of high-strength concrete,
the bond strength does not increase with the concrete compressive strength in
the same way as in normal concrete. They explained that the fracture energy
of concrete depends not only on the tensile strength of concrete, but also on
the effective width of the fracture process zone over which the microcracks are
assumed to be uniformly spread. The effective width is in turn proportional
to the aggregate size (Bazant and Oh 1983). Although high-strength concrete
is stronger in tension, it has generally a smaller aggregate size than normal
concrete. The smaller the aggregate size is, the lower is the ifracture energy for
a constant tensile strength.

Load History. Morita and Kaku (1973) have observed that the local
deterioration of a bond depends on the magnitude of the slip that have occurred
previously. The larger the previous slip is, the greater is the reduction in the
bond stress. The bond stiffness usually changes during unloading and reloading
cycles. In general, if the bond stress in each cycle does not exceed 80% of the
ultimate strength, the deterioration of the bond is slow (Giuriani et al. 1984).

Bond-Slip Relations

Several bond-slip relations have been developed to trace the bond
behavior in the three different stages: adhesion, microcracking, and split-
ting/shearing. Most of these relations are empirical and have been calibrated
with experimental results (Nilson 1968; Morita and Kaku 1973; Shipman and
Gerstle 1977,1979; Mehlhorn and Keuser 1985). Some analytical relations have

also been developed based on the micromechanics approach (Tepfers 1979;
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Kemp and Wilhelm 1979). However, most of these analytical relations are de-
veloped only to define the critical limit states, such as the onset of the splitting
crack or the failure load. There are also methods combining empirical relations
with some theoretical aspects of micromechanics (Giuriani et al. 1991).
Empirical Relations

Various formulations have been proposed to represent experimentally
derived bond-slip relations. Nilson (1968) and Houde (1973) have presented
simple formulations expressing the bond stress as polynomial functions of aver-
age slip. In these relations, a set of coefficients have been calibrated to match
the results of tests, and the various parameters mentioned above are not ex-
plicitly considered. Later, Nilson (1971) has modified his relation to account
for the effect of the concrete strength and end distance. However, these for-
mulations are not applicable to cases of large slips.

Morita and Kaku (1973) have proposed a bilinear relation based on
their pull-out/push-in tests. They have also introduced unloading and reload-
ing laws. The deterioration of the residual bond strength was based on the
maximum level of slip that had occurred. The ultimate bond stress is not
defined in this relation. Shipman and Gerstle (1977,1979) have modified this
relation by using Nilson’s simple polynomial relation for the behavior of the
virgin bond. They have considered identical behavior for pull-out and push-
in loads. Bond failure is assumed to occur with the opening of the splitting
cracks in the absence of transverse reinforcement. In the presence of adequate
transverse reinforcement, failure is assumed to be governed by the crushing of
concrete in front of the steel ribs, or the shearing of the concrete keys. For

behavior after failure, they have used a perfect plasticity for bars which are
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supported by transverse reinforcement, and have a,ésumed a total failure for
bars not supported by transverse reinforcement. Noguchi (1985) have modified
Morita and Kaku'’s relation by adding a criterion for the behavior after failure.
Niwa et al. (1985) have used a single smooth function to express the behavior
under loading, unloading and reloading. They have also introduced a residual
slip and a residual bond for their relation. Mehlhorn and Keuser (1985) have
used the bond stress-slip relationship originally proposed by Doerr (1978) to
build their bond-slip constitutive model. Their relation starts with a smooth
curve up to a maximum bond stress. The bond stress remains constant with
increasing slip until the ultimate slip is reached. At this point, the bond stress
drops to zero. The unloading-reloading condition is defined but the residual
bond during unloading and reloading within previously attained slip limits is
considered to be zero in both directions. However, none of these relations sug-
gests an appropriate way to consider the dependency of the bond-slip behavior
and the ultimate bond stress on the material properties. They do not distin-
guish the splitting mechanism from the shearing failure mechanism. Each of
these relations has been calibrated with a special set of experiments for which
it was developed. However, among these constitutive models, the relation pro-
posed by Mehlhorn and Keuser (1985) possesses the appropriate simplicity to
represent the bond behavior without loosing too much accuracy.

Gambarova et al. (1989) have developed a constitutive model for the
bond behavior considering the presence of splitting cracks. The relation is for
the bond behavior after the development of a full splitting crack.
Micromechanics Approach

Tepfers (1979) has considered the splitting of a concrete sleeve around
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a steel bar as the bond failure mechanism. The wedging force which acts nor-
mal to the interface was considered as a hydrostatic pressure in a concrete
pipe. The wall thickness of the pipe was assumed to be equal to the minimum
concrete cover. Tepfers has derived the ultimate Bond stress required for the
cracking of the concrete aﬂong a bar. Reinhardt (1992) has modified Tepfers’
model by considering concrete as a strain softening material. Kemp and Wil-
helm (1979) have calibrated the coeflicients of Tepfers’ relation by matching
with their experimental results. All these relations estimate the failure load
for a pull-out test based on a splitting dominated mechanism with no trans-
verse reinforcement. Robins and Standish (1984) have tried to relate the bond
strength to the confining pressure based on micromechanical considerations.
They have used Tepfers’ (1979) relation to define the bond stress required for
the splitting of the concrete cover. For a confining pressure of more than 30%
of the compression strength of concrete, they have estimated that a shearing
failure will occur under a constant bond stress of 1.8 times the tensile strength
of concrete.

Giuriani et al. (1991) have used the empirical relations of Gambarova
et al. (1989) for their constitutive model. In addition, they have also considered
the effects of the transverse reinforcement and the residual tension of concrete
on the confining pressure imposed on the longitudinal bars, after the opening
of the splitting cracks, based on a micromechanics approach.

In spite of the accuracy of the micromechanical relations, they are
too complicated to use in finite element modeling, specially in two-dimensional

analysis.
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Finite Element Models

For the finite element analysis of the bond-slip behavior, one can
consider double-noded elements connecting steel to concrete. Although the
bond-slip phenomenon is strongly three dimensional, most of the finite element
analyses have been conducted in two dimensions, which cannot account for the
splitting behavior of concrete in an appropriate manner.

- The first bond-slip model used in the finite element analysis is a link
element proposed by Ngo and Scordelis (1967). It consists of two orthogonal
springs which connect concrete to a steel bar. The springs transfer shear and
normal forces. Linear and non-linear constitutive relations, and different con-
figurations of springs have been used for link elements. A bond-zone element
has been developed by De Groot et al. (1981). This element idealizes the bond
interface as a concrete sleeve with a finite dimensioﬁ around a deformed bar.
It accounts for both the frictional resistance and mechanical interlock between
the steel and concrete. The third type of bond-slip element is an isoparametric
interface element formulated and used by Mehlhorn and Keuser (1985). This
element avoids the artificial discreteness of a bond link element. It represents
a continuous bond over the entire steel-to-concrete interface. The element has
no physical dimension normal to the interface. Linear, quadratic, and cubic
interpolation rules can be used for this element by using two, three, and four
double nodes, respectively. Figure 6.30 shows a quadratic interface element
with three double nodes.

6.4.3 Proposed Finite Element Model. In this study, a one-
dimensional isoparametric interface element is selected to model a bond in-

terface. This is similar to the interface element proposed by Mehlhorn and
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Figure 6.30. Interface Element with Local and Global Coordinates.

Keuser (1985). The relative displacement of double nodes is decomposed into
two components: normal and tangential to the plane of the interface. This
element is similar to the interface element used previously for mortar and rock
joints.
Constitutive Model for Bond Interface

In this model, to restrict penetration and separation, a large con-
stant stiffness is assumed for the direction normal to an int;erface. A nonlinear
constitutive model with unloading and reloading laws, identical to the model
proposed by Mehlhorn and Keuser (1985), is adopted for the bond-slip behav-
ior. This relation is shown in Fig. 6.31. Furthermore, it is assumed that the
stress-displacement relations are uncoupled in the normal and tangential direc-
tions. The bond stress-slip relation is represented by a third order polynomial

curve as follows.

Tor _ O‘(’S(ZA':I) - 4.5(—1%3)2 + 1.4(—/%‘1—)3) for A, <A (6.41)
feo | 1.90 for A, > Ay
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O = Q10304

in which 7, is the bond stress, f.; is the tensile strength of concrete, A, is
the relative tangential displacement (slip), and A,y is the slip level at which
the maximum bond stress is reached. The bond stress, 7., is defined the
as bond force per unit length divided by the nominal circumference of the
bar. The factor « in the above relation is intended to account for some of
the physical parameters that may affect the bond behavior. «; is for the
aggregate size, the consistency of concrete, and the position of concrete during
casting; ay accounts for the geometry of the bar surface; as takes into account
the transverse pressure; and a4 accounts for the effect of the local damage of
concrete in the bond zone.

The maximum bond stress is reached at a slip level of A,1, after which
the bond stress remains constant. The bars are assumed to be confined by a
large volume of coﬁcrete or a considerable amount of transverse reinforcement.
Hence, the propagation of splitti.ng cracks is constrained and the behavior
is ductile. The unloading and reloading paths follow straight lines with a
slope equal to the initial bond stiffness (shown by lines 2 and 3 in Fig. 6.31).
Consequently, as it is shown in Fig. 6.31, the unloading of the bond stress
from point A results in a residual slip equal to OB. During unloading and
reloading at slip values between the previously attained limits, the bond stress
is assumed to be zero. In reality, however, there are small residual stresses
within this range, but their effect on the total behavior is negligible.

As it can be seen in Eq. 6.41, « affects both the ultimate bond stress

and the initial bond stiffness. However, the effects of the physical parameters



177

Tor/ far
21§ A
H
!
/
1+ /U PYLE
;

4 1 &=
-1 o 1 B Ap
2 .

3 @ Initial loading
@ Unloading
@ Reloaading

| Figure 6.31. Bond Stress-Slip Relationship (Mehlhorn and Keuser 1985)

which are represented by « are either negligible or difficult to quantify. There-
fore, a is assumed equal to one in this study. In a case that the ultimate bond

stress and stiffness have been obtained experimentally, a can be approximately

calibrated.

With a equal to one, the default value for the ultimate bond stress
is 1.9fu. It is an average value based on the empirical relations proposed
by Nilson (1968), Wahla et al. (1971), Houde (1973), Mirza and MacGregor

(1979), and Morita and Kaku (1973). These relations consider only deformed

bars of normal sizes confined by transverse reinforcement or a large concrete

cover. ,
For slip level Ay, different values have been reported. They vary

from 0.012 to 0.05 cm, leading to different values of bond stiffness. The default
value for A,; in the bond-slip relation is selected to be 0.04 cm. This is close to

the values obtained from most of the empirical relations cited above. However,

it is recognized that the bond stiffness varies with the bar diameter, specially
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in the case where failure is governed by the crushing and shearing of concrete.
The proposed bond-slip constitutive model is shown by a numerical

simulation in Fig. 6.32 for a single bond-slip interface.
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Figure 6.32. Bond Stress-Slip Relation.

6.4.4 Numerical Verifications. Hayashi and Kokusho (1985)
have investigated the effect of the end distance on the bond behavior by con-
ducting pull-out tests on 16-mm-diameter machined bars. In a pull-out test,
the end distance is the distance of the front face of the first steel rib from the
loaded face of the surrounding conﬁrete. Three of their tests are intended to
examine the ca.pability of the bond-slip constitutive model. The embedment
length in these specimens was 32 mm and the concrete cover was 2.5 times
the bar diameter. The tensile strength of concrete was equal to 22.2 kg/cm?.
A typical specimen is shown in Fig. 6.33. The end distance, the embedment

length of a bar, and the loaded face of a concrete specimen are shown in this
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figure. The loaded face of a concrete specimen represents a crack face devel-
oped in an reinforced concrete member. Three specimens with end distances of
0.5d, 2.5d, and 5d, respectively, are selected, where d denotes the bar diameter.
Since the model cannot account for effect of the end distance, slip level A,y
and the ultimate bond stress are extracted from the experimental curves di-
rectly in an empirical fashion. The ultimate bond stress of the specimens with
end distances of 0.5d, 2.5d, and 5d are 65, 80, and 100 kg/cm?®, respectively.
The values of A,; are selected to be 0.08, 0.24, and 0.38 mm, respectively, to
match the initial stiffnesses of the experimental curves. The model has been
calibrated with these values and incorporated into the finite element program
to model the bond-slip behavior. A single interface element has been used to
model the bond behavior. A two-dimensional model is used. The experimental
and numerical results for the specimens are shown in Fig. 6.34. Even though a
good match between the experimental and numerical results can be obtained, it
is evident that the model does not capture the degradation of the bond stress.
The degradation is practically due to damage in concrete surrounding the bar.

This cannot be modeled in a 2-dimensional analysis.
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The calibrated model is also used to analyze a pull-out test with an

embedment length of 112 mm. This specimen is shown in Fig. 6.35. The local

bond stress and the local slip were measured at different locations along the

bar corresponding to different end distances (see Fig. 6.35). This test has been

conducted to study the effect of the end distance on the local bond behavior.
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Figure 6.36 shows the experimental bond-slip curves. The curves are different
from one another mainly because of the different damage levels in concrete
at locations under consideration. The damage is higher near the end face of
concrete and, therefore, the bond strength is lower in that vicinity. To simulate
this test, a finite element analysis is conducted with a bond model calibrated
previously for a large end distance (5 times the bar diameter). The steel bar
was modeled by an ela,stic;hardening plastic bar element and the concrete was
modeled by a smeared crack model, as presented previously in this chapter. As
it is shown in Fig. 6.37, even with an identical model at different locations along
the entire embedment length, the bond-slip behavior is different at different
locations. This is due to the development of microcracks in the concrete and
the deformation of the concrete itself. However, the numerical model cannot
capture the true bond behavior influenced by the damage of the concrete. For a
better agreement between experimental and numerical results, the bond stress
in the model should be related to the damage level in concrete. Figure 6.38
shows the distribution of microcracks in the concrete obtained from the finite

element analysis.

1 concrete

b 444 tiid o/
15 .
30
12| a9 i M?.f:‘j“ﬂ
26 o
Deformed bar
-

Note: Dimentions are in mm

Figure 6.35. Pull-out Specimen with a Long Embedment Length.
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Figure 6.38. Crack Pattern obtained from F.E. Analysis.

6.4.5 Conclusions. A bond-slip constitutive model has been in-
troduced for reinforced concrete structures based on the bond-slip relation pro-
posed by Mehlhorn and Keuser (1985). The relation is simple and applicable to
2-dimensional analysis only. It is assumed that bond failure is governed by the
crushing or shearing of concrete in front of steel ribs, which results in a ductile
bond behavior. Therefore, this model is applicable only to the case of normal
bar sizes with a large concrete cover (at least 2.5 times the bar diameter) or
with the presence of a considerable amount of transverse reinforcement. This
condition is true in most of the practiéal problems encountered in reinforced

concrete structures.

6.5 Finite Element Analysis of Test Specimens
To examine the capability of the proposed models for simulating the
behavior of infilled structures, five masonry-infilled R/C frames that were

tested have been analyzed. These are Specimens 1, 8, and 9, which were tested
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under monotonic lateral loads, and Specimens 6 and 7, which were tested un-
der cyclic loads. The design details and test results have been discussed in
Chapter 3 of this report. Specimen 1 was a bare frame specimen. Specimens
6 and 7 had strong frames, and were infilled with weak and strong panels,
respectively. Specimens 8 and 9 had weak frames, and were infilled with weak
and strong panels, respectively. All analyses were, however, conducted un-
der monotonic loads. The concrete frames have been modeled with 9-node
quadrilateral smeared-érack elements, and the shear réinforcement has been
smeared out over concrete elements. The longitudinal bars in the frame have
been modeled with two-node bar elements. They are connected to the 9-node
concrete elements at the two external nodes. For masonry units, 4 and 9-node
smeared crack elements were used. The mortar joints in the masonry panels
and along the interfaces between an infill and the frame have been modeled by
2-double-node interface elements. To model the possible shear failure of the
columns, 3-double-node interface elements have been used at critical locations
near the top and bottom sections of the columns. Two types of analyses have
been conducted on Specimens 1, 8, and 9 with respect to the attachment of the
longitudinal bars to the concrete. In the first, a perfect bond has been assumed
between the reinforcing bars and the concrete. In the other, the steel has been
attached to the concrete through bond-slip interface elements. Specimens 6
and 7 have been analyzed without bond-slip elements.
Calibration

The material models have been calibrated with the results of the
material tests presented in Chapter 3 (Tables 3.2 and 3.3) as possible. Since

no experimental data are available for the bond-slip behavior, the default values



185

mentioned previously have been used for the bond-slip parameters. For mortar
joints, the calibraﬁion values presented in Tables 6.2 and 6.3 have been tried
to be retained as possible. However, some of these parameters have to be
adjusted to obtain a better match with the experimental results as well as to
overcome convergence problems in the numerical solution. The complete set
of parameters which have been used for the bed joints in these analyses are
shown in Tables 6.5 and 6.6. Some of the values in the above tables have been
modified to reflect weaker joints in the wall-to-beam interfaces as well as the
behavior of head joints. For the top bed joints (the infill-to-beam interface) in
Specimens 6 and 8, the tensile stfength, So, has been reduced to 20 psi, and
the initial and residual coeflicients of frictions, go and pg,, have been reduced
to 0.8 and 0.7, respectively. For the head joints in these specimens, the initial
normal and shear stiffnesses, Ky, and Dy, have been reduced to 560 and 700
ksi, so has been reduced to 10 psi, and go and y,, have been reduced to 0.8
and 0.7, respectively. The thicknesses of the bed joints, the infill-to-beam
interface, and the head joints in Specimens 6 and 8 have been assumed to be
1.25, 1.4, and 1.25 in., respectively. These are based on the average thicknesses
measured from the specimens. For the head joints in Specimens 7 and 9, the
initial normal stiffness, K,,, has been reduced to 350 ksi, s has been reduped
to 5 psi, and po and g,, have been reduced to 0.7 and 0.6, respectively. The
thicknesses of the bed joints, the infill-to-beam interface, and the head joints
in Specimens 7 and 9 have been assumed to be 3.5, 3.5, and 3 in., respectively.
Material properties which are not available from the material tests, such as the
tensile strength of the mortar joints, have been selected by trial and error to

match the global behavior of an infilled frame.
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I
Knn 8 Dy So G, <F Lo T
(psi) (in.) @si) (Psi) (psi-in.) | (psi-in))
740000 | 002 | 900000 40 1.61 16.1 09 0.75
a To I, B Co G Y n
3 10 4 1.2 005 | 0.0003 0.1 157

Table 6.6. Material Parameters for Bed Joints in Specimens 7 and 9.

1
Kon S Dy So G G; Lo 0,
(psi) (in.) (psi) (psi) (psi-in.) | (psi-in.)
500000 0.02 500000 15 0.5 5 0.9 0.75
o To I, B Co C, Y n
2.5 10 4 1 0.05 0.0003 0.5 15.7

Numerical Results

Specimen 1 has been analyzed with and without bond-slip elements.

Figure 6.39 shows the lateral load-lateral displacement curves obtained from

these analyses as well as the experimental response. The numerical results

indicate that the behavior of a bare frame is influenced significantly by bond
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slip. The result with bond-slip elements is closer to the experimental load-
displacement curve than that without bond-slip elements. The numerical result
without bond-slip elements shows a large drop in post-peak resistance. This is
due to the crushing of concrete in the compression zones of the columns. The
bond slip in the tension bars relaxes the compression stress in concrete and,
thereby, reduces the chance of sudden crushing.

Figure 6.40 shows the failure pattern of Specimen 1 obtained from the
finite element analysis without bond-slip elements. This includes the deformed
mesh, and the crack and crushing patterns. The finite element analysis has
captured the actual failure mechanism of this specimen, as can be seen by
comparing it with Fig. 3.28. |

Analyses have been conducted for Specimen 8, which had a weak
frame and a weak infill. The numerical results obtained with and without
bond-slip elements are shown in Fig. 6.41, together with the experimental
results. Using bond-slip elements for the longitudinal bars has not changed
the behavior considerably. It has resulted in a slightly softer behavior and a
better agreement with experimental results, which is hardly noticeable. Figure
6.42 shows the failure pattern for Specimen 8 obtained from the finite element
analysis without bond-slip elements. This is similar to the actual failure of this
specimen, as can be seen by comparing it with Fig. 3.35.

Specimen 9, which hadv a weak frame and a strong infill, has been
analyzed in similar fashion as above. Figure 6.43 shows the numerical and
experimental load-displacement curves of this specimen. The influence of bond-
slip elements is insignificant for this specimen. The finite element analysis has

captured the actual failure mechanism of this specimen, as can be seen by
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comparing Fig. 6.44 with Fig. 3.36. The failure is governed by the shear failure
of the infill (diagonal/sliding cracks) and the shear failure of the windward
column.

Specimens 6 and 7, which had strong frames and were infilled with
weak and strong panels, respectively, have been analyzed without bond-slip
elements. The numerical load-displacement curve for Specimen 6 is compared
to the hysteresis envelope curve obtained from the experiment in Fig. 6.45.
The results show a good agreement in the initial stiffness, but the maximum
lateral strength has been overestimated by the analysis as in the previous cases.
Figure 6.46 shows the failure pattern obtained by the finite element analysis.
This is similar to the experimental result shown in Fig. 3.33. The experimental
and numerical load-displacement curves for Specimen 7 are shown in Fig. 6.47.
In this case, the lateral resistance has been slightly underestimated. The failure

pattern obtained from the finite element analysis is shown in Fig. 6.48.

6.6 Summary and Conclusions

A new constitutive model has been introduced for structural interfaces
such as rock joints and mortar joints. Furthermore, a bond-slip constitutive
model has been adopted for reinforced concrete structures. In each case, the
applicability of the constitutive model has been validated with experimental
results.

Finite element analyses have been conducted on one bare frame spec-
imen and four masonry-infilled R/C frame specimens. It has been observed
that bond-slip elements improve the analytical response of a bare frame con-
siderably, whereas the influence of the bond-slip elements on the behavior of

the infilled frames is insignificant. The results of the finite element analyses
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have shown that the models can capture the true failure mechanisms of the
infilled frames. The maximum lateral resistance and the initial stiffness of the

specimens have been estimated fairly well.
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Figure 6.42. Failure Pattern of Specimen 8; a) Deformed Mesh; b) Crack
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CHAPTER 7 .
CONCLUSIONS AND RECOMMENDATIONS

7.1 Summary

A literature revi‘ew has been conducted to identify parameters which
may influence the behavior of an infilled frame. Among the parameters identi-
fied, the influence of the relative strength and stiffness of an infill with respect
to those of the bounding frame, the lateral load history, the panel aspect ra-
tio, the vertical load level and its distribution, and the presence or absence
of adjacent infilled bays have been selected for further investigation in this
study. Furthermore, based on previous experimental observations, most of the
possible failure mechanisms of infilled frames have been identified.

One bare frame and thirteen masonry-infilled R/C frames were tested
in this study. Two of the infilled specimens were two-bay frames. The speci-
mens were 1/2-scale models extracted from the first story of a six-story, three-
bay, prototype frame, which represents an interior frame of a typical office
building. The prototype frame has been designed for two types of lateral load-
ings: moderate wind loads and severe earthquake loads. These result in a
weak-frame design and a strong-frame design, respectively. The former has a
weak column-strong beam design, while the latter has a strong column-weak
beam design. The frame specimens had aspect ratios of around 1/2 and 2/3,
respectively. Two types of masonry units were used for the infill. They were

hollow concrete blocks and solid concrete blocks, which resulted in diﬁ'erent
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panel strengths. The specimens were subjected to monotonic and cyclic lateral
loadings. The vertical loads were applied onto the specimens with two differ-
ent distributions. One had vertical loads only on the columns and the other
had the loads distributed between the columns and the beam. The total ver-
tical loads applied onto one of the single-bay specimens and the two two-bay
specimens were 50% higher than those of the others. |

In the analytical part of this study, a simple and rational method has
been proposed to obtain the load resistance properties of a prototype frame
based on the behavior of the scaled frame specimens. In this method, the
prototype frame is idealized by an equivalent single-degree-of-freedom system
based on the modal analysis technique. The idealized system has an elastic-
perfectly plastic behavior with the yield resistance, yield displacement, and
allowable displacement calculated from the experimental results. With the
load resistance properties calculated, seismic analyses have been conducted on
the prototype frame with and without infill.

To predict the lateral resistance of a single-bay, single-story infilled
frame, a plastic analysis method has been developed. In addition to the load
resistance mechanisms proposed by other invéstigators, this method accounts
for the diagonal/sliding shear failure of the infill as well as the shear failure of
the columns. The method has been used to analyze the specimens tested in
this study. For the iateral stiffness of an infilled frame, the methods proposed
by other researchers have been reviewed and evaluated.

The capability of the finite element method for predicting the behavior
of infilled frames has been investigated. Two interface elements have been

developed in this study. One is to simulate the behavior of the interfaces



202

between the frame and the infill as well as the behavior of the mortar joints
within an infill. In addition to the separation and sliding modes of failure, this
model is capable of simulating the nonlinear compression behavior, reversible
shear dilatancy, and compaction of interfaces. The other element is to model
the bond-slip behavior between the concrete and reinforcing bars. This model
is applicable to bars of normal sizes that are adequately confined by transverse
reinforcement. These models have been evaluated with existing experimental
results in the liferature. Finally, five of the specimens tested in this study have

been analyzed with these elements.

7.2 Conclusions

In general, the experimental and analytical results have indicated that
the addition of infill panels has a profound influence on the behavior of R/C
frames. Infill increases both the lateral strength and stiffness of a bare frame,
and improves the energy-dissipation capability of a structure significantly. This
is more evident in the case of a strong panel.

Specimens subjected to cyclic loadings demonstrated a lower resis-
tance and a faster strength degradation than those subjected to monotonic
loadings. The panel aspect ratio, in the range considered in this study, had
little influence on the lateral load resistance behavior. Increasing the verti-
~ cal load increases the lateral resistance considerably, but the influence of the
distribution of the vertical loads between the top beam and the columns was
insigniﬁcant.

The two two-bay specimens with strong and weak panels exhibited
lateral resistances that are 68 and 85% higher than those of the single-bay

specimens with identical designs. Three different failure modes were observed
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from all the specimens. Those with a weak panel had slips along the bed
joints and plastic hinges in the frame. Brittle shear failure was observed in the
windward columns of the specimens that had a weak frame and a strong panel.
However, even in this case, the specimens sustained a considerable lateral load
after shear failure had occurred in the columns, and they exhibited a good
ductility due to the continued resistance provided by the infill. Furthermore,
in the specimen that had a strong frame and a strong panel, the lateral strength
was governed by the crushing of the infill. In this specimen, shear failure was
prevented by a heavy column section and the shear reinforcement.

For all the cases considered in this study, it has been shown that the
presence of infill panels improves the seismic performance of a frame. The
stronger the infill and the frame is, the higher is the seismic resistance. How-
ever, to avoid the brittle shear failure of columns, which might jeopardize the
stability and repairability of a structure, adequate shear reinforcement must
be prdvided in the columns. The results also suggest that infill panels can be
used for retrofitting existing R/C structures. In this case, new panels must be
designed in such a way that their strength will be compatible with those of the
columns.

The plastic analysis method proposed in this study has been able to
capture the actual failure mechanisms in most cases. For these same cases, the
lateral resistances calculated witfx the analysis method are in good agreement
with the actual resistances measured. For the lateral stiffness of an infilled
frame, the method based on an equivalent beam model results in a stiffness
higher than the actual, while the equivalent strut model results in a lower

stiffness.
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Results of the finite element analyses have demonstrated the appli-
cability of the proposed models for simulating the behavior of infilled frames.
It has been observed that bond-slip elements are important for capturing the
behavior of a bare frame, while the influence of these elements on the behavior
of infilled frames is insignificant. The interface elements successfully capture
the separation at the frame-to-panel interfaces and the crack propagation along
mortar joints. The failure modes obtained with the finite element models are
sirﬁilar to the actual failure mechanisms of the specimens. The numerical re-
sults are also in good agreement with the load-displacement curves obtained
from the experiments. The initial stiffness and the maximum resistance have

been estimated fairly well.

7.3 Recommendations for Future Studies

The important findings of this study can be summarized as follows.
The experimental and analytical results have indicated the beneficial influence
of infill panels on the seismic resistance of R/C frames even though they were
not engineered for such a purpose. The important influence of the vertical
loads, the strengths of a panel and the bounding frame, and the adjacent in-
filled bays on the performance of this type of structures has been identified.
Finite element models have been developed and validated for detailed analy-
sis of such structures. The sophistication of these models provides a unique
capability for the analysis and performance evaluation of infilled structures.
Simple analytical models which account for the shear failure of R/C columns
and the diagonal/sliding shear failure of an infill panel have been developed

and validated. These models can be used as simple evaluation and design tools.
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In spite of the above findings, additional research is required to ad-
dress a number of remaining problems. Many infill panels in existing buildings
have various forms of openings. Their influence on the lateral resistance cé,pa-
bility of a structure is not well known. The damage of an infill panel due to in-
plane loads can jeopardize its out-of-plane stability. Hence, it may be desirable
to have light reinforcement in a panel to prevent the out-of-plane failure and
also to increase its energy-dissipation capability under in-plane loads. Further-
more, to avoid irreparable damage, such as soft first stories, guidelines should
be developed to match the strength of an infill panel to that of the bounding
frame. These point to the development of engineered infill, which is especially
useful for the retrofit of existing R/C frames. Additional experimental studies
are needed to provide the above information. Furthermore, the finite element
models developed here can be used for numerical parametric studies to supple-
ment the experimental work. The simple analytical models developed here need"
to be further verified and generalized to encompass more failure mechanisms,
in particular, for multiple infilled bays. Based on these results, new design and
evaluation guidelines, which are simple enough for engineering practice, should

be developed.
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Figure A.1. Stress-Strain Curve for Compression Test of Concrete Cylinder
(Specimen 11, Sample 1).
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Figure A.2. Stress-Strain Curve for Compression Test of Concrete Cylinder
(Specimen 11, Sample 2).
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Figure A.3. Stress-Strain Curve for Compression Test of Concrete Cylinder
(Specimen 11, Sample 3).
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Figure A.4. Stress-Strain Curve for Compression Test of Masonry Prism (Spec-
imen 12, Sample 1).
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Figure A.5. Stress-Strain Curve for Compression Test of Masonry Prism (Spec-
imen 12, Sample 2).
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Figure A.6. Stress-Strain Curve for Compression Test of Masonry Prism (Spec-
imen 12, Sample 3).
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Figure A.7. Stress-Strain Curve for Tension Test of Reinforcing Bar (#5, bar
Sample 1).
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Figure A.8. Stress-Strain Curve for Tension Test of Reinforcing Bar (#5 bar,
Sample 2).
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Figure A.9. Shear Stress-Shear Displacement Curve for Mortar Joint in Hollow
Concrete Masonry under 50-psi Normal Stress.
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Figure A.10. Normal Displacement-Shear Displacement Curve for Mortar Joint
in Hollow Concrete Masonry under 50-psi Normal Stress.
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Figufe A.11. Shear Stress-Shear Displacement Curve for Mortar Joint in Hol-
low Concrete Masonry under 75-psi Normal Stress.
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Figure A.12. Normal Displacement-Shear Displacement Curve for Mortar Joint
in Hollow Concrete Masonry under 75-psi Normal Stress.
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Figure A.13. Shear Stress-Shear Displacement Curve for Mortar Joint in Hol-
low Concrete Masonry under 100-psi Normal Stress.
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Figure A.14. Normal Displacement-Shear Displacement Curve for Mortar Joint
in Hollow Concrete Masonry under 100-psi Normal Stress.
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Figure A.15. Shear Stress-Shear Displacement Curve for Mortar Joint in Hol-
low Concrete Masonry under 150-psi Normal Stress.
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NOTE: The mortar joint was completely crushed during the test.

Figure A.16. Normal Displacement-Shear Displacement Curve for Mortar Joint
in Hollow Concrete Masonry under 150-psi Normal Stress.
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Figure A.17. Shear Stress-Shear Displacement Curve for Mortar Joint in Solid
Concrete Masonry under 50-psi Normal Stress.
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Figure A.18. Normal Displacement-Shear Displacement Curve for Mortar Joint
in Solid Concrete Masonry under 50-psi Normal Stress.
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Figure A.19. Shear Stress-Shear Displacement Curve for Mortar Joint in Solid
Concrete Masonry under 75-psi Normal Stress.
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Figure A.20. Normal Displacement-Shear Displacement Curve for Mortar Joint
in Solid Concrete Masonry under 75-psi Normal Stress.
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Figure A.21. Shear Stress-Shear Displacement Curve for Mortar Joint in Solid
Concrete Masonry under 100-psi Normal Stress.
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Figure A.22. Normal Displacement-Shear Displacement Curve for Mortar Joint
in Solid Concrete Masonry under 100-psi Normal Stress. :
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Figure A.23. Shear Stress-Shear Displacement Curve for Mortar Joint in Solid
Concrete Masonry under 150-psi Normal Stress.
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Figure A.24. Normal Displacement-Shear Displacement Curve for Mortar Joint
in Solid Concrete Masonry under 150-psi Normal Stress.
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APPENDIX B

TEST SETUP AND SPECIMEN DAMAGE PATTERNS
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Figure B.2. Test Setup for Specimen 3.




Figure B.4. Test Sctup for Specimen 11.
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Figure B.5. Test Setup for Specimen 13.



Figure B.7. Failure Pattern of Specimen 2.




Figure B.9. Failure Pattern of Specimen 4.



Figure B.11. Failure Pattern of Specimen 6.
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Figure B.13. Failure Pattern of Specimen 8.
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Figure B.1-1. Failure Pattern of Specimen 9.

Figure B.15. Failure Pattern of Specimen 10,



Figure B.17. Failure Pattern of Specimen 12.
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