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worldwide. Chapter 2 describes the mechanical properties and dynamic characteristics
of an existing reinforced concrete (RC) framed building with URM infills located in
the Los Angeles urban area. In Chapter 3, the desirable performances associated with
different levels of EQGMs are discussed for framed buildings with URM infills.
Finally, in Chapter 4 some observations, conclusions and recommendations are
presented, with emphasis on the advantages and disadvantages of using post-tensioned
(PT) braces to upgrade existing framed buildings with URM infills. Appendix A
describes how the seismic inputs (corresponding to the safety level EQGM) for the
design of the PT braces upgrading scheme was established.
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ABSTRACT

It has been noted by severa! researchers that the most significant seismic hazards in our urban
and rural areas are produced by the interaction between the seismic activity at the given site and
the built environment (all human-made facilities). The great life and economic losses that occur
during earthquake ground motions (EQGMs) are not produced by the ground motion itself, but
by the failure and collapse of the structures that constitute the built environment. Given our
inability to control the seismic activity that affects a given region, the most effective way to
reduce its seismic hazards to an acceptable level is the upgrading (retrofitting) of existing
hazardous structures. The urgency of the need to carry out this upgrading has been emphasized
by the occurrence in recent years of moderate EQGMs in California, such as the Loma Prieta
1989 and Northridge 1994 events. Society as a whole and some members of the structural
engineering community suddenly became aware of the vulnerability of their built environment
and started wondering about the safety of this environment once they realized that the damage
potential of the recent seismic events was significantly lower than that which can be expected

from the "big one" (large seismic event with magnitude of 8 or larger).

Unreinforced masonry (URM) buildings and framed buildings infilled with URM walls, which
were designed and constructed before the development and flourishing of seismic design,
constitute an important part of the vast inventory of high-risk structures in many California cities.
Currently, there is a need to develop simple and efficient (from a technical and economical point
of view) retrofitting schemes to upgrade these buildings in such a way that they can have

adequate performance during strong EQGMs.

In recent years, several researchers and practitioners have shown that the seismic performance
of existing buildings when subjected to strong EQGMs can be enhanced considerably by bracing
the buildings with post-tensioned (PT) rods or cables. The use of this upgrading technique yields
several advantages, such as versatility, low cost, fast and clean construction, and does not add
any significant reactive mass to the existing facility. The implementation of this technique to the

upgrading of framed buildings with URM infills will probably yield large economic advantages

ix



in the rehabilitation of these buildings. Nevertheless, there are many aspects and issues that need

to be studied and resolved before attempting such implementation.

The studies reported herein have the following objectives: First, to identify, study and discuss
relevant issues in the evaluation of the seismic hazards of non-ductile frames infilled with URM
walls; second, to investigate the use of PT steel braces to reduce these seismic hazards in framed
buildings with URM walls located in regions of high seismic risk in California; third, to study
and discuss the issues that need to be considered during the design process to attain efficient
(technically and economically) retrofitted fucilities using this technique; fourth, to assess the use
of this technique by studying the seismic performance of a specific building with non-ductile
reinforced concrete (RC) frames and URM infills before and after it has been upgraded with PT
braces; and fifth, to offer some conclusions drawn from the study and recommendations regarding

the research that is needed to improve the application of such tectinique.

This report is organized in four chapters and one appendix. Chapter | provides an introduction
to the seismic performance of URM buildings and framed buildings with URM infills based on
a discussion of their performance during previous EQGMs and of recent research results obtained
worldwide. Then, the use of steel braces for the upgrading of existing buildings is discussed,
focusing attention on the particulars of the use of PT braces. Finally, based on the information
introduced in this chapter, a preliminary discussion of the advantages of using PT braces to

rehabilitate framed buildings with URM infills is presented.

Chapter 2 describes the mechanical properties and dynamic characteristics of an existing RC
framed building with URM infills located in the Los Angeles urban area. The building was
selected to illustrate the upgrading of this type of building by introducing PT braces to the
existing structure. Current knowledge regarding the modeling of framed buildings with URM
infills is discussed, and the behavior of this building when subjected to the safety level EQGM
is assessed by analyzing elastic and nonlinear models of the building. From the results obtained

from the previous analyses, the need to upgrade this building is assessed.



In Chapter 3, the desirable performances associated with different levels of EQGMs are
discussed for framed buildings with URM infills. A procedure for the design of upgrading
schemes (based on the use of PT braces) that accounts for these desired performances is
presented and applied to the building introduced in Chapter 2. Next, the seismic performance of

the upgraded building is assessed by means of linear and nonlinear analyses.

Finally, in Chapter 4 some observations, conclusions and recommendations are presented, with
emphasis on the advantages and disadvantages of using PT braces to upgrade existing framed
buildings with URM infills. Research needs to improve the application of this upgrading

technique are presented.

Appendix A describes how the seismic input (corresponding to the safety level EQGM) for the

design of the PT braces upgrading scheme was established.
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1 INTRODUCTION

Perhaps no structural material has been used so extensively around the world as unreinforced
masonry (URM) for the construction of structures located in zones of high seismicity. And
perhaps, the behavior and seismic performance of no other structural material has been so
misunderstood as that of URM. Given the poor performance of URM buildings during past
carthquakes, the notion that URM is not good structural material to resist lateral loads is widely
extended in the structural engineering community. Nevertheless, thanks to the work of several
researchers, a new knowledge of the possible advantages obtained by using URM in earthquake-

resisting structures has evolved and challenged this notion.

As with any other structural material, the use of URM to resist lateral loads induced by
earthquake ground motion (EQGM) has advantages and disadvantages, depending on how the
URM has been used in the earthquake-resisting structure. This simple assertion should be kept
in mind when considering that an efficient seismic upgrading of a building is possible only if the
structural elements and materials located in the original building are used efficiently to help resist
the seismic demands induced in the upgraded structure. In the specific case of URM buildings
and framed buildings infilled with URM walls, many of which form part of our vast inventories
of hazardous existing structures, an efficient upgrade can be achieved if the large natural sources
of strength, stiffness and viscous and hysteretic energy dissipation provided by the URM walls
are taken advantage of. Within this context, the main challenge confronted by the structural
engineer can be summarized with the following question: What changes can and should be
introduced to the mechanical and dynamic properties of the URM building that needs to be
upgraded in such a way that the URM is put to work according to its strengths rather than on its
weaknesses? And more specifically according to the objectives of these studies: How can these
changes be achieved by introducing post-tensioned (PT) braces into an non-ductile framed
building with URM infills?

Chapter 1 provides an introduction to the issues discussed above, which are instrumental to



the understanding of the discussions presented in the rest of this report. Section 1.1 identifies the
need for the upgrading of URM buildings and framed buildings infilled with URM walls

according to the extensive damage observed in them during real earthquakes.

Section 1.2 atternpts to demistify the behavior of URM walls and infills according to recent
world-wide research that has been carried out by several researchers. Within this context, an
attempt to identify the weaknesses and strengths of URM as a structural material are discussed,
and according to the identified strengths, the adequate use of the URM infills to enhance the
lateral strength, stiffness and viscous and damping energy dissipating capacity of an infilled frame

is also discussed.

Section 1.3 discusses the issues that need to be considered when upgrading an existing
structure by introducing in it new steel braces. It is concluded that the use of steel braces for such
purpose is an attractive option; nevertheless, it is noted that several issues should be considered
carefully when attempting to do so. Based on the discussion carried out in Section 1.3, Section
1.4 discusses the use of PT cables or rods to brace an existing building, focusing attention to

some aspects that are particular to the behavior of PT braces.

Finally, Section 1.5 uses the material developed in the previous sections to discuss the use of

PT braces to accomplish the efficient upgrading of an existing non-ductile framed building with
URM walls.

1.1 INTRODUCTORY REMARKS

As previously noted by Bertero (1992b), seismic hazards in our urban and rural areas are
products of the interaction between the seismic activity at a given site [the earthquake ground
motions (EQGMs) induced at that site by all relevant seismic sources] and the built environment
(all human-made structures). The great life and economic losses that occur during an EQGM are
not products of the seismic rupture itself, but of the failure and collapse of the structures that
constitute the built environment. Given our inability to control the seismic activity that affects

a given site, the only way to reduce scismic hazards to an acceptable level is to reduce the
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seismic risk in our urban and rural areas by improving current earthquake-resistant design (EQ-
RD) and earthquake-resistant construction (EQ-RC) procedures for new buildings and for the

upgrading and rehabilitation of existing hazardous structures.

It has long been recognized that URM buildings and framed buildings infilled with URM walls
(otherwise denoted herein as URM infills) form part of the vast inventory of hazardous existing
structures in our built environment. Following the 1989 Loma Prieta and 1994 Northridge
earthquakes (EQs), a large number of URM elements and structures were found to be damaged
{Beavers et al. 1992, Moehle et al. 1994). Given the simplicity of the construction process of
URM elements and structures, as well as the low price of the material itself, URM elements have
provided for many years an economical way to support gravity loads, to enclose and subdivide
the interior architectonic space of a building, and to provide good acoustic and thermal insulation
to existing buildings. The insulation properties of masonry have been conducive to extensive use
of URM infills in framed reinforced concrete (RC) and steel buildings. Nevertheless, due to a
lack of understanding of the mechanical properties of masonry in the past, URM elements have
not been used properly in earthquake-resistant buildings. Thus, consistent with the above
mentioned approach to reduce seismic hazard, there is the need to study, experimentally as well
as analytically, promising techniques for the seismic upgrading and rehabilitation of existing

URM structures and framed buildings with URM infills.

1.2 SEISMIC PERFORMANCE OF UNREINFORCED MASONRY BUILDINGS

It has been recognized that the presence of masonry infills that are not isolated from the
structural elements can have a beneficial effect on the seismic performance of existing framed
buildings. Proper introduction of such elements into the bare frames of a building can lead to a
considerable increase in the ultimate strength and stiffness of the building, as has been shown
consistently in experimental tests and analytical studies (Klingner and Bertero 1976, Brokken and
Bertero 1981, Chrysostomou et al. 1992, Schuller et al. 1994, Mander et al. 1994) and by the
seismic performance of framed buildings with URM infills during real EQGMs (Wakabayashi
and Martinez 1988). In spite of these advantages, it has been generally accepted that this type

of building has a poor seismic performance, given the spectacular and numerous failures observed
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in URM buildings in past earthquakes, e.g. San Francisco 1906, Tangshan 1976, etc.; and in
URM buildings and framed buildings with URM infills in recent earthquakes, e.g. Chile 19885,
Mexico 1985, Loma Pricta 1989, Philippines 1990, Iran 1990, Northridge 1994 (EEFIT 1986,
NBS 1987, Cruz 1988, Bertero 1992b, Beavers et al. 1992, Molavi and Eshghi 1992, Kusukawa
et al. 1992, Moehle et al. 1994). Thus, it can be concluded that masonry elements and structures
can have good or poor seismic performance, depending on how the masonry is used in the
earthquake-resistant structure and, obviously, on how they have been designed, detailed and

constructed.

One of the main problems in dealing with the performance of URM elements and/or structures
lies in defining what constitutes an adequate seismic performance. This issue has been
considerably obscured in the past by building codes in the United States, which traditionally have
specified that the capacity of URM, due to its brittle nature, should be limited to a stress less
than that that produces initial cracking (Boussabah and Bruneau 1992). Thus, based on this code-
adopted performance criterion, URM elements or buildings only perform well if they remain
uncracked. However, URM buildings and framed buildings with URM infills can have a
reasonably well understood behavior and a reasonable margin of safety while not meeting this
criterion. Several researchers note that the overall earthquake-resistant capacity of unconfined and
particularly confined URM walls and URM infills can be considerably higher than was previously
thought (Beavers et al. 1992, Meli et al. 1992, Abrams 1992). Thus, not only can some cracking
occur on the masonry elements without detrimental effects on the overall seismic performance
of the building, but in some cases this performance can be significantly enhanced by allowing

the masonry to go into its nonlinear range of behavior.

Currently, there is a need to rationally define different levels of performance for URM
elements, so that performance based EQ-RD methods can be implemented taking into account
the real deformation, strength, stability and energy dissipation capacities of URM e¢lements. For
instance, it has been recognized recentiv that URM walls and infiils have a considerably larger
strength than that at first ciacking, a large inelastic deformation capability and, if their in-plane

and out-of-plane deformations are controlled within certain limits, a stable hysteretic behavior
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and thus a stable energy dissipating capacity (Abrams 1992, Meli et al. 1992, Beavers et al.
1992). Thus, the potential role that URM infills may play in enhancing the strength, stiffness and
energy dissipation capacity of infilled framed buildings should be considered in their EQ-RD.
Nevertheless, the mechanical characteristics of the constructed masonry infills affect considerably
their seismic performance, and the above mentioned enhancements can be only achieved if the
infills are made out of masonry that does not exhibit fragile behavior (termed in this report as
"soft masonry"). For instance, if the masonry is fragile and brittle ("hard" masonry), it exhibits
an explosive type of failure. In such cases, the deformability of the masonry is limited by its
brittle compression or tension failure, and its energy dissipating capacity is practically
nonexistent. Besides the characteristics of the masonry itself, the previously mentioned
enhancements can only be achieved if the infills are designed and confined in such a way that
cracking takes place all across the infill (does not concentrate in few locations), and that the

existing frame members do not fail in a brittle mode (Klingner and Bertero 1976).

Fortunately, ihe majority of URM infills in buildings have been built with "soft” masonry (i.e.,
does not exhibit explosive type of failure). Given the distinctions made above about the different
types of masonry, it should be noted that in this report URM infills are assumed to be fabricatea
out of "soft" masonry. As mentioned before, these infills can undergo, if their in-plane
deformation (which is a function of the story drift or interstory drift index) is limited to adequate
values, inelastic deformation and dissipate energy through stable hysteretic behavior. Figure 1.1,
which shows lateral force vs. lateral displacement curves obtained experimentally for URM infills
and walls under in-plane lateral loads, is included to illustrate the deformability capacity of URM
infills built with "soft" masonry. The study of framed buildings with "hard" (fragile) masonry

should be treated separately and is not included in this report.

To discuss the performance of URM elements, it is necessary to discuss against what such
performance is measured. For this purpose, it is important to address the general modes of failure
observed in URM elements, which can be classified according to Boussabah and Bruneau (1992)
as: lack of anchorage, anchor failure, in-plane failures, out-of-plane failures, combined in-plane

and out-of plane failures and diaphragm-related failures. Only some of the previous modes are
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relevant to buildings with URM infills, and thus attention is concentrated in this report on in-
plane, out-of-plane, and combined in-ptane and out-of-plane failure modes. Another important
issue to be addressed while assessing the performance of URM elements is the influence that
their local behavior and performance have on the overall seismic performance of an entire
building system. Within this context, it should be noted that given their large initial stiffness and
strength, URM infills tend to attract and carry a large percentage of the total lateral load acting
on infilled framed buildings. Thus, their influence on the struciural and dynamic characteristics
[period (T), strength, damping and energy absorption and dissipation capacities] of the infilled
building needs to be assessed carefully. Also, infills can create large stiffness and strength
irregularities in plan and along the height of the building, which in turn can induce large torsional
respense and/or the creation of soft stories, thereby imposing on structural elements loading

conditions for which they were not designed.

Although a basic knowledge of the mechanical properties of URM as a construction material
is necessary to address the issues mentioned in the previous paragraph, such discussion goes
beyond the scope of this report. A discussion of the mechanical properties and behavior under
lateral loads of URM elements and a discussion on the way in which URM elements interact with

other earthquake-resisting elements in an infilled framed building is presented in the next section.

1.2.1 IN-PLANE BEHAVIOR OF UNREINFORCED MASONRY ELEMENTS

In the last two decades, several researchers have concentrated their efforts on demystifying
traditional concepts of the behavior of URM elements when subjected to in-plane lateral loads
(such as extremely poor deformability and energy dissipation capabilities). To do so, they have
studied the in-plane behavior of URM elements well beyond their point of first cracking.
Although not unaccompanied by some controversies, a new understanding of the behavior of

URM elements has flourished.

Experimental tests (pseudo-dynamic tests of specimens subjected to constant vertical loads and
shaking table tests) carried out by several researchers around the world (Klingner and Bertero

1976, Konig et al. 1988, Meli et al. 1992, Abrams 1992, Pires and Cansado 1992, Schuller et al.
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1994) have consistently shown that URM walls and infills possess considerable capacity for
inelastic deformation independently of their in-plane failure mode (i.e., diagonal tension, flexural
tension, etc., for URM walls; and sliding shear, diagonal tension, compressive crushing, etc., for
URM infills). It has been observed in the majority of these tests that URM walls and infills are
able to carry a large percentage of their peak strength (ultimate lateral load carrying capacity) for

relatively large drifts (0.005 and larger), as shown in Figure 1.1.

Some researchers note that vertical load increases the shear capacity and stiffness of URM
elements, although large vertical forces reduce their available ductility (Meli et al. 1992, Konig
et al. 1988). Konig et al. (1988) offer an insight by analyzing the post-crack dynamic cyclic
behavior of URM walls: under small axial load, cracking developed through the bed joints and
separate portions of the wall slid on each other, resulting in large rclative deformation and little
strength degradation before failure; and, under higher axia! loads, the friction resistance of the
bed joints increased in such a way that diagonal cracking occurred through the masonry units,
and the individual portions of the walls (separated by the cracks) tended to slide along straight
regular diagonal cracks, which resulted in significant degradation of strength and reduced
deformability capacity (i.e., unstable post-cracking response). Langenbach (1990) confirms this
interpretation by observing that if the failure does not occur in the masonry units, the softness
and higher deformability capacity of the mortar encourages a more wide-spread small-scale
cracking across the mortar joints of the whole URM element, which allows it to absorb more
energy and perform in a ductile rather than a brittle manner. It is impoitant to note that although
URM elements show better deformability capacity for small axial loads, this does not mean that
axial forces are not important to attain such deforinability capacity. Abrams (1992) notes that the
vertical compressive stresses are instrumental in the apparent ductility of these elements by
attributing the large post-cracking strength to friction along the bed joints. Although URM infills
in framed buildings behave differently than URM walls when subjected to lateral loads, Meli et
al. (1992) note a similar influence of axial load in the behavior of URM walls confined with RC

elements.

Pires and Cansado (1992) have shown in experimental tests that the construction process of
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an URM infill within a RC frame affects its behavior when subjected to lateral load. Before
discussing this issue, it important to clarify some concepts by discussing the differences between
a confined URM element and an URM infil!, and between reinforced masonry and confined URM.
Reinforced masonry denotes those masonry elements directly reinforced with steel bars. Confined
URM denotes those masonry elements that are not reinforced, but are confined with the aid of
RC members that surround them. These RC members provide a good in-plane and out-of-plane
connection between the URM elements and other structural elements and the roof system, and
improve the energy dissipation and deformation capabilities of the confined URM element (Meli
et al. 1992). In the design of masonry structures, these RC members are provided for no other
purpose than to enhance the performance of the URM elements. In this case, the RC members
are constructed simultaneously or after the masonry element has been built, and it is said that the
RC members confine the masonry, i.e., we talk of confined URM. In other cases, RC or steel
structural elements, designed to carry a large percentage (if not all) of the vertical and lateral
loads, are constructed first, and then the URM infills are introduced into them. In the latter case,
it is undeniable that the existing frame members provide, sometimes unintentionally, confinement
to the infills. Based on the results obtained in the pseudo-static test carried out on several 2/3
scale one-story infilled RC frame models, Pires and Cansado (1992) confirmed that the addition
of infills to RC frames can increase significantly the energy dissipating capacity of the RC
frames, but more importantly, they note that the different construction processes used to build
their models had an important influence on their response to lateral load. They note that when
the masonry walls (URM infills) were added after the RC members were constructed, the models
achieved higher distortion levels with less degradation of their original mechanical characteristics
than when the RC members were constructed after the wall (confined masonry). These results
show that URM elements perform better when built after the existing frame members, and thus,
that URM infills made of "soft masonry" should have, in general, significant deformability

capacity beyond first cracking.

The above observation has been repeatedly confirmed in experimental tests (Klingner and

Bertero 1976, Pires and Cansado 1992, Meli et al. 1992, Schuller et al. 1994, Gergely et al. 1994,



Mander et al. 1994). In these tests, URM infills exhibited a stable hysteretic behavior and good

energy dissipation characteristics for relatively large drift (0.005 and sometimes larger).

To understand the significant deformability capacity and stable hysteretic energy dissipation
capacity (under moderate interstory drift index, IDI, demands) of URM infills, it is necessary to
discuss some relevant aspects of the in-plane behavior of "typical” URM infills when subjected
to monotonically increasing deformation. Under very low levels of lateral displacement, URM
infills do not crack. If the infill is bonded to the surrounding frame, the force-deflection behavior
is linear and elastic while the infill behaves as a shear panel. As the lateral force and deformation
increase, some cracks are developed along the interface between the frame and the infill (ie, a
gap between the infill and the frame members starts to develop), and the frame-infill contact
starts to concentrate at the corners of the infill. As the lateral displacement increases, diagonal
cracking occurs in the infill and a compression strut develops. It can be concluded that at some
stage of their behavior, the majority of URM infills behave as a diagonal element (strut) in their
own plane. In this case, all of the resisting force carried by the infill is transmitted to the existing
frame by the pressure delivered to the top of the columns, just below their intersection with the
beam. Thus, the strut mechanism leads to high stress concentrations at the corners of the infill
and the point at which the infill delivers the load to the frame. As the lateral deformation
increases, the behavior of the infill depends more and more on the relative strength and stiffness
of the frame and infill, and on the mechanical characteristics of the masonry itself. On one hand,
if the strength of the infill is low or the frame members (mainly the columns) have been designed
to avoid early failure, the masonry located at the corners starts to crush. Depending on the
mechanical characteristics of the masonry, an increase in lateral deformation can lead :o local
crushing failure of the masonry in the corners or, if the post-peak compressive strength of the
masonry does not drop rapidly with increasing deformation, to a degradation of the stiffness and
strength of the masonry in these zones and to a widespread small-scale cracking over a large
portion of the infill (Klingner and Bertero 1976, Pires and Cansado 1992, Mander et al. 1994,
Gergely et al. 1994). In the latter case (widespread small-scale cracking), as the masonry located
at the corners is crushed after several load cycles, the diagonal strut loses much of its original

stiffness and load carrying capacity, and a large percentage of the lateral load is likely to be
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transferred to, and thus resisted by, other regions of the infill, such as off-diagonal masonry struts
(Mander et al. 1994, Gergely et al. 1994). This mechanism of lateral load redistribution is usually
accompanied by the opening of gaps between infill and existing frame members and the sliding
of the infill within these members, and makes it possible for the infilled frame to reach higher
levels of lateral displacement with less degradation of its strength and energy dissipating capacity.
In the other hand, if the strength of the infill is high, it could cause the shearing failure of the
existing columns (Klingner and Bertero 1976, Langenbach 1990, Schuller et al. 1994), which
eventually is reflected in a smaller deformability capacity of the whole infill frame and to a faster

drop of post-peak resistance with increasing lateral displacement.

It should be mentioned that there are several more modes of failure for URM infills tha : 'hose
discussed in the previous paragraph. Depending on the loading condition, the relative strength
and stiffness of the frame and infill, the bond between the infill and the existing elements, and
the mechanical characteristics of the masonry itself, a number of failure mechanisms (some of
them summarized in Figure 1.2) are possible in an infilled frame (Mehrabi and Shing 1994).
Although discussing all these mechanisms goes beyond the scope of this report, it is useful to

discuss some tendencies observed by several researchers:

B An increase in the strength of the infill is usually reflected by an increase in the overall lateral
strength of the infilled frame, although usually this increase in strength is accompanied by a
faster post-peak drop of resistance as the lateral displacemerits increase (Klingner and Bertero
1976, Schuller et al. 1994).

B In general, as the strength of the masonry decreases, extensive horizontal and diagonal cracking
occur in the infill before failure of the infilled frame. Also, in general, as the strength of the
masonry increases, damage tends to concentrate at specific locations of the infill, usually at its

comners (Gergely et al. 1994, Klingner and Bertero 1976).

It has been observed experimentally that URM walls and infills suffer considerable stiffness

degradation with increasing drift, after which their stiffness reaches a value that remains fairly
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constant with further increase in drift (Brokken and Bertero 1981, Meli et al. 1992). Based on
these and similar observations, several researchers suggest that seismic analysis and design
procedures should consider material mechanical characteristics consistent with the expected strain
level (Scalleti et al. 1992, Brokken and Bertero 1981). Brokken and Bertero (1981) have noted
that the lateral stiffness and strength of masonry infills are very sensitive to the quality control

of the material and to werkmanship (including that on the interfaces of the infill and the existing

frame elements).

Several issues of the in-plane behavior of URM elements are yet to be understood. Among
them, it is necessary to gain a better understanding of the cyclic hehavior of URM walls and
infills. For instance, Abrams (1992) notes that the behavior for loading in one direction of URM
walls did not appear to be influenced by previous damage in the other loading direction, which
led him to conclude that the cyclic behavior of the walls can be fairly characterized by its
behavior when subjected to monotonically increasing loads. Nevertheless, Klingner (1980) notes
from experimental results that after reaching a given resistance level in one direction, an infilled
frame model was not able to develop more than this resistance in the other direction upon load
reversal. In other words, the resistance that a masonry infill has in one direction in some cases
depends on the deformation demands on that infill in the opposite direction. At this stage, there
is not enough information to explain the difference between the above observations, and thus this
issue needs clarification. Another issue that deserves consideration is the in-plane behavior of
URM infills with openings. Although some analytical efforts have been carried out to assess the
effect that a large opening can have on the in-plane mechanical characteristics of an URM infill
{Durrani and Luo 1994), and some experimental tests of URM elements with openings have been
carried out (Meli et al. 1992), there is very little information about this topic if one considers the

large percentage of real URM infills that have openings. This issue also needs clarification.
From the above results, it can be concluded that if certain conditions are met:

B The lateral strength of a framed building with URM infills should not be estimated based on

the lateral load that induces the initiation of cracking and/or crushing in the most loaded or
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weakest infill. Because the infills can usually deform inelastically after their first cracking and/or
crushing, it is necessary to consider the overstrength that can be obtained due to the redistribution

of internal forces when estimating the lateral strength of the whole frame-infill system.
B URM infills can enhance considerably the strength and stiffness of a framed building.

B URM infills can be used to dissipate cnergy through stable hysteretic behavior (several
researchers that URM infills can undergo relatively high inelastic deformations while showing
adequate hysteretic behavior). Nevertheless, to achieve this stable behavior, the in-plane drift
index in the elements needs to be carefully controlled and certain modes of failure (for instance,

brittle failure in the existing frame members) should be prevented from occurring.

1.2.2 OUT-OF-PLANE BEHAVIOR OF UNREINFORCED MASONRY ELEMENTS: IMPORTANCE OF
CONSIDERING IN-PLANE AND OUT-OF-PLANE DEMANDS SIMULTANEOQUSLY

From the information presented in the previous section, it can be concluded that the seismic
capacities of URM infills and infilled framed buildings are considerably higher than was
previously thought. Nevertheless, some of this information should be considered very carefully,
given that the majority of the experimental results described above were obtained by applying
seismic input (vibration or pseudodynamic loading) in the plane of the URM infills or walls,
without specific concern for the multidirectional nature of real EQGMs. In analysis and design
of URM elements, emphasis is usually put on in-plane behavior. Nevertheless, observed damage
in real EQGMs brings attention to the out-of-plane behavior of URM infills. Real EQGMs
simultaneously impose in-plane and out-of-plane demands on URM infills. Regarding this,
Boussabah and Bruneau (1992) note that:

EQ forces are multi-directional in nature, and thus each URM element is solicited in
both its in-plane and out-of-plane direction. The on-site identification of combined in-
plane and out-of-plane effects is nearly impossible, and observed such failures will
generally be attributed uniquely and erroneously to the sole effect of out-of-plane forces.

An insight into the above quote can be gained 1f one considers that, as mentioned before, URM

infills tend to develop diagonal cracking when subjected to in-plane lateral load. When subjected
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to cyclic loads, they tend to develop an x crack pattern that extends all the way to the corners.
This x crack pattern resulting from in-plane loading is similar to the crack pattern for a square
panel subjected to out-of-plane forces, which implies that the out-of-plane strength can be

weakened by in-plane cracking (Angel and Abrams 1994).

Inertial forces due to absolute accelerations and story drifts are the most significant out-of-
plane and in-plane demands. When a frame with URM infills is subjected to drift on its own
plane, the infill and/or its interface with the frame is forced to deform with the structural
elements, which usually results in damage to the infill. In most cases, drift perpendicular to the
plane of the infills is less significant, and as a consequence, their out-of-plane drift demands are
usually neglected (Sakamoto 1978). While the use of peak absolute acceleration of the ground
and/or floor motion is not a good measure to determine structural damage, it can be physically
understood as a measure of the inertial force that must be resisted by a rigid, anchored object
(Merz, 1977). URM infills are usually heavy enough as to be significantly affected by inertial
forces. In this case, the out-of-plane effects of the inertial forces are usually more significant than
those of the in-plane inertial forces, and thus some assessment of the out-of-plane behavior of
the infills needs to be carried out (Sakamoto 1978). Obviously, out-of-plane effects increase with
the size and flexibility of the wall. In this context, it should be considered that in some cases the
response of the building sometimes amplifies the floor acceleration with respect to that of the

input base motion.

Our understanding of out-of-plane failure is still limited. In this section, the work done by
several researchers in this field will be briefly discussed. In some cases, the conclusions reached
by some researchers almost seem to contradict those reached by other researchers. These
contradictions reflect the state of our current knowledge, and thus, the need to devote more

research 1o clarify this situation.

Beavers et al. (1992) note that out-of-plane failure should not cause as much concemn as it
traditionally has, given that test results show that the in situ out-of-plane seismic capacity of

URM infills is very high (at least 13 and up to 30 times that obtained using conventional design
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methods as suggested by the experimental results obtained by Fricke et al. 1992). Mander et al.
(1994) note that out-of-plane failure of infills with a height to thickness ratio of 18 was difficult
to achieve under out-of-plane shaking, and that although previous in-plane damage somewhat
reduced the out-of-plane strength of these infills, their residual out-of-plane strength was still
substantial. Angel and Abrams (1994) conclude that out-of-plane strength of URM infills
decreases as the in-plane cracking increases and that for the same in-plane damage, the out-of-
plane strength reduction varies with the slenderness ratio of the infill. Angel and Abrams (1994)
note that for severe in-plane damage and very slender infills, the out-of-plane strength is about
half of that corresponding to the undamaged infill, while in-plane damage in infills with low

slenderness ratio practically does not reduce their out-of-plane strength.

To understand the high out-of-plane strength of URM elements and infill walls, it is important
to address the relatively new concept of out-of-plane dynamic stability, formulated following
observations that URM walls properly anchored to floors and roof diaphragms can resist EQGMs
more severe than otherwise predicted by traditional static analysis methods: after cracking, some
portions of the walls behave as rigid-body members rocking on the wall through cracks; if gravity
forces are sufficient to prevent overturning of these individual bodies, a condition of dynamic
stability exists. In the case of framed buildings with URM infills, it should be noted that the
infills are usually not anchored to the existing frame members, and that they are not supposed
to carry the vertical loads (as would be the case of a masonry bearing wall, to which the out-of-
plane seismic dynamic stability concept applies). Thus, it would appear that URM infills do not
benefit from out-of-plane seismic dynamic stability. Nevertheless, some researchers (Paulay and
Priestley 1992, Angel and Abrams 1994) note that infill panels’ out-of-plane resistance is
considerably enhanced by the compression membrane action (arching action) that they develop
as they crack under lateral inertial accelerations, thanks to the confinement provided by the
existing frame members and neighboring infills, or, in other words, that a condition of dynamic

stability is likely to be developed.

Nevertheless, in the opinion of the authors, the experimental results that suggest a high out-of-

plane strength of URM infills are not conclusive evidence that out-of-plane behavior should not
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be a concern in this type of element. The vast majority of the experimental results available were
obtained in pseudo-dynamic tests that did not consider in-plane and out-of-plane demands
simultaneously. In these tests, in-plane damage is usually induced first, and then the infill is
subjected to out-of-plane loading. Liauw and Kwan (1992), after conducting shaking table tests
on 1:3 scale four-story three-dimensional (3D) models, observe that their infilled model collapsed
at a peak acceleration of 0.835g, because an infill panel located on the first story fell out of
plane. They mention that although the input motion was parallel to the plane of the infills, out-of-
plane effects amounting to 10 to 15% of the in-plane loads (resulting from the input motion)
were produced. Liauw and Kwan conclude that the multidirectional excitations produced by real
EQGMs should raise concern in view of the out-of-plane behavior of their model. Thus, although
a new phase in our understanding of the real behavior of masonry elements and structures has
begun, there is an urgent need to assess realistically the effects of multidirectional excitations on

their behavior.

1.2.3 PERFORMANCE OF FRAMED BUILDINGS WITH UNREINFORCED MASONRY INFILLS

ACCORDING TO THEIR BEHAVIOR DURING REAL EARTHQUAKE GROUND MOTIONS
Before enough knowledge was acquired in the proper seismic design of masonry buildings,
many URM buildings anu framed buildings with URM infills were constructed. In early seismic
designs, some, if not all, of the issues discussed in Sections 1.2.1 and 1.2.2 were ignored. Thus,
the spectacular failures and poor behavior observed in URM buildings and framed buildings with
URM infills that has been observed during intense EQGMs are more due to an improper use of
masonry as a structural material than on intrinsic bad behavior of masonry elements. Given the
extensive use of URM infills in framed buildings in Mexico City, a good evaluation of the
seismic performance of these elements was obtained during the 1985 Mexico earthquake (EQ).
During this EQ, several cases of adequate seismic performance, as well as of failure and poor
behavior, were observed in a large number of modern medium-rise framed RC buildings with
URM infills (EEFIT 1986, NBS 1987, Wakabayashi and Martinez 1988, Bertero 1992b). In
general, it has been considered that the presence of URM infills was beneficial for the majority
of infilled framed buildings, and prevented the collapse of several buildings in the zone of highest

seismic intensity. This usually was the case when the URM infills were placed symmetrically in

15



plan and within all the stories of the building. Although some of these infills showed extensive
shear diagonal cracking after the earthquake, they resisted the majority of the lateral loads acting
on the buildings, protecting the columns from a possible failure and helping dissipate the energy
input by the EQGM (Wakabayashi and Romero 1988, NBS 1987). Nevertheless, in other cases,
the masonry infills contributed to poor seismic performance of framed buildings. Some of the
statistical data compiled after the 1985 [4exico EQ provide some insight into this issue

(Wakabayashi and Martinez 1988):

8 42% of all buildings that failed were located on street corners. Of these buildings, a large
percentage were RC framed buildings infilled with URM elements in only two sides (the two
sides facing neighboring buildings), while the two sides fucing the street were left free. A large
number of failures can be attributed to the significant plan irregularity produced by the
asymmetrical distribution of infills, which leads to large torsional response and pounding with

adjacent buildings.

8 A weak and soft first story was present in 8% of all buildings that failed. A large percentage
of these buildings were infilled RC framed buildings, with URM infills in all stories with the
exception of the first story. This created a large concentration of deformation and energy

dissipation demands that led to the failure of the columns of the first story.

@ Short columns created by the improper use of URM infills were observed in 3% of all

buildings that suffered heavy damage or collapsed.

@ Although not statistically documented, a large number of failures were caused by
irregularities caused by the failure of URM infills. In several cases, URM infills with low
strength or inadequate anchorage to the building fell out-of-plane. From the nonstructural point
of view, this type of failure produces extreme danger to human life due to the falling masonry.
From a structural point of view, sudden out-of-plane failure of the rigid infills produces an
unpredictable change in the structural and dynamic characteristics (strength, stiffness and energy

absorption and dissipation capacities) of the building, and thus of its behavior. This type of
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failure can produce soft stories and large torsional response, with the corresponding problems
associated with this behavior. A large number of out-of-plane failures were caused by the large

drifts suffered by several buildings during this EQGM.

To correct the above-mentioned deficiencies in the seismic performance of URM buildings,
more stringent provisions have appeared in EQ-RD codes regarding the proper use of masonry.

Some of the issues stressed by these new provisions follow:

B If masonry infills are not isolated from the existing structural members, then they become
structural elements themselves, and their contribution to the overall response of the structure
should be evaluated, and they and the existing structural members should be designed

accordingly.

B If stiffness and strength irregularities are created due to the presence of masonry elements,
the reduction of the elastic force demands that are allowed for estimating the design forces should

be considerably reduced.

B Design guidelines for the proper design and confinement, in-plane and out-of-plane, of

masonry elements are stressed.

A problem with the above provisions is that they can only be applied to the design and
construction of new buildings. When it comes to correcting the deficient behavior of existing
framed buildings with URM infills, none of the above approaches can be applied effectively, and

thus there is a need to develop efficient techniques to upgrade and rehabilitate these buildings.

1.3 USE OF STEEL BRACES IN THE SEISMIC REHABILITATION OF EXISTING
BUILDINGS
It is out of the scope of this report to describe all aspects involved in the seismic rehabilitation
and upgrading of existing buildings. It is assumed the reader has a basic knowledge regarding

this subject. For an introduction to this topic, the reader is referred to Jirsa and Badoux (1990),
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Miranda (1991) and Bertero (1992a).

There are several elements that can be used to brace an existing structure. Suine of these
elements work by developing axial tension and compression, others by developing only tension.
In the former case, the elements have a high axial stiffness (i.e., rolled steel sections, angles,

channels, tubes, etc.) while in the latter. 4 low axial stiffness (PT steel rods or cables).

The rehabilitation of an existing building using steel braces is an attractive option. Usually it
is possible to achieve large increases in the lateral stiffness and strength of an existing building.

The use of this technique offers the following advantages:

@ Stiffness and defermation capability of the bracing system. A very attractive aspect of the
use of steel braces to upgrade an existing building is the wide range of stiffness that can be
considered in the design of the bracing system. Once the stiffness of the existing structure is
evaluated, a bracing system with adequate stiffness can be developed such that the original
system is allowed to resist a portion of the lateral forces induced by EQGM. In some cases, it
is important for the existing structure and the braces to reach their ultimate strength
simultaneously (i.e., at similar levels of deformation). Designing the bracing system with these
characteristics will usually result in efficient EQ-RD, as shown in Figure 1.3a. In other words,
it would not be efficient to reach a level of deformation at which the original elements of the
structure start to fail, while the braces still remain far from reaching their ultimate capacity, as
shown in Figure 1.3b. It will not be desirable in every case to accomplish compatibility of
stiffness and/or deformation, as in the case where the purpose of the bracing system is to unload

the existing elements as much as possible (Figure 1.3c).

B Loads induced in the foundation. Under normal conditions, it will be possible to distribute
the braces within the building and design them in such a way that the loads that the bracing
system induces in the foundation are distributed over the whole foundation system. In this way,

it is possible to rehabilitate the building without costly modification of the existing foundation.
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B Lightness. The weight of steel braces is usually small compared to that of the existing
structure and that of other upgrading techniques that involve the addition or resizing of structural

elements. Thus, there is a small increase in the weight of the structure and of its reactive mass.

B Other advantages. There are other advantages that, although not important from a structural
point of view, can have a considerable influence in the selection of this upgrading technique.
Among them, the following can be mentioned: clean and fast construction process, the use of
braces to achieve interesting-looking architectural patterns in the structure while allowing sunlight

to reach the interior of the building, etc.

To achieve an adequate seismic performance of an existing framed building upgraded by
means of a steel bracing system, it is necessary to check several aspects of the global and local

behavior of the upgraded structure. Among them, the following can be mentioned.

B Change of behavior of the original frame members. It is important to study the change in
behavior and failure mode of the existing frame members when introducing the braces. In some
cases, if the existing elements are not strengthened properly to avoid their premature failure due
to this change of behavior, the structure can have a poor seismic performance. The introduction
of steel braces into the existing structure usually reduces the lateral deformation of the structure
when subjected to EQGM, and thus usually reduces the bending moments at the ends of the
existing frame members. This reduction usually occurs simultaneously with an increase in their
axial forces, as shown qualitatively in Figure 1.4. In this figure, the behavior of a one-story one-
bay frame is qualitativcly compared to the behavior of the same frame when it is braced. The
comparison of strength demands on one end (top or bottom) of one of the columns of each of
the two versions of the frame is shown in the same figure. As shown, an initial moment and an
initial axial force (M, and P, respectively) exist in the column before lateral load is induced to
the frame. Note that these initial forces usually are not the same in the bare and the braced
versions of the frame. Once the frame is subjected to EQGM, there is a change in the moment
and the axial force in the columns. As shown qualitatively, the moment variation is usually more

significant than the variation of axial force in the bare frame, while the opposite can be said for
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the braced frame. In some cases, the change in behavior of the existing members helps to
improve their seismic performance; nevertheless, an excessive increase in the axial forces (i.e.,
in tall slender buildings) can be detrimental to the members” performance. It is usually considered
that the axial forces in the beams can be neglected in the design of the beams due to the presence
of a slab that is rigid in its own plane. Nevertheless, if the forces in the braces are high, the axial
force induced in the beam to equilibrate such force can be also high, and thus its effeci should

be assessed.

B Change in dynamic characteristics. There is the need to assess the change in the dynamic
characteristics of the building once it is upgraded in order to detect possible changes in its lateral

response.

B Connection of braces to existing structure. The connection of the steel braces to the
existing structure should be done carefully in order to allow the bracing system to fully develop
its lateral stiffness and strength. If the connection fails before the brace it attaches to the

structure, this brace will not be able to develop its maximum strength and/or lateral stiffness.

8 Buckling of the steel brace. To achieve a good seismic performance of the rehabilitated
structure, it is necessary to avoid inelastic buckling of the braces. When a brace suffers nonlinear
buckling during cyclic loading, it can lose a large percentage of its original strength. Overall
buckling of a stiff member can lead to local buckling, and this local buckling under reversals of
deformation can lead to premature failure. Also, the unexpected components of deformation
produced by the buckling of the brace can induce undesirab'e stress components that could lead

to a premature failure of its connection to the existing structure (Badoux and Jirsa 1987).

1.4 USE OF POST-TENSIONED STEEL BRACES IN THE SEISMIC REHABILITATION
OF EXISTING BUILDINGS

The use of post-tensioned steel braces in the seismic rehabilitation of existing buildings is a

relatively new upgrading technique that has been applied successfully to rehabilitate several low-

rise RC buildings (Rioboo 1989). Earthquake simulator tests carried out on a 0.3-scale modetl of
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a six-story moment-resistant steel frame and analytical studies on the use of this technique in
low-rise buildings located on firm and soft soils have shown the efficiency of this technique for
the rehabilitation of low-rise existing structures (Guh 1989, Miranda and Bertero 1990, Pincheira
and Jirsa 1992). These studies have shown the feasibility and efficiency of obtaining significant

increases in lateral strength and stiffness in existing low-rise buiidings using this technique.

Although the use of PT braces has advantages and problems similar to the use of other types

of steel braces, there are some aspects peculiar to PT brace behavior:

H Linear elastic behavior of the PT cables. PT braces are usually designed to work in their
linear elastic range of behavior. This is done to prevent them from yielding in tension and thus
from losing their initial prestress. Figure 1.5a shows the basic axial deformation vs. axial force
curve for a rod or cable (such as those used in PT bracing systems) with no prestress. As shown,
the rod or cable buckles elastically for very low compressive forces, and is capable of developing
its yielding strength under tensile strains. Note that this type of element dissipates energy when
it yields, although it does not when it buckles. Figure 1.5b shows the behavior of the rod or cable
under cyclic loading producing yielding and buckling. As shown, all inelastic tensile elongation
accumulates with reversals of actions, i.e., the length of the brace increases every time it yields

in tension.

Figure 1.6a shows a counterpart of Figure 1.5a for a prestressed rod or cable. As shown, both
figures are basically the same, with the exception that there is an initial state of stress and strain
(produced by the prestress) in the prestressed rod or cable which is accounted for in Figure 1.6a
by shifting the origin of the axial force vs. axial displacement cartesian axes. As a consequence,
the rod or cable can resist axial force under lateral forces that induce, due 1o a decrease in the
initia! tension in the rod or cable, shortening in the brace (this can be interpreted as the rod or
cable developing a compressive force), as shown in Figure 1.6a. From this figure, it is clear that
if the rod or cable loses its prestress, it loses its capacity to resist axial loads when subjected to
compressive strains. Figure 1.6b shows that if the rod or cable yields, there is a loss of prestress.

This is illustrated by following the load path OABC in Figure 1.6b. As shown, the rod or cable
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remain elastic in the OA portion of this path. Once it reaches its yielding strength (point A) it
yields and follows AB. As soon as there is a load reversal, the rod or cable unloads and reaches
point C, which corresponds to zero axial deformation. From comparison of the location O and

C, it can be concluded that there has been a loss of prestress.

The above observations can be used to understand the consequences that yielding of the PT
braces can have on their performance. First, excessive loss of prestress will reduce significantly
the ability of the PT braces to resist lateral loads that will shorten them. Second, excessive
elongation of a PT brace can result in a decrease of the lateral stiffness of that brace. These two

effects are detrimental to the performance of the PT bracing system.

It is also convenient to assess the consequences of the PT braces’ elastic behavior on the
dynamic response of the structure. For example, if the braces carry the majority of the lateral
loads, the structure will respond essentially elastically to the effects of an EQGM. Possible

increases in the response of the entire building due to this effect should be carefully assessed.

B Yielding Strength. The PT braces can be fabricated from steels with different yielding
strengths, and thus they can easily be designed for a wide range of elastic deformation capacities.
Even if the PT braces are designed to remain elastic, a variety of yielding strengths can be used
in the design process to enhance the compatibility of strength and deformation between the

existing structure and the new bracing system, as shown in Figure 1.7 (Riobon 1989).

@ Initial state of stresses in the PT braces. The amount of prestress provided to the PT braces
should be designed to prevent their yielding and/or buckling. Thus, it is necessary to have a good
estimate of the maximum axial forces and interstory drifts that can be induced in the PT braces

and the upgraded building, respectively, when the building is subjected to the design EQGM.

W Elastic buckling. Due to their low axial stiffness, the PT braces do not buckle inelastically.
If they are subjected to net compressive strains, the PT braces just buckle (bend) without

developing compressive stresses, but as soon as the loads reverse (to tension) the brace can
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develop its full tension capacity. This behavior can be repeated through several cycles without
degradation of the tensile axial strength of the brace. In some cases, it may be necessary to assess
the consequences that the elastic buckling of the braces can have on the seismic performance of
the building (i.e., changes in strength and deformation demands in the existing elements that can

lead to demands for which they were not designed for).

B Whipping of the PT braces. Due to their low axial stiffness, the PT braces deform out of
plane when subjected to compressive strains (i.e. when they undergo elastic buckling). Even a
small axial deformation in the braces can produce large out-of-plane deformations. Thus, it is
necessary to provide out-of-plane support to the PT brace to avoid this deformation component,
or better, to have a good estimate of the minimum axial force acting on the brace when the

structure is subjected to the design earthquake, in such a way that buckling can be avoided.

# Initial state of stresses in the existing elements. Due to the initial level of prestress in the
PT braces, an initial state of stresses is induced to the existing elements. Thus, the level of
prestiess to use cannot be determined without studying its effects on the behavior of the exis'ing
members. The existing members are subjected to an initial state of compression, which in some
cases will enhance their seismic performance (mainly in low-rise buildings). Nevertheless, if the
transverse steel of the existing members is poorly detailed, especially in columns, the initial
compressive forces can be detrimental to their behavior. In some cases, the existing elements

should be upgraded to resist these forces.

B Energy dissipation capacity of the braced building. The fact that the PT braces remain
elastic does not mean that the members of the existing structure, rehabilitated by this technique,
will exhibit elastic behavior. As shown in Figure 1.8, it is possible to achieve controlled energy
dissipation in the existing members while the braces remain elastic. It should be emphasized that
the braces by themselves do not contribute to the energy dissipation capacity of the upgraded
structure, because they are supposed to remain elastic. Nevertheless, the braces may indirectly
enhance the energy dissipation capacity of the upgraded structure by enhancing the seismic

performance of the existing elements (Miranda and Bertero 1990).
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H Inelastic behavior of the PT cables. It has been suggested by some researchers that in some
cases it is appropriate 1o use high levels of prestress for the PT cables, in such a way that the
braces yield in tension at relatively small drifts. The bracing system is expected to dissipate
energy through the braces’ hysteretic behavior during the early stages of an extreme event.
Pincheira and Jirsa (1992) note that this design criterion can be more effective than using lower
levels of initial prestress, and thcy emphasize the importance of preventing the braces from
becoming slack. Figure 1.9 shows the axial load vs. axial deformation behavior for a rod or cable
with a high level of prestress. This figure shows that if the rod or cable yields, there is a loss of
prestress. This is illustrated by following the load path OABC in Figures 1.9a and 1.9b, and
comparing the location of points O and C. Nevertheless, it can be seen that if the initial level of
prestress is high and the inelastic deformation demand is small, the remaining prestress is enough
to allow the rod to adequately resist axiul forces under relative compressive strains, as shown in
Figure 1.9a. As shown in this figure, some plastic hysteretic energy has been dissipated in the
process. Figure 1.9b shows a case in which the inelastic axial deformation of the rod or cable is

excessive.

B Economy. Usually, the only materials needed to implement this technique are the braces
themselves and their connection. Considering other costs, such as equipment and qualified labor,

the total cost of implementing this technique in the field is usually lower than that of other

upgrading techniques.

1.5 USE OF POST-TENSIONED STEEL BRACES IN THE SEISMIC REHABILITATION
OF FRAMED BUILDINGS WITH UNREINFORCED MASONRY INFILLS

The possible use of PT braces to upgrade existing framed buildings with URM infills is
discussed conceptually (rather than quantitatively) in this section. The foliowing are important

aspects of this problem.

8 Need to establish a rational performance criteria *hat takes into consideration the
structural and mechanical characteristics of the URM infills. Before attempting to discuss the

use of PT braces in the rehabilitation of framed buildings with URM infills, it is necessary to
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define the desired performance of the upgraded building when subjected to EQGMs
corresponding to the different relevant limit states (service, damageability, sa‘~ty, etc.). One way
of defining the desired performance of the building consists in establishing performance criteria,
i.e., defining limits for the value that the global and local response of the building can have in
such a way that the response of structural and nonstructural elements can be controlled within
a certain acceptable range of behavior. For instance, damage in frame members and URM infills
(in-plane) can be controlled by limiting their deformation and energy dissipation demands, while
out-of-plane damage control in URM infills and the integrity of the contents of the building can

be achieved by limiting the story accelerations in the building.

In particular, current code regulations do not provide enough information and/or regulations
to allow for a rational EQ-RD that takes into consideration the desired performance of the
building when subjected to different levels of EQGMs. Thus, it is necessary to definc rational
performance criteria based on the expected (real) behavior of the URM infills. As discussed in
Section 1.2, URM infills can have beneficial effects on the seismic performance of existing
framed buildings (increased giobal stiffness, lateral strength and energy dissipation capability),
and thus, a rational performance criteria for framed buildings with URM infills should be based
on allowing the infills to contribute to the global lateral load resistance of the building in a

controlled manner (i.e. without suffering excessive damage and/or degradation of their mechanical

characteristics).

As remarked in Section 1.2 and shown in Figure 1.1, URM walls and infills show stable
hysteretic behavior without considerable degradation of their resistance and hysteretic energy
dissipation capabilities for relatively large drift. Thus, it seems that a reasonable way to enhance
the seismic performance of URM infills, and thus of the entire building, consists in controlling
their interstory distortions by controlling the global lateral displacement of the building. Note that
if the in-plane degradation of the mechanical characteristics of the URM infills is kept within
reasonable values, the probability of occurrence of an out-of-plane failure due to in-plane effects

diminishes considerably.
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In some cases, damage cuntrol in URM infills can not be achieved by only limiting their
interstory distortions, given that in some cases the nonlinear cumulative demands are relevant to
their behavior. The fundamental period of translation (T) of low-rise buildings tends to be small,
especially if they are infilled with URM walls and/or upgraded with a bracing system. In this
range of T, the damage produced by nonlinear cumulative demands (such as the demand of
hysteretic energy dissipation) is less relevant, in many cases, than that produced by interstory
distortion (Terdn-Gilmore 1993). In these cases, it is reasonable to attempt damage control by
focusing on displacement control. For small T, one way to control the displacement of a structure
is by decreasing its global ductility demands by increasing its lateral strength (Shimizaki 1988,
Qi and Moehle 1991). Nevertheless, once the lateral strength of the system reaches a certain
value, a further increase in strength will not significantly affect the displacement response of that
system. Thus, for the upgrading of a framed building with URM infills, it seems reasonable to
increase adequately the strength and stiffness of the building through the introduction of the PT
braces, in such a way that the interstory drifts, and thus damage in the URM infills, can be
controlled to acceptable values (which must be defined as part of the performance criteria). Note
that this is not the cace for structures with larger T and built in soft soils, in which case the
nonlinear cumulative demands can be significant and the elastic displacement can be similar or

even considerably larger than the inelastic displacement.

B Proposed performance criteria and philosophy of design for the PT braces. The design
of an adequate PT bracing system for the seismic upgrading of a building can be based on
different performance criteria. Once these criteria have been established and quantified, different
philosophies of design can be used to satisfy them. In this section, one approach to the upgrading

of existing infilled frame buildings with PT braces is discussed.

First, it should be emphasized that a large percentage of infilled frame buildings is formed by
buildings having non-ductile frames, which in past decades were designed for gravity loads only
or using rudimentary EQ-RD provisions. In this type of building, there is no certainty that the
frame members can undergo significant, and in some case even moderate, nonlinear demands.

A performance criterion involving these frame members should focus in avoiding their non-
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ductile (brittle) failure, which implies limiting them to their elastic range of behavior. It has been
suggested before that the PT braces should remain essentially elastic during a seismic event. It
follows from the above observations that the PT braces should be designed and introduced into

the building in such a way that they and the frame members remain elastic.

One of the drawbacks of keeping the frame members and PT braces elastic is the probable
increase of the strength demand in the building when subjected to ground motion. One way of
diminishing such demand is to provide energy dissipating devices to the structure. It should be
noted that this is not necessary in the case of infilled frames, given that they have a large natural
source of viscous and hysteretic energy dissipators in the URM infills. Nevertheless, to use the
URM infills as energy dissipators it 1s necessary to make sure they can provide this dissipation
in a stable manner throughout the duration of the response to the critical ground motion. From
the discussions presented in Section 1.2.1, it can be concluded that this is achievable by
controlling their in-plane deformation, and thus the maximum IDI in the building, within certain

limits.

The proposed performance criteria for the upgraded building can be summarized as:
* Non-ductile frame members should not develop brittle failure.
* URM infills should not collapse.
* The PT bracing system should not lose stiffness or develop soft stories (prevent PT braces from
becoring slack and/or from buckling in compression).
* The above criteria can be complemented with performance criteria for nonstructural elements

as well as contents.

To achieve the above performance criteria, the following philosophy is suggested:
¢ Keep the PT braces and non-ductile frame members in their elastic range of behavior.
» Control the maximum IDI in the building in such a way as to achieve a stable hysteretic

behavior in the URM infills.

It should be strongly emphasized that the good performance of the upgraded building can only
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be achieved by controlling its response. It is not enough to meet just the strength demands in the
building to achieve such control. Thus, the design of the PT braces can not be based on a
strength demand-supply approach, such as those stressed by current EQ-RD codes; rather, the PT
bracing system should be configured and designed taking inte account simultaneously the
expected strength, displacement (or IDI) and energy dissipation demands. It was suggested
before that the IDI in the upgraded building should be controlled to achieve a stable hysteretic
behavior in the URM infills. If their hysteretic behavior is stable, it can be said that the URM
infills possess a high energy dissipation capacity. In many cases, the large energy dissipation
capacity in the structure provided by the URM infills would make unnecessary to consider the
demand-supply balance of hysteretic energy dissipation in the EQ-RD of the upgraded building.
In other words, in many cases, it would be enough to consider simultaneously the strength and
displacement demands to design and configure the PT bracing systcm. The previous observation

will not be true for EQGMs with very large duration of strong motion.

H Out-of-plane failure. The upgraded building can have an adequate seismic performance only
if the out-of-plane failure of the infills is avoided, given that its occurrence can induce sudden
and very large stiffness and strength irregularities, and thus unpredictable and large changes in
the dynamic properties of the building. It is important to address again the concept of out-of-
plane dynamic stability introduced in Section 1.2. It has been noted by the researchers of the
ABK Method (1984) that, if the movement of the whole building is dampened by the yielding
and nonlinear behavior of some of its members, the out-of-plane forces are considerably reduced
(Langenbach 1990). In the case of upgrading an infilled frame, the use of PT braces with high
stiffness and strength will likely reduce the nonlinear demands (deformation and hysteretic energy
dissipation) in the building, which in turn will likely increase the in-plane and out-of-plane lateral
forces and accelerations in the building (with respect to those on the unstrengthened building).
Nevertheless, given that in the upgraded building the URM infills are supposed to dissipate
energy through controlled nonlinear hysteretic behavior, the likely increase of lateral forces and
story accelerations may be controlled to acceptable values. This issue will be addressed in more

detail later.



To summarize, two issues need to be addressed. First, the lateral stability of the URM infill
accounting for in-plane damage and out-of-plane acceleration demands; and second, the change
of the lateral forces and accelerations on the building (in-plane and out-of-plane) with respect to

those on the original building.

B Efficient (optimal) relative stiffness and limiting deformation. As mentioned in Section
1.3, in order to achieve efficient EQ-RD of the upgraded structure it is important to select an
efficient stiffness for the bracing system, and to supply this system with a lateral deformation
capability similar to that of the existing structure. The mechanical characteristics of the PT
bracing system should be provided in such a way that it adds enough strength and stiffness to
the upgraded building to achieve adequate control of the interstory drifts and nonlinear
cumulative demands, and it should be flexible enough to allow the infills to resist a significant
portion of the lateral loads, and thus to allow the infills to be used extensively to dissipate
energy. In other words, the PT braces should add enough stiffness to control the maximum IDI
in the building, but they should not be so stiff thal they minimize the contribution of the URM

infills to resist the ground motion.

@ Stiffness and strength irregularities in existing framed buildings with URM infills. As
remarked before, URM infills have been commonly used as nonstructural elements. Given that
in the past the contribution of these elements with such high stiffness and strength was usually
neglected in the design process, no special consideration was given to their location within the
existing frames of a building. Thus, large irregularities in plan and height of stiffness and strength
usually exist in this type of building. The PT bracing system should attempt to correct the
irregularities created by the infills, both in plan and height.

@ Difficulty in assessing the real behavior of framed buildings with URM infills. Brokken
and Bertero (1981) have noted that the lateral stiffness and strength of a masonry infill are very
sensitive to the quality control of the material. as well as to the quality of their workmanship
(including the interfaces of the infill and the existing frame elements). It should be mentioned

that infill walls have a wide variety of configurations, depending on whether there are doors,
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windows, or other holes in the infill. The variability of the properties and geometry of the infills,
as well as the large irregularities of strength and stiffness they may produce in the building, have
to be considered carefully if a realistic prediction of the behavior of the infilled building needs
to be obtained. Given the complexity of the models and our lack of knowledge about how to
model adequately the characteristics and irregularities of infilled framed buildings, it is necessary
to use simplified models with the corresponding introduction of uncertainty (which is
considerably larger than that involved in evaluating the real behavior of regular framed buildings)
in the results obtained in their analysis. This uncertainty needs to be assessed carefully given that
it is essential to have a reasonable estimate of the behavior of the upgraded building in order to
avoid the loss of prestress and/or the elastic buckling of the PT braces. Given our current
limitations, it would be desirable at least to bound the response of the upgraded building by
bounding some of the main structural and dynamic characteristics of the analytical model to be

used in the final analysis, and to make the final design of the PT bracing system accordingly.

B Degradation of structural properties of URM infills during an EQGM, and its
consequence in the use of elastic analysis to predict the response of a framed building with
URM infills. It has been observed experimentally that the cyclic loading of URM infills leads
to degradation of stiffness and strength, and that the effective equivalent viscous damping
coefficient of the virgin system increases considerably as soon as some cracking develops
(Brokken and Bertero 1981). Therefore, the stiffness, strength and damping properties used to
model the URM infills in the building need to be considered carefully according to the expected
deformation and cumulative demands on those infills. This is especially true if elastic analyses,
as required by current EQ-RD codes, are carried out to analyze the behavior of the building,
given that even at small deformation levels, the stiffness of the URM infills can decrease

considerably with respect to its uncracked stiffness (Brokken and Bertero 1981).

B Initial state of stress in the existing URM infills. It is necessary to evaluate the
consequences that the initial state of stresses (due to prestressing of the PT braces) has on the
seismic performance of the URM infills. Two possible effects can be mentioned: an initial state

of moderate in-plane compression in the infills will usually enhance their ultimate strength,

30



deformation capability and overall stability, while high compressive stresses can be detrimental
to their behavior. Because of the large plan area of the URM infills, the increase in compressive
stress is not expected to be very large, and thus this initial state would probably enhance the
behavior of the existing URM infills. If the initial state of compression enhances the behavior
of the infills, it would be desirable (if possible) to locate the PT braces in the frames where the
URM infills are located.

B Yielding of the PT braces. If the inelastic deformation demands in the braces are large, in
such a way that they become slack, their stiffness diminishes, and this decrease in stiffness can
be reflected by an increase in the displacement of the building that can induce excessive damage
to the URM infills. Heavy damage (or failure) in the URM infills can lead to large irregularities
of strength and stiffness throughout the plan and height of the upgraded building, which may
produce unpredictable changes in its dynamic characteristics and, very probably, detrimental
changes in its behavior. Even if no irregularities are created by the excessive degradation of their
mechanical characteristics, if the contribution of the infills to the strength and stiffness of the
building is lost unexpectedly as a consequence of the excessive yielding of the bracing system,
an important percentage of the lateral load will begin to be carried by the frame. This can
produce a large combination of axial forces and moments in the frame elements: axial forces
induced by the braces and flexural moments due to the increased lateral deformation of the
building. This type of loading, for which the frame elements were not designed, can lead to non-
ductile failures in the existing columns. The importance of avoiding excessive yielding of the
braces lies in the need to control the displacement in the URM building to acceptable values in
such a way that excessive damage to the infills and other vertical elements is avoided. If the PT
braces are allowed to yield. it is necessary to limit this yielding in such a way that it will not be
detrimental to the response of the building. As the forces to be induced in the braces depend on
the interaction between the dynamic characteristics of the entire building system and those of the
EQGM, the importance of having a reasonable estimate of the characteristics and intensity of the

EQGMs at the site is emphasized.
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2 CASE STUDY OF THE SEISMIC PERFORMANCE OF A FRAMED
BUILDING WITH UNREINFORCED MASONRY INFILLS

The possible advantages and disadvantages, as well as the main design considerations for the
use of post-tensioned (PT) braces to upgrade non-ductile frames with unreirforced masonry
(URM) infills have been discussed in Chapter 1. Although from these discussions it can be
established that the use of such upgrading technique may be attractive, there is a need to provide
more concrete discussions that can aid the structural engineer to yjudge in a more realistic context
the possible benefits and drawbacks associated with the use of this technique. This in turn, may
help the engineer in deciding when can this upgrading technique may be used efficiently. At the
heart of this issue lies the need to provide the practicing engineer with some quantification of the
design and real mechanical properties of the bracing system (i.e., how many braces and their
location, their size, their yielding strength, etc.) as well as of the global and local response of the
upgraded building (and, of course, how does this response differs from that of the original

building).

To make the above possible, it is necessary to provide some realistic examples of the use of
PT braces in infilled non-ductile frame buildings. In this context, the best example that can be
provided 1s to apply this technique to a real (existing) building, and discuss, while the
carthquake-resisting design (EQ-RD) of the bracing system progresses, the relevant design
considerations associated with its use. A great opportunity to accomplish this goal is provided
by the fact that the Strong Motion Instrumentation Program of the California Department of

Mines and Geology (CSMIP) has instrumented several buildings with infilled non-ductile frames.

After a brief search for a building that could provide a good example, a six-story commercial
building with 12 channels of instrumentation and iocated in Pomona (CSMIP Station No. 23544)
was selected. This building provides the opportunity to emphasize the benefits of the use of PT
braces as an upgrading technique given that its infilled reinforced concrete (RC) frames have

insufficient lateral strength and stiffness, as well as a large mass, stiffness and strength
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irregularities in plan and height. Also, the availability of the recorded response of the building
to two earthquake ground motions (EQGMs) with different characteristics allows the study of its
behavior and performance when subjected to different levels of EQGM, as well as the assessment
of the reliability of current analytical tools to model such behavior. In this chapter, relevant
information about the structural characteristics of the Pomona building is introduced, followed
by a discussion of the problems found when modeling URM buildings for linear and nonlinear
analysis. Finally, different analytical models of the Pomona building are analyzed when subjected
to EQGMs of different intensity, and the results obtained from the analyses are discussed to

assess its seismic performance and the need to upgrade it.

2.1 DESCRIPTION OF CASE BUILDING (POMONA BUILDING)

CSMIP Station No. 23544 is a six-story commercial building with a penthouse, a mezzanine
and a basement level. This building was constructed in 1923 and has RC framed structure with
unreinforced brick masonry infills in all its perimetral frames and three internal frames. At the
ground level the building measures 65 feet (E-W direction) by 120 feet (N-S direction) in plan,
as shown in Figure 2.1. Table 2.1 shows floor elevations and masses, along with the approximate
locations in plan of the centers of mass and rigidity on each floor. The centers of mass
corresponding to the second through fifth floor are close to the geometric centroid of the floor
diaphragms, while large mass eccentricities exist in the mezzanine and sixth floors. In the
mezzanine floor, the center of mass is displaced towards the northwest corner, and in the sixth
floor (roof), towards the southwest corner. As shown in Table 2.1, the distance in the N-S
direction between the centers of mass and stiffness in the mezzanine and second floors is very
large, while in the third to sixth floors it is small. In the E-W direction, this distance is large for

all floors.

The floor system consists of a three-inch thick one-way RC slab supported by RC joists spaced
every two feet, while the structural system for gravity and lateral loads is formed by non-ductile
RC frames (having beams, girders and columns) infilled with URM walls. Figure 2.1 shows
schematic plan views of the different floors of the building, while Figure 2.2 shows schematic

elevation views of the four perimetral frames and the notation used for floors and stories. As
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shown in Figure 2.2, there are URM infills in the perimetral frames, which probably contribute
significantly to resist the lateral loads induced in the building by EQGMs. As shown, practically
all infills in Frame | are full infills (without openings), while those located in Frame 6 have large
openings, creating large stiffness and strength eccentricities in the E-W direction of the building,
especially in the mezzanine and second floors (see Table 2.1). Infills located in the upper stories
of Frames A and F show similar characteristics (openings); nevertheless in the lower stories
(ground and mezzanine) the stiffness and strength of Frame A are lower than those of Frame F
{by comparing Figures 2.2¢ and 2.2d, it can be seen that Frame A has a double-height first story
and weaker and more flexible URM infills in this story than those in Frame F), creating large
strength and stiffness eccentricities in these levels in the N-S direction (see Table 2.1). This
eccentricity (N-S direction) is magnified by the presence of an L-shaped mezzanine (which as
shown schematically in Figure 2.3 runs along Frames 1 and F), and a large mass eccentricity at
the roof in this direction. It can be concluded that the building has large irregularities of mass,

strength and stiffness in plan.

As shown in Figure 2.2, Frames A and 6, which correspond to the two facades facing the
streets, show a double-height first level that has considerably fewer infills than the upper levels.
As will be discussed in more detail later, this creates a weak and flexible first level, which

produces a large irregularity in height, both in strength and stiffness.

The basement of the building is enclosed by a perimetral 12-inch thick concrete wall, which
provides a stiff and strong support for the columns of the ground story, except those of Frame
6, because this perimeter wall has an offset of 7 feet 6 inches with respect to the plane defined

by Frame 6, as shown in Figure 2.4.

The sizes of the beams are fairly constant over height, as shown in Table 2.2. Columns are
square, and their sizes decrease considerably in higher stories, and become very small in the top
story, as shown in Table 2.3. The sizes and reinforcement of columns are available, as well as
some idea of the detailing of their transverse and longitudinal reinforcement. In the majority of

the columns, transverse reinforcement was provided by closely spaced spirals. The sizes of the
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beams are available; nevertheless, because of the unavailability of information regarding their
reinforcement, it was necessary to obtain estimates of thetr longitudinal and transverse
reinforcement. To get a reasonable estimate of this reinforcement, it was considered necessary
to look for information regarding the nature of the design procedures used in the year the

building was designed (1923).

After a brief bibliographical search, it was found that the Building Laws of San Francisco
(BLSF) of 1926 were the design regulations that came closest in time to the year 1923.
According to these regulations, no considerations regarding lateral loads (including wind) should
have been made in the original design of the six-story building (given its low height and large
base-to-height ratio). Thus, there was reason to believe that this building had been designed for
gravitational loads only. The structural drawings of this building include the axial loads for which
its columns were designed, and it was found that these loads were very close to the axial strength
of the columns obtained using the BLSF provisions for the design of axially loaded columns
subjected to gravity loads. This fact confirmed that the structure was designed for gravitational
loads only. Thus, an estimate of the longitudinal and transverse reinforcement of the beams was
obtained by designing them according to the BLSF of 1926 and for gravitational loads only.
Because the axial loads used in the original design of the columns were available, it was possible
to reconstruct partially the gravitational loads for which the beams were designed. This process

was facilitated by the extensive use of one-way slabs throughout the building.

It should be mentioned there are not enough available data to determine the type of anchorage
and splicing used in the longitudinal reinforcement of beams and columns. Normally, it would
be necessary to determine this information in the field; nevertheless, such information was not
available. Thus, it is not possible to determine whether the detailing provided to the reinforcing
bars would allow the RC elements to develop their maximum flexural strength. It is unlikely that
the detailing used for the longitudinal reinforcement at the time of the design (1923), including
the fact that the building was designed for gravitational loads only, will allow the RC elements
to reach their ultimate and even their yielding flexural capacity. This fact introduces a large

uncertainty into the analysis of the Pomona building; nevertheless, given that the existing frame
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members are supposed to remain elastic once the PT braces are introduced into the building, this
issue is not expected to matter very much for the analysis of the upgraded building, as will be

explained in Chapter 3.

2.2 MATERIAL PROPERTIES, MODELING OF MATERIAL BEHAVIOR

@ Masonry. The mechanical characteristics of the masonry are not known, because material
tests have not been performed on the masonry of the Pomona building. These characteristics were
estimated according to the values suggested by Kariotis et al. for the masonry in this building

(1993):

Compressive strength 1.2 ksi
Compressive strain corresponding to compressive strength .004 in/in
Elastic modulus (tension) 400 ksi
Cracking strength 0.1 ksi
Tensile strain .00025 in/in

The stress-strain curve for the masonry was modeled according to the above mechanical

properties and the following expressions (Ewing et al. 1990):

* Compression: As shown in Figure 2.5, the stress-strain relation is described by two second-

order polynomials and an exponential tail:

J(©) =f,[A (eleg) - MA, - 1(ele))’] ; Ozeze,

ey epy1 - }

€)= - ’ € _2€ ZE‘

Pl Ay, P @1
fe)=f,|A;+(1-A ’3)exp‘-y e _e')] ; €<e

where f(€) is the principal compressive stress; €, the principal compressive strain; £, , the uniaxial
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compressive strength; &, the strain corresponding to f, . f,, the peak uniaxial compressive
strength; €, the strain corresponding to £, ; A, a strength modification factor (f, = f, / A); €, the
point of tangency between the second and third equations above; f,, compressive stress at €,; A,

. Ay, A, A, are shape factors; and:
A=A LIRD

€, =¢g[1+A,(4,-1)/A] (2.2)

2fme‘(e‘-ep)
Y =
A,(1-A%) (A, €,

 Tension: As shown in Figure 2.6, the stress-strain relation is defined by a straight line plus an

exponentially decaying tail as follows:
f(e)=Eke, ; O<e, <€,

2.3)
fe=f£,

€ -¢
B, +( —B,)exp[—a'——ﬁ” i €,>€,

etr
where f(€) is the stress in the masonry due to tension stiffening; E,, the modulus of elasticity in

tension; €, , the tensile strain; £, tensile cracking strain; f_, tensile cracking stress; o, positive

exponential parameter; and B,, the lower limit for the exponential branch.

The compressive strength of the concrete and the yielding strength of the steel according to
the structural drawings of the building are 3 ksi and 40 ksi, respectively. The stress-strain
relationships for concrete and steel were modeled as follows:

@ Concrete. The stress-strain relationships for confined and unconfined concrete are described

by the following equations (Park et al. 1982):
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and f_ is the longitudinal concrete stress; €, the longitudinal concrete strain; f, , the yield stress
for the hoop reinforcement; h, , the width of the concrete core measured to the outside of the
hoops; s, the center-to-center spacing of the hoops; and €, is typically assumed to be equal to

0.002. The maximum concrete strain is given by

€.me;=0:004 + 044 p_f units: psi 25

where p, is the ratio of the volume of hoop reinforcement to volume of concrete core measured

to the outside of the hoops.

The modulus of elasticity, E. , and the modulus of rupture, i, , were assumed to be (Mac
Gregor 1988):

E=57000 f"  £-75f/ units: psi (2.6)

B Steel. The steel reinforcement behavior was modeled by a straight line with slope E, in its
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elastic range of behavior, by an horizontal straight line for plastic yield plateau and by a parabola

once it strain-hardens:

f=Ege,  e,lse,
1., sgn(e) €,<[e,|<e,
fla, €ra le|vag) sgn(e)  eu<ielse,
.7
where
=life >0
sgn(e) | = "1 ife <0
=0ife =0
1.,
a2= 2 al:— 2€u a0=fu _azelzlhaleu

12
€,-€4-2 €, (€,-€,)

For a reinforcement bar, an effective length of sW2 was assumed to be laterally supported by

stirrups. The critical buckling stress, f,, , is given by the following relation (Filippou 1987):

2
S, =2 Efey 22 (2.8)
s

where E(¢€)) is the tangent modulus of the steel stress-strain relationship and ¢, the diameter of

the bar.

The following values for steel Grade 40 were considered (Astaneh 1991):

Yielding stress, f, = 40 ksi
Ultimate stress, f, = 58 ksi
Strain at onset of strain-hardening €, = 0.012
Strain at ultimate, g, =020
Modulus of elasticity, E, = 29000 ksi



2.3 ANALYTICAL MODELING OF THE POMONA BUILDING

Although some suggestions regarding the modeling of buildings with URM infills are currently
available, considerable research needs to be devoted to this issue. In several cases, the fact that
some nonlinear analyses are carried out on a building raises the expectations of the engineer
regarding the validity of the results obtained from such analyses. It must be mentioned that due
to the large uncertainty involved in obtaining realistic analytical models for URM infills
(especially in the case when the infills have openings and suffer several cycles of nonlinear
behavior), the results obtained from the elastic and nonlinear analyses of infilled buildings need

to be evaluated and judged carefully.

In this section, some suggestions made by several researchers to model URM infills and RC
members when subjected to lateral deformations are presented. Within the framework provided
by this information, the considerations involved in the modeling of the members of the building

for performing elastic and nonlinear analyses of this building are discussed.

2.3.1 MODELING CONSIDERATIONS FOR ELASTIC ANALYSIS

As noted in Section 1.2.1, at some stage of their behavior URM infills usually suffer extensive
diagonal cracking which helps in the formation of a mechanism in which lateral loads are resisted
by a compression strut. Several researchers have suggested the possibility of modeling masonry
infills using truss elements. Section 4.2.1 of "Guidelines for Analysis of Existing Frame
Structures with Concrete or Masonry Infills” of SEAOC (1993) states: "URM infills within frame
elements shall be modeled as an equivalent strut developed from a rational analysis and using

the strength and modulus characteristics us established by physical testing."

Klingner and Bertero (1976) discuss in detail the use of empirical formulas to determine the
properties of an "equivalent” strut to be used in elastic analyses, while the use of the lateral force
vs. lateral deformation curve of the infill (determined by using nonlinear finite element analysis)

1o estimate the properties of the strut has been discussed by Kariotis et al. (1993, 1994).

If an elastic analysis is performed, only the stiffness of the infill, and thus of the equivalent
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strut element, is required. Nevertheless, a question arises: Should the uncracked stiffness of the
infill be considered in the analysis? Or, if an uncracked stiffness is used, how is this stiffness
defined? To illustrate the difficulty involved in obtaining a definition of stiffness for an URM
infill, the lateral deformation vs. lateral load curve for an URM infill (obtained from nonlinear
finite element analysis) located in the building 1s shown in Figure 2.7. As shown, once the infill
cracks considerable nonlinear behavior develops. Nevertheless, the lateral load-resisting capacity
of an URM infill usually increases considerably with respect to the lateral load that produced the
cracking. In some cases, it might be necessary to analyze the behavior of the building beyond
first cracking by means of an elastic analysis, and thus the behavior of the infills beyond first
cracking must be modeled in ar appropriate manner (i.e., using an appropriate secant stiffness).
The problem that arises from the need to decide what secant stiffness should be used in the
analysis is considerably obscured by the fact that the empirical equations given by different
researchers to obtain the properties of the equivalent strut are usually not accompanied by
relevant information regarding the deformation levels at which these equations are valid. A recent
study (Jamal et al. 1992) suggests that several of these recommendations were obtained for
different deformation levels, and thus cannot be applied freely to the modeling of URM infills.
Therefore, it is convenient when possible 1o estimate the stiffness of the equivalent strut from the
lateral force vs. lateral deformation curve of the URM infill. In some cases, nonlinear finite
element programs have been used to estimate these curves, such as those shown in Figure 2.7,
{(Kariotis et al. 1993 and 1994). It should be mentioned that for this type of analysis, the
modeling assumptions made to model the URM infill, surrounding elements and their interface

should be done carefully given their influence on the final results.

Before establishing the properties of the equivalent strut once the lateral force vs. lateral
deformation curve is available for a given URM infill, it is necessary to estimate its expected
level of lateral deformation when the building is subjected to EQGM. Then, a secant stiffness can
be estimated for use in the elastic analysis. But the lateral deformations in turn depend on the
stiffness of the infill, which implies that to obtain reasonable results from an elastic analysis an
iterative procedure must be used. To make this iterative procedure possible, the degradation of

the strength and stiffness of the URM infills, and the energy dissipated during cyclic loading
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must be neglected or modeled according to simplifying assumptions.

A three-dimensional (3D) elastic model of the building was prepared by Kariotis et al. (1993).
Kariotis et al. calibrated some structural parameters of the building, such as the effective stiffness
of the RC members and URM infills (equivalent struts) and the percent of critical damping (§),
in such a way that the response predicted analytically from the elastic model of the building
matched as closely as possible the recorded response of the building during two EQGMs. The
following are some of the modeling consid..ations made by Kariotis et al.

@ Slab. The RC slab was modeled as a rigid diaphragm.

B RC frame members. The effective stiffness of RC members was estimated by reducing the
moment of inertia of their gross section by a factor which accounts for cracking according to the
expected interstory drift index (IDI) demands.

M URM infills. The URM infills were modeled as diagonal truss elements, whose properties
were estimated ac~rding to secant stiffness obtained from the curves shown in Figures 2.8a to
2.8h and the expected level of IDI.

@ Damping. § = 0.02 for all modes. Although higher values of & can be expected when URM
cracks, Kariotis et al. found that the results obtained from the analysis of their elastic 3D model
came closer to the recorded response of the building when a £ = 0.02 was used.

B Mass. The mass and location of the center of mass on each floor is shown in Table 2.1.

B Modal time history analysis. Only the contributions of the first three modes were

considered.

The dynamic characteristics according to the Kariotis et al. elastic 3D model are shown in
Table 2.4. As shown, T, = 1.04 sec can be considered as the fundamental translation period in
the E-W dircction, while T, = 0.51 sec can be considered as the fundamental translational period
in the N-S direction. T, = 0.70 is associated with a fundamental torsional mode of the building,

which is coupled with the translational response of the building in the N-S direction,

Figure 2.9 shows the location of the sensors at CSMIP station No. 23544 {Pomona building).

As shown, they are concentrated in the basement, at the second floor and on the roof. Figures
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2.10 and 2.11 show story displacement envelopes estimated from the second floor and roof
maximum displacements (interpolating linearly to obtain the maximum displacements of other
stories) recorded during the Landers earthquake (EQ). Similar envelopes for the same EQGM
were estimated from an elastic time-history analysis of the Kariotis et al. 3D model using the
program SAPY0 (Habibullah 1989). As shown in Figure 2.11, there is a close match between the
analytical and recorded displacements in the N-S direction, while Figure 2.10 shows that a
reasonable match was obtained in the E-W direction. It can be concluded that the maximum

response of the building can be reasonably estimated using an ¢lastic model.

A more detailed discussion of the modeling of the building, as well as further comparison

between the estimated response and the recorded response, can be found in Kariotis et al. (1993).

2.3.2 MODELING CONSIDERATIONS FOR NONLINEAR ANALYSIS AND THEIR EFFECTS ON THE
RELIABILITY OF THE EXPECTED RESULTS
@ Modeling Considerations. The modeling of URM infills for nonlinear analvsis is considerably
more difficult than their modeling for elastic analysis. In the case of nonlinear analysis, the model
of the infill should be able to predict the following: initial stiffness, first cracking and ultimate
strengths, and degradation of stiffness and strength (including the pinching effect associated with
the deterioration of initial stiffness). A comprehensive study regarding the modeling of the linear
and nonlinear behavior of infilled RC frames using an equivalent truss element was carried out
by Klingner and Bertero (1976) and Klingner (1980). Some researchers (Mander et al. 1994,
Chrysostomou et al. 1992) have recently discussed the advantages of modeling the nonlinear
behavior of URM infills without openings by using multi-strut models (one-diagonal and two off-
diagonal struts acting simultaneously in compression only). Nevertheless it shouid be noted that
very limited research effort has been devoted to the simplified modeling of the nonlinear behavior
of URM infills with openings, and the applicability of the methods discussed previously to these
type of infills has yet to be assessed. Given that the majority of the URM infills in the Pomona
building have large openings in them, the definition of single or multi-truss models to capture

the nonlinear behavior of these infills is beset with uncertainty.



Also, it has been observed experimentally that after an infilled framed reaches a given
resistance level in one direction, the same infilled frame is not able to develop this same
resistance in the other direction upon load reversal (Klingner 1980). In other words, the resistance
that the infill has in one direction in some cases depends on the deformation demands on that
infill in the opposite direction. Nevertheless, Abrams (1992) observed experimentally that this
was not the case for URM walls subjected to lateral deformation. Although no direct comparison
can be established between the experimental results obtained by the two researchers, it is clear
that there is a need for further research to better determine the behavior of URM infills when
subjected 10 lateral cyclic loading. Other sources of uncertainty are associated with the modeling
of the behavior of the URM infills and their interaction with the existing frames, as well as with

the modeling limitations inherent in the computer program used in the analysis.

Prior to deciding the considerations used to develop a model of the building, it is necessary
to carefully define the objectives of the nonlinear analyses of the building:
@ Identify if there is a need to upgrade the Pomona building.
@ Assess the performance of the upgraded building (in case that the building needs to be
upgraded).

It should be clearly stated that the above are the only objectives of the nonlinear analyses of
the Pomona building, and other considerations go beyond the scope of this report. To accomplish
the above objectives, it is necessary to deveiop a 3D model of the building, given the large

irregularities in plan ot .nis building.

Before performing 3D analyses, it was considered conven:ent to establish a frame of reference
against which the modeling assumptions of the 3D model could be calibrated. This was done
because the program DRAIN 3DX (Powell et al. 1994) used for the 3D analysis has been
released only recertly and no guidelines exist regarding its reliability and proper use. Also, it
would be helpful to gain some insight into some aspects of the nonlinear behavior of the buiiding
that can aid in the interpretation of the results obtained from a 3D nonlinear analyses. Therefore,

several planar (2D) nonlinear analyses of the Pomona building were carried out using the
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program DRAIN 2DX (Powell et al. 1992) to assess, in a economically feasible manner, the
validity of some simplified modeling techniques for the behavior of the URM infills and to

provide an insight into the nonlinear behavior of the building.

The DRAIN 2DX model consisted of an assemblage of two types of elements: beam-column
elements to model the RC frame members, and truss elements to model the URM infills. In this
section, the considerations involved in the creation of the DRAIN 2DX model of the building,

as well as its limitations, are discussed.

* URM Infills. The URM infills were modeled using several truss elements in parallel having a
linear piecewise idealization of the lateral force vs. displacement curves shown in Figure 2.8.
These curves were estimated using a 2D nonlinear finite element program (Ewing et al. 1990),
and the material properties and behavior described in Section 2.2. A detailed discussion of the
considerations involved in modeling the infilled frame to obtain such curves can be found in
Kariotis et al. (1993). All truss elements modelling a given URM infill were placed spanning
only one of the diagonals of the bay where the infill was located on (as opposed to two in X),
because it was found that in the analyses of isolated frames of the building this model yielded
similar results to that where the infills were modeled with truss elements spanning both diagonals.

This simplified modeling technique represented significant savings in computational effort.

One limitation of DRAIN 2DX is that it does not allow for stiffness or strength degradation
on truss elements. Thus, only the initial stiffness and strength of the infills can be modeled
reasonably well. The degradation ot these properties can not be modeled, nor can the effect that
the deformation of the infill in one direction can have on its resistance in the opposite direction.
If the cyclic deformation demands in the URM infills are large, the DRAIN 2DX model can not
predict in a reasonable manner the response of the building; nevertheless, if the deformation
demands on the building are limited to moderate values, the effects that the strength and stiffness

degradations have on its response will diminish.

* Beams. A lumped plasticity model was used to model the beams. Thus, all inelastic
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deformations occurring at the beams are assumed to be concentrated at discrete points, usually
at their ends. This is a reasonable modeling assumption for beams of structures subjected to
lateral loads, given that their maximum moments usually occur at their ends if the effects of

gravity loads are not very large.

The strength and stiffness of the beams were estimated considering the contribution of the slab.
The strength was computed without the use of a strength-reduction factor. Miranda and Bertero
(1990) note that experimental results suggest that if the beam gets further and further into its
inelastic range of behavior, the reinforcement of the slab starts contributing more and more to
the negative flexural strength of the beam. Thus, the amount of reinforcement of the slab that
needs to be considered to compute the flexural strength of the beam depends on the level of
inelastic deformation suffered by the beam, which is not known beforehand. It was assumed that
the effect of the slab on the stiffness and strength of the beams can be considered by accounting
for the mechanical characteristics of a section of the slab defined by its thickness and an effective
flange width, which according to French and Moehle (1991) is the least of: a) the web width plus
16 times the slab thickness, b) the transverse separation between beams, and c) one fourth the
span of the beam. It should be noted that, because of limitations on the modeling capacity of
DRAIN 2DX, the beams have equal stiffness for positive and negative moments. These two
values will usually be different due to different ratios of pcsitive and negative steel and due to
the fact that for positive moment the beams behave like T beams, while for negative moments
they behave as rectangular beams. To estimate the stiffness at one end of a beam, an average of
the positive and negative "cracked section” effective moment of inertias was used. The stiffness

of the entire beam was computed as the average of the stiffness corresponding to both ends.

To model the hysteretic behavior of the beams, an elasto-plastic model was used because this
type of behavior was the only option currently provided by DRAIN 2DX. Although a better
option to estimate the response of RC structures is a stiffness-degrading model, usually

elasto-plastic models lead to practically the sane maximum responses (Mahin and Bertero 1981).

The moment-curvature relationships for the beams were computed using the material

51



mechanical characteristics described in Section 2.2 and using the assumptions that plane sections
remain plane after flexural deformation and that there exists complete compatibility of strains
between steel and concrete. The moment-curvature relationship was approximated by a bilinear
curve (elasto-plastic model). The beam yielding moment, M, and yield curvature, ¢,, were
defined as the moment and curvature at which any bar of the section reaches first yielding. The
ultimate bending moment, M, , was defined as the moment when either: a) the maximum
compressive strain is reached in the concrete; b) the ultimate strain is reached in any bar (for
instance, fracture of the bar in tension); or ¢) the buckling stress is reached in any bar. The
ultimate curvature, ¢, , was defined as the curvature at which M, is reached. By connecting the
origin to the point defined by (M, , @,) with a straight line and connecting this point to the point

defined by (M,,0,) with another straight line, the bilinear moment curvature diagram was defined.

Shear deformations were accounted for in the bebavior of the beams. For this purpose, the
cracked shear area of the beam was estimated as A, /3, where A, is the gross area divided by
1.2 (Park et al. 1975). Due to modeling limitations, the shear stiffness remained constant
throughout the analysis. The joint regions at the ends of the beams were modeled as infinite rigid
links at these locations with a length equal to half the width (parallel to the plane of the frame)

of the columns.

* Columns. A lumped plasticity model was used to model the columns. Their moment of inertia
was computed using the gross section. This seems a reasonable assumption, considering that the
great majority of the columns in this building remain under axial compression even under the
effect of lateral loads. Due to modeling limitations, the stiffness in the column remains constant
throughout the analysis. Any redistribution of forces in the columns due to possible changes in

their axial and flexural stiffness (which vary depending on the value of the axial force induced

1n the column) has not been modeled.

Shear deformations were accounted for by estimating the cracked shear area of the columns
as A, /3. As in the case of beams, shear stiffness remains constant throughout the nonlinear

analysis. The joint region of the columns was modeled as an infinitely rigid link at their top end
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and having a length equal to the total depth of the beam. The strengths of the columns were
computed using the program BIAX (Wallace 1992). The strain-hardening modulus of a column
depends on the detailing of its longitudinal and transverse steel, and on the axial force acting on
it. Because the axial force can change considerably in some columns, their post-elastic stiffness
can vary significantly over time. DRAIN 2DX only allows one value of strain-hardening for the
analysis, and thus the real inelastic behavior of the column cannot be captured. Given the good
confinement provided to the columns of the Pomona building, no significant degradation in the
strength of the column is expected even under moderately high axial loads, and thus a strain-

hardening of zero was found reasonable.

* Story weights. The mass at each floor is shown in Table 2.1.

e Damping. For the nonlinear time-history analysis a Rayleigh damping matrix was used. The
amount of damping provided to the model of the building varied from analysis to analysis as a
function of the EQGM intensity. The amount of damping corresponding to a given analysis is

specified in the section in which such analysis is discussed.

« Slab. The RC slabs were modeled as rigid diaphragms.

* Penthouse. Except for its weight, which was added to the weight of the roof diaphragm (sixth

floor diaphragm), the penthouse was not considered.

B Reliability of the results to be obtained. The reliability of the results to be obtained from a
nonlinear analysis must be analyzed in the light of the assumptions made in the modeling of the
real building. As mentioned before, not enough information regarding the anchorage of the
longitudinal steel of the RC frame members (beams and columns) of the Pomona building was
available for this project. Although the longitudinal and transverse reinforcement of the beams
was estimated according to available information, some uncertainty is involved in the process of
estimasing it. Because of the above, it is difficult to assess the deformation capability of beams

and columns, and thus their capability to form plastic hinges and to dissipate plastic hysteretic

53



energy through their nonlinear behavior. This fact directly affects the validity of the results
obtained from the nonlinear analysis, given that the nonlinear analysis is based on the assumption
that the RC members are capable of hinging at their ends. Thus, the existing uncertainties in the
determination of the mechanical characteristics of the RC members not only affect the assessment
of their strength and deformability supplies. but also affects the determination of their demand
counterparts. Nevertheless, it is important to keep in perspective the objective of the nonlinear
analyses dealt with in this chapter: to assess the need to upgrade the Pomona building. Within
this context it should be mentioned that if the analyses of the nonlinear analyses of the Pomona
building yield significant ductility demands. as 1s expected in the existing RC members when
subjected to the design EQGM, there is no question that the building has to be retrofitted,

especially because the RC members form part of a non-ductile frame.

2.4 TWO-DIMENSIONAL NONLINEAR ANALYSIS

One important issue in the assessment and calibration of modeling techniques for the DRAIN
2DX model is to compare the results obtained in a 2D nonlinear analysis with the measured
response of the building. Unfortunately, the measured response of the building has important 3D
effects, and thus a direct comparison is not possible. To allow for a preliminary calibration of
the modeling techniques used in the DRAIN 2DX model, the results obtained using this program
were compared with those obtained from the elastic analysis (using SAP90) of the Kariotis et al.
model. As discussed in Section 2.3.1, the Kariotis et al. model was calibrated so that its response
to two EQGMs was close to the measured response of the building during those EQGMs.
Nevertheless, as mentioned in Section 2.3.1, the Kariotis et al. elastic model accounts for 3D
effects. To make a 2D comparison possible, the Kariotis et al. model was modified by fixing the
rotational degree of freedom in each floor diaphragm, thus eliminating the 3D effects in the
behavior of the building (and thus creating a Kariotis et al. 2D elastic model). Because the 3D
elastic model gives a good estimate of the measured response, it is considered that the results
obtained in the Kariotis et al. 2D elastic model can provide a reasonable frame of reference
against which the modeling techniques for the DRAIN 2DX model can be calibrated. Planar
nonlinear analyses were only carried out in the E-W direction (the building has smaller lateral

strength and stiffness in this direction as compared to the N-S direction).
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2.4.1 TWO-DIMENSIONAL PUSHOVER ANALYSIS

First, a pushover analysis considering P-A effects was carried out to determine the lateral
displacement vs. lateral load characteristics of the building (neglecting torsion), as well as to
establish the distribution of nonlinear demands (plastic hinging) throughout the building. The
distribution of lateral loads over hcight for the pushover analysis was obtained by assuming a

triangular distribution of accelerations over height.

Figure 2.12 shows the roof displacement (3,,,) vs. base shear (V) curve obtained from the
pushover analysis of the E-W direction. As shown, the building shows significant nonlinear
behavior, even for very small displacements. To study separately the influences that the RC frame
and the URM infills have on the global behavior of the building, the §,  vs. V, curve for the
same building without infills is included. As shown in Figure 2.12, if no torsional irregularities
are considered in the analysis, the URM infills enhance considerably the behavior of the RC

frame alone (considerable increases in stiffness and strength of the building).

The maximum base shear (V,,,,) for the E-W direction of the building with URM infills is
around 1150 kip, which corresponds to 0.18 W, and would be reached at a §,; = 5" provided
the brittle failure of its RC members can be avoided. It needs to be noted that the building can
develop this base shear only if no torsion is present in its lateral response. For 9, of 5", the
global ductility ratio demand (p,) in the RC frame without infills is around 2.5 (as can be seen
in the idealized bilinear behavior of the RC frame in Figure 2.12). Considering that the building
was designed for gravitational loads in the year 1923, it is likely that it will not be able to
develop such p,. Thus, for §, .. of 5", the RC members will probably exceed their deformation
capabilities, or in other words, the building is not likely to reach its maximum strength given that
it can not accommodate the deformability demands required to achieve it. Note that for §, larger

than 5", the RC frame without URM infills develops a mechanism that exhibits negative stiffness.

Figures 2.13 and 2.14 show the distribution of floor displacement and IDI over height for
different values of §,,. As shown in both figures, as 9§, increases, lateral deformation

concentrates in the bottom two stories (corresponding to the ground and mezzanine stories).
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When 8, ; reaches a value of 5 in, the maximum value of IDI (which corresponds to the second
story) reaches a value of 0.01. Again, it is difficult to assess whether the RC members of the
building will be able to reach this IDI value given the lack of information conceming their

detailing.

Figures 2.15 to 2.20 show how nonlinear behavior progresses throughout the members of the
building in the E-W direction as 8, increases. The lateral loads in the pushover analysis go from
left to right in these figures. Each figure shows the six frames that constitute the lateral-resisting
structural system in the E-W direction. The vertical lines represent the columns of the structure,
the continuous horizontal lines the beams, the discontinuous horizontal lines a rigid diapliragm
(slab), and the diagonal lines the truss elements representing the URM infills. As shown, the
basement has been modeled for frames B, C, D and E. The basements of Frames A and F were
not modeled given that these frames are supported by the RC perimetral wall surrounding the
basement (see Figure 2.4), and thus they can be considered to be supported on a rigid base.
Similar considerations were given to the central columns of Frame C because they are also
supported by a RC wall. A small circle in the middle of a diagonal represents that that URM
infill exhibits nonlinear behavior (i.e., has gone beyond cracking), while a small circle at either
end of a beam or a column represents the formation of a plastic hinge. As shown, when &, =
1", practically all walls in the structure have already cracked. When 8, = 2", extensive hinging
of RC members is observed. It is noticeable that several of these hinges developed in columns
and not in beams, especially in the perimetral frames (A and F), which have deep spandrel beams
(see Tab'e 2.2). Note that frame A is close to developing a mechanism that involves its first two
stories (ground and mezzanine). As 3, increases, the hinging of RC members continues,
especially those located in the perimetral frames and those located in the two lower stories. When
0,.« reaches values of 5" and 6", a mechanism involving the two lower stories has practically
formed on all frames. It is interesting to note that in the perimetral frames (A and F) there is
extensive hinging on columns located in several stories, while in the interior frames hinging of

columns usually occurs only at the base of those columns located in the ground story.
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2.4.2 TWO-DIMENSIONAL NONLINEAR TIME-HISTORY ANALYSIS
Planar nonlinear time history analyses were performed for the following EQGM:s.

* An EQGM that would allow an assessment of the reliability of the nonlinear modeling
techniques used to create the DRAIN 2DX model. For this purpose the Landers E-W EQGM was
used and a § = 0.02 was used for the first two translational modes.

+ An EQGM that is supposed to represent the safety level EQGM. For this purpose, the E-W
component of the Landers EQGM was scaled to a peak ground acceleration (PGA) of 0.3g (i.e.,
scaled up by a factor of six) and a § = 0.05 was used for the first two translational modes. It
should be mentioned that in general it is not enough to scale the PGA of an EQGM to define the
safety level EQGM. Figure 2.21 shows a comparison between the strength demands
corresponding to the design EQGM corresponding to the safety level (determined in Appendix
A) and those corresponding to the scaled Landers E-W EQGM. As can be concluded from Figure
2.21, the scaled Landers E-W EQGM provides a close representation to the design EQGM for

T equal or larger than 0.5 sec.

As mentioned before, the results obtained from the DRAIN 2DX model of the E-W direction
will be compared to those obtained from a 2D version of the Kariotis et al. elastic model. Table
2.5 shows the dynamic properties of the Kuriotis et al. 2D elastic model of the building. As
shown, a value of 0.99 soc is associated with the fundamental translational period in the E-W
direction, and this value is very similar to the value corresponding to the 3D elastic model (1.04
sec). In the N-S direction these values are 0.52 and 0.51 sec, respectively. It can be concluded
that eliminating the rotational degrees of freedom in the 3D elastic model of the building does

not affect considerably the values of the fundamental translational periods.

Figure 2.22 shows a comparison between the displacements at the center of mass of each floor
diaphragm of the Kariotis et al. elastic models when considering and neglecting torsion (3D and
2D response, respectively) and subjected simultaneously to the Landers N-S and E-W EQGMs.
As shown, when torsional response is neglected, the E-W displacements at the centers of mass
decrease significantly (about 25% in the displacement at the roof). The results shown in Figure

2.22b will be compared with those obtained from the DRAIN 2DX model subjected to Landers
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E-W EQGM. Figures 2.23 and 2.24 establish this comparison. As shown, the displaced shape for
the elastic and nonlinear time history analyses are very similar; nevertheless, the displacements
predicted by the nonlinear analysis are about 25% to 30% smaller than those predicted by the
linear analysis. Figure 2.25, which qualitatively establishes a comparison between the cyclic
behavior of the elastic and nonlinear models of the building, helps explain these results. As
shown, the nonlinear model has considerably larger stiffness at small deformations, and thus if
the EQGM excitation is not intense, the nonlinear model will predict smaller displacements; also,
the nonlinear model tends to dissipate energy through its cyclic nonlinear behavior, which can
be interpreted in an elas'’c model context as an increase in the value of its viscous damping

coefficient.

The results obtained from the nonlinear analysis would be improved if degradation of stiffness
and strength in the URM infills could be accounted for; nevertheless, the above results suggest
that a very simple nonlinear model can be used to predict reasonably well the 2D response of the

Pomona building.

Figures 2.26 and 2.27 summarize the results obtained from the DRAIN 2DX model subjected
to the safety level EQGM (Landers scaled up by a factor of 6). These figures show in
discontinuous lines the results obtained from the pushover analysis of the same building and the
results obtained from elastic time-history analysis using the Kariotis et al. 2D elastic model
(SAP90). The positive and negative envelopes of displacement and IDI obtained from the
nonlinear time-history analysis are shown in these figures with continuous lines. Note that both
the positive and the negative envelopes are plotied on the positive side of the displacement and
IDI axis. This was done to facilitate a comparison between the results obtained in the pushover
analysis and those obtained in the nonlinear time-history analysis and elastic time-history
analysis. As shown in Figure 2.26, the shapes for the displacement envelopes obtained from the
nonlinear time-history analysis are very similar to those obtained from the pushover analysis. The
maximum &, values obtained from DRAIN 2DX are 10" and 6" in the negative and positive
direction, respectively. The maximum J,,, displacement obtained from the elastic time-history

analysis is about 75% of that obtained from DRAIN 2DX, which suggests that the elastic time-
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history analysis gives reasonable estimates of the displacement demands. Figure A.11b (Appendix
A) shows the displacement spectra for the Landers E-W EQGM. As shown, for a T = 1.0 sec
(fundamental period of the building in the E-W direction), the nonlinear displacement demands
are larger than the elastic one. A simple observation like this can help decide on the adequacy

of an elastic analysis to predict the global displacement demands of the building when subjected
to the safety level EQGM.

As shown in Figure 2.27, the shapes for the IDI envelopes obtained from the nonlinear time-
history analysis are similar in the lower stories to those obtained from the pushover analysis at
a similar §,,; nevertheless, the IDI demands in the upper stories are underestimated in the
pushover analysis (because it neglects upper-mode effects). As shown, the maximum IDI obtained
from the nonlinear time-history analysis is about .02, which is very large if compared to the IDI
limit ranging from 0.01 10 0.02 usually considered acceptable for buildings designed according
to current earthquake-resistant design provisions (Qi and Moehle 1991, Bertero et al. 1991). As
shown, the maximum IDI demands obtained from the elastic time-history analysis are about 67%
those obtained using DRAIN 2DX. The IDI predicted by the elastic analysis for the upper stories
is larger than that predicted from DRAIN 2DX in spite of the fact that the §,, predicted from
the nonlinear analysis is larger than that predicted by the elastic analysis. The previous
inconsistency is likely to be a product of the existence of a flexible and weak (soft) first story
in the Pomona building: while the nonlinear model is able to consider further degradation of the
mechanical properties of the soft story as its nonlinear demands increase (and viceversa), the
elastic model, which was created to recrcate the response of the building to less intense EQGMs,
needs to be adjusted using an iterative procedure to account for the strong relation that exists
between the degradation of the mechanical properties of the soft story and an increase in its
seismic demands. In the elastic analysis, such calibration was not done, and thus, the elastic
analysis is likely to underestimate the response in the lower (soft) story and, as a consequence,

overestimate that of the upper stories.

In spite of the differences in the results obtained in the clastic and nonlinear time-history

analysis of the E-W direction of the Pomona building, both type of analyses strongly suggest an
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inadequate seismic performance, and thus the need to upgrade the building. In this context, it
should be stated that the torsional response of the building, which in view of the results presented
in Figure 2.22 is expected to be large, has been neglected. Such effects will be assessed in the

next sections.

2.5 THREE-DIMENSIONAL NONLINEAR ANALYSIS

Several nonlinear 3D analyses of a simplified model of the building were carried out to assess
its behavior and performance when its torsional response is accounted for. For this purpose, the
recently released DRAIN 3DX program (Powell et al. 1994) was used. To allow for the
calibration of the DRAIN 3DX model, the results obtained using this program were compared
with those obtained previously from the DRAIN 2DX model.

The considerations involved in creating a nonlinear 3D model of the Pomona building are
similar to those discussed in Section 2.3.2. Nevertheless, there are some differences between the
models created for DRAIN 3DX and DRAIN 2DX. In the next paragraphs, the main differences

are discussed.

B URM Infills. The URM infills were modeled using fiber elements, such as that shown in
Figure 2.28a. As shown in Figure 2.28b and 2.28¢, the curvature (or moment) in each segment
is assumed to be constant. Each URM infill within a bay was modeled using two diagonal struts
forming an X. The geometric and mechanical characteristics of each pair of struts in the X were
assigned to them in such a way that their lateral force vs. displacement curve was equal to the
piecewise linear representation of one of the curves shown in Figure 2.8. The fibers in a strut
were defined so that it has a small moment of inertia so that in turn it may work axially (as a
truss element). The fiber element in DRAIN 3DX allows for stiffness and strength degradation
according to simple rules. The uncertainty about how degradation occurs during the nonlinear
cyclic behavior of real URM infills (with and without openings) is large, and thus it is difficult
to quantify or model such degradation. For the current model, the strength and stiffness
degradation was neglected. It should be noted that this issue is less relevant for the analysis of

the upgraded version of the building, given that its maximum IDI is limited in such a way as to
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insure stable hysteretic behavior in the URM infills.

B Beams. The heams were modeled using fiber elements. A tributary width of slab equal to
that specified in Section 2.3.2 was modeled (also using fibers) as part of a beam. It should be
mentioned that the fiber element is able to model the different geometric properties of a given
transverse section of a beam for positive and negative flexural moment (for negative moment the
beam behaves as a rectangular section, while for positive, as a T section), as well as any possible
variation of these properties throughout the length of the beam. Given that DRAIN D3X does not
allow for element gravitational loads, these loads were idealized using nodal loads, as shown in
Figure 2.29b. Figure 2.29c shows a comparison between the moment diagrams in a beam with
fixed ends obtained by idealizing the gravity loads as distributed loads, Figure 2.29a, and as
concentrated loads, Figure 2.29b. The moments at the end of the beam for both idealizations are
the same; nevertheless, the moment diagram in the internal part of the beam can change
considerably. Thus, if the beams are expected to yield at their ends, the model shown in Figure
2.29b would yield similar results to that shown in Figure 2.29a. If the beam is expected to hinge
at an intermediate location, the results obtained from both models can be quite different. For a
framed building subjected to lateral loads and relatively small gravity loads (dead and live loads),
hinges are usually concentrated at the ends of the beams, and thus the mode] illustrated in Figure

2.29b for gravity load is believed to yield reasonable results.

The existence of intermediate nodes in a beam implied that each beam had to be idealized
using three fiber elements, as shown in Figure 2.29b. In turn, each one of these three fiber
elements was modeled using three segments. Given that DRAIN D3X assumes constant curvature
in cach one of these segments, and that the curvature diagram in the fiber model of the beam
follow a linear pattern (there are only nodal loads, i.e. concentrated loads), the plastic hinges in
the fiber model will tend to concentrate in the segments that have been shadowed in Figure
2.29b. The constant curvature assumption and the fact that the plastic hinges can only occur at
certain locations of the fiber model of the beam will usually be reflected in an overestimation of
the beam’s flexural strength when subjected to lateral load:

*» Constant curvature assumption. Figures 2.28b and 2.28c shows examples of the effect that
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assuming constant curvature in the different scgments of a frame member can have on the
prediction of the maximum moment demand. Take the case illustrated in Figure 2.28b, in which
the maximum moments occur at the ends (M, and M,). Given the constant curvature (i.e. constant
moment) assumption, the moments at the segments located at the ends, M,_. and M, , are smaller
than M, and M,. From this example and that illustrated in Figure 2.28c, it can be concluded that
the use of constant curvature segments to model a frame member will underestimate the
maximum moment demand in the same. The underestimation of the moment demand has the
same effects and thus can be interpreted as an overestimation the flexural capacity of the
member.

* Fixed location of plastic hinges. This issue can be dealt with in a straightforward manner using
the theory of plastic analysis of framed buildings. Although a detailed discussion goes beyond
the scope of this study, it can be said that of all possible and meaningful collapse mechanisms
for a frame loaded with lateral load and a known (and fixed) value of gravity load, the true
collapse mechanism is that that yields the smallest lateral load (assuming the pattern of lateral
loads is also fixed). For the true collapse mechanism, there will be an associated and specific
pattern of location of plastic hinges. Any other mechanism having a different pattern of plastic
hinges will yield a higher collapse load, and thus will tend to overestimate the lateral strength
of the frame. In the fiber model shown in Figure 2.29b, the location of plastic hinges is fixed.
In the case of the columns, this location is acceptable (shaded areas), as opposed to that of the
beams, which is not necessarily that of the true collapse mechanism. It can be concluded that
such model will tend to overestimate the lateral strength of the frame because it enhances the

flexural strength of the beam.

Although a better option to estimate the response of RC structures is a stiffness-degrading
model, usually elasto-plastic models lead to practicaily the sarne maximum responses (Mahin and
Bertero, 1981). With this in mind and considering that the main response quantity used to
measure the performance of the building is its maximum IDI (which is a function of the global

displacement of the building), no degradation of stiffness was considered in the beams.

When using a fiber element model, there is no need to estimate the moment-curvature
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relationships for a flexural member, given that this information is computed from the fibers’
mechanical properties (strain vs. stress curves), their location within the cross section and
assuming that a plane section remains plane after the element has deformed in flexure. Depending
on the stress vs. strain curves supplicd for the concrete fibers, DRAIN 3DX can account for

events such as cracking and crushing of the concrete of an RC flexural member.

The shear stiffness and the joint region were modeled according to the same assumptions

described in Section 2.3.2.

@ Columns. The columns were also modeled using fiber elements. Each column was modeled
using one element divided in three segments, as shown in Figure 2.29b. Note that small segments
were defined at the ends of the columns to avoid overestimating their flexural strength (recall that
the curvature is assumed to be constant in each segment). It is worth mentioning that the fiver
element can estimate phenomena such as changes in the flexural stiffness and the strain hardening
modulus of a column as a function of the axial load acting on it, thereby allowing the possible
redistribution of forces in the columns due to possible changes in their flexural stiffness
(produced by a change in their axial force) to be modelled. The shear area and the joint region
of the columns were modeled using considerations similar to those described in Section 2.3.2.
Figure 2.30 shows the potential of DRAIN 3DX’s fiber element to model the behavior of RC
columns subjected to different axial loads (P) by comparing the moment vs. curvature curves
computed for one of the columns of the Pomona building using DRAIN 3DX and the program
RCCOLA (Mahin and Bertero 1977). As shown, both programs give similar results, in spite of
the fact that the number of fibers used in DRAIN 3DX was considerably less than that used in
RCCOLA.

B Damping. For the nonlinear time-history analysis a Rayleigh damping matrix was used. The
amount of damping provided to the model of the building varied from analysis to analysis as a
function of the EQGM intensity. The amount of damping corresponding to a given analysis is

specified in the section in which such analysis i1s discussed.

63



M Slab. Preliminary studies carried out using fiber elements to model RC beams suggest that
the ultimate strength of the beams of a RC frame can be considerably overpredicted when the
slab of the frame is modeled as a rigid diaphragm. To analyze a framed structure using an
analytical model (computer model), it is necessary to define an axis for each beam. The
geometric properties of each beam are then computed with respect to this axis. Figure 2.31a
shows that when a beam of a frame is deformed in double curvature due to the effects of lateral
load in the building, its axis will usually elongate. If the slab is modeled as a rigid diaphragm,
the beam will not be allowed to deform axially, which means that a state of compression is
induced in the beam. This compression is likely to enhance considerably the flexural strength of
the beam, as shown in Figure 2.31b. Although the slab of a real building is likely to provide
some axial restraint to the beams of a frame, our limited understanding of this effect does not
allow its quantification. For the DRAIN 3DX model! of the building, the slab was not modeled
as a rigid diaphragm, but as mentioned before, a tributary width of slab was modeled as being
part of each beam.

@ Story weights. The mass at each floor is shown in Table 2.1. Given that the slab was not
modeled as a rigid diaphragm, the story mass was distributed among all nodes located in the

corresponding floor diaphragm.

B Penthouse. Except for its weight, which was added to the weigh. of the roof diaphragm

(sixth floor diaphragm), the penthouse was not considered.

Although the DRAIN 3DX model is a very sophisticated model, this does not necessarily
guarantee a substantial improvement (if any) in the estimation of the seismic response of the real

Pomona building. As with any other model, the structural engineer should interpret carefully the

results obtained using this program.

2.5.1 THREE-DIMENSIONAL PUSHOVER ANALYSIS

Several pushover analyses considering P-A effects were carried out to determine the lateral

displacement vs. lateral load behavior of the building, as well as to establish the distribution of
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global displacement demands throughout the building. The distribution of lateral loads over height
for the pushover analysis was obtained by assuming a triangular distribution of accelerations over

height.

First, a pushover analysis in the E-W direction of the DRAIN 3DX model of the pomona
building was carried out neglecting the effects of torsion. This was done to establish a direct
comparison between the results obtained using the DRAIN 2DX and DRAIN 3DX models. Both
models yielded practically the same value of ultimate base shear at a 8 _; of 6 in (V, =0.18 W
and 0.19 W, respectively). Figures 2.32 and 2.33 compare the displacement and IDI distribution
over height obtained from the DRAIN 2DX and DRAIN 3DX (without torsion) models. Note that
given that the slab of the DRAIN 3DX model has not been idealized as a rigid diaphragm, the
displacement at the top of two columns located in a given story are not necessarily the same,
even if that floor is not allowed to rotate. The displacement and IDI distributions shown in Figure
2.32 and 2.33 for DRAIN 3DX correspond to the column line that is closest to the geometric
centroid of the floor diaphragms. It can be concluded by analyzing Figures 2.32 and 2.33 that in
spite of the different models used (DRAIN 2DX and DRAIN 3DX), both predict a similar global
behavior, i.e., lateral deformation tends to concentrate in the bottom stories as 8, increases. Note
in Figure 2.33 that the IDI demands predicted in the ground and mezzanine stories by DRAIN
3DX are slightly smaller than those predicted using DRAIN 2DX, while the opposite occurs in

stories 2, 3 and 4.

Next, two more pushover analyses were carried out using the DRAIN 3DX model, but now
allowing the floor diaphragms to rotate. Figures 2.34 to 2.38 summarize the results obtarned from
a 3D pushover analysis in which the lateral loads have been applied in the E-W direction only,
while Figure 2.34 and Figures 2.39 to 2.43 summarize those of a similar analysis in which the
loads were applied in the N-S direction. Figure 2.34 compares the §,; vs. V, curves obtained
from pushover analyses in the E-W direction of the original building using the DRAIN 2DX and
DRAIN 3DX (with torsion) mode’s. The curve that has been plotted for the DRAIN 3DX model
corresponds to the node that is closest to the geometric centroid of the roof diaphragm. As

shown, due to torsional effects, the initial lateral stiffness of the building is slightly reduced,
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although the building could reach practically the sume ultimate V, if it had enough deformatina
capability to undergo a §_; of 6 in. Figure 2.35 shows four d, vs. V, curves. one for eaci cae
of the four comers of the DRAIN 3DX model that accounts for torsion. It is clear from these
curves that there is a significant torsional response in the E-W direction. Figures 2.36 and 2.37
show a comparison between the displacement and IDI distributions over height corresponding to
the four cormners of the DRAIN 3DX model (curves with continuous line) and those obtained
usirg the DRAIN 2DX model (curves with discontinuous line). As shown in Figure 2.36, all four
corner displacement distributions are similar to that corresponding to the DRAIN 2DX model.
As expected due to torsional effects, the displacements of the comners located in Frame A
(southeast and southwest corners) have larger displacements than those of DRAIN 2DX, while

those of the corners located in Frame F (northeast and northwest corners) are smaller.

Figure 2.37 shows that the IDI distribution over height for the corners located in Frame A is
similar to that corresponding to the DRAIN 2DX model, although DRAIN 3DX predicts a
slightly larger TDI in the ground story and a smaller one around the second story. The IDI for
the corners located in Frame F is considerably smaller than that of the DRAIN 2DX model in
the ground and mezzanine stories, while it is larger for stories 2 and 3. To help explain such
differences, Figure 2.38 has been included. This figure shows how the six floor diaphragms of
the DRAIN 3DX model move relative to each other and to the ground as 8, increases in the
E-W direction. For a given 8, ,, the discontinuous rectangle represents the position of the ground
floor while the other six continuous rectangles represent the floor diaphragms of the building. The
diaphragms’ displacements illnstrated in Figure 2.38 have been scaled up by a factor of 50 so
that the relative movements between the floors can be perceptible. As mentioned before, as O,
increases, the deformation tends to accumulate in the lower two stories, specifically in Frame A.
Note that the two bottom diaphragms are rotating clockwise around Frame F, which explains why
the IDI predicted for the two bottom stories of Frame A using DRAIN 3DX are larger than those
cstimated using DRAIN 2DX, while those of Frame F are smaller. There is practically no
interstory rotation in the upper four stories of the building, i.e., there is not a significant increase
in the rotation of the roof relative to that of the second floor. This means that the portion of the

building formed by the upper four stories is rotating practically as a rigid body with respect to
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the two lower stories. Studying Figure 2.38 closely, it is possible to note that the third and fourth
floor diaphragms are actually rotating counterclockwise with respect to the second floor
diaphragm. This small rotation helps to explain why the IDI in the second story of Frame A
predicted by DRAIN 3DX is smaller than its DRAIN 2DX counterpart, while the opposite occurs

with the IDI in the second and third stories of Frame F.

Figure 2.34 shows the 3, vs. V, curve obtained from the 3D pushover analysis of the DRAIN
3DX model (with torsion) in the N-S direction. As shown, the lateral strength and stiffness of
the Pomona building in this direction are considerably higher than those in the E-W direction.
If the building does not develop a brittle failure, it may reach a V, around 0.42W in the N-S
direction. Figure 2.39 shows V, vs. 3,,, curves for the four corners of the DRAIN 3DX model
obtained from the 3D pushover analysis in the N-S direction. As shown, the torsional response
of the building when loaded in the N-S direction is larger than its torsional response when it is
loaded in the E-W direction. Figures 2.40 and 2.41 suggest that as ., increases, the deformation
in the N-S direction tends to accumulate in the two lower stories of the building, specifically in
Frame 6 (southeast and northeast corners). It is interesting to note in Figures 2.40 and 2.41 that
the southwest corner displaces very little at the mezzanine, second and third floor diaphragms,
while there is sudden and large increase of the displacements of this comer in the upper floors.
To help explain this, Figure 2.42 has been included. As shown, the small displacements of the
bottom floors of the southwest corner occur because the building is practically rotating around
the bottom stories of this corner when loaded in the N-S direciion. Note that this is not so in the
upper stories. Again, there is practically no interstory rotation in the upper four stories of the
building, i.e., there is not a significant increase in the rotation of the roof relative to that of the
second floor. The portion of the building formed by the upper four stories is rotating practically
as a rigid body with respect to the two lower stories. The above behavior can be explained with
the aid of Table 2.1 and Figures 2.2a, 2.2b and 2.3. As shown in Table 2.1, the location of the
center of rigidity on every single floor is shifted towards the west end of the building, and this
shift is specially large ir the two bottom floors (mezz and second). Figures 2.2a and 2.2b show
that these large shifts are produced because the west frame, Frame 1, is completely infilled with

solid URM walls; while the east frame, Frame 6, have practically no infills in its two lower
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practically no infills in its two lower stories and infills with large openings in its upper stories.
The presence of the mezzanine, shown in Figure 2.3, also helps explains the large shift in the
center of rigidity in the E-W direction of the two lower floors, given that it creates a double
height story in the lower part of Frame 6. Also, as shown in Table 2.1, the centers of mass of
every single floor are shifted to the east of their respective center of rigidity, in such a way that
the building develops large counterclockwise torsional moments when it starts deforming towards
the north. The fact that the building has flexible and weak (soft) bottom two stories and a large
eccentricity in the location of the center of rigidity in these same stories, together with the fact
that large torsional moments develop when the building displaces in the N-S direction, it is no
surprise that the building practically rotates in the bottom stories around Frame 1 (west frame)
when loaded in the N-S direction (while simultaneously accumulating large deformation demands
in the bottom stories of Frame 6). It should be noted that the N-S displacement in the bottom two
floors of the northwest comer are clearly larger than those of the southwest corner. This
difference can be explained because, as mentioned before, the 3D nonlinear model of the building
did not considered the existence of a rigid diaphragm. As mentioned before, when the beams of
the building are loaded, they tend to expand, and this expansion will create a difference in the

displacement corresponding to both ends of a given frame.

The global displacement demands estimated from the DRAIN 3DX pushover analysis are
consistent with those obtained using DRAIN 2DX and with the existing stiffness and strength

irregularities in plan and height.

2.52 THREE-DIMENSIONAL NONLINEAR TIME-HISTORY ANALYSIS

Kesults of the 3D nonlinear time-history analysis of the DRAIN 3DX model are not available
because of the extremely large time that this program needed to finish them. Although it was not
possible to obtain the very valuable information provided by this type of analysis, the need to
upgrade the Pomona building is clearly demonstrated by the results obtained from previous
analyses. A new series of analysis will be carried out in the future with the help of a new

program for the nonlinear 3D analysis of RC structures (Filippou, 1995).



Location of center of Location of center of
mass'" (ft) rigidity "’ (ft)
Floor Elevation Mass
(ft) (kip-sec/in) | N-S E-W NS E-W
direction direction direction direction
mezz 13.0 1.51 74 45 88 55
second 25.5 3.24 S8 32 86 55
third 36.0 2.84 57 30 56 48
fourth 46.5 2.84 57 30 55 39
fifth 57.0 2.84 57 30 53 42
sixth 71.0 355 49 38 53 46
(1) with respect to the southeast corner of the building
Table 2.1 Floor characteristics of the Pomona Building
Perimetral Frames Internal Frames
Floor
Largest Smallest Largest Smallest

mezz 8x 53 8 (422 155 x 45 11.5x 20

second 12 x 84 8 x 42 125 x 42 11.5x 20

third 8x42 8 x42 125 x 42 11.5x 20

fourth 8 x 42 8 x 42 125 x 42 11.5 x 20

fifth 8x 42 8 x 42 12.5 x 42 11.5 x 20

sixth 8 x 46.5'" 8 x 46.25 12.5 x 42 11.5x 24

(1) neglecting two beams of size 8 x 82.5

(2) neglecting one beam of size 8 x 20

Table 2.2 Summary of sizes of beams over height (inches)
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Story Largest Smallest
ground 32 21
mezz 26 19®
2 25 17
25 15
4 23 13
5 20 8

(1) neglecting one column of size 16
(2) neglecting one column of size 12

Table 2.3 Summary of sizes of columns over height (inches)

mass participating in the mode (%)

Mode Period
(sec) N-S direction E-W direction
1 1.04 1.01 87.64
2 0.70 19.21 5.55
3 0.51 69.30 0.06

Table 2.4 Dynamic characteristics of Pomona Building from 3D elastic model

mass participating in the mode (%)

Mode Period T "
(sec) N-S direction E-W direction
1 0.99 0.00 92.84
2 0.52 88.51 0.00

Table 2.5 Dynamic characteristics of Pomona Building from 3D elastic model
restrained against rotation
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Pomo:ia Building, E-W direction
Landers EQ

2 A5 R 05 0 05 i 15 2
Displacement (in)

a) Frame A

Pomona Building, E-W direction
Landers EQ
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b) Frame F
Figure 2.10 Comparison of floor displacements obtained from measured response
and elastic time-history analysis of building subjected to Landers EQ.
E-W direction
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Pomona Building, E-W direction

Landers EQ
Floor
e
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a) 3D Analysis
Pomona Building, E-W direction
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Figure 2.22 Floor displacements at center of mass obtained from elastic
time-history analysis of building subjected to Landers EQ
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End i End)j

fiber

M1 : E : S p M2
¢) Idealization of quadratic curvature or moment diagram

Figure 2.28 Fiber element with segments having constant curvature
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a) distributed load on beams

b) idealization of gravitational loads for Drain 3DX
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c) moment diagrams of beam with fixed ends subjected to loads
shown in a) and b)

Figure 2.29 Comparison of moment diagrams in beam with fixed ends
subjected to different idealizations of gravity loads
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a) elongation of beam's axis due to flexural deformation

b) Effect of increasing axial force on beam's flexural strength

Figure 2.31 Effect of axial restraint on the flexural strength of a RC beam
that exhibits double curvature
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Figure 2.32 Comparison of floor displacements obtained from 2D and 3D
pushover analysis, E-W direction
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Figure 2.33 Comparison of IDI obtained from 2D and 3D pushover

analysis, E-W direction
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3 REHABILITATION OF CASE BUILDING WITH
POST-TENSIONED STEEL BRACES

In order to identify the advantages and disadvantages of using post-tensioned (PT) steel braces
to upgrade the seismic performance -of existing hazardous framed buildings with unreinforced
masonry (URM) infills, the building described in Chapter 2 was considered for the application
of this technique. In this chapter, a quantification of the target performance for the upgraded
Pomona building is discussed. Then, an assessment of the performance of the existing Pomona
building when subjected to the design earthquake ground motion (EQGM) and the design of a
PT brace configuration to upgrade this building are carried out using a simplified methodology
that is suitable for use in a practical context. Finally, the performance of the upgraded Pomona
building is assessed based on the results obtained from several two-dimensional (2D) and three-

dimensional (3D) elastic and nonlinear analyses.

3.1 TARGET SEISMIC PERFORMANCE

Several issues need to be addressed when defining the target performance of a structure at its
different relevant performance levels. In the case of the Pomona building, an extra difficulty
arises from the fact that the deformability capacity of its reinforced concrete (RC) members can
not be established with precision. In this report, the definition of target performance will be based
on limiting damage in structural and nonstructural elements within preestablished limits. To
accomplish this purpose, it is necessary to provide a quantitative measure to the qualitative
definition of damage in these elements. One way to accomplish this is by establishing

relationships between the qualitative definition of damage and the global and local response of

the building.

For instance, damage in RC members and URM walls can be estimated by using damage
indexes, such as the Park and Ang damage index, DMI,,, for RC members (Park et al. 1984) and
the Kwok and Ang damage index, DMI,,, for URM walls (Kwok and Ang 1987). In these

indexes, damage in an element is computed as a linear combination of the damage produced by
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the maximum deformation demand and that produced by the cumulative hysteretic energy

dissipation demand. Both indexes are computed with similar formulas:

omi, - 5 . P [4E,

S F, 8,0
a0

DMI,, - 5 Y de,,

blmn Fu bfmn

where 8 = maximum deformation demanded by the EQGM; 8, ., = ultimate deformation capacity
under monotonically increasing deformation; &, = failure deformation capacity under
monotonically increasing deformation; F, = yield strength; F, = ultimate shear capacity; dE,, =
incremental dissipated hysteretic energy; and [ and 7y are non-negative parameters. Median values
for B and ¥ are 0.15 and 0.075 (Cosenza and Manfredi 1990, Kwok and Ang 1987). Both damage
indexes have been calibrated to quantify the level of damage in RC members and URM walls.
For instance, a value of DMI,, less or equal than 0.4 can be interpreted as reparable damage,

larger than 0.4 as damage beyond repair, and larger or equal than 1.0 as collapse (Park et al.
1984).

In Section 1.5, it was mentioned that the main objective of introducing PT braces to an infilled
framed building is to limit the displacement demands in the frames of the building in such a way
that the existing beams and columns remain elastic (i.e., suffer small nonlinear demands) while
the URM infills are used as stable energy dissipators. If, as discussed in that section, the frame
members and PT braces remain elastic, there will be no hysteretic energy dissipation demands
(cumulative nonlinear demands) in them; while the detrimental effects of these demands on the
performance of the URM infills can be minimized if their maximum distortion is limited to
values that enable these infills to exhibit a stable hysteretic behavior, and thus to exhibit a large
supply of hysteretic energy dissipation. As a consequence, damage control in the existing
elements can be achieved through drift control, and an adequate upgrading strategy consists in
controlling the maximum demand of interstory drift index (IDI) in the building in such a way that

the global hysteretic behavior of the upgraded building remains fairly stable during the ground
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motion.

From the above discussion, it is clear that the quantification of the performance criteria of RC
elements and URM infills may be carried out by setting values for the maximum IDI allowed in
the building. The level of damage in other nonstructural elements is usually associated with their
maximum lateral deformation demand, and thus, damage in these elements can also be controlled
by controlling the IDI in the building. In summary, damage control in structural and nonstructural
elements of the Pomona building may be achieved by controlling the maximum IDI. Special
attention should be given to story accelerations in the case of contents susceptible to acceleration.

The following considerations were made to quantify IDI limits in the Pomona building:

B URM infills. The IDI limit for damage control should be estimated according to the
deformability capacity of the masonry. Kariotis et al. (1993) suggested a compressive strain at
ultimate capacity (g, in Figure 3.1a) of 0.004 for the masonry in the building. This value is close
to the average value of g = .0042 obtained by Atkinson and Jan (1990) after an extensive
statistical study of the mechanical properties of brick masonry. Thus, the deformability
characteristics of the masonry of the Pomona building can be considered average. Figure 3.1b
shows a lateral load vs. IDI curve, obtained using a nonlinear finite element program (Ewing et
al. 1990) and monotonically increasing lateral deformation, for a typical URM infill without
openings located in Frame 1 of the Pomona building. As shown in Figure 3.1b, the URM infill
has a sudden and large decrease of lateral strength for IDI > 0.0035. This suggests that to avoid
excessive degradation of stiffness and strength in this URM infill, its IDI demands should be
limited to 0.0035. Figure 3.2 shows the IDI envelopes, obtained by analyzing the elastic 3D
model described in Section 2.3.1, for the four perimetral frames of the building when it is
subjected to the EQGMs recorded at the site during the Landers and Upland earthquakes (EQs).
Figure 3.2c shows that the estimate of the maximum IDI in the ground story of Frame 1 during
the Upland EQ reached values that exceeded 0.0020. While according to Figure 3.1b extensive
cracking should have been expected in the URM infills of Frame 1 at IDI = 0.002, no damage
or cracking was reported in these URM infills after the Upland EQ. This suggests that the

analytical procedure used in this report to predict the deformability capacity of the URM infills
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somehow underestimates this capacity, and that to limit the IDI of URM infills without openings
to 0.0035 would probably be too conservative. As mentioned in Section 1.2.1, recent
experimental results suggest that URM walls and infills show stable hysteretic behavior for
relatively large values of IDI (0.005 and even larger). Thus, without ignoring the analytical
results shown in Figure 3.1b, it would seem more realistic to limit the IDI in infills without
openings to a value of 0.005. Finally, it is interesting to note that the lateral load vs. lateral
displacement curve shown in Figure 3.1b has a shape similar to that corresponding to the

masonry axial stress vs. axial strain curve shown in Figure 3.1a.

H RC members. The deformation capacity of the existing RC members can not be established
with precision due to the lack cf information regarding the splicing and anchorage of their
longitudinal reinforcement. As shown in Figures 3.2b and 3.2d, the IDI demands in the ground
story of Frame A exceeded 0.005 during the Landers and the Upland EQs. Given that there was
no report of damage in RC members during these EQs, it can be concluded that these members

must be able to reach an IDI = 0.005 without brittle failure.

B Nonstructural elements. IDI limits strongly depend on the type of nonstructural element
taken into consideration. For the current project, it was considered adequate to adopt the values
suggested by Bertero and Bertero (1992). According to their recommendations, IDI in common
nonstructural elements for the service and safety limit states must be limited to 0.003 and 0.0125,

respectively.

From the analysis of the above values of IDI, it is clear that the controlling IDI at safety level
is imposed by the URM infills, i.e. IDI < 0.005. Although a multi-limit state performance criteria
usually needs to be established to allow for a rational earthquake-resistant design (EQ-RD) of the
upgraded building, the seismic rehabilitation of the Pomona building is based only on the safety
limit state (sec Appendix A). The target seismic performance chosen for the upgraded building

is summarized in Table 3.1.
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3.2 PRELIMINARY DESIGN OF THE POST-TENSIONED BRACING SYSTEM

In a practical context, it may be desirable to analyze not just one, but several alternatives to
upgrade a building. If many alternatives are considered at the beginning of the EQ-RD process,
it may be impossible to analyze each one in detail. In this case, it is desirable to establish simple
preliminary analysis procedures that allow for the identification of the most promising
alternatives. Once these have been identified, detailed analyses of each of them can be carried

out to decide which can be implemented in the existing building.

In this section, the basis for a simplified analysis procedure based on the use of single-degree-
of-freedom system (SDOFS) and stick models of the building is discussed. This simple procedure
was used to study different upgrading alternatives using PT braces. To do so, it was necessary
first to establish the validity of this approach. This was done by creating SDOFS and stick
models of the existing building, and then checking if a procedure based in the use of these
models i1s capable of predicting reasonably well the global response of the building when
subjected to EQGM.

3.2.1 MECHANICAL PROPERTIES OF THE POMONA BUILDING
Before attempting to analyze the behavior of the Pomona building, it is necessary to determine
its global and story strengths and stiffness. Also, it is important to determine other of its

characteristics that may affect its seismic performance, such as plan and height irregularities.

Usually, the practical engineer would need to prepare a detailed 3D model of the building to
assess the need to upgrade it. This type of model will also need to be available to assess the
performance of the building once it has been upgraded. Usuaily, although not ideally, the
practicing engineer will use elastic analyses to identify the dynamic and mechanical
characteristics, as well as structural deficiencies, of the existing building. As mentioned in Section
2.3.1, a 3D elastic model of the building is available. This elastic model was created during a
research proiect (Kariotis et al. 1993) to reproduce the recorded response of the Pomona building
during the Landers and Upland EQs. Although this model could not capture exactly all aspects

of the behavior of the building, it provided reasonable estimates of the maximum recorded
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response. It is considered that the steps needed to develop a model like the one mentioned above
are fairly simple and straightforward, so that it is feasible for a practicing engineer to create a
similar model when working on a practical project. In the next sections, it is assumed that one

such model exists.

H Story stiffness. The story stiffness can be estimated using the available 3D elastic model.
Lateral story forces were estimated using a triangular acceleration distribution over height, as
shown in Figure 3.3. Two static analyses (one for each of the N-S and E-W directions) of the
3D elastic model were performed by applying these lateral forces to the center of mass of the
floor diaphragms. The story shears and drifts obtained from the above analyses were used to
estimate the story stiffness in each direction. The story mass and stiffness for each story, in both
directions, are summarized in Table 3.2. From this table, the existence of a flexible mezzanine
story in both directions is noticeable. Figure 3.4 shows how the floors and stories are identified
herein, and that due to the existence of the mezzanine, some vertical elements (columns and
URM infills) start at the ground floor and end at the second floor. Therefore, the ground and
mezzanine stories cannot be considered as two separate stories, but rather as forming part of a
larger flexible double story that can be interpreted as a flexible first story. As shown in Figure
3.1b, the lateral stiffness of URM infills strongly depend on the deformation demands to which
they are subjected. The story stiffness shown in Table 3.2 are secant stiffness that were obtained
for the deformation demands that the Landers and Upland EQs induced in the building. If other
deformation levels need to be considered, it is necessary to adjust the value of the story stiffness

accordingly.

@ Story secant stiffness. In order to determine the stiffness of the PT braces, it is convenient
to determine the lateral story stiffness at different deformation levels. Modifying the 3D elastic
model to determine these stiffness would be very time consuming. Thus, it becomes necessary
to come up with a simple method to estimate secant story stiffness. A simple and reasonable way
to estimate the secant stiffness of the URM infills in a story is to establish a target value of IDI
in the infills, and with this value of IDI and the IDI vs. lateral force curves corresponding to the

different URM infills (shown in Figure 2.8) determine the secant stiffness for ¢ach individual
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infill. Then the total stiffness of all URM infills in a story can be estimated as the sum of the
secant stiffness of all individual infills. The (otal story stiffness can then be estimated by adding
that provided by the URM infills plus that provided by the RC members. Note that because the
target IDI is restricted to small values (IDI < .005), and the RC members are supposed to remain
elastic (have small nonlinear demands), it is reasonable to assume that their stiffness remains
constant once the concrete cracks (i.e., no need to determine secant stiffness for RC members to
estimate the total story secant stiffness). Using this simple method, the lateral story stiffness
corresponding only to the infills and computed for the deformation demands associated with the

Upland and Landers EQs arec shown in column (2) of Tables 3.4 and 3.5.

The above method to estimate the story secant stiffness of the infills is based on the
assumption that the infills are subjected exclusively to shear deformation. This is not always the
case, especially for infills located in the top stories of slender buildings. In the latter case, the
infilled frarme would not behave as a shear beam, but flexural deformations can become relevant.
A more formal way to estimate the contribution of the URM infills to the story stiffness is to use
the available 3D elastic model of the building. For this purpose, a second analysis needs to be
carried out on this model, but this time without URM infills. An estimate of the lateral stiffness
of the infills can be obtained by subtracting the stiffness obtained from both 3D elastic models
(with and without infills). These estimates are summarized in Table 3.3 and column (1) of Tables

3.4 and 3.5.

Note in Tables 3.4 and 3.5 that the approximate method [column (2) in the tables] yields
reasonable estimates of the URM infills story stiffness obtained using the 3D elastic model
[column (1) in the tables], except for the two top stories in the E-W direction. Thus, the
simplified procedure might be used to estimate story stiffness of the URM infills for different
target IDI. )n this report, the URM infills’ story stiffness for a target IDI of 0.005 were estimated
using the simplified procedure by assuming a constant IDI of 0.005 over height. These values
of tha ,ecant story stiffness of the infills for an IDI of 0.005 were then corrected using the factor
shown in columns (3) of Tables 3.4 and 3.5. This correction will usually only be necessary for

the infills located in the top stories of slender infilled frames. The corrected stiffness values for
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an IDI of 0.005 are shown in the last columns of Tables 3.4 and 3.5.

The important issue underlying the above discussion is not the way in which the secant story
stiffness have been determined, but the fact that it is useful to establish a simple and reasonable
method to do so. The existence of a flexible first story in the Pomona building can be noted in
the values of story stiffness shown in Tables 3.4 and 3.5. It should be mentioned that in the
original Pomona building the stiffness of the first story decreases relative to that of the other
stories (the flexible first story becomes more pronounced) as the lateral displacement of the
building increases. Figure 3.5, shows that because there is larger concentration of deformation
in the two bottom stories, their secant stiffnesses depart more from their initial stiffnesses than

those corresponding to stories 2 to 5.

8 Story and global lateral strength. To estimate the ultimate strength of the building, a
simplified procedure was used. This procedure, originally proposed by the Japan Building
Disaster Prevention Association, was modified by Iglesias et al. (1986) to apply it to Mexican
RC construction. A simple adaptation of some of the values proposed by Iglesias et al. was
carried out to address the difference between Mexican and American practices. The method
assumes that the lateral strength of the ith story, Vg, of an existing low-rise building can be
estimated as the sum of the shear resistance of the different vertical elements within that story

(i.e., columns and URM infills) according to the following formula:
Vg=la,v, XA, +a,v,TA, +a,v.YA ) 3.2)

where o), 0,, @, are the participation factors; v,,, v,, Vv, the resisting shear stress of masonry
walls, RC walls and RC columns. respectively; XA, XA,,, ZA, total area on a story of masonry

walls, RC walls and RC columns, respectively.

The ultimate strength in the ith story (V,,) is obtained as:
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Vi =9, 9,939, 95 Vg = 064 Vp 3.3)

where g, are corrective factors from Table 3.6. The ultimate strength of a given story is
considered to be reached when its URM infills reach their ultimate strength. For this case, &,=1.0
and a,=0.5 (note that A,, = 0 because there are no RC shear walls in the building). From the
recommendations given by Iglesias et al., v, = 7 kg/cm®. The value of v, was computed

according to UBC 1991 as:

- s M
Vaer = (35 = 1752 Jf7)
(34)

- s M
v, = (50 z.sydﬁ)

where v, . V., f, and M/Vd are the cracking shear stress, the ultimate shear stress, the
compressive strength and the shear span, respectively, of the masonry element. M/Vd was
considered equal to one for values larger than one. The ultimate strength of the masonry can also

be estimated from the available lateral force vs. IDI curves shown in Figure 2.8.

The estimated story strengths in the N-S and E-W directions are summarized in Tables 3.7 and
3.8, respectively. In these tables, the strength of the columns already include an «, of 0.50, and
the total story strength is equal to 0.64 times the sum of the strength of the columns and infills.
Also, in these tables, the story at which the building is likely to fail (critical story) and the base
shear strength demand on the building when this failure occurs, 1729 kips in the N-S direction
(V,,=0.28W) and 863 kips in the E-W direction (V,,=0.14W), are outlined with an arrow. Note
that the previous values are not the story shears corresponding to the critical stories, but the
values of the base shear at the moment when the critical story fails (i.e. reaches its ultimate
capacity). The critical stories were determined by assuming a linear distribution of accelerations
over height. It should be noted that there is a weak first story in both directions (the ground and
mezzanine stories are considered to form part of the weak first story). Adding this result to the
fact that there is a first soft story in both directions (as shown in Table 3.2), it can be concluded

that the building shows a weak and soft first story.
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The values of V,, and V,, estimated above are compared in Figure 2.34 to the values obtained
from 3D nonlinear pushover analyses of the building. The pushover curves were obtained without
consideration of the real deformability capabilities of the elements of the building. Considering
that the Pomona building 1s formed by non-ductile RC frames, the maximum IDI that its RC
elements can actually undergo without failure must be around .01. This IDI occurs when §_, is
around 3", which means that the building is likely to reach its ultimate strength for this value of
9.« Taking this into consideration, it can be concluded from Figure 2.34 that the simple method

described above yields reasonable estimates of the ultimate strength of the building.

@ Plan irregularities. The Pomona building has a very high torsional response, which is
caused by pronounced plan irregularities. An attempt was made to account for these irregularities
in a simple manner. For this purpose, it was necessary to determine the location of the center of
stiffness (center of elastic resistance) for each story in the N-S and E-W direction. The center of
elastic resistance is defined as the point on the floor diaphragm through which the application
of a static horizontal force causes no rotation of the diaphragm, no matter in what direction the
force is applied (Hejal and Chopra 1987). Two different methods were used to estimate the
location of the centers of elastic resistance, a simple one and a formal one. This was done to
establish whether the simple procedure yields reasonable estimates of the location of these points.
The simple method consists in estimating the story stiffness for each frame in the building, and

then estimating the location of the center of elastic resistance as follows:

Yxk Yvk
X b/

where (X.,Y,,), is the location of center of stiffness in the jth floor; x; and y; the location of
frames contributing stiffness to the Y and X direction, respectively, in the jth story; and k,; and

k,, the frame stiffness in the X and Y direction, respectively, in the jth story.

The formal method consists in trying to locate the centers of elastic resistance by using the 3D

clastic model of the building. This was done by moving the points at which the story lateral
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forces are applied to their corresponding floor diaphragm, until no rotation (or very small
rotation) of all the floor diaphragms is observed. A linear distribution of acceleration over height
was assumed to obtain the story forces, and they were applied statically. One of the biggest
problems involved in the determination of the centers of elastic resistance using the formal
method was the fact that it was time consuming (the lateral and the torsional stiffness of the
stories varied considerably as a function of the location of the point at which the static lateral

forces were applied).

The location of the centers of mass and elastic resistance in each floor diaphragm, according
to the simple and formal methods, is summarized in Table 3.9. The distances given in this table
are measured from the southeast corner of the building and, as a remainder, the dimensions of

the building are 120’ and 65° in the N-S and E-W directions, respectively (see Figure 2.1).

It should be noted that the center of elastic resistance could not be estimated using the formal
method for the bottom two stories in the N-S direction (at least not according to the definition
given before). Riddell and Vasquez (1984) note that the existence of the center of elastic
resistance is restricted to a particular class of buildings and that for a general multistory building
such a concept is physically meaningless. They also note that when centers of resistance exist,
they all lie in a vertical line, which implies certain plan regularity with height. It should be noted
that stories 2 to 5 have very similar plan layouts, while the plan layouts of the ground and
mezzanine stories are considerably different. The results obtained using the formal methods tend
to support the Ridell and Vasquez conclusions: in the portion of the structure that has the same
structural layout over height (stories 2 to 5, which correspond to floors 3 to 6), the center of
elastic resistance exists and 1s on a vertical line; while in the lower stories, this center does not

exist (the center of elastic resistance was not located within the floor diaphragm).

It can be seen that both methods yield similar locations for the centers of elastic resistance,
which implies that the simplified method gives reasonable estimates of such locations. Table 3.9
also gives the location of the center of mass of each floor diaphragm. From this table, it can be

concluded that the eccentricity in the E-W direction (perpendicular to N-S loading) is in general
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very large, while that in the N-§ direction (perpendicular to E-W loading) is less significant,
except in the ground and mezzanine stories. The results summarized in Figures 2.38 and 2.42

support the previous observations.

3.2.2 SIMPLIFIED ASSESSMENT OF THE POMONA BUILDING’S PERFORMANCE

In this section, the use of SDOFS and stick models to assess the performance of the Ponc ..
building is discussed. This is done to introduce the notion that the global behavior of a building
can sometimes be represented fairly well by using simple models. The availability of simple
models becomes rclevant when several alternatives for the upgrading system are being
considered, because in this case it is not possible to study them all using a complex analysis
model. The creation of the SDOFS will be carried in two steps. In a first step, the available
information of the mechanical characteristics of the building is used to create a stick model as
that shown in Figure 3.6a. Once this information has been condensed in the stick model, this

model is used to create the SDOFS model.

The need to create the stick model will become clear in Section 3.2.3. In summary, the
preliminary analysis and design of the PT bracing system is carried out with the aid of the stick
model (the 3D elastic model is not used in this preliminary phase). The reason that it is
convenient to create a SDOFS model from the stick model is to provide, with the use of the
appropriate strength and displacement spectra, a graphical representation of the expected response
of the building when subjected to EQGM (this will be illustrated later by using Figures 3.7 to
3.9).

Two stick models (one for each of the E-W and N-S directions) were created using the
properties summarized in Table 3.2. To check the adequacy of the stick models, their dynamic

characteristics were estimated by solving the following eigenvalue problem:
K¢ = 02M¢ (3.6)

where K is the stiffness mairix, M the mass matrix, ®’ the eigenvalue (square of the frequency)

and ¢ the corresponding eigenvector.
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The dynamic properties of the stick models of the Pomona building are summarized in Table
3.10. The fundamental periods of translation estimated using these stick models are 0.55 and 1.00
in the N-S and E-W directions, respectively. These values are close to those estimated using the
3D elastic model of the building (0.5] and 1.04 sec, respectively). As shown by the results in
the table, the modal mass corresponding to the first translational mode in each direction is around
90% of the total mass. This implies that the base shear demand on the building can be estimated
reasonably well from the response of the fundamental mode of translation of the stick model. The
previous observation is very important, because it implies that the global response of the building
can be represented fairly well using a SDOFS, which is obtained from the fundamental mode of

translation of the stick model.

The creation of the SDOFS model once the stick model has been established is straightforward.
The periods shown in Table 3.10, corresponding to the fundamental periods of translation of the
stick models in both directions, are assigned to the SDOFS models used to capture the global
response of the building in those directions. A damping coefficient (§) equal to 0.02 will be used
to assess the response of the SDOFS models (to be consistent with the value of & used in section
2.3.1 for the analysis of the 3D elastic model). Given that practically all the building’s mass is
asscciated with the first translational mode of the building, the values of V, given in Tables 3.7

and 3.8 are assigned as the strength of the SDOFS.

To assess the performance of the building using a SDOFS model, it is necessary to relate the
maximum displacement demand on the SDOFS (&) to the global displacement demands on

the building itself. This can be done by defining a coefficient of distortion as IDI_,, /IDL., where

vgs
IDL,,, and IDI,, are the maximum IDI and average IDI, respectively, in the building. An estimate
of IDI,,, can be obtained by using the response of the SDOFS (in particular, 8spoes) and the mode

shape of the fundamental mode of vibration (¢ ) of the corresponding stick model as follows:
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and 8, is the displacement demand in the roof, H the total height of the building and the other

variables have been defined before.

The coefficient of distortion (c.0.d.) can be approximately defined as the product of the
coefficients of distortion in plan and height {(c.0.d.), and (c.0.d.),, respectively]. The coefficient
of distortion in plan for a given floor is defined as the ratio of the floor displacement at the end
frame normalized by the floor displacement at the center of mass. The coefficient of distortion
can be estimated directly from the results of a static analysis of the available 3D elastic model
of the building. Nevertheless, estimating the coefficient of distortion using this method can be

time consuming if several upgrading alternatives are considered.

A reasonable estimate of the coefficient of distortion in height can be obtained using the mode
shape corresponding to the first mode of the stick model (i.e., ¢,). Also, if the lateral stiffness
of all frames at a given story are available, it is possible to obtain the translational and torsional
stiffness of every story, and with that, the translation and rotation of each diaphragm when the
building is subjected to lateral loads. Using the translational and torsional stiffness of every story
to estimate the coefficient of distortion in plan, and the first mode of the stick model to estimate
the coefficient of distortion in height, the values summarized in Table 3.11 were obtained. As
shown, values of 2.6 and 2.7 were obtained as coefficients of distortion in the E-W and N-S

directions, respectively. The value of c.o.d. establishes a relation between IDI,,,, and IDI,,, as

follows:
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where all variables have been defined before.

An IDI,,, of 0.005 occurs when the value of 8¢ is equal to 1.3" and 1.1" in the E-W and
N-S direction, respectively. These 8¢5 correspond to roof displacements (8, of about 1.6"
in both directions. Note that different values of & in the E-W and N-S directions led to a
similar value of 3, in both directions. This can be explained because of the different values of
the product " ¢ ,(H) [sec Table 3.11 and refer to equation (3.7)], which in turn reflect the fact

that the fundamental mode shapes in both directions are different..

The values of coefficient of distortion obtained above are similar to those «btained using the
elastic 3D model of the building. For the Landers EQ, the following results were obtained in the
3D elastic model: the maximum values of 8, (occurring at the center of mass of the roof
diaphragm) in the N-S and E-W direction were 0.5" and 1.6" respectively, while the values of
IDIL,,, were 0.0019 and 0.0057, respectively. Assuming a linear relationship between d,,; and
IDI,,,, in the N-S direction, a 3, of 1.6" would be associated with an IDI_,, of 0.0058, while
in thc E-W direction a §,,, of 1.6" is associated with an IDI of .0057. For the simple method
proposed to estimate c.o.d., a 8., of 1.6" has been associated with an IDI_,, of 0.005 in both
directions. It can be concluded that the value of coefficient of distortion estimated according to
a simple methodology gives reasonable quantification of the plan and height irregularities in the

building.

Finally, the performance of the building can be assessed by using the properties of the SDOFS
models (period, T, base shear strength, V/W, and maximum acceptable displacement, §,,,,) in the

appropriate strength and displacement spectra. This is shown in Figures 3.7 and 3.8. In Figure
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3.7, it can be seen that the building has enough strength to survive the recorded EQGMs with
a global displacement ductility demand (p) around !; nevertheless, as shown in Figure 3.7d, in
case of the Upland EQ the elastic strength demand is very close to the ultimate strength of the
building. The horizontal lines at 1.2" (3 cm) in Figure 3.8 represent the displacement of the
SDOFS associated with an IDI,,, = 0.005. As shown in Figures 3.8a and 3.8c, the displacements
for the SDOFS and a p of 1 are well below 1.2" for the N-S direction (T = 0.5 sec), while they
are very close to this limit for the E-W direction (T = 1.0 sec). It can be concluded from the use
of the SDOFS models that the stiffness and strength supplies in the building are adequate to limit
IDI,, to values less than 0.005, although for the E-W direction IDI,, is practically equal to
0.005. As shown in Figures 3.2b and 3.2d, the maximum IDI predicted for these same EQs using
the elastic 3D model of the building are slightly larger than 0.005, which emphasizes one more

time that the SDOFS model can predict reasonably well the response of the building.

Large simplifications were made when idealizing the Pomona building as a SDOFS. Some of
them are conservative, e.g., neglecting the energy dissipation capacity provided by the URM
infills, assigning the total mass of the building to the SDOFS, etc.; while others are not
conservative, e.g., assuming that the coefficient of distortion computed elastically will not
increase with higher strength and displacement demands, etc. Nevertheless, it can be concluded

that the simplified model gives a reasonable estimate of the building’s global response.

According to Figures 3.7 and 3.8, it can be concluded that when the building is subjected to
the Landers and Upland EQs, it remains basically elastic and its IDI,,, is around 0.005. Thus,
its performance can be considered satisfactory during these EQs. Nevertheless, this assessment
changes considerably when the supplies in the building are compared to the demands produced
by what has been defined in Appendix A as the design EQGM for safety (which was obtained
for a £ of 0.05). As shown in Figure 3.9a, the strength of the building is clearly insufficient in
both directions to limit the value of p to within reasonable values (p > 4 in the E-W direction
and 4 = 3 in the N-S direction). Regarding the stiffness of the building, the continuous horizontal
line labeled as unbraced in Figures 3.9¢c and 3.9d shows the §,_, at which IDI,, = 0.005. As
shown in Figure 3.9¢c, the demanded & is larger than this value for both the N-S and E-W
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directions. Thus, IDI,_,, is larger than 0.005 in the N-S direction and considerably larger than that
in the E-W direction.

3.2.3 PRELIMINARY ANALYSIS AND DESIGN OF THE POST-TENSIONED BRACING SYSTEM

As mentioned, the advantage of creating the stick model becomes more apparent when the
performance of different upgraded versions of the building need to be compared. because in this
case very simple alterations to this model permit the analysis of a new version of the upgraded
building. In this context, the complexity of the 3D elastic analysis would not allow the
comparison of several alternatives. Once the range of possibilities has been reduced using the
stick model, detailed analyses can be carried out on a few promising configurations. In this
section, the use of the stick model to assess the performance of the upgraded building when

subjected to the safety EQGM is illustrated.

In the design of the PT braces, it is not enough to meet the strength demands in the building
because its seismic performance strongly depends on its displacement demands. Strength and
displacement demands should be considered simultaneously in the preliminary design of the
braces. The design for strength for life safety performance of the bracing system is simplified
because the braces should be designed to remain elastic. As mentioned in Section 1.5, the overall
stiffness of the PT bracing system depends on the following:

» For efficient EQ-RD, it is desirable for the bracing system to have stiffness such that the
existing URM infills can contribute to carry an important percentage of the lateral load. In this
way, the URM infills can dissipate part of the energy input to the building.

* The stiffness of the bracing system needs to control the lateral displacement of the building in
order to control structural and non-structural damage, and to allow for stable hysteretic behavior
in the URM infills (i.e. IDI_,, < 0.005).

The relative stiffness of the bracing system in plan and height should atempt to correct the
existing lateral stiffness and strength irregularities. In the case of the Pomona building, the braces
should stiffen and strengthen considerably the first two stories as compared to the upper stories,

and reduce the large plan cccentricities, particularly in the first two stories.
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In a given story, the total area of braces (A;) and their lateral stiffness are related as follows:

A E
K, =L -i—cosza,.
i 3.9
A, - T A,

where K, is the required stiftness of the bracing system; and o, L, A; and E are defined in
Figure 3.10.

The strength of the bracing system in a given story can be estimated as:

o, = £8 cosa
br, L i
[}

3.10)

Vy = 2"1", A, cosa,

where A is the interstory displacement and V,, the lateral strength of the bracing system.

In the E-W direction, the main design concern is to provide displacement control. For this
purpose, the fundamental period in this direction (T, ) needs to be reduced from 1.00 sec to
about 0.5 sec if the current values of coeffisient of distortion remain unchanged, as shown in
Figure 3.9c. Nevertheless, the irregularities of stiffness and strength in height and plan are
reduced by the introduction of the PT braces, and thus the value of coefficient of distortion
diminishes, as reflected by the discontinuous horizontal line labeled as braced in Figure 3.9c.
Once Ty, is established from a displacement control point of view, it will be necessary to supply
adequate lateral strength to the building according to Figure 3.9a. In the N-S direction,
displacement control does not seem to be an issue, as shown in Figure 3.9c. Nevertheless it is
necessary to increase the strength of the building to reduce its global p demands (of about 3) and
to reduce the existing irregularities of strength and stiffness. The problem is that when attempting
to accomplish this, the fundamental period of the structure in this direction (Ty_s) diminishes from
its initial value of 0.5 sec, and the seismic response for p close to 1.0 in the N-S direction of the
building increases considerably as T, decreases from 0.5 towards the value of 0.4 sec, as shown

in Figure 3.9a. In this context, it is important to note that from the point of view of strength and
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displacement demands (Figure 3.9a and 3.9c), base isolation by itself will not be very effective
until T > 2.5 sec. Also, it should be noted that nonlinear behavior in the building will result in
a significant reduction of the demanded strength. This emphasizes the need to provide the

upgraded building with some plastic hysteretic energy dissipation capacity.

@ Selection of layout (configuration) of bracing system. An ideal solution is to place the PT
braces in the perimeter of the building. However, aside from the structural properties of the
bracing system, probably the most important consideration needed to determine its final
configuration is related to the architectonic and functional integrity of the building. These types
of considerations significantly influenced the proposed configuration of the PT bracing system.
It should be mentioned that it was virtually impossible not to alter the existing distribution of

space within the building.

Figure 3.11 shows a schematic plan view of the building, in which the resisting planes are
identified with numbers in the N-S direction: 1. 23. 47 and 6; and with letters in the E-W
direction: A, B, C, D, E and F. Figure 3.11 shows the proposed location in plan of the PT braces,

while Figures 3.12a to 3.12e show schematically the location in height.

The properties and geometry of what was considered the best two altematives for the PT
bracing system are summarized in Tables 3.12 to 3.14 and Figures 3.11 and 3.12. As shown in
Figure 3.12, the first option (configuration 1) consists in adding braces to four planes of
resistance: 23 and 47 in the N-S direction, and C and E in the E-W direction; while the second
option (configuration 2) consists in adding to the previous four planes one more plane of
resistance in the E-W direction (one more braced bay located in Frame B). An asymmetric
distribution of braces in the planes of resistance parallel to the N-S direction was provided to
correct the large torsional response of the building when loaded in this direction (see Figure
2.42). Each diagonal in Figure 3.12 represents two braces, which were provided in this way as
to avoid inducing large load eccentricity to the existing clements. As shown, each brace spans
two stories, which results in angles o, (Figure 3.10) that allow for an efficient solution. Four

different types of braces were considered, as shown in Tables 3.12 to 3.14. As shown, the sizes
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of the braces in the lower two stories are considerably larger than those in the upper four stories,

in such a way as to avoid the existence of a flexible and weak first story.

One of the problems that needs to be considered carefully with the proposed upgrading
configurations is the need to strengthen some existing columns in such a way that they can resist
adequately the increase in axial loads induced in them by the braces, particularly those columns
that support braces in both directions, such as those in the intersection of the following frames:
23 and C, 23 and E, 47 and B, and 47 and E. Figures 3.12¢ and 3.12d illustrate the need to add
new beams to frames C and E in such a way that the braces have enough support at the floor

levels (i.e., to avoid the buckling of the slab).

In the next paragraphs, the use of the stick model (Figure 3.6) to estimate the response of the
building when upgraded with brace configuration 1 will be illustrated. For this purpose, the stick
model created before was slightly changed to include the bracing system, as shown in Figure
3.6b. The mass of the braces on this model were neglected, given that they are small when
compared to the building’s original total mass. Table 3.15 summarizes the dynamic characteristics
of the first translational modes estimated from the stick models corresponding to the E-W and

N-S directions.

Figure 3.9a illustrates the lateral strength of the building upgraded with brace configuration
1 (obtained by adding the strength of the original building plus that provided by the PT braces)
relative to the design strength spectra for the safety limit state. As shown, in the N-S direction,
the building is expected to dissipate some energy (p slightly larger than 1). As mentioned before,
this energy dissipation should be provided by the URM infills.

The values of the elastic coefficients of distortion in plan and height in both directions were
reduced considerably by introducing the PT braces, as reflected by the following values: 1.5 and
1.6 in the E-W and N-S directions, respectively. Because the value of the coefficient of distortion
diminishes considerably, the SDOFS displacement, 8., can be larger than that corresponding

to the building without braces (see equation 3.8). According to the values of coefficient of
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distortion in the upgraded building, the new values of 8y, associated with IDI,, of 0.005 are
about 2.2" and 2.6" in the E-W and N-§ directions, respectively, which correspond to §,, of 2.8"
and 3.2, respectively. To allow the performance criteria to be met through displacement control,
the building should be upgraded in such a way that the maximum J_,, demands do not
exceed values larger than 2.5" in both directions. From Figures 3.9a and 3.9c, it can be
concluded that the bracing system enhances considerably the seismic performance of the building
in both directions, and that this performance cun be considered adequate within the target
performance for safety that has been specified before (Table 3.1). It should be noted that in all
this, the energy dissipation provided by the URM infills has been neglected. One way in which
this energy dissipation could have been included in the analysis of the upgraded building is by
using an equivalent damping coefficient (§,,,) that accounts for the viscous and hysteretic energy
dissipated in the building (§, > §). Nevertheless, a quantification of &g, is difficult due ro the
lack of research in this arca -- future analytical and experimental rescarch needs to be directed
towards this issue). In the previous analyses &, has been considered equal to & because it is a

conservative assumption.

The stress on the braces (6,,) for an IDI = 0.005 ranges from 71 to 74 ksi in different locations
of the building. Considering that only 50% of the allowable yield stress will be used, the
yielding stress of the brace (f)) should be about 150 ksi. The other 50% of f, is left for post-
tensioning. Galvanized bridge wire was selected to size the braces. Tables 3.16 and 3.17 show
the structural properties and sizes of galvanized bridge wire. From Table 3.16, it can be seen that
the minimum f ranges from 140 to 160 ksi, which is very close to the required 150 ksi. The
braces were sized using the properties given in Table 3.17. The selected sizes of the braces are

summarized in Table 3.14.

3.2.4 SPECIAL CONSIDERATIONS IN THE DESIGN OF THE POST-TENSIONED BRACING SYSTEM
The design of the PT bracing scheme should not only consider the design of the braces
themselves. It is necessary to assure the adequate behavior of the bracing system by avoiding the

possible failure of the existing clements before the braces can reach their ultimate capacity.
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B Existing frame members and URM infills. As mentioned in Sections 1.3 to 1.5, the
introduction of the PT braces in the structure will induce an initial state of compression in those
infills and frame members that support the braces. Also, a change in the behavior of the frame
members that support the braces should be considered when the building undergoes lateral
deformation, i.c., a reduction in the flexural demands of these members will occur simultaneously
with a significant increase of their axial forces. If the existing elements can not perform properly

under the new loading conditions, it is necessary to upgrade them accordingly.

The existing columns need to be strengthened in such a way that they can receive the large
axial forces induced in them by the braces. The nature of these axial forces is illustrated in Figure
3.13. Given that the braces are not attached to all the floor diaphragms, it is necessary to keep
the stories that are not supported by the braces from developing local story mechanisms, as that

shown in Figure 3.14,

It should be noted, as shown in Figure 3.14, that the support provided to an unattached floor
will usually be provided by the infills and columns of the story immediately below it if there is
no significant discontinuity in the lateral strength and stiffness between the stories above and
below it. Thus, the columns that support the braces need to be strengthened in such a way that
they can resist the forces schematically depicted in Figures 3.13 and 3.14. For this purpose, the
columns can be jacketed with steel angles or channels, as illustrated in Figure 3.15a and 3.15b,
respectively. The steel jackets and the columns need to work as one unit, which implies that any
movement of the jacket relative to the existing column should be prevented. In this sense, it
becomes important to provide some type of prestress to the jacket so that an adequate contact
betwecn the jacket and the existing element can be achieved. Sometimes, epoxy-like substances
are added between the jacket and the existing element to further promote this contact. In the case
illustrated in Figure 3.15a, this prestress can be achieved by preheating the horizontal steel straps
before welding them to the steel ungles that are added to the corners of the existing column. It
is of great importance to avoid any movement in the steel angles when welding the steel straps.
This can be done in the field by strongly tieing with wire these angles to the columns before

welding the straps. Figure 3.16 and Table 3.18 summarize the size of the steel jackets used in
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the upgrading of the columns of the existing building.

The beams of the building do not need to be strengthened given their usually large dimensions
and the existence of the slub. The beams that need to be added (o frames C and E were sized so

that their properties were equal to those of existing ncighboring beams.

B Existing foundation. The original foundation of the building consists on isolated square
footings for all the columns of the building and a perimetral footing to support the RC perimetral
walls. Given the large axial forces that the columns of the building develop due to post-
tensioning and lateral loads (see Figure 3.13), it was necesary to check that the foundation of the
building was able to deliver these forces safely to the soil. First, it was necesary to compute the
maximum axial force demands in the columns that support the braces. These axial forces were
estimated conservatively by considering the gravity loads and the maximum axial forces that can
be developed at the base of the columns when the PT braces in both directions reach their
ultimate strength simultancously. Then, these axial force demands were compared to the
maximum axial force that can be delivered to the columns according to the capacity of their
respective footings. This capacity was computed in a simple manner given that the soil properties
were not available. The ultimate load capacity of the soil at the site was estimated, based on
simplified assumptions regarding its mechanical properties, to be 15 kg/cm? at the horizontal
plane at the base of the footing. A safety factor of three was used to estimate the ultimate bearing
capacity of the soil to the effects of load combinations considering only gravity loads, and of two

for load combination considering gravity plus lateral loads.

It was found that the compresion and tension axial force demands in several of the columns
that provide support to the PT braces was considerably larger than the counterpart supply
provided by the foundation. In particular, the most critical column was that located in the
intersection of Frames E and 47. This column has a maximum axial force demand of 4500 kips
in compresion while the supply provided by its footing is only 1500 kips. For tension, the
maximum demand is 1500 kips and tke supply might as well be considered null. Although a

detailed upgrading strategy for the foundation will ...t be presented in this report, the analysis
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of the foundation revealed the need to tie the isolated footings by means of foundation beams and

the need to enhance the bearing capacity of four footings located in the intersections of Frames
E and 47, B and 47, E and 23, and C and 23.

As mentioned in Section 1.3, any modification to the foundation is usually very expensive.
Thus, the need to modify the foundation in the Pomona building may be considered a big
disadvantage when using PT braces to upgrade this building. Nevertheless, it should be mentioned
that the existing foundation was designed for gravity loads only, and does not have an adequate
capacity to resists the effects of high and even moderate lateral loads. In this sense, practically
any upgrading technique used to upgrade the Pomona building will at least require tieing the
isolated footings of the foundation. The need to improve the bearing capacity of four footings
is a consequence of the large overturning moments produced by the PT bracing system, which
has been designed to resist very large lateral forces (usually associated to a p close or equal to
1). The applicability of PT braces to upgrade an existing building may be limited by the height
of the building, that is, the need to upgrade the foundation due to the large axial force
demands induced by the PT braces in the existing columns may limit the applicability of

these braces to low and moderately low buildings.

3.3 SEISMIC PERFORMANCE OF THE UPGRADED POMONA BUILDING

Once a few promising upgrading configurations are identified, it is necessary to assess the
performance of the upgraded building in more detail (i.e., using more sophisticated methods of
analysis). Before carrying out nonlinear analyses, it was considered convenient to perform some
3D elastic analyses. The PT braces, designed to carry the majority of the lateral loads, have been
designed to remain elastic and maintain the existing frame members elastic (with small nonlinear
demands). Therefore, it is believed that an elastic analysis of the upgraded building can provide

a reasonable estimate of its maximum response.

In the elastic analyses summarized in this section, the energy dissipation provided by the URM
infills has been neglected. As mentioned before, one way in which this energy dissipation could

have been included in the analysis is by introducing &g, Given that it is a conservative
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assumption, &, has been considered equal to £.

3.3.1 ELASTIC ANALYSIS OF UPGRADED BUILDING

Several elastic analyses of the retrofitted building were carried out using the program SAP90.
For this purpose, a 3D elastic model of the upgraded building was created by modeling the
existing elements according to the guidelines discussed in Section 2.3.1, while modeling the PT
braces as truss elements. First, two response spectra analyses of the building upgraded with brace
configuration | were performed using the elastic design spectrum shown in Figure 3.9a as seismic
input. One response spectrum analysis considered 100% of the EQGM input in the N-S direction
plus 30% of this input in the E-W direction. To perform the second, this input was rotated 90
degrees (i.e., 30% in N-S and 100% in E-W). Figures 3.17 and 3.18 show the IDI envelopes for
the four perimetral frames of the Pomona building upgraded with brace configuration 1. Figure
3.17 shows results corresponding to the response spectra analysis in which 100% of the EQGM
was input in the N-S direction and 30% in the E-W direction. As shown, the torsional effects are
not large and brace configuration 1 can control the IDI in the N-S and E-W directions to values
less than 0.004, while the IDI distribution over height is fairly regular in both directions.
Nevertheless, as shown in Figure 3.18, when the input is rotated 90 degrees, the maximum IDI
value is around 0.007, and the building exhibits a significant torsional response (compare the IDI
demands at the two end frames in the E-W direction, i.e. Frames A and F). Brace configuration
1 has added enough lateral stiffness to the building, but has not been capable of correcting its
excessive torsional response. Although the maximum IDI exceeds the value of 0.005 in Frame
A, Figure 3.2d shows that the IDI demand in this frame during the Upland EQ reached values
close to 0.007. No damage was reported during this event in Frame A. From this point of view,
the behavior of the building braced with configuration 1 may be considered acceptable. One more
observation needs to be made regarding the results obtained from the elasiic response spectra
analyses: the energy dissipating capacity provided by the URM infills has been neglected. If the
energy dissipation is considered, the response of the building will probably diminish. Although
the performance of the building upgraded with brace configuration 1 can be considered adequate,

the iarge torsional response of the building when loaded in the E-'W direction remains an issue.
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Adding some extra braces to Frame B (configuration 2), as shown in Figures 3.11 and 3.12e,
is a good idea from a structural point of view. The addition of braces to Frame B should reduce
the torsional response of the building, as well as adding lateral stiffness in the E-W direction.
Nevertheless, introducing braces in this location disrupts the distribution of internal space in the

building (divides the office of the president of the bank housed by the Pomona building).

Figures 3.19 and 3.20 show the IDI demands for the response spectra analyses of the building
upgraded with brace configuration 2. By comparing Figures 3.17 and 3.19, it can be concluded
that when 100% of the seismic excitation is input in the N-S direction and 30% in the E-W
direction, the response of the building practically does not change. Nevertheless, by comparing
Figures 3.18 and 3.20, it can be concluded that when the seismic input is rotated 90 degrees, the
response in the N-S direction is slightly reduced, while the influence that torsion has on the
response of the upgraded building in the E-W direction is reduced considerably. By introducing
the braces in Frame B, the behavior of the upgraded building is enhanced, and the IDI is
controlled effectively within the 0.005 limit.

Table 3.19 shows the base shear demands in both directions for all response spectrum analysis.
By recalling that the ultimate strength of the building is about 0.98 W in the N-S directivii and
0.56 W in the E-W direction (Tables 3.12 and 3.13), it can be concluded that the elastic base

shear demands obtained from the response spectra analysis are within expected limits.

The fundamental translational periods estimated from the stick models (Ty ¢ = 0.38 sec and T
=0.55 sec) are compared 1o those obtained from the eigenvalue analyses of the 3D elastic models
of the two upgraded versions of the building (configuration | and 2) in Table 3.20. As shown,
both 3D elastic models yield a value of Ty that is close to that predicted by the stick model.
Nevertheless, the 2D elastic model of brace configuration } yields a Ty, that is larger than that
of the stick model, while the 3D elastic model of brace configuration 2 yields a similar Tg y, to
that of the stick model. It can be concluded that the actual lateral stiffness of the braces in the
N-S direction maich their target counterparts well, while the lateral stiffness of the braces in the

E-W direction was somewhat overpredicted by the stick model.
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Figures 3.21 to 3.24 show the IDI envelopes for the four perimetral frames of the 3D elastic
models of the two upgraced versions of the building obtained from 3D time-history analyses
using the two components of the Landers and Upland EQs. These EQGMs were scaled up in
such a way that the compoaent with the largest peak ground acceleration (PGA) would have a
PGA of 0.38g. For instance. *he Landers EQ components were scaled up by a factor of 6, in such
a way that the PGA in N-S direction was equal to 0.38g, while that in the E-W direction was
0.30g. The Upland EQ components were scaled up by a factor of 3, in such a way that the N-S
and E-W PGAs were also equal to 0.38 and 0.30, respectively. As shown in Figures 3.21 and
3.22, obtained for brace configuration 1, the maximum IDI is slightly larger than 0.005 and the
overall performance of the bu-lding can be considered satisfactory. Nevertheless, two observations
need to be made: first, the PGA of the E-W component of both EQs is 0.3g; and second, the
upgraded versions of the building vsere designed using the mean spectra shown in Figures 3.9a
and 3.9c¢ (instcad of using the mean plus one standard deviation spectra). If the maximum IDI
in the E-W direction of the building increases linearly with respect to the PGA in this direction,

a PGA of 0.38g in this direction will produce a maximum IDI of .0068.

Figures 3.23 and 3.24 summarize the results obtained for brace configuration 2. Assuming that
the maximum IDI in the E-W direction of the building increases linearly with respect to the PGA
in this direction, the maximum IDI is close to 0.005 for a PGA of 0.38g in the E-W direction.
Table 3.19 summarizes the base shear demands in the building obtained from the different elastic

time-history analyses and both brace configurations.

From the above results, it can be concluded that both upgrade configurations contiol the lateral
deformation of the building within acceptable limits. Configuration 2 offers several structural
advantages. especially the fact that it reduces considerably the torsional response of the building

when it is loaded in the E-W direction.

3.3.2 TwO DIMENSIONAL NONLINFAR ANALYSIS OF UPGRADED BUILDING

Nonlincar 2D analyses were performed on a model of the building upgraded with brace
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configuration 1 to study its behavior in the E-W direction (the building has smaller lateral
strength and stiffness in this direction as compared to those corresponding to the N-S direction).
This was done to assess, within a relatively simple framework, the nonlinear behavior of the
braced building when subjected 1o the safety level of EQGM. The analyses were carried out using
the program DRAIN 2DX.

To carry out a 2D pushover and time-history analyses of brace configuration 1, PT braces were
introduced to the DRAIN 2DX model described in Section 2.3.2. The PT braces were modeled
using truss elements, while their prestress was modeled as initial axial fixed end forces acting
on them. For the time-history analysis, a § = 0.05 was considered for the first two translational

modes.

A 2D pushover analysis, considering P-A effects, was carried out to determine the lateral
deformation vs. lateral load characteristics of the building (neglecting torsion), as well as to
establish the distribution of nonlinear demands among the elements of the building. Because it
yielded practically the same story shear distribution over height than that obtained from the
response spectra analysis of the building, the distribution of lateral loads over height for the
pushover analysis was obtained by assuming a triangular distribution of accelerations through

height.

Two different nonlinear models of the building upgraded with brace configuration | were

created to illustrate some relevant issues:

M Braced with lateral support (to unattached floor diaphragms). As mentioned in Section
3.2.4 and shown in Figure 3.14, it is necessary to avoid the creation of partial mechanisms
produced by the fact that not all floor diaphragms are attached to the bracing system. In this
model (denoted as braced with lateral support), the model of the columns take into account the
mechanical properties of their jackets. These jackets were designed to provide sufficient axial
strength and stiffness to allow the PT braces to develop their full lateral stiffness and strength,

while providing the unattached floors with sufficient lateral support to avoid the formation of
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story mechanisms.

@ Braced. In the second model (denoted as braced), the model of the jacketed columns only
accounted for the upgrade of the axial stiffness and strength provided by the jackets, neglecting

their contribution to the lateral strength and stiffness of the jacketed columns.

Figure 3.25 shows the 3, vs. V, curves for the two different DRAIN 2DX models of the
building upgraded with brace configuration I, and how these curves compare to that
corresponding to the DRAIN 2DX model of the original building. As shown in the figure, if the
columns that support the braces are not axially strengthened, the first column will fail under
compressive stresses at a 9, = 1.5". The 8, vs. V, curves corresponding to the two DRAIN
2DX models of the building upgraded with the brace configuration | show very similar global
behavior up to a 3, of 3.5". At that §,,, all the PT braces spanning the second and third stories
(attached to the second and fourth floors) of the braced model either buckle or yield. This is
reflected in the curve denoted braced in Figure 3.25 with a large decrease in stiffness.
Nevertheless, the curve denoted s braced + lat. supp., which corresponds to the braced with
lateral support model, does not show this decrease until 8, is around 4.3". At this point, all
the PT braces spanning the second and third stories yield or buckle. The first PT brace yields or
buckles at &, = 3.4" and 4.1" in the braced and braced with lateral support models,
respectively. The ultimate base shears that the DRAIN 2DX models develop are around 4000 kip
(0.62W) for the braced model and 4500 kip (0.69W) for the braced model with lateral
support. These values are similar to the value of 0.56 W which was previously estimated for the
building upgraded with brace configuration 1 (see last column of Table 3.13). Note that the PT

bracing system has been designed to limit the maximum 8, , demand to 2.5".

roof

As shown in Figure 3.25, the lateral stiffness and strength of the Pomona building are

considerably enhanced by upgrading the building with PT braces.

Figures 3.26 and 3.27 show the distribution of story displacements and IDI over height for
different values of §,,,, obtained from the pushover analysis of the two DRAIN 2DX models of
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the building upgraded with brace configuration 1. To interpret the results obtained in these
figures, it is necessary to recall that the PT braces are attached to the structure every two stories
as shown in Figure 3.12 and 3.14, that is, they are attached to the second, fourth and sixth floors;
while the mezzanine, third and fifth floors are free from the braces. In Figures 3.26 and 3.27, the
continuous lines correspond to the displacement and IDI distributions over height obtained by
considering the lateral displacements of all floors, while the discontinuous lines correspond to
the respective distributions obtained by only considering the floors to which the braces are

attached (second, fourth and sixth). For small values of &

roof?

the lateral deformation is more or
less uniformly distributed throughout the height of the different models. Nevertheless, as 3,
increases, it is very noticrable that the lateral displacement corresponding to the mezzanine floor
decreases, and those corresponding to the third and fifth floors increase relative to those of the
other floors. By comparing in Figure 3.27 the IDI distributi~ns given by the continuous and
discontinuous lines, it can be concluded that a significant concentration of lateral deformation
occurs in stories whose floor is not attached to the bracing system. By comparing the results
obtained using both models, it can be concluded that this concentration is smaller in the braced
model with lateral support. Figures 3.26 and 3.27 illustrate the importance of controlling the

lateral displacement of all the floors, including those that are not attached to the braces.

The above brings attention to the configuration used for the PT bracing system. It was
mentioned in Section 3.2.3 that for efficient and economical design it was convenient to
configure the braces in such a way that they span two stories. Nevertheless, as previously
remarked in Section 3.2.4 and confirmed by the results of the pushover analyses, the designer has

to recognize and analyze the consequences of not attaching all the floors to the bracing system.

Figures 3.28 to 3.31 show how nonlincar behavior progresses in the elements of the braced
model. These figures follow the same conventions described in Section 2.4.1. In Figures 3.28 to
3.31, the PT braces are represented in the first and third bays of Frames C and E with diagonals
that span two stories. As shown in Figure 3.28, for §,,, = 1" some plastic hinges have appeared
in some of the RC members of the building. Note that some columns that support the PT braces

in the third bay of Frame E have developed plastic hinges (in the second and fourth stories). It
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was mentioned before that the axiual strength and stitfness of the columns of the braced model
were axially upgraded to allow them to receive the PT braces. The plastic hinges in the columns
of Frame E are flexural hinges (as opposed as tensile or compressive hinges) and produced by
the lateral displacement of the unsupported floors. Figures 3.29 and 3.30 show how the nonlinear
behavior progresses for 8, = 2" and 3". As shown, RC members continue to develop plastic
hinges, especially in the perimetral frames (A and F). It is interesting to note that plastic hinges
have developed in the majority of the columns in Frame A (as opposed to the beams). Several
columns located on the upper stories of Frame F also develop plastic hinges. Note that a large
number of flexural plastic hinges develop in the columns that support the PT braces. As
mentioned before, the PT braces have been designed to control the displacement of the structure
within a & of 2.5" for the safety EQGM: thus, with the exception of higher mode effects, the
hinging in structural elements at safety level should be similar to that shown in Figure 3.29. As
8, increases towards a value of 4", it is noticeable that a global and some local mechanisms
start to develop in the building, as shown in Figure 3.31. A very large percentage of the columns
located in the fourth story have hinged at both ends, which explains the increase in IDI in the
fourth story shown in Figure 3.27a. In Figure 3.31, it can be seen that there are circles in the
intersection of the diagonals representing the PT braces in the second and third stories. These
circles represent that the braces have either buckled in compression or yielded in tension. Note
that buckling and/or yielding occurs in all the braces spanning the second and third stories, which
imply that these are the critical stories (stories in which the failure actually occurs) for the failure
of the upgraded building. The location of the critical stories obtained from the pushover analysis

is consistent with the location of these storics presented in Table 3.13.

Figures 3.32 to 3.35 show how nonlinear behavior progresses in the elements of the braced
with lateral support model. As shown in Figure 3.32, for 8, = 1" practically no hinging have
developed in the existing RC members of the building, and no hinging occurs in the columns of
Frame C and E (these frames support the PT braces). These columns have been upgraded to take
the axial and lateral demands produced by the braces and the lateral displacement of the floors
that are not attached to the braces. Figures 3.33 and 3.34 show how the nonlinear behavior

progresses for 8, = 2" and 3". As shown, a few RC members develop plastic hinges, especially
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in the perimetral frames (A and F). Nevertheless, note that now the hinging of the frame
members on Frames C and E concentrate in the beams as opposed to the columns. In Frames C
and E, hinging occurs at the beams located in their central bay, possibly because of the weak
coupling they provide to the first and third bays. The PT braces have been designed to control
the displacement of the structure within a § of 2.5" for the safety EQGM; thus, with the
exception of higher mode effects, the hinging in structural elements at safety level should be
similar to that shown in Figure 3.33. As &, increases towards a value of 4", a few flexural
hinges start to develop in the columns of Frames C and E. In Figure 3.35, it can be seen that
there are circles in the intersection of the diagonals representing the PT braces in the second and
third stories. Note that buckling and/or yielding concentrates exclusively in the braces spanning
the second and third stories, which imply that these are the critical stories. The location of the
critical stories obtained from the pushover analysis is consistent with the location of these stories

presented in Table 3.13.

The same two DRAIN 2DX models used for the pushover onalyses were used to perform time-
history analyses using an EQGM that is supposed to represent the safety level EQGM. For this
purpose, the E-W component of the Landers EQGM was sculed up by a factor of 6.

Figures 3.36 and 3.37 summarize the results obtained from the time-history analyses. These
figures show in discontinuous lines the results obtained from the pushover analyses, while the
positive and negative envelopes obtained from the time-history analyses are shown with
continuous lines. Note that both the positive and the negative envelopes are plotted in the positive
side of the displacement and IDI axis. As shown in Figure 3.36, the shapes for the displacement
envelopes obtained from the time-history analyses are very similar to those obtained from the
pushover analyses. The maximum 3, , for both models change considerably, going from 2.8" for
the braced model to 2.2" in the braced model with lateral support. Figure 3.37 shows the IDI
demands for both models. The IDI distribution over height obtained from the time-history
analyses has a similar shape to the IDI distribution obtained from the corresponding pushover
analyses at a comparable §,,,. The IDI in the braced model with lateral support is fairly

constant over height, while there is a noticeable concentration of deformation in the second and
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fourth stories of the braced model. Note that the maximum [DI demands in the braced model
are around 0.005 while those in the braced madel with lateral support are around 0.003. It
should be noted that all of these results have been obtained without accounting for torsional
effects. Although it is difficult to assess how much the ID] demands will increase once torsion
is accounted for, it can be said that the braced model with lateral support will probably satisfy
the performance criteria established for the upgraded building. The same is not necessarily true

for the braced model, in which inadequate concentration of deformation can be noticed.

The fairly large difference between the floor displacement and IDI demands in both models
should also be noted. From analysis of Figure 3.37a, it is clear that the IDI in the second and
fourth story of the braced model is large. This is a consequence of the relatively large motion
of the [ifth floor (which is the diaphragm on top of the fourth story) with respect to the fourth
and sixth floors, which leads to a significant increase in global and local deformation demands
in the braced model. The above results suggest that it is necessary to control adequately the
response of the floor diaphragms that are not attached to the braces. Further research needs to
be carried out to understand this large difference in behavior so that unadequate performance due

to msufficient lateral support of the unattached floors can be prevented.

The braced model can be considered an abstraction and was developed to illustrate the need
t0 avoid overlooking the formation of ocal failure mechanisms. The analysis of this model allows
the detection of some problems associated with the response of the floors that are not attached

to the bracing syst. a that can be detrimental to the global response of the building.

3.3.3 THREF-DIMENSIONAL NONLINEAR ANALYSIS OF UPGRADED BUILDING

Several nonlinear 3D analyses of models of different versions of the upgraded building were
carried out to assess their behavior and performance when their torsional response is included.
For this purpose, the DRAIN 3DX program was used. The elements of the original building were
modeled according 1o the considerations made in Section 2.5, while the PT braces were modeled

using truss clements.
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Several 3D pushover analyses (the floor diaphragms are allowed to rotate in plan) considering
P-A effects were carried out to determine the lateral displacement vs. lateral load behavior of the
different versions of the upgraded building, as well as to establish the distribution of global
displacement demands throughout the building. Because it yielded practically the same story
shear distribution through height than that obtained from the response spectra analysis of the
building, the distribution of lateral loads through ncight for the pushover analyses was obtained

by assuming a triangular distribution of accelerations over height.

First, 3D pushover analyses in the E-W direction of two different versions of the upgraded
building were carried out. Figures 3.38 to 3.42 summarize the results obtained from a 3D
pushover analysis in the E-W direction of the building upgraded with brace configuration 1.
Figure 3.38 and Figures 3.43 to 3.46 show the results from a 3D pushover analysis in the E-W
direction of the building upgraded with a slightly modified version of brace configuration 2. This
new version consists in eliminating one of the five braced bays in the E-W direction of the
building shown in Figure 3.11. To obtain modified configuration 2, the braces located in Frame
E and spanning from Frame 47 to Frame 6 were eliminated (the jackets in the columns were
adjusted accordingly). Figure 3.38 and Figures 3.47 to 3.50 summarize the results of a 3D

pushover analysis in the N-S direction of the building upgraded with brace configuration 1.

Figure 3.38 establishes a comparison between the 3, vs. V, curves obtained from pushover
analyses of the E-W direction of the DRAIN 2DX braced with lateral support model
(configuration 1) and two DRAIN 3DX models (brace configuration 1 and modified brace
configuration 2). The curves that have been plotied for the DRAIN 3DX models correspond to
the node that is closest to the geometric centroid of the roof diaphragm. The initial lateral
stiffness and ultimate strength in the E-W direction predicted by DRAIN 3DX for the building
upgraded with brace configuration | are slightly smaller than the corresponding estimates
obtained using the DRAIN 2DX braced with lateral support model. Note the similitude
between the §,,, vs. V, curves in the E-W direction obtained from these two analyses of the
building upgraded with the brace configuration 1. The 8., vs. V, curve in the E-W direction

obtained from the DRAIN 3DX model of the building upgraded with modified brace
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configuration 2 is practically equal to that obtained from the DRAIN 3DX analysis of the
building upgraded with brace configuration |, although the lateral stiffness and ultimate V,
predicted by the former analysis are slightly larger than those predicted by the latter one. Figure
2.38 also establishes a comparison between the ultimate V, in the E-W direction predicted in
Section 3.2.3 for the building upgraded with brace configuration 1 (see last column of Table
3.13) and that predicted by the 3D pushover analyses. As shown, the ultimate V, in the E-W
direction predicted using a simplified approach is a good estimate of the ultimate V, estimated

from a sophisticated 3D nonlinear analysis.

Figure 3.39 shows four §,,, vs. V, curves, one for each corner of the building upgraded with
brace configuration 1, obtained from a 3D pushover analysis in the E-W direction. It is clear
from these curves that there is a significant torsional response when this version of the upgraded
building is loaded in the E-W direction. As shown, the corners located in the south end of the
building (Frame A) have a §,, demand that is roughly twice that corresponding to the corners
located in the north end (Frame F). It can be observed that the difference between the 3,
demands of the south and north corners tends to increase with increasing §,.,. Note that the 3D
elastic analyses of Section 3.3.1 were able to detect this problem (see Figures 3.18b, 3.21b and
3.22b). Figures 3.40 and 3.41 show a comparison between the displacement and IDI distributions
over height corresponding to the four corners of the DRAIN 3DX model of the building upgraded
with brace configuration 1 (curves with continuous line) and those obtained using the DRAIN
2DX model of the same version of the upgraded building (curves with discontinuous line). The
distributions corresponding to the four corners of the DRAIN 3DX model and labeled as 8,
equal to 1", 2", 3", 4" and 5" are the distributions that occur at that corners when the
displacement of the node closest to the geometric centroid of the roof diaphragm is equal to these
values of §,, (ie., 1", 2", 3", 4" and 5"). As shown in Figure 3.40, due to the large torsional
effects, the displacement distributions over height obtained from the DRAIN 3DX model for the
two corners located in Frame A (southeast and southwest corners) have different shapes than
those obtained from the DRAIN 2DX model. Also, these south corners have considerably larger
displacements than those of DRAIN 2DX model. The displacement distributions over height

obtained from this same DRAIN 3DX model for the corners located in Frame F (northeast and
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northwest corners) have very similar shapes to those obtained from the DRAIN 2DX model,
although due to torsional effects the displacements of these comers are considerably smaller.
Figure 3.41 emphasizes the different deformation distributions over height between the corners
located in Frame A of the DRAIN 3DX model and those obtained from the DRAIN 2DX model.
As shown, the DRAIN 3DX model has large IDI demands in the ground and fifth stories of the
corners located in Frame A, while the DRAIN 2DX model exhibits a large IDI demand in the
second story. To help explain such differences, Figure 3.42 has been included. This figure shows
how the six floor diaphragms of the DRAIN 3DX model move relative to each other and to the
ground as § ¢ increases in the E-W direction. For a given § . the discontinuous rectangle
represents the position of the ground floor, while the other six continuous rectangles represent
the floor diaphragms of the building. The diaphragms’ displacements illustrated in Figure 3.42
have been scaled up by a factor of 50 so that the relative movements between the floors can be
perceptible. As shown in Figure 3.42, as 8 increases, the floor diaphragms tend to rotate
around Frame F. Note that the rotations of the two lower stories (ground and mezzanine stories)
and of the top story tend to be considerably larger than those of the other stories. In fact, the
interstory rotation of the second, third and fourth stories is very small (this part of the building
is rotating as a rigid body). Considering the large rotations in the ground, mezzanine and roof
stories, it is possible to explain the large displacement and IDI demands in these stories of the
corners located in Frame A. Note in Figure 3.41 that the IDI distributions over height of the
comers in Frame F of the DRAIN 3DX model have similar shapes to those obtained from the
DRAIN 2DX model, although, as expected, the IDI demands are smaller due to torsional effects.

Figures 3.43 to 3.46 show the results from the 3D pushover of the E-W direction of the
DRAIN 3DX model of the building upgraded with modified brace configuration 2. Before
discussing the results summarized in these figures, it should be noted that brace configuration 1
and modified configuration 2 have the same number of braced bays in the E-W direction: four.
The only difference between these two configurations is that one of the braced bays in Frame E
of brace configuration 1 has been translated to Frame B to obtained modified brace configuration
2. By comparing Figures 3.43 to 3.46 to those corresponding to the DRAIN 3DX model of the
building upgraded with brace configuration 1 (Figures 3.39 to 3.42), it can be concluded that the
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torsional response of the upgraded building is reduced considerably. As shown in Figure 3.43,
the §,, demands in the corners located in the south end of the building (Frame A) are now
roughly 1.3 times the §,,, demands corresponding to the corners located in the north end (Frame
F), and this ratio remains fairly constant with increasing & ;. Figure 3.44 shows that now the
displacement distributions of the four corners of the DRAIN 3DX model of the building upgraded
with modified brace configuration 2 have similar shapes to those obtained from the DRAIN 2DX
model for the building upgraded with configuration 1. Nevertheless. the DRAIN 3DX model still
tends to have larger displacement demands in the ground, mezzanine and roof stories of the
commers located in Frame A (although this deformation concentration has been reduced
considerably with respect to that shown in Figure 3.41). The displacement distributions over
height of the corners located in Frame F of the DRAIN 3DX model have now almost exactly the
same shapes as those corresponding to the DRAIN 2DX model. Figure 3.45 shows that althnugh
the IDI concentration in the two bottom and roof stories of the corners located in Frame A has
not disappeared completely, a significant improvement in the response of the upgraded building
has been achieved with respect to that illustrated in Figure 3.41. Figure 3.46, which emphasizes
that the torsional response of the upgraded building has been reduced considerably, shows that
as the 8, in the E-W direction of the building increases, the building still rotates around Frame
F. Although not as noticeabie as before, the rotations in the two bottom and roof diaphragms is

larger than that corresponding to the other diaphragms.

Figure 3.38 shows the 3, vs. V, curves obtained from the 3D pushover analysis in the N-S
direction of the DRAIN 3DX model of the building upgraded with brace configuration 1. As
shown, the lateral strength and stiffness of the upgraded building :s ccusiderably hiiphes-in the
N-S direction than in the E-W direction. The upgraded building is capable of developing an
ultimate V, in the N-S direction that is larger than the value of 0.98 W estimated in Section 3.2.3
(see last column of Table 3.12). Figure 3.47 shows the V, vs. §,; curves for the four comners of
the DRAIN 3DX model obtained from the 3D pushover analysis in the N-S direction. As shown,
the torsional response of the building when loaded in the N-S direction has been reduced
considerably with respect to that of the original building. Figures 3.48 and 3.49 show the

displacement and IDI distributions over height for the four corners of the building upgraded with
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brace configuration 1, obtained from the 3D pushover analysis in the N-S direction. As shown
in Figure 3.48 and 3.49, although the d,_,; demands are similar for all four corners, the
displacement demands over height vary considerably from corner to corner. In particular, those
corneiss located in Frame 1 (southwest and northwest) tend to accumulate large displacement and
IDI demands in the third story, where this frame exhibits large irregularities in height of lateral
stiffness and strength. The building eventually fails in this story, which becomes the critical story
(story in which the failure actually occurs) for the failure of the upgraded building. The location
of the critical story obtained from the pushover analysis is consistent with the location of this
story presented in Table 3.12. Finally, Figure 3.50 gives an insight into the torsional response of

the upgraded building when loaded in the N-S direction.

Results for the 3D time-history analyses of the different upgraded models of the building were
not available. Nevertheless, from the results obtained in the 2D nonlinear time-history analyses
of the upgraded building, and by considering that the torsional response in the building upgraded
with modified brace configuration 2 1s not large, it can be concluded that if the building is
upgraded with the original or modified brace configuration 2, it will probably satisfy the
performance criteria established for the safety limit state (see Table 3.1). Although with a
significant torsional response when loaded in the E-W direction, the building upgraded with brace
configuration | will also probably satisfy these performance criteria, although, as suggested by
the 3D pushover results, the IDI demands in the ground and mezzanine will be considerably

larger than the IDI demands on other frames and stories.

Nevertheless, one of the aspects of the upgraded building response that can not be studied
without a 3D nonlinear time-history analysis is the magnitude of the floor accelerations. One of
the drawbacks of upgrading an existing framed building with URM infills by introducing PT
braces to this building is the fact that the floor accelerations in the upgraded building may be
considerably higher that those occurring in the original building when subjected to similar
EQGMSs. It is believed that the nonlinear behavior of the URM infills should somehow damp the
global response of the upgraded building in such a way that the building is provided with an

internal mechanism to reduce the values of these story accelerations. In this sense, the results
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obtained from the 3D elastic analyses carried out in this study do not provide a fair estimate of
the story accelerations, given that the contribution of the URM infills to damp the response of
the building has been neglected. This issue needs further research. A new series of 3D analysis
will be carried out in the future with the help of a new program for the nonlinear 3D analysis

of RC structures (Filippou, 1995).
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Response Condition: Performance criteria

SAFETY

State of RC members Elastic (IDI not known)

Performance of URM infills stable hysteretic behavior
(IDI < 0.005)

State (response) of PT Elastic

braces

Damage to nonstructural pre-collapse (IDI < 0.0125)

elements

Table 3.1 Safety limit state design criteria

Stiffness from existing model
Story Weight Height for SAP90 (k/in)
(kip) () N-S direction E-W direction

ground 584 13 7613 1808
mezzanine 1121 12.5 4767 1429

2 1050 10.5 8852 3421

3 1050 10.5 7592 3125

4 1050 10.5 6258 2423

5 1284 13.5 5426 1130

qable 3.2 Story stiffness estimated from static analysis of 3D elastic model
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Stiffness of building Stiffness of frame only Stiffness of URM
Stories from SAP90 (k/in) from SAP90 (k/in) walls (k/in)
1) (2) - Q)
N-S E-W N-& E-W N-S E-W
G 7613 1808 982 955 6631 853
Mz 4767 1429 951 762 3816 667
2 8852 3421 2800 1625 6052 1796
3 7592 3125 2403 1414 5189 1711
4 6258 2423 1689 992 4569 1431
5 5426 1130 661 333 4765 797

Table 3.3 URM infill stiffness estimated from static analysis of 3D elastic model

URM INFILLS STIFFNESS (K/in)

Stories Simplified for Correction | Simplified for | Corrected for
SAPY0O estimated IDI factor' IDI=0.005 IDI = 0.005
§)) (2) 3) =) ) 3)x@)
G 6631 5954 1.00 2550 2550
Mz 3816 3848 0.99 1672 1655
2 6052 7546 0.80 2052 1646
3 5189 6092 0.85 1742 1484
4 4569 6092 0.75 1742 1307
5 4765 6092 0.78 1742 1362

{a)

correction factor always less than 1.0

Table 3.4 URM infill stiffness in N-S direction obtained from simplified procedure
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URM INFILL STIFFNESS (K/in)

Stories Simplified for Correction | Simplified for | Corrected for
SAPI0 estimated IDI factor® IDI=0.005 IDI = 0.005
(1) (2) (3) = (1)/(2) @) (3)x(4)
G 853 700 1.00 467 467
Mz 667 700 0.95 467 444
2 1796 2169 0.83 570 472
3 1711 2169 0.79 570 450
4 1431 2169 0.66 570 376
5 797 2169 0.37 570 209

w

correction factor always less than 1.0

Table 3.5 URM infills stiffness in E-W direction obtained from simplified procedure

value of q;
Factor Concep( 0.80 0.90 1.00
q" Irregularity in plan AA > 30% 10%< AA< 30 % AA £ 10%
e/B > 20% 10% < ¢/B < 20 e/B < 10%
q,? | Irregularity in AA > 30% 10% < AA < 30% AA £ 10%
elevation
q," Tilt D>2% 1% <D < 2% D<1%
q, Impact with Heavy damage | Moderate damage | Light damage
neighboring buildings
q.Y Deterioration Age > 30 10 € Age < 30 Age <10
minor repair major repair no previous
damage

(1) AA is the area delimited by reentrant corners as a percentage of the total area. /B is the ratio between the

eccentricity in plan and the plan dimension that is parallel to the direction in which that eccentricity is measured
(2) AA is the largest percentual change of plan area or the sum of areas of the structural elements from one story to

the next
(3) D is the tilt angle in degrees
(4) Age in years. Major repair is that that attempts the reestructuration and stiffening of the existing building

Table 3.6 Corrective factors
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Strength of masonry infills Strength of Total story Critical
(kip) RC columns strength story and
Story @ Cracking @ Ultimate (kip) (kip) Vs (kip)
G 1974 280¢ 568 2159
Mz 1423 2024 524 1681 <= 1729V
2 1593 2264 500 1769
3 1593 2264 410 1711
4 1593 2264 308 1646
S 1593 2264 207 1581

‘01729 kip = 0.28 W

Table 3.7

Estimated ultimate story strength in the N-S direction

Strength of masonry infills Strength of Total story Critical
(kip) RC columns strength story and
Story @ Cracking @ Ultimate (kip) (kip) Vs (kip)
G 551 782 568 863 <= 863"
Mz 621 881 524 899
2 663 943 500 923
3 663 943 410 866
4 663 943 308 801
5 663 943 207 736

™ 863 kip = 0.14 W
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Table 3.8 Estimated ultimate story strength in the E-W direction




Centers of mass Centers of stiffness Centers of stiffness
Floor (ft) formal method (ft) simplified method (ft)
N-S E-W N-S E-W N-S E-W
Mz 74 45 nd. 55 88 55
2 58 32 nd. 45 86 55
3 57 30 50 45 56 48
4 57 30 50 45 S5 39
5 57 30 50 45 53 42
6(roof) 49 38 50 45 53 46

“ n.d. (not defined). the center of resistance is not located within the floor diaphragm

Table 3.9 Location of centers of mass and resistance of existing building

Mass corresponding to first Equivalent height
Direction Period mode corresponding to first mode
(see) % of total % of total
(kip-sec*/in) mass (ft) height
N-S 0.55 14.3202 90 504 71
E-W 1.01 14.6915 92 49.6 70

Table 3.10 Dynamic properties of first translational mode of simplified models

Direction I'd,(H) (c.od.)y (c.0.d.)e c.od.
N-S 1.51 1.45 1.84 27
E-W 1.25 1.85 1.39 2.6

Table 3.11 Coeflicients of distortion from simplified procedure
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Brace type Required area Nominal diam. Provided area
(in®) (in) (in%)
1 52 38 5.86
2 26 2118 A
3 7.0 3an 7.35
4 35 26 3.57
S5 5.6 3us 5.86
Table 3.14 Sizes of PT braces
| Mass corresponding to first Equivalent height
Period mode corresponding to first mode
Directi
rection ) (se0) % of total % of total
(kip-sec’/in) mass (fty height
N-S 0.38 13.8989 87 513 73
E-W 0.55 14.0414 88 501 72

Table 3.15 Dynamic properties of stick model of upgraded building

Costing | . . Min tensit s S, | Mintotal
class . in strength, 0.7 % extension _elongation
t under load. ksi n10in. %
—
- A 0.041 and over 220 180 4
B All 210 150 4
C All 200 140 4

* For sctual cross section including sinc coating.

Table 3.16 Properties of galvanized bridge wire
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Clu:nA Class A
coating coating Approx
Nominal | Clam A |yt vires, |inner wires,| APProx | PR
- . coating metallic
dism, in throughout | C¢ime B class C ares, ins per It,
coating coating * 1b
outer wires | outer wires
3¢ 15.0 14.5 14.2 0.150 0.52
b o1 19.0 18.4 18.0 0.190 0.66
101 24.0 23.3 22.8 0.234 0.82
"He 20.0 8.1 27.8 0.284 0.99
L 74 4.0 . 33.0 32.3 0.338 1.18
¥ 40.0 8.8 38.0 0.308 1.30
" 4¢.0 “4.6 43.7 0.459 1.61
1%, 54.0 T 82.4 51.3 0.527 1.88
1 61.0 9.2 57.9 0.600 2.10
13, 69.0 66.9 85.5 0.877 2.37
13¢ 78.0 5.7 741 0.750 2.66
1%, 86.0 83.4 81.7 0.846 2.96
1% 96.0 4.1 92.2 0.938 3.28
184, 106.0 104.0 102.0 1.03 3.82
13¢ 116.0 114.0 111.0 1.13 397
114 126.0 123.0 121.0 1.24 4.34
134 138.0 135.0 132.0 1.35 4.73
1944 150.0 147.0 144.0 1.47 5.13
15¢ 162.0 159 .0 155.0 1.58 5.85
134, 176.0 172.0 169.0 1.71 5.98
18; 188.0 184.0 180 0 1.84 .43
113¢, 202.0 168.0 194.0 1.97 6.90
134 216.0 212.0 207.0 2.11 7.39
113, 230.0 226.0 221.0 2.28 7.89
2 245.0 241.0 238.0 2.40 8 .40
231, 2061.0 257.0 253.0 2.5% 8.94
23¢ 277.0 273.0 269.0 2.71 9.49
23, 293.0 289.0 284.0 2.87 10.08
23¢ 310.0 305.0 301.0 3.04 10.64
28, 327.0 322.0 317.0 3.21 11.24
3¢ 344.0 339.0 334.0 3.38 11.85
2. 3680.0 355.0 349.0 3.57 12.48
234 376.0 370.0 365.0 3.78 13.13
2% 392.0 388.0 380.0 3.94 13.80
2% 417.0 411.0 404.0 4.13 14.47
2134, 432.0 425.0 419.0 4.33 15.16
23 482.0 445.0 438.0 4.54 15.88
234 404.0 480.0 47%.0 4.96 17.38
3 538.0 530.0 522.0 3. 40 18 .90
33 584.0 575.0 5686.0 5.86 20.51
k174 625.0 816.0 €08.0 6.4 22.18
3¢ 673.0 063.0 883.0 6. 83 23.92
334 T24.0 714.0 703.0 7.38 25.73
3% 768.0 757.0 745.0 7.88 27.60
3% 822.0 810.0 797.0 8.44 29.53
3y 878.0 885.0 852.0 9.01 31.53
4 925.0 911.0 807.0 .80 33.60

Table 3.17 Minimum breaking strength of bridge strand in tons (2.2 kip)
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Location Jacket Type 1 Jacket Type 2 Jacket Type 3

Floors 1-2 four 8 x 8 x 118 four 6 x 6 x 5/8 four 5 x 5 x 3/8
angles angles angles

Floors 3-4 four 6 x 6 x 5/8 four 5 x 5 x 3/8 four 5 x 5 x 3/8
angles angles angles

Floors 5-6 four 6 x 6 x 5/8 four 5 x 5 x 3/8 four 5 x 5 x 3/8
angles angles angles

Table 3.18 Jacket sizes

Direction and Upgrade EQGM EQGM EQGM I EQGM
input (1): input (2): input (3): input (4):

N-§, configuration { 090 W 0.19 W 1.9 W 1.28 W

E-W, configuration | 045 W 055 W 037W 037 W

N-S, configuration 2 090 W 0.20 W 1.08 W 1.28 W

E-W, configuration 2 033 W 0.54 W 044 W 034 W

input (1) Response spectrum analysis, 100% EQ input N-S + 30% EQ input E-W
input (2) Response spectrum analysis, 30% EQ input N-S + 100% EQ input E-W
input (3) Time-history analysis, Landers EQGMs scaled up by a factor of six
input (4) Time-history analysis, Upland EQGMs scaled up by a factor of three

Table 3.19 Base shears obtained from elastic 3D model (SAP90)
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3D elastic model

Simplified (sec)
Direction mode Configuration 1 | Configuration 2
(sec)
N-S 0.38 0.41 0.41

Table 3.20 Comparison of dynamic properties or first translational mode in
simplified and 3D elastic models
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O (compression)

€ €

u

a) Typical axial stress vs. axial strain relationship in brick masonry

Infill located between columns 20 and 21
3th - 4th floors

10

b) Lateral force vs. IDI curve in URM infill located in Frame 1

Figure 3.1 Force vs. deformation curves for URM and URM infill
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Pomona Buikling, Landers EQ

5 4
4
3 .
2 j \
G- .‘:FT\..‘
0.0 -0.005 0 0.dos 0.0
ol
a) N-S direction
Pomona Building, Landers EQ
* i
4 p
3 g
2 4
Mz \ Frame A
Framp F
o \ T
0.01 -0.005 % 0.00s 0.b1
DI
b F-W direction
Figure 3.2 IDI obtained from elastic time-history analysis of
building subjected to Landers EQ
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Pomona Building, Upland EQ

Story
5
4 4
34
2 4
Mz 1
G 4
001 -0.005 0 0.006 0.01
o |
¢) N-S direction
Pomona Building, Upland EQ
5 4
4
3 E
2 4
Mz -1
G A
YY) -0.005 0.005 0.01
o]
d) E-W direction
Figure 3.2 continued, IDI obtained from elastic time-history analysis
of building subjected to Upland EQ
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1145m Story F \'

6 3.17ma 3.17ma
210ma 5.27ma
1.71ima 6.98ma
1.33ma 8.31ma
1.00ma 9.31ma
027ma 9.58ma

094 m

094 m

- N WA O

094 m

1.00 m

0.52m

7

Figure 3.3 Story forces and shears, assuming a linear distribution of accelerations through
height, in terms of the mass (m) and acceleration (a) at the second floor

Frame B penthouse

. 2nd floor

elements common mezzanine story
to 1st and 2nd stories "T\ ist floor (mezzanine)

ground story

V% ground floor

///////////////////////////////////////////%

O

Figure 3.4 Identification of stories and floors
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Figure 3.5 Difference between secant stiffness of the two lower stories and
that of the four upper stories

u; = dof ith story

m, = mass ith story

Kk, = stiffness ith story

K — stiffness of braces

spanning stories i and j

7
a) unbraced building b) braced building

Figure 3.6 Stick models of braced and unbraced building
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ith bay of a given story

Acosa

A = area of the diagonal brace

E = modulus of elasticity

Figure 3.10 Definition of a, L, A and B
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b) upper stories

Figure 3.11 Plan view of PT bracing system
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columns

b-ace type 2 %
\\.>.\~M— 3 N 28 |
\\\
s R
brace type 1. L
\ — ]
» [
a) Frame 23
/ 3 4 g
brace type 4 o
\4 ——
/
brace type 3 ]
— 1 _ _
b) Frame 47

Figure 3.12 Elevation view of PT bracing system
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brace type 1

/ new beams |

- s e e EM!KJB ty"a 2

S S jacketed column

OO0,

b e

T brace type 1

¢) Frame C

new beams

S, W

SR,

d) Frame E

Figure 3.12 continued
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Type 1 PN

¢) Frame B

Figare 3.12 continued
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Figure 3.12 continued
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a) postensioning b) lateral loads

Figure 3.13 Axial forces induced in columns by the PT braces

Figure 3.14 Local story mechanism
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[0 jacket type 1

O jacket type 2
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Figure 3.16 Types of steel jacket
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Pomona Building, 100% N-S + 30% c-W

Upgrade Configuration 1 floors delimiting
Story the story
5 ~, 56 |
44 \“: 4.5 .
31 34
21 Frame 1 ' 23 -
Frame 8
Mz 1 ; Mz-2 -
G T Gr-Mz -
0.01 -0.605 [) 0.005 0.01
1Dl
a) N-S direction
Pomona Building, 100% N-S + 30% E-W
Upgrade Configuration 1 floors defimiting
5 58
4 - 45
3 ‘ 34 -1
2 J 23 |
Fm Fl.
Mz ' Mz-2 -
: Frame A
G Gr-Mz
001 -0.00s 0.00s 0.01
DI
b) E-W direction

Figure 3.17 IDI obtained from elastic response spectra analysis of configuration 1
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using 100% and 30% input in N-S and E-W directions, respectively



Pomona Building, 100% E-W + 30% N-S

Upgrade Configuration 1 fioors delimiting

5 - 58 4

4 45 -

31 34 -

2 2.3
Mz . | Mz-2 |
G - Fr*u ‘V" Frame 8 Gr-Mz -

I
00 -0.006 0 0.005 0.01
1Dl
a) N-S direction
Pomona Building, 100% E-W + 30% N-S
Upgrade Configuration 1 fioors defimiting
Story the story

5 5.6 =

4 ‘ 45

3+ a4 -

Frame F

2 i ) 23 w

Mz \ ) Mz-2 J
Frame A
G - Gr-Mz -
0.0 0.005 adns 0.01
o ]
b) E-W direction

Figure 5.18 IDI obtained from elastic response spectra analysis of configuration 1
using 30% and 100% input in N-S and E-W directions, respectively
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Pomona Building, 100% N-S + 30% E-W

Upgrade Configuration 2 fioors delimiting
Story the story
5 / 561
4 45
34 34 -
24 ! ' 2-3 1
"-,Framo .}
MZJ ¢ l," Mz-2
G Gr-Mz
0.01 0.005 ] 0.005 0.01
e ]
a) N-S direction
Pomona Building, 100% N-S + 30% E-W
Upgrade Configuration 2 floars delimiting
Story the story J
5 58
4 - 45 -
31 34 -
2 23
Mz | Mz-2 -
G - 5 F"T' Gr-Mz -
001 -0.005 0 0.005 0.01
le] .
b) E-W direction

Figure 3.19 IDI obtained from elastic response spectra analysis of configuration 2
using 100% and 30% input in N-S and E-W directions, respectively
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Pomona Building, 100% E-W + 30% N-S

Upgrade Configuration 2 floors delimiting
Story the story
. I N
4 ] 45 -
3 ‘ 34 -
2 2.3 4
G 'FnTno'i Frame 8 Gr-Mz -
0.01 -0.006 0 0.005 0.01
D!
a) N-S direction

Pomona Building, 100% E-W + 30% N-S

Upgrade Configuration 2 foors delimiting
CR 58 -
4 4,5 -
3 34 -
Frame F
2 23
Mz - \ ‘,/' Mz-2
' Frame A
G - Gr-Mz -
0.01 0.005 0.005 0.01
Jo]
b) E-W direction

Figure 3.20 IDI obtained from elastic response spectra analysis of configuration 2
using 30% and 100% input in N-S and E-W directions, respectively
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Pomona Buikding, Landers EQ

Upgrade Coniiguration 1 fioors delimiing
Siory the story
5 . / § 56
4/ \ 45
3 -
2. {Frame 0 23 J
: Frame 1 .
Mz ' Mz-2 -|
G 1 Gr-Mz -
0.01 -0.005 0.005 o
Il
a) N-S direction
Pomona Building, Landers EQ
Upgrade Configuration 1 fioors delimiting
5 : X 56 -
4} 45
q 34
2 23
; Frame F; '
Mz - Mz-2 -
: \ Frame A
G Gr-Mz
001 -0.005 0.005 oM
ol
b) E-W direction

Figure 3.21 IDI obtained from elastic time-history analysis of configuration 1
subjected to Landers EQGMs scaled up by a factor of six
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Pomona Building, Upland EQ

Upgrade Configuration 1 ficors delimiting
Story
5 4
4 4
3
2 4
Mz -
QG -
091 0.0 0
Dl
a) N-§ direction
Pomona Building, Upland EQ
Upgrade Configuration 1 ficars delimiting
Story | the story
5 4
4 4
3 -
2]
Mz p
G
£0.01 -0.005
D!
b) E-W direction

Figure 3.22 IDI obtained from elastic time-history analysis of configuration 1
subjected to Upland EQGM:s scaled up by a factor of three
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Pomona Building, Landers EQ

Upgrade Configuration 2 ficors delimitng
Story the story
5 - / 56
41 ; 45
31 § 34
2 ,: l | . Frame 6 2.3
, Fiame 1
Mz - \ 5 Mz-2
G Gr-Mz -
0.01 -0.005 0.005 0.01
Dl
a) N-§ direction
Pomona Building, Landers EQ
Upgrade Configuration 2 floors delimiting
Story the story
£ . 56
i *
41 ' 45 -
34 34 |
2 23
Mz - Mz-2 -
G Gr-Mz |
0.01 0005 0.00s 0.01
1Dl
b) E-W direction

Figure 3.23 IDI obtained from elastic time-history analysis of configuration 2
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subjected to Landers EQGMs scaled up by a factor of six



Pomona Building, Upland EQ

Upgrade Configuration 2 fioors delimiting
Story the story
5 q / 5'6
4 4 :"', 45
3 - 5 34 -
2- 23 |
‘Frame 6
Mz { { \ S Mz2
G - Gr-Mz -
001 -0.005 0 0.005 0.
Il
a) N-S direction
Pomona Building, Upland EQ
Upgrade Configuration 2 floors delimiting
Story
5 -
4 o
3 p
2
MZ 4
G -
0.01 -0.005 .01
o]
b) E-W direction

Figure 3.24 IDI obtained from elastic time-history analysis of configuration 2
subjected to Upland EQGMs scaled up by a factor of three
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Pomona Building, E-W Direction
Pushover Analysis

FlOOfo 8 =1" =2 8=3 a=gqg
51 ,"”‘/ "';L
p g considering all fioors
4 considering only floors attached to braces
3-
2.
MZ -
G.
0 i 2 3 4 5 8
Displacement (in)
a) Without lateral support
Pomona Building, E-W direction
Pushover Analysis
Flwe. d=1" 8= 0=3 b=4" 8 =5

v
.
,

Displacement (in)

b) With lateral support

Figure 3.26 Floor displacements obtained from 2D pushover analysis of upgraded
building with and without lateral support, E-W direction
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Pomona Building, E-W direction

Pushover Analysis floors delimiting
Story the story

5. 58 ]
4 45 -
3 34 -
2 2-3

Mz Mz-2

considering only floors sttached
G 1 Gr-Mz -
) 0.005 0.01
Dl
a) Without lateral support
Pomona Building, E-W direction
Pushover Analysis fioors delimiting

5 58 -
4 -
34
24

Mz

G ] = Gr-Mz -

0 0.005 0.5
DM

b) With lateral support

Figure 3.27 IDI obtained from 2D pushover analysis of upgraded building
with and without lateral support, E-W direction
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Pomona Building, E-W direction
Landers E-W scaled up by 6

ol 3=1 $=20  B3=% d=4

[ [

Floor

i 2 3 4 [
Dispiacement (in)
a) Without lateral support
Pomona Building, E-W direction
Landers E-W scaled up by 6
Floor

8=1" 3=2 3d=3 6'4"

S 4 5
Displacement (in)
b) With lateral support -

Figure 3.36 Floor displacements obtained from 2D time-history analysis of upgraded
building with and without lateral support, E-W direction
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Pomona Building, E-W direction

-w
Landers E-W scaled up by 6 foors delimiing
Story the story
5{ . 58 |
4 45 1
3 4 34
2 B \‘::: 2.3 .
64
Mz - Mz-2 J
G 4 Gr-M2z
@ 0.d05 0.01
ot
a) Withcut lateral support
Pomona Building, E-W direction
Landers E-W scaled up by 6
floors delimiting
Story the story
5 SN e e 58
4 45 -
3 \ 34 -
2 23 |
5;: =3 b'; ¥y U
Mz - ‘ Mz-2 |
G- Gr-Mz -
0 0.Jos 0.0%
o |
b) With lateral support

Figure 3.37 IDI obtained from 2D time-history analysis of upgraded
building with and without Iateral support, E-W direction
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4 SUMMARY, CONCLUSIONS AND RECOMMENDATIONS

4.1 INTRODUCTORY REMARKS

The most significant seismic hazards in our urban and rural areas result from the interaction
betWween the seismic activity at a given site and the local built environment (all human-made
facilities). Given our inability to control the seismic acuvity that affects a given region, the most
effective way to reduce its seismic hazards to an acceptable levei is the upgrading (retrofitting)
of existing hazardous structures. The urgency of the need to carry out this upgrading has been
emphasized by the occurrence in recent years of moderate earthquake ground motions (EQGMs)

in California, such as the Loma Prieta 1989 and Northridg: 1994 events.

Unreinforced masonry (URM) buildings and framed buildings infilled with URM walls, which
were designed and constructed before the development and flourishing of seismic design,
constitute an important part of the vast inventory of high-risk structures in many cities of
California. Currently, there is a need to develop simple and efficient retrofitting strategies and

techniques to upgrade these buildings so that they can have adequate performance during strong

EQGMs.

In recent years, several researchers and practitioners have shown that the seismic performance
of existing buildings when sucjected to strong EQGMs can be enhanced considerably by bracing
them with post-tensioned (PT) rods or cables. The studies reported herein have discussed the
possibility of rational application of this technique to existing framed buildings infilled with
URM walls. In this chapter, a summary of some of the most relevant issues involved in this
application, preliminary conclusions regarding the proposed solutions to address such issues, and

recommendations for research needs to improve such solutions are presented.

4.2 SUMMARY AND CONCLUSIONS
4.2.1 PERFORMANCE OF FRAMED BUILDINGS INFILLED WITH UNREINFORCED MASONRY WALLS

Experimental tests carried out by several researchers around the world have consistently shown
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that URM walls and infills possess considerable capacity for inelastic deformation independently
of their in-plane failure mode (i.e., diagonal tension, flexural tension, etc., for URM walls; and
sliding shear, diagonal tension, compressive crushing, etc., for URM infills). It has been observed
in the majority of these tests that URM walls and infills are able to undergo large inelastic
deformations (la:ge drift indexes, .005 and larger) without suffering very large deterioration in
their maximum (ultimate) lateral load carrying capacity. In particular, it has been recognized that
the presence of masonry infills that are not isolated from the structural elements can have a
beneficial effect on the seismic performance of existing framed buildings. By properly
introducing such elements within the bare frames of a building, a considerable increase in the
ultimate strength and stiffness, as well as energy dissipation capacity of the building, can be

achieved as it has been consistently shown in experimental tests and analytical studies.

@ From the above observations, it can be conciuded that, if certain conditions are met, the
URM infills can enhance considerably the strength, stiffness and energy dissipation capacity
of an existing framed building. The URM infills may be used to dissipate energy through
stable hysteretic behavior (several researchers agree on the fact that URM infills can
undergo relatively high inelastic deformations while showing adequate hysteretic behavior).
Nevertheless, to accomplish this stable behavior, the in-plane drift index in the elements
needs to be carefully controlled and certain modes of failure (for instance, brittle failure in
the existing ‘rame members) should be prevented. Furthermore, of particular importance is
the fact that URM infills can create large stiffness and strength irregularities in plan and
along the height of the building. which in turn can induce large torsional response and/or
the creation of soft stories, thereby creating loading conditions on structural elements for

which they were not designed.

4.2.2 USE OF POST-TENSIONED BRACES TO UPGRADF. EXISTING BUILDINGS

The rehabilitation of an existing building using PT braces is an attractive option. Usually it is
possible to achieve large and economic increases in the stiffness and lateral load strength of an
existing building. The use of this technique offers several structural as well as non-structural

advantages, such as: wide range of lateral stiffness and deformability capacity that can be
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considered in the design of the bracing system, that the loads induced in the foundation can be
distributed along the whole foundation system (to avoid modifying the existing foundation), that
the weight of the braces is usually small compared to that of the existing structure (does not add

reactive mass), clean and fast construction process, etc.

Usually, the PT braces in a rehabilitated frame building are designed to limit considerably the
displacement demand in the upgraded structure while increasing considcrably its lateral strength.
Thus, the introduction of the PT braces to an existing building diminishes considerably the
flexural demands on the existing and possibly non-ductile frame members. To assure that the
bracing system can achieve adequate displacement control throughout the ground motion, it is
necessary to prevent the PT braces from becoming slack due to yielding or buckling in
compression. Thus, a relevant coasideration in the design of the PT braces is that their excessive
yielding or buckling needs to be avoided at all cost. As with the use of any rehabilitation
technique, it is necessary to check several aspects of the global and local behavior of the
upgraded structure, such as: change of behavior of the existing structural elements, change in the
dynamic characteristics of the building, connection of braces to the existing structure and possible

effects on the foundation system, nonstructural components and contents.

4.2.3 PHILOSOPHY OR DESIGN CRITERIA FOR RETROFITTING USING A POST-TENSIONED
BRACING SYSTEM
One of the main problems involved in upgrading an existing framed building with URM infills
lies in defining what is to be considered an adequate overall seismic performance, and in
particular, what constitutes adequate seismic performance for the URM infills. Currently. there
is a need to define this rationally, so that performance-based EQ-RD methods can be
implemented taking into account the real deformation, strength, stability and energy dissipation

capacities of URM clements.

Given that the existing URM infills can enhance considerably the mechanical characteristics of
an existing framed building (increase in strength, stiffness and energy dissipation capacity),
rational performance criteria for framed buildings with URM infills should be based on allowing
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the infills to contribute to the global lateral load resistance of the building in a controlled manner

(i.e., without suffering excessive damage and/or degradation of their mechanical characteristics).

A large percentage of infilled frame buildings have non-ductile frames. Performance criteria
involving these frame members should focus on avoiding their non-ductile (brittle) failure, which
implies limiting them to their elastic range of behavior. It has been suggested before that the PT
braces should remain essentially clastic during a seismic event. It follows from the above
observations that the PT braces should be designed and introduced into the building in such a
way that they and the frame members remain esentially elastic. Given that the infilled framed
building has a large natural source of viscous and hysteretic energy dissipating capacity in the
URM infills, it would seem appropriate to supply hysteretic energy dissipating capacity to the
upgraded building by using the URM infills as "energy dissipators”. It is necessary to make sure
the URM infills can provide this dissipation in a stable manner throughout the ground motion by

controlling their in-plane deformation.

The proposed performance criteria for the upgraded building can be summarized as:

* Non-ductile frame members should not develop brittle failure.

* URM infills should not collapse.

» The PT bracing system should not lose stiffness or develop soft stories (prevent PT braces from
significant yielding and/or buckling in compression).

* The above criteria can be complemented with performance criteria for nonstructural elements

as well as contents.

To achieve the above performance criteria, the following philosophy of design is suggested:
* Keep the PT braces and non-ductile frame members in their elastic rangs of behavior.
* The PT braces should control the maximum IDI in the building in such a way as to achieve a
stable hysteretic behavior in the URM infills.
From the above, it can be concluded that in selecting the overall stiffness of the PT bracing

system, the following requirements or needs have to be considered:
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* The bracing system should have stiffness such that the existing URM infills can contribute to
carry an important percentage of the lateral load. In this way, the URM infills can dissipate part
of the energy input to the building.

* The stiffness of the bracing system needs to control the lateral displacement as well as the rate
of deformations in the building in order to control structural and non-structural damage, and
allow for stable hysteretic behavior in the URM infills.

* The relative stiffness of the bracing system in plan and height should attempt to correct the

existing lateral stiffness and strength irregularities.

W It should be strongly emphasized that good performance of the upgraded building can only
be achieved by controlling its response. It is not enough to meet the strength demands in
the building to achieve such control. Thus, the design of the PT braces can not be based on
a strength demand-supply approach, such as those stressed by current EQ-RD codes. The
PT bracing system should be configured and designed taking into account
simultaneously the expected strength, displacement, and hysteretic energy dissipation

demands.

4.2.4 PRACTICAL APPLICATION

To illustrate the potential use of PT braces to rehabilitate hazardous non-ductile frame
buildings infilled with URM walls, this technique was applied to an existing building (Pomona
building). The Pomona building, built in 1923, is a non-ductile reinforced concrete framed
building infilled with URM walls. After assessing the performance of this building with the use
of two-dimensional (2D) and three-dimensional (3D) elastic and nonlinear analyses, it was
possible to conclude that this building would probably collapse when subjected to the design
earthquake ground motion derived for the site. This building exhibited insufficient lateral strength
and stiffness, as well as large irregularities of mass and lateral stiffness and strength through plan
and height. From the application of URM braces to the Pomona building, the following

observations and conclusions can be made:
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A significant increase in the lateral strength and lateral stiffness of framed buildings with
URM infills can be achieved by introducing PT braces into their frames. In the specific vase
of the Pomona building, the ultimate base shear in both directions of the upgraded building
was about three times those corresponding to the existing building, as reflected by increases
from 0.15 W to 0.50 W in the E-W direction, and from 0.40 W to 1.20 W in the N-S
direction. Large increases in the lateral stiffness were also achieved by introducing PT braces
to this building, as reflected by the fact that the lateral stiffness in the upgraded building is
about three times that of the existing building in the E-W direction (decrease in the
fundamental period of translation from 1.0 sec to around 0.6 sec) in the upgraded building,
and about one and a half times that of the existing building in the N-S direction (decrease

in the fundamental period of translation from 0.5 sec to 0.4 sec).

Proper selection of the layout of the PT braces to be introduced into the existing building
would allow considerable reduction in the strength and stiffness irregularities in plan and
height of the building. An indirect wav to measure the above irregularities, and thus a
possible improvement, is by means of a coefficient of distortion, which is defined as the ratio
between the maximum to average interstory drift index demands in the building. An idea of
the improvements attained by introducting PT braces into the Pomona building can be
provided by the fact that the coefficient of distortion in both directions was reduced from a

value of about 3.0 in the existing building to about 1.5 in the upgraded building.

The diameter of the PT braces in the upgraded Pomona building ranged from 1/8" to 3 1/2".
It was proposed 1o fabricate the PT braces of galvanized bridge wire with a yielding stress
of 150 ksi. For the PT braces in the Pomona building, fifty percent of the available yield
stress is used for post-tensioning, which implies that fifty percent is available to resist the
effects of lateral loads.

The use of PT braces to upgrade non-ductile frame buildings with URM infills may be
limited to low-rise and squat medium-rise buildings. This is because the PT braces are

usually designed to resist very high lateral forces, which in turn is a consequence of

218



designing them to remain elastic while keeping the frame members from having significant
nonlinear demands (i.e., basically elastic). The large forces that can be generated in the PT
braces when the building is subiected to lateral loads induce large axial forces in the existing
columns and the foundation system, which can create structural problems that may be very
-expensive to fix. Among such problems, the need to upgrade the mechanical properties of
the existing columns and foundation can be mentioned. In the case of the Pomona building,
the upgrading of its existing columns and foundation according to the proposal made in this
report would probably increase considerably the cost of the upgrading project. Not only that,

but the constructability of the upgrading strategy becomes an issue.

Besides the observations and conclusions that were drawn directly from the use of PT braces
to upgrade the Pomona building, it was possible during the EQ-RD of this upgrading strategy to

gather other information that is relevant to its application, as reflected by the following.

B In this report, a quantitative measure of the qualitative definition of damage in the elements
of the Pomona building was established by setting limits to the maximum IDI in the building.
The controlling IDI at safety level for the Pomona building was imposed by the need to
achieve stable hysteretic behavior in the URM infills. In particular, this limiting value of IDI
was cqual to 0.005. Although a multi-limit state performance criteria needs to be established
to allow for a rational performance-based earthquake-resistant design, the seismic
rehabilitation of this existing building using PT braces has been based exclusively on the

safety limit state.

B In a practical context, it may be desirable to analyze not just one, but several alternatives to
upgrade a building. If many alternatives are considered at the beginning of the EQ-RD
process. it may be impossible to analyze each one in detail. In this case, it is desirable to
establish simple preliminary analysis procedures that allow for the identification of the most
promising alternatives. In this report, the use of a simplified analysis procedure based on a
stick and single-degree-of-freedom models to assess the performance of the existing and

upgraded building was discussed. It was found that simple methods to quantify the lateral
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lateral stiffness and strength, as well as the ircegularities in plan and height of the bui'ding,

provided reasonable estimates.

The simple models of the original building were used successfully for the preliminary design
of several alternatives of the bracing system, as well as for the preliminary assessment of the
performance of the building upgraded using these alternatives. Simple methods like the ones

discussed are invaluable tools for the simple and rational EQ-RD of upgrading schemes.

After some promising alternatives were identified using the simplified methodology, the
performance of the upgraded building was assessed from 2D and 3D elastic and nonlinear
analyses of complex modeis of the building. The results of these analyses showed that the
upgraded building satisfied the preestablished performance criteria, suggesting that PT braces
can be used efficiently in the upgrading of existing infilled buildings with URM walls. The
structural soundness achieved in the upgraded building shows the versatility of the PT
bracing technique if one considers the multiple structural deficiencies existing in the original

building.

Given that the PT braces, which provide the majority of lateral stiffness and strength in the
upgraded building, and the existing frame members should remain elastic, it was found that
using the results obtained from detailed elastic analyses is a reasonable and conservative way

of assessing the performance of the upgraded building.

In the elastic analyses carried out in this report, the energy dissipation provided by the URM
infills has been neglected. One way in which this energy dissipation could have been
included in the analysis is by introducing an equivalent damping coefficient (QEQ) to account

for the viscous and inelastic (plastic) hysteretic energy dissipated by the URM infills.

The design of the PT bracing scheme should not only consider the design of the braces

themselves, but the passible failure of the existing elements or the formation of local
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mechanisms before the braces can reach their ultimate capacities. The upgrading of the

existing elements should be carried accordingly.

In many cases, structural considerations do not determine the final configuration of the PT

, bracing system. Other constraints (architectonic, space, constructability, etc.) can have as

much or more influence in determining such configuration.

4.3 RECOMMENDATIONS FOR RESEARCH NEEDS

Several issues in the in-plane behavicr of URM elements are yet to be understood. Among
them, ii is necessary to gain a better understanding of the cyclic behavior of URM walls and
infills. Special consideration should be given to the way in which degradation of stiffness
and strength occurs in the iafill as a function of its maximum deformation and cumulative
hysteretic energy dissipation demands. A damage index to use these demands to provide a
quantitative measure to the qualitative description of different levels of damage should be
established to allow the use of performance-based methods in the EQ-RD of upgrading
schemes of buildings with URM infills. The possible effect that the maximum deformation
demand in one direction has in the strength and stiffness that an URM infill can develop in

the oppesite direction needs to be clarified.

Another issue that deserves consideration is the in-plane behavior of URM infills with
openings. Although some analytical and experimental efforts have been carried out to assess
the effect that a large opening can have on the in-plane mechanical characteristics of an
URM infill, there is very little information about this topic if one considers the large

percentage of real URM infills that have openings.
Further research needs to be devoted to obtaining simple but reliable mathematical models

of URM infills. These models should incorporate a good understanding of the cyclic
behavior of URM inxfills with and without openings.
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B The results presented in this report suggest that an elastic analysis should yield reasonable
estimates of the global response of an infilied frame building upgraded with PT braces when
subjected to the design earthquake ground motion for the safety limit state. In general, no
consideration should be given to the service limit state to achieve a sound design of the PT
brace configuration. Research needs to be carried out to quantify the possible reduction of the
global response of the building due to the damping effects created by the viscous and inelastic
(plastic) hysteretic energy dissipation provided by the URM infills. The possibility of
representing these effects by using an equivalent damping coefficient (§EQ), that is larger than

the damping coefficient used in the analysis of the original building, needs to be assessed.

B The effect that the introduction of PT braces to the original building has on the magnitude of
the floor accelerations in the upgraded building still needs to be studied. Also, the possible
reduction in their magnitude due to the damping effects created by the hysteretic energy
dissipation provided by the URM infills need to be studied. According to the results obtained
from these studies, the implications to the out-of-plane behavior of the URM infills should be

assessed.
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APPENDIX A. DESIGN EARTHQUAKE GROUND MOTION

As mentioned in section 1.4, when post-tensioned (PT) braces are used to upgrade an
existing structure, it is important 1o estimate, with reasonable reliability, the maximum and
minimum axial forces acting on the braces in order to avoid their excessive yielding and/or
buckling. Therefore. a reliable design of the bracing system should be based on the use of a
reliable seismic input, i.e., design earthquake ground motions (EQGMs), rather than on using
code-prescribed design EQGMs (which at present is done defining reduced smoothed linear

elastic design response spectra).

This brings considerable importance 10 the definition and determination of the EQGMs used
to design and assess the performance of the upgraded building. Bertero (1992b) and Bertero
and Bertero (1992) offer a detailed discussion of the issues involved in controlling the seismic

risk of the built environment and the problems involved in determining the design EQGMs.

The framed building with URM infilis that is described in section 2.1 is located in the Los
Angeles metropolitan area (LA), <pecifically in the city of Pomona. Figure A.1 shows the
location of this city on the map of California, which also shows the location of the major faults
and the epicenters of the major earthquakes that have occurred in California (Gere and Shah
1984). Figure A.2 shows an illustrative block diagram of the major tectonic features and
geomorphic provinces of LA county. Figure A.3 gives a closer look at the significant faults
and earthquakes in the LA basin. By studying the previous figures, an iuea of the tremendous
complexity involved in trying to establish the scismic risk for the LA area is obtained. This
complexity is produced not only because of the complex dynainics of the faulting system itself,
but also because of the very large number of small, medium and large faults (many of whose

existence have not yet been identified) that can be relevant to the seismic risk of a given site.

It is not the purpose of this report to establish in detail the seismic risk to the site where the

Pomona building is located. It should be clearly stated that to do so, there is a need to have
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access to information that is not currently available or is not relizble enough (such as the exact
soil profile at the site, the effect of the local soil on the amplification or deamplification of the
motion in rock, adequate historical information concerning the behavior and historical seismic
activity of all relevant faults, attenuation relationships, etc). Nevertheless, it is important to
establish these risks in a reasonable manner to allow for the rational design of the PT bracing
system. In general, the information concerning the seismic risk that the city of Pomona faces
has been studied by several researchers in the more general context of the LA metropolitan
area. Thus, the information provided in this section regarding the seismic risk of Pomona has
not been obtained specifically for this city, but as a part of a considerably larger context. In
other words, although the information can be considered to be realistic, it has not been derived

from specific and/or detailed information obtained from the Pomona building site.

In the last two decades, the US Geological Survey and the Division of Mines and Geology
of the California Department of Conservation have concentrated attention on improving the
mapping and forecasting of the LA area earthquake risk. It has been considered that the critical
first step in this seismic zonation is the analysis of the distribution and character of late
quaternary faulting in the region. From surface and near-surface geologic evidence, Ziony and
Yerkes (1985) identified nearly 100 potential EQ sources in the LA area. To establish the
seismic risk associated with each particular fault, recent zonation efforts have considered three
types of evidence (Sanchez et al. 1991): the average rate of slip along the fault in the recent
geological past, the average recurrence interval (in years) between previous events along the
fault, and the maximum length or dimensions of the potential rupture segment. Nevertheless,
as noted by Sanchez et al. (1991), the record of historical seismicity in the LA region is
gencrally inadequate to infer actual seismic hazaid levels. For example, reliable estimates of
geologically determined slip rates are available only for a few major faults in the region
(Wesnousky 1986). Also, estimates of the maximum credible EQs for faults is based primarily
on the potential rupture length of an identified segment (Bonilla et al. 1984), but accepted
segmentation models exist for only the most active faults in the LA region, and some of these
segmentation schemes can be considered tentative and beset by large uncertainties. Also, as

noted by Sanchez et al. (1991) hidden seismogenic sources could be present elsewhere, adding
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a new element of uncertainty to the location and magnitude of potential EQ sources. Other
sources of uncertainty do not correspond to the seismic sources themselves but are introduced
in the modeling of the fault system, such as: seismic source modeliing (poini, line or area);
frequency of occurrences for each source; attenuation relationships; local soil effects, etc. The

reader can find a comprehensive introduction to some of these topics in Naiem (1989).

Taking into consideration the above discussion, it is not difficult to uaderstand why Sanchez
et al. (1991) concluded that the feasibility of a reliable, frequency-dependent and probability-
derived ground shaking hazard zonation scheme remains an issue, especially because methods
for characterizing the ground-shaking hazard are still being debated in the scientific and

engineering communitics.

The seismic hazard at a given site has usually been established by means of its peak ground
acceleration (PGA). To determine the PGA at the Pomona building site for the design of the
upgrading scheme, two different scismic zonation maps of the state of California were used
(Kiremidjian et al. 1975 and Algermissen et al. 1990). According to SEAOC’s Hazardous
Building Subcommittee for Infilled Frames (1993), the EQGM spectral data for design shall
as a minimum be the mean response having 10% probability of being exceeded in 50 years
(return period of 475 years). Figures A.4 and A.5 show PGA zonation maps obtained according
to the above probability of exceedence in 50 years, and although both zonations differ (in some
locations considerably), the PGAs obtained for the site of the Pomona building are similar:
Kiremidjian et al. zonation yields a PGA around 0.4g, while the Algermissen et al. zonation
yields values around 0.45-0.50 g. It should be mentioned that the PGA obtained from
Kiremidjian et al. corresponds to an "average" or "firm" soil (shear wave velocity is 1500
fsec or above) and that of Algermissen et al. to rock. Considering the tremendous uncertainty

involved in defining these PGAs, the difference between them is more than acceptable.

To estimate the PGA at the site of the building, it is necessary to consider the influence of
the local soil conditions. Seed and Idriss (1982) conclude from the detailed study of several

EQGMs that, at comparable distances from the source, the PGAs recorded on rock are

237



somewhat higher than those recorded on deep alluvium (typically in the case of accelerations
greater than about 0.1g). They observed that at lower acceleration levels accelerations on deep
soil deposits seem to be higher than those on rock. Figure A.6 shows these tendencies, which
were observed from the results of detailed studies of the PGA developed on four different

types of soil deposits:

1. Rock

2. Stiff soil deposits involving cohesionless soils or stiff clays to about 200 ft (60 m) in
depth.

3. Deep cohesionless soil deposits with depths greater than about 250 ft (75 m).

4. Deposits of soft to medium stiff clays and sands

As can be concluded from the above classification of soils, the "softness" of the soil increases
from 1 to 4. Although Seed and Idriss did not have any intention of classifying soils according
to the above four categories, tn this paper the above categories will be denominated as Seed
and Idriss soil categories. Available information regarding the conditions of the soil at the site
of the Pomona building describe it as (Hata O. 1993): alluvial, silty sand/sandy silt. 1t was
considered necessary to learn a little more about the soil before attempting to use Figure A.6

to determine the local PGA.

Figure A.7 shows the textural character of the surficial geologic materials in the San Gabriel
Valley (Fumal and Tinsley 1985). The location of the Pomona building is shown in the figure.
As shown, the soil at the site can be classified as type Q,, (medium-grained Holocene
Alluvium), which has been characterized by Fumal and Tinsley (1985) as: loose, moderately
well drained, moderately sorted to well-sorted sand and silty sand forming alluvial plains and
natural leeves along streams; locally contains thin beds of well-sorted clay, silt, gravel, and
occasional cobbles and boulders; contains freshwater pelecypod and gastropod shells;
intermediate in character and lateral extent between fine- and coarse-grained alluvium with
which it interfingers; generally overlies late Pleistocene alluvium; generally less than 50 m

thick in coastal basins and less than 10 m thick in inland basins. This description of the local
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soil conditions coincides with the available information for the soil at the site.

The soil at the site does not match exactly any of the Seed and Idriss soil categories, and
without any detailed study to determine its properties, it is not possible to attempt a formal
categorization. Nevertheless, according to the above description of the soil, it would seem

reasonable to classify the soil at the site within Seed and Idriss soil types 3 and 4.

In -ocent years, the shear-wave velocity of the soil has been identified as a useful property
to study and possibly predict within reasonable limits the shaking response of a site during an
EQGM (Fumal and Tinsley 1985). The importance of shear-wave velocity can be shown by
noting the way UBC 1991 uses it in its definition of soil type S4: a soil profile containing
more than 40 feet (12 meters) of soft clay characterized by a shear --ave velocity less thap 500
ft per second (150 meter/second). In other words, shear wave can provide an idea of the degree
of "softness” of the soil. Figure A.8 shows the generalized shear-wave velocity map in the San
Gabriel Valley (Fumal and Tinsley 1985). This map was obtained assuming that the surficial
textural characteristics extend to depths of significance to shaking response. Accordi.ag to the
figure, the building is located in zone I, which is characterized by shear-wave velocities
ranging from 150 to 285 m/s. By comparing these values of shear-wave velocity to those
specified by UBC 1991 for soil type S4 (150 m/s), the high degres of "softness” of the soil at

the site of the Pcmona building is confirmed.

Using Figure A.6 with the PGAs obtained from Kiremdjian and Algermissen, and assuming
the soil can be categorized within the third Idriss and Seed category (deep cohesionless soil),
the following is obtained: a PGA of 0.5 in rock leads to a PGA around 0.38g in the soil; while
considering a PGA of 0.4g in firm soil leads to a PGA of around 0.34g. It should be
mentioned that the curve shown for soft soils in Figure A.6 has recently been actualized and
corrected by Idriss (1990), as shown in Figure A9. In the latter figure, a PGA ranging from
0.40 to 0.50g will lead to a PGA in soft soil around 0.40g. The difference between the values
obtained for the PGA at the site is not significant, in spite of the different assumptions made

to obtain them. A PGA of 0.38g was considr.red for the design of the building.
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Once the maximum PGA has been obtained, it is necessary to define other characteristics
of the EQGM that are relevant for the design of the building, such as the frequency content
and duration of the EQGM at the site. For this purpose, it is necessary to study the dynamic
characteristics of the ground-shaking at the site. Fortunately, there are four recorded FQGMs
at the base of the Pomona building. Its accelerographs were triggered in the past during two

earthquakes (two horizontal directions, N-S and E-W, for each earthquake):

B Upland 1990 (California Strong Motion Instrumentation Program 1990). The Upland EQ
occurred on February 28, 1990 and had a local magnitude (M,) of 5.5. Its epicenter was
located at 34.140° N and 117.688° W, and hud a focal depth of 10 km. CSMIP station 23544
(Pomona building) recorded at its base the EQGM produced by the Upland EQ, whose
cpicenter was 10 km away. At the site, the EQGM has an horizontal PGA of 0.13g and a
strong-motion duration (defined according to Trifunac and Brady 1975) of about 10 sec. After
this EQ, some damage was observed in the Pomona building: broken windows, cracked

partitions walls and veneer.

H Landers 1992 (Shakal et al. 1992). The Landers EQ occurred on June 28, 1992 and had
a surface-wave magnitude (Ms) of 7.5. Its epicenter was located at 34.217° N and 116.433° W,
and had a local depth of 9 km. CSMIP station 23544 recorded at its base the EQGM produced
by the Landers EQ, whese epicenter was 123 km away. At the site, the EQGM has an

horizontal PGA of 0.07g and a strong-motion duration of about 30 sec.

General information regarding the four recorded EQGMs is summarized in Table A.l.
Although these EQGMs are not enough to determine all of the relevant characteristics
(frequency content, duration, input energy, etc.) that future EQGMs occurring at the site of the
Pomona building can have, the information that each provides complements the others’,
because the Upland motions represent near-source EQGMs with moderate magnitude, while

the Landers motions represent the effects of a distant source EQGM with large magnitude.

Figures A.10 and A.11 show the strength and displacement spectra for § = 0.05 and the four
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EQGMs recorded at the base of the building. As shown in Figure A.10 all four strength (S,)
spectra tend to peak at periods between 0.3-0.4 sec und 1.5-1.8 sec. The peaks in the 0.3-0.4
sec range are very large for the Upland EQGMs (S, = 0.57g and 0.37g in the N-S and E-W
directions, respectively) while the peaks in the 1.5-1.8 sec range tend to be larger for the
Landers EQGMs (S, = 0.25g and 0.17g in the N-S and E-W directions, respectively). Figure
A.11 shows that the displacement (8) demands for the Landers EQGMs are larger than those
imposed by the Upland EQGMs for T larger than | sec and p = 1, while for other T and p,

these demands are fairly similar.

A better understanding of the soil and its dynamic characteristics can be obtained by
studying the input energy per unit mass (E) spectra corresponding to the four recorded
EQGMs. Studying the E, spectra shown in Figure A.12, it is very noticeable that the elastic
E, spectra corresponding to the four EQCMs peak in a period range going from 1.5 to 1.8 sec.
Hirao et al. (1988) have discussed the possibility of estimating the frequency content of an
EQGM from its E, spectra corresponding to small values of & By noticing the large and fairly
narrow peaks in the E, spectra, it is possible to conclude that all four EQGMs have a narrow
frequency content around a T of 1.5-1.8 sec, which can be defined as the fundamental period
of excitation for the EQGM:s (T,). The large value of T, and the narrow band of the E, spectra
confirm the "softness” of the soil. Given the strong influence that the soil at the site shows on
the frequency content of the four recorded EQGMs, it is possible to conclude that for EQGMs
generated from seismic events that occur at large epicentral distances, the frequency content
will be very likely to have a narrow band around a T, ranging from 1.5 to 1.8 sec, as shown
in Figures A.l12a and A.12b. Nevertheless, EQGMs generated from seismic events occurring
at small epicentral distances will not only show the influence of the dynamic characteristics
of the soil at the site, but the dynamic characteristics of the fault movement as well, which
considerably complicates the possible determination of the frequency content of such motions.
For instance, Figure A.12c shows an E, spectra that peaks at two locations (one at T = 0.4 sec
and another at T = 1.5 sec). In spite of the fact that the Upland EQGMs have larger PGAs than
the Landers EQGMs (see Table A.1) and that the Upland EQGMs strength spectra peak at
considerably larger values of S, than the Landers EQGMs (see Figure A.10), the E, spectra
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corresponding to the Upland EQGMs peak at considerably lower values than those
corresponding to the Landers EQGMSs. For instance, the E, spectra for Landers EQGMs peaks
at values around 10000 and 5000 cm¥sec’ in the N-S and E-W directions, respectively, while
the Upland EQGMs peak at 2500 and 1750 respectively. This can be explained by noting the
considerably larger duration for the Landers EQGMs (23 and 28 sec) with respect to that of
the Upland EQGMs (5 and 11 sec).

Other characteristics of EQGMs relevant to EQ-RD are the plastic hysteretic energy (E,,)
dissipation demands and the duration of strong motion. According ‘o the philosophy of design
for the PT bracing system (see section 1.5), the PT braces should be designed and introduced
within the existing frame in such a way that them and existing frame members remain elastic,
while the maximum deformation in the URM infills is limited in such a way that these infills
can have stable hysteretic behavior through several load cycles. Under the above conditions,
the duration of EQGM becomes less relevant, although it is undeniable that it influences the
performance of the URM infills. In this report, the influence of the duration of ground motion
was neglected not only because it is believed to have small influence, but because there is no
way of quantifying its effect on the URM infills of the Pomona building. There is still a need
to fully understand how the repetition of ioad cycles affect the performance of URM infills

(with and without openings) as a function of the maximum displacement demands on them.

The safety design strength spectra was estimated according to the recommendations given
by SEAOC’s Hazardous Building Subcommittee for infilled frames (1993): use of a mean
response spectra rather than the mean plus one sigma used for new buildings. The mean
strength and displacement response spectra were obtained using the four EQGMs recorded at
the site scaled up so that their PGAs were equal 10 0.38g. Figure A.13 shows the strength and
displacement safety design spectra (mean), as well as the coefficient of variation of the strength
spectra. As shown, the mean strength spectra has retained the frequency content of the EQGMs

recorded at the site.

The design and assessment of the seismic performance of a building should be carried out
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using a multi-limit state behavioral criterion. Usually it is enough to use a two-limit state
approach: serviceability and safety. The advantages of developing a design method based on
two limit states have been discussed by Zagajeski and Bertere {1577) and Bertero and Bertero
(1992). Besides the safety design EQGM, in some cases it is necessary to develop a service

design EQGM. Nevertheless, two facts should be noted:

B According to the strength and displacement demands shown in Figures A.10 and A.11, 1L
Landers and Upland EQGMs can be classified somewhere in between serviceability and
damageability type of EQGMs. The performance of the building during these EQGMs can be
considered acceptable from the point of view of structural and nonstructural damage (little
damage was observed after the Upland EQGM while no damage was reported after the Landers
EQGMs). Thus, a point can be made about the adequacy of the building to resist EQGMs of
moderate intensity associated with the serviceability (and even damageability) limit state. Once
the structure is upgraded, there is reason to believe the building should perform adequately

during EQGMs similar to thosc recorded during thec Upland and Landers EQs.

@ In the case of a framed building with URM infills upgraded with PT braces, adequate
performance has been associated with the elastic behavior of the braces and existing frame
elements, no matter what limit state is considered. The building is supposed to exhibit a
behavior close to elastic during the safety EQGM (the behavior will not be linear elastic
because moderate nonlinear demands are expected on the URM infills); therefore, the strength
and displacement demands imposed by the safety EQGM will be considerably larger than those
imposed by the service EQGM. Thus, the design of the PT bracing system and the assessment
of the building’s seismic performance will be based only on the design spectra for the safety

limit state.

In zome cases, ii is also convenient to verify the potential for hazards other than those due
to vibravrn of the building, such as those that occur as a consequence of the ground failure,
such as liquefaction and landslides. Given the unconsolidated and uncemented nature of the

soil at the site, it was considered necessary to check the liquefaction potential at the site. As
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shown in Figure A.14, this potential ranges from low to very low, which indicates that

liquefaction should not be of concern in the seismic performance of the building.

B Concluding Remarks. From the discussions presented in this chapter, it is possible to
conclude that the feasibility of establishing a reliable design seismic input a the site of the
Pomona building remains an issue, especially because methods for characterizing the ground-

shaking hazard are still being debated in the scientific and engineering communities.

In spite of the above, an attempt was carried to establish in a reasonable manner design
spectra for the EQ-RD design of the Pomona building. The values of PGA at the site obtained
using different PGA zonation maps ranged from 0.4g (in firm soil) to 0.5g (in rock).
Considering the tremendous uncertainty involved in defining these PGAs, the difference

between them is considered to be more than acceptable.

To estimate the PGA of the EQGMs at the base of the Pomona building, it was necesary
to establish, in a general manner, some of the properties of the soil at the site. In particular,
it was concluded that the soil has a high degree of “softness". Based on this characteristic, a

PGA of 0.38g was considered for the design of the Pomona building.

The safety design strength spectra was estimated according to the recommendations given
by SEAQC’s Hazardous Building Subcommittee for Infilled frames (1993). Accordingly, the
safety design spectra was assumed equal to the mean strength spectra of the four EQGMs that
have been recorded at the site. To obtain this mean spectra, all four EQGMs were scaled up
so that their PGAs were equal to 0.38g. Given the importance of displacement control for the
EQ-RD of the upgraded Pomona building, a safety design displacement spectra was also

established using the same considerations done to obtain the design strength spectra.

Other characteristics of EQGMs relevant to EQ-RD are the plastic hysteretic energy
dissipation demands and the duration of strong motion. According to the philosophy of design

for the PT bracing system, the PT braces and the frame members should remain elastic, while
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the maximum deformation in the URM infills should be limited so that they can exhibit stable
hysteretic behavior. Under the above <onditions the duration of EQGM becom :s ie.s relevant,
although its influence in the performance of the URM infills can not be denied. In this report,

the influence of the duration of ground motion was neglected.

245



Ground distance from PGA PGV PGD duration of
Motion epicenter (km) (in/sec?) (in/sec) (in) strong motion
(sec)
Lander N-S 123 264 = 0.07g 44 1.2 233
Lander E-W 123 19.3 = 0.05g 38 1.0 284
Upland N-S 10 49.2 = 0.13g 4.0 0.7 4.6
Upland E-W 10 37.8 = 0.10g 3.0 0.6 10.9

PGA = peak ground acceleration
PGV = peak ground velocity
PGD = peak ground displacement

Table A.1 Characteristics of EQGMs recorded at the base of the Pomona building
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Figure A.4 Seismic hazard map for southern California for a return period
of 475 years (Kiremidjian et al. 1975).
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Figure A.5 Seismic hazard map for southern California for a return period
of 475 years (Algermissen et al. 1990).
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