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Abstract

After a brief overview of the building seismic design, nonlinear structural response
spectra for strength, ductility, energy and number of yield reversals as a function
of building period and structure strength for several strong motion earthquakes are
presented. These results are compared with conventionally evaluated elastic response
spectra and code criteria.

The basic reasons for the fractures that occurred in steel moment-resisting con-
nections during the 1994 Northridge earthquake are examined from a fundamental
point of view. The possible modes of failure are examined, showing the very limited
view in the code design. The unfused material between a column face and a backing
bar forms an “artificial” edge crack. The methods of nonlinear finite element analysis
combined with fracture mechanics were brought to bear. Three SAC pre-Northridge
specimen tests subjected to cyclic loading are critically examined. Good comparisons
are found using the above theory.

Next, the beam strength is reduced by drilling holes in flanges to protect the steel
connection. Experiments on eight W12x26 beams with different perforation patterns
are reported. The results show that a well-designed perforated beam can have its
morment capacity reduced and its ductility increased. Two large size connections
with perforated beam flanges are tested. Test results show that the ductility of both

specimens 1s enhanced without severe strength degradation.

The design methods of braced frames with Slotted Bolted Connections (SBCs)
are reported. The advantages of using such frictional connections are demonstrated
by comparing seismic structural responses. Finally, the Rotational Slotted Bolted
Connection (RSBC), a new variety of SBC which is in essence a rotational friction
damper, is designed for use in steel moment-resisting connections. Two large size

RSBC specimens are designed and tested. A simple analytical model can predict the



behavior of the RSBC with reasonable accuracy. Test results show that the energy
dissipation capacity of RSBC is outstanding. This non-destructive connection shows
no degradation in hysteresis loops or damage in material after a severe test, making

it durable enough to withstand several strong earthquake events without retrofit.
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Chapter 1

Introduction

1.1 Seismic Structural Design

In the earthquake-resistant design of building structures, the primary task is to avoid
collapse and to limit structural and non-structural damage that may jeopardize hu-
man lives during a severe earthquake. To achieve this goal, a structure must possess
adequate strength, high ductility, and long durability.

At present, the displacement ductility ratio is the most widely used parameter
for limiting damage and for expressing damage in terms of earthquake-resistant de-
sign criteria. The procedure for the construction of inelastic design response spectra
for a given ductility ratio has been established by Newmark and Hall [50]. Based
on this procedure, design spectra have been developed and adopted by most current
building codes. However, this method considers only the peak response of the struc-
ture and does not account for many other important effects such as the available
cumulative ductility, number of yielding reversals, hysteresis energy capacity, and
low-cycle fatigue. These shortcomings have led to the development of energy based
design methods [3, 70, 71]. In general, in an energy approach, it is required that
the available structural energy absorption or dissipation capacity be larger than the
seismic energy demand. The duration of an earthquake is implicitly considered in the
analysis. The combination of these two methods in design is now a standard practice.

There are many building framing systems in use. Because it is too expensive
to design structures elastically to tesist earthquakes, they must be made to rely on

different deformation or yielding mechanisms to dissipate seismic input energy. One

1
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MOMENT RESISTING FRAME (MRF) SHEAR WALL
@ ®

CONCENTRICALLY BRACED FRAME (CBF) ECCENTRICALLY BRACED FRAME (EBF)
(© C)

Fig. 1.1: Four types of structure and their primary lateral deformed shapes. Dots

shown in (a) and (d) are the possible energy dissipation locations.

approach has been the use of plastic hinges near the connections in Moment Resisting
Frames (MRFs) (dots in Fig. 1.1a). The energy capacity of this type of system is, in
general, limited. The failure type may be brittle. A detailed investigation of MRF
connections is given in Chapter 2. Another approach has been the use of concentrically
braced frames (CBFs) (Fig. 1.1c¢) and shear walls (Fig. 1.1b). Both of these are rigid
designs with very little energy absorption capacity. Braces in a CBF have to be very
strong in order to prevent buckling. The Eccentrically Braced Frame (EBF) as shown
in Fig. 1.1d is another kind of structural system in which energy dissipation takes

place in active links [37, 59, 60]. The rotation of such a connection can deliver up to

8% rad.

These structural systems are mostly statically indeterminate, and their failure
mechanisms are not easy to determine, especially for random seismic excitation sit-

uations. The energy dissipation capacity of a structural member depends not only
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on the loading path but also on the deformation path. Also, there is no appropriate
criteria to judge whether or not a retrofit is needed after a strong earthquake if the
structural member has yielded. Even if the damage locations in the main structure
are known, the retrofit can be costly and time consuming. These difficulties require
structural engineers to design structures with specific critical locations for energy
dissipation. Therefore, using a deterministic mechanism with energy dissipation or
absorption capability becomes a rational approach. A number of different energy
dissipative methods and devices have been developed and put into use in recent years
[1, 2, 25, 38, 65, 66, T4]. Three major types of energy dissipating devices are available
today, namely (1) material yielding type, (2) viscoelastic type, and (3) frictional type.
Structures equipped with such devices can be designed to dissipate energy without
yielding in the primary or gravity supporting structure, thus protecting structures
from damage and failure. Another advantage of using energy dissipating devices is
that they are removable and inexpensive, and can be easily fixed or replaced after a

major earthquake.

1.2 Nonlinear Seismic Spectra

To investigate the seismic demand and to compare them with seismic code provisions,
an array of nonlinear response spectra are constructed. The response spectrum is a
plot of the mazimum response (displacement, velocity, acceleration, ductility, energy,
or any other quantity) to a specified earthquake or excitation for all possible single
degree-of-freedom systems. The primary purpose of this nonlinear spectra study is
to find the inadequacies in conventional ductility design such that improvements can
be suggested.

In Fig. 1.2a, the single-story moment resisting frame can be idealized as a single
degree-of-freedom (SDOF) system, as shown in Fig. 1.2b. The equation of motion in

terms of relative displacement u can be written as
mi + ct + f{u) = —miy, (1.1)

where m is the mass, ¢ is the viscous damping coefficient, and #, the ground ac-
celeration. The constitutive law of the spring force fs(u) is assumed to be linearly

elastic-perfectly plastic with stiffness k,, and u, the displacement at first positive
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fs(u)
rigid diaphragm fy{\
7
7 _
% 77
7 / 7Y

i)\
S
-
=

(c)

Fig. 1.2: (a) A single-story moment-resisting frame, (b) the corresponding single
degree-of-freedom model, and (c) The elastic-perfectly plastic constitutive law of the

system.

yield, thus the yield force f, is k,u, (see Fig. 1.2c). The spring force f,(u) is a func-
tion of u with internal plastic deformation offset memdry. Defining the displacement
ductility g = u/u,, the natural circular frequency w = \/lm, the damping ratio
£ = ¢/(2mw), and the period T = 27 /w, the equation of motion Eq. (1.1) becomes:

. 4m . 1 g
Bt i —— () = =2 (1.2)

Uy y

In this system, the spring force depends on the nonlinear constitutive law of the
structure. Iterations for equilibrium are commonly needed in solving the dynamic
response using Eqs. (1.1) and (1.2). In this study, the Newmark method is used to
solve the dynamic equilibrium equation {10, 11, 12, 13, 46, 49]. The algorithm is
summarized in Appendix A.

The seismic coefficient Cy is defined as the ratio of the yielding force f, and the

weight of the structure W

_
W

where W is equal to mg, and C,, is a dimensionless parameter representing the ideal-

c, (1.3)

ized plastic capacity of the system.
The various spectra in this study were determined for points on a rectangular grid
with periods T varying from 0.04 to 3 seconds, at increments of 0.04, and for the

seismic coeflicients ', varying along the ordinate from 0.04 to 1.2, also at increments
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Earthquake Date Record Component PGA (g) | Duration (sec)
Imperial Valley 05/18/40 | El Centro NOOE 035 53.74
San Fernando 02109771 | Pacoima Dam S16E 117 41.80
Kern County 07721452 | Taft N21E 0.16 54.36
Chile 0303/85 | Uolleo N10E 0.67 116.42
San Salvador 10188 | GIC EOOW 0.69 9.04
San Fernando 02/09/71 | Deiived Pacoima | S18E 0.40 - 1499
Mexico City 09/19/85 | SCT Nsow 0.17 180.06
Landers 06/28/92 | Joshua Tree Ch1 90 Deg 0.28 79.98
Miyagi-Ken-Oki 06M2/78 | Tohuku Sendai NOOE 0.26 39.99
Loma Prieta 10/17/89 | Conalitos Ch1 90 Deg 0.63 40.00

Table 1.1: Ten earthquake components for response analysis.

of 0.04. All the response spectra were computed by the DANS computer program

[75]. Ten earthquake components, as shown in Table 1.1, were selected for this study.

Appendix B.1 shows 12 displacement spectrum contours of the selected earth-
quakes by solving Eq. (1.1). Appendix B.2 shows 12 displacement ductility spectrum
contours of the same earthquakes by solving Eq. (1.2), where p varies from 1 (elastic)
to 8 (significant yield). In both cases, an internal damping ratio ¢ of 5% is assumed.
The response spectra can be calculated by either Eq. (1.1) or Eq. (1.2), the value of
i is telated to u by

[ fy mg T2
= puy =g 2“%7:57 = uCyg(g;)

(1.4)
Thus, both spectra are equivalent. Many earthquakes have similar contour shapes of
displacement ductility spectra, e.g. 1985 Chile and 1986 San Salvador (see Figs. (d)
& (e} in Appendix B.2), but with different levels of destruction. One good explana-
tion for this difference is the number of yield reversals (NYR). The NYR spectrum
contours for the selected earthquakes are shown in Appendix B.3. A yield reversal
is defined as a positive yield followed by a negative yield, or vice versa. Since NYR
is closely related to the low-cycle fatigue or fracture of the structural members, an
earthquake with the same displacement ductility but with larger NYR is considered

to be more destructive. The 1985 Chile earthquake has larger NYR than the 1986
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San Salvador earthquake (see Figs. (d) & (e) in Appendix B.3), thus the 1985 Chile
earthquake is more destructive, although both earthquakes had similar ductility spec-
tra. It is important to note the large number of reversals that may occur for low C,.
But if a structure is equipped with energy dissipators, the threat from large NYR can
be eliminated. The code specified equivalent lateral force seismic design considers
only the magnitude of load but ignores the importance of NYR. From the displace-
ment ductility spectra, it is seen that the rate of reduction in the demanded seismic
coefficient, C, decreases with increasing ductility, . This contrasts with the codes
in which the required seismic resistance is decreased linearly with increasing pu.

For comparison, the nonlinear seismic spectrum for the 1994 Uniform Building
Code (UBC) [33] lateral force specification is studied next. The UBC total base

shear specification for seismic design is

ZIC 1.255
Ve = E—W and C = T2

<2.75 (1.5)

where Vg is the total design base shear, Z is the zone factor, I is the importance
factor, S is the site coefficient, R, is the structural system coefficient, and T is the
period of the structure. By taking Z = 0.4, =1, § = 1.2, and R,, = 8, the equation
reduces to

Ve _ 0.075

T = e S 01375 (1.6)

The plot of this equation is shown by a solid black curve in Fig. 1.3 which is the
allowable working stress seismic coefficient C,,. The overstrength factor = 1 defines
the response spectrum for the strength design (first yield). For codes formulated
on the allowable stress basis, the relationship C, = 1.4QC,, applies for reinforced
concrete structures. For steel structures, C, is slightly higher. The plots of these
strength design curves of Q =1, 2, and 3 are also shown in Fig. 1.3. For some steel
frames, ) is estimated to be on the order of 2 [70, 73].

The displacement ductility diagram of the 1994 Northridge earthquake is shown
in Fig. 1.4. In this figure, displacement ductility curves of p =1, 2, 4, 8, and 12,
together with the UBC curve of ! = 2, are plotted for comparison. By comparing
the u = 8 curve with the UBC curve, it appears that the UBC code underestimates
the seismic forces in the low period range below about 0.5 s.

Another method to compare the code specifications with earthquake responses

is using the code curves shown in Fig. 1.3 under the excitation of real earthquakes.
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CODE FORCE SPECTRA

PERIOD (s)

Fig. 1.3: Seismic force spectra for the UBC allowable stress
design C., (solid curve), for first yield design C; (2 = 1), and
for overstrength design of £ = 2 and 3.
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DISPLACEMENT DUCTILITY: SYLMAR (NORTHRIDGE 1994)
M T

AT o i

— e T e e e m -]

o i 1 STETISp
0 1 2 3
PERIOD (SECONDS)

Fig. 1.4: Displacement ductility diagfam for the 1994
Northridge earthquake at Sylmar Hospital.

In Fig. 1.5, displacement ductilities and the number of yield reversals for the force
response spectra of Fig. 1.3 are plotted against the structural period T. These dia-
grams clearly show the inadequacy of code specifications for short period structures
with overstrength factors less than 2. Similar inadequacy is also found in the Mexico
City seismic code [57].

The above study shows the displacement ductility and number of yield reversals
based on the UBC code force spectra. Each yield in the plastic hinges contributes
some damage to the structure. Because the displacement in every yield reversal cycle
is different, it is difficult to judge the extent of the actual damage. The cumulative
effects must be considered concurrently. A rational approach is to use hysteresis

energy as the damage index.

1.3 Seismic Energy Demand

To study the characteristics of strong motions for the purpose of seismic design by

the energy approach, investigation of the seismic input energy should be made first.
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DISPLACEMENT DUCTILITY (E!. CENTRO 1940) NUMBER OF YIELD REVERSALS (EL CENTRO 1940)
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Fig. 1.5: Displacement ductility (left column) and Number of yield reversals (right
column) diagrams for the UBC force response spectra for 1940 El Centro, 1989 Loma
Prieta, and 1994 Northridge earthquakes.



10 Chapter 1. Introduction

Structures with different periods and strengths receive different amounts of seismic
input energy. Analogous to calculations for displacement ductility, a rectangular T'-
C, region is considered. The formula for the absolute seismic input energy calculation
is
Ey = f m i, du, (1.7)
where u; = u +u, is the total displacement, @, = i + 4, is the total acceleration, and
u, is ground displacement.
The input energy diagram for the 1994 Northridge earthquake is shown in Fig. 1.6.
A set of 3D mesh surfaces of the calculated seismic input energy for the selected
earthquakes is shown in Appendix B.4. From these diagrams, it is clear as to which
structures are vulnerable to a given earthquake. For example, in Fig. (g) of Ap-
pendix B.4, the dramatic absence of any need for seismic protection for a low period
structure is evident for the 1985 Mexico City earthquake. The same figure also shows
that structures with a period near 2 seconds receive the largest seismic energy input.
Structures can dissipate seismic input energy via hysteresis energy. If the hys-
teresis energy is caused by material yielding, then hysteresis energy represents the
seismic damage energy. Hysteresis energy is calculated as the total area enclosed in

the hysteretic loops. The calculation of hysteresis energy can be expressed as

By = [ fi(u) du (1.8)

The hysteresis energy for the 1994 Northridge earthquake in shown in Fig. 1.7. A
set of 3D mesh surfaces of calculated hysteresis energies for selected earthquakes is
shown in Appendix B.5.

By integrating the volume under the mesh surfaces, it is possible to obtain mean-
ingful indices of earthquake strength and damage potential (56]. The volume under
the mesh surface for the absolute seismic energy input can be related to the strength
of the earthquake; the volume under the mesh surface for the hysteresis energy can
be treated as the potential damage that would be caused by an earthquake.

Hysteresis energy is calculated for the whole duration of an earthquake. If an
energy dissipating device is used, the hysteresis energy represents the minimum energy
capacity requirement of the energy dissipating device. An energy dissipating device
that cannot supply the seismic hysteresis energy demand is inadequate. Durability

tests to verify the energy capacity of energy dissipating devices are essential.
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Fig. 1.6: Seismicinput energy spectrum for the 1994 Northridge earthquake at Sylmar
Hospital: (a) 3D mesh, (b) contours.
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HYSTERESIS ENERGY mgZs® (NORTHRIDGE 1994)

1
”I';;‘

\

Prrss ) A
il /;m,,"u,:;' o “
,‘II.‘I uh ':, l,c‘\

- o ' !
b
I||'
o L
- [ i
i
o
© i
s i
T
1l
~ © | [ul
© ol
i
g
< L
o [yt
HEE
o~ ,'E v
g i
(@) "\
o
©o0
PERIOD (S)
(b)

Fig. 1.7: Seismic hysteresis energy spectrum for the 1994 Northridge earthquake at
Sylmar Hospital: (2) 3D mesh, (b) contours.
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1.4 Conclusion

Based on the seismic response studies, the code specified force spectra are considered
to be at times inadequate in the low period Tange, especially for structures with small
overstrength factor. This can have serious consequences for low rise buildings. The
nonlinear response spectra for ductility force decreases in an exponential manner with
. Codes do not recognize this variation.

Nonlinear response spectra for the number of yield reversals are of great value in
assessing building response. Such spectra are very sensitive to the duration of earth-
quakes, and indirectly provide a measure of input energy. Examination of the seismic
demands on energy and number of yield reversals would indicate that conventional
ductile structures may not have enough seismic capacity, unless larger members, good
connection detailing, or base-isolation systems are used. But, these requirements can
be attained easily by using well-designed energy dissipating connections or devices.

Displays of three-dimenstonal mesh surfaces for seismic energy input and for hys-

teresis energy provide guidance for establishing seismic zones.






Chapter 2

Behavior of Pre-Northridge Steel

Moment-Resisting Connections

2.1 Introduction

Before the 1994 Northridge earthquake, steel moment-resisting frames (MRFs) were
considered ductile by engineers. The dream was broken suddenly after the earthquake.
Many brittle failures were reported throughout the greater Los Angeles area {16, 76].
Most serious fractures occurred at the welded beam-to-column connections. This has
called into question the strength and ductility of such connections.

This chapter presents the analytical studies of pre-Northridge welded beam-to-
column connections used in typical steel MRF's. In the analysis, no defects in welding
material, welding procedure, or workmanship are assumed. The purpose of these
studies is to give explanations for both fracture locations and failure modes of the
aforementioned connections in quantitative and rational ways. The stress concen-
tration at the juncture of a welded beam flange and a column flange is analyzed by
three-dimensional elastic-plastic finite elements based on the von Mises yield crite-
rion with associated plastic flow. The results clearly explain that the weak beam
flange breaks off right at the weld due to the triaxial state of stress in this region.
The important effect of the weak column panel zone was not fully explored before.
In this chapter, it is shown that the column web fractures are closely related to the
weak panel zone. The important effect of the backing bar in the connection failure is

analyzed next by fracture mechanics methods. The unfused backing bar side next to

15
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the column flange is interpreted as an artificial crack. Flange tension due to bending
of the beam opens the artificial crack between the backing bar and the column flange,
and initiates the rupture. The stress-intensity factors at the artificial crack tips of
both top and bottom backing bars are calculated by the J-integral method. The re-
sults clarify why the rupture generally was initiated at the bottom flange but not at
the top flange. Finally, the analytical cyclic load-deflection curve and plastic energy
dissipation are compared with the three SAC? Joint Venture full-size specimens tested
at the University of California at Berkeley. Good agreement between the analytical

results and the experimental tests conclude the chapter.

2.2 Material Properties of Structural Steel

A typical welded beam-to-column moment resisting connection is shown in Fig. 2.1.
The top and bottom flanges of the beam are welded directly to the column by full
penetration groove welds. The beam web is bolted or welded to a shear plate, which
is attached to the column by welding. The most serious rupture modes of such
connections are shown in Fig. 2.2. The failure modes are catastrophic because they
fracture at extremely high speeds without exhibiting prior ductile behavior. This
violates the precept of the ductile MRF.

Before studying the non-ductile failure of the connection, some remarks on the
material properties need to be made. The stress-strain curve of a small diameter
uniform cylindrical steel bar ({a) in Fig. 2.3) loaded longitudinally to failure, will
be ductile (curve (a) in Fig. 2.3). A small diameter bar of uniform cross-section is
not restrained in the lateral direction, and allows Poisson contraction, which leads
to specimen necking down and the development of shear slip layers (Lueders lines)
during failure. However, for a cylindrical bar with a groove or notch, such as bar
(b) in Fig. 2.3, even though the cross sectional area at the groove is the same as bar
(a), the tensile stress-strain curve is completely different. When loaded in tension,
the grooved part will have the largest stress, but due to the constraint of the larger
sections outside the groove, no lateral contraction or shear flow can develop at the

groove. The failure of bar (b} is caused by triaxial tension resulting in a brittle failure

1SAC is an acronym for Structural Engineers Association of California, Applied Technology

Council, and California Universities for Research in Earthquake Engineering.
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Fig. 2.1: A typical welded beam-to-column connection.
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Fig. 2.2: Some failure modes of the welded beam-to-column

connection.
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Fig. 2.3: Simple tensile test of steel specimens with the same critical

cross section area: (a) cylindrical bar, and (b) grooved cylindrical bar.

with no apparent yielding. The stress at breaking is near the cohesion strength of
the material; its stress-strain curve is similar to curve (b) in Fig. 2.3. Timoshenko on
page 435 of his book says [68]:

Because most of the grooved spectmen remains elastic during a tensile
test to failure, it will have a very small elongation, and hence only a small
amount of work is required to produce fracture. A small impact force can
easily supply the work required for failure. The specimen is brittle because

of its shape not because of any mechanical property of the material.

There have been many research studies on grooved specimens, such as Kirkaldy [39],
Ludwik and Scheu [44], and MacGregor [45]. Stress concentration factors for a variety
of grooved bars can be found, for example, in Neuber {48] and Peterson [52].

It can be seen in Fig. 2.1 that the welded beam flange cannot be deformed in
both x and y directions because it is welded to a relatively large column flange with
continuity plates. The welded beam flange also has to resist the largest bending
moment caused by the loads on its span and frame drift. The stress on the beam
flange outside the weld is smaller because of reduced moment and lesser lateral strain

constraint. The welded beam-to-column connection has the strain constraint and the
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Coupon Test, UCB 01/13/95
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Fig. 2.4: Stress-strain curves of a series of tensile tests for A36 steel.

largest stress, which make it essentially like a grooved bar except with a different
shape. It can be expected that the tensile stress-strain curve right at the beam
flange weld will be between curves (a) and (b) in Fig. 2.3 depending on the degree of
constraint, web cope (access hole) size, and bending moment gradient.

Another important fact regarding the mechanical properties of today’s steel is
that the yield strength of A36 steel is no longer 36 ksi. Fig. 2.4 shows a series of
tested stress-strain curves of coupons cut from A36 W12x26 beams. The average
yield strength of A36 steel is about 48 ksi, the ultimate strength of A36 steel is about
70 ksi.

Table 2.1 lists minimum yield strength, Fy, and minimum ultimate strength, F,,
for certain ASTM steels given in the AISC specifications. The ANSI-ASTM standard

B483-78 defines minimum strength as follows:

Standard mechanical property limits for the respective size ranges are
based on an analysis of data from standard production material and are
established at a level [at] which at least 99 percent of the production of

values obtained from all standard material in the size range meets the

established value.
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ASTM Number A36 A592 | A572 G50 A588 A514
Steel Type Carbon | Carbon | Low alloy | Stainless | Alloy Q& Tt
Minimum F, (ksi) 36 42 50 50 100
Minimum F, (ksi) | 58 60 65 70 110

TQ&T: Quenching and Tempering

Table 2.1: Specified minimum strengths of certain ASTM steels.

The unqualified word minimum may be misleading, since there is a chance that
the materials involved may have a strength much higher than the minimum. In
the statement, there is no specification for the upper bound of steel strength. For
structural elements loaded to the allowable stress level, the statement is adequate
for design. However, in seismic resisting structures, many elements can be stressed
beyond the yield strength during a strong earthquake to develop the needed ductile
behavior. The ASTM specifications provide no information for designers to control
deformation because the material strength can be much higher than the minimum
value. The A36 materials tested in the laboratory have an average yield strength 33%
over the specified minimum value (Fig. 2.4). Such high variance on strength makes
stress analysis meaningless.

The AISC specification states that:

Certified mill test reports or certified reports of tests made by the fabri-
cator or a testing laboratory in accordance with ASTM A6 or A568, as
applicable, and the governing specification shall constitute sufficient evi-
dence of conformity with one of the ASTM standards. Additionally, the
fabricator shall, if requested, provide an affidavit stating that the struc-

tural steel furnished meets the requirements of the grade specified.

The AISC statement ensures that materials having these minimum strengths are
actually used in the construction, but the designers have no way to know the actual
material strengths during design until the materials reach the fabrication stage.

A more appropriate material specification would be to give the average material
strength with a specified small variance. Designers can use the average as the nominal

design value and use the variance for reliability analysis.
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2.3 Design Strategy

The most essential characteristic of the MRF is the requirement that plastic hinges
be formed near connections during severe loading conditions. These plastic hinges
provide strength and ductility to dissipate energy hysteretically. As was stated earlier,
it is impossible to develop large plastic deformation right at the beam-column weld
location. Thus, the plastic hinges can only be formed at the beam or column section

near the connection.

In order to establish the design strategy, let the resisting capacity at the connection

be defined by the following symbols:

C® = Moment resisting capacity of beam at the connection
C! = Shear resisting capacity of beam at the connection

C; = Moment resisting capacity of column at the connection
C; = Shear resisting capacity of column in the panel zone
C? = Local buckling strength of beam near the connection
C:. = Local buckling strength of column near the connection

The superscripts b and c are used to designate beam and column, respectively. The
actual resisting capacity of a connection is controlled by the minimum of these six
values®?. The minimum resisting capacity is based on the failure type. The four pos-
sible failure types are given in Table 2.2. In this table, Types 1 and 2 correspond
to sudden fractures and should be avoided. By developing plastic hinges near the
connections, Type 3 and 4 mechanisms assure good strength and ductility (Fig. 2.5).
For beam flange connections welded directly to the colummn flange, the resisting ca-
pacity C?, is always smaller than the ultimate moment capacity of the beam. In such
a situation, in order to develop a Type 3 mechanism, a non-compact beam section
must be used. The derivations for C% and C2. are given in the next section. It is to
be noted that the kinematic mechanisms shown in Fig. 2.5 are associated with early

inelastic action and do not represent collapse mechanisms.

2The resisting capacity is also affected by backing bars at the welds. This will be discussed later.
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Failure | Minimum | Failure
Type | Capacity | Mode
1 C? or C* | beam flange or shear plate rupture
(crack 3 in Fig. 2.6)
2 C¢, or C¢ | fracture through column web or divot pullout
from column flange (crack 1 or 2 in Fig. 2.6)
3 Ch buckling of beam near connection and formation of
plastic hinge (weak beam-strong column connection)
4 Cs. buckling of column near connection and formation of

plastic hinge (strong beam-weak column connection)

Table 2.2: Four possible failure types of a stegl MRF connection.

(a)

Z SIS
(b)

Fig. 2.5: Two alternative plastic hinge mechanisms for a typical

MRF: (a) Type 3 mechanism and (b) Type 4 mechanism.
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Fig. 2.6: Critical points in the connection - point A on beam
flange, point B on beam-weldment junction, and C at column

flange.

2.4 Simplified Stress Analysis

In the linear elastic range, the stress in the z direction at the outer-most fiber point
A, shown in Fig. 2.6 near the weld to the connection, is denoted as ¢7,. The nominal

value of 024 can be calculated from
ol == (2.1)

where M is the applied bending moment, and S? is the section modulus of the beam.

The corresponding strain is expressed as
A A
6:52 = Uzz/E (22)

where E is the Young’s modulus of the beam.

Point A is not constrained by the weldment. On the other hand, point B is also
at the outer-most fiber of the beam at the center of the beam-column junction. As
shown in Fig. 2.6, point B is restrained by the weldment, which is directly attached
to a wide thick column flange and cannot displace in either the z or y direction, hence
B = cfy = 0. The stress state of point B is in the transition zone from plane stress

T

to plane strain. Because point B is so close to point A, its strain €2 in direction z can
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be assumed to be equal to €, and the stresses at point B can then be determined by

Hooke's law:

0B = (1_V)E B = (I‘V)E A = (1—”) UA(Q 3)
= (14+v)(1-2v) % - 1+v)1-2v) > (14+v)(1-2v) * '
oB oB = vE B _ vE A = ” cl(2.4)

= Cw T (14 )1 - 20) €22 = (1+v)(1- 2v)€z" (14+v)(1-2v)

where v is Polsson’s ratio. Since for steel, v = 0.3 and F = 29, 000 ksi, approximately,

the above equations reduce to

o2 = 13502 (2.5)
ol o2 = 05807 (2.6)

To verify the adequacy of the estimated stress concentration factors derived above, a
series of elastic finite element analyses was performed based on the geometry of the
SAC specimen (see next section) by varying the column flange thickness while keeping
the beam flange thickness constant. The results are shown in Fig. 2.7. The stress
concentration factor of each component of stress is plotted against the beam/column
flange thickness ratio. The stress concentration factors of ¢,, range from 1.2 to 1.46,
which is very close to the calculated simplified value of 1.35, but the stress concentra-
tion factors for o, and o, are much less than the estimated value 0.58. The lower
three curves in the figure show how small the flange shear stresses are at the juncture.
Because of the low shear stresses, no shear slip can form, resulting in no ductility. For
the same reason, the beam fracture is governed by the maximum-normal-stress crite-
rion. The maximum-normal-stress criterion states that failure occurs whenever one
of the three principal stresses equals the uniaxial material strength. The maximum
principal tension stress ¢,,,. of the beam flange at the juncture of the beam-column
connection is plotted in Fig. 2.7, which is very close to the ¢, curve.

In the inelastic range, the stress across the flange will re-distribute to become much
more evenly distributed, although the greatest stress value remains at the flange
center. All rolled steel members (W, M, C, etc.) possess residual stresses due to
differential cooling. The flange tips and interior web parts always cool more quickly
than the other parts of the flange. In this manner, the flange tips develop compressive

stresses, while the residual stresses are tensile in the middle of the flange.
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Fig. 2.7: Stress concentration factors at juncture of beam-to-column
connection calculated by elastic finite element analysis. The external
load is uniformly distributed unit tensile stress ¢,, applied on the beam

flange.
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The yielding moment of a member can be calculated with a sufficient degree of

accuracy by the following equation
Mgl:ield = (F, - Fr)Sz (2-7)

where F, is the maximum compressive residual stress in either flange tip of the beam.
The average compressive residual stress at the flange tips of small to medium size
rolled shapes is about 13 ksi for A36 steel with 36 kst yield strength [15, 22]. Tt is
reasonable therefore to assume that the value of the residual stress is a fraction of the
yield strength

¢ 13

F. = o F, = 0.36F, (2.8)

The residual stresses for large hot-rolled sections can be found in Alpsten [4]. The
plastic moment capacity of a rolled section is hardly affected by the presence of

residual stresses and can be calculated simply as

M. =Fzt (2.9)

plastic

where Z° is the plastic modulus of the beam. The ultimate moment capacity of a
beam can be reached by bending a plastic section into the strain-hardening range.

Hence the ultimate bending capacity is expressed as

Mt =F,7° (2.10)

ltimate

For a directly welded beam-to-columnn connection without cover plate, the bend-
ing beam moment is transferred primarily through the beam flanges into the column
regardless of the size of the shear plate. The ultimate moment capacity of the con-

nection therefore can be calculated by
Ch =F.Z; (2.11)

where Z! is the plastic modulus of the beam flanges. Because Z! is larger than Z%, the

ultimate moment capacity of the beam M? is always larger than the connection

{timate

moment capacity C°. If the rolled shape section is compact, no local buckling will

occur before M?

ultimate

is reached, and the rapid failure occurs by tearing off the flange.
The local buckling stress of a beam flange can be derived from the plate buckling

stress. In general, the plate buckling stress in the elastic range is given by the Bryan
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equation®

m*E t\?2
= k= (1) (212

where t and b are the thickness and the width of the plate, respectively. k is the plate
buckling coefficient, which depends on the plate geometry and boundary conditions.
For the beam flange of a wide-flange rolled shape, k is 0.7. The plate buckling stress

in the inelastic range can be shown to be [18]

(2.13)

Tor =

1*/EE, (t)2

12(1 — 2) \b

where FE; is the tangent modulus of the material. From the buckling stress, the critical

beam moment capacity C®. can be calculated from
Ch=0.2} (2.14)
To safely design a beam-column connection, it is desirable that

Ct < C o< M (2.15)

ttimate

But for economic use of the material, the critical stress should obey the following

relation
Fy<o,<F, (2.16)

2.5 Three SAC Pre-Northridge Specimen Tests

In order to help understand the strength and ductility of the welded moment resisting
connections, three specimens have been fabricated according to the standards used
before the 1994 Northridge earthquake. These were tested at UC Berkeley under the
guidance of the SAC Joint Venture. The dimensions of these specimens are shown in
Fig. 2.8. The connection detail is shown in Fig. 2.9. These specimens were tested in
a horizontal position. The test setup is shown in Fig. 2.10. An end-plate is welded to
the cantilever beam and bolted to a clevis, which connects to a computer-controlled
350 kips hydraulic actuator (see Fig. 2.11). Slowly varying cyclic loads are applied
to the beam tip by the actuator. The column is simply supported at the ends by

3After the English naval engineer who derived it in 1891,
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Fig. 2.8: Detail of the SAC PN specimens.
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Fig. 2.9: Connection detail for SAC PN specimens.

Fig. 2.10: Photograph showing specimen tested horizontally in labora-
tory. Left side of the beam is the upper side of the specimen.
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Fig. 2.11: Photograph showing the clevis connected to beam end-plate

and hydraulic actuator.

prestressed rods tightened to three reinforced concrete blocks. These reaction blocks
are prestressed to the floor by high-strength rods. The reaction and loading points
simulate the inflection points occurring at mid span of a frame. At the top of the
column, in order to simulate a roller support at the end, the column is tightened to
a reaction block by four prestressing rods (Fig. 2.12). At the bottom of the column,
in order to simulate a hinged end, the column is tightened to the reaction blocks by
prestressed rods in two directions (Fig. 2.13). Detailed information of the setup can
be found in the thesis by Blackman [17]. During the fabrication of the specimens,
two A572-Gr50 beams were mistakenly used in the first two specimens PN1 and
PN2. Only the third specimen PN3 was made of the correct materials. The material
properties of these three specimens, as determined from mill certificates, are given
in Table 2.3. Notice that the yield strength of the A572 Grade 50 PN1 and PN2
beam is 25% over the ASTM minimum, the yield strength of the A36 PN3 beam is
58% over the ASTM minimum. The high scatter in material strengths may result in

inadequate structures.

Each SAC specimen has a cantilever beam with a concentrated force P applied
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Fig. 2.12: Photograph showing the top of the column.

Fig. 2.13: Photograph showing the bottom of the column.



32 Chapter 2. Pre-Northridge Steel Moment-Resisting Connections

Material Properties
(from Mill Certificates)

Specimen Material | Yield Strength F, | Ultimate Strength F,
Number Size & Spec {Elongation) (Elongation)
PN1, PN2 & PN3 Column | W14x257 53.5 ksi 72.5 ksi
A572-Gr50 (0.18%) (N/A)
PN1 & PN2 Beam W36x150 62.6 ksi 74.7 ksi
A572-Gr50 (0.22%) (22.5%)
PN3 Beam W36:x150 56.8 ksi 68.7 ksi
A36 (0.20%) (28.0%)

Table 2.3: Material properties of the SAC Joint Venture PN specimens.

at its free end (see Fig. 2.8). The arm length L of the concentrated force to the face
of the column flange is 134.5 inches. The moment capacities of these specimens can
be calculated by Eqs. 2.7-2.11. The corresponding concentrated forces can also be
calculated by dividing the moment by the moment arm. For PN1 and PN2 specimens,

the yield force can be calculated as

Pyieta = M2 0/ L = SY(F,~F,)/L = 504(62.6 — 0.36 x 62.6)/134.5 = 150 kips (2.17)

yield
and the peak force can be calculated as

Pyeok = C° /L = Z;F,/L = 392.96 x 74.7/134.5 = 218 kips (2.18)
Similarly, the yield and peak forces of the PN3 specimen can be calculated as

Pa = SU(F,— F.)/L = 504(56.8 — 0.36 x 56.8)/134.5 = 136 kips (2.19)
Ppa = CLJL = Z;F,/L =392.96 x 68.7/134.5 = 201 kips (2.20)

The shear force in the column below and above the connection due to tip load P can

be calculated as

dc
Ve = P(L+7)/138 = P(134.5 + 16.38/2)/138 = 1.03P (2.21)
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where d° is the depth of the column (refer to Fig. 2.8). The axial force at the beam
flange can be expressed as

PL 134.5P

T = -
& — 1%~ 35.85— 0.94

=3.85P (2.22)

where d is the depth of the beam and &} is the flange thickness of the beam. Thus

the shear force in the panel zone is
VP =Tt -V =282P (2.23)

and the shear capacity of the column is

Fe 3.5
Cr = 0.95d°t;,—£ = 0.95 x 16.38 x 1.175 x 535 = 565 kips (2.24)

v w\/g \/g

where 0.95 is the effective shear area coefficient, ¢S, is the web thickness of the column,
and 1/+/3 comes from the von Mises yield criterion. As long as the tip load is over
200 kips, the column will have shear yielding in the panel zone.

The maximum column bending moment occurs at the section outside the panel

zone. Its value is

M = V(69 — d°/2) = 52.8P (2.25)

The moment capacity of the column is
Cr = FZ7 =725 x 542 = 39,300 kip-in (2.26)

The column is very safe in bending. The shear plate of the connection is very well
designed, and its strength is enough to resist the applied load.

The test results of these specimens are shown in Table 2.4. These values agree well
with the calculated values. The moment-rotation and moment ratio-plastic rotation
diagrams for three SAC specimens are given in Fig. 2.14.

Since the beams of three SAC specimens have compact sections and strong mate-
rial, the failure modes are of a rapid fracture type. The crack in the PN1 specimen
initiated at the center of the bottom beam flange-column juncture. The crack rapidly
propagated through the column flange and forked out into two cracks in the column
web (see Fig. 2.15). At the peak load of 225 kips, the panel zone is unable to resist the
applied shear force. The PN2 specimen has the same material properties as the PN1

specimen. Its fracture pattern is also similar to PN1 (see Fig. 2.16) except that the
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Specimen | Load | Displacement | Displacement | Post-yield Date &
Number | (kips) | Total (inches) | Beam (inches) | cycles | Temperature

PN1 - Pyiea | 154 1.31 1.15 41 02/09/95
Ppear | 225 291 2.63 60° F

PN2 - Pyiq | 153 1.34 1.11 1% 02/16/95
FPreak | 201 1.94 1.71 50° F

PN3 - Pyig | 138 1.12 1.02 41 02/28/95
Prear | 199 3.02 2.88 60° F

Table 2.4: Test results of the SAC Joint Venture PN specimens.

Fig. 2.15:

Photograph of SAC specimen PN1 after test.
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Fig. 2.16: Fracture pattern of SAC specimen PN2 is similar to specimen
PNI1.

post-yield cycles are smaller. The peak load of 201 kips is a little over the panel zone
shear capacity. Specimen PN3 had a different fracture pattern compared with that
of PN1 and PN2 specimens. The crack initiated at the center of the bottom beam
flange-column juncture, then fractured the entire bottom beam flange (see Fig. 2.17).
According to the classification in Table 2.2, PN1 and PN2 had failures of Type 2
because both had a strong beam and a relatively weak panel zone. The failure mode
of PN3 is Type 1. All three specimens performed unsatisfactorily and failed in abrupt
fractures. The imposed displacements and hysteresis loops for these specimens will

be presented together with the analytical results in a later section.

It is interesting to note that if the beams of the SAC specimen had a yield strength
of 36 kst and an ultimate strength of 58 ksi, the performance of the connections
would be much better and the failure mode would also be different. Compared with
many successful connection tests back in the 1970s [54, 55], the design method and
procedure are almost the same today. The most significant difference is that the

material strength in the 1970s was much nearer to the ASTM specified minimum.
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Fig. 2.17: Photograph showing the fractured bottom beam flange of
SAC PN3 specimen after test.

2.6 Stress Concentration Caused by the Backing
Bar

If the backing bar has not been removed after welding, the unfused interface between
the backing bar and the column flange acts as a fine crack. The length of the crack is
equal to the thickness of the backing bar (Fig. 2.18). Theories for analyzing the stress
field near cracks are now well-established and can be found in many standard texts
such as Anderson [5], Broek [19], Rolfe and Barsom [61], and Suresh [67]. The stresses

in the vicinity of a crack tip in an elastic material can be expressed as [34, 35, 72]
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Fig. 2.18: The unfused backing bar surface forms an artificial edge

crack.

for a crack aligned in the x direction, where K is the stress intensity factor and, r, ¢
are the cylindrical polar coordinates of a point with respect to the crack tip. Thus,
each case is characterized by the stress intensity factor having a spatial distribution
of stresses. One of the underlying principles of fracture mechanics is that unstable
fracture occurs when the stress-intensity factor K at the crack tip reaches a critical
value K. To prevent a fracture failure, the computed stress-intensity factor K must
be less than the critical stress-intensity factor, or fracture toughness, K..

The “artificial crack” between the unfused backing bar and the column flange
can be characterized as an edge crack. There are three possible fracture modes of a
crack (Fig. 2.19), namely Mode-1 (Opening), Mode-II (In-plane shear), and Mode-III
(Out-of-plane shear). Tension in a beam flange due to bending opens the crack in

mode-1*. The Mode-I stress-intensity factor for the edge crack is shown to be
K;=1120+/Ta (2.28)

where a is the crack length, here the thickness of the backing bar, and ¢ is the applied
nominal Mode-I stress (Fig. 2.20a). The critical stress-intensity factor Ky, of Mode-I
can be obtained by following the ASTM standard for determining K. [6]. K. is
temperature sensitive. For carbon steel, the transition is quite steep at temperatures
above 0°F.

4The shear and torsional forces in the beam can also open the crack in mode-II and mode-III,

respectively, but their magnitudes are relatively small and can be ignored.
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Fig. 2.19: The three modes of loading that can be applied to a crack:
Mode-1 (Opening), Mode-II (In-plane shear), and Mode-III (Out-of-

plane shear).

< - - i —
o i — g - [ —
- | — - _f -
* 2a
(a (b

Fig. 2.20: A semi-infinite plate with (a) edge crack, (b) center crack

subject to a remote axial stress o.
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K. can also be obtained from the critical energy release rate G (after Griffith [24])

of the material from

Ki.=VGE (2.29)

where E’ is the modified modulus of elasticity, it can be computed as

(2.30)

, E for plane stress
E/(1 —v*) for plane strain

where E' is the Young’s modulus and v the Poisson’s ratio. The crack between the
backing bar and column flange is long enough to be considered as a plane strain
problem.

The critical energy release rate G is temperature sensitive. For structural carbon
steel, it is known that G is at least 15 1b-ft (see [9, 62]). The critical stress-intensity

factor can be calculated to be
K. = 75.7 ksivin (2.31)

Based on this value and in the case that K; = K., if the thickness of the backing
bar is 3/8 inch, then according to Eq. 2.28, the nominal stress ¢, in the beam flange
cannot be more than 62.3 ksi®.

There are two ways to reduce the deleterious effect of the backing bar. A direct
method is to remove it using a carbon arc. Once the backing bar has been removed,
the artificial crack no longer exists. The advantage of this method is that the root pass
of the weld can be examined. But this method has a high probability of damaging a
good weld above the backing bar. Another method to reduce the stress concentration
caused by the backing bar is to apply a fillet weld under it to close the crack. But
one must use other non-destructive tests to ensure that the root pass of the weld is
good. A center crack of length 2e¢ occurring away from the edges, such as the one

shown in Fig. 2.20b, has a smaller stress-intensity factor, namely,

K; =ov7a (2.32)

Here, a is half of the backing bar thickness. For a center crack and in the case that
K; = Ky, if the thickness of the backing bar is 3/8 inch, then according to Eq. 2.32,

$1.120/7(3/8) = 75.7, hence o = o, = 62.3 ksi
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the nominal stress ¢,, = ¢ in the beam flange cannot be more than 98.6 ksi®. An
additional small fillet weld under the backing bar will reduce the stress-intensity factor
by a ratio of 62.3/98.6 = 0.63 and substantially improve the connection fracture
resisting capability.

In this section, it is assumed that the stress o across the beam flange is uniform
with linear elastic behavior, but in reality, o is not uniform. The geometry of the back-
ing bar crack is not similar to the edge or center crack shown in Fig. 2.20. Applying
Eqgs. (2.28) and (2.32) to the backing bar crack problem is oversimplified. To account
for the effects of the geometry, non-uniform stress distribution, and elastic-plastic ma-
terial behavior, the numerical J contour integration by finite element method must

be used.

2.7 Nonlinear Finite Element Analysis

In order to accurately evaluate the stress distribution and the stress-intensity factor
at the connection, the SAC specimens are modeled on eight-node brick elements in
the ABAQUS finite element package [30]. The element mesh of the connection part
of the specimen is shown in Fig. 2.21. Note that the backing bars together with
the artificial cracks mentioned previously are introduced in the model. As of this
writing, the SAC specimens are being retrofitted for re-testing, and no tension tests
for the material are available at the moment. Because the true material properties
are unknown, the material properties used in the finite element model are based on
the Mill Certificates as given in Table 2.3. The coupon test will be scheduled right
after the completion of structural testing of the retrofitted connections. The material
properties were modeled by von Mises yield criterion with associated plastic flow.
To fully understand the stress distribution and propagation during the structural
testing, the same imposed beam tip displacements were used in the finite element
computations. Because the applied loads are slowly varying in the test, the inertia
loads are ignored in the finite element analysis. Figure 2.22 displays the imposed
tip displacements for experimental and analytical studies of the PN1 specimen. The
analysis steps shown in the figure are not evenly spaced because it requires more

steps in the nonlinear region. To accelerate the analysis, low amplitude displacement

60./7(3/8)(1/2) = 75.7, hence ¢ = 7,, = 98.6 ksi
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Fig. 2.21: Finite element mesh for SAC Pre-Northridge PN connection. Only one

half of the specimen is modeled.
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cycles are ignored, these including two 0.1 in. cycles, three 0.25 in. cycles, and three
0.5 in. cycles. Because the hot rolling residual stresses and the heat-affected zone
residual stresses are not fully known, such effects are also ignored in analyses. Such
simplifications make the corners in the analytical hysteresis loops sharper than the
experimental ones. The experimental and analytical hysteresis loops for the SAC
PN1 Specimen are presented in Fig. 2.23. The experimental and analytical imposed
displacements and hysteresis loops for the SAC PN3 specimen are shown in Figs. 2.24
and 2.25, respectively. The low amplitude displacement cycles are also ignoted in
the PN3 analysis. By integrating the hysteresis loops step-by-step, the total energy
diagram can be constructed. The total strain energies of PN1 and PN2 specimens
are given in Fig. 2.26. The wavy shape curve in the total energy diagram is due to
the restoration of elastic strain energy during load reversals. Those unrecoverable
energies are dissipated energy. The same diagrams for the PN3 specimen are given in
Fig. 2.27. These figures lead to the conclusion that none of the three SAC specimens

possessed adequate energy dissipating capacities.

Among the three SAC specimens, PN2 has the least ductile behavior. The imposed
displacements and load-deflection responses are shown in Fig. 2.28. Because the
PN2 specimen is identical to the PN1 specimen, the analytical response of the PN1
specimen can be used for comparison. The total energy diagram for the PN2 specimen
is given in Fig. 2.26a.

A perspective view of the connection stress distribution is shown in Fig. 2.29.
The highest stressed spots are at the beam flange weld and in the panel zone. The
material yielding in the panel zone starts at the center and then gradually expands
outward. During the test, the whitewash was continuously breaking off in the panel
zone. When the tip load reached about 200 kips, the entire panel zone yielded. The
analytical stress contours in Fig. 2.30 agree with this observation. Figures 2.31 and
2.32, respectively, show views of the stress contours of the top and bottom beam
flanges, together with the continuity plates and column section in the plastic range.
In the elastic range, the largest stress occurs at the center of the beam flange-column
juncture. The stresses become much more evenly distributed across the beam flange
in the plastic range, but the center of the flange still has the largest stress. All the
displacements in these figures are magnified 10 times. Even so, there is no obvious

deformation observed in the axial direction of the beam flange.
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Fig. 2.22: (a) Imposed tip displacements used in testing SAC PN1 specimen, and (b)

imposed tip displacements used in finite element analysis.
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Fig. 2.23: (a) Experimental and (b) analytical hysteresis loops of SAC PN1 specimen

(Displacements are measured in the loading direction).
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Fig. 2.24: (a) Imposed tip displacements used in testing SAC PN3 specimen, and (b)
imposed tip displacements used in finite element analysis. The dashed line represents

the imposed displacements after the bottom beam flange was fractured.
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Fig. 2.25: (a) Experimental and (b) analytical hysteresis loops of SAC PN3 specimen
(Displacements are measured in the loading direction}. The dashed curve represents

the response after the fracture of the bottom beam flange.
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Fig. 2.26: (a) Experimental and (b) analytical total strain energy diagrams of SAC
PN1 and PN2 specimens.
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Fig. 2.28: (a) lmposed displacements and (b) hysteresis loops of SAC PN2 specimen
(Displacements are measured in the loading direction). The dashed curves represent

the response after the fracture of the bottom beam-column juncture.

The SAC PN1/PN2 stress distributions for the bottom beam flange along the line
of groove weld are shown in Fig. 2.33. Curves shown are for beam tip loads of 21,
41, 62, 82, 103, 117, 142, 200, and 225 kips. Shearing stresses are not shown because
their values are small. The maximum shearing stresses at 225 kips tip load are 3.6
ksi, -17.4 ksi, 17.5 ksi for o4y, 04, and o,,, respectively. Small shearing stresses imply

small shearing deformations and small ductility of the connection.

The experimental strains at the center of the panel zone are plotted against the
applied tip load for three SAC specimens (see Fig. 2.34). The load-shear strain
diagrams show large shear strain in the PN1 panel zone, but much smaller shear strain
in the PN2 and PN3 panel zones. The PN3 panel zone resists smaller shear force,
its panel zone shows only slight yielding but no fracture. From the material strength
point of view, there is no doubt that PN1 failed in the panel zone by overstressing,
but it is difficult to reach the same conclusion for PN2, although both have the same
fracture pattern in the panel zone. It is much simpler to explain this by fracture
mechanics.

The J contour integrals along the top and the bottom backing bar crack tip are

evaluated. In calculating the J contour integral using the finite element method, the

nonlinear elastic-plastic material properties are considered. Rice had formulated the
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Fig. 2.31: Top beam flange and continuity plate contours for SAC PN1/PN2 under
225 kips tip load.
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SAC PN1: TIP LOAD vs CENTER PANEL ZONE SHEAR STRAIN
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J contour integral defined to be [58]
J= / wdy — Ti@—ids (2.33)
r dz

for a crack aligned in the x direction. Here, T' is any contour from the lower crack
face counterclockwise around the crack tip to the upper face. The path length along

this contour is s, w is the strain energy density defined as
w = / Y a,-jde,-j (234)
0

where o;; and ¢;; are the stress and strain tensors, respectively. T;u; are work terms
for components of surface traction on the contour path, T;, move through displace-
ments, du;. The J contour integral is equal to the energy release rate for a linear or
nonlinear elastic material under quasi-static conditions. The integral was shown to
be independent of choice of path for a crack with stress-free faces. Since the critical
value J. for A572 Grade 50 is unavailable, it is impossible to justify the initiation
of fracture based on the computed J values. Fortunately, the specific temperature
induced variation in stress intensity factors for the 1.5-in.-thick A572 Grade 50 spec-
imens tested is available and presented in Fig. 2.35 [51]. In order to compare the

calculated J values with the known K., an equivalent K7 is calculated [36]:

—g =J (2.35)
where E’ is defined in Eq. (2.30). It is thus conceptually equal to the Griffith term
G. Strictly speaking, the above equation only holds under elastic conditions. But if
the plastic zone at the crack front is small, this equation is valid. The equivalent K
values from the computed J values for the top and the bottom backing bars for PN1
and PN2 are shown in Fig. 2.36. In the figures, K values are plotted against beam
width and analysis steps. It can be seen that the largest K; occurs at the center of
the beam flange-backing bar juncture. If the connection fractures, it will start at the
point with the largest stress intensity factor. It is interesting to re-plot the largest
stress intensity factor vs. the applied tip load {see Fig. 2.37). The growth of K due
to cyclic load can be seen. The critical stress intensity factors at 0°F, 50°F and 60°F
taken from Fig. 2.35 are also plotted in the diagram. The most interesting finding in
the figure is that the bottom backing bar K7 at a given time is larger than that of the
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Fig. 2.36: Stress-intensity factors plotted across beam width and number of analysis
steps at (a) top and (b) bottom backing bars for SAC PNI and PN2 specimens.
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top backing bar. This clearly explains why most of the connection fractures during
the Northridge earthquake initiated at the bottom backing bar.

It is also interesting to re-plot the largest K vs. tip displacement (see Fig. 2.38). It
can be seen that the stress intensity factor keeps on growing under the same-amplitude
cycles, elastic or inelastic; the larger the displacement amplitude, the larger the K
growth rate. When K grows over the K., the connection will fracture. Based on the
K1 growth rate, it is easy to predict the low-cycle fatigue fracture of the connection.
The effect of temperature can be seen in these plots; the higher the temperature, the
larger the K., and the less likely is the connection to fracture. The SAC PN1 and
PN2 specimens are theoretically identical, but the PN1 specimen sustains more cycles
of loading than PN2. One of the explanations for this is the different témperature.
PN2 was tested on a cooler day. The low A, value at the lower temperature meant

PN2 fractured earlier.

2.8 Conclusion

On the basis of these limited analytical and experimental studies, the following con-

clusions can be drawn:

1. Elementary mechanics calculations can predict the connection capacity very

well as long as the material properties are known in advance.

2. The connection made by directly welding a compact beam flange to a column
cannot attain the plastic moment of the beam. To protect the connection from
failure, a weaker beam should be used or reinforcement of the connection should
be made. A weaker beam means a beam with a non-compact section such that
the local buckling moment is smaller than the connection moment capacity.
If a compact beam must be used, the beam can be made weaker by drilling
holes in the flange near the connection so that the moment transferred to the
connection is smaller. There are several ways to reinforce the connection; one
of the methods is by using flange cover plates with thickness greater than the
beam flange thickness. But such connection requires two welds, a weld to the

beam and a weld to the column, which increases the cost substantially.



Conclusion : 59

MAX. TOP BACKING BAR K, vs. TIP DISPLACEMENT

T 1 S —
[ K, @60°F
2001 y @s0°% ]
< 150k §
g - / -4
* r T
12}
\x/ -
7 100+ «,.@ o°é—— .
< S—
50:.. -
O— ' i 3 M M i

N -

0
TIP DISPLACEMENT (IN)
(a)

MAX. BOTTOM BACKING BAR K, vs. TIP DISPLACEMENT
] —
[ K .@60°F _——_
200f

0
TIP DISPLACEMENT (IN)

(b)

Fig. 2.38: Maximum stress-intensity factor vs. tip displacement at (a) top and (b)
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. The elastic stress concentration factor at the beam flange of the welded beam-

to-column connection can range between 1.2 to 1.46. The stresses will redis-
tribute much more evenly across the flange when loaded into the plastic range.

Nevertheless, the largest stress remains at the center of the welded flange.

. Triaxial loading makes steel at a connection fail without exhibiting yielding

ductile behavior. This is due to the state of stress and not because of the ma-
terial property. The demand for ductility should be dependent on the material

yielding near the connection area.

. Material properties of steel, such as yield strength and ultimate strength, should

be regulated to have a narrow range instead of prescribing only the minimum
strength. Otherwise, an engineer cannot design a structure with tolerable
bounds on response. Today’s A36 steel has an average yield strength 33%
over the minimum. This fact is not reflected in present design codes nor in ed-
ucation. This high strength does not enable the connection to develop a plastic

hinge during a strong earthquake and causes its failure in brittle fracture.

. The column web fracture is due to a weak panel zone. Using doubler plate in

the panel zone may solve the problem, but will increase the construction cost.
The best solution is to avoid connecting a strong beam to a column with weak
web. Connecting a beam to the minor axis of a column allows for the use of

column flanges to resist the shear.

. The dimensions of many tolled shapes should be made to better proportions.

For example, the W14 x257 section used in the SAC specimens has a large

moment capacity but a very small capacity in shear resistance.

. The unfused surface between the backing bar and the column can be charac-

terized as an edge crack. If the backing bar cannot be removed, an extra fillet
weld under the backing bar can close the crack and makes the stress-intensity
factor smaller, and thus safer. During load reversals, the stress intensity factor
at the bottom backing bar crack is higher than that at the top backing bar,
resulting in greater probability of initial fracture at the bottom weld during an

earthquake.
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9.

10.

Welded connections exposed to outside temperatures should be designed very
carefully because steel has a lower critical stress-intensity factor at low temper-
atures. This is especially true for connections with backing bars and welding

flaws.

Energy dissipation at a connection by the means of material yielding is noto-
riously unreliable. A small variation from the design value in beam or column
strength will easily result in a totally different energy dissipating mechanism

and fallure mode.

The following important issues were not considered in this limited study, and require

further research:

1.

The relationships between connection strength, welding materials and welding

methods require further investigation.

The dimensions of the panel zone (panel zone size and thickness, continuity
plate thickness, and column flange thickness) are crucial to the strength of a

connection. A parametric study of the panel zone is thus required.

Finite element analyses need to be re-done using the true material properties
after the completion of the coupon test of the SAC PN specimens. High-order

singularity elements should be used in modeling the crack for higher accuracy.

The residual stress distribution at the heat affected zone of a weld requires

further investigation.

The internal flaw sizes between multiple layers of weld must be investigated,
especially since the crack growth due to cyclic yield loads induces low cycles

fatigue fracture. Such a problem will stand out in a long duration earthquake.

The databases of fracture toughness of structural steel and welding materials

in the plastic range need to be established.

J contour integration analysis for the backing bar with additional under bar

fillet weld is useful in understanding its merit quantitatively.

The welded connection, unlike the bolted connection, lacks crack resisting re-

dundancy. Further investigation of the crack arresting design is required.






Chapter 3

Steel Joint Protection by Beam

Flange Perforation

3.1 Introduction

In addition to some bad welds found and non-ductile materials used, the basic reasons
for the fractures that occurred in steel moment-resisting connections during the 1994

Northridge earthquake are summarized below:

1. Today’s steel strength is much higher than the ASTM specified minimum. The
current specifications for steel provide a minimum strength requirement, but
no ceiling for the upper limit. This makes it virtually impossible to design

accurately.

2. For bolted web-welded flange moment connections, the moment capacity of the
beam is always larger than the moment capacity of the connection. For a weak
beam-strong column steel connection, the formation of a plastic hinge in the
beam near the connection during a strong earthquake is desired. The plastic
hinges provide both strength and ductility to dissipate seismic input energy.
If the beam section is compact, the plastic hinge cannot develop before the

fracture of the connection.

3. The column panel zone is unable to resist the shear force transmitted from the

beam flanges because the current panel zone design equation is unconservative.
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4. The unfused backing bar surface and the column form an artificial crack at the

groove weld resulting in crack initiation due to moderate load.

The common point in the statements above is that a greater than intended strength
is available in the provided steel beam. The remedy for items 2 and 3 is to use a
non-compact beam section such that a plastic hinge can form by local buckling of
the beam flanges. If a compact beam section must be used, then the beam strength
should be locally reduced to limit the moment and shear that can be transferred to

the connection and the panel zone.

The designer is unaware of the actual material properties until the material reaches
the fabricator. Thus, during the fabrication stage, if the material strength of a beam
is found, based on the mill certificates, to be much larger than the design value, the
beam section size at the connection should be reduced to match the design moment

value, thus preventing a brittle fracture.

There are many methods to reduce locally the strength of a beam, all of which
are achieved by cutting off material either in a flange or web of the beam near the
connection. Early research on rolled beams with drilled or punched holes was done
by Dawance [21]. Dawance carried out many bending tests on rolled beams with holes
in flanges and found that these holes do not appreciably affect the behavior of the
section in elastic-plastic bending as long as the area cut does not exceed 15% of the
total cross-sectional area of the flanges. Based on this, more than 15% of the beam

flange cross-sectional area must be cut off in order to reduce the beam strength.

In this chapter, two recent research efforts on beam strength reduction by cutting
off some of the flange area are reviewed. Next, the beam flange perforation method
by drilling holes is introduced. In the analyses, the stress concentration factor near
the line of holes in the flange i1s approximated by the elliptical hole formula. Then
experiments on eight W12x26 beams with different perforation patterns are reported.
The results show that a well-designed perforated beam can have its moment capacity
reduced and its ductility increased. Next, two large size connections with perforated
beam flanges are tested by cyclic loading. Test results show that both connections

have a cumulative ductility of about 80 without severe strength degradation.
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beam flange

pbeam flange

Fig. 3.1: The dog-bone connections designed by (a) Plumier, and (b) Chen &
Yeh.

3.2 The Dog-Bone Connections

The underlying idea for beam strength reduction is simply to protect the beam-column
connection from brittle fracture. There are not many research results available. The
first known such connection is mentioned in Plumier [53], in which the flanges are
torch cut in a trapezoidal shape. This patented connection is shown in Fig. 3.1a.
Unfortunately, there are no quantitative performance reports of such connections.
Because the shape of the beam flange for such connections resembles a dog-bone, the
connections bear that name.

Another similar connection shown in Fig. 3.1b was designed and tested by Chen
and Yeh [20]. The primary goal of such connections is to reduce beam strength and
increase ductility. The beam flanges are cut along the bending moment gradient line
such that, once a large force is applied, the material at the reduced cross-section will
yield. Test results shows that the ductility increase of such connections is substantial,
whereas the stiffness decreases only about 3%.

The basic idea of using yielding to increase the ductility of a member can be shown
by simple tensile tests of short and long coupons (see Fig. 3.2). The situation is sim-
ilar to the grooved bar test presented in the previous chapter. The longer specimen
is easier to neck down, causing it to develop shear slips. The shorter specimen has
greater constraint of the higher stressed material in the lateral direction, which pre-
vents the plastic flow from developing. The ductility of the longer specimen is larger
than that of the shorter one. The longer specimen has a larger volume of higher

stressed material than the smaller one, and its durability in cyclic plastic deforma-
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@ (b)

Fig. 3.2: Simple tensile tests for coupons of different lengths.

tion is better. It should be clearly recognized by the designers that, at a local level,
the connection ductility is caused by shear in the flange. Equal triaxial stresses in the
beam flange weld cause no shear. The ductility demand should be on the material
yielding near the connection area. To make the material near the connection yield at
a smaller moment than the virgin beam, some flange material should be removed to

achieve a stress that does not exceed the stress in the weld.

3.3 Beam Flange Perforation

The dog-bone connections presented in the last section have two disadvantages.
Firstly, the material around the torch cut is brittle and should be ground off. Sec-
ondly, the stress concentrations at the corners where the cutting lines meet are high.

To eliminate brittleness in the heat affected zone and stress concentration at the
sharp corners, an alternative method in which circular holes are drilled in the beam
flanges is devised (see Figure 3.3). The closely spaced circular holes in the flanges
are aligned along a line such that the outline of these holes resembles a long slot of
length h. If the diameter of the holes is D, then the stress at a side of the hole in the
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column h

holes drilled
diameter D

Fig. 3.3: Connection protection by beam flange perfora-

tion.

axial direction of the beam can be approximated by the elliptical hole formula:

o' = o1+ %) (3.1)

where o is the nominal longitudinal stress in the whole flange. For a single hole,
h = D, and the stress concentration factor is 3. For two holes in a row with edges
touching, A = 2D, the stress concentration factor is 1 + 2D/2D = 2. According to
the closed form solution of Ling [41, 42], the actual value is 2.57. Schoulz showed
that, for a row of holes with edges touching, the stress concentration factor is 1.72
[64]. But if this row of holes has a distance D edge-to-edge, the stress concentration
factor increases to 2.15. Thus, the longer the row of holes and the shorter the distance
between them, the lower is the stress concentration. The stress concentration factors
for more complex hole patterns can be found in Peterson [52] and Savin [63]. The
stress concentration factor discussed here is relatively less important when material

is in the plastic state and the stresses around the holes redistribute more evenly.

Beam flange perforated connections have the same advantages as the dog-bone
connections, namely, strength reduction and an increase in ductility. The primary
disadvantage of drilling holes in the beam flange is that it makes the beam more
susceptible to buckling. The stability of the perforated beam sections is studied

later.



68 Chapter 3. Steel Joint Protection by Perforation
3.4 Design of Perforated Connection

The yielding, plastic, and ultimate moment capacities of a beam can be calculated

with a sufficient degree of accuracy by the following equations, respectively,

Mg?ield = (Fy - Fr)Sf; (3-2)
M;gia.siic = Fyz:i (33)
letimate = FuZﬁ (34)

where F, is the maximum compressive residual stress in either flange tip of a beam;
F, and F, are the yield and ultimate strengths, respectively, of the material; and $%
and Z® are the beam section and plastic moduli, respectively.

For a directly welded beam-to-column connection, the bending beam mormnent is
transferred primarily through the beam flange into the column, and the ultimate

moment capacity, C%, of the connection can be calculated from
b
Ct =F.2Z (3.5)

where Z¢ is the plastic modulus of the beam flanges. Because Z¢ is larger than Z%, the

ultimate moment capacity of the beam, M} is always larger than the connection

Itimate
capacity C?,.

To protect the connection from brittle failure during severe service, some holes
can be drilled in the beam flanges near the connection as shown in Fig. 3.4. At
the perforated beam section, the plastic modulus Z’! can be calculated based on the
reduced area. Consider a cantilever beam with a concentrated load P at its free
end (Fig. 3.4). The bending moment arm from the loading point to the connection is
denoted as L. The bending moment arm from the loading point to the first hole center
of the perforated section is L’. The bending moment arm from the loading point to
the last hole center of the perforated section is L”. From the material strength point
of view, the reduced plastic modulus Z’ must be selected such that the stress at the
connection is smaller than the ultimate strength. To achieve this, the stress at the

first hole section must be greater than the stress at the connection, namely,

PL PL
o= ; ; aFy < F, (3 6)

To simplify the notation, the superscript b is dropped in the remainder of the chapter.
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Fig. 3.4: Projection of moment diagram on beam flange to help deter-

mining hole sizes and locations.
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where o is a strain hardening factor, 1 < o < F,/F,. For A36 steel, a is about 1.2,

depending on the ductility demand. For A572 Grade 50 steel, a is smaller (about’

1.1). By introducing a safety factor SF into the equation, the reduced plastic modulus
can be expressed as

o _Z U P

SF L oF,

where the safety factor SF must be greater than one. Once the reduced plastic

(3.7)

modulus is known, the hole diameter can be determined. If the hole diameters are
different, as is usually the case for obtaining maximum ductility, the reduced plastic
modulus Z” at the last hole section should also need to be calculated using Eq. 3.7 with
Z' and L' replaced by Z” and L”, respectively. It is convenient to use the projected
beam moment diagram on the beam flange as a design aid (refer to Fig. 3.4). The
projected moment diagram on the beam flange corresponds to the area required for
safety factor one if the plastic modulus of the beam web is ignored. In order for
a plastic hinge to develop at the perforated area, the length of the row of holes A
should be greater than one half of the beam depth. The starting position of the row
of holes is about 6;/2 away from the connection. If the holes are drilled too close to
the connection, the stress concentration around the holes will introduce high triaxial
stresses at the connection. If the holes are drilled too far away from the connection,
the hole diameters have to be large to satisfy Eq. 3.7, making the beam section prone
to buckling.

After the reduced plastic modulus and its bending moment arm are known, the

peak force can be calculated by

(3.8)

. (aF,Z2" oF,Z"
PPeak = nman ( Ii" 3 IZ:,, )

If the strain corresponding to stress aF), is €, then the plastic rotation 8, at the
perforated section can be estimated by

_ 2h{¢' —¢,)

0, y

(3.9)

where ¢, is the yield strain, and d is the depth of the beam. By adjusting « and A, the
required plastic rotation can be attained. It is also important to check the panel zone
shear capacity to ensure that the panel zone can resist the shear force transmitted

from the beam flange axial forces at the connection.
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From Bleich’s formula [18], the critical stress for beam flange buckling in the

strain-hardening range can be expressed as

”zmb . (3.10)
12(1 - v*) (5£)

2ty

acr':k

where k is the buckling coefficient, E and E; are Young’s and tangent moduli, re-
spectively; v is Poisson’s tatio, b; is the beam flange width, and ¢ is the beam flange
thickness. For a wide-flange beam flange, k is 0.7. Because this formula is conserva-
tive, the actual coefficient k should be higher and could be modified from experimental
results for a specific rolled shape. If the holes are drilled symmetrically at both edges
of a flange, the critical stress should be modified to take into account the effect of the
holes. According to the research results of Kumai [40], another buckling coeflicient,

kx, must be introduced into the critical stress equation. In such a condition, Eq. 3.10

~VEE | (3.11)

12(1 — v?) (2%)2

becomes
Oor = kpk

Coeflicient k;, depends on the diameter of the hole, D, and the flange width, b;. By
fitting the test results of Kumai to a parabolic curve, k; can be approximated by the

equation
2D\ * 2D
kp=1-0.7826 (——-) —0.2205 (—) (3.12)
by by
If no hole is drilled, D = 0 and k; = 1, and Eq. 3.11 reduces to Eq. 3.10. The critical
stress calculated by Eq. 3.11 is a nominal stress, that is, stress based on the original

section without the hole.

3.5 Specimens and Test Setup Designs

To help understand the strength and ductility of the perforated beam, eight specimens
of A36 W12x26 beam were fabricated and tested at the University of California at
Berkeley in the last four months of 1994. The hole patterns of these eight specimens
are shown in Fig. 3.5. Specimen A has no hole; it is used as a norm for comparing
with other perforated beams. Specimens B to E were designed for a safety factor near

1.1 but with different hole patterns. Specimens F to H were designed for retrofitting,
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Fig. 3.5: Hole patterns for Specimens A to H.
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Fig. 3.6: Test setup for beams with flange holes.

thus only bottom flanges were perforated. Specimens E and F have two stiffeners
between the two groups of holes to prevent early buckling.

These tests were used to determine the performance of the beams. They were
not designed to test the beam-column connection as a whole, so only beams were
fabricated. The test setup and the overall dimensions are shown in Fig. 3.6. The
specimens were eight-foot simple beams with a center load, but each side of the beam
can be considered as a cantilever beam. Two stiffeners were welded six inches apart
at the center of the specimen to simulate the column flanges at the connections. The
same hole patterns were drilled in both cantilever beams such that the deflections
of both beams were symmetric with respect to the centerline. Strain gauges were
placed on the beam flange near the holes and near the middle stiffener plates for
stress concentration monitoring. Strain gauges were also placed on the beam web

at the perforated beam flange to determine the plastic hinge rotation. Two Linear
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Variable Displacement Transducers {(LVDTs) measured the displacements at the ends
and at the mid-span of the cantilever beams. The loading beam is a heavy W14 x68
rolled shape with several vertical stiffeners. It is placed on the platform of the loading
machine. Steel blocks separated by a round steel bar were placed on top of both ends
of the loading beam to simulate roller supports. From the center of a roller to the face
of the rigid support is the length of the bending moment arm L, which is 43 inches.

The loading machine can only apply a compressive force, and the rollers cannot
resist tension. Therefore, in order to obtain a load reversal, the specimens were
turned over after an upward push, and a second push was applied to the up-side-
down specimen simulating a “pull”.

Since post-buckling behavior of the beam was not the major concern in these tests,
the test was terminated right after the peak load was reached. But it is believed that
if the pre-buckling ductility is large, the post-buckling ductility should also be high
and less degrading.

3.6 Test Results of Eight Perforated Beams

In the early stage of testing, no previous results or literature were available for deter-
mining the pattern of holes. After a crude calculation, Specimen B was designed and
tested first. It is known that two holes drilied side-by-side yield the lowest stress con-
centration factor, but it is difficult to drill such holes, thus a quarter inch separation
was suggested by the shop technical staff. The subsequent specimens were designed
using the quarter inch edge-to-edge rule.

Holes for Specimen B were drilled near the web of the beam. This test showed
that Specimen B developed local buckling at the perforated portion of the flange.
The next day, right after Specimen B was tested, Specimen A, which has no hole, was
tested. By comparing the results, it was found that Specimen B had the expected
strength reduction but the buckling occurred prematurely, resulting in worse ductility
than that for Specimen A. It was soon discovered that drilling holes in the flange
near the web releases the required constraint to prevent buckling. To verify this,
the hole pattern of Specimen C was designed to be the same as that for Specimen
B, except that the holes were drilled near the outer edges of the flange. The test

results for this specimen show that Specimen C had a 16% strength reduction, but
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Fig. 3.7: Photograph showing Specimen C after the test.

the pre-buckling plastic rotation was 18% larger than for Specimen A. Thus, all the
subsequent specimens had holes drilled in the outer flange area. The deflection mode
of Specimen C was a flexure-torsional buckling shape (Fig. 3.7).

The outline of the hole pattern of Specimen D is similar to the dog-bone connection
shown in Fig. 3.1a. The pattern consists of two rows of consecutive holes with the
same diameter and spacing. Test results showed a 21% reduction in strength and a
7% gain over Specimen A in plastic rotation at the peak load.

In view of the buckling shape of Specimen C, one can envisage the new buckling
shape if vertical stiffeners were added at the center of the perforation area. Specimen
E was designed similarly to Specimen C, with stiffeners added. To compensate for
the increased strength due to the added stiffeners, the hole diameter was enlarged by
25%. The test results for Specimen E were encouraging compared with Specimen A.
The strength was reduced by 13%, whereas the pre-buckling plastic rotation had a
54% gain. The buckling shape of Specimen E is shown in Fig. 3.8.

For most retrofit projects, the top flange of a beam is difficult to drill because the
floor deck is on top of it. Because of this concern, three specimens (F, G, and H) were

tested with only the bottom flange perforated. Specimen F is identical to Specimen
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Fig. 3.8: Photograph showing Specimen E after the test.

E except that only the bottom flange has holes. Its strength was reduced only 5%,
but its plastic rotation had a 71% gain. A photograph of Specimen F after the test
is shown in Fig. 3.9.

A hole pattern to match the moment gradient line was used in Specimen G. The
holes were drilled beginning a flange width distance from the connection. The hole
sizes increase in the direction away from the connection. Thus the fabrication cost is
higher. The strength teduction of this specimen was 9%. Unfortunately, in testing
for the peak load, the holes were in the tension flange, thus the buckling occurred in
the flange without holes (Fig. 3.10). Therefore, the plastic rotation at the peak load
is the same as for Specimen A.

To develop an understanding of the effect of large holes, Specimen H was designed
to have holes occupy about 50% of the bottom flange area. Experimental results
show that such a design has stability problems. The quarter inch material between
the holes and the beam flange edge is very slender. For this design, buckling occurred
at a small load, causing the beam flange to warp (Fig. 3.11). The peak load of this
specimen had a 25% reduction in strength.

During the tests, several material coupons were tested. The average beam flange



Test Results of Eight Perforated Beams

Fig. 3.9: Photograph showing Specimen F after the test.

Fig. 3.10: Photograph showing Specimen G after the test.

77
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Fig. 3.11: Photograph showing Specimen H after the test.

yield strength was found to be 50 ksi, and the ultimate, 68 ksi. Figure 3.12 shows

one of the test stress-strain curves.

The geometric data, theoretical values, and the test results for these eight spec-
imens are summarized in Table 3.1. Theoretical peak loads agree well with the ex-
perimental values. The load-deflection curves of these eight specimens are shown in
Fig. 3.13. The tip load-plastic displacement curves are shown in Fig. 3.14. From
these plots, it is difficult to distinguish between the buckling load and the yielding
load. Because the stress concentration factors around the holes are high, it is believed
that the yielding started very early in the small areas around the holes. From these
curves, it is found the the stiffness degradation due to the presence of holes ranges
from 2% to 8%. The normalized moment ratio-plastic rotation curves are shown in

Fig. 3.15. The normalized moment ratio in the plots is defined as

Moment _ PL
Mplastic FyZ.-z:

(3.13)

The maximum value of this ratio, «, is found to be 1.2 shown in the plot for Specimen
A.
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Specimen A B C D E F G H
Test date 8/2/94 | 8/1/94 | 9/1/94 | 9/14/94 | 10/26/94 | 10/26/94 [ 11/16/94 | 12/8/94
Geometric data:
Arm, st hole, L', in 43.0 39.5 39.5 39.4 394 39.4 36.0 39.5
Arm, last hole, LY, in 43.0 34.0 34.0 33.4 334 334 29.5 33.9
Top flange area, in? 2.47 1.71 1.71 1.52 1.52 2.47 2.47 247
Bottom flange area, in? 247 1.71 1.71 1.52 1.52 1.52 1.0 1.33
1.52* 1.14*
Plastic y centroid, in 0.0 0.0 0.0 0.0 0.0 2.07 1.24 2.48
2.07* 2.89*
Plastic modulus, Z', 37.2 28.2 28.2 25.9 25.9 30.5 33.4 29.0
in® (Z'/Z, %) (100) (76) (76) (70) (70) (82) (90) (78)
Plastic modulus, Z”, 30.5* 27.4*
in® (2"/2, %) (82) (74)
Zf/Z' 0.78 1.04 1.04 1.13 1.13 0.96 0.87 1.01
Z[Z" : 0.96 1.07
(Z:/Z")(L'/L) 0.78 0.96 0.96 1.04 1.04 0.88 0.73 0.93
(Zy/Z")(L"/L) 0.78 0.82 0.82 0.88 0.88 0.75 0.66 0.84
Theoretical values:
Buckling stress oy, 44.3 38.0 354 354 354 354 40.2 324
ksi (Eq. 3.11) 35.4* 29.0*
Buckling load, kips 41.2 32.1 32.1 30.0 30.0 . 30.0 37.3 27.4
(¢erSe /L") (ratio, %) {(100) (78) (78) (73) (73) (73) (91) (67)
Peak load, kips 51.9 42.8 42.8 394 39.4 46.4 55.7 44.1
(Eq. 3.8) 46.3% 48.5%
Ezperimental results: ,
Stiffness, kips/in 128 128 122 120 125 123 121 118
{ratio, %) (100) | (roo) (95) (94) (98) (96) (95) {92)
Buckling /yield load 40 32 25 24 24 18 35 24
kips (ratio, %) (100) | (80) (63) (60) (60) (45) (89) (60)
Peak load, kips 51.6 44.5 43.5 40.9 44.8 49.1 47.1 38.5
(ratio, %) (100) (86) (84) (79) (87) (95) (1) (75)
Peak rotation, % rad 2.8 2.1 3.3 3.0 4.3 4.8+ 2.8+ 0.75
(ratio, %) (100) (75) (118) | (107 (154) (171) (100} (27)

For all specimens Sz = 33.4 in?, Z = 37.2 in%, Z; = 20.2in%, L = 43 in., Fy = 50 ksi, and F,, = 68 ksi.
* At the last hole section.
+ Buckling occurred in flange without hole.

Table 3.1: Comparison table for eight A36 W12x26 specimens.
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Fig. 3.12: Typical stress-strain curve of a flange coupon test.

3.7 Cyclic Test of Large Size Specimens

In order to help understand the strength and ductility of the perforated moment
resisting connections under cyclic loading conditions, two specimens were fabricated.
Both specimens consisted of an A36 W36x150 cantilever beam which connected to
the middle of an A572 Grade 50 column of size W14 x455 by groove welds. The test .
setup and the overall dimensions are shown in Fig. 3.16. The material properties of
these two specimens are given in Table 3.2. Notice that the yield strength of beams is
61% over the ASTM minimum strength. The beams have to be weakened to protect

the connection.

Due to a misunderstanding with the fabricator, the hole sizes of Specimen 3 and
8 were drilled too small. The original hole patterns for Specimen 3 and 8 are shown
in Figs. 3.17 and 3.18, respectively. Because the bending moment capacity of the
perforated section is larger than the connection strength, the perforated section had
to be reduced to avoid the tear-off beam flange type failure at the connection. Since
the edge distance was too small for hole redrilling, it was decided to drill extra holes
near the existing ones. Figures 3.19 and 3.20 show the connection details and the

new hole patterns for Specimen 3 and 8, respectively. Those added small holes did
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Fig. 3.15: Moment ratio-plastic rotation diagrams for Specimens A to H.
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Fig. 3.16: The cyclic test setup and overall dimensions.

Specimen | Material | Material Heat Yield Tensile
Size Spec Number | Strength | Strength
3 W36x150 A36 54940 58 ksi 67 ksi
W14x455 | A572 Gr50 | 74184 57 ksi 89 ksi
8 W36x150 A36 54940 58 ksi 67 ksi
W14x455 | A572 Gr50 | 84553 67 ksi 82 ksi

Table 3.2: Material properties of Specimen 3 and 8 (from Mill Certificates).
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Fig. 3.18: Original hole pattern of Specimen 8.
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Fig. 3.19: Connection details of Specimen 3.

solve the crucial problem but they also-created new problem. The area near these
new small holes has a very large stress concentration factor.

Notice in the connection details that the web cope in the beam is larger than a
typical design to reduce the triaxial constraint at the connection. Once the constraint
is reduced, the area above the web copes can be deformed in the beam axial direction
much easier, thus the shear plate can carry much more bending moment. Because of
that, the shear plate needs to be thick.

The test procedures and the imposed displacements follow the SAC protocol. The
plots of beam tip displacement against tip load for Specimen 3 and § are shown in
Fig. 3.21. The ultimate connection capacity of Specimen 3 can resist tip load up
to 197 kips. The perforated beam section effectively protects the connection from
failure, The connection of Specimen 8 with the aid of wings, has a yield capacity
of 237 kips tip load. The perforated section also effectively protects the connection.
The plots of plastic rotation against plastic moment ratio for Specimen 3 and 8 are
shown in Fig. 3.22. Because the beam section is reduced to protect the connection,
the beam cannot reaches its full plastic capacity. The tested plastic moment ratio
is very close to the Z;/Z ratio at the connection, where Z; and Z are the plastic

modulus of the flange and the whole section, respectively.
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Fig. 3.21: Hysteresis loops for Specimen (a) 3 and (b) 8.
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Fig. 3.22: Plastic rotation against moment ratio for Specimen (a) 3 and (b) 8.

N

A photograph of the white-washed Specimen 3 after the test is shown in Fig. 3.23.
Note the superior transfer of web and flange stresses in the perforated area exemplified
by the extensive peeling-off of the whitewash. Specimen 8 had a similar appearance

(not shown).

Since most of the cyclic tests did not follow the same imposed displacement history,
the plastic rotation shown in Fig. 3.22 is not a good indicator of the capability of the
connection. The degradation of the hysteresis loops is very important. To combine
both effects, the total energy diagrams for both specimens are constructed and shown
in Fig. 3.24. The dissipated energy is about 3 times the dissipated energy of the SAC

PN specimens discussed in Chapter 2.

Next, the cumulative ductility of both specimens is discussed. By dividing the
summation of the plastic displacements by the first positive yield displacement, the
cumulative ductility can be obtained. Figure 3.25 shows the cumulative ductility
vs. time steps for Specimen 3 and 8. The average cumulative ductility of these two
specimens is only 76. If a structure is designed using ductility 8, which corresponds
to R, = 8 in the 1994 UBC code, then the structure can withstand only two and a

half severe cycles?.

28(ductility) x4(quadrants) x 2.5(cycles)=80
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Fig. 3.25: Cumulative ductility diagrams for Specimen (a) 3 and (b) 8.

3.8 Conclusions

Taking out 15% to 40% of the beam flange area near a connection can limit the
bending moment transferred from the beam span and protect the connection from
brittle failure. The area is removed by a torch cut or by drilling holes.

Several beam flange perforation patterns were studied. Test results show that a
well-designed perforated beam can achieve the maximum strength reduction of about
20-30% and increased ductility. Beam stiffness loss due to the perforations is small;
the reduction for a good design is only about 2%-6%.

If the reduced area in a beam flange is more than 50%, the beam section becomes
unstable. Adding vertical stiffeners to the perforated section can greatly improve its
stability and result in large ductility. But such stiffeners add strength to the beam,
and the amount of strength added by the stiffeners requires further investigation.

The plastic rotation capacity of a perforated beam section can be determined
by a suitable strain hardening factor and by the length of the row of holes. Test
results of the moment capacity of the perforated beam show excellent agreement
with the theoretical values. The energy dissipating mechanism is achieved either
by plastification or by local buckling. These advantages demonstrate that properly
designed perforated beam connections can be utilized in moment-resisting frames as a
highly effective means for connection protection from brittle fracture and can achieve

energy dissipation in certain seismic events.
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But the success of a material yielding type connection depends not only on a good
design but also on the use of a good material with high ductile behavior. Unfortu-
nately, the structural steel materials tested in the laboratory lack such good ductile
behavior. The two large specimens tested have cumulative ductility near 80, which
is too small for a big shake. Once the available ductility is exhausted, the connection

fails due to brittle fracture.






Chapter 4

Design of Frames with Slotted

Bolted Connection

4.1 Introduction

It has been shown previously that conventional welded steel connections are unreli-
able. Their hysteresis energy capacity is limited. To solve this problem, an alternative

method using energy dissipators seems reasonable as long as the added cost is small.

Several different types of passive energy dissipators are now available [8, 29]. From
an analytical point of view, passive energy dissipators can be classified into two ma-
jor categories - viscous type damper and frictional type damper. Material yielding
type dissipators have a similar hysteresis behavior as the frictional type. Tune-mass
dampers are not energy dissipators because they can only store kinetic energy but
cannot dissipate energy. Viscous type dampers have a great advantage in analysis
because they are linear (velocity proportional). But a viscous damper cannot resist a
static or slowly applied load. This means that a viscous damper cannot resist a static
gravity load. Whereas frictional type dampers are nonlinear in analysis (displacement

and slip force dependent), but they can resist both static and dynamic loads.

The discussion here is limited to the Slotted Bolted Connection (SBC) as devel-
oped at UC Berkeley. SBCs have been tested extensively in earlier work [25, 26, 27,
28]. This chapter gives a brief description of such connections. Most of the chapter

concentrates on the design of buildings with such connections.
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SLOTTED BOLTED CONNECTION
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Fig. 4.1: (a) A Concentrically braced frame with SBCs, (b) the top view and side
view of an SBC.

4.2 The Slotted Bolted Connection

The SBC is a modified bolted connection designed to dissipate energy through friction
during rectilinear tension and compression loading cycles. As an example, an SBC
can be placed between a brace end and the frame joint of a building as shown in
Fig. 4.1a. The energy input to the building during a strong earthquake is dissipated

by friction in the SBC dissipators in axial motion.

An SBC consists of five metal plates and a number of fastener bolts. Figure 4.1b
shows a 2-bolted SBC assembly. Each plate, except the gusset plate, has an equal
number of circular bolt holes for bolting these five plates together. The elongated
holes or slots in the gusset plate, in which the bolts are seated, are parallel to the
line of the loading motion. Two brass shims are inserted between the gusset plate
and the splice plates in order to develop a constant friction. The friction coefficient

of mild steel on brass is 0.3. The steel gusset plate is “sandwiched” directly between
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COMPRESSION WASHER
UNDER NUT

1/8" BRASS SHIMS

SPLICE PLATE

DIRECT TENSION INDICATOR (DT1)
UNDER HEAD

Fig. 4.2: Typical detail of a Slotted Bolted Connection (SBC).

the brass insert plates during an assembly. Typically, the gusset plate and the splice
plates are of A36 steel. The brass shims are of the widely available half hard cartridge
brass (UNS-260) (see Fig. 4.2). Both materials are inexpensive. |

The A325 bolts are Lin. in diameter and 3%in. long. The optional Belleville wash-
-ers placed under each nut are 8 EH-112 Solon compression washers with a hardened
washer on top. Belleville washers are initially cone-shaped annular disk springs which
flatten when compressed. The purpose of the Belleville washers is to maintain tension
in the bolt during slip of the plates. To achieve the desired initial bolt tension, Direct
Tension Indicator (DTT) washers are placed under each bolt head. DTTs are specially
produced washers with protrusions that flatten as the bolt is tightened. The DTIs
for 1/2 in. diameter bolts are designed to indicate a bolt tension in the range of 12
to 14 kips.

Figure 4.3 shows typical hysteretic test loops for a 2-bolted SBC specimen. When
the tensile or compressive force applied to the SBC exceeds the frictional forces de-
veloped between the surfaces, the gusset plate slips relative to the brass shims. This
process is repeated with slip in the opposite direction upon reversal of the direction
of force. Energy is dissipated by means of friction between the sliding surfaces. Slip
force in the SBC has been shown to remain relatively constant over the range of in-
terest. The SBC has been shown to be capable of dissipating significant quantities of
energy by means of friction. This can satisfy the seismic hysteresis energy demand.
Another advantage of the SBC is its low material and fabrication cost. The SBC ex-

hibits great potential as an energy dissipating device in the seismic design and retrofit
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Fig. 4.3: Hysteresis loops for a two-bolted SBC test specimen.

of structures.

The SBC has been used in two seismic strengthening projects at Stanford Uni-
versity [43]. In the strengthening of Building 610, the SBC was used in the in-plane
pier to prevent the shear failure of the pier. In the Lou Henry Hoover Building, SBCs
were added to the brace connections to prevent the braces from buckling and limit the
forces transferred to the vulnerable beams. Many new projects are considering SBCs
as primary energy dissipators, including the strengthening project of the Golden Gate
Bridge, San Francisco.

Because of the nonlinear behavior of SBCs, it is not necessary for a designer to
choose the required sizes and locations. One can adjust the sizes of SBCs by trial-and-
error with the aid of nonlinear structural analysis software, but such design iterations
may be time-consuming and costly. In the following sections, three design tools will
be indicated to assist in the determination of the required SBCs. Such tools can help
the designer pick good starting values for the SBCs, thus minimizing the subsequent

trial-and-error iterations.

4.3 Analytical Model of SBC

To simplify the analytical model for a building with an SBC, a braced shear building

will be used in the following discussion. A shear building is defined as a structure in
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Fig. 4.4: (a) A single-story concentrically braced frame with a friction damper, and

(b) the corresponding single degree-of-freedom model.

which there is no rotation of a horizontal section at the floor level. The total mass
of the structure is concentrated at the floor levels. Also, the floor diaphragms are
assumed to be rigid. Deformation of the structure is independent of the axial forces
present in the columns.

Consider a single-story braced shear building with a relative lateral displacement
u at the floor level as depicted in Fig. 4.4a. The lateral stiffness of the brace is kg,
and the lateral stiffness of the columns is k,. The total initial lateral stiffness of the
structure is k = kg + k;. This system corresponds to an SDOF system as shown in
Fig. 4.4b. The governing equation for the single degree-of-freedom system can be

written as

mi + ¢t + ksu + fa(u) = —mi, (4.1)

where m is the total mass, ¢ is the viscous damping coefficient, and —mii, is the
earthquake forcing function applied at the floor level. The spring force fi(u) in
Eq. (4.1) is nonlinear. As the frictional damper begins to slip during vibration, the
stiffness k; turns to zero. Thus the total lateral stiffness reduces to k,. The solution
of Eq. (4.1) requires a nonlinear structural analysis computer program.

A brace with a frictional damper attached can be modeled as an elastic-perfectly
plastic axial force bar with yield force equal to the slip force f of the damper. The

slope of the load-displacement curve is equal to the brace stiffness k; at the initial
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Fig. 4.5: Selection of friction force and slip distance.

stage of the loading. As the load increases to the slip force of the frictional damper,
the damper slides and forms a perfectly plastic plateau portion of the curve. The
length of the plastic region is equal to one half of the maximum allowable slip length

of the damper with the initial origin located at the center of the slip range.

Certain limitations are imposed on the choice of the friction force f and the half
slip length d. Figure 4.5 shows the requirements for selecting a frictional damper.
If the moment in the column exceeds its moment resisting capacity, a plastic hinge
will form in the column. In such a case, some damage occurs in the structure. Thus
the damper should start to slip earlier than when the force resisting capacity of any
member of the structure is reached. It is also necessary that the slip force of the
damper must be less than the buckling load p,. and yielding load f,4 of the brace
such that no damage or stability problems can arise in the brace. Requirements for
the slip length d are not very strict. If the structure is designed to remain in the elastic
range, the maximum slip length can be set equal to the displacement A,,,,, where the
first structural member begins to yield. But if the structural members are to yield
to dissipate energy also, there is no slip length restriction. Special studies on the
load-displacement relationships are needed for other types of structural-dissipating

device configurations.
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Fig. 4.6: Special displacement spectrum for the 1971 Pacoima

earthquake. This spectra is constructed for 5% stiffness ratio

and 2% damping ratio.

In order to simplify the design of a structure with a friction energy dissipating de-
vice, response spectra for the analytical model described by Eq. (4.1) are constructed.

Let elastic stiffness ratio o, = k;/k, where k = ky + k;, and fq(u) = kghg(u). Then
Eq. (4.1) becomes:

. AméE . dmfay  4nt{(l — ay) .
i + T + T2 U + T2 hy(u) = —i, (4.2)

An implicit parameter C, (= f/mg) is hidden within hg(u). The period T in the

above equation represents the period of the structure with no slip,i.e., T = 21r\/m—/];.
The stiffness of the structure changes when the frictional damper slips. Hence the
vibration frequency of the structure is not constant. For a typical concentrically
braced steel frame, the value of o, is commonly below 10%. By solving Eq. (4.2) over
the T-C, range, a set of displacement response spectra can be constructed. Figs. 4.6
and 4.7 show special displacement spectra with different damping ratios for the 1971

Pacoima earthquake.
These two spectra lead to some interesting findings. If the slip force is large, cor-
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Fig. 4.7: Special displacement spectrum for the 1971 Pacoima
- earthquake. Both the stiflness and damping ratios are 5%.

responding to large C,, the damper will not slip, the brace behaves elastically, and
the contour line appears parallel to the vertical axis. In other words, the use of a
large frictional damper is useless. The most effective range for frictional dampers is
for C, to be below 0.4 for seismic-resisting applications with a short vibration period.
For long period structures, the required friction force is smaller. For some moderate
earthquakes, the value of C, is even lower. In this range, several brace-damper com-
binations lead to the same displacement response. This allows the engineer to select
the most economical combination along an equal displacement contour. The same

procedure can be used to construct response spectra for other values of stiffiness and

damping ratios.

4.4 Design Methods

Three methods are devised to design a structure with a frictional damper. They are
the displacement spectrum method, the energy-based design method, and the force

reduction design method. The selection of a design method depends on the stage of
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the design and the availability of the computational software. In this section, only
single degree-of-freedom systems are considered. These methods can be extended to

the design of multi degrees-of-freedom systems.

4.4.1 Design by Special Spectra

The simplest and most straight-forward method to design a single-story shear building
with a frictional damper is by using the special displacement response spectrum as
described in the last section.

The design procedure is very simple. First, the columns are designed to support
the gravity load of the structure, and the lateral stiffness of the columns is assumed to
be 5% of the total lateral stiffness!. Second, the brace and the damper are designed
using the special displacement spectrum of a certain earthquake such as the one
shown in Fig. 4.6. Then a desired displacement curve for the design is chosen from
the figure. Assume the value of this curve to be uy,,,. This displacement determines
the minimum half slip length d of the frictional damper, where this displacement must
be smaller than the drift limitation A,,,, to protect the gravity supf;orting columns

and the secondary structures, i.e.,

Umaz S Ama.:r: S d'{"i (43)
kd '

Every point on the displacement curve represents a Cy-T pair, where C, is related to

the slip force by

f = mgC, (4.4)

and T is related to the brace stiffness by
2wy 2
ki = m(l— as)(-,f) (4.5)

Once f and k; have been determined, two more design constraints must be satisfied.
The slip force of the frictional damper f must be smaller than the buckling load p..
and the yield load f,q of the brace, Le.,

SFf S Der ..<_. fyd (46)

1The stiffness ratio depends on the structural form and member arrangement. For different value

of stiffness, the special displacement response spectra have to be regenerated.
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where SF is the safety factor. This equation reduces to SF'- f < f,4 for a short brace,
in which the buckling load is larger than the yield force, and the effect of the buckling

load is ignored.

As compared with a traditional MRF design, a frictional damper can provide the
required ductility by a suitable slip length d. The frictional damper can also provide
an amount of hysteresis energy much larger than the seismic demand. Thus concerns
for the available ductility and hysteresis energy capacity as in an MRF design do not
enter the problem.

Also, once the size of the brace member is selected in a conventional CBF design,
the yield load and the stiffness of the brace are determined. On a bracing frictional
damper, the stiffness and the slip load corresponding to the buckling or yield load
in the CBF brace, can be selected separately. The slip load can always be made
smaller than the buckling load of the brace. In this case, the frictional damper can

be considered as either an energy dissipating device or a brace surge protector.

4.4.2 Design by Energy Balance

In designing structures with frictional dampers, the cumulative energy of the ground
motion becomes meaningless, since a well-designed frictional damper can always con-
vert kinetic energy and strain energy into heat and dissipate it by air cooling or metal
conduction. Based on this concept, the design is very simple for a single degree-of-
freedom system.

Let tmar and ., be the maximum displacement and velocity responses, respec-
tively, of a structure with mass m under a certain ground motion. A frictional damper
on the brace with slip force f and slip range —d to -+d is attached to the structure.
The goal of the design is to select adequate values of f and d. Usually d can be
selected to meet the ductility requirement. But it is more direct to use the elastic
limit displacement of the columns. Assuming that the brace has been designed, the
concentrically braced frame then can be analyzed for an earthquake using a linear
structural analysis program. The maximum strain energy SE and the maximum

kinetic energy K F can be calculated from

maxr

SE = %kzﬁ (4.7)
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KE = —mi? (4.8)

where k = ky + k,. In an earthquake, SE and KE will not be equal even for a
conservative system because the input energy is transient at all times.

The frictional damper is designed to dissipate most of the maximum strain and
kinetic energies. Since SE and K E occur at different times, their combination repre-
senting the maximum system energy can be used to design the damper. The simple

design tule is
maximum system energy = recoverable strain energy + dissipated energy (4.9)

The maximum system energy of Eq. (4.9) can be either SE or K E, or some reasonable
combinations of SE and KE. Since the phase between the structural motion and
the ground motion will change after the frictional damper is inserted, the use of the
average of SE and K E is reasonable. For a single degree-of-freedom system, Eq. (4.9)

can then be written as (see Fig. 4.5)

1 N T R Y Ry _
2(SE+ KE) = 2A3Am“+ 2kd(kd) + f(Amas

kid) (4.10)
from which the slip force f can be determined. It is assumed that the maximum
instantaneous energy can be dissipated in quarter cycle. If un., is greater than
Amaz, this method cannot be applied, since there is no sliding space for the frictional
damper to move (refer to Fig. 4.5).

Using the code spectra to design, the same procedure can be applied. If S, is the

spectral acceleration, the pseudo velocity S, and pseudo displacement S; are

T

S, = gsa (4.11)
T
Sy = 2—71_'5“ (4.12)

The kinetic and strain energies can be computed and used in determining the slip

force f

KE = mS] (4.13)
1
SE = zkS: (4.14)
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4.4.3 Design by Force Reduction

Another good method for designing a frictional damper can be based on the equation
of motion
mi + ¢t + kou + fa(u) = —mi, (4.15)

where fz(u) is the force term for the frictional damper. The direction of the f; is
always opposite to the direction of the motion. The structure activates the frictional

damper as it is sliding, satisfying the following conditions:

fosgn(a) if |ul> uy

' (4.16)
kyu if | ul<uy

fa(u) = {
By moving f; to the right-hand side of the equation, this term can be interpreted
as the reduction of the earthquake force. The remaining terms on the left-hand
side represent the original structure without the frictional damper. If the magnitude
of the slip force f is about one-half of the applied earthquake force, a ground load
reduction factor of 2 is obtained. This design method applies to the original structure
without the brace and the frictional damper by considering the frictional damper as
an earthquake force reduction device. Only linear elastic analysis is needed if k; is
linearly elastic.

If one wishes to use the code specified spectral acceleration S, times mass m as
the earthquake load, then frictional force can be deducted from it. This means using
(mS, — f) as the design load. The drawback of this method is that the effect of the
brace stiffness is ignored. The shift of the structural period needs to be considered

carefully.

4.4.4 Design Methods for MDOF system

An n-story shear building with frictional dampers, such as the 3-story one shown in
Fig. 4.8, can be formulated as a multi-degree-of-freedom (MDOF) system. The equa-
tions of motion are n ordinary differential equations in terms of relative displacement

vector u:
Mii + Cia 4+ K,u 4 fs(u) = P (4.17)

where M, C, and K, are the n by n mass matrix, the n by n damping coefficient

matrix, and the n by n lateral column stiffness matrix, respectively. The displacement
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Fig. 4.8: A 3-story shear building with SBC dampers.

u is an n-component column vector, the ¢th component is corresponding to the 1th
level horizontal displacement relative to the ground. f; is an n by 1 force vector
representing the horizontal force component of the SBC braces. The external load
P is equal to —Mri,, the n by 1 constant vector r has all its elements equal to 1.
As before, u, is the ground acceleration. In a building structure, drifts are more

important than displacements. The drift at ith level is defined as
S =ui—ui—, 1=12,..,n (4.18)

where u, is zero. Eq. (4.17) is nonlinear and can be solved by step-by-step piece-wise
linear integration methods.

Two of the design methods described previously need only linear analysis. In such
cases, the modal superposition method is more advantageous, because only the first

few modes are required. During the no slip condition, f; can be expressed as
fd = Kdu (4.19)

where K is the n by n horizontal stiffness matrix for the braces. Defining the total
stiffness matrix K for no slip condition, K = K, + Ky, Eq. (4.17) for this condition



106 Chapter 4. Design of Frames with SBC

can be expressed as

Mii + Cu + Ku = —Mrii, (4.20)

The 2th column of the modal matrix ®, and the corresponding undamped free vi-
bration frequency w; for no slip condition, can be obtained by solving the following

algebraic eigenproblem
Ké; = w’Méy, i=1,..,n and w} <..<w? (4.21)

The mode shapes (eigenvectors) ¢; are orthogonal, i.e.,

n iz
Mg =4 " 422
¢i Mo; 0 ifij (4-22)
and 3
B, ifi=j
TKo. = ' 4.23

where ; and I‘f,- are the generalized mass, and the generalized stiffness for the ith
mode, respectively. Assuming proportional damping (C = aeM + a,K), such that
the damping matrix C can be diagonalized, i.e.,

¢{ Co; =

{ & = Wty ifi=j (1.2

0 if1#5
where ¢; is the generalized damping coefficient, and & is the modal damping ratio
for the :th mode. The orthogonality properties of the normal (modal) coordinates
are used to simplify the equations of motion of the MDOF system. Defining modal

amplitude vector z, such that
u= Pz (4.25)

then Eq. (4.20) can be rewritten as
M@z + C®z + K®z = —Mri, (4.26)

Premultiplying both sides of Eq. (4.26) by ®7, and defining L = #7Mr , the set of

equations becomes

®TMP% + T CPz + TK®z = -Lil, (4.27)
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Using‘the orthogonality properties in Eqgs. (4.22), (4.23), and (4.24), Eq. {(4.27) can
be written in uncoupled form
ki + Gz + kizi = =Ly, 1=1,..,n (4.28)

Rewriting this equation in terms of §; and w;, Eq. (4.28) becomes

i 4 2603 + wiz = -;il—ug i=1,.,n (4.29)
where [; and z; are the ith element of vector L. and z, respectively. By solving
these n uncoupled equations, the displacement vector u can be obtained using modal
superposition (Eq. (4.25)). If the CSMIP? earthquake response spectra are used to
find the peak response of Eq. (4.29), some modal combination methods have to be
used to obtain the solution closer to the exact response.

Two of the design methods, excluding the displacement spectrum method, can be
extended for design of frictional dampers for MDOF systems. Due to the nonlinearity
of frictional damper systems, the displacement spectrum method cannot be used for
designing MDOF systems because the principle of superposition is not valid.

For a planar structure having p frictional dampers, there are 27 possible friction
states. As friction dampers lock and unlock, and the system modal characteristics
also change, 27 different sets of modal data are possible. If p is large, it is almost
impossible to consider all of the possible friction states, let alone to design them. In
order to design each frictional damper to the proper size, some assumptions have to
be made.

In a small earthquake, all of the frictional dampers in the structure are locked, and
the structure responds elastically. During a moderate or severe earthquake, some of
the frictional dampers are activated but some are not. If a frictional damper cannot
be activated by a strong ground motion, then it is not required. The purpose of a
frictional damper is to dissipate energy. The greatest efficiency is attained if all of
the dampers are sliding simultaneously. Also, if some of the dampers are locked,
they provide continuous load paths for an earthquake to transmit force through them
to reach vulnerable members. From this point of view, the desired frictional states

reduce to two: all locked, or all activated. The remaining question is how to assign

2California Strong Motion Instrumentation Program {CSMIP), Office of Strong Motion Studies,
Div. of Mines and Geology, State of California. 801 K Street, MS 13-35, Sacramento, CA 95814.
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proper friction to each of the dampers such that all dampers will be activated at the
same time during a strong earthquake and maintain the safety of the structure.
Since the time required for the structure to complete a cycle of vibration in re-
sponse to a typical earthquake ground motion is very close to the natural period of the
structure, the structure is vibrating most of the time in its first mode shape. Higher
modes have much less effect on the response unless their frequencies are close to the
natural frequency. If the friction forces are assigned proportional to the member force
distribution of the first mode shape, then the vibrating shape will be the same for
all-locked as well as all-sliding conditions. In other words, the frictional dampers be-
come activated at the same time. In these two states the mode shapes are the same
but the vibration frequency (or the velocity) of the structure is reduced toward zero

when the dampers are activated.

4.5 Temperature Rise of SBC

When a structure equipped with SBCs is under the excitation of a strong earthquake,
the SBCs slide by means of friction. The kinetic energy of the structure must be
mostly absorbed by SBCs. This energy appears in SBCs in the form of heat.

The total energy dissipated by an SBC can be expressed as

E = [ Fdug (4.30)

where f is the friction force of the SBC, and ug4 is the slip displacement of the SBC.
Note that Ej, is the energy lost or dissipated; this is the energy absorbed by the SBC.
If F; is expressed in [b- in, the heat generated in Btu is

Ey
i = 9,336

(4.31)

The temperature rise of the SBC assembly can be approximated by the classic
expression
AT= L (4.32)
mC
where AT is the temperature rise in °F, m is the mass of the SBC parts in {b,,, and
C is the specific heat in {b,-°F; C is 0.12 for steel. The temperature-rise equation

can be used to explain what happens when an SBC is caused to slide. It is assumed
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above that the SBC retains all the heat. However, if the duration of the earthquake
is long, there are many variables involved. In such cases, the temperature decay
due to ambient temperature, air cooling, and metal conduction must be considered.
Usually, the temperature rise is small for a well-designed SBC. If the temperature rise
is critical for certain applications, one can increase the steel plate volume (heat sink)
to bring the temperature down. Notice that the friction force of an SBC is controlled
by the bolts, and not by its volume. Thus the temperature rise problem can be easily

solved by using a larger volume SBC.

4.6 Design Examples

4.6.1 Single-story Shear Building with SBC

The analysis methods discussed above are applied to the strengthening of a 42 ft
wide and 26 ft tall concentrically braced frame (Fig. 4.9). The original structure is
without the SBC. The columns use W12x190 sections (I, = 1,890 in’, I, = 589 in*,
depth A = 14.38 in, length L, = 26 ft, and area A, = 55.8 in?). The brace uses
W12x72 section (I, = 597 in®, [, = 195 in?, area Ay = 21.1 in?, length L; =
592.76 in, and r, = 3.04 in). After an SBC is inserted at the end of the brace, the
structure should have better seismic behavior. The frame supports a 150 kip vertical
load, and is designed to resist strong earthquakes similar to the 1971 Pacoima dam
earthquake without any of the members yielding. Figures 4.10 and 4.11 are the
ground acceleration and the Fourier amplitude spectrum, respectively, of the 1971
Pacoima earthquake. It is also required that the maximum lateral displacement Aq.
at Toof level must be less than 1.3 inches to reduce non-structural damage. Brace
buckling is not permitted. The material for the columns and brace is A36 steel with
an assumed 2% internal damping ratio, the yield stress ¢, = 36 ksi, and Young’s
modulus £ = 29,000 ksi. An SBC frictional damper is attached to the brace and
a joint gusset plate. The roof deck is assumed to be much stiffer than the lateral
stiffness of the frame and can be considered as rigid. Previously devised methods
are used to design this shear building. Structural responses before and after the

strengthening will be compared.
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Rigid deck

W12X180

42 ft

26 ft

W12X190

7

Fig. 4.9: A single-story concentrically braced warehouse

frame.
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Fig. 4.10: The accelerogram of the 1971

Pacoima earthquake.
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Fig. 4.11: The Fourier amplitude spec-
trum of the 1971 Pacoima earthquake
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Displacement Spectrum Method

The maximum stress in the column is due to 75 kips vertical load and bending moment

caused by 1.3 inches sidesway at the top. The maximum axial stress is

75 12E h .
o= :‘-1—5 —Zg—Ame =348 ksi <« Oy

The lateral stiffness of the columns and brace can be calculated as

ks = 12521” * 2 = 43.3 kips/in
EA
ky = —L—d cos® @ = 746.3 kips/in
d

where cos § = 42/1/422 + 262. The stiffness ratio a; can be calculated as 43.31/(43.31+
746.3) = 0.055. The structural period T is known to be

150
T =2r/————- =0.14 sec:
glks + kq)

From the special displacement spectrum in Fig. 4.6, for u = 1.4 inches (.33 x 1072gs?)

contour and T = 0.14 sec, one obtains C, ~ 0.34. The horizontal friction force

component of the frictional damper is
[ =mgC, =150 % 0.34 = 51 kips

The needed slip force in the axial direction can be calculated to be f/ cos 8 = 60 kips.
Checking brace stress o, buckling load p.,, and L/r ratio

60

o = X;=2.84ksi < oy
2p]
P = =150 kips > 60 kips
d
Ly 42 % 12/ cos 8
Zdo_ 22X /08T o5 < 200
r, 3.04 <

Test results show that each % inch diameter A325 bolt in an SBC can provide 7.5 kips
friction force (see Fig. 4.3). Thus an 8 bolt SBC connection is used here to give 60

kips axial friction force. Required minimum half slip length d can be calculated by

d > Amaz — ks = 1.3~ 60/746.3 = 1.22 in



112 Chapter 4. Design of Frames with SBC

Displacement ENERGY DIAGRAM
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Fig. 4.12: Displacement response, in Fig. 4.13: Absolute energy history, in kip-
inches, of the single story building with inches, of the single story building with
the SBC for the 1971 Pacoima earthquake. the SBC for the 1971 Pacoima earthquake.

Choosing a total slot length of 3 inches (d = 1.5 in) satisfies this requirement.

Analysis of the structure is performed using the DANS computer program [75].
The displacement time history is shown in Fig. 4.12. The peak horizontal displace-
ment ,,,, 18 1.28 inches. The maximum base shear is 106.6 kips. The absolute energy
diagram is shown in Fig. 4.13. Over 88% of the input energy is dissipated by the SBC
damper. The hysteresis diagram of the SBC is given in Fig. 4.14.

To verify the adequacy of the analytical model and the capacity of the SBC for the
selected earthquake, an SBC specimen with eight 2 inch A325 bolts was fabricated
[25]. The specimen was subjected to SBC slip displacement responses derived from
the aforementioned analysis. Figure 4.15 shows the experimental hysteresis diagram.
By comparing this figure with its analytical counterpart (Fig. 4.14), it is seen that
the target slip force of 60 kips is attained.

From Fig. 4.13, the energy dissipated by the SBC is about 700 kip-inches. This
amount of energy appears in the form of heat and causes the SBC temperature to
rise. This amount of energy can be converted to heat by Eq. 4.31

__ 700 x 1,000

9335 = 1o Bu (4.33)

5n
8

14" x 107 X %” steel plate. The mass can be calculated to be 60.2 [b,,. The mass of

The main portion of the SBC consists of two 12”7 x 8” x 2” steel plates and one
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ANALYTICAL HYSTERESIS DIAGRAM EXPERTMENTAL HYSTERESIS DIAGRAM
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Fig. 4.14: Analytical hysteretic loops of Fig. 4.15: Experimental hysteretic loops
the SBC for the 1971 Pacoima earthquake. of the SBC for the 1971 Pacoima earth-
quake. (Tested by C. E. Grigorian)

the brass shims is ignored here. The temperature rise is calculated by Eq. 4.32 to be

75

T=——
AT = w602

= 10.4°F (4.34)

The insignificant effect of temperature rise can be seen in this example. Notice that
the air cooling and metal conducting in the duration of the earthquake are ignored,
so the actual temperature rise should be even lower,

It is interesting to study the original CBF without the SBC damper for compari-
son. The displacement response and the energy diagram are shown in Fig. 4.16 and
4.17 respectively. Although the peak displacement is decreased to 0.55 inch, the base
shear is increased to 430 kips, of which 407 kips was taken by the brace. This means
that the axial force in the brace i1s 478 kips, which is much larger than the buckling
load of 159 kips. The CBF structure without the SBC would collapse. A stronger
brace is needed here to prevent buckling. Cost reduction by using the SBC is evident.

It is also interesting to compare the velocity and frequency of the structure before
and after the SBC is inserted. Figure 4.18 is the trajectory of the braced structure
without the SBC, where velocity is high but displacements are small. On the other
hand, with an SBC, the velocity is small but the displacements are large (Fig. 4.19).
The offset of the equilibrium point due to damper sliding can be seen in the figure.

Unlike an elastic structure, which vibrates nearly at a constant frequency, the SBC
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Fig. 4.16: Displacement response, in Fig, 4.17: Absolute energy history, in kip-
inches, of the single story building with- inches, of the single story building without
out the SBC for the 1971 Pacoima earth- the SBC for the 1971 Pacoima earthquake.

quake.

can dissipate the structural kinetic energy and cause the structure to slow down.
To study the frequency response of the original and the SBC equipped systems,
the displacement Fourier amplitude spectra for these two systems are constructed
(Figs. 4.20 and 4.21). The original building vibrates most of the time near its natural
frequency at 7.1 Hz, whereas the vibration frequencies of the building with the SBC
have frequencies spreading toward 0 Hz. The speed braking effect of the SBC is
evident here. The advantage of a structure equipped with SBCs is the prolongation

of its oscillation period. The base-isolated structure has the same merit (long period).

The dynamic response of this single story frame due to other earthquakes has
also been studied. Figures 4.22 and 4.23 are the displacement and the SBC slip
history, respectively, for the 1989 Loma Prieta earthquake. Figures 4.24 and 4.25
are the displacement and the SBC slip history, respectively, for the 1940 El Centro

earthquake times two. The responses for these two earthquakes are feasible.

Energy-Based Design Method

The energy-based design method used in this section requires only linear analysis and

is a simple energy balancing method.
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Fig. 4.18: Trajectory diagram, in inches
and inches/sec, of the single story build-
ing without the SBC for the 1971 Pacoima

earthquake.
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As before, the gravity supporting columns are designed first, with W12x190 se-
lected for both columns. The lateral stiffness of the columns is ks, = 43.3 kips/inch. By
assuming a 5% stiffness ratio, the brace stiffiness can be determined. W12x 72 section
is selected for the brace. The lateral stiffiness of the brace is kg = 746 kips/inch. The
analysis is then performed using a linear structural analysis program. The maximum

magnitude of displacement and velocity can be found to be

Umer = 0.5451In
Umae = 21.5in/sec
The peak strain energy SE can be calculated as
SE = é—(ks 4+ kg)u?, = 117 kip-inches
The maximum kinetic energy KE is
KE = —;-m'dfnw = 89.4 kip-inches

Since Umezr < Amar, the energy method can be applied. The size of the frictional

damper can be selected by applying the equation

1

-2~(SE + K E) = strain energy + dissipated energy
In this case,

1 1
0.5(117 + 894) = 'z'ks(13)2 -+ §kd(f/k‘d)2 + (1.3 - f/kd)f

The required friction force is calculated to be f = 52.8 kips, or 62 kips in the axial
direction, which is very close to the value obtained by the special response spectrum
method. If the viscous damping energy is put into consideration, the calculated
friction force would be much closer.
Force Reduction Design Method
By moving the friction force to the right-hand-side, Eq. (4.15) can be rewritten as

mi + ¢t + ksu = —miy — fa(u)

The presence of fs(u) makes analysis impossible if only a linear analysis tool is avail-

able. One good alternative approach is to analyze the structure without the brace and
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damper using a linear analysis software, and determine the maximum base shear Vp.
If the design is controlled by the allowable shear force V, of the columns, the excess
part of the base shear must be resisted by the frictional damper, and the required

friction force is

f=Ve-V,

Of course, if V, > Vg, then there would be no need a damper.

In the design of a structure with two W12x190 columns, the lateral stiffness of
the columns k, is known to be 43.3 kips/in. The linear dynamic analysis for the
1971 Pacoima earthquake shows that the maximum displacement w4, 1s 2.67 inches
and the maximum base shear Vp is 116 kips. Since the allowable displacement is 1.3
inches, the force required to reduce the maximum displacement to the allowable value

is selected as the horizontal component of the friction force
f = k,(2.67 — 1.3) = 59.3 kips

This value is acceptable but is much larger, or conservative, than the values found by
the previous two methods. The reason is that here the damping force due to the brace
is ignored. Also, the vertical supporting structure has a period of 0.59 second, causing
different response to the ground motion. However, this quick “back-of-the-envelope”

calculation method is suitable for preliminary design.

4.6.2 Multi-story Shear Building with SBCs

In this section, the energy-based method and the force reduction method are applied
for designing the SBCs in a 3-story concentrically braced frame. The configuration of
the building is shown in Fig. 4.8. This building is modeled as a lumped mass shear

building with the following mass and horizontal stiffness properties:

floor mass m; = me = mg = 100/g kips
column stiffness ks = ks = kg = 100 kips/inch
brace stiffness kst = kgo = kg3 = 1000 kips/inch

The building frame is designed to resist strong earthquakes similar to the 1971 Pa-
coima earthquake without any of the members yielding. It is also required that the

maximum lateral drift A,,.; at each floor be less than 1 inch to reduce columns and
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non-structural damage. Assuming the internal damping ratio is zero for all modes.
Three SBC frictional dampers with friction force fi, f2, and f3 are chosen for stories
1, 2, and 3, respectively. The mass matrix M and stiffness matrices K, and K, can

be shown to be

[my 0 0 0.259 0 0
M= |0 m 01=]0 0.259 0
0 0 ms 0 0 0.259
[k + kg —kg O 200 —100 0
K_s = — g9 ksg + ksg —ksg = ‘—100 200 —‘100
0 —ka  ka 0 —100 100
(kg 4+ ki —kg 0 2000 —1000 0
Kd = —k’dg kdz + kd3 —k‘dg = -1000 2000 -1000
0 —kp kg 0 —1000 1000

Energy-Based Design Method

The braced 3-story building without the frictional dampers is analyzed by a linear

structural analysis program. The maximum drift response is found to be

1.87
Omazr = { 1.44 } inches

.826

Because the largest drift is larger than the allowable drift A,,,., the energy-based de-
sign method cannot be applied. But this does not mean that the frictional dampers
are useless for this structure. It just means that no hysteresis energy can be absorbed
at the origin. If the damper slides A, In the negative direction first, then there
is enough positive slip length available, 2 ¥ A,,,,, and the energy method is applica-
ble. But this depends on the phase between the structural motion and the random
earthquake motion, and the method used does not solve the design problem.

If all the drifts are smaller than Ag,., then the energy method can be used.
Note that the ratios between friction forces are known from the first mode member
force distribution, and there is only one unknown scaling factor that needs to be

determined. This factor can be found by the same design rule as for the SDOF

system.
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Force Reduction Design Method

Although the energy-based method cannot be used to design this structure, the force
reduction method has no such limitation. The 3-story building without the braces
is analyzed using a linear structural analysis software. The maximum displacement

Tesponse is
3.32

WUingr = 6.19 inCheS
7.93

The maximum story drift vector is calculated to be

3.32
Omazr = & 3.05 ; inches
2.01

The maximum drift is calculated by é; = u; — u;_; for all steps of the displacement
response; it cannot be derived from u,,,, directly. Figure 4.26a shows the structure
at extreme drift position; the friction forces are applied at each story level as the
equivaleht external loads. The maximum story drift is at the first story. Since the
allowable drift A,z is 1 inch, the required total friction force F' to reduce the first

story drift from 3.32 inches to 1 inch can be calculated by static equilibrium
F =k;(3.32 = Aper) = 100 % (3.32 — 1) = 232 kips - (4.35)

where F' = f; + fo + f3. This force is distributed to each story.
The mode shapes and frequencies of this structure without the braces can be

obtained by solving the following eigenproblem
K.b: = w!M¢;, i =1,...,3 and w? <w? <w?
The free vibration frequencies and eigenvectors are

[ 0.445
w; = 8.75rad/sec, and ¢; = ¢ 0.802
1.000

1.000
we = 24.5rad/sec, and ¢, =<{ 0.445

-0.802
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(a) (b) (©)

Fig. 4.26: (a) The required friction force fi, f2, and f3 are applied as external loads to
reduce the largest drift to allowable value. (b) The equivalent static loads calculated

from the first mode shape. (¢) The shear force distribution calculated from (b).

0.802
wy = 35.4radfsec, and ¢3 =1 —1.000
0.445

These mode shapes are shown in Figs. 4.27, 4.28, and 4.29. It is assumed that all of
the frictional dampers are either all locked or all activated during the quake. Since
the first mode is dominant in seismic response, by ignoring the higher modes, the
total friction force F is distributed to each story proportional to the drift of the first
mode shape. To explain this, considering the structure is deformed in its first mode

shape ¢; (see Fig. 4.26b), the equivalent static load vector is calculated to be

8.81
fs = Ks¢1 = 15.9
19.8

and the corresponding shear force distribution can be calculated by static equilibrium

(Fig. 4.26¢). The required friction forces have to be assigned in proportion to this
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Fig. 4.27: The first mode shape of the 3-story shear building.
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Fig. 4.28: The second mode shape of the 3-story shear building.
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Fig. 4.29: The third mode shape of the 3-story shear building.

shear force distribution in order to be activated simultaneously, i.e.,

fi 44.5
fa g =n-4 357 (4.36)
fa 19.8

where 7 is a proportional constant and can be determined by the allowable drift.
Note that Eq. (4.36) is derived from the first mode shape and, of course, independent
of the ground motion. Solving Egs. (4.35) and (4.36), the frictional forces can be

determined

n = 2.32

fi = n-44.5-F =103 kips
f: = n-35.7-F =827 kips
fs = n-19.8-F =459 kips

The design is based on the results of a linear analysis. To verify the accuracy of the

design, this braced structure with the frictional dampers is analyzed by a nounlinear
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structural analysis program. The maximum story displacements are calculated to be

.889

Umgr = 1.64 inches
1.98

The maximum story drift vector is calculated to be

0.889
Omar = & 0.752 inches
0.365

All the drifts are smaller than A,,,,. Based on the drift responses, it is seen that the
force reduction design method is conservative. The displacement and SBC slip history
of this 3-story building for the 1971 Pacoima earthquake are shown in Fig. 4.30. The
dynamic responses of the same structure due to the 1989 Loma Prieta earthquake
and the 1940 El Centro earthquake times two are also calculated. The displacement
and SBC slip history for these two earthquakes are shown in Figs. 4.31 and 4.32,
respectively. It can be seen in these figures that the SBC connections are activated
almost simultaneously, such that the energy dissipating rate is maximum. Also, all
the responses are feasible, although the original design does not consider the effects of
the Loma Prieta and the El Centro earthquakes. By inspecting the displacement and

drift responses, the structure with the dampers is much better than the one without.

4.7 Conclusions and Remarks

As alternative to using patented expensive energy dissipators, the low-cost Slotted
Bolted Connection described in the text can be used to great advantage because it
requires smaller members and simpler connections. The design made at peak response
is sufficient. The long duration of an earthquake has few unfavorable effects; the
cumulative hysteresis energy and a large NYR do not damage the SBC frictional
damper. Temperature rise in an SBC is low.

In this study, shear buildings with bracing frictional dampers are considered.
Three design procedures described give very good results for the design of SDOF

systems with frictional dissipators. These design methods are then extended to the
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Fig. 4.30: The displacement and SBC slip history of the 3-story shear building for
the 1971 Pacoima earthquake.
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Fig. 4.31: The displacement and SBC slip history of the 3-story shear building for
the 1989 Loma Prieta earthquake.
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design of MDOF systems with p frictional dampers. Instead of considering all of the
27 possible sliding modes, maximum dissipative rate assumption is made to reduce
these modes to only two. To comply with this assumption, the friction forces are
chosen proportionally to the first mode member force distribution. The agreement
between the analytically determined seismic responses and those based on the pro-
posed assumption, is very good. The suggested design rule is simple and effective.
Such a design based on an approximate solution is shown to have excellent seismic
response in several major earthquakes.

From the dynamics point of view, the primary disadvantage of braced frames
with SBCs is their high stiffness. Such structures have a lower vibration period than
moment-resisting frames, and will have a higher acceleration amplification on a firm
soil site during an earthquake. This can be seen in the response spectra presented in
Chapter 1. To overcome such unfavorable characteristics, the axial friction mechanism
of the SBC can be converted to a rotational friction mechanism, such that it can be
used in moment-resisting frames. The rotational SBC will be presented in the next

chapter.



Chapter 5

Rotational Slotted Bolted
Connection (RSBC)

5.1 Introduction

The use of braces in a frame is an economical way to provide large lateral resistant
capacity in seismic design. The axial motion of a brace member enables the instal-
lation of a friction damper. The friction damper in the brace not only prevents the
buckling of the brace but also allows energy dissipation during an earthquake. But a
structure with large lateral stiffness is not without flaws, as it usually receives higher
magnification during an earthquake. Also, there can be aesthetic or functional rea-
sons for a moment resisting frame to be used instead of a braced frame. In such a
situation, no axial friction damper can be placed in the MRF. The MRF uses primar-
ity flexure members to Tesist external load, and it is reasonable to design a rotational
friction damper for use on a bending member. Figure 5.1 shows one possible rota-
tional friction damper which acts as a beam-to-column connection. This damper is
an adaptation of earlier works on Slotted Bolted Connections (SBCs) as described
in the previous chapter, thus it is named the Rotational Slotted Bolted Connection
(RSBC). This design places two equal-capacity SBCs on the top and the bottom of
a beam. The top and the bottom friction forces are activated by beam rotation and
develop moment resistance. A big bolt at the center of the shear plate is the pivot
point of Totation.

This chapter describes the design and the test of two RSBCs. A simple constitutive

129
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Fig. 5.1: RSBC for Moment Resisting Connections.

model i1s formulated first. This model resembles an elasto-plastic model. Based on
the model, two RSBC specimens were designed, fabricated, and tested. These two
RSBCs are bolted connections similar to the one in Fig. 5.1. Test results show that
the bending moment capacity is as predicted, the plastic rotation meets the ductility
demand, and the hysteresis loops have no degrading after several severe cycles. During
the test, RSBCs showed no upper bound on hysteresis energy, and more importantly,
both specimens had no damage after severe testing. Therefore, buildings using these

connections have no need for retrofit after a strong earthquake.

5.2 The Constitutive Model for RSBC

An RSBC consists of two SBCs as shown in Fig. 5.2. Unlike the SBC using a direct
axial force to activate the sliding, an RSBC uses bending moment induced tension
and compression in flanges to activate the sliding of two SBCs on the top and on
the bottom of a beam. Long slots in the tee stem allow the slip of the connection.
Pretensioned bolts in long slots provide the normal force to develop friction during
sliding. A large bolt at the center of the shear plate is the rotational center. The
constitutive model is very simple because there is no material yielding involved. The
Coulomb friction describes the behavior with reasonable accuracy. Thus, the load-

deflection relationship can be derived by basic mechanics calculations.
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Fig. 5.2: (a) An RSBC consists of two SBCs. (b) Two tees in an RSBC will be bent

when the connection rotates.

At the initial stage, the connection rotation angle & is zero. If there are n bolts
pre-tensioned to N kips each in the top SBC, the axial tension force required to

activate the top tee can be calculated by Coulomb friction formula

where the multiplier 2 is due to double shear, and g, is the static friction coeflicient
between steel and brass. From previous testing, the value of y, is 0.3 for clean mill
scale A36 steel against half hard cartridge brass (UNS-260). The kinetic coeflicient
of friction is about the same for a short distance of slip. The bolt tension N can
be achieved by the aid of a Direct Tension Indicator (DTI) during bolt tightening.
Table 5.1 gives the range of bolt tension indicated by a DTI washer for A325 and
A490 bolts per ASTM F959 [7].

Similarly, the same amount of force is required to activate the bottom tee,
ho = —2nNy, (5.2)

The minus sign indicates the force is compressive. For the dimensions shown in

Fig. 5.2a, taking the moment with respect to point O and equating to zero, the tip
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DTI size A325 bolt | A490 bolt
(bolt diameter, in.) |  (kips) (kips)

3 12—-14 | 15-18
2 19-23 | 24-29
4 28-34 | 35-42
I 39 —47 | 49-59
1 51—-61 | 64—77
12 56 —67 | 80— 96
1% 7185 | 102 —122
12 85 — 102 | 121 — 145
1% 103 — 124 | 148 — 178

Table 5.1: Bolt tension range using DTI gap of 0.015 in.

force P to activate both top and bottom tees to slide, denoted as P, can be calculated

by i
= ﬁ(hl — k) (5.3)

where H is the distance between two tee stems.

P

If the connection develops a small rotation angle 8, the tees will be bent. In that
condition, the bending moment of tee needs to be considered in the calculation. For
small 8, the beam-tee contact point A remains undeformed, and the contact forces
fi and f3 in Fig. 5.2b can be ignored. Since the portion between point A and B is
deformed together with the beam, the slope is 8. The internal bending moment of
the top tee at point A can be calculated by

M, =EI A (5.4)
a1
where E is Young’s modulus, and [ is the moment of inertia of the tee stem. For the
bottom tee, the internal bending moment at point A is

8
M, = EI— (5.5)

az

Dimensions a; and a; can be obtained approximately by

ag = c¢c—1l—-k+ HE/2 (5.6)
az = c¢c—I{—k—H§/2 (5.7)
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Fig. 5.3: Load-deflection curve for an RSBC.

where ¢ is the length of the tee, | is the original length of the sliding portion, k is the
tee flange thickness plus the fillet as given in the AISC manual. For force equilibrium,

the bending moment reactions for both tees are
my, = M; and mqy = M, (5.8)

By taking m,; and m, into account, the tip force, P, required to activate the sliding

at angle @ is

H 1
P:z = Q—Z(hl -— hg) + 'E(ml + mg) (5.9)
The plot of tip load P vs. tip displacement is shown in Fig. 5.3. In the figure, K is
the elastic stiffness of the beam.

If the connection rotates a large angle 6, in addition to the normal tension force
exerted by the bolts, the bending of the tees and beam, together with the contact
forces f; and f2, contribute additional normal force to the sliding surfaces, which
can dramatically increase the resistance force at the connection. Fortunately, it will
be shown in a later section that Eq. 5.9 is reasonably accurate for a rotation angle
between +3% rad, which fulfills the ductility demand for most of the seismic MRFs.
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5.3 Specimen Design and Testing

To verify the usefulness of this innovative rotational friction connection, two large-
scale specimens resembling the size of the SAC PN specimens were designed and
fabricated. The design drawings of these two specimens, designated as Specimen 7A

& 7B, are shown in Figs. 5.4-5.9.

Each specimen consists of a 134.5 inches cantilever beam! connected to the middle
of a column. Specimen 7TA was constructed from a W36x135 A36 beam that was
bolted to a W14x233 A572 Grade 50 column. Because material yielding was not
expected to occur in these two specimens, both specimens shared the same column.
Specimen 7B consisted of a smaller A36 beam of size W24 x104 bolted to the other
side of the same W14 x233 column. In the fabrication stage, the WT22x 145 section
for the tees was unavailable, thus the W36 x260 section with one flange cut-off was
used in tees for both Specimens 7A and 7B.

The specimen members were designed elastically based on the ASTM specified
minimum material strength because the real material strengths during design were
unknown. Since Specimen 7TA was tested first, to avoid any possible failure in the
column which was shared with Specimen 7B, Specimen 7A was designed conserva-
tively to attain 75% fixity of the beam based on the 36 ksi strength. Specimen 7B
was tested next, therefore, it was designed to reach its full fixity. Two large structural
tees with long slotted holes in the stem were bolted to the column. Both sides of the
stem of tees are sliding surfaces which must be kept clean and free of oil. For ease
of assembly, the bolt holes in the column flange are oversized. Thin brass shims (1/8
in.) were placed on either sides of the tee stem. Two steel cover plates were placed
on the outside of the outer brass shims and anchored by an X-type connection in the
beam flanges to develop double shear. The X-type connections were designed conser-
vatively with extra fillet welds. To allow the rotation, except for the center bolt hole,
the beam web bolt holes for fastening the shear plate were slotted horizontally. The
center shear plate bolt is the rotation pivot using a big bolt to resist the unbalanced
friction forces in the two tees. To develop axial friction force in tees, ten pretensioned
1 in. bolts were used to provide the normal force in each tee. The distance between

these bolts is three times the bolt diameter to avoid the interference between bolts.

!The length includes the length of the clevis.
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Fig. 5.4: Detail of a rotational friction damper: Specimen 7A (Sheet 1/3).
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Fig. 5.5: Detalil of a rotational friction damper: Specimen 7A (Sheet 2/3).




137

Specimen Design and Testing

) 133HS AZ1aXH3E VD 40 "AINN NOdOd 'd '3 QaAOuddY
S6/TU/ED alva *ANOD - Z# NIWID3dS ‘NOILOINNOD ONVA 'S-'L NoIS3a
Wv3ag 40 3ONV1d
(ONI ¥ANNNL W2 I ‘810 # 101 'STC IdAL 1)
39VO ¥31334 .510'0 3sn
av3H ¥3ANN (LA ¥OLYDIGNI NOISNAL 103410 SPIXZZ LM 40 83M
W oI
10TS-"ONOT.EX.OH - V_l_\ >
Jl\
HLOOWS aNIMO HANNOD
SSVHE 39AILNYD
QuVH-41VH 082-SNN |
OIOIHL .8/1) SINIHS SSvug
HLOOWS GNIYD HAN¥O0D
LHOIL OL LNN 3HL N¥NL \
NALHOI NN N NIHSYA
1NN sZEY ;
Q3aNIAUVH 'a1S
1108 SZeVY @1

Fig. 5.6: Detail of a rotational friction damper: Specimen 7A (Sheet 3/3).
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The smoothness of beam-tee contact point A, as shown in Fig. 5.2, is essential for
the tee to slide in and out. Thus, the sharp beam and cover plate corners at point A
were ground smooth.

During the assembly, it was found that some of the bolts could not move freely in
the long slots. Those long slots were then machined to allow the bolts to move freely
inside the slot. Because the length of the long slots in the tee stem is three inches,
this allows the one inch diameter bolt at the center to move one inch inside the slot
in either direction. If the tee slides so that the bolt reaches the end of a slot, this
corresponds to 5.6% of plastic rotation for Specimen 7A and 8.3% of plastic rotation

for Specimen 7B. The calculation is obvious: the plastic rotation 8 for Specimen 7A

can be calculated by
d 1

§— =
]2 " 35.55/2

= 0.056 (5.10)

where d is the slip distance, and d® is the depth of the beam. Similarly, the plastic
rotation for Specimen 7B can be calculated. Notice that the term “plastic” rotation
is due to slip, no actual inelastic deformation is involved.

When the specimens arrived, their material strengths were known to be much
higher than the design values {Table 5.2). Fortunately, the connection strength is
controlled by the bolts in the long slots and is not affected by the material strength.
This is one of the advantages of these connections over the conventional ones.

To ensure correct and uniform tension of the high strength A325 bolts passing
through the long slot holes in the tee stem, direct tension indicators (DTIs) were
used under the bolt heads. All bolts were of one inch diameter except for the pivot
bolt. In order to assure that bolts have been pretensioned to the values required,
the bolts with DTI washers in long slots were tightened using Method 1 [69], that
is, the bolt was tightened by turning the nut with a DTI under the head. The force
indicating values of the DTIs used in these two specimens are shown in Table 5.3. The
bolts in Specimen 7TA were pretensioned to 0.015 in. DTI gap, which corresponded to
57.1 kips force in each bolt. Because the real material strength for Specimen 7B was
much higher than the design value (59 ksi vs. 36 ksi), to effectively use the material,
the 0.005 in. DT gap was applied in tightening the Specimen 7B bolts.

The reason that these two specimens use so many 1 in. bolts instead of using

smaller numbers of bigger bolt is due to the tightening tool problem. The impact
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Material Properties
(from Mill Certificates)

Specimen | Material | Yield Strength F, | Ultimate Strength F,
Number | Size & Spec (Elongation) (Elongation)
7A Beam | W36x135 53.0 ksi 67.0 kst

A36 (0.20%) (26%)
7B Beam | W24x104 59.0 ksi 74.0 ksi

A36 (0.20%) (28%)
Column W14x233 53.0 ksi 73.0 ksi

A572-Gr50 (0.20%) (23%)

Table 5.2: Material properties of Specimen 7A and 7B. Both specimens share the

same column.

Specimen DTI size & Bolt tension | Bolt tension

Number lot number | 0.015 in. gap | 0.005 in. gap

TA 1in. A325 C18 57.1 kips 67.0 kips
7B 1in. A325 C32 | 56.1 kips 66.0 kips

Table 5.3: Force indicating value of DTIs used in Specimen 7A and 7B.
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Fig. 5.10: Photograph showing Specimen 7A in testing.

wrench in the university machine shop can only fully tighten bolts up to 5/8 in. in

diameter. Larger bolts have to be tightened by a 12 ft wrench manually. During

assembly, two husky staff members using the 12 ft wrench could not tighten the 1
in. bolt to the desired tension. Because buying a new tool was too expensive for this
limited project budget, a 4X multiplier, together with a big wrench, was used to finish
the job. In practical applications, such a problem would not arise and larger bolts

could be used to reduce their number?.

Figure 5.10 shows Specimen 7A during testing. Bolt holes and the shear plate on
the column flange facing the viewer are for the attachment of Specimen 7B beam.
One of the sliding tee assemblies is shown in Fig. 5.11. The test results for Specimen

7A and 7B are presented in the next section.
After the test of Specimen TA, the connection was dissembled. One of the tees
shown in Fig. 5.12 reveals no damage. Both surfaces of the tee have brass smears.

Due to the stick-slip behavior of the two tees, pivot bolts have to be provided to
resist the unbalance force. Since the bolt hole is larger than the pivot bolt, the beam

2Suitable tools for tightening A325 11 in. bolt are available, for example, from Chicago Pneumatic

614, Ingersoll Rand 5980, and Norbar PT7.
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Fig. 5.11: Photograph showing one of the tees for Specimen 7A after
the test.

was pulled away from the column about one half inch (see Fig. 5.13). The beam
web around the pivot bolt sustained several load reversals, and the bolt hole became
enlarged (see Fig. 5.14). Figure 5.15 shows the brass shims and bolts removed from
Specimen TA. The sliding motion scores a series of grooves or scratches on the brass
shims. The bolts were not damaged except for the 1% in. pivot bolt, which was bent
by shear. The pivot bolt is shown near the center of Fig. 5.15.

Although the test of Specimen 7A was a great success, there are few minor things

that need to be improved:

1. The pivot bolt has to resist beam shear and also the unbalanced friction force

of two tees. It is very important to design it conservatively.

2. The pivot bolt hole in the beam web needs to be reinforced in order to bear the

pivot bolt.

3. Because the RSBC is relatively more complex than the conventional connection,

some special instructions are needed for the shop.
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)

N R

Fig. 5.14: Beam web under the shear plate of Specimen 7A shows no
damage after the test. The center pivot bolt hole was enlarged by load

reversals.
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Fig. 5.15: Photograph showing the brass shims and bolts taken out

from Specimen 7A after the test.

With the lesson learned from Specimen 7TA, Specimen 7B was modified by using a
larger pivot bolt, an 1.5 in. diameter A325, and the beam web around the pivot hole
was reinforced with a plate (Fig. 5.16). The test of Specimen 7B was very successful.
With a large 1.5 in. diameter pivot bolt, the beam was pulled away from the column
only 0.2 inch (Fig. 5.17). Close examination of the connection after the test showed no
damage after several severe loading cycles (Fig. 5.18). Because the hysteresis energy
was dissipated in the form of heat, a mild temperature rise could be sensed on the

connection surfaces during the test.

5.4 Structural Test Results

The imposed tip displacements for Specimen TA & 7B are shown in Fig. 5.19. In order
to demonstrate the capacity of the RSBC, the number of applied cycles for Specimen
7TA was about double that specified in the SAC protocol. Because no damage was
found after the test of Specimen TA and there is also no apparent upper limit of cycles

which RSBC can take, to save testing time, the displacements of the SAC protocol
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Fig. 5.16: Photograph showing the pivot bolt of Specimen 7B. The

boft hole in beam web is reinforced.

Fig. 5.17: Photograph showing the shear plate and the pivot bolt of

Specimen 7B after test.
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Fig. 5.18: Photograph showing Specimen 7B after test, the connection

is in good condition without damage.

were used in the test of Specimen 7B. The experiments were terminated when the

beam tip displacement reached the limiting excursion of the hydraulic actuator.

The exceptionally stable hysteresis loops that were generated by these two speci-
mens during experimentation are shown in Fig. 5.20. The hysteresis loops, generated
by steel-on-brass friction, appear to have no degradation after several cycles. Many
of the loops overlap each other, which clearly shows the durability and stability of the
mechanism. The weird looking shapes at the lower-right and the upper-left corners of
the hysteresis loops are due to the small slippage of the brass shims on load reversal
because the bolt holes in the brass shim were 1/16 in. larger than the bolt diameter.
The analytical hysteresis loops for Specimens 7A and 7B can be constructed using
Egs. 5.1 to 5.9 with reasonable accuracy. For Specimen 7A, n = 10, N = 57.1 kips,
H=136.64in., L =1345in.,c=22 in., ! = 18 in., k = 2.56 in., and p, = 0.3. The

axial tension forces h; and ks in both tees can be calculated as

hy = —hy = 2n Ny, = 343 kips
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Fig. 5.19: Imposed displacements for Specimen (a) 7A and (b) 7B.

At 8 = 0.032 rad, the bending moment reactions m; and m; for two tees are

9 6
mo= Bl = b
16 - 0.84° 0.032
= 29,000 — 362 kip-i
’ 12 2218256 1 36.64 . 0.032/2 _ 02 kip-in
9 9
= EI- =EI
Mz a2 c—{—k~ H8/2
0.843 .
= 29,00020- 08 0.032 — 862 kip-in

12 22— 18 —2.56 — 36.64 - 0.032/2
The required tip loads P, and P, to activate the sliding of tees at # = 0 and at

0 = 0.032 are
H

Pl = Q—L"(hl — hg) =93.3 kipS
P = L ho) + —(my +mg) = 102 ki
YA T T my +mg) = 1ps

Similarly, the tip loads for Specimen 7B can be calculated. For Specimen 7B, n = 10,
N =66 kips, H = 2515 in., L = 134.5in., ¢ = 22 in., | = 18 in., k = 2.56 in., and

#s = 0.3. The axial tension forces h; and k; in both tees are
hy = —hy = 2nNp, = 396 kips

At 6 = 0.032, the bending moment reactions m; and my for two tees are

16 - 0.84° 0.032
12 22 -18—-2.56 + 25.15- 0.032/2

my = 29,000 = 399 kip-in
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16 - 0.843 0.032
= 92 = ip-i
™ 9 000 B T T8 =256 — 25,15 0.032/2 (00 Kip-in

Thus, the required tip loads to activate the sliding of tees are

H

Pi = or(hy = ha) = 74.0 kips
P, = ilr—(h h)+l( + my) = 82.3 ki
2 = oL 1 2 Lml N2} = 02.0 KIpS

The analytical hysteresis loops for Specimens 7A and 7B for § between £0.032 rad are
shown in Fig. 5.21. By comparing Figs. 5.20 and 5.21, excellent agreements between
experimental and analytical results can be seen. Notice that, for small values of m;
and m,, the hysteresis loops are very close to the elastic-perfectly plastic model.

A small gap between the pivot bolt and bolt hole edge induced the small hysteresis
loops which appeared at the center of the hysteresis loop array for Specimen 7A. For
Specimen 7B, a larger pivot bolt with a reinforced bearing hole effectively reduced
the size of these small hysteresis loops at the center. These phenomena can be clearly
seen by looking at the slip diagrams for the two specimens shown in Fig. 5.22, where
the top and bottom SBC slip displacements for Specimen 7A & 7B are recorded. It
can be seen that the beam for Specimen 7A has been pulled out about 0.5 in., whereas
the beam of Specimen 7B has been dragged out only 0.2 in.

The moment-“plastic” rotation diagrams for Specimen 7A & 7B are shown in
Fig. 5.23. Both specimens easily exceeded the 3% rotation. Unfortunately, the de-
sirable totation of 5.6% and 8.3% for Specimen 7A & 7B, respectively, could not
be achieved due to the limitation of the test equipment. It is believed that at such
a large rotation angle, the simplified constitutive model given in Section 5.2 is no
longer valid. Further investigations must be carried out to solve the complicated con-
tact problem. Fortunately, it is rare for an MRF member to require more than 3%
rad plastic rotation during severe use.

By integrating the hysteresis loops in Fig. 5.20 step-by-step, the total energy dia-
grams can be constructed. The energy dissipation efficiency can be seen in Fig. 5.24.
The accumulation of energy with each applied cycle virtually is without an upper
limit for seismic structural applications. The downward trend in the wavy curve is
due to the recovery of the elastic strain energy on load reversal. The irreversible
energy is dissipated energy in the form of heat. It is interesting fo compare these

energy diagrams with those of the conventional welded MRF' connections shown in
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Fig. 5.20: Hysteresis loops for Specimen (a) 7A and (b) 7B.
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Fig. 5.21: Analytical hysteresis loops for Specimen (a) 7A and (b) 7B.
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Fig. 5.23: “Plastic” rotations for Specimen (a) 7A and (b) 7B.



154 Chapter 5. Rotational Slotted Bolted Connection

NSF #7A TOTAL ENERGY (05/12/95) NSF #7B TOTAL ENERGY {05/31/95)
T T T T T ] v T 4 T T T T T
1200+ 800} ]
1000k = b
g [ 3
! L [ r
k soof E 400l -
> o > 3 1
(%) | [&]
& so0f- & ]
& | g ]
I -
g 4001 % 200} .
(= e !
200{- !
0-. PN TS T TR S TR T I' O...I P S UET I W S T N T T S S
500 1000 1500 200 400 600D 800 1000 1200
TIME STEPS TIME STEPS

(a) (b)

Fig. 5.24: Total strain energy diagram for Specimen (a) 7A and (b) 7B.

Chapter 2 and 3. The amount of dissipated energy of the RSBC is much larger and
more stable, but more importantly, the RSBC will not fail.

The RSBC needs many bolts in the beam flange at the most critical section. In
order to determine the stress concentration around the bolt holes and the shear taken
by the bolts, five strain gauges were placed near the bolt holes on one side of the top
cover plate. Figure 5.25 shows the readings of these gauges for Specimen 7A & 7B.
These gauges measured the strain in the beam axial direction and were numbered in
the direction away from the column, so gauge 1 was the nearest one to the column.
It is seen that the stresses were not evenly distributed along the row of bolts. The
first and the last bolts took more force than the middle bolts. Because the measured

strains were all small, the stress concentrations were not a critical problem.

During the test of Specimen 7A, the white wash kept on peeling off at the root
of the two tees. At that time, it was difficult to determine whether the situation was
due to large strain or surface rubbing. If it were due to large strain, then it is possible
for low cycle fatigue to develop. To solve the puzzle, strain gauges were placed at
the tee root surfaces of Specimen 7B (Fig. 5.26). The measurements of these strain
gauges are shown in Fig. 5.27. The strain in the beam axial direction is small; the
maximum is only 1.1%. Thus, low cycle fatigue failure at the tee root is unlikely to

happen.
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Fig. 5.25: Strain near bolt holes for Specimen (a) 7A and (b) 7B.

Fig. 5.26: Strain gauge was placed on the tee root surface for Specimen
7B.
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Fig. 5.27: Tee root strains vs. tip load for Specimen 7B.

5.5 Alternative RSBCs

Two RSBCs presented in this chapter are bolted beam-to-column connections. Such
connections are very reliable but more expensive than the welded connections. With
some modifications, the bolted RSBCs can be easily changed into a welded design.
Figure 5.28 shows an alternative RSBC with two tees changed to steel plates, which
are groove welded to the column directly. The bolted X-type connection is also
changed; the cover plates are fillet welded on the beam flange. The high strength bolts
for clamping the sliding surfaces together provide the needed normal force to develop
friction, thus they cannot be changed to other forms of assembly. This alternative
"RSBC is much more easy to construct than the original design. The major parts of
the connection can be assembled in the shop; only two groove welds and the shear
plate bolting need to be done in the field. An RSBC for the minor axis of the column
can use the extension of the continuity plate as the sliding plate.

The RSBC can be easily adapted for use in concrete-steel composite constructions.
Figure 5.29 shows an RSBC connected to a reinforced concrete column. The flanges

of the tees are buried in the concrete. The shear plate using a tee section also has
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Fig. 5.28: An alternative RSBC for Moment Resisting Connec-

tions.

its flange buried in the concrete. To ensure better tension resistance, these tees are
surrounded by reinforcing bars. If necessary, these tees can be drilled or have some
holes punched for the steel bars to go through. The cover plates can be anchored on
the beam flange by either fillet welds or bolting. If a concrete slab is placed on top
of the beam, a metal or plastic mold or rubber sheet can cover the RSBC such that
the concrete will not block the sliding space. Similar connections for concrete beams

and column members are also possible.

5.6 Seismic Structural Design with RSBC

Plastic hinges in structural collapse or shakedown analysis have been used in design
for several years {14, 31, 47]. These methods assume the structural materials are
ductile and their strength known. But the SAC structural tests show the cumulative
ductility of steel is very limited. Also, the behavior of materials beyond the elastic
limit is highly variable, and there is no theory which has attempted to deal accurately
with this phenomenon. Additionally, today’s structural steel has high variation in
strength, such that the plastic design theory is inaccurate for metal yielding type
connections, especially for severe cyclic yielding conditions. Whereas the analytical

model of an RSBC can be described as a plastic hinge without any material yielding.
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Fig. 5.29: An alternative RSBC for composite construction.

Its strength can be set accurately by an adequate number of bolts, and its ductility
can be assigned by using suitable length of slots. The hysteresis loops of RSBC
approximate the elastic-perfectly plastic model with reasonable accuracy. It is not
only an ideal connection to which the plastic hinge theory can apply, but it is also
an outstanding energy dissipator. In other words, the behavior of an RSBC can
be accurately analyzed using conventional nonlinear structural analysis programs.
Existing seismic codes can be used in designing the RSBCs; the process is similar to

the design of conventional steel connections.

5.7 Conclusions and Remarks

On the basis of these limited analytical and experimental studies on non-destructive

RSBC connections, the following conclusions can be drawn:

1. The simple Slotted Bolted Connections for braced frames were adapted for use
in stee] moment-resisting connections. The details for this rotational friction
damper are largely conventional, except for the use of long slotted holes in
the tees. This design is placed into the public domain. Its low cost and easy

fabrication make it very practical for seismic applications.
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2. DTI washers were found to be sufficiently accurate indicators for assuring proper
tightening of RSBC bolts.

3. By adjusting the long slot length and bolt numbers, the rotation and strength
of RSBCs can be accurately determined. The constitutive law is similar to the
simple elasto-plastic model. Any nonlinear structural analysis software with an
elasto-plastic beam element can be used to simulate the behavior of a structure

with RSBCs accurately and easily.

4. The RSBC is an ideal plastic hinge. Plastic design theory can be simply applied
to the design of an RSBC without concern of an abrupt fracture or cumulative

damage at the connection.

5. The RSBC can be designed to attain the full fixity of the beam, but it is best de-
signed by the allowable stress method to avoid any unreliable material yielding.
Only the ASTM specified minimum yield strength is needed in the allowable
stress design. The high variation of today’s steel strength will not affect the
intended performance of the connection because the slip force is controlled by
the number of bolts, not by the beam strength. Unlike welded connections,
which depend largely on strength and are prone to failure if the actual material

strength deviates too much from the design value.

6. The energy dissipation capacity of RSBCs is outstanding. It is better than that
of any known moment-resisting connections. The RSBC shows no degradation
in hysteresis loops or damage in material after a severe test, it is durable enough

to withstand several strong earthquake events without retrofit.

7. The most critical point of an RSBC is at the center of the tee flange and stem
juncture due to the bending of the tee stem. In large rotation conditions, the
strain can reaches 1.1%. However, this moderate strain is not enough to cause

fatigue fracture.

8. With some small modifications to the original design, the RSBC can be adapted
to be used in welded connections, in concrete-steel composite construction, as

well as in joining reinforced or precast concrete members.
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Chapter 5. Rotational Slotted Bolted Connection

The following important issues were not considered in this limited study, and

require further research:

1.

The simple constitutive model for the RSBC shows reasonable accuracy for
rotation angles less than 3% rad. Although it is rare for an MRF connection
to deform more than 3% rad of rotation, it is educational to study the load-
deflection relationship of the RSBC with large rotations. Suitable details of
secondary structures or non-structures undergoing large rotations also require

further study.

Structural tests of alternative RSBCs as proposed in Section 5.5 are essential

to prove their reliability.

The choice of brass as a suitable friction surface is not necessarily the only
material providing stable hysteresis behavior, thus it is logical to try some al-
ternative shims for a larger coefficient of friction, such that the number of bolts

can be reduced.

. To reduce the corrosion and galvanic effects, it is crucial to test some RSBCs

with painted faying surfaces. It is believed that the thin film of paint will rub
off in the first few cycles and that the hysteresis loops will be comparable to

the ones without paint.

The global behavior of an MRF equipped with RSBCs needs to be investigated

using shake table tests.



Epilogue

Structural engineers have long been struggling without success for new seismic designs
with larger ductility. The reason is simple: structures designed using material which
yields to resist the earthquake are conceptually wrong because the available mate-
rial ductility is very limited. After the cumulative ductility of a structural member
exhausts the supply of ductility, the member will fracture. Unfortunately, building
codes throughout the world underestimate the strength of earthquakes and still allow
the use of material yielding in seismic design.

Between 1970 and 1993, the insurance industry in California collected $3.4 billion
in earthquake premiums, while claims totaled less than $1 billion. Last year (1994),
they took in $500 million in earthquake premiums and paid out $11.4 billion for
property damage caused by the moderate Northridge earthquake alone®, not to men-
tion the fatalities. It is guaranteed that a stronger, completely different, unexpected
earthquake will strike our metropolitan area. San Francisco 1906, Mexico city 1985,
Loma Prieta 1989, Northridge 1994, Kobe 1995 are a few examples from the past.
Structural failure disasters will replay again and again unless we start to change our
structural systems to non-destructive types without material yielding.

Currently, the best known non-destructive structures are base isolation systems.
But due to their high cost and their unsuitability for slender buildings, their use is not
prevalent. On the other hand, more and more non-destructive energy dissipators are
being invented or developed. SBCs and RSBCs belong to this category. Such energy
dissipators convert the kinetic energy into heat and prevent the surge of seismic energy
from being stored in structural members where they cause damage. The use of energy

dissipators greatly reduces the risk of earthquakes. As long as their costs are low, as is

3Base on the authors’ observation, the structural retrofit itself is not expensive, it is the interior

re-decoration that costs a fortune.
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the case with SBCs and RSBCs, their use for practical applications is very promising
indeed.
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Appendix A

Nonlinear Dynamic Response

Analysis

The nonlinear dynamic equilibrium equation can be expressed in terms of nodal dis-

placement vector u as
Mi + Cu + F(u) = P(2) (A.1)

where matrix M is the structural mass matrix, C is the damping matrix, and P(¢) are
the applied forces. Dots denote differentiation in time. The term F(u) is the internal

forces opposing the displacement of the structure. For linear elastic structures
F(u) = Ku (A.2)

where K is the stiffness matrix of the structure. For non-linear cases, F must be

calculated from the stress distribution:
F(u) = L B odV (A.3)

where ¢ are the non-linear stresses and B is the matrix expressing the strains in terms
of nodal displacements.

Equation (A.1) can be solved by step-by-step integration methods. The Newmark
integration method [49] is used here. The non-linear restoring forces F must be
calculated at each stage of the computation. In order for the displacement and stresses
to satisfy the non-linear conditions of the problem, it is necessary to perform an

equilibrium iteration sequence in each time step.
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The Newmark method is an implicit method. If the solution is known for time ¢,

the non-linear equilibrium equations are considered at time step ¢ + At
Miugar + Cugrar + Fryar = Pegas (A.4)
The velocity and displacement vectors are assumed to be interpolated by

Uepar = Ue+ (1 — )0 + ylspae Al (A.5)
Upa: = W+ WAL+ [(% - B)a, + ﬁﬁt+At]At2 (A.6)
where 3 and « are parameters that can be determined to obtain integration accuracy
and stability. When 3 = 1/4 and v = 1/2 , it is commonly called the Newmark Beta
method or average acceleration method. If 8 = 1/6 and v = 1/2, it reduces to the
linear acceleration method. By solving Egs. (A.4), (A.5) and {A.6), the acceleration,

velocity, and displacement vectors at time ¢ + At can be obtained.

The equilibrium nodal forces, Fy,a:, at time ¢ + At can be estimated as
Ft+At = Ft + Kg(su (A.?)

where K, is the tangential stiffness matrix evaluated from conditions at time ¢. It is

assumed that the displacement increment du is linear between times ¢ and ¢ + At,
du = Uar —uy (A.8)
Substituting Eq. (A.7) in Eq. (A.4) gives
Miga + Cuggar + Kdu=Pyyar — Fy (A.9)

The solution of (A.9) gives approximate displacement increment du. It is necessary
to employ iterations within each time step in order to maintain the equilibrium. With
the superscripts ¢ — 1 and : being the values at two successive equilibrium iterations,

Eqg. (A.9) can be rewritten as
Miiy, 5 + Cljpa, + AU = Pryar —Filh,, i=1,2,3,.. (A.10)
Au' = §uj,, — Suigh, (A.11)
The first iteration (i = 1) in Eq. (A.10) corresponds to the solution of Eq. (A.9), where

1 0 . .1 o . 1 - 0 _
Au' = du, U A = Up, Uppay = Urgar, Uypn, = Urgpar, and FiL ., = Fy. If a pseudo-

force formulation is followed, the stiffness matrix K; is kept at a constant value, with
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dynamic equilibrium being maintained by successive iteration with a varying pseudo-
force (right-hand-side in Eq. (A.11)). If the tangent stiffness method is used, the

stiffness matrix K; is allowed to vary in the computation, with the term F;:Zt being

replaced by an equilibrium correction term.

Details of the non-linear solution procedure for the Newmark method are summa-
rized by the following steps [10, 11, 12, 13, 23, 32]: | ‘

1.

2.

Initialize ug, g, and g at time £ = .
Choose 3, v, and time increment At and calculate the following constants:

I — .1 .
bo = BAR = BAt b4_,(3 1

bl:BjA_t b3=—1'—1 bszAt(E’yE—-].)

Form the structural mass matrix M and viscous damping matrix C.

Calculate the tangential stiffness matrix K; at time ¢ and form the eflective

stiffness matrix K,

K. = bM + 5,C + K, (A.12)
Form the effective load vector IE'HM

131+At = Pypar + M{bott; + b3iiy) + C(byuty + bsiay) — F (A.13)

Solve for displacement increments éu

du= K:1P1+At (A14)
Leti =10
1e1+1
Evaluate accelerations, velocities, and displacements as

Ui,ae = bobu — bouty — by (A.15)
Wne = bidu — byl — bsil, (A.16)
Ui, = U +du (A.17)
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Fig. A.1: Newton iterations in a time-step.
(A.18)

10. Evaluate the residual forces £}, 4,
Fipar = Porar — [Mit; o, + Cllyy o + Flug, a0)]

(A.20)

— Yo-lad
K, T

11. Solve for displacement corrections and update displacement increments (see
(A.19)

Figure A.1)
Au’
Su « éu-+ Ad’

ﬂ%’%—, >threshold, go to step 8.

12. Check convergence. If
13. Compute next time step ¢ + t + At, go to step 4.



Appendix B

Seismic Response Spectra

This Appendix shows the seismic response spectra for the following earthquake records:
(a) 1940 El Centro, (b) 1971 Pacoima, (c} 1952 Taft, (d) 1985 Chile, (e) 1986 San
Salvador, (f) 1971 Derived Pacoima, (g) 1985 Mexico City, (h) 1992 Landers, (i) 1978
Miyagi-Ken-Oki, (j) 1989 Loma Prieta, (k) 1940 El Centro x 1.5, and (1) 1952 Taft

% 4. These spectra are displayed in the following sections:
e B.1 - Displacement Response Spectra
e B.2 - Displacement Ductility Response Sﬁpectra
¢ B.3 - Number of Yield Reversals Spectra

¢ B.4 - Absolute Seismic Input Energy Spectra

B.5 - Hysteresis Energy Spectra
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Displacement Spectra Diagrams
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Displacement Spectra Diagrams
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B.3 Number of Yield Reversals Diagrams
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B.4 Seismic Input Energy Mesh Diagrams
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B.5 Hysteresis Energy Mesh Diagrams
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