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Preface

THE SECOND U.S.-JAPAN WORKSHOP ON
SEISMIC RETROFIT OF BRIDGES

BACKGROUND

Considerable research is underway throughout the world to identify effective, practical and
reliable methods for evaluating the seismic safety of existing bridges and for reducing their
vulnerability through retrofit. The U.S. and Japan are at the forefront of these activities, as well
as of their practical implementation. Because of the importance of this issue, it is especially
desirable for researchers and practitioners from the U.S. and Japan to meet to exchange technical
data as well as to identify issues of mutual concern and opportunities for cooperative study.

The first cooperative U.S.-Japan Workshop on Seismic Retrofit of Bridges was held in
Tsukuba Science City, Japan, on December 17 and 18, 1990. The meeting was attended by 40
Japanese and six U.S. participants. The workshop provided a forum for discussions and
technology-sharing on a wide range of topics, including: the history of seismic damage in both
countries and the development of seismic design codes, damage to San Francisco area bridges
during the Loma Prieta earthquake, assessment and prioritization of techniques for seismically
vulnerable bridges, application of inspection and strengthening methods to mitigate hazards in
reinforced concrete bridges, and research on seismic retrofitting and strengthening of reinforced
concrete and steel bridges. In conjunction with the workshop, a study tour of bridge retrofit
projects in Japan was undertaken by the U.S. participants.

The first seismic retrofit workshop was held under the auspices of Task Committee J,
"Wind and Earthquake Engineering for Transportation Systems," of the UINR Panel on Wind and
Seismic Effects. Funding for the U.S. participants was provided by the National Institute for
Standards and Technology.

At the conclusion of the workshop, the participants unanimously resolved that a similar
workshop should be held after a one or two year period in order to share new research data as
well as experiences with field retrofits.

The second U.S.-Japan Workshop on Seismic Retrofit of Bridges was held on January 20
and 21, 1994, at the Berkeley Marina Marriott Hotel. It focussed on recent research and
application of retrofit technology, rather than state-of-the-art reviews, in response to the rapid
development of technology and the tremendous amount of research underway in both countries.
Topics covered during the workshop include: (1) assessment and prioritization techniques, (2)
design methods for seismic retrofit of bridges, (3) issues related to foundation evaluation and
retrofit, (4) case studies of bridge assessment and retrofit, and (5) recent research. Both steel and
reinforced concrete bridges were covered, and issues related to the broad spectrum of bridges
found throughout the U.S. and Japan were addressed.

The second U.S.-Japan Workshop on Seismic Retrofit of Bridges was attended by 19
Japanese and 55 U.S. participants. Several observers from the U.S. and other countries also

participated.



HOST ORGANIZATIONS AND SPONSORS

The workshop was again held under the auspices of Task Committee J of the UJNR panel on Wind and
Seismic Effects. The host institutions for the workshop on this panel were the Public Works Research Institute
(PWRY]) in Japan and the National Institute of Science and Technology in the U.S. The Workshop was
organized by the Public Works Research Institute and the Earthquake Engineering Research Center (EERC) of
the University of California at Berkeley.

The Program Coordinators for the Workshop were Dr. Kazuhiko Kawashima, Head of the Earthquake
Engineering Division at the PWRI and Dr. Stephen A. Mahin, Nishkian Professor of Structural Engineering at
the University of Califomia at Berkeley. A Steering Committee consisting of Dr. Tan Buckle, Mr. Tan
Friedland, Dr. Stephen Mahin and Dr. Nigel Priestley developed the program on the U.S, side.

Financial support was provided on the Japanese side by the PWRI of the Ministry of Construction. On
the U.S. side, funding was provided by the National Institute of Standards and Technology, the Federal
Highway Administration (through the research program at the National Center for Earthquake Engineering
Research, State University of New York at Buffalo), the National Science Foundation, and the Waterways
Experimental Stations the U.S. Army Corps of Engineers. Special thanks is owed to H. S. Lew, James
Cooper, S. C. Liu and James Ray of these organizations for their encouragement and support.

The efforts of Parshaw Vazin of the Earthquake Engineering Research Center in making local
arrangements and contacting U.S. participants are especially appreciated. Tan Friedland and Debbie O'Rourke
of the National Center for Earthquake Engineering Research were especially helpful in coordinating the
activities of the U.S.-Japan workshops of seismic retrofit and protective systems. The effort of the staff of the
Public Works Research Institute in facilitating the efforts of the Japan side is similarly appreciated.

TECHNICAL STUDY TOUR

A two day technical tour followed the workshop (Saturday and Sunday, January 22 and 23, 1994). The
tour included several major retrofit sites in the San Francisco-Oakland area as well as a new seismically
isolated bridge under construction in Walnut Creek, CA. Both U.S. and Japanese participants participated in
the study tour.

Because the Workshop immediately followed the Janvary 17, 1994, Northridge earthquake, several
Japanese and U.S. participants visited the Los Angeles area to inspect bridge performance immediately before
or after the Workshop. A special presentation on bridge damage was made by Prof. Gregory Fenves of the
University of California at Berkeley.

US.-JAPAN WORKSHOP ON EARTHQUAKE PROTECITIVE SYSTEMS FOR BRIDGES

The U.S.-Japan Workshop on Seismic Retrofit was coordinated and held in conjunction with the U.S.-
Japan Workshop on Earthquake Protective Systems for Bridges. This Workshop was organized by Dr. K.
Kawashima of the Public Works Research Institute and Dr. Tan Buckle of the State University of New York at
Buffalo.
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RESOLUTIONS

Recent earthquakes have caused significant damages to bridges in both Japan
and the U.S. This was evidenced in the U.S. during the 1989 Loma Prieta and
1994 Northridge earthquakes. In Japan, bridge distress was observed during the
Kushiro-oki and Hokkaido Nansei-oki earthquakes of 1993. These and other
earthquakes point out the need for reliable methods for evaluating the
earthquake vulnerability of bridges and for effective and practical methods for
seismic retrofit.

Papers presented at the Workshop indicate that there is considerable activity in
the U.5. and Japan directed at developing assessment and prioritization
procedures and seismic retrofit technologies. In addition, presentations at the
workshop illustrated many interesting cases of applications of these procedures
to actual bridges. These case studies provided important insight into many
practical problems in seismic evaluation and retrofit. Discussion by participants
at the Workshop indicated that there are many problems in the U.S. and Japan of
mutual interest and concern.

The participants agree that the workshop was successful and led to greater
understanding to the issues related to seismic hazard mitigation for existing
bridges. While much information has been developed on these important issues,
the participants agree that many problems remain unresolved and that
additional studies and research are needed.

The participants expressed interest in technology and applications related to new
materials, new construction procedures, verification tests in the field and
laboratory, and development of reliable and efficient analysis tools. Previous
activities tended to focus on the behavior of materials and components. It was
recommended that increasing attention be placed on seismic response of bridge
systems.

The participants suggest that increased cooperation between the U.S, and Japan
would be beneficial to improve seismic evaluation and retrofit technologies. Asa
first stage, the following recommendations are offered: '
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Because of the rapid rate at which new information and applications are
being achieved, and the importance of these problems to Japan and the U.S,,
the participants recommend that a third U.S.-Japan workshop on seismic
retrofit of bridges be held in Japan in about two years time.

One or more example bridge structures be identified. These structures can
provide a basis for comparing the analysis and retrofit procedures, standards
and guidelines used by investigators and practitioners in both countries.
Systematic studies of these example structures by researchers, practitioners
and consultants in both countries are recommended.

Cooperative activities between the U.S. and Japan should be encouraged to
address problems of mutual concern. Participants recommend that as a start
efforts be undertaken to facilitate exchange of personnel as well as of
information on technical issues and applications. Opportunities to share
unique laboratory and other facilities available in each country should be
explored.

Specific areas for cooperative research between the U.S. and Japan should be
identified, and initiated, as appropriate. '

iv
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ABSTRACT

This paper presents current technical developments for seismic strengthening of existing
highway bridges in Japan. Seismic strengthening for substructures is described based on the
past practice. Emphasis is placed on the example of implementation.

INTRODUCTION

Japan is one of the most seismically disastrous countries in the world and has often suffered
significant damage from large earthquakes. More than 3,000 highway bridges suffered
damage in the past earthquakes since the Kanto Eatthquake in 1923. The damage to
highway bridges caused serious loss of function of road as an emergency evacuation route
and a transportation route for emergency relief goods. Since repair of bridges damaged by
an earthquake takes a long time, it significantly affects social and economical activities in
the area. Therefore, it is important to provide appropriate seismic resistance for existing
highway bridges.

This paper presents the seismic strengthening methods for substructures based on the case
study of 121 examples of seismic strengthening.

HISTORY OF PROVISIONS OF SEISMIC DESIGN CODES
FOR HIGHWAY BRIDGES

One year after the 1923 Kanto Earthquake, it was initiated to consider the seismic effect in
design of highway bridges. The Civil Engineering Bureau of the Ministry of Interior notified
"the method of seismic design of abutments and piers" in 1924. The seismic design method
has been developed and improved through bhitter experience in the number of past
earthquakes and with progress of technical development in earthquake engineering. Table
1 shows the history of provisions in seismic design for highway bridges. '



In particular, the seismic design method was integrated and upgraded by compiling the
"Specifications for Seismic Design of Highway Bridges" in 1971, which exclusively provided
issues related to seismic design. It was revised in 1980 and integrated as "Part V :
Seismic Design" in "Design Specifications of Highway Bridges". It was further revised in
1990 and has been in practice for all highway bridges with span length shorter than 200m.
In the latest Specifications, design seismic force, bearing capacity of reinforced concrete
piers for lateral force, soil liquefaction, dynamic response analysis, and design detailings are
prescribed.

HISTORY OF SEISMIC EVALUATION AND SEISMIC STRENGTHENING
OF HIGHWAY BRIDGES

The Ministry of Construction made seismic evaluation of highway bridges 5 times
throughout the country since 1971 as a part of the comprehensive earthquake disaster
prevention measures for highway facilities. Seismic strengthening for vulnerable highway
bridges has been successively made based on the seismic evaluations. Table 2 shows the
history of past seismic evaluations®’ ~*’.

The first seismic evaluation was made in 1971 to promote earthquake disaster prevention
measures for highway facilities. The significant damage of highway bridges caused by the
San Fernando Earthquake, US.A. in February 1971 triggered the seismic evaluation.
Highway bridges with span length longer than or equal to 5m on all sections of natienal
expressways and national highways, and sections of the others were evaluated. Attention
was paid to detect deterioration such as cracks of reinforced concrete structures, tilting,
sliding, settlement and scouring of foundations. Approximately 18,000 highway bridges in
total were evaluated and approximately 3,200 bridges were found to require strengthening.

Following the first seismic evaluation, it has been subsequently made in 1976, 1979, 1986
and 1991 with gradually expanding highways and evaluation items. The seismic. evaluation
in 1986 was made with the increase of social needs to insure seismic safety of highway
traffic after the damage caused by the Urakawa—oki Earthquake in 1982 and the
Nihon—kai—chubu Earthquake in 1983. The highway bridges with span length longer than
or equal to 15m on all sections of national expressways, national highways and principal
local highways, and sections of the others, and overpasses were evaluated. The evaluation
items included deterioration, devices for preventing falling—off of superstructure, strength
of substructures and stability of foundations. Approximately 40,000 bridges in total were
evaluated and approximately 11,800 bridges were found to require strengthening. Through a
series of seismic strengthening works, approximately 25,000 bridges were strengthened by
the end of 1981 fiscal year. Latest seismic evaluation was made in 1991. The results are
being compiled.

In the seismic evaluation in 1986 and 1991, the evaluation was made based on a statistical



analysis of bridges damaged and undamaged in the past earthquakes®’. Factors which affect
seismic vulnerablity were detected as shown in Table 3. Table 4 shows the inspection
sheet proposed to evaluate the seismic vulnerability. Because collapse of bridges tends to
be developed due to the excessive relative movement between the superstructure and the
substructures, and failure of substructures associated with inadequate strength, the
evaluation is made in Table 4 based on both the relative movement and the strength of
substructure.

Table 5 shows the feasibility of seismic strengthening against the 16 factors which would
affect the seismic vulnerability of highway bridges as shown in Table 3. Among the 16
factors, ® devices for preventing falling—off of superstructure, @ type of substructures,
@ effect of soil liquefaction, @ effect of scouring, @ materials of substructures, @ type
of foundation, and @® termination of main reinforcement at mid—height with inadequate
anchoring length are the factors for which countermeasures are feasible. Countermeasures
for other factors may not be feasible unless the whole bridge be replaced.

Fig. 1 shows how the countermeasures can be made for the above 7 factors. Installation of
the devices for preventing falling—off of superstructure, strengthening of foundations, and
strengthening of piers and abutments are the measures which are most often adopted for
seismic strengthening.

Emphasis has been placed to install the falling—off prevention devices in th= past seismic
strengthening, Because the instaiiation of the falling—off prevention devices is being
completed, it now becomes important to promote the strengthening of substructures with
inadequate strength and lateral stiffness.

SEISMIC STRENGTHENING FOR SUBSTRUCTURES

Practices of Strengthening

The Public Works Research Institute collected the data on the highway bridges in which
substructures were strengthened based on the seismic evaluation in 1979 and 1986.'% ~'%’

The first survey was made in 1987 to collect the data of seismic strengthening due to the
seismic evaluation in 1979 and the second survey was made in 1991 to collect the data of
seismic strengthening due to the seismic evaluation in 1986. Although the data base covers
only a few bridges, it provides the most reliable information for seismic evaluation and

strengthening.

The data base includes the year of construction, design specifications referred fo, type of
structures, results of the seismic evaluation, selection and comparison of seismic
strengthening methods, design of strengthening, and construction method. In total the data
for 121 bridges were collected.



Fig. 2(a) shows the year of construction of the bridges surveyed. About 70% of the
strengthened bridges were constructed from 1950s to 1960s. The rate of bridges
constructed before 1950 is only 22%. For such old bridges, replacement rather than the
seismic strengthening has been made. Fig. 1(b) shows the design specifications referred to
for the bridges surveyed. About 93% of the bridges strengthened were designed according

to the pre—1971 specifications.

Reasons to Require Strengthening

Fig. 3 shows the number of bridges strengthened classified in terms of requirements for
seismic strengthening. The requirements for strengthening, i.e., the reason for requiring
the seismic strengthening, were classified from Table 3 into 10 as

-scouring around foundation

-abnormal displacement of foundation

-apparent deterioration of reinforced concrete structure

-weak reinforced concrete frame

‘substructure placed on two independent caisson foundations

-bent piles with inadequate strength and lateral stiffness

‘pier with inadequate strength

-soil liguefaction

-inadequate bearing capacity of piles

‘inadequate bearing capacity of soil/foundation

The seismic strengthening was required mostly because of the inadequate bearing capacity
of foundations associated with scouring, inadequate strength of reinforced concrete frame
structure, and inadequate bearing capacity of piles. Forty bridges were strengthened
because problem arose due to the scouring. Because the vulnerability of foundations due to
scouring can be reliably evaluated, the strengthening has been made successively. Sixteen
bridges were strengthened due fo the weakness of reinforced concrete frame structure and
inadequate bearing capacity of piles, respectively.

Strengthening Methods

Fig. 4 shows the methods adopted for seismic strengthening. They are presented for the
10 requirements presented above. Various methods were adopted depending on site
conditions and other restricions and requirements. Increase of number of piles,
enlargement of footing, placing of new reinforced concrete section surrounding the existing
structure, and construction of new lateral beams for increasing strength and lateral stiffness
are the major methods.

IMPLEMENTATION OF SEISMIC STRENGTHENING
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Seismic Strengthening of Weak Reinforced Concrete Frame Structures

Fig. 5 shows an implementation of seismic strengthening of a reinforced concrete frame.
This bridge was constructed in 1959 and has a 5—span simply—supported steel plate girder
with length of 176m. The substructures were of reinforced concrete frame structures with
reinforced concrete piles.

Based on the 1979 seismic evaluation, an increase of the lateral strength of substructures in
transverse direction was detected to be required. It was decided to place a new reinforced
concrete wall to strengthen the substructures. Thickness of the wall was designed as 40cm,
and it was assumed that the seismic lateral force is supported by the integrated structure
consisting of the new and the existing reinforce concrete members. Therefore, the most
crucial point of the design and construction was how reliably the integration between the
new and the existing structures be made. To assure the reliable integration, the cover
concrete of exciting substructures was chipped—out by about 1cm and anchor bars were
installed with 30cm pitch at the columns. The anchor bars with diameter of 16mm (D16)
were inserted in the drilled holes with diameter of 26mm and depth of 24cm. The spaces
between the holes the and the anchor bars were filled with epoxy resin.

Seismic Strengthening of Bent Piles with Inadequate Lateral Stiffness

Fig. 6 and Photo 1 show a seismic strengthening for bent piles with inadequate lateral
stiffness. This bridge was constructed in 1960 and has a 9—span simply—supported
prestressed concrete slab with length of 54m. The substructures were of bent piles with 7
reinforced concrete piles with length of 12m and diameter of either 30cm or 50cm.

Based on the 1879 seismic evaluation, an increase of the lateral strength of the bent piles
in longitudinal direction was detected to be required. It was decided to place a new
reinforced concrete surrounding the piles at the river bottom level and to connect each bent
pile by reinforced concrete slahs. The reinforced concrete slahs were placed to decrease the
lateral displacement of bent piles at the river bottom level. This method was selected
because the span length was short and the effectiveness of strengthening was apparent.
Design was made assuming that the lateral force is supported by a new integrated
structure.

Seismic Strengthening of Bent Piles in Liquefaiable Sandy Soils

Fig. 7, Photos 2 and 3 show a seismic strengthening of 11—span simply—supported
pre—tensioned concrete slab bridge. It was constructed in 1959. Reinforced concrete bent
plies were used for piers and abutments. The diameter and length of reinforced concrete
piles were 60cm and 12m for piers and 50cm and 8m for abutments, respectively.
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Based on the 1986 seismic evaluation, it was found that the bent piles were vulnerable to
soil liquefaction. The Liquefaction Resistance Factor F. at the sandy layer with thickness
of 3.2m below the river bed was less than 1.0. The length of the part of piles which were
supported by stable soil was only 1/3 of the total pile length of 12m. Based on the stability
analysis of piles, the stress induced in concrete and reinforcing bars of piles significantly
exceeded the allowable stresses. The displacement predicted at piles was 4.6cm at the
design ground level and 12.8cm at the crest. Those were much larger than the allowable
displacement.

Five strengthening measures were proposed. Those were (D to strengthen all 12
substructures, @ to strengthen one substructure per two spans, @ to strengthen both
abutments and connect all pier crests by continuous beams, @ to replace liquefiable soil
layer by stable soils, and & to increase soil strength by chemical grouting. Because the
methods @ and ® were expensive in spite of unreliable effectiveness, they were decided
to be not appropriate at this site. Among the three strengthening methods, @ was adopted
because cost performance was the most superior. Because strengthening of the
substructures was required at only two end abutments, it was less expensive. It was
decided that the seismic safety can be increased to the level required if the lateral
displacement induced at pier crest was controlled by the continuous beams.

In the design, it was assumed that the late+al force in longitudinal direction is supported by
both the new piles and the existing piles. Since the pier crests of bent piles are
strengthened by the connecting beams, it was required to insure enough strength for
the connecting beams and fix bearing set between the pier crests and the connecting
beams. Therefore, they were designed adopting two times larger design lateral force. It
should be noted that the connecting beams were also used as the girders for supporting a
pedestrian deck installed to the bridge.

Seismic Strengthening of Weak Bent Piles

Fig. 8 and Photo 4 show strengthening of 3—span continuous steel plate girder bridge with
deck length of 75m. Steel pipe bent plies were used for piers. The diameters and length of
the piles were 1m and 45.2m, respectively. The bridge was constructed in 1969.

Based on the 1986 seismic evaluation, it was found that the stress induced in the reinforced
concrete lateral beam significantly exceeded the allowable stress when the seismic lateral
force was applied in transverse direction. The stress induced in the steel—pipe piles is
smaller than the allowable stress. Because it was not easy to strengthen the lateral beam, it
was decided to place a new reinforced concrete wall surrounding the existing bent piles.
Hollow section was adopted to mitigate the increase of the weight. The construction was
made by drying—up the water using the steel sheet piles.
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Seismic Strengthening of Foundations with Inadequate Soil Bearing Capacity

Fig, 9 shows seismic strengthening of foundations by increasing number of piles and
enlarging footing. The bridge was constructed in 1960 and consisted of 14—span
simply—supported prestressed concrete girder with length of 238m. The abutments were of
a gravity type with wooden piles. Piers were of reinforced concrete frames with wooden

piles.

Based on the 1979 seismic evaluation, the bearing capacity of soils around foundations was
found to be msufficient. Two strengthening methods were proposed. The first was to
increase number of piles and the second was to improve soils. Since it is reliable and the
construction cost was cheaper in the first method, it was adopted as a principal
countermeasure. However, since the construction space was very limited to place the new
piles, the soil improvement as well as enlargement of the existing footing was adopted for
some foundations.

In increasing number of new piles, the existing wooden piles were neglected and it was
assumed that the lateral force is supported by only new piles. On the other hand, in the
design of soil improvement and enlargement of footings, it was assumed that the lateral
force is supported by shear force at the bottom of the new and the existing footings.
Because the soil was improved =0 as to increase the N—value to 30, the bearing capacity of
the soil could be increased. When the new footing was placed on the existing footing, the
surface of existing footing was chipped—out by 2cm, and anchor bars with diameter of
22mm (D22) were installed with epoxy resin injection. The cement milk was injected to
improve soil up to 3m deep below the bottom of the footing.

Seismic Strengthening of a Pile Foundation Vulnerable to Liquefaction

Fig. 10 shows seismic strengthening of pile foundations in liquefiable soil layers. This
bridge was constructed in 1952 and consisted of a Langer girder and 15—span
simply—supported plate girder with length of 575m. Abutments were of gravity type
foundations and piers were of reinforced concrete walls. Foundations were of open caisson
for the Langer girder and pile foundations for the others.

Based on the 1979 seismic evaluation, it was detected that the bearing capacity of soils at
the pier foundations was inadequate, because the soil was vulnerable to liquefaction.

Three strengthening methods were proposed. They were (D to improve the ground by soil
cement, @ to increase number of piles, and @ to surround the existing foundations by
steel sheet piles. Since @ was expensive, @ and @ were investigated precisely, and @

was finally adopted. Effectiveness of strengthening was reliable and cost performance was

7



superior.

In the design, it was assumed that the existing piles would resist to the lateral seismic
force up to the design level and that the lateral force beyond the design level be supported
by the new piles. Since the piers were in the high water channel, a temporary road was
constructed to the piers during the construction. The steel—pipe piles were placed using a
vibro hammer. The new footing was constructed by drying—up water by steel sheet piles.
Integration between the new and the existing footings was made by anchor bars with
injection of resin mortar. Photo 5 shows the construction of new piles. Photos 6 and 7
show the connection of the new and the existing footings.

Seismic Strengthening of a Pile Foundation by Enlarging Footing and Increasing
Number of Piles

Fig. 11 and Photo 8 show Akisato Bridge on National Highway No.9 in Tottori City.'®’ It
was planned to be of two bridges in parallel with length of 264m. Because number of traffic
was small at the construction stage, only one bridge was completed in 1975 with the
substructures being completed so as to support the two bridges. Since number of traffic
increased in recent years, it became required to construct one more bridge on the existing
substructure. The existing bridge is of 7—span simply—supported steel plate girder and a
simple prestressed concrete hollow slab. The substructures consist of reinforced concrete
frame structures anc wall type reinforced concrete piers. All substructures are supported by
steel pipe piles with length of 40m. The ground is of very soft clay with thickness of about
30m.

Associate with the revision of the seismic map and the lateral force coefficient, it was
required to increase the design lateral force coefficient from 0.2 to 0.3 to meet with the
current design requirements. Some deterioration is also found at the substructures,

For the 50% increase of the lateral force, the superstructure was made continuous so as to
distribute the lateral force te as many substructures as possible. The substructures required
to increase number of piles, thickness and size of footing and strength of piers. Because the
space on the footing was limited, the thickness of the footing was required to be increased
not only on the footing but also at the bottomn. An unique method with high fluid concrete
was adopted.

Fig. 13 shows the construction procedure. After excavating the bottom of the existing

footings, new piles were placed and the new footing was constructed. The high fluid

concrete was placed from one side of the footing. It was placed from the other side. The

new footing was completed by placing the concrete on the existing footing. It is very unique

to place the new reinforced concrete under the existing footing and to adopt the high fluid

concrete. The strengthening was completed in 1993. Photo 9 shows the excavation at the
8



bottom of the existing footing. Although mini—back—hoes were used to excavate the soil
under the footing, manpower was also required as shown in the Photo 10. Photos 11 and
12 show the reinforcement at the top of new piles and the new footing. Photo 13 shows

the seismic strengthening of piers.

Fig. 14 shows the strengthening of the abutments. Instead of increasing the strength of the
abutments, expanded polystyrene (EPS) was used behind the abutments to decrease the
earth pressure on the abutments. Expanded polystyrene was placed with height of 1.75m
and length of 13m.

CONCLUSIONS

This paper presented seismic strengthening of existing highway bridges with emphasis on
case study of implementation. Emphasis has been placed by now to install the falling—off
prevention devices. Because the installation of the falling—off prevention devices is being
almost completed, it is now required to further promote the seismic strengthening of
substructures. As described in this paper, the past strengthening of substructures has been
made case by case basis.

Being different from the installation of the falling—off prevention devices, the seismic
strengthening of substructures requires more cost. Because most of the substructures
designed -nd constructed before 1971 do not meet with the current seismic requirements,
it is urgently needed to study the level of seismic vulnerability requiring the strengthening.
Upgrading of the reliability to predict the possible failure modes in the future earthquakes
is also very important.
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Table 1 Development of Seismic Design Methods for Highway Bridges
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Table 2 Past Seismic Evaluations of Highway Bridges

Number of Bridges

Twoe Independent Caisson Foundation)

Year Highways inspected Inspection items Inspected < f:giﬁ'éﬁingf Strengthened
197 , All Sections of National Expressways and T Detericration
! National Highways, and Sections of the Others| .2: Bearing Seat Length S for Bridges supported by Bent 18,000 3,200 1,500
- {Bridge Length  5m) ' Piles
1976 . All Sections of National Expressways and 1’ Deterioration of Substructures, Bearing Supports and
. National Highways, and Sections of the Othersi _ Girders/Slabs 25 000 7.000 5 500
* (Bridge Length = 15m or Overpass Bridges) 2. Bearing Seat Length S and Devices for Preventing ! ’ ! ;
‘ Falling-off of Superstructure
e e 1
1979 All Sections of National Expressways, National, 1 Deterioration of Substructures and Bearing Supports j
Highways and Principal Local Highways, and ‘Z: Devices for Preventing Falling-off of Superstructure !
. : Sections of the Others (Bridge Length = 15m _ .3} Effect of Sail Liquefaction
* or Overpass Bridges) . & Bearing Capacity of Soils and Piles
' . 5y Strength of RC Piers 35,000 16,000 13,000 !
" 3! Vuinerable Foundations (Bent Pile and RC Frame on ;
i ' Two Independent Caisson Foundation)
1986 , Al Sections of National Expressways, Naﬁonal:i T Deterioration of Substructures, Bearing Supports and!
- Highways and Principal Local Highways, and Concrete Girders ;
! Sections of the Others (Bridge Length = 15m . -2' Devices for Preventing Failing-off of Superstructure
" or Qverpass Bridges) 3 Effect of Soil Liquefaction " . 8,000
' ‘4; Strength of RC Piers (Bottom of Piers and Termination 40,000 11800 | (As of the
Zone of Main Reinforcement) End of 1991
5. Bearing Capacily of Piles : . Fiscal Year)
%' Vulnerable Foundations (Bent Piles and RC Frame cné }
Two Independent Caisson Foundation)
1991 © All Sections of National Expressways, National' . Deterioration of Substructures, Bearing Supports and!
. Highways and Principal Local Highways, and Concrete Girders ‘
* Sections of the Others (Bridge Length = 15m "4 Devices for Preventing Failing-off of Superstructure
or Overpass Bridges) 3 EHect of Sail Liquefaction
i 4. Strength of RC Piers (Piers and Termination Zone of 60,000
| Main Reinforcer 2nt)
! 5 Vulnerable Foundations {Bent Piles and RC Frame on

Note) Number of bridges inspected, number of bridges that required strengthening and number of bridges strengthened are approximate numbers.



Table 3 Factors which Affect Seismic Vulnerability of Highway Bridges

ftems

Seismic Vulnerahility

(0 Design Specificalions

Those designed in accordance with 1926 or 1939 Specifications have
higher vulnerabitity

(& Type of Superstrugture

o Gerher or simply supported girders with 2 or more spans have
higher vuinerability

e Arch, frame, continuous girders, cable-stayed bridges or
suspension bridges have lower vulnerabitity

(3) Shape of Superstructure

Skewed or curved bridges do not necessarily have higher
vutnerability than straight bridges

(D Materisis of Superstructure

Reinforced cancrete bridges or presiressed concrele bridges have
lower vulnerability than siesl bridges although the difference is
small

(@ Slope in Bridge Axis

Bridges with slope in hridge axis have higher vulnerability

(& Davice for Preventing Falling-off
of Superstructure

Bridges with devices for praventing {alling-off of superstructure have
lower vulnerabilily _

® 'Type of Substrusture

Bridges supported hy single-line bent piles or by reinfarced concrete
frame placed on two separate caisson foundations have higher
vulnerability

(@ Height of Piers

Bridges supported by higher piers have higher vulnerability

® Bround Condition

Bridges construcled on soft scil have higher vulnerabilily

Elfect of Soil Liguefaction

Bridges constructed on sandy soil layers susceptible 1o liquefaction
have higlier vulnerability

@ Irregularity of Supporting Seil Condition

Bridges constructed on soits with irregularity of supporting
canditions have higher vulnerability

@ Effect of Scouring

Bridges where the surface soils are scoured have higher
vulnerability

@ Materials of Substructures

Bridges supported by plane-cencrete substructures designed in
accordance with 1926 or 1939 specifications have higher
vulneraiility

(@ Type of Foundation

Bridges supported by timber, brick. masenry or other old unknown
type substructures have higher vulnerahility

@ Iniensity of Ground Motion

Bridges subjected to higher intensity of ground acceleration have
higher vulnerability. In particular, vulnerability becomes quite high
when the bridges are subjected to peak ground zcceieration larger
than 400 gal {0.4g]
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Table 4 Inspection Sheet to Evaluate Seismic Vulnerability of Highway Bridges

Point of nspection Foctors of Inspection Evaluation
) . 4.0: 1926 Specs. 2:0: 1956 Specs. 1.0: 1971 Specs,
D Design Specitications or 1939 Specs. or 1964 Specs. of 1980 Specs.

@ Superstructure Type

3.0: Gerber Girder or
Simply-supparted
Girders with Two

1.9 Simply-supported
Girder or Cantinuous
Girders Consisting of

1.0: Arch, .Flame, Con-
finuous Girder [One
Span). Cable-stayed

(9 Consiruction method of
inspection for Foundation

Streagtn ol

Brick, Other Qig
Construction Methods

Piles. Pier Supported
by Two Independent
Caissons

Inspection b ) ?
Format (A} Spans or More Two Spans or More Bridge, Suspension
Bridge
Ingpection for hape of t 1.2: Skewed d Brid 1:0: Straight Bri
Delarmation of (3 Shape of Superstruciyre .2: Skewed or Curved Bridge 0: Straight Bridge
Superstruciure { ) Materials of Superstructure 1.2: Rcor PC 1.0: Sleel
Inspection lor (5) Gradiem 1.2: 6% or Sleeper 1.0: Less Than 6%
Vulnerability e - - i R i
1o Develop @ Falling-off Prevention Device 2.0: None 1.0: One Device
Excessive Pa=(Dx@Dx D@ BB Pi=
Deformation
() Type of Substructure 2.0: Single-line 8enl Pile Foundation  1.0: Others
Height of Pier H 20:Hz 10m 1.5 55H<10m 1.0: Hesm
Inspection 5.0: Exremely Sott 2.5: : :
p . .0: y Soft  2.5: Group 4 2.0: Group 3 1.2: Group 2
Format (8} | (® Ground Condition in Group 4 1.0: Groyp 1
inspection ior Eltects of Liguelaction 2.0: Liquetiable 1.0: Nen-fiquefiable
Delormation of . - 1201 . .
Substructure | 09 Supponting Greund Condition .2: Irregular 1.0: Aimost Uniform
(2 Scouring 1.5: Recognized 1.0 None
Pa=®x@x@x®x®x@ Pe=
@ Shear Span Ratio (h/0) 2.0:1<n/D<4 1.0:h/Dz4 0.5:n/D=t
mspection | @ 1{:?:"::"‘3[5;3;';;:“; '&’;‘f;’ # 2.0- Cracks Wil Occur 1,07 Cracks Will Possibly  0.3: Cracks will Not
Format () Reinlorcement Becur Dccur
Inspaction [ 19 Salely Factor 10r 0 Sm=l Ot . \5: .
s‘rg:;!;or;' or |09 Suely racir a! @ Sn 1 3.0:Se=i 2.0: t.1<Sme 1.5 0.5 Smz 1.5
RC Pier at gf“’;?:lgggﬁﬂfn @ Sen 30:Smgt 0 2.0011<S5m=t3 LOE 1,.3<5m=<1.5
Termination of ment P 055215
Reintorcement | i3 Snear Stress o (1/m?) 3.0: 0245 2.0:30e<45  1.0:1520<30  0.5:0<15
. Pc=®xx@x®x Pc=
Inspection for T
Vulnerability @ Failure of Fixed Suppons and . o Ea . i .
o Develop Proximity 5.0: Extensive Failure 2.0: Small Failure 1.0 None
Faiture Due N
fo lInadenqlilale Extraordinary Damage of Pier 5.0: Extensive Damage  2.0: Small Damage 1.0: None
Strength of ; . 2.0: Piane Concrete Older Than 1926 Excluding 1.0: Qthers
Substructure ‘ 1 Materials of Substructure Gravityype AbuIment
Inspection
Farmat (D) 2.0: Timer Pite. Masonry, 1.5 RC Piles, Pedestal  1.0: Foundation Designed

by 1971 Specs. anc
Qther Later Specs,

Subsiructure

@ 1.5: RC Flame Supported by Two 1.0: Others
Faundation Type independent Caisson Foundations
@ Extraordinary Failure o . X .
Foundalion 2.0: Recognized 1.0: None
Po=(iD (8 x (9 x @ x @) x @ Ppe=
Evaluation of Deformation and Strength Xex Py x Pg= and YmPexPp=
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Table 5 Feasibility of Seismic Strengthening for
16 Factors Which Affect Seismic Vulnerability of Highway Bridges

fems Seisnﬁ?gi‘:gmgtﬁ;ning Principles of Countermeasures
(D Design Specifications X
(@ Type of Superstructure X
() Shape of Superstructure X
(0 Materfals of Superstructure X
(3 Slope in Bridge Axis X
@ Device for Preventing Falling-off . ;
of Superstructure O Instailation of Devices
I @ Type of Substructure ) O Strengthening af Substructures
() Height of Piers X
(&) Ground Cendition X
- . Strengthening of Fundations or
Eifect of Seif Liguetaction o Strengthening of Surrounding Soils
@ lrreguiarity of Supporting Soil Condition X
. Treaiment for Prevention of Scouring, or
@ Ettect of Scouring o Strangthening of Foundations
.
@ Materials of Substructures 0] Strengthening af Substructures
@ Type of Foundation (o] Strengthening of Foundations
@ Intensity of Ground Metion
ngﬁzgée-{:;rﬂlg?lﬁﬂiﬁemltn @] Strengthening of Substructures

Note O Hems [or which seismic strengihening is leasible
% Hems for which seismic sirengthening is not feasible
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Fig. 1 Methods Adopted for Seismic Strengthening
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Fig. 8 Seismic Strengthening of Bent Piles by Placing A New Reinforced Concrete Wall
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Photo 1 Seismic Strengthening of Bent Piles by New Concrete Walls and
New Connection Slabs
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Photo 3 Seismic Strengthening of Abutment by Increasing Number of Piles

& wp o N Sl : m@@ i
(a) Before the Seismic Strengthening

Photo 4 Seismic Strengthening by A New Reinforced Concrete Wall
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(b) After the Seismic Strengthening

Photo 4 Seismic Strengthening by A New Reinforced Concrete Wall



Photo 6 Reinforcement of at the New Footing
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Photo 7 New Footing

Photo 8 General View of Akisato Bridge and Existing Piers
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Photo 10 Excavation by Manpower and the Head of New Pile
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Photo 11 Reinforcement around the New Pile
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Photo 12 Reinforcement at the New Footing

Photo 13 Seismic Strengthening of the Piers
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Introduction

Caltrans has pursued a seismic
retrofit program since the 1971 San
Fernando Earthquake. Damage
from that earthquake showed that
bridges were vulnerable to collapse
if their joints were free to move
apart. To prevent reoccurrence of
such failures, Caltrans began the
first major seismic retrofit program
for bridges. Bridges were selected
for retrofitting after examining the
15,000 bridge inventory for poor
expansion joint details such as
narrow seats and weak bearings.
Since then, 1261 bridges have
been retrofit at a cost of 54.2 million - N
dollars as part of the Phase One Figure 1. San Fernando Earthquake Bridge Damage
Retrofit Program. This program
addressed several issues. To prevent

simply supported spans from falling off Inadequote restrgats
their supports, they were tied together T T '“?J\, 7

{and sometimes tied to the substructure) ,:[L—___-DW\L L ﬂ
with cable restrainers. To prevent bridge
frames from becoming unseated, BEFORE EQ
restrainers were added at hinges. Poor
bearings were replaced and shear keys — e
were provided to prevent transverse mﬂ,
motion. Finally, for new bridges the seat
width was increased. Other retrofit AFTER EQ
programs were begun after the Whittier —_—

and Loma Prieta Earthquakes to address perichant
other bridge vulnerabilities. However, this  Figure 2. Damage Prevented by Cable Restrainers

paper focuses on the role that cable P -
restrainers play during large earthquakes. ‘"--m"‘ﬁ,- . | 5 :"m
Cailtrans' Cable Restrainer Design Procedure I
As previously discussed, cable restrainers join bridge m-*fm:*“
decks together at expansion joints. After the San i i |
Fernando earthquake, Caltrans' policy was to design T

f

earthquake restrainers to yield at a force equal to 25% of i E———

the weight of the lighter adjacent frame. Later, this force F ,'! Vo - caes S - 4030 e K,
i

3¢

was increased to 35%. At one point, a multimodal —— W 7 i 322 - 610k,
dynamic analysis was performed {o determine the ,j

number of restrainers needed at a joint. Caltrans' current fl

cable restrainer design procedure is to determine the £
equivalent linear stiffness and the mass of the frames on ut
each side of the joint (see figure 3). This stiffness . T . T
includes any change in column stiffness during the L,:;.ﬂ_] Y ‘
maximum credible earthquake. Then the displacement -

of the restrained system for the maximum credible earth- Figure 3. Equivalent Static Analysis
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quake is calculated using the
appropriate response spectra. If
the displacement is too large,
enough restrainers are added to
equal the force of the excessive
disptacement times the frame's
stiffness. Then, the earthquake
displacement of the more
flexible frame attached to the
restrainers is calculated. If the
displacement is too large, the
number of restrainers is
increased and the displacement
for the maximum earthquake is _
recalculated. This pracedure is Figure 4. Cable Restrainers
repeated until the number of restrainers remains constant. If the displacement is large enough to
impact the next frame, its stiffness should be included in the analysis. For a detailed description
of Caltrans' restrainer design procedure, see Caltrans' Bridge Design Aids Section 14. Also, a
procedure for calculating the number of restrainers needed to prevent unseating of curved
bridges for transverse motion is provided.
The actual behavier of bridges during earthquakes is considerably more complicated than this
procedure indicates. The role of pounding, soil-structure interaction, and out of phase motion is
not included in our analysis and may increase the amount of displacement at expansion joints.
For this reason, new bridges are designed with a minimum 24 inch hinge seat to insure that the
allowable displacement is always larger than the earthquake displacement. Also, 2 resirainers
per hinge are included to provide continuity.
Properties of Cable Restrainer Assemblies

Restrainer Cables have a 3/4 inch diameter and a 0.22 square inch steel area. They are
preformed of 6 x 19 strands, Y+ coble swoge connected

galvanized, with a wire strand ' Dio x T 1g. stud 18 - 5 Vg
core or independent wire rope threoded entire length
core, a right regular lay, and b %" |

made of improved plow steel

with a minimum breaking EWEWHHWWWEBWHWEHHWEHM i

—_————

- -

strength of 23 tons. Cable - A
assemblies consist of cables, L'—%— Lk
swaged fittings, studs, nuts, and Figure §. Typical Cable Restrainer
sometimes turnbuckles, all of which should ELONGATION - mms

be 25% stronger than the cable. For more 2000234 308 762 106 1210 1524 70 2032 2265 25403048
information on restrainers see California's 1Y6°0 dor ASTH A-722 fwith supplamenlory req

Standard Specifications (Section 75-1.035). 75 Aty T TY m
Figure 6 shows the behavior of restrainer A T‘ ] I ’ I J l

rods and cables for a cyclic load. The 150 te7
cables (shown at the bottom) have a yield ! , l

strength of 39.1 kips. This equals a yield . [ 35
stress of 176.1 ksi. They have an initial % o l sz
modulus of elasticity of 10,000 ksi. Note o :
that the post yield strength of the cables §15 :343

increases to an ultimate of about 53 kips. ‘

Therefore, connecting elements should be v s w
designed for 1.25 x 53 = €6.2 kips. The [/ \ ’ ’ I

figure shows that restrainers have a large / // / I I ] o i sp e L
post yield ductility. This gives the bridge \ L,

| ~%"6x ‘9 coble [Fed. Spec. RR-W-410C) <

]

~
ped

0

some added protection. See Caltrans' o 1 2 3 4 3 § 7 8 9% WO i
Memos to Designers Section 20-3 for a ELONGATION - Inches
detailed description of bridge restrainers. Figure 6. Restrainer Load-Elongation Diagram
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Typical Cable Restrainer Configurations
There are many different ways that

restrainers are installed on bridges. The
most common configuration for new and
retrofit concrete box girder bridges with
adequate hinge seat widths is the Type C1
Restrainer Unit (see figure 7). The Type
C1 has 5 cables wrapped around a drum
and threaded through holes in the hinge
diaphragms. Bolsters are provided on

each side of the hinge to distribute the G —— ‘ -5

restrainer force into the superstructure. The SECTJON THAY HINGE. .

restrainer units are bolted to metal plates | e A

on the other side of the hinge. The nuts T o [ i

are tightened and then backed off a certain “}j"‘- i o 'I =

amount depending on the ambient [eeml - 5 r ot
L . [z [ o] CHI = o Anchoress

temperature. This is to provide cnoed | E TN

temperature movement at the joints oy

without putting the restrainers into tension. i

Another problem is that the restrainers can Figure 7. Type C1 Cable Restrainer Unit

go into tension and even fail due to the creep and shortening of prestressed bridges. The
restrainer tightening procedure should address all these problems. The information on how
much to tighten the restrainers should be included with the plans. Vertical restrainer cables must
also be provided at hinges where the vertical seismic force exceeds 50% of the dead load
reaction (see figure 8). This is to provide additional protection against the bridge unseating
during a large earthquake. These restrainers are to be designed for the larger of 10% of the
dead load or 1.2 times the uplift force. For more information, see Caltrans' Bridge Design
Specifications Section 3.21.

For concrete box girder bridges where the hinge seat is too small, Caltrans has begun using pipe
seat extenders. A hole is cored through the hinge and an 8 inch double strong pipe is inserted in
the hole. Then a new bolster anchors the pipe at one end. Cable restrainers are then placed
below the pipe (see figure 9). Enough pipe extenders are added to the hinge to support the

Hetr By enierry Yant see ws

ERFRR LR Y

L (EEEST e

i

d mmm S R T .
Figure 9. Typical Pipe Extender Configuration

o Gt

Wrﬂm; ESPMJWT .‘ r -+~ - J/4%0 copims Tot & with swogied
-— VL.

Y Fiting & sl euch v,

Fig. 8 Vertical Restrainer

superstructure if it becomes
unseated during the earthquake.
A newer design places the cable o .
restrainers inside the pipe to o T e
limit coring of the diaphragms oY
(see figure 10). These are the

typical restrainer configurations for new concrete box girder bridges and box girder retrofits. For
steel and precast girder bridges and retrofits there are a variety of configurations depending on
the specific strategy. If the column bents can handle the force, the restrainers are wrapped

Figure 10. New Pipe Extender Configuration
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around the girders and the bent cap. This provides additional restraint to the superstructure.
However, if the goal is to isolate vulnerable columns from the superstructure, the steel girders
are tied together with cable restrainers or steel plates and the force is resisted at the abuiments.
Some of these design and retrofit strategies will be shown when the performance of restrained
bridges is examined in this paper.

i—-‘ Bent
— )
. Srocker
W o 4 min Mim‘< ‘ﬂ 34 Restroiner cobles
/'_Aw. Cored hols
" Neoprene
ELEVATION

Figure 11. Restrained Steel Bridge at Hinge Figure 12. Restrained Steel Bridge at Bent

Bridge Cable Restrainer Research

There has been quite a bit of research done on cabie restrainers. Over the years, Dr. Roy
Imbsen has written several papers that include studies on the role restrainers play during
earthquakes (Penzien and Imbsen 1986). He developed the first bridge expansion joint element
that included restrainers in the nonlinear structural analysis computer program NEABS. His
studies showed that if enough restrainers were placed at the joints, they helped the separate
frames move in phase during earthquakes.
Another study, by UCLA Professor Lawrence Selna was a full scale test of restrainer units
attached to concrete anchorages {Selna and Malvar 1987). Among his findings was that there
was a potential for the restrainers to puncture the diaphragms. In response, Caltrans limited the
number of restrainers to no more than 5 per unit to insure that a ductile failure of the cables
oceurs rather than a brittle failure of the concrete diaphragm.
After the Loma Prieta earthquake, 2 studies were begun that
examined the role of cable restrainers. The resuits of those
studies have recently been presented. The first was an
examination of parameters influencing the dynamic behavior
of fong double deck viaducts by Professor Fenves of UC
Berkeley. He found that restrainers were good at limiting
displacement, particularly of frames moving out of phase {o
each other due to differences in stiffness or soil
characteristics. However, he found that the current design
procedure couldn't predict the maximum displacement very
well and could underestimate displacements of end spans.
Finally, a 3 year study of the role played by restrainers
during the Loma Prieta Earthquake has just been completed
by Professors Saiidi and Maragakis of the University of
Nevada at Reno. It includes an examination of affected
bridges and a computer simulation of their behavior during
the Loma Prieta Earthquake. They found that Caltrans'
Restrainer Design Procedure leads to a conservative design
in terms of the number of restrainers, but that a more refined s
analysis procedure could result in savings and the R e
elimination of restrainers on some bridges. Figure 13. U of N Researchers
All of the completed research suggests that cable restrainers do a good job of reducing hinge
displacements. The only criticism has been that the design procedure does not accurately
calculate the actual displacement when changes in the soil, pounding of the hinge, or other
nonlinear and dynamic effects modify the response of the structure.
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Performance of Cable Restrainers During Recent Earthquakes
1) The Whitewater Overcrossing ( Bridge # 56-0571) During the

Palm Springs Earthquake.

This bridge was the first test of the Phase 1 Seismic Retrofit Program. The Whitewater O.C. is a

two simple span, steel girder bridge with a compaosite concrete deck.

It crosses Interstate 10
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Figure 14. General Plan of Wﬁitewater Overc;rossing

about 8 miles northwest of Palm Springs. it has a single 3 column bent, a 37 degree skew, and

seat-type abutments with pedestals. The girders were set on elastom

eric pads and were boited

at the far ends. Keeper angles were used to restrain the girders transversely at the free ends.

This bridge was seismically retrofitted with longitudinal and transverse cable restrainers in 1981.
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Cable restrainers on steel
bridges are usually
connected with a
turnbuckle that is torqued
to a nominatl level and
locked with jam nuts. In
this case the restrainers
were wrapped around
brackets that were bolted
to the bottom girder
flanges. The restrainer
ends were swaged

onto rods that were
embedded into concrete
at the abutments and
were swaged and bolted
to bearing plates at the
bent cap. The tension
could be adjusted by a
pipe turnbuckle at the
abutments and with a nut
at the bent cap.

The Palm Springs
earthquake measured 5.9
M| on the Richter Scale.
The Whitewater O. C.
was about 6 miles south
of the earthquake
epicenter and [ess than 2
miles from the fault. We
estimate a maximum
ground acceleration of
.6g from stations near the
bridge.

During the earthquake the
superstructure moved in
a mainly transverse
direction. At Abutment 1
the superstructure came
to rest 7 inches west of
its original position. All
three of the transverse
restrainers failed. A
turnbuckle broke on one
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Figure 16. CSMIP Map and Strong Motion Record for Station 149
Located near Whitewater Overcrossing

restrainer due to an installation error foltowed by two cable failures. All the keeper angles broke.
The abutment pedestals and backwall were heavily fractured. At Bent 2 there was cracking of
the bent cap by the inside face of both exterior columns and the metal expansion sleeve pulled
apart. At Abutment 3 a restrainer turnbuckle failed and there was concrete cracking around the
expansion joint. It appears that at Abutment #1, the keeper angles immediately failed due to
lack of confinement at the pedestal corners. Then the force was taken by the restrainers.
Unfortunately one of the turnbuckles wasn't tightened all the way and the threads failed.




After the initial failure the remaining
restrainers couldn't take the load and
failed. A restrainer at Abutment 3 also : : —
failed by stripping of the turnbuckle
threads. However this occurred later
during the earthquake and without the
large movement that occurred at
Abutment #1.

There are several lessons to be learned
from this bridges' behavior during the
Palm Springs Earthquake. The most
obvious point is that simply supported
spans are extremely lively during
earthquakes. Caltrans' revisited this
bridge after the Joshua Tree, Landers, and D S e
Big Bear Earthquakes. 1t had been Figure 17. Keeper Angle Failure at Whitewater O.C.
thoroughly repaired with better restrainers  Abut. 1 During the Palm Springs Earthquake.

and keeper plates and yet evidence
suggests that it still jumped around. Less
damage was done during these other
earthquakes and no restrainers failed,
however, the steel girders did manage to
slam into the abutments smashing up
some concrete,

For moderate earthquakes, these loose
structures with several expansion joints
rack up more damage than monolithic
bridges with diaphragm type abutments.
Which kind of bridge does a better job
during a very large earthquake remains to
be seen. However, Caltrans' general view ;
is that many of our problems are a result of §
expansion joints on the structure (and the
rest of our problems come from nonductile
details and poor soil).

The second lesson is that restrainers may
not be necessary on this bridge. For a
short, 2 span bridge, where is it going to
go? The spans just banged against the
abutments and then banged together until
the earthquake ended. All the damage was
spalling of concrete. Restrainers probably
play a bigger role on long, tall bridges
where there's some chance of the
superstructure falling off the substructure.
Even though all the restrainers and keeper
angles failed at Abutment #1, no collapse
occurred,

However, the third lesson is that its
reassuring to have restrainers on bridges.
A little added insurance is always welcome.
Restrainers do limit large displacements
(although they don't seem to control minor
banging) A little redundancy is a good
thing. And the lack of redundancy was the
major problem with this bridge. There were

Figure 18. Broken Restrainer Turnbuckle at Abut, 1

able Restrainer Failure at Abut.
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not enough restrainers
installed to handle the
acceleration of the deck
after the first restrainer
failed. A little
redundancy would have
resulted in far less
damage. Every seismic
device adds another
layer of protection to the
structural system. If the
keeper angles break, the
transverse restrainers
¢an hold the structure. If
one restrainer breaks,
there are others to take
the load.

Another problem with this
bridge is the high skew of
the expansion joints.
The large movements
may be partially the
result of the ease with
which the superstructure
can come off a skewed
abutment seat.

A final lesson can be gained from the way
the restrainers failed. Good construction
practices would prevent such damage from
occurring. All too often we've seen
restrainers on bridges that are hanging
loose or with some hardware left
unattached. Familiarity with the plans and
the purpase of these devices by
construction personnel will result in betier
performance of seismic controls during
earthquakes.

The premier performance of a seismically
retrofitted bridge during a moderately strong
earthquake gave an ambivalent message
about cable restrainers. No catastrophic
damage occurred but probably more than
we would have liked. This was the result of
poor construction and poor details. With
better restrainers the results are as shown
in figure 21 during the 6.1 M; Joshua Tree
Earthquake. The resuits of that earthquake
show that when the restrainers are properly
designed much less damage occurs.

A more detailed study of this bridge can be
obtained from a paper by Professor
Maragakis of the University of Nevada that
analyzes this bridge's behavior for the Palm
Springs Earthquake (Maragakis 1992).

Figure 20. Damage at Whitewater 0.C. Abutment 1 Expansion Joint

Flgur)'éhé. amae at Abutment #3 from the
April 1892 Joshua Tree Earthquake
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II) The Port of Cakland Overcrossing {West Grand Blvd. Viaduct)

This steel girder bridge was built in 1937 and was maodified in 1964, The main structure is

5445' long. It spans highway 80, railroad tracks, city streets, and an army base in the City of
Qakland.

SO

AF‘igure 22. Aerial View

The bridge is mostly simple spans on roller bearings and some cantilever spans with drop in
spans on roller bearings.
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This bridge was seismically retrofitted in 1976. The retrofit consisted of longitudinal restrainers
at each joint connected by steel brackets to the bottom girder flange or web on each side of the
web.
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Although this bridge is about 80 miles north of the epicenter of the Loma Prieta Earthquake, the
soft sediments of this area seem to have accentuated shaking of this bridge. We estimate a
maximum ground acceleration for the area of about 0.30g. However, cable restrainers were
routinely designed for 0.25¢g in the mid 70's. During the earthquake the girders moved diagonally
up to 14 inches with most anchor bolts and keeper plates broken, buckled cross-bracing, and
many cable restrainers broken or overstressed. There was alsc some spalling at a few columns.

Figure 26. Loma Prieta Earthquake Damage to Port of Oakland Overcrossing

However, this bridge remained open for a while after the earthquake and was even used to carry
timber shoring to a more severely distressed structures in the area. Considering the soft soil
conditions in this area and the damage to nearby structures this retrofit appears to be a success.
The restrainers were all activated holding the structure together. Research would give a better
picture of how the restrainers performed for this long, steel structure.
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1ll) Napa River Bridge (Br. # 23-64) During the Loma Prieta Earthquake

This 3280 foot structure crosses the Napa River on State Route 37 in Solano County. [t was built
in 1966, [tis a 25 span precast prestressed | girder bridge. As the bridge climbs over the river it
rises to over 100 feet in the air. The supports alternate between 3 or 4 flexible piers and a more
rigid tower. The bridge is mostly simple spans with 2 cantilever spans and a drop in hinge span
at the main river span of the bridge.
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Figure 27. General Plan of the Napa River Brldge

During construction two inch cored holes were drilled at the ends of the precast | girders and #6
bars were inserted. Then the bent caps were poured. At 8 locations an expansion joint was
placed between the | girder spans. In these locations one of the girder end spans rests on a
rocker bearing and 1-1/2" bolts were placed in each bay to hold the spans together,
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This bridge was seismically retrofitted in 1983. The retrofit consisted of restrainers at the

expansion joints and the two hinges. Rocker bearings at abutments were replac
blocks that also acted as shear keys.

ed with concrete
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The rocker bearings at the piers were replaced with elastomeric pads on new concrete pads
doweled into the cap. Longitudinal and transverse cable restrainers were wrapped through cored
holes in girders and diaphragms at expansion joints and hinges.
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NAPA RIVER BRIDGE
EARTHQUARE UPGRADING=PROJECT I0A

PHER DETAILS NO.E

This bridge is located approximately 110 miles north of the epicenter of the Loma Prieta
Earthquake. The accelerations from the CSMIP strong motion records in this area were only
about O.lg. However, this tall, fiexible structure was strongly shaken by the Gctober 17th
earthquake. The girders pulled out of their diaphragms at piers 12 and 15. These were at fixed
locations without earthquake restrainers. Five inches of the girder ends sheared off along the
horizontal holes provided for the continuous horizontal reinforcement in the diaphragms. This
turned the fixed joints into expansion joints. However, the girders still retained about 12" of seat.
There was major concrete spalling between girders and diaphragms at many other locations. The
hinge at span 13 closed an additional 4". The earthquake restrainers at this hinge were slack
with a great deal of spalling around the bent cap and appear damaged. The transverse
earthquake restrainers and shear keys were damaged at piers 9 and 17. Quoting from the
maintenance report; "...This structure has sustained much damage from the October 1939
earthquake. The EQ restrainers were damaged, however, catastrophic failure of the structure
was prevented by their presence.”

A thorough analysis of this structure will explain why so much damage occurred to a structure so
far away from the epicenter of the earthquake. Like the Whitewater O.C. and the Port of
Oakland O.C., the precast | girders jumped around during the earthquake. Moreover, the peirs
are on long piles that are unsupported for the 30 feet to the river bottom. Below that is soft soil.
We know that as an earthquake travels farther from the epicenter the high frequency waves fade
and the long frequency waves dominate. Apparently, the long frequency content of the waves
closely matched the natural frequency of this very fiexible structure. Caltrans’ Structural Design
Section 8 is currently analysing this structure as part of the seismic retrofit for this bridge. This
analysis should provide insight into Napa Rivers' behavior during the Loma Prieta Earthquake.
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Figure 32. Napa Riv

er Brige Earthquake Damage at Fixed Joint
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Figure 33. Napa River Bridge Earthquake Dama

ge at Expansion 'Joint
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Figure 34. Napa River Bridge Earthquake Damagé at Exansion Joint
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iV) Route 24/580/980 Interchange North and East Connectors (Br #33-302H & 33-304G)
These are long, tall, curved, box girder
bridges on 460 feet of firm alluwum. All of
these conditions cause the bridges to have
a lot of displacement during earthquakes.
The bridges were originally constructed in
1970 and were retrofit with Cable
restrainers and 1-1/2" high strength rod
restrainers in 1980. As can be seen from
figures 1 and 2, the structures' elaborate
geometry makes portions of it particularly
sensitive to the direction of the earthquake.
During the Loma Prieta Earthquake the
Nerth and East Connectors experienced
punching shear failures in hinge
diaphragms. This was caused by the rod
restrainers overstressing the diaphragm
during the earthquake. The damage in the
North Connector occurred at hinge #33 and
in the East Connector at hinge #20. We
estimate a peak lateral acceleration of
0.25g at the base of these structures during
the earthquake from instruments near the
site. As mentioned previously, research by
Professor Selna of UCLA identified that
failure should eccur in the ductile
restrainers rather than in the brittle
diaphragm and made specific
recommendations such as using
bolsters and spacing the
restrainers to avoid
overstressing the concrete. In
many locations this was done.
However, at these 2 locations
bolsters were not provided and
too many high strength rods
were placed together. Two
research studies examined these
structures. An analysis of the
structures was performed by Dr.
David Liu and the results are to
be summarized in a paper for
the Fifth U.S. Earthquake
Engineering Conference in 1994,
A field investigation was also
performed by Professors Saiidi
and Maragakis of the University
of Nevada at Reno as part of
their restrainer research project.
Both studies concur that failure
was a result of placing too many
restrainers too close together
and without sufficient shear
strength in the diaphragms. This

situation is exacerbated by the EE
use of high strength rods with Figure 36. Plan View of Route 24/580/980

35. Part of 24/580/980 Facing Oakland
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their significantly higher yield strength. Therefore it is recommended that all connections to

restrainers be designed to handle 25% more force to assure yielding of the restrainers.
" A ” - o
5

Gldéf..Bays'fd.n'" Studying Restrainers at Damaged Hinges

3 . [ 4
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Figure 39. Looking up

at Bridge Soffit Damagé from Hinge Diaphragm Punching Shear Failure

Figure 40. Elevation View of Hinge Damag
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V) Strouve Siough Bridges (Br. #36-88L&R) During the Loma Prieta Earthquake

These are 2 long reinforced concrete T-beam bridges supported by long pile shafts in a very soft
soil. During the Loma Prieta Earthquake the soil moved like jello taking the pile shafts for a ride.
The tops of the shafts sheared through the drop bent caps and drove through the bridge deck
causing a collapse of both bridges. This caused a closure of this portion of Interstate 1 near
Santa Cruz for several months after the earthquake. Amazingly, the restrainer cables at all
hinges held the superstructure together even as it fell to the ground.

Figure 41. Elevation View of Damaged Bridge with Cable Restrainer Holding Hinge Together.
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Figure 42. Elevation View of Damaged Bridge with Hinge Remaining Closed

i

Figure 43. Damage occurring at Strouve Slough during the Loma Prieta Earthquake
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Conclusions

This paper gives an overview of Caltrans' use of restrainers to prevent bridge damage
during earthquakes. Restrainer properties, restrainer research, and performance of restrainers
during earthquakes are shown.

Over 200 bridges with restrainers were shaken by the Loma Prieta Earthquake and performed
well. Restrainers also performed well during the recent Landers and Cape Mendocino Events.
All the research conducted so far suggests that cable restrainers are an effective method of
reducing seismic motion at hinges. However, recent research also points out that the actual
disptacement during a major earthquake is hard to predict with our current method of analysis.
That is why new bridges are designed with sufficient seat to handie the maximum credible event.
That is alsc why seismic retrofits are typically provided with seat extenders. However, research
also shows that the current design procedure for restrainers is conservative for all but a few
cases. This could be where the dynamic properties of the system change dramatically between
2 frames, or where the soil and stiffness of the structure abruptly changes or near the end of a
long bridge where there's a sudden change of stiffness. Also, research and experience show that
the restrainer connections must be significantly stronger than the restrainer yield strength to
allow the restrainers to function properly.

The examples shown give evidence that restrainers are capable of preventing significant
damage for large earthquakes. However, more research is needed. Restrainers are typically
used between adjacent frames and also to hold simple spans together. More research and better
analytical tools are needed to simulate each of these conditions. As mentioned previously,
better methods of calculating the maximum displacement are needed. Analysis that consider all
nonlinearities of the system including banging of different parts of the hinge, soil behavior,
column steel pulling out and yielding, as well as better time histories will result in better
predictions of displacement. Also the design of restrainers for curved and skewed bridges
where transverse movement can activate the longitudinal restrainers needs refinement.

Current research by Dr. Roupen Donikian of Cygna Engineers on the behavior of the five mile
long concrete trestle portion of the San Mateo Bridge will give insight on how the gradual change
of soil conditions affects a very long cable restrained structure. Current work by Professor Greg
Fenves of U.C. Berkeley into the behavior of the Northwest Connector of the Colton Interchange
will help our understanding of how curved bridges with many restrained hinges performs for large
earthquakes. Work by Dr. David Liu of Imbsen and Associates on the 24/580/980 Interchange
on the sensitivity of long tall Y Connectors having many restrained hinges to the direction of the
earthquake force should provide useful information.

We have seen that restrainers can limit the earthquake damage for bridges like Whitewater
Overcrossing. We have seen that they can keep a superstructure together even if the
substructure fails as in Strouve Slough. They can perform a role bath to prevent catastrophic
damage and to maintain serviceability of the structure. More knowledge on how their role
changes for stiff and flexible structures, for curved and straight structures, for long and short
structures, for simply supported and continuous structures will provide more efficient seismic
designs in the future.
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ABSTRACT

This study was undertaken to evaluate the highway bridges on 1-80 in the Reno-Sparks
area for their damage potential during strong earthquakes. A data base consisting of a total of
26 bridges was formed. The focus of the study was on bridges with relatively thin, tapered
columns. Three representative bridges were analyzed to determine their displacement histories,
abutment force histories, and column forces and displacement ductility demands in response to
a suite of representative earthquake acceleration. The nonlinear analyses were conducted using
computer program NEABS. Results of the nonlinear analyses indicated that in bridges with one
or two columns per piers, abutment soil yielding may occur and that the column shear forces
and moments may exceed permissible values.

INTRODUCTION

The October 1989 earthquake in Loma Prieta, California renewed the interest in a careful
re-evaluation of existing bridges which were designed based on codes developed before 1971,
particularly those in areas with the expected peak bedrock acceleration of 30 percent of gravity
or higher. Many of the highway bridges in the northwest part of the State of Nevada fall in this
category. These bridges were designed prior to the development of extensive modern codes on
seismic design of bridges, and hence are likely to be vulnerable.

To determine the degree of seismic vulnerability, guidelines developed by the American
Association of State and Transportation Officials (AASHTO) may be used. The guidelines may
be supplemented by detailed response history analyses of the bridge for earthquake records
which are representative of the historical ground motions at the bridge site. The inadequate
bridge components need to be strengthened to improve their seismic performance to the level
anticipated during the expected earthquakes.

More than 25 bridges located in the Reno-Sparks area in Northwestern Nevada have been
targeted for seismic retrofit in the next few years. A study is in progress at the University of
Nevada, Reno, to (1) estimate the degree of seismic vulnerability of these bridges based on
response history analyses of representative bridges and (2) develop and test retrofit details for
bridge components which are found to be most vulnerable. The first part of the study was
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completed in September 1993, Test specimens which model typical bridge components are
currently being designed and constructed. The purpose of this paper is to present the first part
of the study and discuss some of the work which is in progress.

DESCRIPTION OF BRIDGES

The bridges considered in this study are listed in Table 1. The table includes the
structures that compose the Interstate 80/U.S. 395 interchange as well as 13 other bridges
located in the Reno-Sparks arca. Some bridges consist of two structures, bringing the total
number of structures considered in the study to 26. Because of the large number of bridges
involved, an attempt was made to limit the number of structures to analyze by selecting bridges
which are representative of several bridges. Selection criteria included the number of spans,
bridge skew angle, number of columns per bent, and column dimensions, aspect ratios, and base
details. The column dimensions are in terms of feet. The column ties in all columns were
spaced at 12 in. which are considered to be inadequate by current standards for bridges in
earthquake-prone areas. Other typical deficiencies included a lack of top mat in the footings,
lap-spliced column dowels, inadequate anchorage length for column bars, and inadequate steel
in pier cap beams. All the bridges are supported on spread footings.

Of particular interest to the Nevada Department of Transportation (NDOT) were bridges
with tapered columns. These structures are those with different column dimensions at the base
and the top. It can be seen that four bridges, P-1177, G-996, 1-1010, and I-1006, had columns
with constant column sections. One of these bridges was a pedestrian and another was a rail
road bridge used by the Western Pacific Rail Road (WPRR). None of these four bridges were
selected for detailed study because they did not represent a significant number of structures.

Three bridges were selected for this study: (1) I-1000, representing bridges with a small
skew angle, a single column per bent, and rigid column base details; (2) I-1086N, representing
structures with a small skew angle, two columns per bent, and one-way hinge column base
details; and (3) I-1171, representing structures with a large skew angle, more than two columns
per bent, and rigid column bases.

All the selected structures were designed according to the 1964 interim American
Association of State Highway Officials (AASHO) bridge specifications to support a live load of
HS-20. Construction records indicate that the concrete had an average compressive strength,

., of approximately 4800 psi, while the reinforcing steel had an average yield stress of
approximately 47,000 psi.

Bridge 1I-1000
This bridge, shown in Fig. 1, carries southbound U.S, 395 to eastbound Interstate 80
ramp traffic over the Interstate. The bridge is a four-span, continuous, conventionally reinforced

concrete, multi-cell box girder structure which is supported on single-column piers. The cross
section of the bridge is shown in Fig. 2. The column sections are round at the ends with a
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diameter of one foot. The columns have rigid connections at both ends. Thermal movement
of the bridge is accommodated at the “rocking backwall”-type abutments (Figure 7.a).

Bridge I-1086N

Dimensions of this bridge are shown in Figs. 3 and 4. The bridge carries northbound
U.S. 395 traffic over Interstate 80. This structure is paired with I-1086S, but because the
median slab is only nominally connected to the two bridges, the slab connections could be
expected to fail during an earthquake, any rigid link effect between the two bridges could be
ignored, resulting in no interaction between the two structures. The bridge is a four-span
conventionally reinforced concrete, multi-cell, box girder structure. The abutment connection
detail is shown in Fig. 7. The deck is continuous over the three double-column bents. Each
of the bents is composed of two tapered columns, the sections of which are round at the ends
with a diameter of one foot. The column to footing connections consist of one-way hinges,
hinged about the transverse axis of the bridge.

Bridge 1-1171

This structure, shownin Fig. 5, carries southbound U.S. 395 to westbound and eastbound
Interstate 80 ramp traffic over 9th Street. The bridge is a three-span reinforced concrete box
girder structure. The superstructure section (Fig. 6) is a continuous box girder. Each of the
bents is composed of three tapered columns. The columns are round at the edges with a
diameter of one foot and are rigidly connected to the footings. The abutment detai! is shown
in Fig. 7.b.

ANALYTICAL STUDIES

To determine the effects of an earthquake on the columns of the selected bridges, three
types of computer analysis were performed: (1) a modal analysis to determine the periods of
vibration for the first two modes in each structure; (2) an earthquake analysis with linear
columns; and (3) an earthquake analysis with nonlinear columns.

The modal analysis was performed to obtain each structure’s mass-proportional and
stiffness-proportional damping factors, which are required as input values for the earthquake
analyses. The modal analysis was performed using Images-3D from Celestial Software [1].
Images-3D is a three-dimensional general-purpose finite element analysis package for IBM-
compatible personal computers. The modal analysis feature of Images-3D can calculate the
frequencies, mode shapes, modal weights, and participation factors for a given structure.

The earthquake analyses were performed using the software package NEABS (Nonlinear

Earthquake Analysis of Bridge Systems) [2]. NEABS is a mainframe-based program written in
FORTRAN 1V (converted to FORTRAN 77 for this study) that was developed specifically for
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performing non-linear dynamic analysis of bridges. NEABS evaluates the response history to
either applied dynamic loadings or to uniform support excitations.

Two sets of response history analyses were carried out. In all of these analyses, the
abutments were modeled by nonlinear springs using the hinge restrainer element in NEABS.
The springs representing the abutments were active when the bridge moved toward the abutment,
but were inactive when the bridge moved away. The columns, however, were treated as linear
elements in one set of analyses and nonlinear elements in the other. For the earthquake analysis
with nonlinear columns, biaxial bending elements, known as “five-spring elements,” were
employed at the base of each column. Five-spring elements (FSE) were added to the NEABS
program in the course of an earlier study conducted at the University of Nevada [3]. Each
element represents a column as a group of five axial springs, with each spring representing the
properties of concrete and reinforcing steel. When used in regions of column plastic hinging,
FSE’s account for stiffness degradation which is typically seen in the response of reinforced
concrete elements. Compared to the non-degrading bilinear models, the FSE provides a more
realistic response during yielding, which, in turn, provides more accurate structural response.
The properties of the FSE’s were based on the measured steel and concrete properties.

The modified NEABS model has produced satisfactory results for a variety of bridge
structures. In the study presented in this report, however, it was found that when relatively soft
horizontal translational foundation springs are utilized, the model would not work properly and
would become unstable. The foundation stiffness values for these springs determined based on
the method supplied by the NDOT Geotechnical Section were relatively small. Because of time
limitations, it was not possible to conduct a comprehensive review and modification of the
algorithm in NEABS to solve the numerical instability problem. Furthermore, it was observed
that, because of inadequate steel reinforcement anchorage lengths and due to a lack of concrete
confinement, even the FSE would not be able to accurately model the actual behavior of the
piers. No other bridge seismic analysis model is available that accounts for these effects.

The foundation stiffness values for horizontal springs had to be increased to 1.5 x 10°
kips/foot to obtain stable results. This value is approximately ten times higher than the upper
bound stiffnesses. The factor of ten may appear to be large. However, it is hoted that the upper
bound stiffness values are higher than the lower bound values by a factor ranging from
approximately 10 to over 60 [6]. Considering the approximate nature of the soil stiffness
calculations and the wide range in the values, the increased stiffness may be acceptable in
determining an estimate of the ductilities. Nonetheless, in order to observe the effects of the
realistic foundation stiffnesses, an earthquake analysis with non-yielding columns, without the
use of five-spring elements, was also conducted.

Bridge Models
Figure 8 shows the finite element model for bridge I-1086. The number and location of

the nodes represent those of the other two bridges. For the non-linear earthquake analysis, x-
and z-direction translational foundation spring stiffnesses were artificially increased to the level
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necessary for NEABS to yield stable results. The column foundations were modeled using
spring-to-ground elements. Upper- and lower-bound soil stiffness values were calculated using
the NDOT method [4] which is based on the half-space method and the measured soil properties
at or near the site of the bridges. The computer runs were made using the mean stiffness value
for each of the six spring components. The stiffness values for bridge 1-1086 are shown in
Table 2.

The abutment soil stiffness and yielding values were determined based on the NDOT
method [1]. To simulate the one-way action and yielding characteristics of the abutment soil,
NEABS expansion joint elements were used. The expansion joint was assumed to have no
internal stiffness; only the restrainer cable feature was employed. Six equally-spaced restrainer
cables were used to simultaneously simulate the stiffness for the x-translation and y-rotation
degrees-of-freedom. At the abutments, z-direction translation was restrained. In addition, x-
rotation and y-translation were restrained, but z-rotation was left unrestrained.

Input Ground Motion

Each of the three bridges sclected for study was subjected to five different earthquake
acceleration records, based on five well-known historical earthquake records: Castaic, El Centro,
Lake Hughes, Loma Prieta, and Parkfield [5]. These records were selected and recommended
by the Geotechnical Section of the Nevada Department of Transportation, based on soil depth
to the bedrock, soil types at the site, and historical earthquake data. The records represented
the expected earthquake records at the level of footings and the abutments of the bridges in the
area.

The five records form a “suite” of standard acceleration records designed to produce a
range of results the envelope of which present critical forces and displacements. Each of the
original acceleration records has been scaled to a rock acceleration of 0.4-g, then modified to
represent the ground acceleration at the level of the bridge footings and the abutments. For this
analysis, the five records were convoluted through the soil profile at the Sparks I-80 viaduct,
approximately three miles east of the Interstate 80/U.S. 395 interchange. The same record was
applied simultaneously in the longitudinal and the transverse direction of the bridge in each
analysis. Samples of the earthquake records are shown in Figs. 9 and 10.

ANALYTICAL RESULTS

Typical response histories are shown in Figs. 11 and 12. It can be seen that both
abutments "yielded". This was typically the case in bridges I-1000 and I-1086 but not in I-1171.
The maximum abutment force in this bridge was less than sixty percent of the yield force.

Tables 3 to 5 show the peak responses for different earthquakes when the columns were
linear. The table also lists the nominal shear and moment capacities. The permissible shear
values are the column shear strengths based on the AASHTOQ Specifications multiplied by the
shear strength reduction factor of 0.85. The moment capacities were determined from a
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moment-curvature analysis. Because the anchorage lengths for the column longitudinal bars
were inadequate at both the top and bottom, the nominal moments correspond to the moments
that can be developed with the short anchorage lengths. The nominal moments listed were
obtained by reducing the steel stress by a factor equal to the ratio of the available to the required
embedment lengths. The required lengths were calculated using the current AASHTO
Specifications. The 25 percent increase in the yield stress which is specified in AASHTO to
compute the required embedment of the column bars was not taken into account,

The columns labeled “A” are the ratios of the NEABS results to the permissible values.
Values of A greater than 1.0, shown shaded in the table, indicate a possible yielding condition.
The magnitude of A values greater than 1.0 are artificially high because the model had linear
columns. When yielding is permitted, the force values cannot be significantly higher than the
yield forces. No shear capacities are listed for one-way hinges. This is because recent studies
have shown that the failure of one-way hinges for loading in the strong direction is controlled
by flexure and not shear {7].

The Parkfield earthquake record was found to be the most critical record for I-1000 and
I-1086 and was thus chosen for further study in the analysis with non-linear columns, In bridge
1I-1171, the El Centro record was the most critical record.

Ductility in this study is defined as the ratio of the maximum displacement at the
inflection point of a column divided by the displacement corresponding to the flexural yielding
of the column at its end. The effects of foundation flexibility and rigid-body movement of the
column are subtracted from the displacements to obtain a direct index for the level of yielding
in the column itself.

Table 6 lists the estimates of the column ductility demands in all bridges for the “critical
carthquakes.” It should be noted that program NEABS assumes that the columns are well
confined and that sufficient anchorage is provided for all the bars. It also assumes that sufficient
shear strength exists at all the elements and joints. The program does not incorporate any
strength degradation effects that may result from the lack of confinement, short anchorage
lengths, or insufficient shear strength. The bridges which are analyzed in this study, however,
are inadequately detailed based on current standards for seismic design. Therefore, the actual
displacements may be considerably higher than those calculated. The loss of anchorage may
result in structural instability, a phenomenon that is not accounted for in NEABS.

Highlighted in the table are ductility demand values of 0.7 or higher. In bridge I-1000,
only the base of the column is likely to yield because of the fact that the bents consist of single
columns in this bridge. No numbers are shown for the base of I-1086 in the longitudinal
direction because the column bases are one-way hinges detailed to be moment-free in the
longitudinal direction.

It can be seen that the results of the analysis with nonlinear columns are in line with the
results with linear columns in that they point out potential for plastic hinging of the columns.
Similar to what was observed in the linear column analyses, bridge I-1171 appears to be less
critical than others. The fact that the maximum ductility demand in this bridge is 0.7 or less and
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that the elastic column moment ratios (Table 5) were also 0.7 or less suggests that the bridge
columns could perform adequately when subjected to earthquakes.

EXPERIMENTAL PROGRAM

Nearly two-thirds of the bridges included in the data base of Table 1 showed some
deficiencies in the substructure. An analysis of the pier cap to column connections has also
shown that the cap beams are inadequately reinforced. Four sets of test specimens are being
designed currently to determine the as-built strength and ductility capacity of typical substructure
components. The scale of these specimens is 0.417 with respect to the geometry of the
elements. The steel reinforcement area and details are being designed to represent the majority
of the bridges. Column ties are being selected so that the degree of confinement provided in the
specimens is close to the prototype. Anchorage lengths of column bars are short by the same
ratio of the actual to required embedment lengths in the actual bridges. Specimens representing
the bridge column to footing connections are shown in Figs. 13 and 14, Other specimens which
are being designed are a footing specimen and a column to pier cap connection. The specimens
will be subjected to constant loads representing the dead load effect and will be subjected to
cyclic loads to determine the strength and ductility of the as-built details. Once these limits are
established, identical specimens will be built and retrofitted to determine the adequacy of retrofit
details.

CONCLUSIONS

Results of the nonlinear analysis with linear columns indicated that in bridges with one
or two columns per bent, abutment soil yielding may occur and that shear forces and moments
may exceed permissible values. In the case of the bridge with three columns per bent, the
abutment soil did not yield and shear forces and moments did not exceed the permissible values.

Results of the analysis with non-linear columns showed that column displacements may
exceed the yield value in single-column per bent structures. In structures with two columns per
bent, ductility demands were close to one, but did not exceed the yield value of 1.0. In the
bridge with three-column per bents, an even lower ductility demand was found. The high skew
angle in this bridge did not seem to lead to excessive forces or displacements. These ductility
demands should be viewed with caution because computer program NEABS (and no other
available bridge seismic analysis programs) account for strength and stiffness degradations that
are expected in unconfined reinforced concrete members with inadequate embedment length for
the reinforcing bars. The results suggest that, should the confinement and anchorage problems
be resolved through retrofitting, a maximum displacement of the order of 1.5 in. would be
expected in bridges considered in this study. The results also indicate strongly that bridges with
single-column piers are the most susceptible structures to seismic damage, while multi-column
structures are much less susceptible.
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Table 1 - General Information for Bridges Included in the Study

BROG. |NO.OF [SKEW [COL.DIM [cOL.DIM |Ave. COL. [BASE NO.OF  |COMMENTS
SPANS ATBASE |ATTOP |ASP.RTO [DETAIL COL/ENT
11000 4 10[2BY6  |28Y9 3.76|RIGID 1
1100% 4 14;2BY 6 2BYS 3.75|RIGID 1
1086 4 7i28BY 4 2BY8 3{1-WAY HINGE 2|TWO PARALLEL BRIDGES
1087 4| VAR, 2BY 6 28Y 9% 3.75|RIGID 1
11088 4 912BY 35 [2BY7.5 2.75|1-WAY HINGE 2
-1143 3 3z[2.58Y 4 25BY§ 2181GID 3|TWO PARALLEL BRIDGES W/ DIFF. COL. SPACING
1171 3 33[2BY 3.5 |2BYS.S 2.25(RIGID 3|VARIABLE WIDTH
11122 4 122 8!’”‘! 2BY8 3[1-WAY HINGE 2[TWO PARALLEL BRIDGES
111723 3 33|2BY3IS [2BYS 2,13{RIGID 2
H-981 4 1612 BY S 28Y 9 3.511-WAY HINGE 2[RALSTON- 2-FT PEDESTAL @ BASE
fil_]? 4 16]2.5X4.26 [2,5X4.25 1.71RIGID 1{PEDESTRIAN; ARLINGTON
1-394 4 0{28YS 28Y3 3.5|1-WAY HINGE 2[CENTER; 2-FT, PEDESTAL @ BASE
H-995 S 11|28Y S 28Y9 3.5{1-WAY HINGE 2|EVANS; 2-FT. PEDESTAL @ BASE
G-9936 4 9125 BY 10 (25 BY 10 4{RIGID YIWPRR
1.892 _4 oj28Y S5 2BY9 3.8|1-WAY HINGE 2|SIERRA; 2-FT. PEDESTAL @ BASE
H-930 4 1¢|2BY 5 28BY9 3.511-WAY HINGE 2|WASHINGTON: 2-FT, PEDESTAL (® BASE
H-893 4 0|2BY 4.5 |2BY#§ 2.6811-WAY HINGE 3]VIRGINIA; 2-FT. PEDESTAL @ BASE
H-997 4 6l2BY S 28Y% 3.5{1-WAY HINGE 2|VWALLEY: 2-FT. PEDESTAL ® BASE
11002 3 473 BY 4 3 BY 6.25 1.71 [RIG'D A[US-40 INT; 1.5" COL. PED.; 2 PARALLEL BRIDGES
H-1003 3 33|13 BY 4 38Y6 1.67 |RIGID 3|KIETZKE: 2 PARALLEL BRIDGES
-0 4 23i2BY & 2BYS 4.5 (RIGID 1|RAMP NO, 24;
1-1006 3 0[2.830IAM 12.8301AM |NA LI-WAY HINGE J|PYRAMID WAY; CIRC. COLS,
Table 2 - Column Footing Spring Properties for Bridge I-1086
Spring Component Upper Bound Lower Bound Average
K, kit 1.56 = 10° 253 x 1¢° 7.91 x 1¢¢
K, KA 1.33 x 10° 2.16 x 10° 6.76 x 10°
K, Wi 1.51 = 10° 2.46 x 10° 7.69 x 10°
K, k-ft/rad 1.20 x 107 1.95 x 10° 6.11 x 10°
K., k-firad 1.30 x 167 212 x 10° 6.62 x 10°
K. k-ft/rad 8.79 x 10° 145 x 10° 4.47 x 10°
Table 3 - Maximum Shears and Moments in Bridge 1-1000
NEABS Results
Castaic El Centro Lake Hughes Loma Prieta Parkfield |
Calumn | Component| Nominal | Permissible| Calc. ) Cale 3 Cale. 1 % Cale. | & Cale. | 3
VX (Kips) 310 264 51.2 0.19 72.9 0.28 90.0 .34 85.3 0.32 | 1128 | 0.43
Top | Vz{kips) 395 336 §2.7 025 | 889 026 | 1247 | 037 835 027 | 1183 | (.35
My (k-#) 6708 6037 3833 | 0.06 | 3751 | 006 | 5356 | 0.09 | 378641 ; 0.06 | 509.7 | 0.08
1 Mz (k-H) 1867 1680 5420 | 032 | 7560 | 045 | 9436 | 056 | 8905 | 053 | 11800 | 070
Vi (Kips) 735 207 558 0.30 | 797 0.40 1036 954 0.48 1266 | 063
Base| vz (kips) | 280 238 896 | 036 | g24 | 039 | 1270 942 | 040 | 1178 | 049
Mx (k-f) 2683 2415 20200 | 084 | 21420 | 085 | 29800 27830 | 060 | 2811.0 :
Nz (k-Tt) 1317 1185 5397 | 046 | 7312 | 062 | 9362 | 0679 | 871.0 | 073 | 11580 ( 098
Vx (kips} 30 264 | 498 0.19 73.2 0.28 99.0 0.38 527 035 | 1236
Top | Vz (kips} 395 336 1690 | 050 | 1860 | 065 | 2546 | 076 | 188.9 | 056 | 2442
| Mx (k) 6708 | 6037 7133 | 012 | 7977 | 033 | 10870 | G718 | 8014 | 0.13 | 10330
2 Mz (ki) 1867 1680 5280 | 031 | 7693 | 046 | 10380 | 062 ! 6607 | 058 | 12820
Vx (Kips) 238 201 583 029 536 6.41 1117 | 686 | 1037 | 052 | 1338
Base | Vi (ips) 280 238 1775 180.5 2615 "} 1938 | 081 | 247.0
M (k-ft} 2683 2418 4087.0 4459.0 §1236 |~ 284, 45130 L4 87 58080
Mz (k-f1) 1317 1185 523.9 7534 10130 | 085 | 9445 t 0.80 | 1227.0
Vx (kips) 310 264 458 777 1026 | 039 96 4 037 | 1270
Top | Vz (kips) 395 336 851 94.8 132.8 | 040 94,1 026 | 1198
Mx (k-ft) 6708 6037 | 3473 399.0 553.1 | 009 | 3807 | 006 | 5358
3 Mz (k-ft) 1867 1680 490.3 802.1 10770 | 064 | 10000 | 060 | 13110 078
Vx (kips) 236 201 54,5 ) 82,7 0.41 116.4 0.58 1675 | 054 | 1353 | 067
Base | Vz(kips) | 280 238 | To23 039 | 988 042 | 14071 058 999 | 042 | 117.1 1049 |
Mx (k1) 2683 2415 20770 | 086 | 2268.0 | 085 | 32030 |°,1.48%/] 22820 | 005 | 28430
Mz (k-ft} 1317 1185 4884 | 041 | 7607 | 064 | 10540 ] 089 | 977.7 | 082 | 1246.0
Max. Longitudinal Displacement (in.) 0.22 0.31 0.42 0.40 0.52
Mayx. Transverse Displacement (in ) 0.73 0.80 1.08 0.61 1.04
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Table 4 - Maximum Shears and Moments in Bridge I-1086

NEABS Results
Castaie Ei Centro Lake Hughes Loma Prieta Parkfield
Colymn | Component| Nominsl | Permissiblel Cale, 3 Cale. 3. Cale % Cale. | 3. Cale. |
Vx (kips) 254 216 6.8 0.04 1.4 0.65 26.1 012 115 0.05 530
Top [ Vz {kips) 372 316 606 | 022 9.7 031 | 1342 | 042 | 847 027 | 1848
Mx {k-R) 3508 3157 12330 | 039 | 17000 1 054 | 23730 ] 075 | 14860 | 047 | 32680
1 Mz {k-ft} 1407 1256 2444 | 019 | L7 | 025 | 7316 | 058 | 3187 | 625 | 14820
Vx (Kips) n/a — 88 — B — 115 — 53.0
Base | Vz(kips} nla -_ 69.5 — 134.2 — | 847 - 184.8
Mx (k-ft} 1061 955 7193 | 078 1385.0 [5145°5] 8745 ¢ 092 | 1906.0
Mz {k-ft} nia = 0 — fi] — I 0
Vx (kips} 254 216 12,5 0.06 39.3 ‘ 17.0 0.08 80.5
Top | Vzikips) an 316 1579 | 050 3185 [101.1 1853 | 059 | 4200
 Mx (k) 3508 | 3157 | 23830 | 076 48300 §:°1/53.7| 2809.0 | .89 | 6367.0
3 Mz (k-H} 1407 1266 3013 | 024 5448 | 075 | 4084 | 032 | 18370
Vx [kips) n/a -— 125 -— 39.3 —_— e | — 80.5 —
Base | VZ {kips) nia — 1678 — 318.5 —_ 1853 | — 420.0 -
My {k-fi) 1061 955 13090 |5 1,48 28400 [, 2.07.2| 18540 173 | 37480 |
Mz (k-f) nia — 0 — 0 — 0 I - 0 | =
Vi (Kips) 254 216 128 0.06 38.4 0.18 164 | 0.08 80.1
Top | ¥z (kips) 372 316 923 0.29 1611 051 6.2 030 | 2138
CMx(k-fty | 3508 | 3157 | 1398.0 | D44 24400 | 077 | 1457.0 | 0.46 | 3244.0
5 Mz {k-h) 1407 1266 3076 024 5247 1 073 | 3941 031 | 19280
Vx (kips) nia - 12.8 - 38.4 — 74 1 — 80.1
Base | Vz {Kips) nla — 923 — 1611 — {es2 | — 2138
Mx (K-) 1061 955 8232 | 0.86 14400 [ 151-] 85869 ! D80 | 19060
Mz {k-fi) nia — [ — 0 - 0 [ = 0
Max. Longitudinal Displacement (in.) 0.34 1.30 0.39 ¢ 88
Max. Transverse Displacement (in.) 0.32 0.64 0.38 Q.72
Table 5 - Maximum Shears and Moments in Bridge 1-1171
NEABS Resuits
Castaic El Centic Lake Hughes Loma Prieta Parkfield
Column | Component] Nominal | Permissible|  Calc, % Calc. A | Cale 1 % 1 Cac | & Cale. | %
Vx (fips) 187 158.95 141 0.08 9.3 .06 95 G.05 10,4 0.7 14.3 0.09
Top { Vz (kips) 261 221.85 53.5 0.24 54.2 0.24 46.0 .2% 478 0.22 507 0.23
X (k-f) 2083 1874.7 7279 | 038 | 7487 | 040 | 5067 | 032 | 6260 | 033 | 6688 | 036
1 Mz (k-ft) 929 836 1 1168 | 0.14 513 011 738 602 | 1156 | 0413 94,0 0.11
Vx (kips) 140 119 14.6 0.42 12.1 0,10 10.8 .08 1.9 0.10 127 0.11
Base | vz (kips) 161 136.85 63.4 0.45 65.2 .48 496 0.36 512 0.37 555 0.41
Mx (k-fl) 1000 800 5216 | 058 | 5362 | 080 | 4015 | 045 | 4250 | D47 | 4608 | 051
Mz (k) 780 675 133.7 | 020 | 1169 | 0.7 738 0.1 1200 | 0168 | 1034 | 0.5
Vx (kips) 187 158.85 12.2 0.08 14.8 0.09 96 0.06 167 | 011 163 | 006
Top | Vz (iips) 261 22185 74.4 0.34 744 034 55 §.28 662 | 0.30 62.1 | 0.28
Mx (k- 2083 1674.7 9055 | 048 | 8886 | C47 | 6972 | 037 | 7erd4 | 042 | 7618 | 0.41
4 Mz (k1) 929 836.1 1189 | 0.14 1375 | 018 753 005 | 1477 | 018 78 | 011
Vx {Kips) 140 119 16.2 0.14 i7.6 0.15 12,4 0,10 175 0.15 1338 0.12
Base | VI {kips) 161 136.85 84.7 0.62 80.6 056 | 687 050 | 704 1 051 72.1 053
Mx (i-t) 1000 300 6421 0.71 | 6131 068 | 5125 | 057 | 8373 | 0.60 | 5434 0.60
Mz (k-ft) 750 675 1518 | 0.22 | 1570 | 0.23 984 | 0.15 164.7 | 024 98.5 .15
Max. Longitudinal Displacement {in.} 0.17 0.21 015 0.17 0.18
Max. Transverse Displacement {in ) 0.18 0.14 0.12 0,11 0.15
Table 6 - Estimates of Maximum Ductility Demands
Columns Yield Maximum Calculated
Bridge per Skew | Direction of Type of Atm Displacement | Displacement Ductility
Number | Bent {deg) |Displacement Curvature (in.} fin.) {in) Demand
1-1000 1 0 Longitudinal Doudle Top 137 0.570 0.238 0.42
(Weak Axis) Base 97 0240 0,160 0.67
Transverse Single Top — — — —
(Strong Axis) Base 234 0.420 0.510
I-1086 2 0 Longitudinat Single Tep 288 3.318 0.561 0.17
{Weak Axis) Base — — — —
Transverse Double Top 221 0.306 0.047
(Strong Axis) Base 67 0.044 0.042
-1171 3 46 Longitudinal Double Top 128 0.394 0.082
(Weak Axis) Base 104 0.245 0.100
Transverse Double | Tep 157 Q.19 0.081
(Strong Axis} Base 76 0.0676 0.055
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ABSTRACT

This paper presents the damage to bridges caused hy the recent earthquakes
occurred in Japan. Sixty—two bridges were damaged by the Kushiro—oki Earthquake of
January 15, 1993, and twenty—four bridges by the Hokkaido—nansei—oki Earthquake of
July, 12, 1993 including slight damage which did not affect the trafficability of bridges.

INTRODUCTION

The Kushiro—oki Earthquake occurred on January 15, 1993, and
Hokkaido—nansei—oki Earthquake occurred on July 12, 1993 both in Hokkaido island. They
caused a lot of damages to highway, river and port facilities and buildings.

The Kushiro—oki—FEarthquake with magnitude of 7.8 on the Richiter scale occurred
approximately 15km from the Kushiro city. The Hokkaido—nansei—oki Earthquake with the
magnitude of 7.8 occurred approximately 60km north—west from the Okushiri Island.
Hokkaido—nansei—oki Earthquake caused heavy damage to Okushiri island by the Tsunami
and the Fire. Although two earthquakes were a large—scale earthquake with the magnitude
of 7.8, structural damages were not so heavy because the earthquakes hitted rural area with
low population density and there are not large scale structures in the affected area.

Figs. 1 and 2 show the location of the damaged structures. On the highway bridges,
large damage such as falling—off of superstructures was not found. However, based on the
investigation of the damaged bridges important lessons on the seismic design of highway
bridges and countermeasures to highway systems in the future were found. This paper
presents damages to highway bridges caused by the Kushiro—oki Earthquake and
Hokkaido—nansei—oki Earthquake.
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DAMAGE TO REINFORCED CONCRETE BRIDGE PIERS WITH TERMINATION
OF LONGITUDINAL REINFORCEMENT AT MID-HEIGHT

Common damage to bridges in the two earthquakes was damage to the reinforced
concrete bridge piers where the longitudinal reinforcement was terminated at mid—height.
This type damage was recognized by the heavy damage to the piers of Shizunai Bridge
during the Urakawa—oki Earthquake of 1982. Shizunai bridge was damaged as almost
falling—off of superstructure.

The damage to reinforced concrete piers were found for six bridges by the
Kushiro—oki Earthquake and three bridges by the Hokkaido—nansei—oki Earthquake. All
of eight bridges were constructed in 1960s to early 1970s and the bridges were designed
according to the specifications before the revision of design details on the anchorage of
reinforcement in 1980.

The followings show the interesting damage in which some spans were designed
according to the older specifications and damaged by the Hokkaido—nansei—oki
Earthquake, and the other designed according to the revised specifications was not
damaged.

Photo 1 shows the Shin—Shiriuchi bridge on the municipal highway of Motomachi
No.l. It is a 7 span simple post—tension T shaped girder bridge with length of 214m and
width of 6m. Although the original bridge was constructed in 1970, the right side two spans
with length of 66m were newly constructed in 1989 becauce of the river reconstruction.
Existing piers have the height of 6.8mm for Piers P1 and P4, that of 7.04m for Piers P3 and
P4. They all have the circular section with diameter of 1.8m. Newly constructed Pier P1
has the oval section of 3 X 1.8m, and P2 has that of 3m X 1.5m. The foundations are caisson
type for all piers except that the new Pier P1 has a direct type foundation.

Sixty—four reinforcing bars with diameter 22mm (D22) were arranged for existing
piers. In which, 32 reinforcing bars are terminated at the height of 2.47m from the bottom
of piers and then 16 reinforcing bars are terminated at the height of 3.67m. On the other
hand, for new Pier P2, 56 reinforcing bars are arranged at the bottom and 28 bars are
terminated at the height of 3m from the bottom. No termination of the reinforcing bars for
new pier P1 are made.

The damage was found at the termination section of all of the existing piers. Photo 2
and 3 shows the damage situation. Cracks and spalling—off of cover concrete was found and
the buckling and the deformation of reinforcing bars towards the outside of the piers were
occurred.

Heaviest damage was found at Pier P3 and the pier was damaged with the height
about 1m at the lower termination section. It was caused by the response in the transverse
direction because the damage was found at the both side of the pier in the upper and lower
stream sides of the river.

The judgement methods of the damage degree in terms of residual strength and
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ductility characteristics of reinforced concrete piers are shown in the Manual of the
Earthquake Disaster Prevention for Highways. The damage degree can be estimated
according to Table 1. The damage to Pier P3 is estimated as "heavy damage" with
requirement to close the traffic. The strength of the pier is estimated under the yielding

strength.
It is interesting that the damage was found at the exciting piers but no damage was

found newly constructed Pier P2 which also has the termination of main reinforcement. It is
proved that this type damage was prevented by providing an enough anchorage length for
the terminated reinforcing bars according to the 1980 specifications.

The strong motion records was obtained at the Shichihou Bridge (no damage) which
is located about 10km form the Shin—Shiriuchi Bridge by the Hokkaido Development
Bureau. Peak acceleration on the ground surface was about 200cm/sec’. The wooden house
1s located at the just side of the bridge and the owner said that the house was excited
heavily during the earthquake but the vibration was not so large and a cup was dropped
from the case. It is an important damage to learn even if the excitation is not so heavy
heavy damage will occurred if the anchorage length is not enough.

The same type damage was found at five bridges during the Kushiro—oki
Earthquake, i.e., Matsnoe Bridge on national highway No.240 (Photo 4), Gojukkoku Bridge
on national highway No0.391 (Photo 5), Shin—tawa bridge on regional highway
Nakashibetsu—Shibetya (Photo 6), Hatsune Bridge on regional highway Onbetsu—Teishajo
(Photo 7}, Akangawa Bridge on the regional highway of Akan—Shibetya (Photo 8), Yoda
Bridge on the regional highway Horokayanto (Photo 9). And 2 bridges during the
Hokkaido—nansei—oki Earthquake, ie., Motoe Bridge on the municipal highway
Motoebashi (Photo 10), and Motouriya Bridge on the municipal highway Uriya No.2 (Photo
11).

DAMAGES TO ABUTMENT AND BEARING SUPPORTS

Kamiisoshin Bridge is located on the National Highway No.228 at the Kamiiso in
Hakodate city. Photo 12 shows the bridge with bridge length of 53.1m and the width of
8m. The bridge constructed in 1961 and was a three span simply supported steel plate
girder bridge. The foundations are a caisson type.

Photo 13 shows the damage found at the Al abutment (fixed bearing). The girder
moved by about 5cm in the longitudinal direction and crashed into the parapet of the
abutment. The web of the steel plate deformed and the crack was found at the parapet. The
bearing supports were rotated with displacement of 5cm as shown in Photo 14. The
bearing was damaged because the bearing was one anchor type bearing. This type bearing
was easily rotated by the longitudinal lateral force. After and the bearing concrete was
damaged, the anchorage was dislodged and then the bearing was floated up.

Although this type damage was commonly found in the past earthquakes, it is difficult
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to repair this type damage. Generally, the parapet is reconstructed after the displacement of
the girder was fixed. However, the repair work significantly affects the traffic. This type
damage is easy to be developed during earthquakes, therefore, it is required to develop the
structural details which is not affected by the earthquakes and also is easy to repair.

DAMAGE CAUSED BY SOIL LIQUEFACTION

During the both earthquakes, the effect of soil liquefaction was found in a wide area
of Hokkaido especially in Kushiro area and south—west area of the Hokkaido. Many
damages were found at the road embankment, submerged structures, port facilities and
buildings. Although the bridge was not affected by the soil liquefaction, Oshamanbe bridge
is an only bridge clearly damaged by the soil liquefaction.

Photo 15 shows the Osyamanbe bridge in the Oshamanbe on the National highway
No.37. It is 5 span simply supported post tension T shaped girder bridge with bridge length
of 150.1m and deck width of 7m. The foundations are a caisson type. The bridge was
constructed in 1960 and the pedestrian bridge was added at the upper stream in 1976.

The bridge pier was inclined in the direction of upper stream of the river as shown in
Photo 16 resulting in the displacement of 42cm on the deck level. No inclination was found
at the abutments. Since inclination angle is larger at the center of the bridge and smaller at
the abutments, the bridge looks like a curved bridge as shown in Photo 17. The largest
inclination of pier was found at the Pi~r P2, the height level at the bearing support in the
upper stream side is higher by 38.6cm than that in the lower stream side. The inclination
angle was about 0.035 radian.

Several boiling holes caused by the soil liquefaction were found around the bridge.
Fig. 3 shows the ground condition around piers. Gravel, fine sand, and gravel sand layers
are around caisson foundation, it is estimated that the these layers in particular fine sand
layer was liquefied. Fig. 4 represent the liquefaction resistance factor, I, , of the pier
P2. In the computation of the liquefaction resistance factor, the seismic lateral force
coefficient was assumed as 0.15 which is the design lateral force coefficient.

It should be noted here that the evaluation method for soil liquefaction was
introduced in the design specification of highway bridges in 1971. And the evaluation
method and treatment method which is almost the same method as a current design
method for the design of highway bridges was revised in 1980. The bridge was constructed
in 1960 and the effect of soil liquefaction was not considered in the design of the bridge.

DAMAGE TO FALLING—-OFF PREVENTION DEVICES

Although damage to the stoppers which were installed at the bearings was found in
the past earthquakes, there has been very few damage to the falling—off prevention devices
because the large—scale earthquakes has not occurred recently. The bolts of the connection
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devices between adjacent girders of Hatsune Bridge on the regional highway
Onbetsu—teisyajo were failed during the Kushiro—oki Earthquake. On the other hand, the
steel links connecting between girder and substructure were buckled at the Yanagisaki
bridge on the national highway No.229 during the Hokkaido —nansei—oki Earthquake.

Hatsune Bridge as shown in Photo 18 is 6 span simply supported steel plate girder
bridge with bridge length of 172m. The bridge was constructed in 1969. Photo 19 shows
the connection devices between adjacent girders used for the Hatsune Bridge. The steel
plate (SS400) with height of 68cm, width of 34.5cm and thickness of 9mm was connected by
7 bolts in one side, total 14 bolts for both sides. The bridge has 3 steel plate girders and
one connection plate was installed for each steel plate girder. The one side of the
connection plate was fixed to the plate girder and the other side had the oval holes so as to
be movable in the longitudinal direction by =+ 20mm.

During the earthquake, the 3 to 10 bolts were cut by shear for 10 connection plates
in the total 15 plates as shown in Fig. 5. Photo 20 shows the connection plate at which 10
bolts in 14 were cut and all bolts of one side were cut resulting that the connection function
was lost. All bolts at one side were cut at 7 connection plates of ten damaged plates.

Photo 21 shows the cutting surface of the bolts. Photo 22 shows the 2000 times
magnifications, According to the photos, the cutting surface shows the typical stretch failure
type shape. The origin of the cut was estimated to occur from the thread of the screw at
the B side as shown in Fig. 5, and the failure was occurred only in one direction.
Therefore, the bolts were cut by the relative displacement between the adjacent girders
during the earthquake. The damaged bolts with shear deformation were also found other
than cut bolts and it was found that the reversed force was estimated to act the bolts.

The objective of the falling—off prevention devices is a fail—safe function to prevent
destructive damage such as falling—off of superstructure when the main members are
damaged during earthquake. Hatsune bridge was damaged at the reinforced concrete pier
with termination of longitudinal reinforcement as shown in Photo 7.

Although the devices were functioned, the damage was found at Yanagisaki bridge on
the national highway 229 as shown in Photo 23. The bridge is 5 span simply supported
steel plate girder bridge. The connection devices using a steel link between girders and
abutment were buckled as shown in Photo 24. Although the connection portion at the
girder had the oval shape to release some amount of movement, the larger displacement
was developed during the earthquake. The stoppers installed at the bearings at the other
side abutment to prevent an excessive displacement were damaged as shown in Photo 25.

This type of falling—off prevention devices functions as a tension member when the
girder moves in the center of the bridge, on the other hand, in the opposite direction it
works as a compression member resulting in buckling of the devices.

Although this type of devices is recommended for the installation to the existing
bridges in the current design specifications, the device should be designed so as to release
the relative displacement between the girder and abutment. The appropriate design
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displacement of the devices is necessary to be investigated.
CONCLUSIONS

This paper presents the typical damage of highway bridges caused by the recent
earthquakes occurred in Japan. The following conclusions may be deduced :

1) The hending failure to shear failure of the reinforced concrete bridges were found at
the section of the longitudinal reinforcement were terminated at mid—height. Six
bridges during the Kushiro—oki Earthquake and three bridges during the
Hokkaido—nansei—oki Earthquake were found. These bridges were designed
according to the specifications of highway bridges before 1980 version and they all
have RC piers with the circular section. The damage to Shinshiriuchi bridge showed
that piers the bridge designed according to the specifications after 1980 were not
damaged at the termination section of main reinforcement at mid—height. Since this
type of damage tends to develop a brittle shear failure from the bending failure, the
countermeastres to the vulnerable bridge piers is required to be promoted.

2) Although the damage to the parapet of abutment is not a destructive one, it is
difficult to repair without closing of the exciting traffic. The structure of the
abutments which is not damaged and is easy to repair should be investigated.

3) The damage to falling—off prevention devices were found at two bridges. Since the
devices a-e to prevent a destructive damage such as falling—off of superstructure, the
improvement of the devices should be investigated.
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Photo 2 Damage of Pier P3 (from the lower stream ide)
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Phoo 4 ling—o of Cover Concrete and tile Bucking
of Main Reinforcement of Matsunoe Bridge (Pier P4)
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Photo 13 Csh of Girdr to Parapet and Deformation of Web and
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Photo 17 Residual Displacement found at the Deck caused by
the Inclination of Piers (Osyamanbe Bridge)
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Photo 22 Magnification of Cutting Surface (Hatsune Bridge, Position B in Fig. 6)
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Photo 24 Buckling of Falling—off Devices (Yanagisaki Bridge)
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Photo 25 Damage of Stoppers (Bearing at Abutment, Yanagisaki Bridge)
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ABSTRACT

This paper presents the effectiveness of a seismic evaluation method for reinforced
concrete bridge piers with termination of longitudinal reinforcement at mid—height based
on the damage due to the Kushiro—oki Earthquake and the Hokkaido Nansei—oki
Earthquake. During these earthquakes, several reinforced concrete bridge piers with
circular cross section suffered significant damage at mid-—-height. The piers were designed
and constructed prior to 1980, when the Design Specifications of Highway Bridges was
revised. The seismic vulnerability of damaged and undamaged piers was evaluated.

INTRODUCTION

During the Kushiro—oki Earthquake in January, 1993 and the Hokkaido Nansei—oki
Earthquake in July, 1993, many bridges were damaged'’. In particular, reinforced concrete
piers suffered damage at mid—height, where the longitudinal reinforcement was terminated
with inadequate anchorage length. The importance for this type of damage was firstly
pointed out when Shizunai bridge was critically damaged during the Urakawa-—oki
Earthquake in 1982°° .The damage causes a brittle shear failure and may result in a

collapse of substructures.
Before 1980, an anchorage length of terminated reinforcement was stipulated as®’
D 0Osa
l = 1
P M
where

[ : anchorage length (cm)
0 .. :allowable tensile stress of reinforcement (kgf/cm ?)
T oo : allowable adhesion stress of concrete (kgf/cm®)
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¢ : diameter of reinforcement {cm)

In the revision of the Design Specifications of Highway Bridges in 1980*’, the

anchorage length was increased as

POsa
[ = Ao (2)

and the allowable shear stress of concrete in anchorage zone was reduced to two thirds of
the shear stress at the normal zone. Therefore, reinforced concrete piers designed and
constructed in accordance with the Specifications after 1980 are redundant at the
termination zone, however, the others require to be adequately evaluated and strengthened
at need. To identify the seismic vulnerability at the termination point, a seismic evaluation
method was proposed based on the study at PWRI and has been applied to the seismic
evaluation in 1991 throughout the country.

This paper presents a result of seismic evaluation of piers which were damaged and
undamaged during the Kushiro—oki Earthquake and the Hokkaido Nansei—oki Earthquake,
and describes an application of the seismic evaluation method at the termination of
longitudinal reinforcements.

SEISMIC EVALUATION METHOD FOR THE TERMINATION OF
LONGITUDINAL REINFORCEMENT

The seismic evaluation method for the termination of longitudinal reinforcement was
already reported®’ *’, hence a summary of the evaluation method is described here briefly.

Fig. 1 shows a flow chart of the seismic evaluation for reinforced concrete piers with
termination of longitudinal reinforcement. According to the evaluation method, the seismic
vulnerability at the termination point is evaluated by two parameters, i.e., faillure mode
factor and safety factor. The safety factor is defined as a ratio of the yielding bending
moment to the bending moment due to the lateral force for design as shown in Fig. 2 and
is given as

M,T
F,T= G &)
M,B
F, 5= G 4
where

F,” and F,® :safety factor at the termination point and base, respectively
M,™ and M,® : yielding bending moment at the termination point and base,
respectively
M™ and M® : bending moment at the termination point and base, respectively, due
to the lateral force for design
In this evaluation, the termination point is defined as the point with anchorage length below
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the actual point of terminations.
To identify which zone the initial damage would be developed, the failure mode factor S
is defined as
F,”
S= s
Based on a series of loading test results at PWRI, the seismic vulnerability at the
termination point was evaluated by means of the failure mode factor S and the safety
factor F,™ as shown in Table 1. The piers which are evaluated S as larger than 1.1
are not damaged at the termination point, while the others are predicted the damage degree
by Table 1(b). Fig. 3 summarizes the damage degree at the termination point predicted by
Table 1. The seismic strengthening is required for the piers evaluated S as less than 1.1
and F,T asless than 1.2.

®

DAMAGE OF REINFORCED CONCRETE PIERS
AT MID-HEIGHT DUE TO RECENT EARTHQUAKES

General

During the Kushiro—oki Earthquake and the Hokkaido Nansei—oki Earthquake, nine
bridges suffered damage at mid—height. Fig. 4 and Table 2 show the locations and damage
of the bridges. The remarkable points of damage are as follows.

a) All bridges damaged were designed and constructed prior to 198u. Therefore, the
anchorage length of the terminated longitudinal reinforcement was inadequate.

b) Most of piers damaged have a circular cross section with smaller concrete area.

c¢) The damage was developed by the lateral force in transverse direction.

In this paper, the damage of Yoda bridge, Motoe bridge, Shin—shiriuchi bridge and
Motouriya bridge, which are evaluated as the "Critical Damage" based on the Guide
Specifications for Earthquake Hazard Mitigation for Transportation Facilities”’, is described
below.

Damage of Yoda Bridge

The pier of Yoda bridge has a circular cross section with 1.4m diameter and 4.1m
height. As shown in Fig. 5, forty eight D19 bars (deformed bars with diameter of 19mm)
were used as the longitudinal reinforcement at the base. Twenty four bars were terminated
at 0.78m above the base, and twelve bars were terminated at 1.58m above the base. The
hoop reinforcement (D13) was placed every 20cm around the termination points. The P2
pier suffered the spalling—off of concrete and serious buckling of longitudinal reinforcement
at the second termination point as shown in Photos 1 and 2. Among twelve bars above the
second termination point, six bars were ruptured. Judging from such failure, almost no
residual strength was left at the pier.
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Table 1 Evaluation of Seismic Vulnerability
(a) Evaluation in terms of Failure Mode Factors S

Failure Mode Factor S Failure Mode
S =211 Flexural Failure at Base
S <11 Vulnerable to Failure at Termination Zone

(b) Evaluation in terms of Safety Factors F,”

Safety_Factor Damage Degree at Termination Zone
F, at the Loading Displacement of 56,

Rupture and serious buckling of longitudinal
F,” <12 reigforcement are develope«i g

F.T 212 Diagonal racks, ;spal_lin%—o_ff of cover concrete, and slight
y =" buckling of longitudinal reinforcement are developed.

1.6 T T S T T T T

L4 i No Damage |

Failure Mode Factor S

o~

6 0.8 1 .2 1.4 16 1.8 2 2.2
Safety Factor F ,*

Fig, 3 Evaluation of Damage Degree
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Table 2 Summary of Bridge Damaged

) Year Of CIOSS SCCtion
Earthquake Bridge ) Length(m) Superstructure Type Damage Degree
Design Shape Dimension(m)
3—Span Simple Supported ) .
Y . 969 0 .
oda Br 1 7 Steel Girder Bridge Circular P14 Critical Damage
5—Span Simple Supported . .
Mats Br. 1962 157 C 2.
unoe Br. PC Girder Bridge ircular ¢ 25 Medium Damage
6—Span Simple Supported . .
ts . 96 2 .
Kushiro—oki Hatsune Br 1967 17 Steel Girder Bridge Circular $18 Medium Damage
Earthquake ) 3—Span Simple Supported .
. X 9 X1
Shintawa Br. 1974 60.3 Steel Girder Bridge Oval 79 X140 Slight Damage
] 7—Span Simple Supported ) ]
Gojukkoku Br. 1966 249 ) A Circular 22 Slight
KO . PC Girder Bridge i ¢ ght Damage
4—Span Simple Supported . .
Br. 1973 126. i
Akangawa Br. 5 PC Girder Bridge Circular @20 Slight Damage
7—Span Simple Supported ) .
. 1968 165. C
Motoe Br 7 Steel Girder Bridge ircular P18 Critical Damage
Hokkaido
. NP 7—Span Simple Supported ) ..
- Br. 9 21 .
Nansei—oki  |Shinshiriuchi Br. 1970 4 PC Girder Bridge Circular $»18 Critical Dan?age
Earthquake .
) 2—Span Simple Supported } .
to Br. 1964 63 ) . 1L
Motouriya Br PC Girder Bridge Circular $15 Critical Damage
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Photo 2 Failure at Termination Point
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Damage of Motoe Bridge

The pier of Motoe bridge has a circular cross section with 1.8m diameter and 7.8m
height. As shown in Fig. 6, thirty six D22 bars were placed as the longitudinal
reinforcement at the base, and eighteen bars were terminated at 2.4m above the hase. The
hoop reinforcement (D13) was placed every 12.5cm between the base and the termination
point. The P3 pier suffered the most serious damage as shown in Photos 3 and 4. The
spalling—off of concrete and the buckling of longitudinal reinforcement were developed at
the termination point. This was developed due to the lateral force in transeverse direction.

Damage of Shin—shirtuchi Bridge

Shin—shiriuchi bridge consists of seven simply supported girders as shown in Fig. 7.
After the five spans at the left bank side were constructed in 1969, the other two spans
were extended associated with the extension of Shiriuchi River in 1989. Among six piers,
only new P1 pier did not have the termination of the longitudinal reinforcement. It was
interesting that the old piers were damaged at the termination point, while the new piers
were not damaged.

The old P3 pier has a circular cross section with 1.8m diameter and 7.04m height. As
shown in Fig. 8, sixty four D22 bars were double—placed as the longitudinal reinforcement
at the base. Thirty two inside bars were terminated at 2.47m above the base, and sixteen
outside bars were terminated at 3.67m above the base. The hoop reinforcement (D13) was
placed every 12.5cm at base and every 25cm around the termination points. Failure of
concrete and buckling of longitudinal reinforcement were developed at the first termination
point as shown in Photo 5. In the old P2 pier, the horizontal and diagonal cracks were
developed at the second termination point as shown in Photo 6.

The new P2 pier has an oval cross section of 3m X 1.5m with 6.1m height. The cross
sectional area of the new P2 pier is approximately 1.6 times larger than that of the old P3
pier. As shown in Fig. 9, fifty six D22 bars were placed as the longitudinal reinforcement at
the base, and twenty eight bars were terminated at 3m above the base. The hoop
reinforcement (D16) was placed every 10cm. The structure is quite different between the
old pier and the new pier. It was proved that the damage at the termination point can be
prevented by taking the anchorage length long enough in accordance with the current
Specifications. ’

Damage of Motouriya Bridge

The pier of Motouriva bridge has a circular cross section with 1.5m diameter and
3.05m height. As shown in Fig. 10, thirty six ¢ 16 round bars were placed as the
longitudinal reinforcement below the termination point, and eighteen ¢ 13 round bars were
placed above it. These bars were spliced with lap length of 50cm. Two thirds of longitudinal
reinforcement in terms of the gross area were terminated. The round hoop reinforcement
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Photo 3 Damage of Motoe Bnge
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Photo 4 Failure at Termination Point
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Photo 5 Damage of Shin—shiriuchi Bridge at The First Termination Point (Old P3)

Photo 6 Damage of Shin— shiriuchi Bridge at The Second Termination Point (Qld P2)
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Photo 7 Damage of Motouriya Bridge at Splicing Zone
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( & 13) was placed every 40cm.
Spalling—off of concrete and buckling of longitudinal reinforcement were developed at

the splicing zone as shown in Photo 7. The lap length of this pier is estimated as 53cm by
Eq.(1) and as 80cm by Eq.(2). Because the actual lap length is only 50cm, it was inadequate.

ANALYSIS OF SEISMIC VULNERABILITY
AT THE TERMINATION POINTS

Reinforced Concrete Piers Analyzed

Fourteen reinforced concrete piers were analyzed. They were selected from nine
piers which suffered damage at the termination point due to the Kushiro—oki Earthquake
and the Hokkaido Nansei—oki Earthquake, and five piers which were undamaged and
located close to the fault zone. All piers undamaged were constructed after 1980. Table 3
summarizes the bridges analyzed, and the analytical parameters required for the analysis,
1.e. seismic coefficient, concrete strength and the material of reinforcement, are shown in
Table 4. Because there were a few uncertain parameters, these were assumed from the
past records.

Results of Analysis

Table 5 summarizes the failure mode factor S and the safety factor F,” at the
termination points. Fig. 11 shows the failure m>de factor S  vs. the damage degree. It is
clearly observed that the serious’ damage is developed as the failure mode factor S
becomes smaller. The failure mode factor S of the piers which were damaged is less
than 1.1. This very much matches with Table 1(a). The failure at the termination point can
be predicted quite well by the failure mode factor S .

Fig. 12 shows the safety factor F',” vs. the damage degree. It is also observed
that the serious damage is developed as the safety factor becomes smaller. Matsunoe
bridge is an only exception, in which the safety factor is evaluated as 2.01, while it suffered
significant damage at the termination point. The reason for this is not clear. Lager lateral
force than expected would be developed due to the response of adjacent decks. The safety
factor F',7 of the piers which were damaged is less than 1.1 except Matsunoe bridge.
This also matches with Table 1(b), in which 1.2 was proposed as the critical F,” .

Fig. 13 compares the predicted damage (refer to Fig. 3) with the actual damage at
the termination points (refer to Table 2). The piers predicted by Fig. 3 as "Serious
Damage" suffered at least horizontal cracks. Most of them suffered diagonal cracks, buckling
of and rupture of longitudinal reinforcements. On the other bend, the piers predicted by
Fig. 3 as "No Damage" were not damaged during the two earthquakes. Therefore the
damage degree predicted by Fig. 3 provides reasonable estimation. As described
previously, Matsuuoe bridge suffered slight buckling of longitudinal reinforcement, although
it is predicted by Fig. 3 to develop only slight damage.
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Table 3 Bridge Piers Analyzed

Cross Sectional Circular Oval
Shape Damaged Undamaged Damaged Undamaged
Yoda Br,
Kushiro—oki Matsunoe Br. ) Takadai Br.
Earthquake Hatsune Br. Sensho Br. |Shintawa Br. .
Gojukkoku Br. Tsurumi Br.
angawa Br.

Hokkaido _Motoe Br. Shin—shirjuchi Br.
Nansei—oki  |Shin—shiriuchi Br, - - (New Pier)
Earthquake (Old Pier)

Motouriya Br.
Table 4 Analytical Parameters
. Seismic Concrete Material of
Bridge Pier glilraicygsn Coefficient |Strength Longitudinal
R x (kgf/cm?®) |Reinforcement
Yoda Br. P1 Transversal 0.20*° 210 SD295
Matsunce Br. P3 Tronsversal 0.20 180 SD235
Hatsune Br. P4 Transversal 0.20 210 SDC390
Shintawa Br. P2 Longitudinal 0.20 210 SD295
Gojukkoku Br. P1 Transversal 0.20 210 SDC390
Akangawa Br. P1 Transversal 0.20%’ 210 SD345
P4 Longitudinal 0.18 210 SD2g5
Sensho Br.
P5 Transversal 0.18 210 SD295
Takadai Br. P2 Longitudinal 0.24 210 SD295
Tsurumi Br. P5 Longitudinal 024 210 SD295
Motoe Br. P3 Transversal 0.20 210 SDC390
Lo P3 Transversal 0.15 210 SD295
Shinshiriuchi Br.
New P2 | Longitudinal 0.14 210 SD295
Motouriya Br. P1 Transversal | 0.15™’ 210 SR235*°

X) assumed from the past records
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Table 5 Analytical Results

gCl1

Yielding Bending Damage
_ Pier Moment (tfm) Safety Factor Failure | Degree
Bridge Mode |Predicted at Damage
{Termination) | Base |Termination | Base |Termination | Factor |Termination
M,® M, F,? F,T S Zone
Ist 1489 : 0.87 0.70 No Damage
Yoda Br. P1 218.3 1.24 Serious |Rupture and Serious Buckling
2nd 1119 0.74 0.60 of ﬁongitudinal Reinforcement
‘, . Slight Buckling of
Matsunoe Br. P3 962.4 760.7 1.96 | 201 1.03 Slight Longitudinal Reinforcement
Hatsune Br. P4 657.4 433.8 1.51 1.15 0.76 Serious Diagonal Crack
Shintawa Br. P2 358.6 201.3 1.02 092 0.90 Serious Horizontal Crack
Gojukkoku Br. P1 915.8 6344 1.26 112 0.89 Serious Slight Horizontal Crack
1st 7729 1.00 0.77 No Damage
Akangawa Br. P1 1161.1 1.30 Serious
2nd 551.5 0.87 0.67 Slight Horizontal Crack
P4 2193.8 1387.6 1.09 1.34 1.23 No Damage |No Damage
Sensho Br.
P5 1174.6 790.3 1.08 1.31 1.21 No Damage |No Damage
Takadai Br. P2 1179.8 599.9 1.33 1.83 1.38 No Damage |No Damage
Tsurumi Br. P5 11113.8 6089.5 1.59 1.79 1.13 No Damage |No Damage
. Serious Buckling of
Motoe Br. P3 425.1 2949 1.00 0.82 0.82 Serious |7 = gitudinal Reinforcement
Serious Buckling of
p3 |Ist | ez | 4087 | 139 102 0.86 Serious | Longitudinal Reinforcement
Shinshiriuchi Br.
2nd 325.6 0.96 0.81 No Damage
New P2 530.2 4075 1.02 1.17 115 No Damage |No Damage
: . Serious Buckling of
Motouriya Br. P1 1847 | 1410 | 1.08 1.01 0.94 Serious |70 dinal Remnforcement
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Fig. 14 summarizes the evaluation of damage degree in terms of S and F,” .
Excluding only Matsunoe bridge, the damage degree developed during the two earthquakes
agree quite well with the prediction by Fig. 3.

There were three bridges in which the longitudinal reinforcement were terminated at
two different heights. It is interesting to clarify at which termination point the failure was
developed between the two.

Fig. 15 compares the failure mode factors S at the two heights. At Yoda bridge
and Akangawa bridge, the failure occurred at the 2nd (higher) termination point. Because
the failure mode factor S is smaller at the 2nd termination point, the prediction by S
is quite well. At Shin—shiriuchi bridge, on the other hand, the damage was developed at the
first termination point, while S is smaller at the 2nd termination point. Because the
difference of S between the 1st and the 2nd termination points is only 0.05 at
Shin—shiriuchi bridge, this may be the reason for wrong prediction. But it should be noted
that, at some other piers of Shin—shiriuchi bridge, cracks were developed not at the 1st
termination point but at the 2nd termination point.

CONCLUDING REMARKS

This paper presented the damage of reinforced concrete bridge piers at the
termination point of longitudinal reinforcements with inadequate anchorage length due to
the Kushiro—oki Earthquake and the Hokkaido Nansei—oki Earthquake, and the applicati-n
of the seismic evaluation method proposed by PWRI. The conclusions derived from the
study presented herein are the following;

1) The reinforced concrete bridge piers which were designed and constructed in accordance
with the Specification prior to 1980 suffered damage at the termination points. They had a
circular cross section.

2) The damage degree becomes serious as the failure mode factor S by Eq.(5) becomes
smaller. The failure mode factor S of the piers which were damaged is less than 1.1.
This is quite close with Table 1(a) which was proposed based on the loadng tests.

3) The serious damage is developed as the safety factor F,” becomes smaller. The
safety factor F',” of the piers which were damaged is less than 1.1 except Matsunoe
bridge. This is also very closed with Table 1(b) which was proposed by the loading tests.

4) Based on this study, the seismic evaluation at the termination point by means of the
failure mode factors and the safety factor F',” is appropriate.
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METHODS OF RESTORING BRIDGES DAMAGED IN
THE KUSHIRO OFFSHORE EARTHQUAKE OF JANUARY 1993 AND
THE SOUTHWEST HOKKAIDO OFFSHORE EARTHQUAKE OF JULY 1993

Yuji Ono, Manabu Kaneko, Tadayuki Shirono, Masashi Sato and Toshio Yamauchi

Structures Section, Civil Engineering Research Institute

OUTLINE

The Kushiro Offshore Earthquake of January 1993 damaged many roads, bridges and
other structures primarily in eastern Hokkaido. In addition, the Southwest Hokkaido
Offshore Earthquake of July 1993 damaged many structures in southwestern Hokkaido.

The Southwest Hokkaido Offshore Earthquake caused a tsunami tidal wave and
resulted in particularly great disaster, with over 200 fatalities. Table 1 indicates the
epicenters, scales and maximum seismic intensities of the 2 earthquakes. Table 2 and 3
indicate the conditions of bridges damaged in the Kushiro Offshore Earthquake and
Southwest Hokkaido Offshore Earthquake, respectively.

Most damage to bridges was slight, such as collapse of areas around suppsiis or
subsidence of access roads. However, some, such as broken piers and inclined foundations,
necessitated urgent countermeasures. This paper reports the damage conditions and repair
methods of cases of severe damage.

Table 1 Epicenter, Mgunitude and Maximum seismic Intensity(JMA)

Kushiro—oki earthgake Hokkaido Nansei—oki Earthquake
Epicenter North 42.85 deg. 42.78 deg.
East 144.38 deg. 139.20 deg.
Depth 107 km 34 km
Magunijtude 6 in Kushiro city 5 or 6 in Okushiri island
Maximum Seismic Intensity 7.8 7.8
number of | national road 20 17
Damaged | prefectual road 89 2
bridges other road 33 3

OUTLINE OF DAMAGE CAUSED BY JAN.
1993 KUSHIRO OFFSHORE EARTHQUAKE, AND REPAIR CONDITIONS

The Kushiro Offshore Earthquake, occurring at 20:06, January 15, 1993, did
conspicuous damage to areas around supports. Also, columnar piers were seriously broken
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table.2 Qutline of damaged bridges by Kushiro-oki earthquake in 1993, Jan.

Bridge name road line name const. | bridge Bridge type Damaged Outlook
year length supersiructurs substracture foundation points of damage
Chokubetsu route 38 1966 41.6m single span RC wall abuts piles Abuts & foundations moved by 4 land slip
bridge plute garder in and around supports cracked, buckling and broken
palapet & wing wall cracked
joints, back—{ill, river wall broken
Matsunoe bridge toute 240 1963 157m 35 spans RC round shape piers piles caver concrete of piers cracked & peeling off
PC garders (diameter of 2.5m) main reinforcements of No.2 pier buckling
‘Yoda bridge No.881 prefectural road 1968 T0m 3 spans RC 1our 3 shape picrs piles cover concrete of plers cracked & peeling off
Horokayanto line plate garders (dianteter of 1.4m}) main reinforcements of No.2 pier buckling & broken
Hatsune bridge prefectural yoad ' 1969 172m 6 spans RC round shape picrs piles cover conerete of piers shear cracked
Honryu-Onbetsu st. line plate garders (diameter of 1.8m)
, table.3 Outline of damaged bridges by Hokkaido nansei-oki earthquake in 1993, July
Bridge name line number ‘ canst. | bridge Bridge type Damaged Outlook
(line name) year Jength superstruciure substructure foundation points of damage
OSHAMANBE tonie 37 1960 150m 5 spans RC round shape picrs caisson piers & caissons inclined (and maoved)
bridge PC garders (diameter of 2.5m) in and around supporis broken
YANAGISAKE route 229 1961 181m 5 spans RC abuts and picrs piles stopper to fall out buckling & broken
bridge plate garders
MOTOEI Esashi town road 1970} 165.7m 7 spans RC round shape piers piles caver cancrete of piers cracked
bridge plate garders (diameter of 1.8m) cover conerete of No.d pier cracked & pecling off
RC abuts piles main reinforcements of No.4 pier buckling & bent to outside
MOTOURIYA Kikonai town road 1964 63m 2 spuns RC round shape picrs piles caver cancrete of pier cracked & peeling off
bridge (Uriya 2nd line) PC garders (diameter of 1.5m} main reinforcements of pier buckling & best to oviside
SHIN-SHIRIUCHI _ Kikonai town road 1970 21dm 7 spans RC round shape piers piles cover concrete of ald piers cracked & pecling off
bridge {Motomachi 1st linc) PC garders (diameier of 1.8m{old)) main reinforcements of No.3 pier ' buckling & bent to outside




outward of the damaged bridges shown in Table 2, we report the damage conditions and
restoration measures for those in the "severe damage" (and some in the "medium damage")
category a$ defined by the Handbook of Measures for Earthquake—Damaged Roads
(Earthquake Damage—Restoration Edition),

YODA BRIDGE

The Yoda Bridge, constructed in 1968 as a second—class bridge, is a 70—m—long,
3—span, simple steel plate girder bridge on the Horokayanto section of Prefectural Route
881. It has 14—m-—dia. columnar piers, designed with 36 D19 main reinforcements
distributed in each pier footing. The number of reinforcements was designed to be 2/3 and
1/3 at points 30cm and 1m above the footing surface (Fig. 1).
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Fig. 1 Epicenter and location of Damaged bridges

In Pier 2, great amounts of concrete cover were exfoliated at the second point of
decreasing number of reinforcements, and main reinforcements were buckled and swollen
outward. Furthermore, of 12 main reinforcements above the point of decreasing number of
reinforcements, 6 main reinforcements had broken. In Pier 1, although these points had
been buried by ground, horizontal and oblique cracks and exfoliation of concrete cover were
observed. Such damage was also noted in the Shizunai Bridge after the 1982 Urakawa

Offshore Earthquake.
To repair the Yoda Bridge, we reconstructed the piers. For P1, the cable we used
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Photo 2 Repaired at Yoda Bridge
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was not one with decreasing numbers of reinforcements, and we increased the number of
distributing bars to prevent main reinforcements from swelling out. For P2, in addition to
applying the same methods as we did for Pl, we added 12 pieces of D19 main
reinforcements inside the existing main reinforcements from the footing surface to 3m
above. The new reinforcements were fixed with epoxy resins into ¢ 25X 655—mm holes
which we newly drilled in the footing (Photo 1, 2).
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HATSUNE BRIDGE

The Hatsune Bridge, constructed in 1969 as a first—class bridge, is a 172—m—long,
6—span, simple steel plate girder bridge on the Honryu Ombetsu Teishajo section of a
general prefectural road. In each of its 1.8—m—dia. columnar piers, main reinforcements
had been designed with numbers decreasing at about 4m below the top (Fig. 3).

In every pier, horizontal cracks occurred around points of decreasing number of
reinforcements. Oblique cracks also occuired in P4, which proves the shift from the
fracture by bending to fracture by shearing.

To prevent bridge parts from falling, a girder—coupling device was installed on each
of the 3 main girders. It was a 68-cm—high, 34.5—~cm—wide and 9—mm—thick steel plate,
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fixed with 7 bolts on each side. For 10 ocut of the 15 coupling plates, 3 to 10 of each one’s
14 bolts were sheared.

To repair P3 and P4, we chipped and lined the existing 1.8—m—dia. columnar piers
with 200—~mm-—thick concrete in the longitudinal direction and with 20~30—mm—thick
concrete in other directions, thus changing their forms to 1.8m X 3.6m elliptical cylinders
(Photo 3). The cable we used was not one with points of decreasing number of
reinforcements, and we drilled ¢ 38 X1100—mm holes in the footings to fix main
reinforcements with capsulated resin adhesive. To repair other piers, resin mortar was
injected into cracks.

The anti—fall devices were restored to their original forms except for the holes of
the movable sections, whose diameters we expanded from about *20mm to about =%
30mm. Because bolts were sheared by the earthquake, we may have to change the coupling
plates to multiple plates to reduce the shearing stress on the bolts.
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Photo 3 Reaired at Hatsune Bridge

MATSUNOE BRIDGE

The Matsunoe Bridge, constructed in 1963 as a first—class bridge, is a 157—m—long,
5—span, simple PC—girder bridge, built where National Route 240 crosses the Class—A
Akan River, Each pier is 2.5—m—dia. columnar and each picr foundation is an open caisson
(Fig, 4).

The earthquake caused horizontal cracks in the piers’ point of decreasing number of
reinforcements 2.25m above the footing surface. In P3, the most damaged, x—shaped shear
cracks also occurred, and main reinforcements and tie hoops were exposed as the concrete
cover exfoliated (Photo 4). Since main reinforcements swelled out, the residual strength
already may have been less than the yield strength. Regarding abutments, the mortar of the
bridge seat at the points of movable supports was damaged, concrete of the bridge seat was
cracked and girder edges were damaged.

To repair the greatly damaged P2 and P3, we used steel bents to support the main
girder temporarily. After chipping damaged sections and injecting resins, we reinforced
these sections with 50—cm—thick concrete lining (Photo 5). For other piers, we injected
resins and then reinforced them with 50—cm—thick concrete lining. This operation changed
the cross sectional diameter of the piers from ¢ 2.5m to ¢ 3.5m (Photo 6). We installed 14
layers of 8 anchors to connect the concrete linings with the old body. 40 D22 main
reinforcements were placed with a 105—mm—deep concrete cover and were fixed with
capstlated adhesive inte ¢ 35X 700—~mm holes which we newly drilled in the footing. The
main reinforcements had not been constructed with points of decreasing number of

reinforcements.
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CHOKUBETSU BRIDGE

The Chokubetsu Bridge, constructed in 1966 as a first—class bridge, is a
416—m-long, simple steel—plate girder bridge on National Route 38. It has
RC —wall—type abutments and pile foundations (Fig. 5).

Ground sliding toward the river center caused the abutments to move horizontally
and incline. While the upper part of the Obihiro—side abutment inclined toward girders by
the pressure of back—filling soil, the Kushiro—side abutments moved toward the river
center as if carried off their feet. As a result, the upper part of the Kushiro—side abutment
inclined toward the back—filling soil. Consequently, girders touched abutment parapets and
the mortar of supports cracked.

Such damage has often occurred in past earthquakes, and we have accomplished
restoration by reconstructing abutment parapets, which is the generally accepted method.
Because the positions of supports changed with abutment movement, we also reconstructed
the support sections of abutments (Photo 7, 8).
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OUTLINE OF DAMAGE CAUSED BY JULY 1993 SOUTHWEST
HOKKAIDO OFFSHORE EARTHQUAKE, AND REPAIR CONDITIONS

The Southwest Hokkaido Offshore Earthquake, occurring at 22:17, July 12, 1993,
damnaged areas around supports, broke columnar piers outward, and moved
abutments—damage types also seen in the Kushiro Offshore Earthquake. Moreover, the
earthquake inclined pier foundations and cracked girders, the latter of which pheno—menon
seems to have occurred by the clashing of girders. Of the damaged bridges shown in Table
3, we report the damage conditions and restoration measures for those in the "severe
damage" category as defined by the Handbhook of Measures for Earthquake—Damaged
Roads (Earthquake Damage—Restoration Edition).

MOTOURIYA BRIDGE

The Motouriya Bridge, constructed in 1964 as a second—class bridge, is a
63—m—Ilong, 4—m—wide, 2—span simple post—tension PCT—girder bridge, built where
the Uriya Nisen section of Kikonai Town Road crosses the Uriya River. It has RC
inverted—T—type abutments, 1.5—m—dia. columnar RC piers, and pile foundations (Fig. 6).

At the middle height of the piers, concrete cover was exfoliated, and main
reinforcements were buckled and swollen outward. As in the Kushirc Offshore Earthquake,
damage was great in the direction at a right—angle to bridges’ longitudinal direction (Photo
9).

In this pier, @ 16mm round bars were used as main reinforcements, and there were
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Fig. 6 Motouriya Bridge

Motouriya Bridge
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lap joints at damaged sections. The joints were about 50cm long, and at the end of the bars
were U-—shaped hooks for anchoring. These hook joints were weak points which
compounded the damage.

To restore the bridge, we reconstructed pier hodies as we did for the Yoda Bridge
after the Kushiro Offshore Earthquake. We changed main reinforcements to 2 layers of
D16. We drilled ¢ 28 X500—mm holes in the footings and fixed the second—layer
reinforcements into the holes with capsulated adhesive.

SHIN—-SHIRIUCHI BRIDGE

The old Shiriuchi Bridge was constructed in 1970 as a second—class bridge where
the Motomachi Nakanogawa section of Shiriuchi Town Road 1 crosses the Shiriuchi River.
In 1989 when river improvement was conducted, 2 spans were added to the right—bank
side and the entire bridge was renamed the Shin—Shiriuchi Bridge. It is a 214—m—long,
6—m—wide, 7—span simple post—tension PCT—girder bridge. Columnar piers at points
connecting the old pier part with the new bridge part are 1.8m wide, and columnar Pier 2 of
the new bridge part is 1.5m wide. As main reinforcements, 2 layers of D22, 64 bars in total,
had been distributed in the old piers. At 3.8m above the footings, the number of main
reinforcements was designed to be half, and at 5m above, to be 1/4 (Fig. 7).
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Although all piers of the old part, P1-4, were damaged, the newly constructed piers
were completely undamaged. P3 received the greatest damage: At its point of decreasing
number of reinforcements 3.8m above the footing surface, the concrete cover was exfoliated
over a vertical length of about 1m, and main reinforcements were buckled and swollen
outward. The damage was caused by short fixing areas of main reinforcements, which
similarly had caused great damage in the aforementioned Kushiro Offshore Earthquake. The
damage to the other old piers was less serious, limited fo cracks at the point of decreasing
number of reinforcements and slight exfoliation of concrete cover in the direction at a
right—angle to the bridges’ longitudinal direction.

To repair piers, we lined them with 35—cm~thick concrete from the footings to 6.6m
above and changed the cross sectional diameter from ¢ 1.8m to ¢2.5m. As main
reinforcements, we placed 25 D32 main reinforcements with a 115—mm—deep concrete
cover and fixed them with PC grouting into newly drilled, ¢ 40X 1.5—m holes.

YANAGISAKI BRIDGE

The Yanagisaki Bridge, constructed in 1961 as a first—class bridge, is a
181—m—long, 5--span simple steel composite—girder bridge, built where National Route
229 crosses the estuary of the Assabu River.

Apart from damage at its support sections, anti—fall devices were buckled. The
design of the devices is shown in Road & Bridge Specifications V, Earthquake-—proof
Design Edition as a device to prevent already—constructed bridge parts from falling (Fig.
8).
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However, when girders move to the abutment side, they become compressed and are
apt to receive such buckling damage. Regarding the anti—fall devices on the other side,
concrete of fixing sections exfoliated partly, and anchor bolts bent slightly downward

(Photo 10).
To restore them, the anti—fall devices at the movable ends were replaced and their

moving ranges widened by changing the hole diameter from 60mm to 80mm. We installed
movement limiters at the fixed ends in order to prevent the devices from bumping against
the bridge wall.

Photo 10 Ynagisaki Bridge

OSHAMAMBE BRIDGE

The Oshamambe Bridge, constructed in 1960 as a first—class bridge, is a
150.1—m—long, 7—m—wide, 5—span simple post—tension PCT—girder bridge, built where
National Route 37 crosses the Oshamambe River. In 1976, piers were added on the
upstream side to attach a pedestrian bridge.

Ground liquefying around the bridge caused the caisson foundations to incline to the
upstream side. Inclination of P2 was great, and the upstream edge of its support bridge seat
was 386mm lower than the downstream one. Consequently, the road surface on P2 moved
420mm upstream. From the displacement, the gradient of the caisson and the pier was
calculated to be about 2 degrees. Piers closer to abutments had smaller inclinations, and
abutments themselves did not incline at all.

As the initial restoration of foundations, we improved the ground near the caissons’
pedestrian bridge —side walls and bases by using cement hardeners. Subsequent restoration
(permanent measures) is now under review.

CONCLUSION

The Kushiro Offshore Earthquake and the Southwest Hokkaido Offshore Earthquake
of 1993 damaged many bridge structures. Of these, we have explained the restoration of
greatly damaged ones.
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The major damage to bridges by the 2 earthquakes was seen in columnar piers
constructed before 1980. These piers received conspicuous damage in the direction at a
right—angle to the bridges’ longitudinal direction. We may have to carefully watch the piers
which are similar but which were not damaged in these earthquakes. The systems which
had fail—safe functions such as anti—fall devices and support stoppers broke before bridge
parts fall. We must take this into consideration from the standpoint of future
earthquake—proof technology development.

REFERENCES

1) "1993 Kushiro Offshore Earthquake Damage Investigation Report™ Civil Engineering
Research Institute Report; Hokkaido Development Bureau, Civil Engineering Research
Institute Vol. 100, September 1993

2) "Civil Engineering Technical Material" Vol. 35—4: Public Works Research Institute of
the Ministry of Construction, April 1993

3) Kazuhiko Kawashima, Hideki Sugita, Shigeki Unjo and Tomoru Nakajima:
"Characteristics of Road Bridges Damage Caused by the Kushiro Offshore Earthquake,"
Bridges and Foundations, June 1993

4) Shosuke Toki, Kinya Miura, Satoshi Yamashita and Migitoshi Nishimura: "Damage

152



5)

6)

Qutline of 1993 Southwest Hokkaido Offshore Earthquake," Earth and Foundations,
November 1993

"General Investigative Report of Damage Caused by July 1993 Southwest Hokkaido
Offshore Earthquake™ Laboratory of Aseismatic Structures, Earthquake Disaster
Prevention Division, Public Works Research Institute, Ministry of Construction; Public
Works Research Institute Material No. 3204, August 1993

"Southwest Hokkaido Offshore Earthquake of July 12, 1993": Severe Earthquake
Observation Project Promotion Liaison Council, Research Institute for Disaster
Prevention of the Science and Technology Agency; Severe—Earthquake Preliminary
Report No.43, August 1993

153






SECOND U.S.-JAPAN WORKSHOP
ON SEISMIC RETROFIT OF BRIDGES

An Experimental Study on the
Behavior of a Large Model Pier

After Repair
Y. Adachi, K. Kousa and Y. Murayama

January 20 and 21, 1994
Berkeley Marina Marriott Hotel
Berkeley, California






AN EXPERIMENTAL STUDY ON THE BEHAVIOR OF A LARGE MODEL PIER AFTER
REPAIR

Yukio Adachi", Kenji Kosa®, Yasuo Murayama®

1) Enginecer, Design Section, Engineering Department, Hanshin
Expressway Public Corporation.

2) Senior Engineer, Design Section, Engineering Department, Hanshin
Expressway Public Corporation.

3) Chief Research Engineer, Kajima Corporation Research Institute

SUMMARY

In order to grasp the load resistance characteristics of a real structure designed according
to the old design code in which fracture occurs at the cut-off point, an experimental test was
carried out using a relatively large-sized RC bridge pier model.

Then, the damaged specimen was repaired and the load bearing capacity was investigated.

The test results show that the repaired specimen presented the similar load-deformation
relationship as that of the normal one after the crack occurrence. The welding of new reinforcing
bars can be an effective repairing method for bridge piers damaged by earthquakes.

INTRODUCTION

The sectional area of urban-type elevated RC bridge piers is generally made small because
of restricted conditions around the piers. For this reason, main reinforcements are usually
multi-layers, and numerous reinforcements cross hoop reinforcements vertically. In a real
bridge pier, shearing type fracture is liable to be induced by the presence of cut-off point if the
pier was designed according to the old design code of highway bridges. Shear strength is
greatly affected by the dimension of a structural member and reinforcement arrangement. Since
most of the experiments were performed using small specimens, the derived results were
deviated from those obtained from real structures. Consequently, the behavior of real structures,
particularly the shear strength of cut-off area, are yet to be made clear. Significant damage,
such as the failure of the cut-off section, is likely to be caused by seismic load of a greater
magnitude than design seismic load, or when a pier was designed according to the old design
code. Basically it is desirable that such a damaged bridge pier is replaced with a new one
immediately. However, from the point of view of restoring its function as soon as possible,
repairing only damaged section and bringing the pier back into service is considered to be an
alternative. In order to grasp the load resistance characteristics of a real structure designed
according to the old design code in which fracture occurs at the cut-off point, an experimental
test was carried out using a relatively large-sized RC bridge pier models containing the similar
reinforcement arrangement as that of real structures. The damaged model was repaired by
cutting fractured steel bars and welding new reinforcing bars, and finally by the replacement of
concrete. Then the load bearing capacity of this repaired model was investigated. To be more
specific, the effectiveness of this preparing work was evaluated through the comparison of the
load bearing capacity of the repaired model and that of the normal model.
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OUTLINE OF EXPERIMENT USING A NORMAL SPECIMEN

Form of the specimen

A 1/3 scale model of RC single-column, T-Type standard bridge pier containing the
same urban-type multi-layered reinforcement arrangement as that of a real structure, was fabricated
in accordance with the Hanshin Expressway standard design code. To let its cut-off area
fracture, the cut-off point in the axial direction was positioned to be lower by 1d (d: effective
width), and the reinforcement of the cut-off point was changed to 55% of that of basement
(normal: 70%). The specifications for the RC bridge pier specimen is presented in Table I, and
its sectional form in Fig. 1. The sectional form and shear span / depth ratio of the specimen
were almost the same as those of a real structure. The cement used was high-early-strength
Portland cement. The design concrete strength of the specimen (270 kgf/cm?) was employed as
a target strength in the experiment. Microconcrete whose maximum coarse aggregale size was
10 mm was used. Reinforcements in the axial direction with a diameter of 13 mm (deformed),
and lateral ties with a diameter of 6 mm (deformed) were used. The yield strength of the former
and the latter is 38 kgf/mm® and 32 kgf/mm? respectively. The reinforcement ratio of the
column reinforcement was 2.28% (at the lower end area of the pier), that of the lateral ties (at
the lower end area of the pier), 0.22%, and that of the overall lateral ties, 0.11%. The
intermediate lateral ties were not taken into account.

Method of load application

As is shown in Fig. 2 Loading Arrangements, the specimen was bound to the reaction
floor with steel bars at positions away from the column area of the footing. Axial force
equivalent to the dead load in the superstructure was introduced by means of an unbonded
prestressing steel inserted in the sheath having relatively large inner space with its axial center
set on the column’s center. To be more specific, the end of the steel bars was anchored to the
bottom of the footing, and axial force was applied vnder control so that the load could be
maintained constant. Using a two-way actuator i::stalled on the reaction wall, horizontal load
was applied at the top of the specimen. For this purpose, a steel jacket was placed on the top of
the specimen, and the tip of the jack was bound to the specimen with PC steel. Horizontal load
was applied alternately under the load control until the outer-most reinforcement in the axial
direction reaches a little before the yield point, and from that point on, with displacement being
controlled. As is shown in the loading pattern in Fig 3, 6-step loading was carried out until the
yield point was reached. From that point on, the specimen was subjected to a series of
step-wise increasing symmetric displacement cycles at &, 26, 38, and 46,. At each step, 10
cycles of loading with the same displacement amplitude were applied.

The experiment was continued until load being applied dropped to either the yield point
or 0.7 times of maximum load. Fig. 4 shows measurement locations of typical items, such as
load (load cell), displacement, and strain.

Experimental results of the normal specimen

A load-displacement curve is shown in Fig. 5, the development of cracks, in Fig. 6 and
its picture, in Fig. 7. Distinctive behaviors observed in the course of load application were as
follow:

(1) Cracks occurred in the corner area. (13.3 1)

(2) Flexural cracks that appeared in the cut-off area shifted to diagonal cracks. (expected yield
load: 75.2 1)

(3) Spalling-off of cover concrete increased at the cut-off area and its range enlarged. (35, n
(loading cycle) =3)

{4) The buckling of column reinforcement (38y, n=6)
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(5) Marked drop of load at the p-6 envelopment line and the progress of damage (48, n=1)

As apparent from the above, flexural cracks occurred in the first place. However, the
hoop reinforcements reached the yield point at the cut-off point (104.7 t) and the members
fractured (shear failure) in the same section. Although maximum load and ductility decreased
compared to the standard specimen (fractural failure type), the specimen still retained toughness
ratio 4 (8u/3,=48,/5,)) and did not bring a brittle failure.

OUTLINE OF THE EXPERIMENT USING A REPAIRED SPECIMEN

Preparation of the specimen

As has been described in the preceding section, fracture occurred in the specimen,
mainly in its area of approximaiely 80 cm around the cut-off point located 1.23 m above the
footing. This fractured section was repaired following the procedure shown below:

1) Concrete chipping
Chipping was carried out to such a depth that the main reinforcement in the second row
from the concrete surface became completely exposed. Damaged concrete was completely

removed.

2) Cutting and welding of the main reinforcements and hoop reinforcements

All the main reinforcements and hoop reinforcements at the fractured zone were cut with
a gas burner. In order to maintain the stability of the specimen, cutting and welding were
carried out alternately with a unit of approximately 10 steels at a time. A weld length of 150
mm and 70 mm was secured for the main reinforcement with a diameter of 13 mm and hoop
reinforcement with a diameter of 6 mm, respectively, according to the results of weldability test
conducted to find required weld lengths. As with the welding of hoop reinforcements, the
reinforcements processed into U-shape were jointed together, and a lapped secticn of 70 mm
was welded. Fig. 8 shows the cutting aind welding of the reinforcements.

3) Formwork installation and cement paste placement

Two-step formwork was constructed. After the first-step formwork was installed, coarse
aggregate was placed, followed by the installation of the second-step formwork and the placement
of the rest of coarse aggregate. Finally, cement paste was placed over the entire formwork.

4) Epoxy resin grouting

Cracks remained after concrete chipping were repaired by means of epoxy resin grouting.
Prior to grouting, several tubes were inserted for grouting and venting purposes. Epoxy resin
grouting was carried out after prepacked concrete placement.

Experimental results of the repaired specimen

The load application method employed for the repaired specimen were the same as that
used for the normal specimen. The yield load obtained from calculations for the normal specimen
was 75.2 t, and displacement resulting from the calculated yield load was 26 mm, which was
employed for the experiment as 8. A load-displacement curve for the repaired specimen is
shown in Fig. 9, and the development of cracks, in Fig. 10. Distinctive behaviors observed
during load application were summarized below:

(1) Cracks occurred in the comner area. (6.7 t)

(2) Flexural cracks that appeared in the cut-off area shifted to diagonal cracks. (71.0t)
(3) The range of spalling-off of cover concrete enlarged. (35))

(4) Marked drop of load at the p-6 envelopment line. (45, n=1)
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(5) The drop of load at the p-8 envelopment line became even more conspicuous. (58,)

Comparison of experimental results

1) Load-displacement curve

The typical results obtained from the experiments of the normal and repaired specimens
were compared. The comparison between Fig 5 and Fig. 9 shows that the load-displacement
relationships almost coincide, except for those before crack occurrence. However, at around
the first two cycles of loading, a marked drop in load was observed in the repaired specimen.
Furthermore, the maximum load of the repaired specimen exceeded that of the normal specimen
by nearly 8%. This is considered to be due to the increase in the amount of lateral ties at the
lapped section.

2) Cracking pattern

The cracking pattern of the repaired and normal specimens almost coincide, except that
cracking occurs more frequently near the cut-off point in the former. One of the possible
reasons is that in the upper part of the repaired section, placing aggregate near the formwork
was difficult, and so a greater amount of cement paste was eventually placed near the surface.

3) Horizontal displacement distribution

Fig. 11 shows the relationship between horizontal displacement and the different height
levels of the specimen. The horizontal deformation distributions of the repaired specimen at
different loading levels are almost identical with that of the normal specimen. From this, it can
be concluded that the repair was effective and the area subjected to the repair was appropriate.

4) Strain distribution of the main reinforcement

As is shown in Fig. 12, strain distributions at different loading levels are almost identical.
Strain decreased at around the upper and lower ends of the repaired section. This is considered
to be due to the reasons that welding was carried out at these arcas ~ad that the amount of
reinforcements was increased. ‘

The above comparisons revealed that there were some differences between the repaired
specimen and the normal specimen, namely, the cracking pattern of the former and that of the
latter differ particularly in the repaired section, and the initial rigidity curve for the former was
more moderate than that for the latter. On the whole, however, the two are almost identical in
terms of their load-deflection curves and deformation characteristics.

CONCLUSION

The results obtained from the comparative tests using the large-sized specimens (the
repaired and normal models) can be summarized as follows:

(1) Before cracking occurred at the cut-off section, the deformation of the repaired specimen
was relatively larger compared to that of the normal specimen under the same loading
conditions.

(2) However, the repaired specimen presented the similar load-deformation relationship as that
of the normal one after the crack occurrence.

(3) From the above, it can be concluded that welding of new reinforcing bars is an effective
repairing method for bridge piers damaged by earthquakes.
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Table | Shape and mix proportions of the specimen.
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Max. | Slump | Water- { Sand- Unit content(kg/m?) Admixture | Air
size cement | agg. | Water | Cement | Sand | Gravel

coarse ratio ratio

agg. w/C S/a W C S G

(mm) | (em) | (%) | (%) (kg/m®) | (%)
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Fig. 10 Cracking pattern for the repaired specimen at 3 § y
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ABSTRACT

A series of 5 large scale tests are being carried out to assess the earthquake resistance of
the Santa Monica Viaduct at the University of California, San Diego. This paper
summarises the results of 2 lap-splice tests (SM1 and SM2) and one test of a column cap-
beam joint subassemblage (SM3). The two tests on lap splices showed that the strength of
the splices in many of the columns in the Santa Monica Viaduct is likely to be high enough
that retrofit is not required. This is consistent with an analysis method for assessing the
strength of lap-splices in columns. The failure of the cap-beam column subassemblage
tested in the direction parallel to the cap-beam was initiated by joint shear failure. Strength
degraded slowly with an increasing number of applied displacement cycles and the final
behaviour was close to that of a pinned connection.

INTRODUCTION

As a consequence of a reassessment of the expected seismic performance of the Santa
Monica Viaduct carried out by The Seismic Safety Review Panel (SSRP) [1],
recommendations were made that a significant reduction in the scope and extent of
planned retrofit measures could be made. If the SSRP recommendations are implemented,
the result would be a saving of many millions of dollars. An analytical assessment
procedure [2] that relies on new concepts of member and section performance was used
for the recommended reduction in retrofit. It was further decided that full-scale testing of
typical details should be carried out to validate the predicted response. As a consequence,
a proof-test program was initiated at the University of California, San Diego to test five
large-scale typical bridge elements.

The Santa Monica Viaduct consists of multi-column bents with a total of more than 2300
circular columns extending below the ground level as pile shafts of the same diameter.
Columns are either 3ft (914mm) diameter or 4ft (1219mm) diameter and reinforcement
varies from 12#11 (35mm) bars to 16#18 (57mm) bars. Lap-splices are provided for the
main longitudinal reinforcement immediately above the ground surface. Cap-beams and
beam-column joints were designed without considering the possibility of strong
earthquake-induced ground motions. Critical reinforcement is grade 40 (nominal f, =
276MPa). The maximum bending moment was expected to occur several diameters below
the ground as shown in Figure 1. Hence the moment at the lap splice was expected to be
significantly less than the maximum moment below the ground surface. Analyses by SSRP
[1] estimate that the moments at the base may be up to 68% of the theoretical maximum

moment developed at depth. Thus the value for o in Figure 1 is 68%.
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The first two units tested modelled the lap-splice details. The models consisted of a 3ft
(914mm) diameter column with 16 #11 (35.8mm dia.) and 12 #18 (57mm dia.) Grade 40
(nom. 276MPa) longitudinal column reinforcing bars for SM1 and SM2 respectively. The
third test unit in the sequence, SM3, is representative of a typical Santa Monica Viaduct
cap-beam column joint. The connection between the column and cap-beam consists of the
main longitudinal reinforcing steel extending a distance of 16 times the bar diameter into
the cap-beam. No joint shear reinforcement is generally provided. Testing was carried out
on an upside-down 3/4 scale model considering earthquake loading acting transverse to
the bridge longitudinal axis and in-plane with the bent. A further cap-beam column joint
test is to be carried out parallel to the bridge longitudinal axis and in-plane with the bent.

TEST INFORMATION

Material Characteristics: The target strength of the concrete was 5000psi (34.5kPa).
Measured material tests were used for strength calculations. The steel grade used in the
critical bars was Grade 40 (nom. 276MPa) however in non-critical components, Grade 60
(nom. 414MPa) steel was used and the spacing and bar size was scaled accordingly.

Column_Theoretical Flexural Strength: Moment-curvature analysis [3, 4] was used to
calculate the ideal moment of the section (M), for the particular axial load used. The ideal
lateral shear (V,-)p was able to be calculated from (M f)P‘

Instrumentation: All units were heavily instrumented.

Testing Regime: The testing regimes for all tests were similar and consisted of 3 cycles to
each displacement in the damage or post-yield range. The yield displacement, A,, was
calculated as (V,;)p/K, where K is the stiffness of the unit obtained from the load cycles to
approximately £0.75(V;),. After the initial load-controlled cycles testing was carried out to
displacements corresponding to displacement ductilities, y, of 1.0, 1.5, 2.0, 3.0, 4.0, 6.0
etc. until failure.

SANTA MONICA VIADUCT TEST #1 (16 #11 Bars (35mm dia) Lapped Splice)

The background to tests SM1 and SM2Z are published elsewhere [5, 6, 7, 8] so only the
conclusions of the research are published here. The test set-up, point of load application,
and sizes of units SM1 and SM2 are shown in Figure 2. A construction joint was provided
48in (1219mm) above the footing to represent the column-pile interface. The longitudinal
reinforcement for the column consisted of 16 #11 (35mm dia) bars lap-spliced over a
distance of 30in (762mm) above the construction joint as shown in Figure 3. The
transverse reinforcement consisted of #4 (12.7mm dia.) spiral with a pitch of 3.5in (§9mm)
and is detailed with the lap splice in the cover concrete with a lap length of 40in
(1016mm), corresponding to 80d,,. The 48in (1219mm) of column below the splice was
strengthened by an inner ring of reinforcing steel which enabled the actual strength of the
lap-splice to be investigated. The height of steel in the inner ring varied to minimize the
effect of crack concentration at the splice base. The axial force was 400kips (1780kN).
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The lateral force displacement curve and curvature distributions for SM1 are shown in
Figures 4 and 5 respectively. Concrete spalling initially occurred 10in (254mm) below the
base of the splice. (V;), represents the lateral force corresponding to the ideal flexural
capacity at the base of the lapped splice assuming plane sections remain plane. (V3), is
132kips (578kN). (V;)y¢ represents the lateral force corresponding to the ideal flexural
capacity with a 10in {254mm) tension shift in the critical region below below the base of
the lapped splice due to inclined cracks (also known as the T-jd effect). (V))qg is 123.4kips
(549kN). Figure 4 shows that unit SM1 was able to reach (V;)yc. Lap splice failure
occurred during the cycles to a ductility of 3. The curvature distributions of Figure 5
showed the curvatures to be maximum at the base of the column during the initial cycles
and at the base of the splice during the final cycles.

SANTA MONICA VIADUCT TEST #2 (12 #18 Bars (57mm dia) Lapped Splice)

The longitudinal reinforcement for the column consisted of 12 #18 (57mm dia) bars lap-
spliced for a distance of 45in (1.14m) above the construction joint, The axial force was
400kips (1780kN). The transverse reinforcement was similar to SM1. The lateral force-
displacement curve for SM2 is shown in Figure 6. The ideal flexural capacity at the base of
the lapped splice, (V;),, was 202kips (898kN) and (Vj)ys, based on a 10in (254mm)
tension shift, was 188.3kips (838kN).

After the first cycle to each displacement up to a displacement ductility of 1.0, the loading
curve followed the same path showing a very stable hysteresis. Peak strengths occurred on
the first cycle to u=1.5. Maximum lateral force resistances were 202kips (898kN) in one
direction and 182kips (810kN) in the other direction. These exceeded the likely maximum
strength demand of o(V;), (= 137kips (610kN)) under seismic response. With further
cycles to the same displacement and with larger displacements the degradation increased
significantly. The final degraded strength on the third cycle to p=-3 was 41kips (181kN)
or about 20% of the peak lateral strength. The hysteresis loop of this test, SM2 shows a
much more pinched behaviour than that of SM1 pmmbly because bond failure occurred

earlier in SM2,
THEORETICAL LAP SPLICE STRENGTH

A procedure for assessment of the lap splice strength has been proposed by Priestley [2].
The splice strength is the maximum value from the methods given below.

a) Method 1. Highly Confined Section
Tests at UCSD have shown that there is a limit to the dilation of the concrete, &, of about
0.001 before bond-slip occurs. Using this value of £; and Youngs modulus for steel, E, =
29000ksi (200GPa), the effective confining stress, f}, is given by Equation 1.

58 400Ab

fi= Ds

Here D’ is the diameter of hoop or spiral, s is the spacing and A, is the area of hoop or
spiral. Allowing the standard coefficient of friction, 1, of 1.40 on the crack surface as

B4 (i) = (MPa) M
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shown in Figure 7, the tension force, T}, able to be carried by any longitudinal bar is given
by Equation 2.

T, =1.4 ﬁ[’Z—D— +2(d,, + c)}zs @)

n
Here ¢ is the cover, d,, is the diameter of main longitudinal bars, r is the number of main
longitudinal bars and [ is the splice length.

b) Method 2. Lightly Confined Section
Equation 3 ignores the contribution of confining steel and considers only the tensile stress
necessary to fracture the concrete failure surface of Figure 7.

T, = [—’éﬂ+ 2(d, + c)]is 3)
n
Here f, is the direct tension strength of concrete as given in Equation 4.
f,=4Jf, (ksi) = 0.33./f . (MPa) (4)

The second methed controls the estimate of design strength for both units SM1 and SM2.

Three existing code methods [9, 10, 11] as well as Priestley's method [2] were used to
compare the development lengths of a bar as shown in Table 1. It was assumed that the
splice strength was inversely proportional to the length provided. The code equations have
been explained in references [5] and [6]. Here the required development lengths are based
on the measured material properties. Some of the codes described below state that their
equations should not be used for lap-splices with #18 bars due to lack of test information
from such splices. The code equations were used anyway for comparison. Priestley’s
method [2] predicts that bars will carry significantly more stress than do the code
methods.

Table 1. Predicted Development Lengths and Maximum Stresses

Unit | ACI318-83 | ACI318-89 | ACI408{11] | Priestley [2]
‘ [91 [10]

SMiL] 547in 41.8in 36.8in 26.7in
Development (1389mm) | (1062mm) | (36.0mm) (679mm)
Length | SM2]  72.7in 79.0in lin 50.7in

(1847mm) | (2010mm) | (2308mm) (1288mm)

SML| 24.2ksi 31.7ksi 36.0ksi 5
Maximum (169MPa) | (218MPa) | (248MPa)

Stress, f, | SM2 |  25.8ksi 23.8ksi 20.7ksi 37.1ksi
(178MPa) | (164MPa) | (142.7MPa) | (255.6MPa)

As the full yield strength of the #11 bar, fy (= 44.2ksi or 306.8MPa), was expected to able
to be developed in unit SM1 according to Priestley's method, the full flexural strength of
the unit of (M i)p = 18,990in-kip (2144kNm) was predicted to be able to be attained. The
lateral shear force was therefore (V;)rs.
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The stress able to be achieved in unit SM2 was less than the yield stress of 41.8ksi
(288MPa) indicating that the ideal moment from moment-curvature analysis would not be
able to be attained. The maximum moment capacity of this unit was likely to be
significantly more than the moment corresponding to the extreme tension bar reaching the
stress calculated in Table 1 because other bars would still be able to carry increased force
and the moment-curvature curve would still be expected to have a positive slope. A more
realistic, but empirical estimation of the maximum strength is given in Equation 5.

V, = f_s(V,)n &)

max
a fy

37.1ksi 1g4g 3 o maar
= 3L1KST 188 3kip = 167kip (TA4kN
AL 8kss oo = 167K (T44KK)

This value too was considered to be conservative as it is based on a constant moment over
the splice which was not present in the test units. This theoretical strength is (f/f,) = 0.89
times the ultimate flexural strength. As this is greater than the expected demand of 68% of
the ideal flexural strength, the unit was expected to behave satisfactorily. The actual
strength of SM2 was 182kips (810kN) showing that the theory was conservative and
therefore appropriate for the strength assessment of real structures.

SANTA MONICA VIADUCT TEST #3 (Column Cap-Beam Subassemblage)

The third test unit in the sequence, SM3 was an upside-down 3/4 scale model
representative of a typical Santa Monica Viaduct cap-beam column joint [12]. Loading
was applied transverse to the bridge longitudinal axis and in-plane with the bent. The
connection between the column and cap-beam consists of the main longitudinal reinforcing
steel extending a distance of 16 times the bar diameter into the cap-beam. No joint shear
reinforcement was provided. Existing code equations predict that both the column
longitudinal reinforcing steel development length and the joint shear strength are
inadequate and the column is likely to fail at a strength much lower than its flexural
strength. However, as geometrical considerations restrict the development of a full
mechanism, a higher strength than that obtained directly from code equations was
expected.

The test configuration shown in Figure 8 was chosen to represent the prototype behaviour
as closely as possible. The test regime is given in Figure 9. Lateral force and vertical force
were applied to the top of the unit. Horizontal supports were provided at the height of the
beam centre-line. A gap of 1/4in (6mm) was initially provided between the unit and
reaction block on the south side to allow for the increase in length of the beam due to
cracking. Cap-beam tie-down points were 96in (2438mm) from the column centreline as
shown in Figure 10. Vertical supports at 62in (1575mm) and 98in (2489mm) each side of
the column centreline ensured that a complete mechanism did not occur as soon as the
beamn hogging plastic hinge formed. A lap splice of the cap beam bars on one side of the
column was provided in the soffit slab.
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The expected maximum axial load for the model was 240kips (1068kN) at the maximum
displacement. However, in order to model the expected shear forces and moments of the
prototype structure reasonably well, a lower axial load of 130kips (579kN) was applied in
the test. This was equivalent to a nominal compressive stress of 127psi (0.88MPa) or
0.027f .. The use of the lower axial load was not considered to significantly affect the
behaviour of the beam-column joint. After cycles had been carried out under an axial load
of 130kips (579kN), further cycles were sometimes carried out under an axial load of
240kips (1068kN) to see if this would cause further deterioration of the joint. At the end
of the test, the axial load was increased to 360kips (1602kN) to see whether or not a
punching shear failure of the column through the cap-beam and slab would coccur. The
ideal flexural strength of the column, (M;),, was 21662in-kips (2448kNm) with an axial
load of 130kips (579kN). This corresponded to an equivalent lateral shear force of (V)), =
201kips (894kNm). '

Column cracking was observed during the cycles to 20kips (89kN) and the first joint shear
crack as well as cracking of the top and bottom slabs were observed during the cycles to
80kips (356kN). During the cycles to increasing displacements, the joint shear cracks
became more numerous and opened wider. The top slab was also seen to move relative to
the column on the tension side of the column. Spalling of the cover concrete beside the
joint was first seen during the cycles to a displacement ductility, 1, of 2. Cracks in the cap
beam beside the road slab also became large. These joined up with the joint shear cracks.
As the joint cover concrete spalled it could be seen that the column bars had bent toward
the centre of the section during the cycling. The lap-splice of the beam bars in the soffit
slab did not seem to have moved.

The subassemblage eventually suffered by a joint shear failure after cycles of repeated
loading. Major strength degradation did not occur until after the first cycle to a drift ratio
of about 2% or p = 2.0 as shown in the hysteresis loop of Figure 11. The loop shapes
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Figure 11. SM3 Hysteresis Curve Considering all Cycles of Loading
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were severely pinched at moderate ductility levels as a result of cracking of the column
and of the joint. The expected maximum strength of the column alone was 201kips
(894kN), and the subassemblage maximum lateral force resistance was 163kips (725kN)
in one direction and 148kips (659kN) in the other direction. Even when the axial load
level was increased to 360kips (1602kN) no punch through of the column occurred. While
the final strength was much less than the initial strength, the situation was significantly
better than a pinned end.

The maximum joint shear strength was 3.05Vf, (ksi) (0.366Nf, (MPa)). Further data
analysis for this unit is being carried out and planning of the construction of a further unit
to be loaded in the direction parallel to the cap-beam is underway.

CONCLUSIONS

Three test units representative of portions of the Santa Monica Viaduct have been tested
at the University of California, San Diego. The major results are:

1) Both columns with lapped splices possessed at least 33% more strength in both
directions than the expected demand of 68% of the ideal flexural strength. Retrofit of the
splices tested here would therefore not be deemed unnecessary.

2) The method of Priestley [2] was shown to be suitably conservative in predicting
the maximum strength of columns with lapped splices. A reason for this conservatism is
that while no moment gradient was allowed for in the analytical approach, it was present
in the experiment. Existing code equations were unrealistically conservative.

3) In the reversed cyclic loading test of the unreinforced cap-beam column
connection, the subassemblage maximum lateral force resistance was 163kips (725kN) in
one direction and 148kips (659kN) in the other direction. The theoretical maximum
strength due to failure of the column alone was 201kips (894kN),

4) The cap-beam column connection suffered a joint shear failure, However the
strength degradation was gradual with the cycles of repeated loading. The joint shear
stress was = 3.05\/}" . (psi) = 0.254\ffc (MPa). :

5) Even under an axial load of 1.5 times the expected maximum column axial load
a punching shear failure of the column through the deck did not occur.

6) If the full flexural strength at the base of a prototype column may be achieved
the subassemblage may be expected to respond well. In the worst case, after a large
amount of deformation is sustained the top connection would be effectively pinned.
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Abstract

This paper presents the results of various experiments made to study designs of
reinforcement of existing reinforced concrete (RC) bridge piers for earthquake resistance, and
describes methods of reinforcement.

The earthquake-resisting capacity of RC bridge piers has been discussed on various
occasions and earthquake resistant requirements have been standardized by Specifications for
Higfiway Bridges and other codes. However, some structures built in the past do not meet the -
current seismic design standards, and these structures have sometimes been damaged during
earthquakes. For these reasons, experiments have been made to study on seismic designs, in
particular to the region of main reinforcement cut-off and the bases of columns of existing
RC bridge piers paying attention. As a result of these experiments, it has been decided to
adopt steel plate jackets with epoxy resin, and the RC envelope method.

Introduction

Seismic design of structures is an important design check item in Japan where
earthquakes occur frequently. Substructures, on which seismic loads act dominantly, are more
important than superstructures. Therefore, seismic design methods are constantly being
reconsidered. A new method of checking the ultimate load bearing capacity of RC structures
during strong earthquakes was added to Specifications for Highway Bridges in 1990.
However, existing RC bridge piers were designed based on the allowable stress design
method and their safety with respect to their ultimate strength has not been checked. The
region of main reinforcement cut-off of bridge piers were actually damaged during recent
earthquakes. They provide evidence that many RC bridge piers have insufficient ultimate
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Photo-1 Damage of the Region of Reinforc

Check Earthquake Resistance
strength for earthquake resistance (Photo - 1). For these reasons, it is necessary to reinforce
existing RC bridge piers to assure their safety during earthquakes.

For RC bridge piers, it is important to prevent brittle failures, such as the failur¢ of
concrete and the rupture of rebars, during earthquakes, although cracking of concrete and the
yielding of steel members are allowable.

Earthquake-resisting capacity is checked here mainly to ensure the safety for their
ultimate strength of the region of main reinforcement cut-off and the column base. Checking
procedures are shown in Figure 1, Some bridge piers may be found to be defective in required
earthquake-resisting capacity during the checking process. It was decided that they will be

retrofitted as necessary.
Check of Anchorage Zone

During earthquakes in the past, main rebars of insufficient anchorage length and the
lack of shear resisting force at the region of main reinforcement cut-off of columns were
often noted in bridge piers designed based on the 1980 or earlier versions of Specifications
for Highway Bridges (see Table 1). Shear failure can occur at the region of main
reinforcement cut-off and this is one of the important items to check when reviewing the
earthquake-resisting capacity.

Check of anchorage zones was mainly conducted for single piers or rigid-frame piers of
rectangular or circular sections}having shear span ratios (h/D) more than 2 and side ratios
(b/a) less than 1.4, located on comparatively poor foundation soils. The scope of work
included checking of ultimate strength (safety factor of 1.2 or more) of rebars at the region of
main reinforcement cut-off during earthquakes and the average shearing stress of concrete. !

190



START

Single Pier

Check of Seismic
Coefficient Method

Poor Foi;;;:I;E““*» N

Single Pier

Check of Main Reinforcement
Cut-off Region

[ Check of Hoop Tie

essity of Reinforcemen

Y

Design of Reinforcement

END

Fig.1 Flow Chart of the Check

191



col

Table 1 Change of Design Method at the Region of Reinforcemnt Cut-off

Prior to 1980

1980 and After

-Provide either the length calculated by the
following equation or at least 20 from the

-length obtained by the left colum method
-Length where the tensile stress of the reinforcing

Mclorage point where reinforcing bar is mot tequired bar becomes less than one-half of the allowabie
by analysis stress
gsa '
fength | = ) -Length where share stress © salisties the
dteb {ollowing equation :
Where, osa : Allowable tensile stress of
reinforcing bar T < 2ita
Teb : Allowable bond stress of
conctete : Use the grreatest length of the above for mclorage
¢ : diamcter of reinforcing bar tength
Compressive 180K 200 ack>240 Compressive
Allowable Strength of ock00  ock<aq0 Strength of 210 240 210
Share Stress Concrete Concrete
of ock(kgf/cn?) ock
Concrete
Ta (kgf/cm2) b 6.5 1 Ta 3.6 39 4.2




Check of Column Base

In the 1990 Specifications for Highway Bridges, ultimate lateral strength method? was
added. That method checks horizontal load bearing resistance to earthquake forces to
determine the ultimate strength, taking into account the deformation capacity of RC bridge
piers. This checking is applied here to existing RC bridge piers désigned by the allowable
stress design method to study the ultimate strength of the entire bfidge pier. The procedure
for checking ultimate lateral strength method is shown in Figure 2.

NECESSITY OF NO

CHECK FOR ULTIMATE HORIZONTAL STRENGTH
DURING AN EARTHQUAKE

YES

SELECTION OF
EXAMINATION POINT

CALCULATION OF EQUIVALENT !ANALYSIS OF ULTIMATE
HORIZONTAL SEISMIC BENDING STRENGTH Pu &
COEFFICIENT khs BY TAKING ULTIMATE SHEAR STRENGTH

INTO ACCOUNT PLASTIC RATIO Ps AT THE SELECTED POINT

CALCULATION OF THE WEIGHTS YES NO
OF SUPERSTURUCTURE AND
PIER (W)

CALCULATION OF CALCULATION OF CALCULATION OF
INERTIA FORCE ULTIMATE HORTZONTAL ULTIMATE HORI1ZONTAL
UNDER EARTHQUAKE STRENGTH DURING AN STRENGTH DURING AN
khe-W EARTHQUAKE Pa AGAINST EARTHQUAKE Pa AGAINST
BENDING MOMENT : SHEAR FORCE

DESIGN OF
STREKGTHENING

YES

END

Fig.2 Check Flow of Ultimate lateral strength Method
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Check of Volume of Hoop Ties

Some existing bridge piers have column base reinforcement with a small hoop tie ratio,
0.15% or less. These bridge piers are estimated to have basically small resistance against
shear force and poor carthquake-resisting capacity, based on experience from past
earthquakes. Therefore, it was decided to check the volume of hoop ties for all bridge piers,

as one factor to determine the need for seismic retrofit.
Experiments Related to Seismic Retrofit
Objectives of Experiments

Experimental studies have previously been made on the region of main reinforcement
cut-off.>) Therefore, experiments were conducted on the seismic retrofit of column bases.

Items of experiment are as described below.

Experiments on Flexural Retrofit For flexural retrofit of RC members, both the RC

envelope and the steel plate jacket/epoxy resin methods have been used. Experiments have
already verified the static strength provided by these methods. However, the dynamic
strength and resistance to deformation of these methods when they are applied to column
bases have not been verified by experiments. Therefore, these experiments were made to
verify the dynamic strength and deformation characteristics of two methods for the purpose
of applying the methods to the design of retrofit.

Experiments on Shear Retrofit Bridge piers that are judged to be in danger of shear failure
while ultimate horizontal strength is being checked are generally deficient in hoop ties. But

ultimate strength is checked only for the cross sections where flexural strength is minimum,
but the sections with high flexural resistance but with little shearing strength, as seen in
existing bridge piers, cannot be checked.

For these reasons, an experiment was made to determine the extent of shear retrofit
for such cases.

E. xp. eriments on Joints between Two Methods _ In areas where aboveground and

uhdérgfound portions are retrofitted continuously, the steel plate jacket method and the RC
envelope method are used in combination, taking into consideration the appearance. In
particular, when two methods are used for flexural retrofit it is necessary to assure the
continuity of both methods. Therefore, it was decided to use stud bolts for steel plates as the
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joint between two methods. The experiment was made to assure continuity, and to verify their
effectiveness.

Experiment Methods

Experiments were all made by the displacement control method, repeatedly applying
one static load and 10 dynamic loads. Methods of applying loads are shown in Table 2.

Table 2 Methods of applying loads

Load Level Concrete Reinforcing il jiid v v
Crack Bar Yield

Displacement 8¢ 5y 28y 346y 48y 56y

Static Load O '®) O O O O

Dynamic Load — O O ®) @) O

Loads were statically applied at the loading level I, until it was estimated that the rebars
yielded. Measured displacement and loads were defined to be elastic limit displacement d,
and yield load P,. At further loading levels, alternate loads were dynamically applied 10
times each by deformation control to achieve a deformation of integral times in reference to
5y. The point where the resistance fell significantly below P, during load application was
defined to be failure. Loading equipment is shown in Figure 3.
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Fig.3 Loading equipment
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Experiments on Flexural Retrofit

Experiment Details of experiment and description of specimens are shown in Table 3 and
Figure 4. Specimens No. 2 and No. 3 were mainly used for cases when retrofit steel was
anchored in footings, and one specimen was used for the RC envelope method and one for
the steel plate jacket method. Specimens No. 4 and No. 5 were mainly used for cases when
the retrofit steel was not anchored. For specimen No. 5 is expected to improve deformation
because of the confining effects of the steel plate.

Specimens were made as large as practicably possible, taking into account the shape
effects and the capacity of the loading equipment. Actual structures have rectangular, circular
and hollow sections, but a rectangular section was used in this experiment because this shape
had been used quite often for repeated loading tests in the past. Lateral confining effect of the
retrofit matertals is smaller than for circular sections. This was another reason for using the
rectangular sections.

Retrofit cross section is larger than actual, compared with the section of reference
specimen, but a 6 cm thickness is considered to be the minimum for the RC envelope method
if the possibility of construction is considered. For the steel plate method, 6 mm plate is
considered to be minimum thickness for the same reason.

A working axial force of 20 kgf/cm? was used, taking into account the previous
experiments and the dead loads acting on the rectangular column bases of existing bridge

piers .
Table 3 Model Test Cases

Dimension of Test Mode! (cm Ratio of Span AMxial Torce
No Lenglh to flemark

Original Ater Cross Section (k! /ca2)

feinforcing

1 50 % 50 - 4 2.0 Standard case for reiforcing
2 " 62 x 62 " " fiC tining reinforcing (with anchorage)
3 " t=15m " " Stec! plate reinforcing (with anclorage)
4 " 62 % 62 N " RC lining reinforcing (withoul anclorage)
5 L=0m " " Stecl plate reinforcing (without anchorage
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Results of Experiments = The results of experiments are shown in Table 4. Load-

displacement envelope curves of all specimens are shown in Figure 5.

Failure Modes Cracks occurring at times of failure are shown in Figure 6. Cracks occurred
in all specimens first in the form of flexural cracks in a horizontal direction and later in the
form of shear cracks in diagonal directions. However, the shear cracks did not continue to
develop as the flexural cracks developed further.

For the reference specimen, concrete cover started to fall off and hoop ties were
loosened when failure occurred, and bars were compressed and buckled, loosing their
compressive strength. Conversely for specimens No. 2 and No. 4, retrofitted by RC envelope
method, hoop ties were proper even after concrete cover fell off, but bearing strength
decreased as main rebars fractured.

On specimen No. 4, at the time of failure cracks were found along cold joints of
concrete placed over existing concrete in longitudinal directions. It can be assumed that these
cracks occurred because the additional concrete cover was not anchored to the footing by
rebars and the bonding of the concrete layers was not able to resist.

Table 4 The Results of Experiments

Mode! Yield Maximm load Yield Displacement. Displacement Under Maximm Tauginess
(L) Sy () Maximon Load () Displacemnt  Index
No. Load .
Measured  Calculated  Measured  Calculated  Measured  Calculated Su Su/dy
{tf) Value Value Value Value Value Value {mm)
1 201 25.9 2.4 1.9 8.38 5.7 16. 41 . q7.6 1
2 321 40.5 12.0 5.7 6.5 1.5 13.24 5.9 2.8
3 36.0 50. 4 48. 6 10. 6 7.15 35. 5 15. 63 7.8 7
4 3.8 361 1.4 15.2 7. 66 0.4 1153 7.3 5
9 25.6 LG 21.9 13.2 9.17 284 16. 25 78.9 6
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Ultimate Strength Values obtained by experiments closely match the calculated values of
clastic properties, as shown in Table 4. It can be seen from this table that the dynamic
strength of the retrofitted specimens can also be estimated, as well as the static strength. For
specimens No. 3, 4, 5, the values obtained by the experiments were larger than values
obtained by calculations when compared with specimens No. 1 and No. 2. It can be presumed
that this was effected by the increased confining force in horizontal directions.

Energy Absorption Capacity Energy absorption capacity is larger for retrofitted specimens
than for reference specimens. However, for specimen No. 3, the equivalent damping factor
was smaller than others, as shown in Figure 7. This can be because the horizontal movement
of column base under load was larger for specimen No. 3.
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Fig.7 Equivalent Damping Factor
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Extracted Length of Rebar Measurements were made for stresses in rebars in the footing
of specimen No. 1 to identify the length of rebars extracted. The results are tabulated in
Figure 8 and Table 5.

It can be seen that stresses in rebars are distributed nearly in a straight line until rebars
yielded. It can be seen, conversely, that the ultimate stress in rebars in concrete did not
change very much after they yielded, but strains measured at the interface between the
column and footing exceeded 18,000 p.

Reasons for differences in ultimate extracted length of rebars obtained from experiment
and that obtained by simple formula, shown in Table 5, possibly because strains distributed
from the interface to the measuring point 15 cm below the interface were assumed as a
straight line slope to obtain the extracted length of rebars.

Table 5 Extracted Length of Rebar

Measured Value Calculated Valuer
{cm) (cm)
Yield Failure Yield Failure
0.055 0.128 0.050 0.063

% Yield Aly=0.070—0.0054 (D ¢) +0.00017 (D.” ¢) *
Failure Alu=0.083—0.0054 (D, ¢) +0.000i3 (D ¢) °

D :Distance between Reinforcing Bars

¢ :Diameter of Reinforcing Bars

Yield Failure
Stress (g)
Stress (u)
00 18500
] 500 1000 1500 2000 0 500 1000 iFfDD 2(309[ 180

0 T 1 V‘
10 r

20 1

20 r
30 30

o F 0

Depth from the Footing Surface (cm)
Depth from the Footing Surface (cm)

50 50 f

Fig.8 Rebar Stress in the Footing

202



Experiments on Shear Retrofit

Description of Experiments Experiments are tabulated in Table 6 and details of specimens
are shown in Figure 9.

Shear span ratio of specimens was determined to be 3.0, so that specimens would
easily fail by shearing. The volume of hoop ties for reference specimens was set to be 0.13%,
since the volume of hoop ties for existing concrete bridge piers presumed to have failed by
shearing was 0.15%.

Specimens No. 2 and No. 3 were made from reference specimens retrofitted within
the range of 1D and 1.5D (D = column width of specimen).

Table 6 Model Test Cases

No Cross Section Share Span Axial Ferce Remark
Ratio (kgf/of)
1 50 x 50 3 20.0
62 x 62 ’ 3 20.0 Retrofitted Length;1D
3 62 % 62 3 20.0 Retrofitted Length;1.5D
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Fig 9 The Shape of Specimens
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Results of Experiments

Fajlure Mode The failure modes for all specimens are shown in Figure 10. It can be seen
from this figure that diagonal cracks occurred extensively in the center areas of columns for
all specimens, and that bearing strength decreased by shear failure.

The failure zone moved upward as the area of retrofit increased. The figure shows that
shear retrofit was effective, but the strength was insufficient for the shear forces acting on

unreinforcing areas.
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Fig.10 The Failure Modes
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Ultimate Strength I.oad—displacement envelope curves are shown in Figure 11. It can be
seen from the figure that heavily retrofitted specimen No. 3 failed at 63, and that a toughness

nearly equal to bending failure has been secured. However, failure occurred in the form of
shear failure, as described in subparagraph a. above.

Specimens No. 1 and No. 2 failed at 28 and 34. It can be seen that these failed without
toughness in the form of shear failure.

The ultimate strength nearly agreed with that obtained if the unreinforced areas are
assumed to act as a corbel. It is presumed that this means that the ultimate strength after
retrofit is obtained from the strength for shear of unreinforced area or flexural strength of the

column base, whichever is smaller, because specimens retrofitted for shearing force have a
sufficient strength.
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Fig. 11 Load-Displacement Envelope Curves
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Experiments on Joints by Combined Method

Description of Experiments Experiments are tabulated in Table 7. The details of specimens
are shown in Figure 12. Specimen No. 1 was made with a combination of a concrete envelope
and a steel envelope, and joint materials such as stud bolts were not used. For specimen No.
2, stud bolts in the minimum number required by the yield strength of stud bolts were used.
Conversely, for specimen No. 3 stud bolts were used at a rate 1.5 times that used for
specimen No. 2.

Table 7 Model Test Cases

No Cross Section  Share Span Axial Force Remark
Ratic (kgf/enf)
1 50 x 50 4 20.0
62 w62 4 20.0 Stud Bolts 2Lines
3 62 % 62 4 20.0 Stud Bolts 3Lines

30
50

300
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150 38100

550

50, 20

£8100=400
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Fig.12 The Shape of Specimens
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Results of Experiments

Failure Mode Cracks occurring at the time of failure are shown in Figure 13.Regarding
specimen No. 1, cracks started to occur at the top corners of the RC envelope immediately
after loads were applied, and spaces opened up between RC envelope and steel plate inside.
Cracks became widespread according to the deflection increased. Failure occurred at the
bottom of the inside steel plate.

For specimens No. 2 and No. 3, cracks first occurred in the RC envelope areas where
stud bolts were installed and they developed over the entire area of the RC envelope.
Progressive failure occurred with the concrete cover first falling off, then the rebars failed .

All the specimens failed by flexure.

Ultimate Strength Load-displacement envelope curves are shown in Figure 14.
Specimen No. 1 failed at 78y but its maximum load did not reach the required level. This is

because the resistance became smallest at the bottom of steel plate as the RC envelope and
the steel envelope were not firmly integrated. _
Significant differences were not noted for specimens No. 2 and No. 3 and they showed

nearly equal toughness and load capacity.
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Table 8 The Results of Tests

No., Yield Load(tf) Failure Load(tf)

Measured Calculated Measured Calculated
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NPT

1 27.2 29.3 27.2 31.4
2 29.7 29.3 33.1 31.4
3 31.1 29.3 35.4 31.4
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Conclusions

From the results of experiments on column bases of RC bridge piers, it has been decided
to adopt the steel jacket method using epoxy resin and the RC envelope method as methods
of retrofit. The steel jacket method can be used effectively in urban areas where space is very
limited. On the other hand, the RC envelope method can be easily constructed and is effective
for underground column bases. It has also been verified that flexural retrofit for column bases
is effective if retrofit members are anchored in footings. »

For these reasons, it has been decided that the RC envelope method with anchoring to
footings will be used for retrofit of underground portions of structures, and that the steel
jacket method for aboveground portions of structures. In addition, it has been decided that
combined method is used when bending retrofit covers both the underground and
aboveground structures. It has been verified that the tensile strength of rebars in the RC
envelope can be transferred to the reinforcing steel plates via the shear capacity of stud bolts

if stud bolts are used for joining steel plates.
Methods of retrofit for shear retrofit is the same as for flexural retrofit. The extent of

retrofit is normally limited to 1.0 D, but it has been decided that entire columns should be
retrofitted when the ratio of hoop ties is small.

Discussion has been limited to the bridge piers as a subject of seismic retrofit, but studies
should be continued including superstructures, to improve the earthquake-resisting capacity
of entire bridges, by Mensin or other methods.
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ABSTRACT

A comprehensive experimental and theoretical study was conducted to provide an
assessment of the seismic behavior of existing bridge pier walls built to old standards,
and to provide a basis for the retrofit of these walls to improve their seismic resistance.
This paper presents a comparison between the calculated ductility and strength of the
tested half-scale specimens and those observed experimentally. It was found that the lap
length splice of the vertical steel reinforcement had a significant effect on the ductility
of the walls. In general, a good correlation was noted between the computed and
observed response parameters. Furthermore, the observed displacement ductility factor
was mtuch higher than the design ductility factor. An efficient strengthening scheme was
developed and its effectiveness was confirmed. Based on the outcome of the study, the
acceptable limit on the displacement ductility factor for seismic qualification of bridge
pier walls was raised from two to four.

INTRODUCTION

Possible deficiencies in existing bridge pier wall structures prompted a program for
testing reduced-scale models of such walls under cyclic loading, complemented by an-
alytical evaluation of their behavior. The principal concerns related to the seismic
strength of existing pier walls centered on three 1ssues:

e Many pier walls have less than 0.25% horizontal reinforcement which is required
to control premature diagonal tension cracks.

e Lap lengths with footing dowels are typically a class “A” splice (16 times the
bar diameter) rather than a class “C” splice (28 times the bar diameter). The
shorter lap length may result in a brittle bond failure of reinforcement under cyclic
loading.

o Lack of confinement ties in the plastic hinge zones may cause the vertical rein-
forcing bars to buckle under combined axial and lateral loads.
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Experimental and theoretical investigations were conducted to evaluate strength,
ductility, and failure mechanism of existing pier walls. They also involved a critical
evaluation of potential corrective measures that could be taken to increase the strength
of existing pier walls and their ability to undergo large deformations.

EXPERIMENTAL PROGRAM

An experimental investigation was conducted in two phases. In the first phase, half-
scale models of existing pier walls were tested to evaluate their strength, ductility, and
failure mechanism. It involved the testing of nine specimens with two different lap
splices. Seven of the specimens were tested in their weak direction. The specimens
were loaded vertically to simulate in situ dead loads and cycled with pseudo dynamic
lateral loads to predetermined displacement levels. In the second phase, similar but
wider specimens rehabilitated to increase strength and ductility, were tested to evalu-
ate the effectiveness of these corrective measures. This phase involved testing of five
specimens, four of which had different retrofit schemes.

Test Specimens

All specimens were half-scale models, 127 inch tall and 10 inch thick. Phase I walls
were 38 inch wide and phase 1l walls were 98 inch wide. Vertical reinforcement was
Grade 40 at a ratio of 0.56% whereas the horizontal reinforcement ratio was 0.15 %.
Seven specimens incorporated class “A” lap splice (16 d;) whereas the other five used
class “C” splice (28 d;). Four types of retrofit, as shown in Fig. 1, were employed. The
sample for a retrofit type R1 is encased in 3/16 inch thick, 60 inch high steel plates with
0.75 inch nominal gaps between the wall and the plates filled with grout. Pass-through
bolts, 5/8 inch in diameter patterned 2 feet on center, provided for the attachment
between the plates and the wall. Retrofit R2 is similar to R1 except for the bottom row
of bolts, for which spacing was reduced by 50% and additional 1/2 inch thick washers
were added for each bolt. The third retrofit scheme consisted of only an 8 inch high,
1/2 inch thick plate placed at the bottom of the wall with bolts and 1/2 inch washers
at 7.25 inch on center. The fourth retrofit is similar to the R3 retrofit scheme but the
plate is 16 inch high which represents double the length of the lap splice type “A”. Bolts
in the retrofitted walls R3 and R4 were spaced to fit in between the vertical bars.

Test Procedure

A vertical load was applied on each specimen via two high strength steel bars and a
double-channel steel beam placed atop the wall. For phase T walls, the applied vertical
load was 62 kips whereas for the wide walls the load was 162 kips; this is approximately
5% of the axial compressive strength of each specimen. Horizontal loads were applied
via a long stroke, 55-kip jack through three full cycles of a specified displacement. Fig-
ure 2 shows the test set-up including the locations of measurements. The initial cyclic
displacement was set to a level less than the calculated yield displacement to ensure
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that the specimen was first cycled in its elastic range. Then, by observing the non-
linear behavior of the specimen as displayed on the analog plotter, each specimen was
cyclically loaded to its estimated yield point. Thereafter, the specimen was loaded to
increasing displacement levels and the process was continued until the specimen was
brought to failure. Displacements at the actuator’s elevation were measured using a
string potentiometer and were recorded on a data logger system. Consequently, the
load-deflection hysteresis loops were constructed for each sample.

Test Observations

The samples were examined after failure and the major relevant observations are
summarized below:

e The first crack was usually observed as a horizontal line near the end of the splice
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Figure 3: Hysteresis Loops for R3 Retrofitted Wall.

length. Other cracks were also formed horizontally and distributed along the lower
half of the wall. The largest cracks occurred near the wall base but no cracks were
noted in the upper half of the wall.

e A substantial spalling of the concrete cover was observed for specimens with class
“A” splice at the late stage of the experiment whereas the loss of cover for speci-
mens with splice “C” took place at a higher ductility factor.

e A few of the reinforcement rebars in specimens with class “C” splice buckled
whereas no buckling was observed for specimens with splice “A” indicating a
major loss of the bond between the steel and the concrete.

e In the retrofitted walls, no loss of cover was detected, but buckling of the rein-
forcement was noted at the base of retrofit R1 and R2. These observations were
recorded after removing the retrofitting steel plates. In retrofit type R3 and R4,
large horizontal cracks were formed near the end of the splice length.

Analysis of Test Results

Figure 3 shows the hysteresis loops for a R3 retrofitted wall having a class “C”
splice; a slight unsymmetry was noted in the load-deflection relation prior to averaging
the data. To compare the behavior of the wall specimens, the envelope of the hysteresis
loops for each wall was plotted in Fig. 4; the first number designates the specimen and
the second letter designates the splice class. It was noted that

e In general, specimens with class “C” splice exhibited more ductility and strength
than those with class “A” splice. A substantial reduction in stiffness was observed
at the intermediate stage of testing for specimens with splice “A” as compared
with splice “C” specimens due to bond loss. In addition, the observed average
value of A, (the displacement just prior to a significant reduction in the horizontal
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Figure 4: Envelopes of Hysteresis Loops.

load-carrying capacity) for walls with splice “C” is higher than those observed for
walls with class “A” splice.

o The initial stiffness {the slope of the envelope in the elastic stage) is almost iden-
tical for all phase I specimens. For retrofitted walls, the specimen with R2 type
retrofit showed the largest initial stiffness.

e During construction of wall sample W9-A, the form was shifted a little to cause
smaller concrete cover in one side of the wall than the other.

e Phase I walls with no retrofit achieved no less than a ductility factor of six with
no significant loss of the horizontal load capacity.
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e Comparing wall specimens with R2 and R3 retrofit (both have class “C” splice), a
moderate loss of stiffness in R2 was observed in the intermediate stage of testing.
Near ultimate capacity, the specimens with R3 and R4 retrofit had the largest
A,,.

o The ductility of walls with class “C” splice is substantially enhanced by using
retrofit plates of height equals to the length of the lap splice. This retrofit scheme
reduces the potential for buckling of the vertical reinforcement bars.

e The ductility of walls with class “A” splice is substantially enhanced by using
retrofit plates of height equals to twice the length of the lap splice. This retrofit
scheme reduces the potential for the slippage of the vertical reinforcement bars
from the foundation dowels.

COMPUTATION OF DUCTILITY

The ductility of a structural element is generally defined as the member’s ability to
undergo deformations without a substantial reduction in its capacity. The ductility can
be defined either by the curvature ductility factor which is the ratio of the curvature
of the section at ultimate strength to the curvature when the tension reinforcement
first reaches the yield state, or by the displacement ductility factor which is the ratio
between the maximum horizontal displacements of the wall at ultimate and at first yield.

Curvature Ductility

The curvature ductility is calculated according to the definition (Park, 1988)

b
c = 7 1
be= g (1)
The curvature at first yield, ¢,, is the curvature when the longitudinal tension rein-
forcement first reaches the yield state. Since the value of ¢, is difficult to determine
from experimental results, an elasto-plastic behavior was assumed (Mander, 1983) to
approximate the moment-curvature relation, and accordingly,

/ M;
st = ¢yE (2)

where M; is the moment capacity of the wall section using the ACI-89 code approach
in which €., the maximum concrete strain, is equal to 0.003 and M, is the moment
calculated at first yield of the longitudinal steel.

The section curvature at ultimate strength is calculated when the strain at the ex-
treme fiber of the concrete compression block reaches the value of ¢, based on the
unconfined stress-strain relation for the concrete (= 0.004).
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Displacement Ductility

The displacement ductility is calculated from the following definition

A,
e = A (3)

The maximum horizontal displacement of the wall at yield (A,) is calculated when the
critical section reaches its yield capacity (M)

8= [ d(eyz (4)

where ¢(z) is the curvature distribution along the wall height and z is the coordinate
measured from the top of the wall. Again, the theoretical yield displacement will be
modified by the ratio of (M;/M,) as indicated in Eq. 2. To calculate the ultimate
displacement, an approximate method (Mander, 1983) is used. The total displacement
of the wall is the sum of three displacement components

Ay=Ap+ A4+ A (5)

where A is the yield displacement, A, is the plastic deformation due to the nonlinearity
of the moment-curvature response which occurs when the steel has yielded and/or the
concrete enters the inelastic zone, and A, is the deformation due to shear which was
ignored in this analysis as it is very small. The plastic deformation can be calculated

from (Paulay and Priestley, 1992)

A, = 8,(L — 0.5L,) (6)

where the plastic hinge rotation 8, is evaluated from

915 = ¢7pr = (¢u - ¢y’)Lp (7)

in which ¢, is the maximum curvature at the base and L, is the length of the plastic
hinge which was empirically assumed. It should be noted that bond slip between the
reinforcement and the concrete is not considered in the calculations. As such, the results
for splices “A” and “C” are the same throughout the analysis.

CALCULATED AND OBSERVED BEHAVIOR

Figure 5 presents a comparison between computed and measured response param-
eters: the maximum horizontal load, the displacement at yield, the displacement at
ultimate and the displacement ductility factor. The calculated horizental loads at ulti-
mate and the corresponding experimental values are generally in good agreement. To
determine the horizontal displacement at yield experimentally, it was suggested in the
literature that A,, be evaluated at 75% of M;, and consequently, Ayi is 1.33 A,,. How-
ever, it was found that this procedure provides relatively smaller values than anticipated
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for A ;. A more realistic and “conservative” approach is used herein to evaluate A,
corresponding to 90% of M;; a detailed discussion of the methods of evaluation of the
displacement at yield both experimentally and theoretically is presented by Haroun and
Haggag (1994). The most important finding from Figure 5 is that the minimum ob-
served displacement ductility factor of all walls, even with the conservative estimate of
A, is larger than six which is substantially higher than the customary design ductility
factor of two.

CONCLUSIONS

Pier walls with class “A” splice are likely to suffer bond failure at less than their
nominal flexural strength. A better performance was noted for walls with class “C”
splice. The calculated displacement ductility factor and maximum horizontal load have
generally good correlation with the observed parameters, although the analysis still
needs modifications to handle the variation in lap splice class and the different retrofit
schemes. All proposed retrofit schemes increased the wall stiffness; however, retrofit
type R3 and R4 are the most efficient in enhancing the ultimate wall displacement.
The observed lowest displacement ductility factor of all walls substantially exceeded the
ductility factor recommended in design standards. Accordingly, the California Depart-
ment of Transportation has recently increased the acceptable limit of the displacement
ductility factor for seismic qualifications from two to four.
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ABSTRACT

Presented are the seismic response characteristics of C—shaped reinforced concrete
bridge piers which is subjected to eccentric loading by the dead weights of superstructure
and cantilevered beam. The shaking table test and dynamic loading tests of model piers
were made to investigate the seismic response characteristics. It is found that the response
of pier increased only in one direction in which the bending moment increased and that the
excessive residual displacement was developed. It is also found that the ductility
significantly decreased with increase of bending moment by the eccentric loading.

INTRODUCTION

Recently, new types of structures have been constructed in urban areas by land use
restriction and other construction conditions. C—shaped reinforced concrete {RC) bridge
pier as shown in Fig. 1 are one of the typical examples. However, the seismic response
characteristics of this type of RC piers have not yet been studied. Because the C—Shaped
RC piers are subjected to eccentric loading by the dead weights of superstructure and
cantilevered beam, it is anticipated that the seismic response of the piers is developed only
in one direction during an earthquake. Therefore is an important subject to investigate the
strength and ductility characteristics and to develop the seismic design method against
large—scale earthquakes.

This paper presents the seismic response characteristics of C—shaped reinforced
concrete bridge piers through the shake table test and dynamic loading tests of model piers.

DEFINITION OF ECCENTRIC LOADING

In order to define the amount of the eccentric loading, bending moment ratio is
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assumed as
Mg

" Mo+ Ms @

ru

where
rux : bending moment ratio
M: :bending moment by design seismic load, and
M, :bending moment by eccentric loading of superstructure and cantilevered beam
Eq.(1) shows that when the eccentric loading increases ry deceases, on the other
hand, when the eccentric loading decreases ru increases. 7x=1 means concentric
loading.
Fig. 2 shows distribution of the bending moment ratio r based on the survey of
45 existing C—shaped RC bridge piers in the Metropolitan area, bending moment ratio
rx 1is in the range of 0.4 — 0.9. Averaged bending moment ratio ri is 0.55.

SEISMIC RESPONSE CHARACTERISTICS OF C—-SHAPED RC PIER
BASED ON SHAKING TABLE TESTS

Bridge Pier Model Studied

In order to investigate the seismic response characteristics of a C—shaped RC pier,
shaking table test was made at the Public Works Research Institute. Objective of the
shaki:; ; table test is to investigate how the C—shaped pier responds and behaves in the
transverse direction to a bridge axis during an actual earthquake.

Fig. 3 shows a C—shaped bridge pier model used for the shaking table test. Details
of the pier model was determined based on the actual bridge pier. The actual pier with
average bending moment ratio, rx , of 0.55 was selected as a prototype. The height of
pier is 10.2m and the height of girder is 1.5m. The similarity ratio of the pier model with
the prototype pier was assumed as 1/4.6.

The specimen has an effective height, h, of 2.55m and cross section of 52cm X
42cm (width along bridge axis : 52cm). The shear span ratio h/d, which is defined as the
effective height divided by the effective depth, d, of the cross section of 37cm, is 6.9.
Longitudinal reinforcing bars are arranged by 5 reinforcing bars with diameter of 16mm
(D16) in the initial compression side by the eccentric loading, 5 reinforcing bars with that of
22mm (D22) in the tension side, and 3 reinforcing bars with that of 16mm (D16) in the
other sides. The reinforcement ratio is 0.45, 1.06 and (.27, respectively. Tie reinforcement
was arranged by 17.3cm pitch by reinforcing bars with diameter of 10mm (D10). Tie
reinforcement ratio is 0.16. Averaged yielding stress of the longitudinal and tie
reinforcement was 35.38KN for D16, 34.32KN for D22 and 34.83KN for D10. Averaged
compression strength of the concrete was 3.29KN. It should be noted here that since
weight of the superstructure supported by the pier model is 393.2KN, seismic coefficient of
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the pier model can be regarded as 0.27. Axial stress by the dead weight of superstructure
was 90N. Computed yield displacement, 4 ; , corresponding to one displacement ductility
factor and yield strength of the pier in the direction in which the bending moment increases
are 755KN and 20.5mm computed from the shifted origin. On the other hand, in the
direction in which the bending moment decreases they are 115 7KN and 91.3mm,
respectively.

Shaking Table Test

A pier model is fixed at the center of the shaking table and two spans of simply
supported girders with total weights of 393.2KN and length of 15m Wwere placed on the pier
model. Because two ends of the girder could not be supported by the shaking table, they
are supported by the two steel frames placed outside of the table. The pier model and
girders were connected by fixed bearings. The steel frames and girder were connected by
movable roller bearings so that inertia force developed at the girder during excitation be
directly applied to the pier model. It should be noted here that although the direction of the
eccentric loading is assumed to be transverse direction, the girder axis was set up in
parallel direction with transverse direction of the pier model. However, since the two
girders was to load the weight of superstructure and to simulate the inertia force, the
direction of the girders is not important.

The shaking table was excited along transverse direction to bridge axis (direction to
the girder axis of model bridge). An acceleration record triggered at the Hachirogats during
the Nihon—kai—chubu, Japan, Earthquake of 1983 was used as an input motion by reducing
the time axis one half so that the predominant frequency of the record matches with the
fundamental natural frequency of the pier model. Intensity of the record was assumed as
3.5 times the original.

Extensive instrumentations were made to measure basic parameters including
accelerations at the foot of pier and at the girder as well as relative displacement of the
girder with reference to shaking table. Inertia force of the superstructure was computed by
multiplying the acceleration developed at the girder by the mass of girder.

Seismic Response Characteristics

Fig. 4 shows acceleration of shaking table, response acceleration and displacement of
girder. Although measured peak acceleration of shaking table is 812cmy/s®, this is
spike—like response and effective seismic intensity to excite the pier model is about 0.35G
as assumed. The pier model developed residual lateral displacement with an amount of
16cm at the pier crest in the direction in which eccentric weight is loaded. However, the
stopper for preventing falling—off of girders worked at this moment. If the stopper was not
installed the larger residual displacement would be developed. Such a permanent
displacement is clearly observed in Fig. 5 from biased inelastic response displacement. The
drift of response displacement was developed at fime 12sec when the first large excitation,
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which exceeded the yielding displacement, loaded. However, after the excitation with larger
displacement at time 17sec, the residual displacement reached to about 16cm. Therefore,
accumulation of drifting of response displacement after the first large excitation seems to be
less significant. It should be noted here that although the residual displacement was
developed in the shaking table test of RC pier model subjected to concentric loading, the
amount was much smaller than that mentioned above.

Fig. 5 shows the failure mode of the pier model after the excitation by shaking table.
Compression failure was found in the compression side by the eccentric loading. Only
horizontal tension crack was found in the tension side.

Fig. 6 shows the hysteresis loop of the load—displacement relation obtained through
the shaking table test. The biased displacement response was clearly developed after the
first significant excitation with larger displacement exceeding the yield displacement. The
degradation of the stiffness in accordance with nonlinear response can be clearly observed.

DYNAMIC LOADING TEST OF RC PIER MODELS

Bridge Pier Models Studied

In order to investigate the strength and ductility characteristics of C—shaped RC
pier, dynamic loading tests were made. Fig. 7 shows a C—shaped bridge pier model used
for the dynamic loading test. The pier models are basically the same as the shaking table
test as mentioned in the above. Three pier models in total were tester, ir which bending
 moment ratio, i , and loading direction was varied as a parameters to be investigated.

All pier models have a loading effective height, h, of 2.55m and cross section of 52cm
X 42cm (width along in bridge axis : 52cm). The shear span ratio, h/d, is 6.9. The bending
moment ratio, 7 , was assumed as 0.69 (P—60; small eccentric loading), 0.55 (P—62;
medium eccentric loading) and 0.51 (P—-64; large eccentric loading), in which the specimen
number is the serial number of pier models tested at the Public Works Research Institute.
P—62 has the same condition as one used for the shaking table test. The detail of the piers
is the same as P--62. Eccentric weight in transverse direction was not loaded for P-65.
Axial loading was assumed as 196.1KN which is the same as the shaking table test.
Therefore, axial stress by the axial loading is 90.2N. It should be noted here that the axial
force to P—60 was assumed as 127.5KN (axial stress is 58.8N) because of limitation of

loading apparatus.

Dynamic Loading Test :

The pier model was anchored to the reaction wall with bolts. The large—stroke
dynamic actuator, which was installed to the reaction wall in such a manner, was fixed to
the head of the pier model. Also, axial loading apparatus was fixed to the head of the pier
models so that the necessary eccentric loading be applied. At the pier crest the steel—made
apparatus was set for the purpose to eccentrically impose the axial force.
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Fig. 8 shows the pattern of loading displacement for dynamic loading tests. The yield
displacement corresponding to one ductility factor was assumed as an unit loading
displacement. However, the pier models subjected to eccentric loading is initially displaced
by displacement of J o . Therefore, unit loading displacement, 6 , , was assumed with the
assumption of that the origin is shifted to the initial point as

01=0,— 8o (2)
where

d 1 : unit loading displacement
d y :yielding displacement
d o : initial displacement by eccentric loading

The pier models were subjected to a series of step—wise increasing symmetric
displacement cycles as shown in Fig. 8. At each step, 10 cycles of loading with the same
displacement amplitude was carried out. It should be noted here that the yield displacement
was determined by computation with the strain of main reinforcement at the base. The
loading velocity was assumed as lcm/s. The loading direction was assumed as transverse
and longitudinal directions depending on the test objectives.

Failure Mode of Pier Models

Fig. 9 shows the failure mode of P—-62 (r»=0.55; medium eccentric loading).
Damage of a side parallel to the loading direction is shown, During 6, to 6 : loading
cycles, only small horizontal cracks were found on the concrete. surface. This is by the
loading in the plus side (the loading in which bending moment increases, this side is
referred to A—side), no cracks was found at the minus side (the loading in which bending
moment decreases, this side is referred to B—side). After 0 ; loading cycles the cracks
was initiated to be developed in B—side. During ¢ 4 loading cycles, diagonal cracks were
developed from the bottom of A—side to B—side. With increase of loading cycles, the
significant cracks were developed at the hottom of B-side and cover concrete was
spalled—off. During J s loading cycles, concrete of the bhottom of pier was failed with a
triangular wedge shape and 2 reinforcing bars were fractured in the B—side. During 4 7
loading cycles, deformation of pier was significantly extended at the base and the pier was
inclined. It should be noted here that comparing of the failure mode with the shaking table
test result, the failure mode was significantly different between two tests. Although the
diagonal crack was developed in the dynamic loading test, such diagonal crack was not
developed during the shaking table test. This is because that although displacement in the
minus side was forced to be loaded to the pier in the dynamic
loading test, displacement during shaking table test was developed in one direction in which
the bending moment increases.

Figs. 10 and 11 show the failure modes of P—60 (rx=0.69; small eccentric
loading) and P—64 ( 7y ; large eccentric loading). In case of P—60, from J. loading
cycles, crack was developed also in the B—side. Then the crack increased in both A-—side
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and B—side. During 0 ¢ loading cycles, cover concrete was spalled—off in the both sides
of the bottom. During J » loading cycles, 3 longitudinal reinforcing bars were fractured.
The difference in the failure mode between P—62 and P—60 is that the damage was
developed in both sides and the progress of the damage of P—60 with loading cycles
became slower than that of P—62.

On the other hand, in case of P—64 (r»=0.51; large eccentric loading), during
0 3 loading cycles the diagonal crack was developed. The cover concrete in the B—side of
the bottom was spalled—off during J . loading cycles. During &4 5 , concrete at the
bottom of B—side was failed by compression and one longitudinal reinforcing bar was
fractured. Comparing with the failure mode of P-62, the progress of damage of P—64
became faster than P—62.

Strength and Ductility Characleristics

Fig. 12 shows the effect of bending moment ratio, 7 , on load—displacement
relation. In the plus side in which the bending moment increases, the displacement range in
which load reaches to peak and the displacement increase stably was shorter as the bending
moment ratio is smaller. Therefore, the bending moment ratio is smaller, the ductility
becomes smaller.

Table 1 shows the strength and ductility of the tested pier models. The ductility was
almost same when rx is 069 and 0.55, but when the ry is 0.51 the ductility
decreases to one of half of those. The ratio of pesk etrength by yield strength cf the P--64
decreases by 10% than P—60 and P—62.

CONCLUDING REMARKS

In order to investigate the seismic response characteristics of C—shaped reinforced
concrete bridge piers which is subjected to eccentric loading in the transverse direction to
bridge axis by the dead weights of superstructure and lateral beam, the shaking table test
and dynamic loading tests of model piers were made to investigate the seismic response
characteristics.

According to the above results the following conclusions may be deduced:

1) When the pier model subjected to eccentric loading, the displacement was developed
only in one direction in which the bending moment increases. The large amount of
residual displacement was finally developed.

2) When the bending moment ratio is 0.51, the ductility decreases to one half that greater
than 0.55. Therefore, the bending moment ratio is smaller, ductility becomes smaller.
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Table 1 Strength and Ductility of Pier Models

P-60 P-62 P—64
Loading Direction Trans. Trans.a; Trans.
Bending Moment Ratio 0.69 0.55 0.51
Ty ccentric Loading) Small Medium Large
Yield Strength P, (KN) 124.5 147.1 223.6
Peak Strength Pa.. (KN) 145.1 179.5 238.3
Puos/ Py 117 1.22 1.07
Yield Displacement & , (cm) 1.6 1.3 2.0
Ultimate Displacement 4 . (cm) 8.8 7.3 54
Ductility Factor 6,/ 5 . 5.5 5.6 2.7
_—

1 [ Me=W-e

| /]

J'0 0

Fig. 1 C—Shaped Reinforced Concrete Bridge Pier Subjected to Eccentric Loading
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ABSTRACT

Existing highway bridges constructed in the eastern and central United States typically
possess multiple-column pier bents. This paper is concerned with the seismic retrofitting of such
bridge piers based on experimental studies of a 1950-60’s era design both at one-third scale and
full size. Pre-retrofit experimental results show that this class of pier may possess a moderate
degree of ductility but damage is mostly located in the connection zones. As the columns
exhibited a reasonable measure of ductility, these were left untouched and the pier was
retrofitted by jacketing the capping beam and providing longitudinal unbounded post-tensioning
to enhance column rebar anchorage and improve the joint core shear capacity. Post-retrofit
performance demonstrated that the post-tensioned jacketing solution is effective in moving the
damaged region from the joint core to plastic hinges in the column end zones.

INTRODUCTION

Most existing bridges constructed in the eastern and central United States have been
primarily designed for carrying gravity loads. Design lateral loads arising from wind forces,
traffic induced centrifugal forces on curved bridges, and hydrodynamic forces on bridge piers
in river crossings are generally quite small when compared to earthquake lateral loads. Bridge
collapses in the 1971 San Fernando earthquake and the more recent collapse of the Cypress
double-deck I-880 interstate system in the 1989 Loma Prieta earthquake, which resulted in a
significant number of fatalities, have led to upgrading of the AASHTO bridge design code!. The
seismic provisions of this code now require design and construction of bridge structures that are
capable of resisting small to medium ground motions in the elastic range with little or no
structural damage. Bridge structures must possess a large deformation capability that permits
dissipation of seismic energy in large earthquakes. The primary design objectives are two: to
provide serviceability, and to prevent collapse of the structure and thereby minimize loss of life.
Seismic resistance may be provided through: (a) ductile detailing of the bridge piers, which
leads to energy dissipation in column hinges under lateral loading; (b} seismic isolation which
may include some additional energy dissipation capability independent of the pier systems; or
(c) a combination of (a) and (b).

Because the majority of existing bridges were constructed in the eastern and central
United States prior to the time when seismic design was mandated by the AASHTO code, they
do not have these ideal seismic resistant features. Nowadays, during routine rehabilitation there
is a need to assess the seismic vulnerability of such bridges. If the strength and ductility
capability is deemed inadequate it is necessary to develop appropriate and economical seismic
retrofit measures,
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Some 80% of the existing bridges constructed in the eastern and central United States
consist of slab-on-girder spans supported by multiple-column pier bents. The columns of these
piers generally possess only nominal transverse reinforcement: #3 or #4 hoops at 12"
centers { 10 mm or 12 mm hoops at 300 mm centers). Due to the minimal amount of transverse
column steel, the current ATC 6-2% based seismic evaluation techniques generally predict shear-
brittle column behavior with no ductility capacity. The current vogue in the eastern United
States is to remedy this perceived weakness by providing a Californian-style steel jacket retrofit
to the colmnns3, with the remainder of the pier bent being left untouched. More recent seismic
evaluation recommendations would indicate vulnerable joint zones, but recommend few options
for improving seismic resistance.

The seismic retrofit study presented in this paper is based on a typical eastern US style
pier bent. The pre- and post-retrofit behavior of a one-third scale model pier and a companion
full-scale prototype cap-beam-to-column subassemblage is experimentally investigated. The
prototype specimen had been removed during the decommissioning of a 30 year old two span
slab-on-girder bridge located at Niagara Falls, New York. The subassemblage specimen was
tested to failure under quasi-static loading in the seismic lab at the State University of New York
at Buffalo. Much of the damage in that full-sized specimen was located in the joint core itself;
the column remaining mostly undamaged. The present research study deals with the capacity
redesign and retrofit of the damaged connection regions to ensure improved seismic
performance. This has been achieved by jacketing the existing cap beam with high strength
concrete and providing longitudinal prestress to ensure that the cap beam remains elastic at all
times, thus enforcing plastic hinging to occur in the column adjacent to the cap beam.

PIER-BENT MODEL STUDY

The one-third scale model pier bent was constructed and tested under quasi-static reverse
cyclic loading. Dimensions of the pier are shown in Fig. 1. Note that load cells were placed at
mid-height of the columns to measure the proportion of resistance in each column. The model
was tested under quasi-static reverse cyclic loads with drift angles up to 5%.

Test results show that this pier behaved quite well with a moderate degree of ductility.
In spite of inadequate transverse reinforcement the columns were capable of sustaining the 5%
drift amplitude with little sign of distress. The failure mode was due to inadequate anchorage
of the longitudinal column steel in the cap-beam-to-column connections. Due to inadequate joint
core shear reinforcement as shown in Fig. 2(a), these joints also exhibited shear failuresas seen
by the extent of cracking in Fig. 2(a). This actual failure mode was not predicted by the current
ATC 6-22-based evaluation techniques. That evaluation method predicted a shear brittle column
with no ductility capacity due to the inadequate transverse reinforcement.

The maximum observed cap beam-to-column joint shear stress demands arising from

column flexure were 5.3 \/fi (psi) = 0.44\f (MPa) and 4.5 Jf . (psi) = 0.38 /. (MPa)

for the exterior and interior joints, respectively. From the experimental results it was evident
that this level of joint shear stress, although only modest, cannot be sustained for a significant
number of load cycles.

242



2-D4 EQUALLY SPACED }=— PIER SYMETRIC ABOUT CENTERLINE

3" CTRS | { — 3-#3 BARS. 36" LONG
} y e 7 3
e f 7 )
R o 1IN )
| 9-SOFT WIRE STIRRUPS N \ / 3743, 327 LONG
" EQUALLY SPACED 4-#3 FULL LENGTH
(TOP AND BOTTOM)
“ SOFT WIRE
29 HOOPS SOFT WIRE HOOPS
- 1 1 4" CTRS AT 4" CTRS
94" LOAD 16~§3 9" CAGE DIA
E 3 CELL ; ,
{5 /_ 2" SPACE TO)- -
FIRST HOQP
| 16—#3 BARS
y 9" CAGE DIA . -
29" |~ 16-#3 DOWELS : ~ COLUMN SECTION
(f
T 6-#3 FULL LENGTH / 1‘; XATXAT KEY
; (" 5-#3 40" LONG .l
1"" - L {83 FuLL LonG Ji L - 5-43 BARS, 48" LONG
10-D4 7-D4 © 4" 6-04 T

24" \_3 é:xp——/ 13.33"°\ vop D

Fig. 1: Dimensions of the One-Third Scale Model Pier Bent

Failure of the spread footing was similar to the cap beam with little distress being evident
in the column lap-splice as might be expected.

RETROFIT OF THE PIER-BENT MODEL

It was evident that due to the failure of the connection zones, traditional California-type
steel jacketing retrofits would be detrimental to the performance rather than providing any
improvement in seismic resistance. Such a retrofit would only place a higher shear demand on
the joint zones. As the columns exhibited a reasonable measure of ductility, these were left
untouched and the pier was retrofitted by jacketing the capping beam and providing longitudinal
prestress to enhance column rebar anchorage and improve the joint core shear capacity. From
that figure it will also be noted that the spread footing was strengthened as shown in Fig. 2(b)
by casting a new beam around the column lap splice zone. This effectively overcame any
potential column anchorage problems and moved the plastic hinge into the column above the lap
splice.
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The specimen was retested following the same displacement path as before that is two
cycles at nominal column drift angle of 0.5% , 1% , 2% , 3% , 4% and 5%. The retrofit
demonstrated that it is possible to relocate the damaged regions from the joint core to plastic
hinges in the column end zones. The columns finally failed prematurely in shear due to the
presence of the load cells. Had these not been present, then failure would have been somewhat
delayed.

The hysteretic performance before and after retrofit is presented in Fig. 3. It is evident
that the retrofit is capable of changing the failure mode. The increase in strength is due to the
shorter clear length of the columns. This also places a higher shear demand on the columns.
With hindsight this was a poor feature of the retrofit. Instead of using a continuous beam cast
around the column, it is considered desirable to retrofit the column lap splice zone as described
in what follows.

RETROFIT OF COLUMN LAP-SPLICE ZONES

The retrofit of the splice zone in existing reinforced concrete columns can be achieved
by reducing the shear demand, rather than increasing it as a by-product of retrofitting other
regions, as mentioned above. One way of doing this is to cut the existing longitudinal steel
within the lap splice zone, and then casting a reinforced concrete collar around the base of the
column. This provides a rocking bridge column that should theoretically behave in a bilinear-
elastic fashion. The size of the collar is proportioned such that the column is designed to remain
elastic beneath the cap beam hinge. The "rocking" moment capacity of the column is given by

M =FH =PB )

rocking

where F = lateral load or shear on the column, H = height from the rocking toe to the point
of inflection, P = axial load and B = semi-base width which is the distance from the centroid
of the column to the pivot point at the toe of the collar.

To investigate this approach one column was constructed and tested under cyclic lateral
loading at increasing amplitudes up to column drift angles of 10% . The specimen is shown
in Fig. 4(a) with the hysteretic response plotted in Fig. 4(b). Although this specimen is
theoretically bilinear elastic as superimposed in Fig. 4(b), it is evident that significant energy was
dissipated. The energy dissipation is ascribed to Coulomb friction between the lower column
segment and the adjacent collar. The magnitude of friction between the silicone coated old
concrete and the newly poured collar can be determined by considering the rigid body
kinematics as follows.

Horizontal equilibrium requires that
F-uF +R, @

where F = applied lateral load (column shear), R, = horizontal component of the reaction at
the toe, and « = proportion of the lateral load (shear) resisted in bearing at the interface of
the old column base and the new collar. If the concrete collar is seated on a soft material with
a low shear stiffness such as rubber or lead, then displacement compatibility at the base requires
that most of the horizontal shear be resisted by bearing, thus o« - 1 .
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Moment equilibrium on uplift about the toe requires
FH =PB + paF(B + 0.5D) &)

where D = column diameter, and u = coefficient of friction. Thus from Eq. (3)

H-pa(B+0.5D)

F =

By back calculation from the test results, it was found that p &« = 0.56. This value of friction
for the concrete-silicone interface is a relatively low value for friction associated with concrete,
but if desired could be enhanced or reduced with careful detailing.

The resulting quasi-dynamic response, part of which is shown in Fig. 4(b), was very
stable for a large number of cycles up to 10% drift amplitudes. Some minor deterioration in
strength was evident due to cover spalling at the toe of the collar, but this could be remedied
with improved detailing.

PRE-RETROFIT SEISMIC PERFORMANCE OF THE PROTOTYPE
CAr BEaM TO CoLUMN KNEE JOINT

The cap beam and exterior column of a full scale pier bent was retrieved from a 30 year
old bridge located in Niagara Falls, New York. A self-equilibrating reaction frame was
constructed and attached to the subassemblage specimen as shown in Fig. 5. Quasi-static reverse
cyclic load testing (similar to the one-third scale model test) was applied to the prototype
subassemblage. The resulting behavior was quite similar to the one-third scale model with the
damage predominantly located in the joint zone. This damage was due to pull-out (bond slip)
of the longitudinal joint steel. Due to the inadequate amount of transverse reinforcement within
the joint, there was also considerable joint shear strength deterioration as evidenced by the badly
cracked concrete joint core.

In spite of the absence of ductile steel detailing and the lack of a capacity design
approach used for this class of bridge pier, it is evident that a moderate degree of ductile
behavior can be obtained. However for tall pier bents that support important bridge structures,
the displacement demands in severe earthquakes may be quite large. Under these special
circumstances, retrofitting may be desirable. As mentioned previously, a steel jacket retrofit
would not improve the present situation for strengthening of the capping beam to ensure a strong
beam/weak column behavior. A dependable elastic joint has been chosen as the desired
retrofitting solution and this is described in what follows.

SEISMIC PERFORMANCE OF PROTOTYPE RETROFIT

The full-scale subassemblage was retrofitted by using a high strength concrete jacket
around the existing cap beam. Post-tensioning was applied to ensure the joint core remained
elastic at all times. The advantage of using this retrofit technique is that the anchorage
resistance of the longitudinal column steel can be improved by the slight increase in anchorage
length and also the clamping effect arising from the applied prestress. Details of the retrofitted
specimen are shown in F;& 5. The longitudinal prestress was provided by ten 17 diameter
high strength (Dywidag™) threadbars. The post-tensioned force was 1000 kips giving a
prestress of 494 psi (3.4 MPa).
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The retrofitted prototype specimen was retested by following the same displacement path
used previously (for both the prototype and the one-third scale model). The performance of the
prototype specimen before and after retrofitting is shown in Fig. 6. It is evident from the two
graphs that the strength in the "pull" direction increased somewhat due to the shorter clear
column length in the retrofitted specimen. In the "push" direction, however, the strength did not
increase significantly as a result of the retrofit/repair. This is attributed to the previous loss of
bond to the anchorage of the longitudinal steel on the inside of the knee joint. It is evident that
this was not repaired as effectively as the reinforcement on the outside of face of the joint. The
modified flexural strength reflects the reduced tension capacity of the longitudinal steel on the
concealed inner side of the joint.
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Fig. 6: Hysteretic Behavior of the Prototype Specimen Before and After Retrofit
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Incipient failure for the retrofitted specimen was at a drift amplitude of +5% when large
diagonal shear cracks developed in the pull direction. Following the formation of these cracks,
a large demand was placed on the circular hoops which progressively fractured after the third
loading cycle at the +5% drift amplitude.

The results of this full-scale test confirmed that the retrofit method was particularly effective in
moving the failure zone out of the knee joint and into the column. Apart from some superficial
cracking of the cap beam outside the joint zone, the cap beam and joint zone remained elastic
throughout the test. It should be noted that the bond problems mentioned above would not
normally be an issue for a retrofitted undamaged specimen.

SEISMIC RETROFITTING RECOMMENDATIONS FOR PIER-BENTS WITH CRITICAL JOINTS

The capacity design philosophy for new structures enables the designer to select a
desirable hierarchy of failure mechanisms for framed structures. Regions not participating in the
primary energy dissipating mechanism have a measure of capacity protection by providing
overstrength to those regions. In principle, a plastic mechanism is chosen such that the necessary
overall displacement ductility can be developed that leads to the smallest inelastic rotational
demands in the plastic hinges. For building frames this generally leads to a beam sidesway
mechanism with strong columns and weak beams. Thus, soft story mechanisms are avoided as
the rotational demands on the columns are excessive. For bridges, however, it is generally not
possible to avoid a column sidesway mechanism. Therefore, the plastic hinge regions within
columns need to be carefully detailed to ensure ductile behavior,

The capacity design philosophy can be adapted and applied to the seismic retrofit and/or
repair of existing gravity load designed bridge piers. The procedure will be referred to herein
as capacity analysis and redesign. The average gravity load inducing axial stress in non-
seismically designed bridge piers existing in eastern United States is often low (P, < 0.1 f A o)
Moreover, ductility demands on columns arising from a column sidesway mechanism may not
be excessive, particularly in zones of low to medium seismicity such as the central and eastern
United States. Plastic hinge zones in such columns may have sufficient inherent ductility
capacity to withstand the ductility demand. This means that in accordance with capacity design
principles, those areas not participating in the primary energy dissipating mechanism should have
a measure of capacity protection to ensure elastic behavior. This may require some retrofitting
of those areas. Thus the primary objectives in capacity analysis and redesign for existing gravity
load designed bridge piers are three: (i) To enhance the shear strength capacity and bond
strength of the longitudinal column bars at the cap beam-column joint; (ii) To upgrade the
ductility capacity of the column hinges at ground level, particularly if a lap-splice is present and
improve the column-foundation joint; (iii) To ensure that columns possess sufficient ductility
capacity to withstand expected rotational demands. The foregoing order in principle reflects the
order of importance. If all upgrading features cannot be implemented in the redesign stage, then
it is suggested that the most important aspects be tackled first.

Capacity Analysis of Columns

The first step in the procedure is to determine the flexural overstrength capacity of the
columns in the bridge pier. This is then used as a basis of evaluating the weak links within the
designed hierarchy of failure mechanisms. The column overstrength moment capacity may be
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assumed to be’: M. = (6/5) x 125 M = 1.5 M, ! where M ! = nominal flexural strength
of the column. v

The retrofit schemes presented herein assume that the existing columns, by virtue of their
low axial load levels, possess sufficient ductility capacity to withstand the modest seismic
demands imposed on them in low to moderate seismic risk zones such as the eastern and central
United States. Furthermore, it is assumed that the columns are sufficiently slender (M/Vd>2.5)
so that the shear strength demand is smaller than the capacity. In any case the strength and
ductility capacity should be assessed.

Redesign of Cap Beam
Since the existing pier cap beam has sufficient strength to sustain gravity load, the
capacity redesign process need only consider additional seismic force due to column
overstrength., Two solutions are possible for cap beam redesign; either an ordinary reinforced
concrete jacket, or a prestressed concrete jacket. The prestressed concrete solution is preferred
as it provides superior shear resistance and bar anchorage, but most importantly is more easily
constructed. The magnitude of the requlred cap beam prestress force (P,) can be determined
from an elastic stress analysis using a maximum allowable’ tension stress of [, » as follows:
bh, h,
M, <f—=*+ P~ ®)

where f, = 12/f. (psi) = |f.(MPa), b = width of cap beam and h, = the cap beam depth.

The shear force applied to the cap beam can be determined from the overstrength plastic
column-elastic beam mechanism. If sufficient prestress is applied to the cap beam, then
additional transverse reinforcement may not be needed. The uncracked shear capacity of a
prestressed concrete beam may be assessed from the code equation

= 3.5V jJ (psi) +0.3 P | (bh,). If this stress is exceeded then the cap beam should be detailed
in accordance with the prmcnples of reinforced concrete design.

Shear Strength of Cap Beam-Column Joint

From the plastic column-elastic beam mechanism it can be shown from geometry and
force equilibrium the vertical shear force demand can be computed for vertical force interior and
exterior, respectively:

M, I+h,
Voo = 2|1 - 1.5jd=~ - ©®
jd Il
Vo = o2 - 2t ™
Jjd 2

where jd=z,=d~d’«08D,= internal moment arm in column section, D,= diameter for a
circular column, P, = column axial load, and subscripts (i) and (¢) denotes interior and
exterior, respectively. Again, V,, may be resisted by the prestressed concrete if the cap beam
is post-tensioned where the capac1ty can be assessed from the equation’
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Vi = 35/f b,d+03P @

where V.= elastic shear strength of a prestressed concrete beam. If V>V, then the joint is
liable to crack The joint should then be redesigned and detailed as a conventional reinforced
concrete system, with the joint shear being resisted by concrete strut and reinforcing steel truss
mechanisms. respectively. Capacity design procedures of such reinforced concrete joints may
be found in Paulay and Priestleys.

Anchorage of Flexural Reinforcement: Cap Beam Anchorage

In most of the gravity load designed columns of existing highway bridge construction the
longitudinal column bars are anchored into the cap beam with a relatively short straight
anchorage. Under reverse cyclic loading during earthquake ground motions yielding of those bars
in the column penetrates into the anchorage zone. Pullout may result after a number of cycles
of loading. It is, therefore, generally necessary to enhance the anchorage of these bars. The
development length may be enhanced by providing a fillet between the column and cap beam
as shown in Fig. 5(b). Longitudinal prestress may also be used to enhance the pullout resistance
of the bars. Theoretical conditions pertaining to the amount of prestress and fillet size is
presented in what follows.

It is well known that the bond phenomena is provided by a combination of chemical
adhesion of the concrete to the steel reinforcement bars, mechanical resistance from the
deformation lugs, and frictional resistance. The frictional resistance which becomes effective at
the final stage can be idealized as a Mohr-Coulomb failure criteria. Initially resistance is
mobilized by chemical adhesion. This is soon destroyed when the bond stress increases resulting
in bond slip particularly under cyclic loading. Mechanical bearing of the lugs then plays a major
role in resisting the applied bar forces until the concrete between successive lugs begins to fail
in sliding shear. Following this stage, bond resistance is provided by friction between the ribs
and the surrounding concrete. The frictional resistance is due to the existence of either passive
or active confinement.

Previous researchers have performed extensive experimental work on bond resistance
under laterally confining pressure. However, much of the data is scattered through a wide range
and a careful 1nterpretatlon for seismic design purposes is requlred According to the report of
ACI Committee 408 the straight anchorage terminating in external beam-column joints
subjected to large load reversals is given by

I = (£,d,){25/F, (psi)) ©)

where [, = development length of the bar and d,= bar diameter. Therefore, the residual
(passwe) bond stress implied by Eq. (9) is u, = 6.25 ‘/f’ (psi). Where a reasonable
confinement can be expected, the bond strength can be represented by assuming a Mohr-
Coulomb failure criteria:

w, = u, + wf, 10)

where p= frictional coefficient, and f = externally applied normal pressure/prestress. Based
on the previous research work described in Refs 8 to 10, a residual coefficient of friction of
p =0.25 can be assumed. The dependable pull-out stress (f,) of a deformed reinforcing bar is
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therefore computed from
o =Qu,+255uf)1,14d, (11)

where I, = the provided embedment length of the bar. Using the aforementioned parameters
for u, and p in this equation gives a design relationship:

£y = (25/f (psi) +0.64, )1, 1d, > 125f, 12)

The dependable pullout capacity is thus provided by choosing appropriate values of L and [,

Anchorage of Flexural Remforcement' Lap Splice Zone at Base of Columns

Experimental work by PauIay has shown that lap splices can sustain large plastic hinge
rotations if sufficient transverse reinforcement is provided to properly clamp the splice bars
together. A retrofit may use this technique, however, removal of existing concrete cover to
enable the new hoops to be placed tightly around the longitudinal steel is a difficult task.
Alternatively, steel jacketing may be used in the lap splice alone. This method has been used
extensively in California and is described in Ref. 3. However, the use of steel casings in the
northeastern and midwestern states should be applied with caution owing to the severe corrosion
problems associated with deicing salts. It is therefore advocated that the lap splice zone be
eliminated (also strengthening a weak spread footing) by casting a new reinforced concrete
foundation beam around the existing column-splice/starter bars. This retrofit option should only
be used if the columns have a dependable shear capacity at flexural overstrength, otherwise the
following option is recommended.

A rocking base connection can be formed as a retrofit alternative by cutting the existing
longitudinal reinforcement above the footing/pile cap level and casting a reinforced concrete
collar around the lap splice zone. This reduces the shear demand and makes a very ductile
bilinear elastic mechanism with the ability to dissipate some energy through Coulomb friction
and radiation damping as given by Eq. (4).

CONCLUSIONS
The following conclusions are drawn from this study:

1. Existing non-selsmicaliy designed bridge piers that have columns with low levels of axial
load (P, < 0.1 f A, ) generally possess sufficient ductility capacity to withstand moderate
earthquakes in spite of the absence of transverse confining reinforcement.

2. The joint connections of existing pier bents tend to be the weak zones due to the absence
of a capacity design and detailing philosophy. Thus the currently fashionable steel jacketing
column retrofits help little, if at all, in such situations.

3. The cap beam to column joint zones of existing pier bents may be effectively retrofitted
by casting a high strength concrete jacket around the existing cap beam. Longitudinal prestress
is provided to: (i) enhance the cap beam flexural strength (enforcing a strong beam-weak
column ductile mechanism); and (ii) improve the joint shear strength and anchorage of the
longitudinal column reinforcement,
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4, Lap splice zones at the base of the columns may be eliminated by either: casting a new
strong beam over the existing spread footing/pile cap thus moving the column’s plastic hinge
zones above the splice; or forming a "rocking" column by making a circumferential cut through
the existing lap splice zone and casting a reinforced concrete collar around the column, the collar
being sized to provide an appropriate moment capacity.
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ABSTRACT

In this paper, a stress—strain model of concrete which takes account of confinement
effect is proposed based on a series of loading tests for reinforced concrete column
specimens, with circular and square cross section, containing various hoop reinforcement.
Predominant factors for controlling the stress—strain relation of the concrete columns were
examined, and the stress—strain model consisting of an exponential function and a straight
line was proposed. The predicted relation provides better agreement with test results than
the previous models. '

INTRODUCTION

A large seismic lateral force causes reinforced concrete bridge piers to be in inelastic
range. However, the confinement associated with hoop reinforcement increases the ductility
and the energy absorption of reinforced concrete bridge piers. It is, therefore, significant to
incorporate the effect of hoop reinforcement into seismic design to evaluate the ductility of
reinforced concrete bridge piers.

This paper proposes a stress—strain model of confined concrete which can be used in
seismic design of reinforced concrete bridge piers. To examine the effect of confinement on
ductility of concrete, a series of loading tests of confined concrete columns were conducted
and modeling of the stress—strain curve is clarified.

BACKGROUND OF THE RESEARCH

Previous Researches
Prof. Park and other researchers have already made significant researches on the

confinement effect on ductility of concrete. Table 1 compares typical previous

259



Table 1 Review of Stress—Strain Model for Confined Concrete
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stress—strain models proposed for confined concrete.

In 1971, Park proposed a stress—strain model consisting of a second order parabola
and a straight line. In this model, confinement effect was incorporated into the gradient at
the stress descending part and the parameters were determined based on the experimental
tests by Soliman, Roy and Bertero'’. In 1982, Park revised the original model by
introducing an allowance for the enhancement in the concrete strength due to confinement
effect, which was assumed fo be proportional to volumetric ratio and vield strength of hoop
reinforcement, and inversely proportional to strength of unconfined concrete®’ .

Sheikh proposed a stress—strain model idealizing the confinement effect in terms of
the peak stress and a confinement effectiveness coefficient®> *’. The confinement
effectiveness coefficient depends on the layout of hoop reinforcement. The gradient at the
stress descending part is similarly evaluated with Park’s. _

Mander proposed a fractional expression which was applicable to both the stress
ascending and descending parts®’. To evaluate the peak stress, confinement effectiveness
coefficients for circular, square and wall sections were proposed based on the similar
method to Sheikh’s. Furthermore, a constitutive model involving a specified ultimate
strength surface for multiaxial compressive stresses was used in this model, which enabled
to develop a theoretical model without depending on a statistical analysis of test results.
This model was found to provide good prediction for the test results®’ .

In Japan, Muguruma proposed two second order parabolas for the stress ascending
part”’ . A confincment effectiveness coefficient which tock account of ineffectively confined
core was included to evaluate the confinement effect. An evaluation method for the peak
stress and the ultimate strain in terms of the confinement effectiveness coefficient was
proposed based on the test results®’ .

Fujii proposed a model consisting of a second order curve and a third order curve for
the stress ascending part®’. A confinement effectiveness coefficient which referred to Park
was proposed, and the peak stress and the gradient at the stress descending part were
formulated by a linear function of the confinement effectiveness coefficient based on a
regression analysis of the test results.

Objectives of This Research

It is pointed out that reinforced concrete bridge piers constructed in Japan have
largely concrete section and lower hoop reinforcement ratio in comparison with ones
constructed in U.S.A. and New Zealand. Table 2 shows a summary of the previous
compressive loading tests for the confined concrete columns to study the effect of
confinement. Table 3 shows a requirement of hoop reinforcement as provided in the
Specifications' °’ . Although reinforced concrete bridge piers generally have the volumetric
ratio of hoop reinforcement of 0.3% to 0.5%, there are few researches in which test
specimens with the volumetric ratio of hoop reinforcement of 0.3% to 0.5% were used. A
few specimens containing the volumetric ratio of hoop reinforcement of less than 0.5%
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Table 2 Test Specimens in Previous Researches

Researcher |Cross Sectional |Size of Specimen Volumetric Ratio of Remarks
Shape (cm) Hoop Reinforcement(%)
10X15 0.35~1.87 by Soliman, eccentric loaded
Park"’ Rectangle 12.8X12.8 2.07~2.39 by Roy
10X10 1.09~1.81 by Bertero, High strength Concrete
Sheikh®’ Rectangle 3030 0.76 ~2.40
Circle ¢ 50 0.60~2.50 Spiral Reinforcement
Mander®’ Rectangle 45% 45 1.86~1.97
Wall 15X70 1.62~7.87
Circle ¢ 15 0.76~2.79 Spiral Reinforcement
Muguruma®* = 19.4X19.4 0.40~3.13 o e Ramens Containing High
gle : i ; . ensile Stee
o Circle ¢ 15 0.62~4.02
Fuji Rectangle 15x15 0.62~2.50




were tested by Park and Muguruma, however, these are special cases because some were
subjected to eccentric loading and the others used high tensile steel for hoop
reinforcement. Therefore, the previous models are not enough to study the effect of
confinement in the range of low hoop reinforcement ratio.

Table 3 Requirement of Hoop Reinforcement

Ratio of Longitudinal I
Reunforcement. 5 :(%) 0<p: <05 | 05<p:=10 | 1.0< p.
Volumetric Ratio of Hoop
Reinforcement o (%) 0.3 0.4 0.5

In this research, a series of compressive loading tests on hoop reinforcement
considering volumetric ratio, spacing and hook configuration of hoop reinforcement as
parameters are conducted taking account of Japanese design practice. It is the main purpose
of this research to propose a stress—strain model for reinforced concrete bridge piers.

LOADING TEST OF CONFINED CONCRETE COLUMNS

Specimens and Experimental Procedure

The details of the specimens are given in Table 4. Both small and large specimens
which are designated herein as S Series and L Series were constructed to evaluate the
confinement effect in terms of volumetric ratio, spacing and hook configuration of hoop
reinforcement. The specimens with square cross section were tested in the S Series (S6 to
S510). Specimens L6, .7 and L8 used hoop reinforcement with semicircular, rectangular and

sharp—angled hook as shown in Fig. 1, respectively. The hook was fabricated in accordance
10)

with the Specifications " " .
Photo 1 shows an experimental set—up with 30MN universal testing machine. All

specimens were subjected to uniaxial compressive loading under displacement control, and
loading rate was set as lmm/min. The deformation of specimen between top and bottom
was measured by linear potentiometers and the longitudinal strain was obtained by dividing
the deformation by the height of specimen. To accurately record the stress—strain curve
including the stress descending part, dynamic electric instrumentation was used.

Effect of Hoop Reinforcement Ratio

Fig. 2 shows stress—strain curves taking the hoop reinforcement ratio as parameter.
In Fig. 2, a predicted relation which will be described later is also shown for comparison.
Although the initial stiffness of each specimen is approximately equal, the peak stress and
the strain corresponding to the peak stress increase as the hoop reinforcement ratio
increases. Substantial deterioration of the compressive capacity after the peak stress is also
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Table 4 Test Specimens

Dimension

] Strength of |Hoop Reinforcement |Volumetric Ratio . Hoop
Series of Unconfined - - .of Hoop Reinforcement
Specimens | Concrete Material | Spacing | Reinforcement Joint
(mm) (MPa) Diameter Fcam) )
S1 15 0.39
52 | 10 0.58
@ 200 .
S3 18.5 SR235 46 5 1.17 Weld
h=600
S4 2.5 2.33
S S5 1.25 4,66
S6 15 0.39
200
S7 v 10 0.58
S8 200 23.2 SR235 ¢6 5 1.17 Weld
S9 2.5 2.33
h=600
S10 1.25 4.66
L1 15 0.39
1.2 SD295 D10 10 0.58
L3 5 1.16 Weld
L 14 ¢ 500 28.8 SD295 D13 30 0.34
L5 | h=1500 ' 5D295 D16| 30 0.54
L6 Rectangular Hook
L7 SD295 D10| 10 0.58 Sharp—angled Hook
L8 Semicircular Hook




4 ¢ or more
and 6cm or more

}¢

f

(a)Semicircular Hook

_ %
[ N
%%,
& Q
12 ¢ or more
i g | S
(b)Rectangular Hook (c)Sharp—angled Hook
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prevented as the hoop reinforcement ratio increases. It is noted that the square
confinement effectiveness is quite different from the circular. Therefore, the effect of cross
sectional shape is significant to evaluate the confinement effect.

The stress—strain curve consists of three parts, i.e., stress ascending part, stress
descending part and stress converging part. Severe damage such as spalling—off of core
concrete, buckling of longitudinal reinforcement and rupture of hoop reinforcement were
developed and progressed at the stress converging part. Photo 2 shows the failure mode of
the test specimens L1 to L5. It is observed that the damage of core concrete becomes less
as the hoop reinforcement ratio increases.

Effect of Spacing of Hoop Reinforcement

Fig. 3 shows the effect of spacing of hoop reinforcement for the same hoop
reinforcement ratio. It is noticed even if the same amount of hoop is provided, deterioration
after the peak stress is considerably significant when the spacing of hoop reinforcement
increases. According to Photo 2, serious outward buckling of longitudinal reinforcement
with spalling—off of core concrete was developed in L4 and L5 specimens, which had the
spacing of hoop reinforcement of 30cm. Therefore, if the same amount of hoop
reinforcement is provided, it is effective in seismic design to place the hoop reinforcement
with smaller interval.

Effect of Hook Configuration of Hoop Retnforcemeni

Fig. 4 shows the effect of hook configuration of hoop reinforcement on the
stress—strain curve. Although the peak stress is approximately equal, the gradient at the
stress descending part for L7 specimen, which used the sharp—angled hook, is slight
smaller than the others. A certain reason for this is not sure, however, L6 and L8
specimens, which used smaller and larger angled hook, respectively, show similar
stress—strain relation with L2 specimen, which used the welded hoop. It may be, therefore,
said that the scatter of the test results is not significant. In all specimens, rupture of hoop
reinforcement was developed not at the hook. This mean that the confinement is enough
and the effect of hook configuration is not significant, if the hook is designed in accordance
with the Specifications.

MODELING OF THE STRESS—STRAIN RELATION

According to the previous stress—strain models, the stress ascending part has been
mostly formulated by a second order parabola as shown in Table 1. This is because a
second order parabola is simple and well represents the sfress—strain relation. However, it
should be noted that the second order parabola expression can consider three boundary
conditions, though the stress—strain model of concrete need to consider the following four
boundary conditions.
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a) Initial Condition : f .=0 at ¢ .=0 1

b) Initial Stiffness Condition: d f./d e .=E. at £ .=0 2)
¢) Final Condition: f.=f.. at e .= ¢ .. (3)
d) Peaked Condition:d f./d e.=0 at e .= ¢ .. 4)
By disregarding Eq.(2), most of the previous models adopted the expression as
2
fc:fcc{zec_'( ec)} (5)
Ece € ce

However, the initial stiffness 2f../e.. in Eq.(5) depends on the hoop
reinforcement ratio, while, as shown in Fig. 2, the test results show that the initial stiffness
is independent of the hoop reinforcement ratio. For avoiding such unconsistency, Mander
adopted a fractional function including the initial stiffness as one of the four boundary
conditions. And Muguruma and Fujii proposed to consider Eq.(2) as well as Egs.(1) and (3)
in formulating the second order parabola expression. But Muguruma and Fujii used two
equations to represent the stress—strain relation at the ascending part.

To include Eq.(2), and for avoiding to adopt two equations at the ascending part, it is
proposed here to assume the stress of concrete as

fc=Cie."+Cre.+Cs 6
in which C,C,Cs and n  are constants to be determined from Eqgs.(1) to (4). The
exponential function enables to simplify the expression and to satisfy the four boundary
conditions. By substituting Eqgs.(1) to (4) into Eq.(6), one obtains

[ 1 .\ -

fc—Ececil—?( J } (7

€ co

where

E . : initial stifinessQMPa) and is defined by the Specifications'’’ as shown in Table 5

n : a coefficient and is given as
Ec.e.c

= 8
" E c€cc™ f cc ( )
Table 5 Initial Stifiness of Concrete (MPa)
Strength of
Unconfined 20.6 23.5 26.5 294 39.2 49.0
Concrete

TInitial 4 4 4 4 4 4
Stiffness 230X 10°)245% 10°1260>x 10°({2.75X 10°|3.04X 106" {3.24X 10

Because the effect of confinement on the initial stiffness is not significant, the initial

stiffness is assumed here by the Specifications.
On the other hand, as shown in Fig. 5, the stress descending part is modeled from
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the test results by a straight line as

fe=FfeemEaeslec—ece) ®

where
E,.. :gradient at the descending part(MPa)

It 1s important in Fig. 5 to define the ultimate strain ¢ .. so that the gradient
E4.. at the descending part be determined. It is assumed here that the ultimate strain
£ .. be taken as the strain corresponding to 50% of the peak stress f .. . When the
strain exceeds ¢ .. , the damage of concrete is substantial and unrepairable. By
substituting f .=0.5f .. into Eq.(9), the ultimate strain ¢ .. is obtained as

fcu
2Ed¢s (10)

Park, Sheikh and Fujii considered the residual stress of 20% or 30% of the peak
stress at the stress converging part. In the proposed model, however, special efforts to
idealize the stress converging part was not made, because the idealization at such region is
not important in seismic design due to excessive and unrepairable damage.

€ cu=E ot

. — Experimental
fec |- o0————— | Statistical

Analyzed Range

STRESS

0.5 oo | :

Ecu

STRAIN

Fig. 5 Definition of Ultimate Strain and Gradient at Stress Descending part
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EVALUATION OF CONFINEMENT EFFECTIVENESS

In the proposed model by Eq.(7), factors for controlling the stress—strain relation of
confined concrete are the peak stress, the strain corresponding to the peak stress and the
gradient at the stress descending part. The effect of confinement on the three parameters
was examined based on the test results.

Parameters of confinement effectiveness may be represented as volumetric ratio,
confining dimension, confining configuration, yield strength of hoop reinforcement, and
strength of unconfined concrete. Because, it makes the expression complicate to
incorporate all parameters into the model, volumetric ratio, confining configuration, yield
strength of hoop reinforcement and strength of unconfined concrete are considered as the
minimum parameters required to formulate a simple model. Other parameters may mostly
be regulated by the Specifications. ‘

Fig. 6 shows the confinement effectiveness o . f,./f.. vs. the peak stress
Jo. thus idealized. The peak stress f .. 1is proportional to volumetric ratio o, and
yield strength f,. of hoop reinforcement, and is inversely proportional to strength of
unconfined concrete f .. . It is observed that the relation may be approximated by a linear
function with different gradient depending on the confining configuration. From a regression
analysis for each confining configuration, the relation is written as

i ce :1.07+3.70%—fy—h : for circular confinement 11)
j: = =1.02+1 .Ol—p—}i—’-f- : for square confinement 12)

By comparing Eq.(11) and Eq.(12), it is noted that the gradient of the linear
approximation for the square confinement is approximately 30% of the gradient for the
circular confinement. This clearly shows that the confining configuration has a significant
influence on the confinement effect.

Fig. 7 shows the confinement effectiveness o . fs1/ f ., vs. the strain ¢ ..
corresponding to the peak stress relation. Although some specimens with low hoop
reinforcement ratio provide the larger €.. vs. ¢, f»/f ., relation may be lineally
approximated. From a regression analysis for each confining configuration, the following
relation is obtained as
/" f v h
0 s f y A
It is noted that confinement effectiveness to & .. for the square confinement is
approximately 55% of that for the circular confinement.

£ ..=0.00216+0.0335 : for circular confinement (13)

€ ..=0.002774+0.0126 : for square confinement (14)
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Fig. 6 Relation between Confinement Effectiveness and Peak Stress
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Fig. 8 shows the confinement effectiveness 0. f ,»/ f..” vs. the gradient at the
descending part. It is observed that the gradient E;.. at the descending part is inversely
proportional to ¢ s f y»/ f ..° . By regressing the test data, it is written as

12.07

Eyq.s= : for circular confinement 15

: p sfyh/fcoz ( )
16.04

Ei..= o Forl FoE : for square confinement (16)

It is noted that E,., of square confinement is about 1.33 times larger than E,.. of

circular confinement.
From Eqs.(11) to (16), the effect of confinement may be written as

.fcc p sfyh
=14+3.7M0x ———— 17
fco fco ( )
e ”=o.ooz+o.033'5£~}—f—ﬂ (18)
2
E¢,s=127‘-—‘f—5—°—— (19)
psfyh

in which a, 8,7 are modification factors depending on cross sectional shape and are
given in Table 6.

Based on Egs.(17) to (19), the stress—strain relation was computed for the thirteen
specimens in Table 4. This is plotted in Fig. 2 in comparison with the test ddaia. The
predicted relations are in very good agreement with the test results. It should be noted that
because the initial stiffness condition is included in the model, the gradient at the stress
ascending part predicted is independent of the hoop reinforcement ratio.

For the reference, if Eq.(5) is adopted, the stress—strain relation becomes as shown
in Fig, 9. In Eq.(5), f.. and ¢.. were provided by Eqs.(17) and (18). The gradient
predicted at the stress ascending part is appreciably smaller than the test result. And also,
as expected, it decreases as the hoop reinforcement ratio increases.

Table 6 Modification Factors

Confinement a B v
Circular 1 1 1
Square 0.3 1055 |4/3
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Fig. 9 Stress—Strain Relation by Eq.(5)

COMPARISON WITH PREVIOUS MODELS

To show the .effectiveness of the proposed model, the stress—strain relation
predicted by the previous models was computed for the test specimens, and compared with
the test results.

Figs. 10 to 14 compare the predicted relation by previous models with the test
results. It is observed that the previous models mostly evaluate the gradient at the stress
ascending part larger than the test results. By comparing Fig. 2 with Figs. 10 to 14, it is
obvious that the proposed model predicts the peak stress, the strain at the peak stress and
the gradient at the descending part more accurately than the previous models. The gradient
at the descending part predicted by the proposed model approximates to test results much
better than the previous models, because the effect of low hoop reinforcement ratio is
incorporated into the proposed model.

From this comparison, the proposed model provides better agreement than the
previous models to the stress—strain relation of confined concrete with low hoop
reinforcement ratio.
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CONCLUDING REMARKS

To propose an accurate stress—strain model of confined concrete with low hoop
reinforcement ratio, a series of loading tests were made for fifteen confined concrete
columns. The conclusions from the study presented herein may be deduced as;

1) To consider four boundary conditions by Eqs.(1) to (4) into the stress—strain relation of
concrete, the exponential function given by Eq.(7) is proposed.

2) The ultimate strain ¢ .. 1is defined as the strain corresponding to 50% of the peak
stress, because th idealization of stress—strain relation over the strain €., ‘is not
important in seismic design due to substantial and unrepairable damage of concrete.

3) The peak stress, the strain at the peak stress and the gradient at the descending part
are proposed to be evaluated by Eqs.(17) to (19) based on the loading test results for
specimens with a cross sectional dimension of 20 to 50cm and the volumetric ratio of
hoop reinforcement of 0.3 to 4.7%.

4) In comparison with the previous models, the proposed model seems to provide better
agreement with the test results for the confined concrete with low hoop reinforcement

ratio.
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SUMMARY

One "as built" and three retrofitted model column footings have been tested under
simulated seismic actions. The test results of "as built" footing indicated that
column/footing joint shear failure is a potential danger to most existing bridge structures.
The test results also indicated that if there is no dependable tensile capacity in the
pile/footing connections a rocking behavior may dominate pier response, which may result
in minimizing damage to the footing and column. Model column footings retrofitted using
current retrofit standards developed relatively stable hysteretic responses up to moderate
ductility levels. However, experimental observations, and theoretical analyses based on the
strut-tic model and yield line theory indicated that with current footing retrofit design,
which lacks the consideration for joint shear, the reinforced concrete overlay may not
develop a fully effective post-cracking mechanism. Improved retrofit details including
deep dowels, to insure development of an effective joint shear resisting mechanism, are
proposed and verified by the experimental results.

INTRODUCTION

Steel jacketing of existing bridge columns to enhance their flexural and shear
strengths and to improve their ductility has been recognized as the most efficient method
for column retrofit and has been implemented into retrofit practices in California[1,2].
While methods for retrofitting columns are now well developed, there are still many other
problems in existing bridge structures which must be addressed. One of such problems is
related to bridge footings. The design for bridge footings in 1950's to early 1970's typically
was based on elastic analysis under relatively low lateral seismic input compared to current
design provisions. Consequently, the following potential problems are likely inherent in
many older bridge footings.

Inadequate pile capacities: The piles of existing bridges are often not able to resist
tension and may separate from the footing. This may in fact be beneficial as rocking can
occur and the forces entering the structure may be significantly lower than if the columns
yield in flexure. Thus, significant economic benefits can be expected as it is possible that
by utilizing the rocking a lesser amount of retrofit or even no retrofit may be required.
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Inadequate footing strength: Since only a bottom reinforcement mat designed for a
low level of earthquake input is common in most existing older footings, flexural failure
may be expected due to excessive positive and negative moment induced by an actual
seismic attack. Also, because there is no shear reinforcement in most existing footings, the
shear strength of the footing is solely provided by the plain concrete. Typically this is
insufficient to resist the shear force induced by ultimate column input. In addition,
column/footing joint shear failure is also expected in many existing bridge structures due
to the lack of joint shear reinforcement and poor details for column longitudinal bars. The
deficiency in column/footing joint is the most difficult to retrofit and repair.

"AS BUILT" AND RETROFITTED FOOTING TEST PROGRAM

In order to investigate the seismic performance of existing bridge footings and to
develop efficient retrofit measures, a comprehensive bridge footing research program has
been carried out at the University of California at San Diego. Four large-scale column
footing models have been tested. One of the footings was tested under the condition of "as
built", and others were tested after retrofit. Table-1 summarizes column footing test
details. The models were approximately 1/3 scale of typical prototypes.

The reinforcement details for the "as built" column footing F1RA are shown in Fig.1.
The column had a longitudinal reinforcement ratio of 2.5%. As shown in Fig.1(b), the "as
built" footing was reinforced only with a two dimensional #6@3.25in.(@83mm) bottom
steel mat. Fig.2(a) and (b) show column details of the retrofitted circular column footing
and retrofitted rectangular column footings, respectively. The column longitudinal steel
ratios were 5%. The potential plastic hinge region with a length of 48in.(1219mm) of the
columns were retrofitted by site-welded steel jackets for improved flexural ductility. For
circular column footing F2CR, a 3/16in.(4.76mm) thick circular steel jacket was used. The
circular jacket was slightly oversized than the existing column, and the gap between the
jacket and the existing column was filled by cement grout. For retrofitted rectangular

Table-1 Column Footing Test Details

Test Footing Column Test Axial Load
Unit Retrofit ~ Section Steel Retrofit (kips)
Rectangular 32#6 G40 Rocking-1 150
FIRA | "AsBuilt” 19.25in, Wide | Steel Ratio= "As Built” Rocking-2 250
28.75in. Decp 2.5% Capacity 400
Caltrans Circular 5246 G40 3/16in, Thick
F2CR Typical 24in. Diameter | Steel Ratio= | Cylindrical Capacity 400
. 5.1% Sieel Jacket
Caltzans Rectangular | 14#8 G40 & | 3/16in. Thick
F3RR Typical 19.25in. Wide | 28#7 G40 | Elliptical Steel | Capacity 400
28.75in. Deep | Steel Ratio= Jacket
50%
Deep Rectangular | 14#8 G40 & | 3/16in, Thick
F4RR Dowel 19.25in. Wide | 28#7 G40 | Eliptical Steel | Capacity 400
28.75in. Deep | Steel Ratio= Jacket
5.0%

Note: 1in,=25.4mm; 1kip=4.45kN.
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column footings F3RR and F4RR, 3/16in.(4.76mm) thick elliptical steel jackets were used,
with the gap between the jackets and the columns filled by concrete. For all cases, a
vertical gap of 1in.(25.4mm) was provided between the jacket and the retrofitted footing
to ensure that the jacket did not bear against the footing.

Based on current footing design, the existing 76in,x76in.x19in. (1930mmx1930mm
x483mm) footings of F2CR and F3RR were enlarged to 108in.x108in.x23.5in. (2743mmx
2743mmx597mm), and retrofitted with additional top and bottom flexural steel and
vertical stirrups, connected with original footings by deformed #2 (noted as D6, nominal
diameter = 6mm) dowels, as illustrated in Fig.3(a). FARR was the counterpart specimen of
F3RR, and was designed by improved retrofit design procedure with considering
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/— 3/168" Elliptica! Steel
Jacket Retrofit

Drill & Bond Dowels
D8 SD40 ©@4.75in.

Original column
each way 48.0
Depth=3.5in. [,/
. Original foofin
D& ties —'l { [ o R s
\ ! First Layer
t Ly 1] 3243 GE60 each way
LI e U i i 5
PR Second Layer
23.50 4 00 :;:: :rfj 1643 G60 each way
} // ‘\,1\ L /f‘/
I 76.00 N Bottom Mat
108.00 2246 G40(existing)
D6 stirrups . 846 G60{retrofit)
©4in. each way - each way

(a) Rectangular Column Footing F3RR
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(b) Rectangular Column Footing F4RR
Fig.3 Retrofitted Footing Reinforcement Details (1in.=25.4mm)
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column/footing joint shear. The footing of F4ARR had the same dimensions as F3RR,
however included deep dowels and slightly heavier overlay reinforcement, as shown in
Fig.3(b), to ensure sufficient overlay capacity against the pull-out force resulted from the
tensile steel in column critical section.

Ready mixed concrete with a design strength of 5ksi(34.5MPa) was used
throughout. Grade 40 steel (nominal strength=40ksi=276MPa) was used in the "as built"
column footing FIRA and the existing portions of the retrofitted column footings. Grade
60 steel (nominal strength =60ksi=414MPa) was used for retrofit reinforcement.

The test setup is shown in Fig.4. The footing was supported on 2.2in.(56mm) thick
fiberglass-reinforced elastomeric pads, which were chosen to represent the flexibility of
the pile foundatton. In the rocking tests of FIRA, the footing was sat on the pad and was
free of uplifting. However, in the capacity tests of "as built" column footing FIRA and
retrofitted column footings, the rocking of the footing was restrained by 5/8in.(15.9mm)
diameter high strength rods attached to the test floor. The rods were first snug tightened
over a piece of 1/8in.(3.2mm) steel packing material. The packing material was then
removed in order to allow the footing to have some uplift before the rods started to
stretch and apply forces. The resulting 1/8in.(3.2mm) gap was provided to allow elastic
unloading of the compressed elastomeric pads simulating the pile compression stiffness.

Reference column
Cross—Beam for

Axial Load
Linear Actuator
Potentiometer
T ,,
Load=Cell
e =— 208.75" Reaction
1/4" Glaasfiber Wall
Wrapping Retrofit\
. 2" Diameter
< High-Strength Bar
Linear ] T
4 & 3/18" Elliptical Steel
Potentiometer ‘—— LA e Aot
- ‘-
W ]
o A 3
N 1T
A, A, 108" A, A
Strong \— Reaction
Floor Block
i 'l
Load—Cell
bb
Rupber 200 kips Center—Hole Jack
All dimensions {n inches
(1 inch = 25.4 mm) —— 5/8high strength rods hold down

Fig.4 Test Setup (1in.=25.4mm, 1kip=4.45kN)
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TEST RESULTS OF "AS BUILT" COLUMN FOOTING

Rocking Responses: Two rocking tests under different axial loads were conducted
for "as built" footing FIRA. Fig.5 shows the experimental hysteretic response under the
axial load of 150kips(667kN) and the corresponding predicted monotonic rocking
behavior. The pier developed "S" shaped hysteresis loops under the rocking condition, as
shown in Fig.5. After developing the uplift, the hysteretic response showed a gradually
reduced stiffness and the peak horizontal forces were limited at a level of 30kips(134kN).
In other words, the horizontal force input to the pier was limited after developing rocking,
The hysteretic curves for both loading and unloading showed a negative gradient due to
the effect of P-delta. For an elastic rocking system, the unloading response should follow
the same track as loading. The difference between the loading branch and unloading
branch shown in Fig.5 was due to a small drop of the axial load. Fig.5 also showed that
relatively good agreement was obtained between the test results and theoretical prediction,

Capacity Test: After the rocking tests, the FIRA footing was attached to test floor
and a final capacity test was conducted. Fig.6 shows the final hysteretic response. The
dashed lines in Fig.6 show the predicted capacity corresponding to the first yield of
column steel, Hy, and the ideal flexural strength, H, corresponding to an concrete
ultimate compressive strain of 0.005. The calculation was carried out using Mander et.al's
stress-strain model for confined concrete[3]. As shown in Fig.6, the hysteresis loops were
stable until a peak displacement of 3.2in.(81mm) was achieved. The pier developed a
maximum force of 68kips(303kN) in both push and pull directions, which was slightly
lower than the predicted theoretical ideal flexural strength. A sudden drop in the force
carrying capacity of the pier occurred due to the shear failure of column/footing joint,
during the push cycle to achieve a displacement of 4.0in.(102mm). After this stage, the
strength degradation of the pier became significant due to losing column/footing joint
shear resistance, as evidenced by the excessively opened joint shear cracks as shown in
Fig.7.
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TEST RESULTS OF RETROFITTED COLUMN FOOTINGS

The horizontal force - displacement hysteretic response histories for retrofitted
footings are shown in Fig.8(a) to (c), respectively. The dashed lines in Fig.8 show the
theoretical predictions for the capacities of the pier corresponding to the first yield of
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Circular Column Footing F2CR: As shown in Fig.8(a), the retrofitted circular
column footing F2CR developed a ductile hysteretic response up to a total displacement
ductility factor of n=4.0, or a total drift ratio of 5.8%, where the loading was terminated
due to the limitation in axial loading system. The hysteresis loops were stable and showed
little degradation upon recycling at the given ductility level. The predicted ultimate flexural
strength was first reached during the loading to p=1.5. The further increase in the peak
horizontal forces was due to the strain hardening in column longitudinal reinforcement.
Although the pier developed an excellent hysteretic response, excessive cracks and
concrete crushing of the overlay were observed at the column toe.

Rectangular Column Footing F3RR: The retrofitted rectangular column footing
F3RR developed its theoretical flexural strength at a total displacement ductility level of
pu=1.5, however, there was not much further increase in the force carrying capacity. As
shown in Fig.8(b), the hysteresis loops of the pier were stable until p=3.0, or a total drift
ratio of 4.8%. However, the degradation of the horizontal force became significant during
loading cycles with a peak ductility factor of u=4.0. The overall shape of the hysteresis
loops indicates relatively small energy absorption capacity. The significant degradation in
the force carrying capacity of the pier was caused by the deterioration of the footing
overlay resistance to the pull-out force induced by the tensile steel in column critical
section, as evidenced by the extensive cracking of the top overlay, shown in Fig.9. At the
peak displacement ductility factor p=4.0, the top overlay was lifted up about 3/4in.
(19mm) at the tension toe of the column, also indicating the severe damage to the top
overlay.

Fig.9 Crack Patterns of Retrofitted Footing F3RR
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Rectangular Column Footing F4RR: As shown in Fig.8(c), compared to its
counterpart specimen F3RR, retrofitted column footing F4RR developed more stable
hysteretic behavior with improved energy absorption capacity until a total displacement
ductility factor of u=5, where the loading was terminated due to the limitation in axial
loading system. Since the footing of F4RR was stronger with the use of deep dowels than
that of F3RR, the pier was able to develop a larger horizontal force carrying capacity
resulted from the strain hardening of column longitudinal reinforcement. Although well
distributed cracks were observed on the top overlay, their widths were smaller than those
observed for F3RR. The footing appeared to be solid and monolithic, and the deformation
of the pier seemed to be mainly contributed by the plastic rotation of the column plastic
hinge, as evidenced by the wide opening of the gap between the jacket and the footing.

STRUT-TIE MODEL AND YIELD LINE THEORY

Strut and tie models and yield line theory have been developed to investigate the
complicated column/footing joint shear resisting mechanisms of retrofitted footings and to

establish rational retrofit design methods[4].

Pre-Cracking Mechanisms in Retrofitted Footings: The moment curvature analysis
for the critical column section of F3RR indicated that the footing was subjected to a
resultant tensile force, T,=708kips (3149kN), a resultant compressive force, C_.=1108kips
(4928kN) and a shear force, V =136kips (605kN). These input forces are balanced by two
tie-down forces, R,; and R,,, and reaction forces, R, and R},
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Fig.10 Resisting Mechanisms in Retrofitted Footing (1in.=25.4mm, 1kip=4.45kN)
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A pre-cracking strut and tie model considered for F3RR is shown in Fig.10(a).
Resultant compressive force, C,, and shear force, V,, are mainly resisted by a diagonal
strut, C;, transferred to the compression zone of rubber pads and reaction block. The
resultant tensile force, T, is transferred to the footing and resisted by a concrete tension
tie, 7;, and two compression struts, C,, C3. The compression strut C, radiates from the
compression zone of the critical column section. While compression strut, Cj, is
equilibrated by tension ties, T, T3, and T, which are provided by reinforcement in the
retrofit extension portion and the top overlay. The forces in the vertical stirrups are
combined into the vertical ties, 753 and 7.

Fig.10(b) shows the calculated equivalent truss forces induced in the members of the
pre-cracking strut and tic model. It is assumed that the resultant tensile force T, is
decreased to zero by bond at a depth of 18in. (457mm), and the application point of, T, is
taken as 9in. (229mm), i.e., half the bond length, below critical column section. As is
shown in Fig.10(b), a large tensile force of 848kips (3772kN) is required for concrete
tension tie, T;. Using the effective joint width of 48in.(1219mm), and footing effective
depth of 21.5in.(546mm), this force yields an excessive tensile stress of 848kips/(48in.x

21.5in.)=822psi(5.64MPa)=11.8./f." psi(0.7,/ f.' MPa), indicating the high probability of
joint cracking.

Post-Cracking Mechanisms in Retrofitted Footings: The post-cracking strut and
tie model is shown in Fig.10(c). The major change due to joint shear cracking is that the
compression strut, C,, is split into two compression struts, C, and Cs. In the post-
cracking system, the resultant tensile force, T, is only resisted by the internal strut C, and
the external strut Cj. The internal strut force, C,, radiates into the compression zone of
the column critical section and can be balanced by other compression struts. The
horizontal component of the external strut force, Cj;, is balanced by a horizontal tie T,
which is provided directly by the top overlay reinforcement. Additional resistance of T is
from the diaphragm resisting mechanism of the top overlay, similar to the mechanism
discovered by Paulay and Priestley for slab and column joints[5]. On the other hand, since
the stirrups are provided only in the extension portion of the retrofitted footing, which are
far away from the column, the vertical component of strut force, C3, has to be transferred
to the tension tie, T3, through the slab function of the top overlay. Such an out-of-plane
resisting mechanism is expected to be weaker than other resistance, thus, the capacity of
the retrofitted footing is depended on the overlay capacity against the pull-out force, i.e.,
the vertical component of the external strat force, Cj.

Yield line theory can be used to determine the top overlay capacity. A yield line
pattern as shown in Fig.11(a) is assumed for the top overlay slab, ABCD, in which part of
the slab, BCGH is assumed to have no displacement since no upward force is active in this
region, and the rest of the overlay is lifted up under the action of P, as shown in
Iig.11(b). Using virtual work method the ultimate upward force, P,,, can be calculated as
follows.

v
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P, =%XmL},; ¢}

where, m; is the ultimate moment per unit length of a yield line with the length of L;, and
0, the rotation angle corresponding to a unit displacement at the application point of P,. A
computer program "FOOTYIEL" is developed for the calculation. The moment capacities
of the yield lines are calculated based on the equivalent concrete stress block
recommended by ACI318-89. The depth of the top overlay slab is taken to be the sum of
the overlay depth and the depth of the dowels. Fig.12 shows the input data and output
data of "FOOTYIEL" for retrofitted footing F3RR,

For retrofitted footing F3RR, the overlay capacity was calculated to be equal to
380kips (1690kN), which is smaller than the vertical component of the strut force, C;, or
397kips (1766kN). This indicates that the top overlay of F3RR was marginally not able to
support the vertical component of strut force, C;, and its capacity would degrade under
the action of cyclic loading, eventually leading to the footing failure, as described
previously.
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Fig.11 Yield Line Pattern and Displacement of Top Overlay (1in.=25.4mm)
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Column Section Shape:rectangular
Column Overall Depth (in): 28.75
Column Width (in.): 19.25
Overlay Slab Length (in): 76.00
Overlay Slab Width (in): 76.00

Overlay Depth (in):* 4.50
Dowel Depth (in): 3.50
Cover to Top Layer Steel (in): 1.00
Vertical Force Application Point from Edge (in): 14.00
Longitudinal Steel Area of Top Layer(in”2/in): .0300
Transverse Steel Area of Top Layer (in"2/in): .0340
Longitudinal Steel Area of 2nd Layer(in"2/in): L0160
Transverse Steel Area of 2nd Layer (in"2/in): .0170
Retrofit Steel Strength(ksi): 68.00
Existing Footing Concrete Strength(ksi): 4.98
Retrofit Concrete Strength(ksi): 4,90
--- Is the above data correct (y or m)?
¥y
----- Qutput Data for FOOTYIEL.FOR ee-e-cercomow-noe -----
Ultimaze Vertical Component Pv (kips): 380.457100

Stop - Program'te:minated.

Fig.12 Input and Qutput Data of Program "FOOTYIEL"

For retrofitted circular column footing F2CR, the analyses indicated that the overlay
of F2CR had larger margin against the pull-out force induced by the tensile steel in critical
column section, which was reflected in the excellent hysteretic response, as shown in
Fig.8(a). Similar analyses also indicated that in the case of retrofitted column footing
FARR, the use of deep dowels significantly increased the effective depth of the overlay and
thus its capacity against the pull-out force, consequently, resulting in the significantly
improved hysteretic response compared to F3RR, as shown in Fig.8(c).

CONCLUSIONS

The rocking tests of an "as built" column footing indicated that if there is no
dependable tension capacity in the piles, a rocking behavior is likely to dominate the
response of the pier, consequently, the damage is minimal. In the capacity test with
restraining the rocking, the "as built" footing suffered a brittle column/footing joint shear
failure, resulting significant loss in load carrying capacity. On the other hand, the tests of
retrofitted footings indicated that the lack of column footing joint shear design is a
potential problem in current retrofit design procedure. Although retrofitted column footing
F2CR developed an excellent hysteretic response, retrofitted column footing F3RR
suffered severe footing damage caused by column/footing joint shear distress and the
potential deformation ability of the retrofitted column could not be fully utilized. The
complicated resisting mechanism in the retrofitted footing can be analyzed by strut and tie
models and yield line theory. As an improvement to the current footing retrofit design
methodology, it is recommended that the analytical model proposed in this paper be used
to determine the capacity of the footing overlay, and to design the appropriate overlay
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depth, dowel length and reinforcement. The retrofitted footing using the improved design
with deep dowels has been verified by the test results.
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SUMMARY

Since the October 17, 1989, Loma Prieta earthquake in northern California, seismic studies
of a number of major steel bridges in the San Francisco Bay area have been conducted. Studies
included: (1) establishing appropriate ground motions to be used in seismic evaluation, (2)
developing realistic models of the bridge structures, (3) conducting elastic and inelastic time
history and response spectra dynamic analyses, (4) identifying seismic vulnerabilities; and, (5)
developing seismic retrofit strategies and concepts to remove the seismic vulnerabilities. This paper
summarizes studies completed to date on seismic evaluation and retrofit of the East Bay Crossing
of the San Francisco-Oakland Bay bridge, San Mateo-Hayward bridge, Benicia-Martinez bridge
and Golden Gate bridge. A summary of seismic vulnerabilities and retrofit strategies for these
bridges is provided.

INTRODUCTION

The magnitude 7.1 Loma Prieta earthquake of October 1989 caused some minor damage
to major steel bridges in the San Francisco Bay area. The only significant damage was the
collapse of a 50-foot (15.3m) segment of the upper and lower decks of the San Francisco-
Oakland Bay Bridge which resulted in closure of the bridge for one month while the repairs were
being done. Since 1990, the California Department of Transportation (Caltrans) and the Golden
Gate Bridge and Transportation District have commissioned a number of research and
development projects on seismic evaluation and retrofit of major steel bridges in the San
Francisco Bay. Four of the studies summarized in this paper include a suspension bridge (Golden
Gate), a riveted Warren and cantilever truss bridge (East Bay Crossing of the Bay Bridge), a
modern welded cantilever truss bridge (Benicia-Martinez), and a modern welded steel box girder
bridge (San Mateo-Hayward).

PERFORMANCE CRITERIA FOR SEISMIC RETROFIT

Performance criteria established by the California Department of Transportation and
currently used in seismic evaluation and retrofit of major steel bridges are as follows:
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1. The bridge should be able to behave almost elasticity during a small or moderate earthquake.

2. The bridge should be able to survive major earthquakes without collapse or serious damage
that would impair the full functionality of the bridge after a major earthquake. Damage that is
not easily detectable and repairable, particularly underwater damage, should be prevented.

The first criterion is intended to prevent significant and costly damage during more
frequent small and moderate earthquakes. The second criterion is intended to ensure that major
bridges will remain functional after major earthquakes. This is due to the important role that
major bridges play in the post-earthquake economical life as well as emergency response of
affected communities. Using the above criteria, four of the San Francisco Bay area's major
bridges, shown in Figure 1, have been evaluated. The bridges are: San Mateo-Hayward, Benicia
Martinez, Golden Gate and East Bay Crossing of the Bay Bridge. A summary of seismic studies
of each bridge follows.

A, SEISMIC VULNERABILITY ASSESSMENT OF SAN MATEO-HAYWARD BRIDGE
(Donikian, 1993)

The San Mateo-Hayward Bridge has a length of approximately seven miles (11.3 km), and
consists of a 1.85-mile(3 km)-long steel bridge at the west end connected to a 4.5-mile (7.9 km)-
long concrete trestle on the east side, Figure 1.

The steel bridge is composed of 18 single-span anchor units connected by suspended spans
in an alternating sequence. The connections of anchor units and suspended spans constitute the
hinges in the system with an alternating sequence of tied hinges at one end, and expansion hinges
with rod restrainers at the other end of the suspended units. The anchor unit spans are 208 feet
(63 m), and 292 feet (89 m). Vertical clearance of the main span is 138 feet (42 m) above the
waterline.

The deck structure consists of a dual steel box girder orthotropic deck superstructure
supported by pin bearings on dual steel and concrete towers. The channel spans consist of a 750-
foot (229 m) main span and two 375-foot (114 m) side spans. The substructure consists of 38
bell-shaped concrete piers supported on stecl H-pile foundations. The substructure piers consist
of dual reinforced concrete rectangular columns, typically 11 feet x 4 feet (3.4 m x 1.2 m) and
hollow shafts.

The subsurface soil conditions at the site consist of soft-to-medium stiff clays (Bay mud)
that extend to depths of approximately 50 feet (15 m) below the mudline. Depth to bedrock is
estimated at 700 feet (210 m) below sea level.

A.1, Structural Component Performance Criteria

Inelastic response of steel components is assessed in terms of available load ductility levels
as measured by interaction relations. For axial load and bending, the interaction relation is
established (Astaneh-Asl 1993b) as a parabolic function of axial load and biaxial moment
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(p+m,2{ +m§ < Rz), and for shear, the interaction ratio is a function shear and moment

(v2+m? <R?), (Astaneh-Asl, 1993b). Where, p, m and v are normalized axial force, bending

moment and shear forces respectively. The term R is Response Modification Factor for the
component under investigation (Astaneh-Asl, 1993b).

The performance criteria for the evaluation of the reinforced concrete flexural members
are in terms of displacement ductilities (Donikian 1993). Deformation-based performance criteria
and shear capacities of the concrete components are computed using M.IN. Priestley's
recommended method. Foundation performance was evaluated on the basis of load-displacement
curves developed by Geomatrix (Donikian 1993) for the foundation soil-pile groups.

A.2. Finite Element Models

The finite element discretization of the steel structural model is shown in Figure 2. This
mode! consists of almost 6000 degrees of freedom, and is assembled using the deck super-
elements to account for dual box girder behavior Various models were generated to simulate: (a)
dynamic response due to multiple support excitation; (b) variability of the ground motions along
the bridge alignment; (c) soil-structure interaction; and (d) expansion hinge nonlinearities and
variations in gap stiffness.

A.3. Response Analyses

The following three types of models were used in the analyses: (a) Type 1; linear elastic
"tension" models with expansion hinges modeled as two-way tension-compression elements; (b)
Type 2; models incorporating the limited nonlinearities associated with expansion hinges. The
hinges were modeled using tension-only restrainer elements and compression-only. gap elements.
These were used for multiple support excitation time history analyses; and (c) Type 3; general
nonlinear models incorporating both expansion hinge nonlinearities and material nonlinearities
associated with plastic hinges.

The types of analyses conducted consist of: (a) Uniform Response Spectrum (URS)
Analyses with the objective of obtaining preliminary seismic demand estimates and performing
parametric studies; (b) Multiple Support Time History (MSTH) Analyses consisting of a series of
multiple support time history analyses with the objective of obtaining realistic estimates of
displacements and deformations in the structure; and {(¢) Uniform Base Time History (UTH)
Analyses, mainly performed for calibration purposes to serve as a tool for comparing results
obtained by the URS and MSTH analyses.

Some of the significant results obtained from the dynamic analyses of the steel structure
are highlighted here. Figure 3 shows steel tower R-factors (Response Modification Factor) for
steel piers compared to allowable value of 5. The allowable values of R-factors were established
by A. Astaneh-Asl (1993b) for various components of the San Mateo-Hayward bridge and were
confirmed by inelastic analyses (Donikian, 1993). These results indicate that the variability of
ground motions along the bridge alignment has a significant effect on structural response, and that
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response due to multiple support excitation seems to be closely related to response due to time
delay effects of propagating ground motions.

A4, Conclusions on Seismic Studies of the San Mateo-Hayward Bridge

For vulnerability assessment of large structures such as the San Mateo-Hayward Bridge,
with strong nonlinearities due to expansion hinges, multiple support time history analysis is the
rational alternative to the much too conservative uniform response spectrum method. The
following conclusions were drawn from the study: (1) load based criteria (Z-factors) are
unreliable for concrete components; (2} deck restrainers and expansion hinge behavior play a
major role in the performance of the superstructure; (3) effects due to multiple support excitation
are significant. Specifically, there is significant reduction in demand compared to estimates
obtained by conventional uniform response spectrum analyses. However, in some cases, the
demand on some components may be higher compared to uniform time history excitation cases;
and (4) uncertainties such as foundation stiffness and ground motion variabilities must be carefully
assessed for structural response analyses of large structures.

B. SEISMIC EVALUATION OF THE BENICIA-MARTINEZ BRIDGE
(Imbsen, 1993)

The Benicia-Martinez Bridge (George Miller, Jr. Bridge) is a high-level, deck-type,
welded truss bridge with welded girder approach spans. This 6215-foot (1894 m) long structure
carries I-680 over the easterly end of Carquinez Strait. The general view of the bridge is shown in
Figure 1. The navigation channel vertical clearance is 138 feet (42 m). The truss section consists
of seven 528-foot (161 m) spans, two 429-foot (131 m) spans and one 330-foot (100 m) span.
All trusses are 33 feet (10 m) in depth {center-to-center of chords). The 330-foot (100 m) span is
simply supported. Two trusses at a spacing of 42 feet (12.8 m) center-to-center are braced with
top and bottom lateral bracings, end sway frames at piers, and intermediate sway frames.

The truss spans are supported by reinforced concrete cellular pier shafts on cellular
reinforced concrete footings resting on groups of eight or ten six-foot (1.8 m) diameter, concrete-
filled steel caissons.

Contract work for the initial four-lane, 67-foot (20.4 m) wide structure began in 1959 and
was completed in 1962. Earthquake restrainers and reinforced concrete support and shear blocks
were added in 1980. In 1991, the structure was widened equally on each side to its present width
of 77 feet, 6 inches (23.6 m). '

B.1. Multiple-Support-Excitation Seismic Response Analysis

For long extended structures subjected to out-of-phase input motions at multiple supports,
there are two response aspects which induced vibrational and quasi-static effects. In the
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conventional dynamic analysis, only the vibrational component of the response is considered. To
account for both the vibrational effect and the quasi-static effect, the total displacement
formulation was implemented in the IAI-NEABS program (an enhanced version of NEABS
program) using the direct-integration time history analysis method (Imbsen, 1993).

B.2. Seismic Vulnerabilities
The seismic vulnerabilities of the structure are:

Truss Structure System

Floor beam Connection to the Main Truss
Main Truss Members

Lateral Bracings and Transverse Sway Frames
Expansion Hinge Hangers of the Drop-in Spans
Bearings

o0 TP

Pier-Caisson Structure

Critical sections of the concrete pier shaft and caisson foundations are shown in Figure 4.
The critical areas are:

a. Concrete Pier Columns
b. Concrete Footings
c. Steel Caissons

B.3. Seismic Retrofit Study

Seismic resistance of the structure can be improved by providing strength, ductility and
energy dissipation, and seismic isolation.

Two retrofit alternatives were developed. In the first strategy, the substructure and
bearings are strengthened significantly to increase the capacities of the substructure.
Supplemental damping is provided to the structure system by using friction dampers in the
transverse sway frames to reduce the seismic demand. In a second retrofit alternative, hybrid
sliding-restraining bearings are used. These are conventional low-profile bearings designed to
slide at a certain horizontal force level, and, at a predetermined level, additional restraint will be
provided to limit the relative movement.

B.4. Conclusions on Seismic Studies of the Benicia-Martinez Bridge

A detailed seismic investigation of the Benicia-Martinez Bridge has been carried out with
the primary objective to establish the construction cost estimate for required retrofit work. The
seismic evaluation was conducted for the Safety Evaluation earthquake (1000-year return period)
and two PFunction Evaluation earthquakes (300-year and 100-year return period). The most
critical components are truss bearings and non-ductile hollow concrete shaft piers.
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Under the safety evaluation earthquake, concrete piers are highly deficient in both flexural
and shear. At the lower level events, the flexural seismic demands were reduced; however, the
seismic demands for shear were still high. This shifting of governing failure mode (from flexure
for the safety evaluation earthquake to shear for the function evaluation earthquake) dictates the
priority and urgency of seismic retrofit.

Two retrofit strategies for main truss spans were proposed. Strategy No. 1 requires
strengthening of the substructure to a higher capacity level. Supplemental damping introduced
selectively. However, the overall scheme is still essentially a strength approach. Strategy No. 2
utilizes conventional components, but allows the relative movement at bearings. However, energy
dissipating seismic links and seismic stoppers are provided at each bearing to improve the seismic
performance. Both strategies provide satisfactory seismic performance. However, Strategy No. 2
relies less on the strengthening of existing components, always a difficult and expensive task,
Strategy No. 2 is the preferred approach.

C. SEISMIC PERFORMANCE AND RETROFIT OF THE GOLDEN GATE BRIDGE
(Setm, 1993)

The Golden Gate Bridge, one of the most renowned bridges in the world, opened to traffic
on May 28, 1937. The bridge is operated by the Golden Gate Bridge, Highway and
Transportation District. The $154-foot (2790 m) overall length of the bridge consists of the steel
truss approach viaducts, the Fort Point steel arch, the 3940-foot (1200 m) steel suspension bridge,
concrete anchorages and anchorage housings, and the art deco concrete pylons.

Immediately following the Loma Prieta earthquake, the District engaged T.Y. Lin
International (TYLI) to perform a seismic evaluation, and later, to develop concept retrofit
studies. The 1990 seismic evaluation revealed that a major earthquake would cause severe
damage to the bridge. The Seismic Retrofit Studies in 1991 included development and evaluation
of concept retrofit measures as well as estimation of their construction costs and schedules.

C.1. Site Specific Seismic Risk, Response Spectrum and Ground Motions

The determination of site specific seismic risk, response spectrum and ground motions
were based on the relative location of nearby faults and the reoccurrence interval of the seismic
event, and computer emulations of ruptures on nearby faults. Three different seismic events (San
Andreas fault rupture scenario) were developed to define three independent ground motions. One
set of ground motions was developed for the Hayward fault, but it did not control.

C.2. Seismic Performance Criteria

The District's performance criteria required the retrofit measures to preserve life and allow
the bridge to be used immediately after the largest expected event, first for emergency vehicles
and then for the toll paying general public. To guide the designers, design criteria for the retrofit
project were developed based on the Design Criteria from the new AASHTO Load and
Resistance Factor Design.
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C.3. Seismic Analysis

Global models were created for the major structures. Local models were developed for
specific areas such as the base of the main towers and the stiffening trusses.

C.4. The Suspension Bridge

The characteristics of the suspension bridge that most significantly influence its seismic
analysis are summarized below.

Large Displacement Effects and Multiple Support Excitation

Ground motion will be different at each of the widely spaced supports. The multiple
support excitation analysis imposes relative displacements between the towers and the anchorage
blocks that induce both static and dynamic stresses. These analyses found only a minor increase,
or in some cases, a decrease, in the stresses in the structure, but the displacement of the expansion
joints is generally larger.

Dynamic Characteristics

The suspension bridge has a long fundamental period of vibration that yields large
displacements and lower seismic forces than for shorter period structures, but higher vibration
modes with a shorter period can make an important contribution. The 67th mode was close to the
first longitudinal mode of the towers and contributed greatly to the towers' seismic forces and
pounding on the stiffening trusses.

The analysis showed that the main cable and suspenders remain elastic. Yielding of
structural elements is confined to local areas such as parts of the towers, pylons and lateral
bracing. Seismic displacements of the suspension bridge are on the order of several feet across
the expansion joints. When the expansion joint closes, large impact forces are transmitted and
change the dynamic properties and the response of the bridge.

The towers are not anchored to the reinforced concrete piers with anchor bolts. For
service loads, the towers were considered to be fixed. However, uplift of the towers occurs with
strong motions that significantly change the towers' response characteristics. The rocking motion
of the tower bases reduces the seismic stresses at the towers but increases the deflections.

Structural Modeling

Two-dimensional models of the entire bridge were used for preliminary studies. Three-
dimensional models of the entire bridge were used for final studies. A detailed three-dimensional
finite element model of the tower base region was used to study the stress distributions and
moment-rotation relationships of this critical part of the bridge. While most structural members
are modeled explicitly, the main span stiffening truss system is modeled using linear super-
elements to reduce the size of the numerical problem since inelastic response of the stiffening truss
is confined to the side span only.
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Modal and Response Spectrum Analysis

The modal analysis was performed to compute the vibrational properties. The natural
frequencies and mode shapes computed from the analysis were compared with the one obtained
from ambient vibration tests. This comparison provided a way to verify the computer models.
Nonlinear Time History Analysis

The analyses of the global response of the bridge to multiple-support ground motion
excitations are performed using a dynamic nonlinear finite element program using "gap" elements,

The nonlinear dynamic analyses are performed by integrating the coupled equations of
motion in the time domain. The ground motion excitation was applied as a time-varying
displacement boundary condition at each of the six supports.

C.5. Vulnerabilities and Retrofit of the Suspension Spans

The proposed retrofit measures are summarized in Figure 5 and include both tuning the
structures by allowing uplift or addition of damper devices, and strengthening the structures to
minimize the damage. The vulnerable areas for the suspension bridge and the proposed retrofit
are:

a. Connection between Stiffening Trusses and Towers: Impact between the main span
stiffening trusses and the towers as displacements exceed the existing displacement
capacity. The proposed retrofit includes the installation of large capacity dampers at this

- location.

b. Side Span Stiffening Trusses: High tension and compression stresses are developed in the
chords. A detailed local nonlinear model of a chord member shows that the required
ductility is attainable. '

¢. Main Towers: Uplift due to rocking motion of the tower causes high contact stresses at
the toe of the uplifting base, requiring strengthening of the steel plates.

d. Concrete Piers: The piers supporting the main towers are subjected to high bearing
stresses under uplift conditions. The installation of reinforcing at the top of the piers will
provide confinement.

€. Reinforced Concrete Pylons: New ductile concrete walls inside the pylons are proposed
to increase strength and ductility.

f. Cable Saddies: The connection of the cable saddles to the tower tops need to be
strengthened for shear stresses due to differential cable tension.

g. Deck Panels: The connections of the orthotropic steel plate panels to the floor beams
need upgrading due to high horizontal shear forces.

C.6. Conclusions on Seismic Studies of the Golden Gate Bridge

The seismic retrofit studies have shown that retrofit measures can be developed, designed
and constructed to provide adequate capacity to resist the demands from a major earthquake
occurring on the San Andreas fault. Contract plans and retrofit designs are expected to be
completed in late 1994. The three-year construction period is scheduled to start in early 1995.
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D. SEISMIC EVALUATION AND RETROFIT OF THE EAST BAY CROSSING OF
THE BAY BRIDGE (Astaneh-Asl, 1993a)

The San Francisco-Oakland Bay Bridge is an 8.3-mile (13.4 km) long steel structure
designed and constructed in the 1930's. The bridge consists of two separate structures. The West
Bay Crossing, spanning the Bay between San Francisco and Yerba Buena Island, consists of two
suspension bridges placed in tandem and has a length of about 2.5 miles (4 km). The East Bay
Crossing, which also has a length of about 2.5 miles (4 km) over the water, consists of a number of
288-foot (88 m) and 504-foot (154 m) span trusses and a 2420-foot (738 m) long cantilever truss,
as shown in Figure 1. The Bay Bridge has two, 65-foot (20 m) concrete decks, each deck carrying
five lanes of traffic. The reinforced concrete decks are supported on steel transverse stringers,
which in turn are connected to floor transverse plate girders. The floor plate girders are connected
to two main longitudinal trusses at their panel points (Astaneh-Asl 1993a). The majority of
connections are riveted angles or gusset plates. Laced riveted built-up members are used
throughout the bridge.

To assess the seismic condition of the East Bay Crossing of the Bay Bridge, a research
project was initiated at the University of California at Berkeley in 1990 (Astaneh-Asl 1993a). The
research project had several major inter-related areas of emphasis and activity. These were:

e To establish performance criteria for components of the bridge to achieve the global
performance criteria discussed in the previous section,

o To establish seismic Safety Evaluation Earthquake (SEE) ground motions for the site,

 To conduct geotechnical studies and develop ground motions that will reach sub-structure of
the bridge,

¢ To develop realistic 2-dimensional and 3-dimensional elastic as well as non-linear models of the
superstructure, _

» To conduct time-history and response spectra dynamic analyses of the existing structure as well
as of the structure after implementing a number of promising retrofit strategies.

» To establish seismic vulnerabilities and to develop efficient retrofit concepts and strategies to
achieve the performance criteria stated in previous section.

D.1. Seismic Vulnerabilities of the East Bay Crossing of the Bay Bridge

A summary of seismic vulnerabilities of the East Bay Crossing is shown in Figure 6. The
vulnerable areas are: the substructure east of Pier ES, reinforced concrete piers E1 and E17
through E23, steel towers particularly Pier E9, bottom chord eye-bars of 504-foot span trusses and
floor plate girders in the areas between the deck and trusses.

D.2. Seismic Retrofit Concepts

In developing retrofit recommendation to mitigate the vulnerabilities, the main criteria were
to ensure that underwater damage is prevented and the gravity load carrying components of the
bridge remain essentially elastic. Yielding of existing components of the bridge that do not
participate in carrying gravity were used to control and reduce global seismic response.
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Retrofit Concepts for the Super-Structure

Several retrofit strategies to mitigate seismic vulnerabilities of the superstructure have been
developed and proposed (Astaneh-Asl 1993a). Figure 7 shows the most promising retrofit strategy
for the superstructure. The strategy consists of using "semi-rigid" devices at strategically placed
locations. The steel based devices have a force displacement response of elastic, plastic yield
plateau and then kinematic hardening regimes. The proposed devices are expected to remain within
the elastic range during small and moderate earthquakes and become a passive energy dissipater
during the major earthquakes as the device enters plastic yield plateau regime of behavior. The
third phase of behavior, the kinematic hardening, is used to control and prevent large displacements
that can occur in an elastic-perfectly plastic system.

Retr;oﬁt Concepts for the Sub-Structure

The strategy proposed for retrofit of the sub-structure consists mainly of adding new ductile
steel or steel/concrete composite piles outside the existing foundations and constructing new ductile
reinforced-concrete jackets around the existing foundations and pedestals.

D.3. Conclusions on Seismic Studies of the East Bay Crossing of Bay Bridge

The seismic studies of East Bay Crossing indicated that the reinforced concrete piers and
foundations are non-ductile and need major strengthening. The substructure supported on timber
piles need strengthening. Bottom chord eye-bars of trusses and some stecl towers need
strengthening.

The vulnerabilities can be removed by either adding to the strength and stiffness or by
utilizing semi-rigid devices at strategic locations. Use of semi-rigid devices results in significant
reduction of seismic forces without noticeable increase in displacements. Therefore, the use of
semi-rigidity in developing efficient and economical retrofit strategies is recommended.

CONCLUSIONS

The seismic studies of four major steel bridges in the San Francisco Bay indicated that: for
San Mateo-Hayward bridge, Benicia Martinez bridge and the East Bay Crossing of the Bay bridge,
all supported on soil, the reinforced concrete substructure was the most vulnerable area. For the

Golden Gate bridge, supported on rock, some components of the steel super-structure were
vulnerable.

Feasibility of two retrofit strategies has been studies. In the first strategy, in a traditional
way, the strength and stiffness of the structure are increased to match the demand. In the second
strategy, by introducing passive energy dissipation and isolation mechanisms, such as friction or
semi-rigid systems, the seismic demand on the structure is decreased while the capacities are
increased as needed. The second strategy appears 10 be more economical and efficient.
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Figure 2. Finite Element Model of the San Mateo-Hayward Bridge (Donikian, 1993)
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Figure 4. Critical Sections of the Substructure of the Benicia-Martinez Bridge
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@ R/C Pier E1 needs strengthening.

® R/C footing uplifts.

® Steel towers need some strengthening.
® Expansion joint should be opened.

® Bottom chord eye-bars need modification.
© Steel towers need some strengthening.

@ R/C foundations and timber piles need strengthening.
Steel tower E9 needs major strengthening.

® Steel towers and trusses need some strengthening.
(® R/C Pier E17 needs strengthening.

@ Truss-to-pier connections need strengthening.

Figure 6. Seismic Vulnerabilities of the East Bay Crossing of Bay Bridge (Astaneh-Asl, 1993a)
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ABSTRACT

At present, highway bridge substructures must be strengthened against major earthquake. The
Conventional strengthening methods include lining with reinforced concrete and steel plate bonding.
We have reviewed a new method of bonding newly developed carbon fiber sheets, which may replace
the existing methods. Bridge pier model testing indicated that ductility of specimens reinforced
with the carbon fiber was improved, and that this method of reinforcement is suitable for practical
use.

The need to strengthen superstructures has also become necessary as a result of increased
motor vehicle weight and traffic volume. We reviewed the carbon fiber strengthening method to
the superstructure and verified its potential through beam model testing.
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INTRODUCTION

Although ordinary reinforced concrete bridge piers have a cut-off (transitional position) for
longitudinal reinforcing bar to achieve an economic design of steel bars, some piers do not have
sufficient anchorage length for the longitudinal reinforcing bar or enough stirrups, so that damage
may occur at the cut-off part during major earthquake. Traditional countermeasures include the
reinforced concrete lining method and the steel plate bonding method. Reinforced concrete lining is
inexpensive but has problems such as increased sections and weight, chipping work, and noise problem.

Steel plate bonding does not create any more section and weight but is expensive to carry out
and requires anchor driving work and rustproof treatment. Moreover, on present highway bridges, load
often exceeds the design value because of the increasing weight of motor vehicles and growing traffic
volume, so that the strengthening of the superstructure has become necessary. (Another strengthening
methbd, the steel plate bonding method, is considered complicated due to the anchor driving and resin
filling.) Therefore, we reviewed strengthening with carbon fiber, which has high strength and elasticity.
Teusile strength is 25,000kgf/cm?, Young's modulus is 2.5 x 10%kg f/cm?®, weight only 1759/m? and
thickness 0.1mm. Increases in section and weight can thus be kept very low. Carbon Fiber is produced
in sheets and strands for easy processing and working. Only bonding work is needed: anchoring is not

necessary. Thus strengthening work will not damage the existing structure.

USE OF CARBON FIBER STRENGTHENING ON THE
SUPERSTRUCTURE

In order to investigate the performance of carbon fiber strengthening of bridge piers and to

establish design and work methods, we conducted loading tests on bridge pier models.
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Fig. 2: Specimens of Pier Model Test
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Table. 1: Specimens of Pier Mode] Test

Height Length of CF Strengthening Sheets of CF
No. of
Cut-offi Length of Upper Length of Lower Total Base of Cut-off Base of Column
CF from Cut- CF from Cut- Column
off (mm) off (mm)} {mm) {mm) Longitudinal Lateral Lateral
1 900 - - - - - - -
2 900 450 450 900 - 2 2 -
3 - . : - 600 . i 1
4 - - - - 600 - : 2
) 900 530 400 930 500 2 P 2
Frame. — :]
] l Ul“ I ”l ‘[ I load conirel =————— displacement control 55y;
SBY r 2 H
ing _—= | o1=2700kgt/cm 5§ '
RoTler bearing ﬁ” [ l III[}H] 58y (allowableg(ensilﬂ steength | yield ol 45 Y '
. I . 48y I during eanthquake) reinforcing bar Y !
Qi1 jack 100 tenf Actuater 35¢F 3by :
5" L o1a180Ckgt/cm? 26y .
25y ' {allowabls tensila '
B = Sy [ strength} !
E crackin
= AN
18]
g Specinen a v V V
N =
7 High strength steel bar By [ .
—— { ¢ =37mm) 28y + ;
—] & 36y F H h
48y r ot : allowable lensile strengih of reinforcing bars : \
Floor L1 |§ S8y r :
£ 68y b By : displacement
T 1 t T
bed wo | o | oo lod o |

Fig. 3: Loading Apparatus and Pattern

Shape and Sizes of Specimens

2 and Table 1.

damaged the cut-off and base of column; the damaged portions were then repaired with mortar and

Dimensions of specimens are shown in Fig. For the No0.5 specimen only, we

the cracked portions filled with epoxy resin and bonded carbon fiber, to assess performance after an

earthquake.

Test Method

In the loading method. horizontal cyclic loading was given at the top of column while applying
an vertical loading (6kgf/em?) corresponding to the reaction to the dead load of superstructure. The
loading pattern is shown in Fig. 3. §, in the Figure represents the horizontal displacement of the top

of the pier column due to the yielding of the reinforcing bars at the base of column.

Test Results .

Test results are shown in Fig. 4 and Table 2. Here, we defined cracking as when visually noticeable
appear cracks, yielding as when the reinforcing bars in the longitudinal direction on the tensile side
have yielded, and the ultimate state as when concrete fails or carbon fiber is ruptured.
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Table. 2: Results

Spec.

/]
s oo =0 //DISPLACEM}:NTM-:
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—15

48y 3% 28y O

Cracking Yield Ultimate Max Load Ductility Failure
No. Rate Type

Load  Displ. Load  Displ. Lead Displ. Load Displ. I '

c Py 63,- Pu u Pmax max

(tonf} (mm) (tonf)  (mm) {tonf}  (mm} (tonf)  (mm)
1 2.8 2.6 104 20.6 11.5  61.7 11.5 61.7 3.0 Bending
2 2.9 2.8 126 276 134 113.0 13.9 553 4.1 Shear
3 25 1.9 13.0  26.2 145 1310 139 321 5.0 Bending
4 3.0 2.2 11.9 220 155 2442 15.5 244.2 111
5 35 2.2 10.0 223 10.7  111.7 145 638 3.0 Bending
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Fig. 4(a): Results Fig. 4(b): Results
Specimen No.l Specimen No.5
Bending failure at the cut-off Bending failure at the base of column

The failure position of the V0.1 specimen was at the cut-off portion of the reinforcing bars, while
the failure position of the .No0.2 specimen shifted to the base of column. Thus it would appear that
bending yield strength can be enhanced by bonding carbon fiber in the longitudinal direction.

The No.2 specimen suffered bending shear failure, but this changed to bending failure for the
N 0.3 specimen, where the carbon fiber was wound in the direction of stirrups.

For the No.3 specimen, which had a amount of strand equivalent to one sheet wound around
the base of column, failure was due to bending, and ultimate displacement was longer than the non-
reinforced ¥o.l specimen. The Vo specimen, which had two strengthning sheets in the lateral
direction of the base of footing. did not fail under loading up to the maximum capacity of the loading
device, Thus it was proven that deformation is improved by carbon fiber strengthening in the lateral
direction.

The No.5 specimen was repaired after deliberately damaging it as stated above. The failure
position shifted from the cut-off section to the base of column, failure itself was due to bending, and

ductility was improved.

Discussion
Effect of Reinforcement

The experiment showed that the failure position shifted from the cut-off part to the base of column
after bonding carbon fiber in the longitudinal direction, and that failure was due to bending when
carbon fiber was bonded in the rateral direction, establishing its shear strengthening performance.
Also, winding carbon fiber confines, the inner concrete and enhances the ductility of the bridge pier.

Energy Absorption

Generally, energy absorption improves as the area surrounded by the displacement of bridge
pier and acting force increases, and the pier becomes more resistant to earthquake. Fig. 5 shows
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Fig. 3: Energy absorption

energy absorption before and after repair. With respect to the same cumulative deformation, energy
absorption is slightly greater before repair compared to after repair. However the tilts are almost
parallel, and tilts do not change until 68, after repair, from which it can be said that energy absorption
did not fall until the ultimate state. From this, the present method was confirmed to be an effective
for strengthening against earthquake. Also, if parts damaged by earthquake are properly repaired,
energy absorption recovers to the same level as before and yvield strength also recovers. This method

is therefore considered to be excellent for strengthening following earthquakes.

USE OF CARBON FIBER STRENGTHENING ON THE
SUPERSTRUCTURE

The superstructure of highway bridges are subject to repeated and continuously loading over
long periods, lowering their durability against fatigue. We subjected a beam strengthened bonding
with carbon fiber to 2 million cyelic loadings, and then performed static loading tests and reviewed
the applicability of carbon fiber to beam members.

Shape and Dimensions of Specimens

Specimens were set up as shown in Table 3 for actual reinforced concrete and prestressed concrete
bridges. Shapes and dimensiens are shown in Fig. 6. Cracks were created in advance by applying a
bending load, and strengthening carried out by bonding two layers of 20em-wide, 0.1mm-thick carbon
fiber. The design load was set such that the reinforcing bars would reach the allowable tensile stress
(= 1,800kg f/cm?). Strengthening was originally to be applied to the whole area of the bottom surface
10cm inwards from both supports. However carbon fiber began to peel off at the interface with the
concrete of V0.2 specimen during static loading: therefore for ¥0s.3 to 5 an overlapped carbon fiber
portion was made at each end of bonding portion and the reinforcement area extended up to the end
of the beam member.
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Table. 3: Specimen of Beam Model

Spec.No. Strengthen with CF  Pre-Loading Structural Type Loading Type
1 PC Static
2 O O PC Static
3 O O PC Cyclic
(Allowable stress)
4 O O PC ' Cyclic
(Yield stress)
5 O @) RC Cyclic

(Yield stress x90%)

Test Method

Fatigue loading: Nos.3 to 5 specimens in I'ig. 7 were subjected to 2 million cyclic loadings
at 3 to < Hz. Particular attention was given o the stress of reinlorcing bars at the tensile side of the
section of specimen. Upper and lower limit loads for load management were controlled as shown in
Table 1.

Static test: Upon completion of fatigue loading test. we carried out static loading tests. Load,

displacement and strain were measured

Test Results

The test results are listed in Table 5. Values were calculated from the results of material tests.

Situation of Failure

Fatigue tests: No anomaly such as peeling-oft and rupture was found in V0.3, for which the up-
per limit load was set to design load (load-creating tensile stress in reinforcing bars = 1,800kgf/cm?),
or No.5, for which 90% of yield for reinforcing bars was used. In No.4, where the upper limit load was
set 1o vield load (load-creating tensile stress of reinforcing bars = 3,900kg f/em?), the carbon fiber
peeled off and the load dropped after about 28,000 cycles. At this point repeated loading of No.4 was
terminated. For non-strengthened specimens. the open cracks were widest on the bottom surface,
while cracks on the bottom surface of specimens were mostly closed. It appears that the occurrence of
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Table. 4: Conditions of Cyclic Load

Spec.  Upper level Lower level
No. Load Stress of Load Stress of
tensile-steel bar tensile-steel bar
(tf) (kef fem?) () (kgf fem?)
3 11.0 about 1800 3.0 about 0
4. 13.5 about 3900 3.0 about ("
) 7.3 about 3400 3.0 about 600

* : Stress by prestressing was also taken into account.

cracks on the bottom surface was restricted by the carbon fiber bonded to the entire bottom surface
area.

Static tests: In the N0.2 specimen. the bonded carbon fiber peeled off from the central part
to the left side of the specimen during loading up to 18.7¢ and the load decreased considerably. An
examination of the peeled carbon fiber revealed chips of bottom concrete stuck on. We considered
that deterioration, tensile strength and shear strength of concrete at the sticking interface are closely
linked with the peeling off process. In Nos.3 to 5. the carbon fiber peeled off in the middle but
remained fixed by supports at both the ends of member, so that the specimens resisted against load
in an unbonded state witil finally, the carbon fiber at the center rupturéd and failure occurred, Fig. §
shows the cracks after static loading in Nos.1 and 3. It can be seen that the cracks in V0.3 are more

scattered than in No.l(non-strengthening).

Displacement

Fatigue tests: Fig. 9 shows the displacement at the central part of the beam, periodically mea-
sured at each repeating cycle for the N 0.3 specimen. The displacement become larger as the repeating
cycles increased in all state of upper limit loading, lower limit loading and non-loading(residual value).
However, displacement tended to stabilize after about 10,000 cycles. This suggests a sufficient fatigue
durability for 2 million repeats. "

Static tests: Fig. 10 shows the relationship between the load of each specimen and the dis-
placement at the center in static tests. In N 0.3 both strength and displacement are much larger than

No.1{non-strengthening) even after fatigue loading. Compared to ¥o0.2 (without fatigue loading), dis-
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Table. 5: Results

Spec.  Fatigue Loading Static Loading Condition
No.
Upper Level {tf) Condition Yield stress Aax stress
expe.{tl) , expe.(tl) .
cule(f)  hatio wlen  Ratie
1 . _ - %i_? 0.98 ;:1‘3 0.97 Buding fatluer
; 14.5 13.7 ing ; 3T
2 - _ - 15.; 0.96 _28‘5 0.91 Peeling of CF (18.71f)
. . . 14.1 20.9 - ing of CF (18.7
3 11.0 Allowable No problem T 94 T 1.02 gi:g:i';og‘frchF((1{51:-'912)
K Q= - Peeling of CF - . 1LY Braking of C -
P 135 Yield (25.000 cycle) 151 w5 077 Prexins ofGF (1ed)
5 - Yield N 3.0 15.5 = Peeling of CF (15.5¢f
R x 90% Fo problem S0 100 o 090 e e CF((ljsjtf)]
| A
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Fig. 8: Cracks after Static Loading

placement increased slightly from crack occurrence load (7¢ f) to near the design load (11t f) indicating
the influence of fatigue. However. peeling-off of carbon fiber occurred at almost the same displace-
ment and maximum load values are almost the same, so there will be no problems even against cyclic
loading. In the case of No.5(reinforced concrete). the peeling-off of carbon fiber began just before
reaching maximum load; however a sudden drop in load was not seen, the maximum load was almost

the same as the analysis values, and the ultimate displacement was elongated.

Strain

Fig. 11 shows the strain distribution (during upper limit load) in the central section of the beam
during repeated loading of the N 0.3 specimen. Even though the repeated loading cycles increased,
the strain distribution on the section almost perfectly held a plane, thereby indicating that carbon

fiber bears the load without being deteriorated by fatigue.
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CONCLUSIONS

Use of Carbon Fiber Strengthening on the Substructures

>

We found that if carbon fiber is bonded in the longitudinal direction of a reinforced concrete
bridue pier, then the bending strength can be improved, the failure position can be shifted from the
cut-ofl position to bage of column. and if bonded in the direction of the stirrups. the ductility can
als be improved. In this report we calculated the number of sheets used for reinforcement such that
all of the acting shearing forces would be borne by the carbon fiber. We are currently counsidering
the resistance to shearing forces by a conbination of concrete, stirrups and carbon fiber {or greater

economy. We are planning to carry out verification tests for this economic approach.

Use of Carbon Fiber Strengthening on the Superstructures

Carbon fiber is not damaged at the design load level, is a strong strengthening material, and
provides strengthening even after repeated loading. The strength of members can be calculated using
conventional methods (converted to reinforced concrete). In the future, additional studies will be
required into the peeling observed during tests, as well as on effective fixing methods for end portions.

EXCEPTION PLAN OF CARBON FIBER STRENGTHENING
ON EXISTING PIER

The Keiyo-Highway is a part of the metropolitan area expressway network, and linkes Metropo-
lice Tokyo and Chiba Prefecture.(Fig. 12) It didn’t only help take care of the radial traffic disposal of
Metropolice Tokyo, but also contributed to the development of the Keivo-industrial area.
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Currently, the Keiyo-Highway'sdaily traffic volume(avarage) amounted to 100,000 vehicles, and
widening of road has become necessary because of countermeasure to traffic congeston. Bridges need
widening of substructures as superstructures widened, but there are occasions when it is impossible to
widen substructures because of adjustment load, adjustment area, and buried structures. In that cases,
strengthening of substructures is necessary to resist a dead load attended widening superstructures,
and live load. Moreover, construction noise must be kept low as adjustment houses stand roof by roof
by the road.

For the above-mentioned, we adopted Carbon Fiber Strengthening Method instead of RC lining
method.

Table. 6 showes parametrics of the bridge which is the object of strengthening this time, and Fig.
13 showes widening pier general view. Fig. 13(a}is Typical widening with RC. It needs reinforcing pile
and footing widening construction. (Existing foundation has piles about 33.5m length, we want the
construction cost to keep low, and it is impossible to widen foundation becouse of adjustment load.)
On the other hand, Widening with Carbon Fiber Strengthening does’t need any more reinforcing piles.
Figs. 14 and 15 showes Carbon Fiber construction detailes.

This construction will be started on July in this vear.

Table. 6: Parametrics

Bridge Name Keiyo-Highway Honmachi-Viaduct
Length L=166.2 m
Span 4@20.6, 4220.6

Superstructures 4-span coutinuous PC Box-girder bridges

Substructures Counterforted buttressed abutment x1
Wall type pier X7

Foundations Cast in place concrete pile (¢1000, Length=233.5m} x8§
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Fig. 13: General View

(b)Widening with Carbon Fiber Strengthening
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Shear Strengthening of Existing Reinforced Concrete Column
by Winding with Aramid Fiber
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SUMMARY

The authors have proposed a method to strengthen existing concrete structures by winding the columns
helically with aramid FRP(fiber reinforced plastic) tape considering the workability at the site.

To investigate the efficiency of FRP winding, loading tests of cantilever concrete columns were con-
ducted. Total of 8 specimens were made by winding with aramid FRP tapes around reinforced concrete
columns. The test results demonstrated that the proposed winding methods were effective to increase
shear capacities and flexural ductilities of the concrete columns. The evaluation of participation of wind-
ing FRP for shear capacity of concrete column was also discussed.

1. INTRODUCTION

In Japan as well as in other countries, there are many infrastructures that need to be repaired or strength-
ened. Most of these infrastructures are buildings and bridges etc. which were damaged by earthquakes.
Also infrastructures designed according to the previous code should be strengthened to conform with
the revised guidelines against earthquake loading,

Methods for shear reinforo ement of existing reinforced concrete columns include those using welded
wire fabric and mortar, or steel plates, or tie plates [1]. A method in which high strength fiber is wound
around columns has also been proposed, and the effectiveness of a winding method using carbon fiber
has been reported[2]. This winding method makes use of the material characteristics of aramid fibers that
are high strength, light weight and high durability and is expected the advantages of high strengthening
effect and good workabilities etc. This paper describes the results of basic experiments conducted to
ascertain the effectiveness of winding with aramid fiber for shear strengthening of concrete columns.

2. TESTING PROGRAM

2.1 Fiber Materials for Winding

The fiber materials for winding used in experiments were the
three varieties of "Braided tape”, "UD(Uni-Directional)
tape”(Photo. 1), and "Sheet". Braided tape is aramid fiber wo-

ven in braid form and is approximately 2 cm in width. UD tape S - UDtape

is a fabric woven in tape form using aramid fiber in the axial ”

direction and glass fiber in the transverse direction having a
width of approximately 7.5 cm. The quantities of fiber per
cross section of Braided tape and UD tape were the same at

Photo.1 Reinforcing materials

(1) Senior Research Engineer, R&D Division, Mitsui Construction Co.
() Research Engineer, Technical Research Lab., Mitsui Construction Co.
(m) Architectural Division, Sho-Bond Corporation
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307,200 deniers(1 denier=1 £/9,000 m), while Sheet was 7,630 deniers

per 1 cm width.

The material characteristics of the winding fibers are given in Table 1.
The tensile strengthes are the results of tensile tests on Braided tape and
UD tape impregnated with epoxy resin. UD tape being thin and wide in

Unit

1 tonf

= 9.81KN
1 kgffcm? = 0.0981 MPa

shape showed local rupturing at tensile test and test values were low, but

UD tape can be considered to have
-higher stmngth in actual winding con-

. .dition than in material tensile test.

Therefore, in calculating the shear ca-
pacity of strengthened specimens, the
material strength of Braided tape was
applied both to UD tape and to Sheet of
the same fiber quantity as Braided tape.

2.2 Specimens

A list of specimens is given in Table 2.
A tortal of eight specimens was fabri-
cated and the test parameters were
shear reinforcement quantity of exist-
ing reinforced concrete portion, quan-
tity. of winding fibers, and type of
winding fibers.

The existing reinforced concrete col-

umn was a cantilevered member hav-
ing square cross section as shown in

=4
e]
NI

o
o0

Shear span
a=025

D
3 .

==
-
-

4-D16

A Type D6

625

Test section
&

U[llt mm

Table 1 Characteristics of winding ‘materials
| © " |Braidedupe| UDuape
Tensile strength 5.58tonf 3.67tonf
Cross-sectional area . 0.345cm?
Table 2 List of specimen
Existing reinforced
Soecimen concrete Winding | Winding pitch
pectmen Flexural Shear material {mm)
reinforcement | reinforcement
AD D6@100 |None S
ABS-15 pw'=0.256%|Braided tape|@150
B-0 ' None _
BBS-15 4-D16 @150
BBS-10| P=1.27% ¢ 3@100 Braided tape}@ 100
BBS"S pw':0056% @50
BF-10 UDtape {@100™!
BS-10 Sheet @0*?

Specimen cross section
bxD=250x250

_Flexural reinforcement
Shear reinforcement@ 100

pw'=0.26%
BType 43
pw'=0.06%

Flg 1 Ex1stmg reinforced concrete

Table 3 Remforcmg steel materials test results

*1:same fiber quantity as BRS-10
*2:total fiber quantity is equal to BBS-10

Winding pitch x=15,10,5cm Superposing 4 to 5 layers
Braided tape,UD tape

Fig.2 Wound condition

Sheet

Table 4 Concrete materials test results

~ Compressive| Young's Splining
Part USCd Kind Yii:szr:ggm Ten:l?/{s;;eznglh Age strength modulus | strength
& @) fotem? | X 10%gtem?] kgflom?
Flexural reinforcement | P16 4535 6350 14 303 2.83 19.9
Sticar reicforcer. D6 | 3575 5157 21 317 |. 289 | 271
ear reinforcement . -
. ¢ 3 6040 6523 32 330 2.88 31.1
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Fig. 1, and there were the two varieties of
lifferent shear reinforcement quantities,
z.g, Type A (pw=0.26%) and Type B
pw=0.06%). The material characteristics
Of the concrete and reinforcing steel are
given in Tables 3 and 4.

T'ype A consisted of two specimens which
nave no reinforcement and Braided tape
wound around at a pitch of 15 cm, while
Type B consisted of six specimens which
have no reinforcement, Braided tape at 15-
, 10-, and 5-cm pitches, UD tape at 10-cm
pitch, and Sheet having the same fiber
quantity as BBS-10. ’

Winding around a column was done coat-
ing column surfaces with epoxy resin,
winding on fiber material, and impregnat-
ing with resin. Smoothing of concrete col-
umn corners before winding was not pro-
vided. As shown in Fig. 2, Braided tape
and UD tape were wound on helically, and
Sheets cut into widths of 16 cm bonded on
one layer at a time superposing 4 to 5 lay-
ers 5o as to have necessary fiber quantity.

2.3 Evaluation of Capacities of Specimens

The crlculated values of capacities of the
specimens are shown in Table 5.

The ratios of shear capacity(cQs) to flex-
ural capacity(cQm) of specimen A-O and
specimen B-0 are 0.93, 0.79, respectively.

The ultimate shear strength after winding
was calculated evaluating shear reinforce-
ment quantity by Eq. (1) and using
Arakawa's equation [4] conventionally
used in Japan. Here, evaluation of rein-
forcement ratio fpw was made by Eq. (2)
taking into consideration the difference in
Young's modulus of reinforcing steel and
winding fiber, and that all the winding fi-
bers at various heights did not necessarily
carry identical tensile forces. Tensile
strength fOwy was evaluated by Eq.(3) giv-

ing consideration to tensile strength reduc-

tion at corners {5].

Table 5 Calculated capacities of specimens

Existing reinforced concrete Wound column
Specimen
W aignaion] <O | @ [ <@ [ [ 2 Tear] o
@nd) | (on) | Qm | @ | iy |on)| Om
A0 01 | 0,93 |0-00] 000 {10.1]0.93
ABS-15 0.10] 9.92 [11.8]1.09
B-0 0.00] 0.00 | 8.6]0.79
BBS-15 ~ {0.10[9.92 [109] 1.00
BBS-10 | 10.9 |~ [014[1as8sl117[1.08
B IBBsS 8.6 | 0.7 I538[29.76]13.6]1.25
BE-10 0.15|14.88]11.7] 1.08
BS-10 0.15|14.88| 11.7] 1.08

<Explanations of notations>
cQm:Flexural capacity of existing reinforced concrete
cQs:Shear capacity of existing reinforced concrete
cQsf:Shear capacity after winding fibers

Note)Specified design strength of concrete

Fc=300kgf/cm?

Flexural capacity:

cQm=09atoy d/a

Shear capacity (Arakawa's equation [4]):

gmmeg R

Mooz
Qd

: Sectional-area of tensile reinforcement

0.23
cQs = {0.068;)‘ (l 80+F=) + 2.7,/Puﬁwy}bj

: Yield stress of reinforcement

: Effective depth of beam

: Shear span ‘

: Ratio of sectional-area of tensile reinforcement

: Concrete compressive strength

d : Katio of shear span

: Beam width
: Distance between compressive and tensile
reinforcement

Hydraulic jack Spectmen

Test section

Fig.3 Loading apparatus

Table 6 Loading rules

1 21 3 4 5 6 7

Deformation angle (rad)

1/400}1/200§1/130{1/100} 1/75| 1/50 | 1/25

Deformation (mm)

1.5613.1314.17] 6.25[8.33112.5}25.0
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pwOwy = pw'Owy' + fpwiowy (1)

fpw = 1/2 tpw' @
fowy =2/3 fOwy ' 3)
where

fpw : Equivalent shear reinforcement ratio of winding fiber

fowy : Tensile strength of winding fiber

fpw' : Shear reinforcement ratio of winding fiber

fowy': Tensile strength of fiber material

pv : Shear reinforcement ratio of existing reinforced concrete

owy' : Yield stress of shear reinforcement in existing reinforced concrete

2.4 Testing Method

The loading apparatus is shown in Fig. 3. A Hydraulic jack was used for cyclic loadings applied at the
top of the column. No axial load was applied. The rules for loading used are given in Table 6.

3. TEST RESULTS

Load-deformation relationships are shown in Fig. 4. With Type A, A-0 having no reinforcement failed in
shear after flexural yielding, while ABS-15 which had been strengthened showed no reduction in maxi-
mum load even at deformation of 1/25 rad.

Looking at Type B, B-0 having no reinforcement failed in shear before flexural yielding, while in the
case of BBS-15 wound with Braided tape at a pitch of 15 cm shear failure with rupturing of fiber occurred
after flexural yielding and load was reduced. The specimen BBS-10 wound at a pitch of 10 cm showed
flexural yielding failure, and although reduction in maximum load did not occur up to deformation of 1/
25 rad under positive loading, there was slight rednction at the final cycle in negative lnading. The
specimen BBS-5 wound at a pitch of 5 cm showed no reduction in maximum load up tu ihe final cycle,
and flexural yielding failure occurred.

The specimen BF-10 wound with UD tape showed no reduction in maximum load up to the final cycle
and flexural yielding failure occurred. The specimen BS-10 strengthened with Sheet indicated properties
similar to BBS-10 and BF-10 under positive loading, but fibers broke at cormers at deformation of 1/33
rad under negative loading and maximum load was reduced.

Envelopes of Types A and B wound with Braided tape, and of different varieties of winding material
types are shown in Fig. 5. The envelopes of Type A and B wound with Braided tape show maximum load
strength to be raised with increase in winding fiber quantity, and it can be seen that deformation capabil-
ity is increased. The envelopes by varieties of winding material types are for comparisons of specimens
containing equal amounts of fiber, and although there are hardly any differences under positive loading,
there are reductions in maximum load with Braided tape (BBS-10) and Sheet (BS-10) under negative
loading. :

The final failure condition is shown in Photo. 2. Specimens which showed shear failure were the three of
A-0, B-0, and BBS-15. Although in the case of BBS-15 fiber broke at corners, breaking of fiber did not
occur in other specimens reinforced with Braided tape. With BBS-10, depressing concrete at corners by
fiber material was observed. In contrast, this was not seen with BF-10 using UD tape and BS-10 using
Sheet and it is considered the restraining effects on concrete were greater than for the case of Braided
tape (BBS-10). However, with BS-10, the sheet material ruptured from near column base corners to
upward direction at the ultimate stage.
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A-UQ F
o reinforcement)

.

B-0 ]
No reinforcemen

Photo.?2 Failed conditions

The test results are given in Table 7. All
specimens showed hardly any difference in
the loads when first cracks in bending and
shear were initiated. Flexural yielding loads
were approximately 13 tonf for all speci-
mens, while a tendency was seen for maxi-
mum loads to be increased as the amount of
winding material increased. The specimens
of which the ratios of shear capacity after
winding fibers to flexural capacity are
greater than 1.00 showed flexural failure
with ductile deformation.

4. DISCUSSION

4.1 Maximum Load

The relationship between shear reinforce-
ment quantity(pwOwy) and maximum
load(cQu) is shown Fig. 6. Shear reinforce-
ment quantities were calculated based on
Eq.(1). .

Specimens with pwowy less than 18.3 failed

Table 7 Test results

Firstcrack load | Fiexural |Maximum
Specimen| Flexural{ Shear {yiclding lead load Failure mode
(onf) | (onf) | eQy (ionf) | cQu (tonf)
S T
ABS-15 32 5?1 -11?1.; -11!;'; BD
I e e
3515 | 35 | 55 | no | aos |P0SDCD)
wsto | 55 | s | o | aes |
w55 | 3¢ | ex | s | aso [P
300 | 5y | ga | oo | ass [P
i N I T I

Upper:positive loading  Lower:negative loading

<Failure mode>

BD:bending failure SD:shear fuilure CD:fiber breakage
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n shear and maximum load increased with in- Q (tonf)

rease in quantity of winding fiber. Specimens of 25 - T T
ywowy 18.3 or over showed flexural yielding fail- | . AD GUIdﬁh“C}"quathﬂ
ire, and maximum loads were more or less con- 50 | Shear failure ’

stant. Calculated values by ALY Guideline equa-
ion [6] and Arakawa's equation [4] were also indi-

sated in Fig. 6 for comparison, but effectiveness of 15 |

iber winding could not be discussed quantita-
ively, because the number of specimens showing
shear failures were few. On the other hand, the
naximum load of specimens failed in flexural
yielding was approximately 14.7 tonf which were
approximately 1.35 times the calculated value of
flexural capacity. This is considered to have been
because concrete at the compression side was re-
strained by the winding fibers, but further studies
are still needed regarding details.

4.2 Deformation Capacity

The relationship between shear strengthening
quantity (pwowy) and ultimate deformation angle
of specimen (Ru) is shown in Fig. 7. Ru increased
according as pwOwy increases. Specimens: of
pwowy 12.1 or higher did not show any reduction
in maximum load even at deformation of 1/25 rad
when testing ended, and it can be considered that
deformation capacity will be even greater. There
was a tendency for compressive strain of concrete
at the ultimate state to become greater as the
amount of winding fiber increased. Conse-
quently, it may be considered that the improve-
ment in deformation capacity due to winding is
not only because of an increase in shear capacity,
but also because of the contribution of the effect of
compressive ductility of concrete due to the re-
straining action of winding fiber.

5. CONCLUSION

The resulis obtained through the loading test on
reinforced concrete beams strengthened by wind-
ing with aramid fiber may be summarized as fol-
lows:

(1) Shear capacities increased as the amount
of aramid fiber wound around columns
increased.

(2) Strengthening by fiber winding was also
effective in increasing compressive duc-
tility of concrete and improved deforma-
tion capacities of members.
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ALJ Guideline equation [6]:
Vu=b jt pw owy cot ¢ +tan® (1-B) b D v 68/2

¢ : Angle of inclination of shear crack to the axial
direction of member in truss mechanism

jt : Distance of between tensile reinforcement and
compressive reinforcement
0 : Angle of arch to the axial direction of member

in arch mechanism
B = {(1+cot* ¢ ) pwowy } /(v o8)

: Effective coefficient of concrete compressive

v
strength
g Ru= a!u/a ><11(.)'2 | t | ] 1
1
4L

Flexural yielding ifailurc ]

; ~O-Type A

: : i - TypeB | ]
T Shear failure. © UD upe
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In closing, the conclusions drawn here are based on the results of basic experiments for using aramid
fiber as shear strengthening of columns. It is further planned to conduct various experiments with quan-
tity of winding fibers and axial forces as parameters to more quantitatively evaluate strengthening effect.
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ABSTRACT

This paper presents case studies of the seismic retrofitting of
highway structures as part of their rehabilitation. These retrofit
activities were generally aimed at improving the seismic force
resistance of steel rocker bearings, bearing support, pin and
hanger systems, and pier columns with insufficient confinement. The
projects involved replacing the rocker bearings with energy
absorbing elastomeric bearing pads, linking the simply supported
spans (or suspended spans) to act as a continuous redundant
superstructure, and strengthening piers by jacketing.

The paper highlights the typical vulnerable details associated with
the majority of existing bridges, and current methods of
retrofitting each element in order to minimize damage and reduce
the potential of collapse during an earthguake.

INTRODUCTION

There are currently 19,560 bridges in New York state under the
jurisdiction of state and local bridge agencies. These bridges vary
in type, age, material and structural details. The original design
of the majority of these structures did not include the potential
for seismic loads. As a result, a major seismic event can cause
these structures to be seriously damaged, endangering public
safety, and interrupting wvital life lines, especially when the
damage to the structure is catastrophic. It has been the principal
objective of the retrofit measures to minimize the potential for
damage so that the structure remains functional even after the
seismic event, or requires only a temporary repair in order to
maintain functional life lines,

RETROFITTING POLICY

Economic constraints preclude immediately retrofitting the entire
population of existing bridges. Therefore, a retrofit progran based
on "priority" is necessary. The NYSDOT Interim Seismic Policy
outlines the prioritization guidelines for selecting candidate
structures for seismic retrofit. This retrofit work is
incorporated into the regularly scheduled rehabilitation of the
candidate structure. Pursuant to this policy, many rehabilitation
projects let during the past two years have included seismic
retrofit actions along with the regqular rehabilitation work.
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RETROFIT CASE STUDIES

The following three case studies discuss recent highway structure
seismic retrofit projects and show how the seismic failure
resistance of the substructures has increased:

CASE STUDY 1: North Bound I-87 Bridge over East River Road

This project included three bridges built in 1965, each consisting
of three simply supported spans similar in design and detail. The
project is located near Exit 24 of Route I-87, 130 miles south of
the Canadian border and 200 miles north of New York City. A
typical bridge is shown in Figure 1. The bridge has a skew of 35
degrees, a normal width of 33’-2" (fascia to fascia), and carries
two one-way travel lanes. The total length of the bridge is 152
feet, which includes three simply supported spans of 44, 54, and 54
feet. Each span includes five 33WF 118 rolled beams with partial
cover plates at the bottom flanges, spaced 7’/-6" on center. The
beams support an 8 1/2" thick concrete composite deck as shown in
Figure 1. All beams were supported on low, sliding-type steel
bearings. Substructures include two reinforced concrete piers
(three columns per pier), and two seat-type abutments. The
substructures are supported on spread footings on rock.

The following retrofitting measures were implemented to enhance the
redundancy of the structure by providing continuity:

1) Three spans were made continuous by splicing both top and
bottom flanges and the web. The flange splice plates were
extended as far out as necessary to accommodate the additional
stress in the vicinity of the proposed continuous supports.
Bolted connections were used for field splicing, (Figure 2).

2) Partial cover plates at the bottom flanges were bolted to
enhance the fatigue life of the welded ends of the plates as
per AASHTO specifications. These ends will experience stress
reversal due to continuity, (Figure 3).

3) Bottom flange splice plates were used as sole plates for the
proposed bearings because of the limited height available.

4) At the piers, the two lines of existing steel sliding bearings

were replaced with a single line of elastomeric bearings
placed at the centerline of each pier.
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I-87 N.B. OVER EAST RIVER ROAD
PIER COLUMN SEISMIC GROUP LOADS
CAPACITY (C) DEMAND (D)
. c/D
STRUCTURE | Paxia Mrans Mo Pogial Mians Miong
TYPE (K) (K ft.) | (X ft.) (K) (K ft.) | (K ft.)
Existing 193 154 238 135 108 167 1.426
Simply 376 122 246 128 41 84 2.934
Supported
Retrofitted 611 86 135 140 20 31 4.355
Continuocus 620 104 112 138 23 25 4.487

CASE STUDY 2: County Road 61 over the Barge Canal

This project involves a 593 foot long continuous bridge located
near Utica N.Y., in the central region of New York State. The
bridge, which was built in 1954 has a skew of 21 degrees and is 31
feet wide (fascia to fascia). The bridge is composed of four
spans. The spans are 120, 233, 120, and 120 feet long. Each span
consists of four built-up riveted steel girders spaced 8/-8" on
center (Figure 4). Pin-hanger details were used in the design of
the girders in the second and fourth spans to suspend part of the
length of the structure as shown in Figure 5. All girders were
supported on rocker bearings. The girders carry an 8 1/2" thick
concrete composite deck. The substructures included solid piers on
spread footings with no piles.

The following seismic retrofitting measures were implemented for
this structure:

1) Pins and hangers at the suspended portions of spans two and

four were replaced by bolted splice plates. (Figure 6)
2) Rocker bearings were replaced by multi-rotational (pot)
bearings.

3) Existing concrete deck was replaced by a lightweight exodermic

deck (60 pounds per sq. foot) to control the overstress in
the steel girders in the vicinity of the piers. (Figure 7)
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COUNTY ROAD 61 OVER BARGE CANAL

PIER COLUMN CAPACITY SEISMIC GROUP LOADS
(c) DEMAND (D)
c/D
STRUCTURE | Paxa Mians Miong Poial Mians Miong
TYPE (K) (K ft.) | (K ft.) (K) (K ft.) | (K ft.)

Cconc Deck 1331 5650 5987 1775 7529 7978 0.750
w/hinges

3532 19518 12077 1761 9729 6020 2.006
Lgt.Wgt. 1553 5983 6697 1615 6215 6957 0.998
Deck
no hinges 4340 | 21687 13751 1615 8083 5125 2.683

CASE STUDY 3: Route 29 over East Branch of Hudson River

The existing structure at this site is a 5-span, 5-girder bridge
with a 5-girder simple approcach span, carrying Rte. 29 over the
East Branch of the Hudson River (the Champlain Canal) in
northeastern New York State. Built in 1959, the bridge is 5367-6"
long and 36’/-11" wide, with a 160’ pin and hanger suspended center
span and 3 pile-supported piers 35’ high. The east end approach
span uses low sliding bearings; all the other bearings are of the
high rocker type.

Because of numerous fatigue-prone details, it was decided to do a
conplete superstructure replacement using 3 spans of 5 continuous
girders on multi-rotational (pot) bearings and a single 5-girder
approach span, supported on the west end on elastomeric bearings
and on the east end on a new integral abutment. The 3 existing
piers were retained to support the new structure (Figures 8 & 9).

The 3 piers to be retained were retrofitted to meet seismic
criteria by the addition of a one foot jacket of reinforced
concrete, secured to the sound concrete of the existing piers by
drilled and grouted ties (Figure 10).
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RTE 29 QVER EAST BRANCH HUDSON RIVER

The data collected, as an average of the bids for various elements,
indicate an increase in the rehabilitation cost of the structures
of 15% to 20% due to seismic retrofitting.

CONTINUITY:
COST PER SPLICE

PLATES & BOLTS:
PLATES, BOLTS,
REM EXIST. DIAPH,
PLATE AND REINSTALLING

COST OF RETRCFITTING

EXIST. DIAPH.

RESTRAINERS:
COST/PER SET OF
RESTRAINERS

$1900.00

$6300.00

$3750.00

PIER COLUMN SEISMIC GROUP LOADS
CAPACITY (C) DEMAND (D)
STRUCTURE P i Myans Mg Pyial Merans Mg c/D
TYPE (K) (K ft.) | (K ft.) (K) (K ft.) | (K ft.)
Existing Deck- | 7931 34749 11665 2631 | 11520 3867 | 3.016
Pier Conc. -
493 644 2403 2645 3456 12890 | 0.186
Retrofitt [ Deck- | 14123 | 48940 24067 3102 | 10745 5284 | 4.555
ed Conc.
Pier 3084 3130 17101 3192 3224 17613 | 0.971
Deck- | 14631 | 56938 22519 2853 | 11095 4388 | 5.132
LWT
Conc. 3524 4112 18075 2853 3328 14628 | 1.236
COST DATA




CONCLUSION

Seismic retrofitting, as part of the regular rehabilitation
program, is designed to provide increased assurance adainst
catastrophic failure due to earthquakes. The wide variety of
bridges built over a period of years requires development of a
variety of details, on a project to project basis. It is important
to examine each structure individually for a cost effective
approach. For example, New York State Department of Transportation
is currently planning work on projects which will need retrofitting
to relieve overstressed conditions for existing pile foundations
and to retrofit masonry piers for wuplift due to moderate
earthquakes.

351



I-87 N.B.OVER EAST RIVER

 RETROFIT

 FIG. 1 352

ELASTOMERIC BRG.(TYR)

Ve

_ 232" -
r B
e -
7-6
e S .
2 = | T
ot TRANSVERSE SECTION — OF
- 440 ‘E '54'—0;’ qu“ 54-0" .
6", 6"
L6 _7 6"—-:":—‘—
I | l
e AFTE FAYE F
STEEL SLIDING (TYR) |
~ EXISTING N
. 446 " '55‘;0‘; i 54-6" N
_ e e
£ CE[L E




A325-""#Bolts

Upstation

Bearing Assembly
[tem 565.1901 Q““—' ~|

€St

Y

Diaphragm
bracket clip
for flange
spﬁce plate

Masonry Plate
- Lood
Bevelled Splice Plate Mo+e

Steel
Lamingted

GFOde on 3" L Elastomeric
igSTrucTureT'm 8, | Bearing
AT! | | ! -
12Y/4"—"151/," 12V/4" TYPICAL ELEVATION
SPLICE PLATE AT PIER AT PIERS
Scale No Scale

- FIG. 2



— IISAE "

7
3" 3!1
EXISTING / 2V "
WF SECTION

%" # A325 BOLTS Lo
4n X VB" X 1:_2:: |?L
; |:r l M

¥
[

L }

8|/2|: X |3/'6 n X lf_zn FE J—W @’

e | FILLER R - SAME
THICKNESS AS
COVER R
SECTION A-A
SCALE : NONE

l A
EXISTING WF SECTION
y—j— 1/_211 1

2 1 |/2n | 3 5® g | 1 I/Z“ }
' l l 4n X 'VBn X 11_2n ﬂ’_
oL Ch [ {’f‘{FLANGE

|
<
FILLER B - SAME wl_ﬁﬁ
THICKNESS. S ——/{’-
COVER R
Vﬂ X |3/ "y 142" R EXISTING EXISTING
2 g FILLET WELD COVER R

L
BOTTOM FLANGE COVER PLATE RETROFIT

SCALE : NONE

F16. 3
3154



iCOUNTY ROAD 61 OVER BARGE CANAL

Frip® (oo o Cur)

Y e : s w;r‘: i. _-..,. MR \

.Z.‘.'Cg . Ay S _I_‘ Sle” ‘|_‘ . o '.‘Z_'.'é"L:

PROPOSED TRANSVERSE: SECTION - (LOOKING.~ SQUTH).



Sold

NOILYAZT3

356

/h .....

T T IT -- [T ICI T~

[ = [P ailivanmda?

WNYD 394vE HIAO 19 AVOY ALNNOD



FA T A LI A WP I S W g . [ g P

XPXZ ¥ ~2 ., KJ .
L7 %.‘\.\\M\\.X\V : . X 3 , :
A LB | &ﬁﬁ&QlN.

T N\ CHoHE TP e e *
~ D C I - WX2AXG S W ~2
w 2P L SFZAT T T buiperxy
1 . . .
-l - o { _G,.G y
Wo * ei,wM —— | _&A*
2//, \\ 6 L.Jr,.@ ) [ :w.é . N
16.0 -¢ N ¥ -
N N P ) )l s
Sl | aReee 27588 38
NS | Sgfe-eee S SR ING
O 9-6-0-0 Y o-o.m. o /orw
NN D 100400 / \3 0000 O
9 W o /1 R y
O3 |, Xy |oe00 \\ Ry °9°eo X v
\ Q/ N |00 00 \\ W 00 ¢ F/f‘
,VM@. .,oooo.\\\ %00@.@ A
W\ ,V/ Q-0 © O\ / LYY O..G..o..mu
0-0-0 7/ Ny, coo
: V. . )
Q..OIO\ ﬂ PI o0 6
: ' P I
coof | | YN oo
\ 0-0-0] | /\\w © 0-e /
o ool | 00 0
qm:!,- " , '
&
Y _ APXE £ %2
.\\\& u\nm | g E \.mu\.\\m.\%
B, . LR I A DL A L LA A LR L L i -
L et e e e e 2 O onro cyz
. ) .IJ\-.rh. d . \-\

&< ~27 ) : 4
Gousjenis X

RF & wepmror B 05X b I F
woyo L P ¥ \.\Q\\GUQM @:nv\.\\kn“ X7 &
oL Lo ¥ YORIO7 &) O-EI X XTI T

357



EXODERMIC BRIDGE DECK

Min. 3" Structural Concrete QOverlay

Epoxy coated
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Vertical Studs
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FIG.7
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SEISMIC ANALYSIS AND RETROFIT CONCEPTS FOR THE
BALLARD BRIDGE NORTH APPROACH

Umesh C. Vasishth' and Jay S. Jacobson?

ABSTRACT

Three different types of seismic analysis were performed and resulting retrofit
schemes developed for the Ballard Bridge in Seattle, Washington. The bridge spans
over the Lake Washington Ship Canal which connects Puget Sound to Lake Washington.

This paper presents the various analysis techniques performed and methods
proposed for the retrofit of the substructure elements of the north approach. These
consisted of attaching shear walls and grade beams to the bents, pier cap strengthening
and base isolation.

An analysis was first performed using an elastic seismic evaluation of the
structures dealing with capacity and demand ratios. Because of the resulting high cost
of retrofitting the bridge, a cost savings was realized by performing both a nonlinear
"Push” analysis used by Caltrans and developed by University of California at San Diego,
and a base isolation analysis.

Cost estimates for different types of retrofit schemes and their relative merits are
presented. The resulting cost savings and risks associated with the use of a nonlinear
"Push” analysis and base isolation are discussed.

INTRODUCTION

As part of a growing concern for the safety of the bridges in Western Washington
following two seismic events, the City of Seattle Engineering Department (SED) has
launched a seismic analysis and retrofit program. Their main objective is to have the
major lifeline structures functional following an earthquake, and prevent catastrophic
failure of as many bridges as possible, given a fixed budget. SED decided to make the
best use of the available funds by using state of the art technology.

The Ballard Bridge built in 1939 is one of the major structures spanning over the
Lake Washington Ship Canal in Seattle, Washington. As a result of in-depth discussions
with the several engineering firms and seismic researchers involved with the program, it
was decided that the Ballard Bridge would be retrofitted and considered the main lifeline
structure spanning the Ship Canal. Condition surveys of all the candidate structures also

1. President, Exeltech Engineering, 2627 A Parkmont Lane S.W., Olympia, WA 98502
2. Project Engineer, Exeltech Engineering, 2627 A Parkmont Lane S.W., Olympia, WA 98502
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played an important role in deciding which structure to retrofit and what retrofits to
perform. The work was then divided into three distinct segments: the north approach,
the south approach and the main bascule span.

Structure Description

The north approach of the Ballard Bridge consists of two different sections
(Fig. 1). The first section is a 5 span variable depth reinforced concrete T-beam
superstructure supported on multi-column bents (Fig. 2). The structure was widened in
1953 by adding variable width concrete box girders on each side of the existing
superstructure, supported on single columns. Both the original columns and the
columns for the widening are founded on individual spread footings, with the exception
of Pier 4, which is a wall type pier on a pile footing.

The second section of the north approach is a 4 span steel plate girder
superstructure with a reinforced concrete deck supported by steel transverse
floorbeams (Fig. 3). The superstructure is supported on double column bents
connected together at their tops with an arched concrete cross-beam. Their foundations
consist of individual pile footings at both columns.

The north approach is bracketed by the north abutment which is of wall and
pilaster construction on a spread footing, and the north bascule pier which is a massive
concrete anchor pier for the main bascule span.

The deck for the concrete section of the north approach is discontinuous at
several locations for expansion joints, in-span hinges and interfaces with the abutment
and north approach steel section. A drop-in suspended span exists in span 3, with in-
span hinges contained in spans 1 and 5. The deck for the steel section of the north
approach is discontinuous only at the north bascute pier and the interface with the
concrete section.

ite Geol

The subsurface conditions at the bridge site were derived from previous soil
borings performed for the original construction of the bridge in 1939 and from local
geologic maps. It was found that the north approach to the bridge lies on alluviat
deposits basically consisting of sandy, clayey silt with scattered organic matter which
overiie glacial deposits of gravelly sand with varying amounts of silt and clay. The glacial
soils are found approximately 5 to 10 feet betow the existing ground line.

Danger of landslides resulting from seismic activity is [ow due to the relative flat
topography of the bridge site. In the opinion of the geotechnical consultants, the alluvial
soils are relatively cohesive and the glacial deposits are dense, therefore, the liquefaction
potential in the area of the north approach is low.
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Seismic Analysis Parameters

Based on the relatively recent history of seismic events (the 1949 and 1965
earthquakes) and in accordance with AASHTO design specifications, all seismic
analyses were performed using a peak acceleration of 0.30g. This acceleration
represents a 10% probability of being exceeded in a 50 year interval. AASHTO soil
profile type 11 was used to characterize the soil based on the recommendations of the
geotechnical engineers.

The Importance Classification of the bridge is I, which represents a ‘lifeling"
structure carrying an emergency route whose use is deemed critical following a seismic
event.

Seismic Performance Objectives

The main objective of retrofitting the north approach was to prevent catastrophic
failure and keep the bridge functional following a seismic event. While a certain amount
of damage to the structure is acceptable, it should not threaten it's integrity or stability,
and should be readily repairable to keep it functional.

Architectural considerations, cost feasibility and construction practicality also
played a substantial role in determining which seismic retrofits to perform. The retrofits
not only have to be buildable, but should use the construction budget wisely. By
keeping an open dialogue with city officials, the desired seismic performance objectives
were met and the best interest of the community will be served.

SEISMIC ANALYSIS PROCEDURES AND RESULTS

The seismic analysis of the Ballard Bridge North Approach consisted of two
separate phases and three analysis techniques: elastic analysis, inelastic analysis and
base isolation. All three of these techniques are distinctly different in their methodology,
and each results in different retrofit schemes. It should be noted that although the
outcome of the analyses differ, all three have both merits and risks involved. The merits
and risks of a variety of schemes are being carefully considered by those involved before
a decision is made regarding which retrofits to perform.

Elastic Analysis

A multi-mode elastic seismic analysis of the "as-is" structure was performed by
Sverdrup Corporation as part of the original phase of work. This analysis involved
modeling the bridge three dimensionally using the MSTRUDL computer program and the
accepted conventional techniques of AASHTO and ATC 6-2. Several significant problem
areas in both the superstructure and the substructure were identified by the analysis and
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also by field observations made of the as-built structure. The capacity/demand ratios of
the critical structure elements were calculated in conformance with Ref. 2.

COMPONENT C/D RATIO
EXPANSION JOINTS & BEARINGS
Displacement - rpyq 0.4
Force - rps 0.4
REINFORCED CONCRETE, PIERS, & FOOTINGS
Anchorage of Longitudinal
Reinforcement - roy 0.3
Splices in Longitudinal
Reinforcement - rpg 0.1
Confinement Reinforcement - req 0.4
Column Shear - rg, 0.1
Footings - 0.3
ABUTMENTS - raq N/A
LIQUEFACTION - rg N/A

Insufficient bearing seat widths exist at Pier 5 and at the north bascule pier where
rocker type assemblies are used. This type of bearing assembly can be unstable for
longitudinal displacements, and if the seat width is too narrow, the girders could possibly
jump off of the pier cap if the bearings overturn.

A similar type of problem exists at the concrete drop-in sections within spans 1
and 3. One end of these drop-in sections contain expansion rocker type bearings, which
pose the same problems as mentioned above. Combined with the insufficient seat
widths at Pier 5 and the north bascule pier, there are four areas where excessive
longitudinal displacements may cause superstructure instability problems.

The steel superstructure section of the north approach is comprised of two main
longitudinal plate girders. The deck is supported on transverse floorbeams, which bear
on the two main girders. These transverse floorbeams have no positive longitudinal
support, and pose a stability problem should the deck experience large longitudinal
displacements. While this alone may not cause a catastrophic failure to occur, severe
damage to the concrete deck may occur.

The transverse bracing of the two main steel girders consist of 4 and § inch angle
members that brace the bottoms of the girders to the floorbeams, which are spaced
every 10 feet. The bottom flange lateral bracing consists of 3 inch angle members
forming brace points at 30 foot intervals. These members do not have adequate
capacity to transmit seismic loads through the superstructure.

The substructure columns were found to be deficient in several areas using
current seismic design standards. Bending and shear forces resulting from elastic
seismic loads are far greater than the column capacity. inadequate detailing of the
confinement reinforcement, lap splice lengths and development lengths of the main
column reinforcing steel eliminate the possibility of plastic hinges forming.
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Based on the criteria used in Ref. 2, fourteen retrofit concepts were developed to
improve the structure’s elastic seismic capacity:

1.

As-is Condition - This option considers leaving the bridge in it's "as-is"
condition and doing no retrofits. No cost is associated with this option, but
none of the problem areas are addressed. This option was quickly eliminated
from consideration.

Remove and Replace Transition Slab - The transition slab between the
original and widening portion of the concrete section would be removed and
cast back into place with proper dowel anchorage to each side. This retrofit
option creates a more positive connection between the original and widening
concrete sections so that they will act as a single unit. (Fig. 2)

Restrainers in the Concrete Section - Restrainer cables would be added
at the expansion end of the drop-in span 18 feet to the left of Pier 3. These
restrainers address the insufficient bearing seat width and instability of the
existing rocker bearing. (Fig. 4)

Longitudinal and Transverse Shear Walls - Transverse shear walls would
be added between the 3 original concrete section columns of Piers 1, 2 and 3.
In addition, a longitudinal shear wall would be placed between the center
columns of Piers 1 and 2, and another encompassing the center column of
Pier 3 with it's own independent footings. Their purpose is to increase the
shear capacity of the columns and essentially attract the seismic loads to a
portion of the bridge that will be designed for the necessary forces.

Transverse Shear Wall at Pier 5 - This transverse shear wall would be added
between the two columns of Pier § to increase it's lateral seismic capacity.

Transverse Shear Keys and Catchers - This involves adding transverse
shear keys and a catcher system to Pier 5 where the original concrete section
T-beams are supported. The expansion bearings at Pier 5 are the vulnerable
rocker type previously mentioned. The catcher system would prevent the
superstructure from becoming unseated should the rocker bearings topple
during a seismic event. (Fig. 5)

Catcher for Concrete Box - A catcher system would be added to the
widened section of Pier 5 to serve the same purpose as for retrofit option no.
6. (Fig. 6)

Longitudinal Girder Shear Connectors - This concept constitutes adding a
shear connector system to the tops of both main girders of the steel section of

369



the north approach. The main goal is to add stability to the floorbeam system
preventing them from toppling over under seismic loads.

9. Superbent at Pier 7 - A massive superbent system would be added at Pier 7
to considerably stiffen the bent. [t would act as the main transverse and
longitudinal resistance to the seismic loads for the steel section of the
approach. (Fig. 7)

10. Transverse Diaphragms - This involves adding stronger transverse cross-
bracing between the two main steel girders at Pier 5 and the north bascule
pier, and girder stop shear keys to positively tie the cross-bracing to the pier
cap. The transverse stiffness of the superstructure would be improved
significantly.

11. Longitudinal Girder Stops - At the proposed superbent at Pier 7, longitudinal
girder stops would be added to limit the amount of longitudinal differential
displacement between the superstructure and substructure.

12. Restraint System at Pier 5 - Much like retrofit option no. 7, a catcher system
would be added to increase the amount of longitudinal displacement the steel
girders can withstand without causing the span to fall off of it's support.

13. Expansion Joint Closure and Sidewalk Chord Strengthening - Basically
this option closes the north approach expansion joints and strengthens the
sidewalk section so that the bridge deck will act as a diaphragm for the bridge.

14. Restrainers and Catchers at Bascule Pier - A cable restrainer and catcher
system would be added to the north bascule pier to address the insufficient
bearing seat width and instability of the existing rocker bearing. (Fig. 8)

The construction costs associated with the above retrofit options were calculated and
tabulated for comparison. They include mobilization, 25% markup, 25% for contingency,
20% for pre-construction engineering costs and 15% for construction engineering costs.
It should be noted that Option 1 has been omitted for the purpose of this discussion
since it has subsequently been decided to have the Ballard Bridge be a main lifeline
structure.

Option 2 $ 263,000
Option 3 $ 76,600
Option 4 $ 464,300
Option 5 $ 74,700
Option 6 $ 65,200
Option 7 $ 12,200
Option 8 $ 125,000
Option 9 $ 688,800



Option 10 $ 66,700
Option 11 $ 22,500
Option 12 $ 11,800
Option 13 $ 132,400
Option 14 $ 28,900
Total $ 2,032,100

The benefit of this method of analysis is that if the structure is retrofitted to
withstand the seismic ioads elastically, it's condition following the design level event will
ikely be relatively undamaged and functional for vehicular traffic. The structure's
behavior will be in the elastic range, much like it is for other standard bridge loadings.
This results in larger factors of safety and less risk for those involved.

The disadvantage of this approach is that the ductility of the structure is not taken
into account. The retrofitted structure is stiffer than the original structure, attracting a
larger portion of the earthquake forces, and increasing the cost of retrofit.

Inelastic "Push” Analysis

After reviewing the results of the elastic analysis, the Peer Review Committee
headed by Parsons Brinckerhoff Quade & Douglas recommended that the Ballard
Bridge Approaches be re-analyzed using the "Push® analysis. This analysis was
performed on Pier 2 by Exeltech Engineering using the computer programs in Ref. 4. Dr.
Nigel Priestley performed a "Push® analysis on Pier 10 of the south approach
representing a typical bent supporting the steel superstructure. These two bents are
representative of the bents contained in the north approach, considering tributary length,
height and type of construction. The California State Department of Transportation
(CALTRANS) currently uses the "Push" method of analysis for seismic evaluation of
existing concrete bridges. It is a limit-state analysis method that uses the benefits of a
member’s available ductility.

The "Push" analysis consists of placing a lateral load at the top of the pier and
pushing it until all possible plastic hinges form, and the resulting forces, curvatures,
concrete strains, reinforcing steel strains, displacements at each plastic hinge location
and the lateral displacement capacity calculated. The displacement demand is taken
from a refined mult-mode elastic response spectrum analysis of the bent. The
displacement capacity is then compared against the displacement demand to evaluate
the ultimate ability of the bent to survive the design seismic event.

CALTRANS Special Analysis Section has developed several computer programs
to assist the engineer in assessing these values and tabulating them. Other structural
computer programs to perform these tasks do exist and are currently being developed
and tested. For the purpose of analyzing the Ballard Bridge approaches, the programs
developed by CALTRANS were used (Ref. 4).
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Most of the analysis criteria regarding concrete and reinforcing steel strain
capacities was based on Ref. 3. The final compressive strain in the concrete and
reinforcing steel, and the final tensile strain in the reinforcing steel were established. Due
to the light amount of confinement reinforcing in the columns, the final compressive
strain in the concrete was limited to 0.005. The final compressive strain in the column
reinforcement was confined to 0.002 since high compressive strains when the lap splice
is located in plastic hinge regions can cause the splice to degrade under cyclical lcading.
The tensile strain of the reinforcing steel was limited to 0.05. If the tensile elongation of a
reinforcing bar is too great, buckling can occur in compression when the applied load is
reversed.

Other factors considered during the °"Push" analysis include confinement
reinforcement, lap splice lengths, embedment lengths, lateral displacements, shear
capacity and footing capacity. The areas found to be deficient were then incorporated
into the model and the bent re-analyzed with these deficiencies in place to account for
the expected behavior. The resuits of the "Push” analysis performed on Pier 2 & 10 is
summarized as follows:

1. Confinement Reinforcement - The amount of reinforcing steel provided in
the column for confinement is taken into account when setting the limiting
value of compressive strain in the concrete. The confinement reinforcement
provided in the concrete section columns was considered light, #4 single
hoops @ 12" spacing. The stee!l section column confinement reinforcement
was somewhat better, but also considered to be light, #8 single hoops @ 18"
spacing. In both cases, the confinement steel spacing is constant over the
entire height of the columns. No confinement zones in the end regions were
detailed or accounted for. As a result, the limiting value of compressive stress
in the concrete was taken to be 0.005.

2. Lap Splice Lengths - The lap splices in all columns considered were found to
be acceptable according to the criteria presented in Ref. 3. Although the
confinement reinforcement was considered to be inadeguate, the compressive
strain in the concrete at the lap splice regions all were at or below 0.002.
Therefore, the danger of excessive longitudinal microcracking in the lap splice
region is minimal, and bond failure is not a concern.

3. Column Rebar Embedment Lengths - Using the larger of AASHTO 8.25.1
or 30 dy, as the criteria, the embedment lengths in the columns were checked.
The original columns in the concrete section of the north approach were all
found to be adequate. However, the embedment length of the columns in the
widening area were found to be deficient. To account for this, these columns
were considered to be pin connected at their base in the "Push" analysis
model. The steel section columns were well within acceptable parameters.
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4. Footing Capacities - The footings were checked for shear, moment and
bearing capacities. It was necessary to verify whether the plastic moment
capacity of the column could be developed. The existing footings were
checked to ascertain whether they can develop the column plastic moments.
The only problem area encountered was the lack of moment capacity of the
footings supporting the columns of the widened concrete section. The
footings contain bottom mat reinforcement only, and as a result the plastic
moment of the column cannot be developed. Since the columns were
considered pin connected at these locations, it was not necessary to make
any further adjustments to the "Push” model. However, this situation was
given due consideration during the retrofit development process.

5. Column Shear Capacity.- The column ultimate shear capacity was checked
against the plastic shear demand at the critical locations in each column. No
deficient areas were found. The tops of the columns were detailed as
longitudinal hinges where they connect into the superstructure. This was
achieved in the original design by stopping the column main steel at the
bottom of the superstructure, and providing short vertical dowels spaced
transversely to attach the column to the superstructure. The dowels provide
no longitudinal moment capacity. To be conservative, a check was made of
their adequacy to transfer the plastic shear force in a shear-friction situation.
All connections provided sufficient capacity.

6. Pier Displacement Capacity - After performing the final "Push" analyses on
Piers 2 and 10, the displacement capacities and demands were considered.
To introduce slightly more conservatism into the analysis, the displacement
demand was taken as the larger of that calculated by standard ARS methods
or that determined in the refined muilti-mode elastic response spectrum
analysis. Both values were relatively close (less than 1/2" difference). The
displacement capacities and demands were considered in terms of ductility by
dividing the displacements by the idealized yield displacement of the pier. The
capacities of the two typical piers analyzed were found to be within a
comfortable range.

Pier 2 : Displacement Capacity = 7.1"
Displacement Demand = 4.7"
Idealized Yield Displacement = 3.6"
Displacement Ductility Capacity = 2.0
Displacement Ductility Demand = 1.3

Pier 10 : Displacement Capacity = 5.8"
Displacement Demand = 4.4"
Idealized Yield Displacement = 3.4"
Displacement Ductility Capacity = 1.7
Displacement Ductility Demand = 1.3
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7.

Post-earthquake Vehicle Capacity - The north approach piers were
analyzed for their ability to support HS-20 vehicle loading using their
anticipated post-earthquake condition. The HS-20 vehicle was considered in
order to simulate an emergency vehicle. The displacement calculated by
equating the column P-A ¢apacity to the column plastic moment capacity was
compared against the "Push" analysis displacement demand. The P-A
capacity was much greater than the displacement capacity determined from
the "Push” analysis. Ultimately the piers contained sufficient post-earthquake
vehicle capacity.

Several seismic retrofit schemes were developed in order to address insufficient
details, scarcity of soils testing data and to improve the longitudinal response of the

system:

1.

Transverse Grade Beam at Piers 1, 2 & 3 - The five columns in Piers 1,2 &
3 will be connected at the groundline with a grade beam. In the event that the
soil does not have the assumed lateral capacity at every pier, the grade beam
will help develop the resistance required. In addition, the grade beam will
greatly assist in inducing the plastic hinges to form in the columns. (Fig. 9)

Pier 4 Shear Stop and Footing Reinforcement - The top of Pier 4 is detailed
as a hinge. However, no transverse restraint is provided. Shear keys should
be added to provide the necessary lateral restraint. In addition, it would be
beneficial to add a top mat of reinforcing in the footing to strengthen it to carry
the larger loads that could result from the shear blocks becoming engaged.
(Fig. 10 & 11)

Pier 5 Post Tensioned Cap Beam - This option consists of core drilling
through the existing pier cap and post-tensioning it to increase the shear
capacity. Plastic hinging will effectively be forced into the tops of the columns.
The details of this pier are similar in nature those of the south approach,
therefore it is necessary to retrofit them similarly. (Fig. 12)

Longitudinal Shear Walls at Pier 3 - This involves adding longitudinal shear
walls at Pier 3 to strengthen the concrete section of the approach for
longitudinal response.

Cap Beam Reinforcing at Piers 6, 7 & 8 - This option basically contains the

same retrofit as option 3. It consists of drilling through the existing pier cap
and post-tensioning it to increase the shear capacity.
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6. Longitudinal I-Beam Bracing - The main goal of this option is to add stability
to the floorbeam system preventing them from toppling over under seismic
loads.

The construction costs associated with the above retrofit options are given in the
following table: .

Option 1 $ 81,000
Option 2 $ 23,000
Option 3 $ 13,000
Option 4 $ 90,000
Option 5 $ 39,000
Option 6 $ 76,000
Total $ 322,000

These costs include the same mobilization, markup, contingency, pre-
construction engineering costs and construction engineering costs as for the elastic
analysis retrofits.

The benefit of this method of analysis is that the estimation of the structure’s
seismic capacity includes the contribution from inelastic action, taking advantage of the
member’s ductility. The important factors are accounted for in the capacity calculations
resulting in a more economical and streamlined analysis. As a result, the retrofits tend
be less extensive and more cost effective.

it should be noted that this is not a 3 dimensional analysis. The relative
stiffnesses of the different piers and rotation of the unit as a whole are not taken intoc
account, nor is the combination of transverse and longitudinal forces. It is not
considered to be a conservative analysis.

Base Isolation Analysis

A separate analysis was performed by Sverdrup Corporation on the Ballard
Bridge Approaches investigating the effect of isolation bearings on the seismic response
of the bridge. In general, isolation bearings rely on energy dissipation through yielding of
a lead core to dampen the superstructure forces that are transmitted to the substructure.
The seismic loads can effectively be redistributed for greater control of where the critical
points will occur. The analysis of the north approach was made with the assistance of a
computer program developed by the isolation bearing manufacturer (Ref. 7).

The isolation bearings significantly changed the response of the structure by
reducing the forces transmitted to the piers from a plastic level to an elastic level. The
seismic displacements increased as a result of the isolated structure having more
flexibility, but it should be noted that a large portion of the displacements occur through
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the bearing and not from deformation of the pier. The seismic demand was reduced to a
satisfactory level. Other than replacing the existing bearings with the base isolation
bearings and related modifications, no other seismic retrofits were necessary. The
construction costs for retrofitting the north approach with the new bearing system varies
from pier to pier because of modifications needed to the piers in order to fit the isolation
bearings.

Piers1,2&3 $ 278,000
Pier 4 $ 117,000
Piers 5,6,7 .8 &

No. Bascule Pier $ 294,000
North Abutment $ 274,000
Total $ 963,000

The main advantage of using the base isolation bearings is the significant
reduction in force transmitted to the substructure (in order of magnitude of 3-5 times
less), thereby minimizing the demand on the members and allowing for greater
displacements. The damage resulting from a seismic event will effectively be limited.

The costs related to replacing the existing bearings can be quite substantial.

COST COMPARISON

In comparing the costs of retrofitting the north approach to the Ballard Bridge
using the three distinctly different methodologies, a sizable savings was realized by
exploring alternative methodologies to using an elastic analysis. For the "Push” analysis
and base isolation retrofits, $480,200 worth of superstructure and standard substructure
retrofits consisting of ties and seat extensions are added. These retrofits are listed
among the elastic analysis retrofits (options 2,3,6,7,11,12&14). They represent the
minimum amount of upgrades needed to avoid a catastrophic failure of the
superstructure.

Savings over
Construction Cost  Elastic Retrofits
Retrofits Resulting from Elastic Analysis $2,032,100
Retrofits Resulting from “Push” Analysis
and required superstructure modifications $ 802,200 $ 1,229,900
Retrofits Resuiting from Base Isolation Analysis
and required superstructure modifications $ 1,443,200 $ 588,900

By using the "Push" analysis, the cost of the required retrofits was reduced by
more than haif from those determined from the conventional elastic analysis. The base
isolation type of analysis also performed resulted in nearly a 30% savings over the
original elastic analysis retrofits. While these two alternate methods did not eliminate the
need for seismic retrofits, they substantially reduced the amount of retrofitting required,
resulting in the significant savings.
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NCLUSION

This paper summarizes and compares the results of three methods of seismically
analyzing and retrofitting the north approach structure tc the Bailard Bridge. The
importance of this bridge as a main lifeline structure prompted those involved with the
project to carefully consider all options available with regard to which analysis and retrofit
methods to use.

It is important, however, to realize that more risk is involved using the newly
developed "Push" analysis or the base isolation system. The advantages and
disadvantages have to be carefully weighed against the amount of risk that the engineer
or owner is willing or able to take.

Some members of the Peer Review Committee are recommending using the
"Push" analysis for the retrofit of Piers 1 through 5, and base isolation for Piers 5 through
9. The results of the "Push" analysis show that the structure can withstand the seismic
demands, but there is no significant factor of safety. The possibility of substantial
cracking and damage exists. The concrete approaches are over land, and if
considerable cracking does occur, they can be quickly shored and made functional.
Conversely, the steel spans are over water, making quick repairs and strengthening
difficult should major cracking and damage occur. The cost will be not be significantly
higher than that from the retrofits for an entire “Push” analysis.

It was mentioned in several meetings that ATC 6-2 (Ref. 2) should be revised. It
tends to be conservative and results in costly retrofits.
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Bridge Retrofit Analysis and Earthquake Damage

L.H. Sheng!, S. Mitchell2, and C.V. Ho3
Abstract

The Califormia Department of Transportation (CALTRANS) initiated the single
column retrofit program after the 1986 Whittier earthquake. After the 1989 Loma
Prieta earthquake, a bridge retrofit program was established for all publicly owned
bridges. Initially, all retrofit analyses were based on the traditional strength reduction
approach in determining the demand/capacity ratio. In recent years, a static push-over
method has been incorporated to investigate the structures' ductility capability. In this
paper, three bridges are investigated for damage caused by various earthquakes, One
bridge totally collapsed during the 1971 San Fernando earthquake, the second bridge
suffered minor damage at the time, and the third bridge was damaged during the 1989
Loma Prieta earthquake. Nonlinear structural analyses are performed to identify the
cause of the damage. Further studies with current structure retrofit analysis guidelines
are performed. Results from the retrofit analyses are then compared with bridge
damage to validate the current analytical methods.

Background

The California Department of Transportation began the structure retrofit project
after the 1971 San Fernando Earthquake. The Phase 1 hinge retrofit was completed in
1986. At the same time, we were trying to develop a retrofit analysis strategy. After
performing a number of nonlinear dynamic analyses, it was concluded nonlinear
analysis is too time consuming for bridge retrofits, The nonlinear analyses required
much more effort in the input of complicated parameters and sorting out the data from
huge results files.

By comparing the results from nonlinear dynamic analysis to the regular
response spectrum analysis, we find that the bridge dynamic response is bound by the
tension and compression models. The bridge frame response to the dynamic load is
either by itself (tension model) or is pushed by the adjacent frame (compression
model). Consequently, this approach has become the basis of retrofit diagnostic
analysis.

I Senior Bridge Engineer, Office of Earthquake Engineering, Division of Structures,
California Department of Transportation, Sacramento, CA 95816.

2 Senior Bridge Engineer, Office of Earthquake Engineering, Division of Structures,
California Department of Transportation.

3 Civil Engineer, Office of Earthquake Engineering, Division of Structures, California
Department of Transportation.
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Retrofit Analysis

The first step in the retrofit analysis is the diagnostic analysis. A Caltrans
standard response spectrum analysis is performed to determine the dynamic strength
demand from the design spectrum. If the ductility demand from this analysis is lower
than the existing columns’ ductility capacity then there is no need to retrofit the existing
bridge. Otherwise, bridge computer model will then be modified for tension and
compression models to determine the maximum strength demand.

There are two factors that make retrofit analyses more difficult than regular
design analyses.

1. Existing structure layout and boundary conditions.
2. Unknown material strengths after aging.

These factors are typically encountered when attempting to reproduce as-built
behavior in the lab. Engineers usually do not know the exact structure geometry layout
and material strength. Items that must be considered include: actual column length
after backfill, abutment stiffness, footing stiffness, and actual concrete and steel
strength. The as-built contract plan is the only document an engineer can rely on.

After the column retrofit program began, we gradually noticed that the
traditional strength demand approach had a tendency to be conservative. In some
particular cases, there is so much retrofit work that needs to be performed that it is
more economical to replace the whole structure. To reduce the required retrofit work,
a more rational analysis approach was needed. In 1990, we began to review our
analysis methods and to try to correlate the results with actual earthquake damage
experienced by bridges. In this paper, we will review three bridges that had been more
or less damaged by various earthquakes. Traditional response spectrum analysis, non-
linear time history analysis, and the push-over method were used to correlate the
damage seen after earthquakes. The influences of the cracked and gross section
properties are also investigated.

Los Angeles Aqueduct (Foothill Blvd.)

Bridge description

The Los Angeles Aqueduct is a continuous, three span, reinforced concrete box
girder bridge (figure 1,2), and is located to the North of the intersection of Balboa
Boulevard and San Fernando Road. The Abutments and the 2 column bents are skewed
about 520, Abutment 1 was above and very close to the wall of a rigid frame
underground structure. The structure is about 4 kilometers from the Sierra-Madre-San
Fernando Fault.
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Damage report

This bridge suffered little damage during the 1971 San Fernando earthquake.
There was cracking and spalling at the west wingwalls and the fill and structure settled
about 1 foot. This settlement did not appear to cause damage to the superstructure and
columns.

Structure analysis

The BAG program was used to generate both the CALANSR and STRUDL
input files. The superstructure is modeled with linear elements while columns are
modeled using the inelastic beam column elements. The inelastic elements consider the
bending moment to be uniform over the entire length. The abutments are modeled with
gap friction elements. The gap friction element is oriented in such a way that its X axis
coincides with the bearing plane. This computer model is shown as figure 3. The
column's gross and cracked moment of inertia were calculated as 14 fi4 and 4.24 ft4.

The structure was loaded with strong motion data from Pacoima Dam recorded
during the San Fernando earthquake. The spectrum is depicted in figure 4. The bridge
and the Pacoima Dam strong motion instrument site are about 6 miles apart and both
are located in the near field region of the San Fernando earthquake source,

Analysis results

The vibration modes from STRUDL and CALANSR models are compared as
follows:

STRUDL CALANSR
Mode  Uncracked Cracked Uncracked Cracked
1 0.20 0.22 0.20 0.22
2 0.11 0.12 0.11 0:12
3 0.07 0.09 0.07 0.10

It is somewhat surprising to see the cracked and uncracked column moments of
inertia did not affect the response of the first 2 modes. This is due to the stiff
superstructures interaction with the abutment dominating the response. The linear time
history analysis reaches the maximum response (force or displacement) at 6,22 seconds
while the nonlinear time history analysis reaches the maximum response at 8.22
seconds. This difference is due to the inclusion of a gap at the abutment in the
nonlinear model. The nonlinear analysis also shows a higher response when compared
to linear analysis. The elastic response from all analyses seem to be consistent with the
damage reported after the earthquake.



Rte 5/405 separation (Truck Lane)

Bridge description

The Route 5/405 Separation is located approximately 2 miles West of the City
of San Fernando and 1.6 miles from the Sierra Madre-San Fernando Fault. This is a
cast-in-place prestressed concrete box girder bridge with two 177 feet spans on a
curved, skewed (38 to 45 degrees), alignment (figure 5). The bridge is supported by
two rectangular columns that are 29 feet in height and on spread footings.

Damage report

This bridge collapsed during the 1971 San Fernando earthquake. The columns
were completely shattered (figure 6) causing the superstructure to break into three
pieces (figure 7) as it fell. The structure was a complete loss and was immediately
demolished and removed.

Structure analysis

The BAG program was used to generate both the CALANSR and STRUDL
input files. The modeling technique is the same as for the Los Angeles Aqueduct
discussed above. This computer model is shown in figure 8. The column’s gross and
cracked moments of inertia were calculated as 34.5 ft4 and 27.6 ft4 in the longitudinal
direction and 22.0 ft4 and 19.4 ft# in the transverse direction.

The structure was loaded with strong motion data from the Pacoima Dam
recorded during the San Fernando earthquake. The bridge and the Pacoima Dam
strong motion instrument site are about 6 miles apart and both are located in the near
field region of the San Fernando earthquake source. The strong motion data was
rescaled following the peak horizontal acceleration attenuation equation with a factor of
1.25.

Analysis results

The vibration modes from STRUDL and CALANSR models are compared as
follows:

STRUDL CALANSR
Mode  Uncracked Cracked Uncracked Cracked
1 0.50 0.50 0.49 0.49
2 0.41 0.43 0.41 0.43
3 0.38 0.39 0.38 0.38
4 0.19 0.19 0.19 0.19
5 0.17 0.17 0.17 0.17
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Like the Los Angeles Aqueduct Bridge, different cracked and uncracked
moments of inertia of columns did not greatly affect the response of the first 5 modes.
The linear time history analysis reached the maximum response (displacement or force)
at 6.22 seconds while the nonlinear time history analysis reached the maximum
response at 8.36 seconds. This is similar to the Los Angeles Aquaduct bridge. The
linear time history analysis also shows a moment demand larger than column capacity.
This is consistent with the nonlinear analysis which shows columns yielding. Although
there is only a minor difference in first 5 structural frequencies between gross and
cracked sections, the maximum displacement from cracked section results is larger than
from gross section results.

There are three possibilities failure scenarios for this structure:

1. Flexure failure: As indicated above, the structure demands more column strength
than what it can carry. After reviewing the structures' damage report, it is unlikely
that this is the cause.

2. Shear failure: After detailed evaluation of the shear capacity of the column, both
linear and nonlinear analysis showed column shear demand exceeds the shear capacity
based on the current shear capacity recommendation from University of California,
Berkeley. A plane frame push-over analysis did not indicate a shear failure while a
moment ductility analysis did indicate a shear fatlure. This is likely due to the plane
frame analysis underestimating the cap stiffness or yielding prematurely. The moment
ductility analysis considered the column to be fixed-fixed. This structure will fail in
shear before a flexure failure occurs.

3. Axial failure: Based on the structures' damage report, it is likely that vertical failure
played a role in this structures' failure. A totally shattered column can only be caused
by a large vertical force. Because of the lack of vertical strong motion data, we did not
evaluate the vertical response of this bridge. It is likely that it started with a shear
failure and then collapsed due to vertical force.

Mococo Overhead Offramp

Bridge description

The Mococo Overhead Offramp is a continuous reinforced concrete slab bridge
supported on reinforced concrete pile extensions (figure 9) and is located on I-680 near
the East city limit of Martinez. The offramp is supported at one end with a pile cap
abutment and a fixed support at bent 61. where it transitions into the Mococo Overhead
structure. Bents 2 through 13 and 15 consist of 6 columns while Bents 14 and 15 are
composed of 5 columns. There are thermal expansion joints located at spans 6 and 11,
The structure straddles a drainage canal and is supported on a very soft peat with brown
clay sitting on top of sandstone and fine sandy silt.
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Damage report

This bridge suffered minor damage during 1989 Loma Prieta earthquake. The
column pile extensions at Bents 4, 5, 6, and 8 have cracks at the top, extending 2 feet
down from the deck soffit. Bents 2 and 3 have cracks from the ground up to deck
soffit. The hinge in Span 6 has spalls on the rail and the edge of deck on the inside of
the curve. The hinge at Span 11 has a crack in the deck on the outside of the curve.

Structure Analysis

The BAG program was used to generate both the NEABS and STRUDL input
files. In the NEABS model (figure 10), the top and bottom column elements were
modeled using the elasto-plastic flexural beam-column elements. Hinges were modeled
using nonlinear expansion joint elements. The cap normal bending moment of inertia
was calculated assuming an effective width of the column diameter plus 6 times the
deck thickness on each side of the column. Cap stiffnesses were modeled as in typical
Caltrans STRUDL models where Ix and [z are taken as 1000 times the normal bending
moment of inertia.

Column capacities were calculated based on nominal material properties of
fc' =3250 psi, fy=40 ksi, and ecu=0.003 as well as estimated material properties of
fc' =5000 psi, fy=50 ksi, and ecu=0.01. After applying the over-strength capacity
factor of 1.3 to the nominal column strength, the column moment capacity is 62.4 kip-
ft. The column moment capacity is 63.0 kip-ft for the maximum material property
condition. An effective fixity was calculated base on BDA (Bridge Design Aids) 12-
49,

The structure was loaded with strong motion data from the Richmond City Hall
parking lot (CSMIP station 505, figure 11) which contains data from 3 channels.
Analysis results

The vibration modes from STRUDL and NEABS models are compared as
follows:

STRUDL - Hinge Free NEABS
Mode  Uncracked Cracked Uncracked Cracked
1 1.40 3. 14 1.37 2.75
2 1.34 2.58 1.23 2.00
3 1.14 1.79 1.12 1.78
4 0.79 1.70 0.83 1.48
5 0.50 0.58 0.64 1.43
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STRUDL - Hinge Fixed NEABS
Mode  Uncracked Cracked Uncracked - Cracked

1 1.35 2.32 1.37 2.75
2 1.01 1.96 1.23 2.00
-3 0.52 0.61 1.12 1.78
4 0.46 0.51 0.33 1.48
5 0.30 0.34 0.64 1.43

Hinges free  : Longitudinal force released at hinge
Hinges fixed : Longitudinal force not released at hinge

Both linear and nonlinear uncracked models showed that plastic hinges formed
(figure 12). One unexpected difference is that the nonlinear analysis predicted larger
moments in the frame between Bent 12 and abutment 6L. The cracked model remains
elastic throughout the entire time history analysis. Both linear and nonlinear uncracked
models and linear cracked model showed similar displacements pattern (figure 13).

The column section properties used in the analyses greatly intluenced the
solution. Using uncracked cdlumn bending moments of inertia produced extensive
ytelding in the columns throughout the bridge while using cracked column bending
moments of inertia produced no yielding. This can be explained by comparing the
eigenvalue data of the different structure models.

Conclusion

Three bridges have been reviewed for earthquake damage and results have been
compared with damage reports. The traditional Caltrans dynamic analysis is adequate
to determine the strength demand for retrofit purposes. Because none of these bridges
has strong motion instrumentation installed, it is difficult to determine which model
will be better to estimate the structures displacement.

Figure |
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SUMMARY

This paper summarizes results of an ongoing investigation of the seismic vulnerability of
the Alaskan Way Viaduct. The Alaskan Way Viaduct is a cast-in-place, reinforced concrete
structure that runs for approximately 2.2 miles along Elliot Bay in downtown Seattle.
Approximately 1.7 miles of the viaduct has two decks. The double-deck structure was selected
for detailed evaluation because it is an important link in the region's transportation network, it is
underlain by deep deposits of loose hydraulic fills, it lacks the reinforcement details that are
specified in current codes and it superficially resembles double-deck viaducts that were damaged
during the 1989 Loma Prieta Earthquake.

Two approaches were used to study the viaduct's vulnerability to earthquakes. A three-
dimensional, linear model of the viaduct was developed and used to calculate capacity/demand
ratios for structural members using the procedures described in the Applied Technology Council's
"Seismic Retrofitting Guidelines for Highway Bridges" (ATC-6-2){1]. In addition, monotonic
pushover analyses were performed using two-dimensional, nonlinear models of the structure,
following the recommendations of Priestley et al. at the University of California at San Diego
(UCSD) [2]. Because the fill properties are highly variable, the investigators performed the linear
and nonlinear analyses for both pinned and fixed-base conditions. This case study provides the
opportunity to compare the results of the two assessment procedures.

INTRODUCTION

The Alaskan Way Viaduct is important to the economy of Seattle because it provides one
of only two North-South corridors through the city. An average of 86,000 vehicles use the
structure daily. The 2.2-mile long viaduct is located on land near the present shoreline of Elliot
Bay, but most of the alignment is offshore of the historical shoreline. From a geotechnical point
of view, the site selection was unfortunate because the structure is underlain by hydraulic fill that
was placed at the turn of the century. The structure's vulnerability is compounded by its structural
details, which are typical of construction in the 1950's and do not satisfy current code
requirements.

1Research Associate and Assistant Professor, Univ. Aut. del Edo. de México, Toluca, Me\lco

2Graduate Research Assistant

3 Assistant Professor

4Visiting Associate Professor and Associate Professor, University of Illinois, Urbana
5 Associate Profcssor
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To help decide whether and how the Alaskan Way Viaduct's earthquake resistance should
be improved, the Washington State Department of Transportation (WSDOT) asked the
investigators to assess the viaduct's seismic vulnerability. Though the structure contains many
atypical features, such as outriggers and offramps, only two typical structural units are being
evaluated initially. One unit is representative of the double-deck portion's northern half, which
was designed by the City of Seattle Engineering Department, and the second unit is typical of the
southern half, which was designed by WSDOT. This paper discusses only the assessment of the
WSDOT-designed typical unit.

The first two sections describe the typical WSDOT unit and its foundation conditions.
The next section presents the results of an evaluation of the structure using dynamic, linear
analysis, following the procedures recommended by ATC-6-2[1]. Then, the paper presents the
results of the nonlinear, static analyses and of the evaluation procedures proposed by Priestley et
al. [2]. The paper concludes with a discussion of the lessons learned from implementing the two
procedures.

DESCRIPTION OF TYPICAL UNIT

Longitudinal and transverse elevations of a typical WSDOT-designed unit are shown in
Fig. 1. The 184-ft unit has three bays (57, 70 and 57 ft) in the longitudinal direction and one 47-ft
bay in the transverse direction. A two-in. gap separates adjacent units in the longitudinal
direction. The road surfaces are 35.5 and 57.5 ft above the base of the columns.

Interior columns are 4 ft by 3.5 ft, and the exterior columns are 4 ft by 2 fi. In the
longitudinal direction, 7 ft-4 in, deep girders span between the columns, and 5-ft deep beams span
between the columns in the transverse direction. In addition, two interior beams per bay and four
longitudinal stringers support the 6.5-in. thick reinforced concrete slabs.

Over most of the column's height, the longitudinal reinforcement ratio is 1.1% for the
interior columns and 1.5% for the exterior columns. Counter to intuition, the column
reinforcement ratio increases to 1.7% (interior columns) and 3.6% (exterior columns) at the top
of the second story. Reinforcement details in the structure are typical of 1950's construction. A
short splice (20 bar diameters) located immediately above the pile cap connects the column
reinforcement to the starter bars anchored in the foundation. A second splice is located above the
lower deck. Transverse reinforcement in the columns is minimal, consisting of #3 hoops, spaced
at 12 in. on center. Longitudinal reinforcement in the beams and girders was selected to resist
moments induced by gravity loads, and typically, the positive moment reinforcement is not
adequately anchored in the supporting members. Open stirrups are used to resist shear forces in
the beams. No transverse reinforcement was placed in the beam-column joints.

The columns are supported on 3.5-ft thick pile caps and 18-in. diameter concrete piles.
The pilecaps have a mat of bottom reinforcement, consisting of #9 bars at 7.5 in. spacings in each
direction, but they have no top reinforcement. The tops of the piles are embedded into the pile
cap, but the depth of embedment is uncertain. No steel connects the piles to the cap.

Concrete with a compressive strength of 3000 psi was specified for all members except for
the pile caps, where the specified compressive strength was 2200 psi.  Reinforcing bars with a
specified yield stress of 40 ksi were used throughout the WSDOT-designed structure.
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SOIL CONDITIONS

The present alignment of the viaduct is largely located offshore of the original shoreline of
Elliot Bay. Between 1903 and 1928, large portions of the Elliot Bay tidelands were hydraulically
filled with soil by the regrading of Denny and Beacon Hills. These fills extend to depths of nearly
70 ft along the alignment of the viaduct. Along the northern portion of the viaduct, the fills are
underlain by dense, glacial till. Along the southern portion, a soft, natural tideland deposit lies
between the fill and the underlying till. A subsurface profile along the length of the viaduct is
shown in Fig. 2.
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Figure 2. Subsurface Profile Along Viaduct

The fill soils play an important part in the seismic vulnerability of the viaduct. Because
most of the fill was deposited by pluviation through water, the fill is loose and saturated (the
groundwater level is at a depth of about 10 ft over most of the length of the structure). Standard
penetration test (SPT) resistances are highly variable, reflecting the random nature of the material
and its placement, but average about 10 blows/ft (Fig. 3). A statistical analysis of the SPT data
showed no trends in variance with depth. Cone penetration test (CPT) results confirmed the
loose and variable nature of the fills. The results of downhole, shear-wave velocity test, using
both conventional and seismic cone techniques, were consistent with those of the penetration
tests; shear-wave velocities in the fill average from 400 fi/sec to 500 fi/sec.

The natural tideland soils that underlie the fill along the southern portion of the viaduct are
also loose and saturated. Though somewhat siltier than the fill soils, the penetration resistances
and shear-wave velocities are similar to those of the fill. The underlying glacial till is considerably
more dense. SPT and CPT resistances and shear-wave velocities increase markedly at the fill/till
border; the shear-wave velocity of the till reaches a value of 2,500 ft/sec at depths of 225 - 250 ft.
Tertiary bedrock depths vary from about 1,600 - 3,300 ft.

The soil conditions are likely to strongly affect the viaduct's seismic response. Therefore,
additional field tests and analyses are being performed to estimate the ground-motion
characteristics for the site, the potential for liquefaction and the foundation properties. Because
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these estimates will be accompanied by great uncertainty, preliminary analyses have focused on
standard response spectra and extremes of foundation rotational stiffness. The effect of
foundation translational flexibility has not yet been considered, but this effect may be important as
well. The piles were designed as end-bearing piles, and consequently, many extend only a few
feet into the dense till,

N (Blows/ft) CPT (tsD V, (fps)
00 50 100 150 200 0t) 100 200 300 400 500 600 00 20 400 600 800 1000
e T s
.| B EETURF SO AP SR 20 (e AR SR R

Figure 3. Measured Properties of Fill

LINEAR DYNAMIC ANALYSIS

The results of the ATC-6-2 evaluation are summarized in this section. The ATC
guidelines rely heavily on ratios of member capacities to demands (C/D ratios). Member demands
for each cross-section were computed with a linear, 3-dimensional, finite-element model of the
typical unit shown in Fig. 1. The capacities of the structural members were calculated using
material strengths equal to 1.5 times the specified the specified concrete compressive strength and
1.1 times the nominal steel yield stress, as suggested by Priestley et al [2].

The analyses were conducted for both pinned and fixed-base conditions. The longitudinal
and transverse seismic responses of the structure were considered independently, and member
forces induced by gravity loads were included in the analyses.

Description of the Structural Model

The finite-element model of a typical three-bay unit contains 956 spring, frame and shell
elements (Fig. 4). To compensate for cracking that was observed in the structures and for
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cracking that will occur early in the earthquake, all members were modeled using a moment of
inertia equal to one-half the gross-section value. The column stiffness was increased in the joint
regions by a factor of eight to simulate the increased stiffness of these regions. The commercial
finite-element analysis program ANSYS 5.0 was used for all linear analyses.

Spectral Response Curve
ATC-6, 0.259

a7

0§ Transverse, Fixed

854

9.49

Transverse,
Pinned
8.3

0.29

Max Acceix g

014

© T T T T
! 0 5 3 15 z 25

Period, Sec

Figure 4. ANSYS Finite-Element Model Figure 5. ATC-6 Response Spectrum

Results of the modal analyses are summarized in Table 1. The first-mode shape is
dominated by translation in the longitudinal direction for both the fixed and pinned-base models.
The second mode shape corresponds to translation in the transverse direction, and the third mode
is primarily torsional response. The choice of foundation fixity has a large influence on the
calculated periods of vibration. The periods of the first three modes for the model with a pinned
base are approximately twice the corresponding periods of the fixed-base model.

Table 1. Computed Modal Properties

|  Units | Model | Mode2 | Mode3 | Mode 4

FIXED-BASE STRUCTURE

Period sec 0.91 0.76 0.66 0.19
Spectral Acceleration g 0.46 0.54 0.59 0.39
Effective Mass (transverse) % of weight - 98.5 - - -
Effective Mass (longitudinal) % of weight 99.1 - 0.7 -
PINNED-BASE STRUCTURE

Period sec 2.02 1.63 1.45 0.202
Spectral Acceleration g 0.28 0.32 0.35 0.40
Effective Mass (transverse) % of weight - 99.0 0.1 -
Effective Mass (longitudinal) % of weight 99.5 - - 0.3
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During the geotechnical phase of this investigation, site-specific response spectra will be
developed. However, the initial analyses were conducted using the response spectrum specified in
ATC-6 for soft soils (Soil Type III). Consistent with the seismicity in the Seattle region, a peak
ground acceleration of 0.25g was adopted for the analyses. The response spectrum is shown in
Fig. 5.

Capacity/Demand Ratios

The ATC-6-2 evaluation procedures quantify the seismic wvulnerability of individual
members with capacity/demand ratios. Figure 6 shows calculated flexural capacity/demand ratios
for an interior transverse frame for both the fixed and pinned-base assumptions. For longitudinal
response, only the fixed-base results are shown.

The capacity/demand ratios for flexural response (Rg) were similar for the transverse and
longitudinal directions. Flexural hinges are expected to develop at both ends of the lower
columns when the base of the columns is fixed. If foundation rotation prevents yielding at the
base of the columns, flexural hinges are expected to develop at the top of the lower columns.
Calculated C/D ratios for flexure, Rgg, ranged from 0.3 to 0.7 in the lower columns. Flexural
hinges could also occur at the ends of the first-level transverse beams and longitudinal girders.
C/D ratios ranged from 0.4 to 0.8 at the ends of the lower-level beams and girders. Flexural
yielding of the upper columns was not expected because, in the second story, the C/D ratios
typically exceeded 1.2. The relatively low demands that were computed for the second-story are
reasonable. Analysis of the structure under gravity loads revealed that the column moments are
higher in the second story than in the first. (This explains why the longitudinal reinforcement ratio
is higher for the second story.) In contrast, the seismic moments are larger in the first story.

Capacity/demand ratios were also used to evaluate the susceptibility of the structure to
potentially brittle modes of failure. Figure 6 shows representative values for all of the ratios
associated with the evaluation of the details. Anchorage failure at the base of the columns is
reflected in R;. Anchorage failure of the beam reinforcement, a possibility not explicitly covered
by ATC-6-2, is quantified by Ry, The failure of the splices is considered in computing R, and
shear failures are described by R.y. Inadequate transverse confinement in the columns is
quantified by R¢; and failure of the footing is described by R

The anchorage length provided at the base of the columns is greater than the required
length. Therefore, the computed C/D ratios for anchorage, R.,, depended on the strength of the
footing and the foundation conditions. Specifically, the value of R, was computed as 1.3 times
the flexural capacity/demand ratio for the footing.. Consequently, R, was as low as 0.41 for the
fixed case, but was much large for the pinned case (R;, = 2.86 for transverse response). The
limited development lengths for the beam reinforcement resulted in R,y being as low as 0.40.

On the basis of C/D ratios, catastrophic splice failure was predicted by ATC-6-2,. The
splice length is too short, the amount of transverse confinement is insufficient, and the
confinement reinforcement spacing is too large. These three factors combine to produce C/D
ratios for the splices, R, for the fixed case that are all less than 0.05 at the bottom column splice.
In some cases, Ryg is as low as 0.02. The ratios are somewhat higher for the pinned conditions
and for the top-story splice, but in general, R is less than 0.15.
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Figure 6. Capacity/Demand Ratios for Typical Unit
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Brittle shear failure in the columns, another potential failure mechanism, was not found to
be critical, based on the shear capacity/demand ratio, R;y. The lowest value of R, was 1.14.

Failure precipitated by inadequate transverse confinement is not as much of a problem as
one might suspect in a structure that has open ties fabricated from #3 bars, spaced at 12 in. The
relatively high values of Rcc are a consequence of the structure's large strength and of the fact
that ATC 6-2 permits the engineer to used a ductility factor of 2, even if ties are improperly
anchored. The values for R hover around 1.0 at the base in the fixed case but are well above
1.0 in all other locations.

On the basis of C/D ratios for shear and moment demands in the footing, the strength of
the footing was found to be adequate. However, in this evaluation, joint shear failure was not
considered at the base of the columns because ATC-6 does not include a check of joint shear. In
addition, the evaluation did not consider failure of the piles.

NONLINEAR STATIC ANALYSIS

This section reports the results of a second evaluation of the WSDOT unit's vulnerability
to earthquakes. Consistent with the recommendations of Priestley et al.[2] at the University of
California at San Diego (UCSD), the researchers estimated the lateral force-displacement
response of typical transverse and longitudinal frames. Although estimates of the actual
foundation properties will be incorporated into the analyses in the future, the results presented
here correspond to the fixed-base and pinned-base conditions only. In preliminary analyses, the
influences of reinforcing splices, bar anchorage slip and joint failure were neglected. In
subsequent analyses, the influence of splice deterioration was considered.

Structural Model and Analysis Procedure

The structure was idealized as a set of orthogonal planar frames whose columns and
beams consisted of a series of prismatic segments. A typical transverse frame model is shown in
Fig. 7. A simtlar model was constructed for the longitudinal direction. Within the joint regions,
the linear segments were assumed to have a moment of inertia approximately 100 times larger
than those of the rest of the elements. Outside the joints, the nonlinear moment-curvature (M-$)
relationships for the segments reflected the variation in longitudinal reinforcement along the
length of the members. To obtain a good representation of the curvature distribution along frame
members, short segments were used near member ends where large rotations were expected.

Moment-curvature relationships were computed for each beam and column segment on
the basis of the reinforcement specified on the structural plans, a concrete compressive strength of
4500 psi and a steel yield stress of 44 ksi. The stress-strain relationship for concrete was based on
the model suggested by Park et al. [3]. The stress-strain relationship for the reinforcing steel was
modeled using three linear segments representing the initial stiffness, the yield plateau, and strain
hardening. The capacity of each cross-section was defined by the point at which either the
concrete reached a compressive strain of 0.005 or the longitudinal steel reached a tensile strain of
0.05.

The contribution of the slab reinforcement to the flexural capacity of the beams and
girders was considered by assuming a portion of the slab to be effective in both tension and
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compression. The width was selected according to the T-beam provisions of the ACI Building
Code (ACI 318-89) [4].

The nonlinear force-displacement response of the frames was calculated using a secant-
stiffness algorithm. The stiffness of each segment was updated during each force increment using
the calculated moment-curvature relationship and the average curvature in the element. Flexural
and axial deformations were considered, but shear deformations were neglected. Gravity loads
were included in the calculations. The analysis stopped when a member reached its ultimate
curvature or when the frame mobilized its maximum lateral-force resistance.

Computed Lateral-Force Response

Lateral force-displacement relationships for interior and exterior frames are shown in Fig.
8 for the fixed-base condition. The computed lateral-load capacity for the entire unit in the
transverse direction, approximately 1200 kips, corresponds to 24% of the total weight. The
displacement capacity of the top deck was computed to be approximately 0.4 feet, which
corresponds to a drift ratio of 0.7 percent.

Figure 9 provides a summary of the calculated distribution of inelastic response in the
interior transverse frame at the maximum computed base shear of 360 kips. For the columns and
beams, Fig. 9(a) shows the ratios of the flexural strength to the moment demand at the maximum
base shear (M ;/M3¢q). Figure 9(b) shows the ratio of the yield moment to the moment demand at
the maximum base shear (My/M3g0). Figure 9(c) shows the ratio of the yield curvature to the
average curvature at the maximum base shear (¢,/(dayg)360). These results correspond to ideal
response, and therefore, they do not reflect the influence of anchorage slip, splice deterioration or
joint failures. Yielding at the base of the first-story columns occurred first, and ductility demands
were large at this location. Yielding in the beams was limited to one location, although yielding
was imminent in two other locations. The analysis was stopped when the curvature demand at the
column bases exceeded its capacity, precluding the formation of a mechanism for the entire
structure.

Additional nonlinear analyses demonstrated that the strength and stiffness of the structure
is approximately equal in the transverse and longitudinal for the fixed-base condition. For both
directions, the lateral-load capacity of the typical unit in both is approximately 25% of the weight
of the structure (Table 2). The corresponding displacement at the top deck is approximately
0.7% of the viaduct's height. The difference between the two directions is much larger for the
pinned-base case; the lateral-load capacity is reduced to 14% for the transverse direction and 11%
for the longitudinal direction. With the exception of the fixed-base, transverse frame discussed
above, the frame analysis stopped when a story mechanism formed in the lower level.

To enable comparison of the linear-elastic demands with the computed capacities, the
researchers computed an equivalent elastic base-shear strength for the structure. This strength
was computed by multiplying the structure's stiffness by the maximum lateral displacement
computed by nonlinear analysis. The spectral acceleration capacities, S;(c), correspond to the
equivalent elastic base shears divided by the structure's weight. Finally, a measure of the
structure's vulnerability is given by dividing Sz(c) by the spectral acceleration demand, S,(d),
determined from the ATC-6 spectrum. Note that this procedure is consistent with the concept of
equal linear and nonlinear displacements proposed by Veletsos and Newmark([5] for long-period
structures.
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Table 2. Computed Lateral Capacities of the WSDOT Section

Support Direction Maximum Base Shear Max. Top-Deck Lateral Displacement
Condition [kips] | [% of Weight] [fi] [% of Height]
Fixed Transverse 1120 24 0.40 0.7
Longitudinal 1080 23 0.33 0.6
Fixed Transverse 1080 23 0.33 0.6
(w/splices) | Longitudinal 1030 22 0.23 0.4
Pinned Transverse 676 14 0.70 12
Longitudinal 520 11 0.50 0.9
Table 3. C/D Ratios for Equivalent Elastic Base Shear, Fixed-Base Case
Displacement at Equivalent
Direction Case Resultant of Elastic Salc) = Sa(c)/S;(d)
Seismic Forces | Base Shear, Vo | Ve/Weight
[£t] [kips] (e] [g]
Transverse No splices 0.38 2190 0.46 1.02
S,(d)=0.45¢g wisplices 0.28 1630 0.35 0.78
Longitudinal | No splices 0.31 1890 0.40 0.87
S,(d)=0.46g w/splices 0.21 1280 0.27 0.59

The results shown in Table 3 indicate that, for the fixed-base case, the ratios of capacities
to demands are 1.02 for the transverse direction and 0.87 for the longitudinal direction. The
difference between the two results is almost entirely attributable to the difference in displacement
capacities, rather than to differences in strengths. Even without considering the structural details,
it appears that the adequacy of the structure's seismic resistance is questionable.

Evaluation of Details

As noted earlier, the results discussed in the previous sections did not consider the
influence of anchorage pullout, splice deterioration, member shear failure and joint shear failure.
These failure modes are considered in the following discussion.

~ To consider the influence of limited development lengths, the investigators compared the
computed demands and capacities along the length of the structural members. Figure 10, for
example, shows the bending moment demands and capacities for the bottom-deck, end beam of an
interior bent. The demands are shown for dead load (DL) and for several combinations of dead
load plus lateral load near the capacity of the frame. In these figures, the numbers that accompany
the letters DL represent the base shear in the frame (in kips). The capacities, denoted by dotted
lines, were computed assuming a development length of 30 bar diameters. For the beam that is
shown, it appears that the critical region is the positive-moment zone near the member end, where
the capacity is limited by the short anchorage length of the bottom layer of longitudinal bars into
the columns.
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Figure 11 shows the moment demands and capacities for the columns of the interior
transverse frame. Flexural capacities in columns were computed with the axial loads resulting
from the combined action of gravity and seismic lateral forces. The critical sections are located at
the base of the lower-level columns. Anchorage lengths are not critical for the columns because
the anchorage at the base is adequate and because the demands are small for the top story.

Splices had been identified to be inadequate by the ATC-6 procedure. The splices were
evaluated again following recommendations proposed in Priestley et al. [2]. On the basis of the
specified splice detail, a modified moment-curvature relationship was computed for the splice
region and the nonlinear analyses were repeated. The moment capacity of the splice region did
not change, but the splice resistance decreased rapidly after the concrete compressive strain
reached a value of 0.002. As shown in Table 3, the computed lateral-force capacity of the frames
remained about the same, but the displacement capacity decreased by up to 30%. The computed
C/D ratio of 0.59 is unacceptable.

Shear-force capacities, V,,, were computed using the following equation, which takes into
account the contribution of concrete, transverse steel and axial load:

Vn=2Fobwd+ 2P0 o 0p
S

where, f 'c = assumed strength of the concrete, by, = width of beam or column, d = effective
depth of beam or column, A, = transverse area of stirrups, f,; = yield stress of stirrups, s =
stirrups spacing, and P = axial load. An analysis of the results indicates that shear failure in beams
is unlikely.

Two procedures were followed to evaluate the joints, one based on the maximum tensile
stress, fymax, and one based on the maximum shear stress, v,y To compute the maximum
tensile stress, bending moments and shear forces induced by gravity and seismic loads were
considered. The axial load in the columns were considered but axial load in the beams caused by
inertial forces were neglected. The value of fi,,, was computed for the extreme condition
corresponding to 1.3 times the beam yield moment. To compute v ,,,, only the moment from the
beams was considered. The computation of v, was performed for two conditions. The first
corresponds to 1.3 times the beam yield moment; and the second corresponds to the maximum
beam moment resulting from the nonlinear analysis. These stresses are denoted as fi;v Vinax-1»

and vy, respectively; and they are listed in Table 4 in terms of Jre.

Table 4. Stresses in Joints of Interior Transverse Frames

Joint Ve Mmaxare (Vmax21V7"
Top Opening (Left) 29 2.7 2.5
Top Closing (Right) 6.5 6.5 4.1
Bottom (Left) 1.8 27 29
Bottom (Right) 7.0 8.3 71
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If the values of Table 4 are compared with the value of 3.5,/ suggested by Priestley et
al. [2] and by Moehle et al. [6] to predict the failure of unreinforced joints, it appears that the
joints are vulnerable when the stab reinforcement is placed in tension.

SUMMARY

Constructed in the 1950's, the Alaskan Way Viaduct is critical to the transportation
network for the City of Seattle. The structural details are inadequate in comparison with current
requirements. Geotechnical considerations are dominated by the presence of loose, saturated fitl
and tideland soils. These soils will strongly influence the ground motion characteristics at the site.
Liquefaction of these soils is likely, and the effects of liquefaction may overshadow the effects
associated with ground shaking.

Both the ATC-6 evaluation and the nonlinear analyses found that, in most cases, the base-
shear strength is limited by formation of a first-story, flexural mechanism. The splices were
identified as vulnerable because they are too short and insufficiently confined. The response of
the structure is strongly affected by its ability to develop flexural moments at the base of the
columns, and consequently, splice or foundation failure would greatly increase the Alaskan Way
Viaduct's vulnerability to earthquakes. The joints where also found to be vulnerable, but this
finding depends on the amount of slab reinforcement that is assumed to contribute to joint shear.

Shear failure i1s unlikely. Reinforcement anchorage is inadequate in some cases, but this
problem is unlikely to greatly reduce the structure's lateral-force resistance. Because the structure
is strong, ductility demands are small and the poor confinement for the columns is not critical for
locations where the reinforcement is continuous.
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ABSTRACT: Recent research is examining the seismic behavior of reinforced concrete bridge
structures constructed in California before the implementation of special requirements for ductility
in the 1970s. Whereas earlier work focused on behavior of hinge restrainers and single-column
structures, recent experience indicates existence of critical vulnerabilities in multi-column
structures as well. We here describe the generic characteristics of multi-column bridges including
columns, bent caps, outriggers and joints, and the methods for seismic upgrading of these
elements. We include results of experimental and analytical research where available.

INTRODUCTION

The 1989 LLoma Prieta earthquake exposed the vulnerability of many multi-column, multi-level
reinforced concrete bridge structures, in particular, those constructed in the 1970s and earlier.
These structures are prevalent in urban environments where scarcity of land requires the stacking
of roadways; they become increasingly complex where multiple elevated roadways intersect.
Deficiencies include inadequate three-dimensional frames and a variety of structural inadequacies
in footings, columns, beam-column joints, bent caps, and outriggers. Many of these inadequacies
were apparent in bridge damage and collapse observed following the Loma Prieta earthquake.
Others have been identified through study of structural drawings of undamaged bridges.

Immediately following the 1989 earthquake, Caltrans initiated redesign efforts on several multi-
column, multi-level concrete bridge structures in the San Francisco Bay Area. The effort
assembled a team of design consultants and peer reviewers from California, technical advisors
from the University of California, and Caltrans bridge designers. The effort created a unique
opportunity for an in-depth, practical focus on the main issues involved in evaluation and redesign
of these structures.

Also immediately following the 1989 earthquake, Caltrans redoubled its ongoing seismic
research effort. Research before the L.oma Prieta earthquake focused on evaluation and
rehabilitation of restrainers and single-column reinforced concrete bridge structures. The current
research effort continues studies on restrainers and single-column structures, and adds a major
emphasis on elements and systems of multi-column, multi-level reinforced concrete bridges.

These efforts have provided insights into evaluation and rehabilitation needs for existing
reinforced concrete multi-level and multi-column bridge structures. This manuscript summarizes
some of the ideas and data resulting from the work.

1Professor of Civil Engineering, Director of Earthquake Engineering Research Center
2Assistant Professor of Civil Engineering

INishkian Professor of Structural Engineering

4Graduate Student of Structural Engineering
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MULTI-COLUMN ELEVATED ROADWAYS

Elevated roadways typically contain a relatively sparse framing system in comparison with
typical buildings. Thus, whereas in buildings an evaluation may take advantage of redundancy, in
bridges the evaluation must be sensitive to the relatively low redundancy. The evaluation and
redesign must establish the existence of a complete three-dimensional frame and the adequacy of

its elements.

Typical Framing Systems

Figure 1 depicts a typical pattern of framing for a San Francisco double-deck viaduct. As is
common in multi-column bridges, columns are pin-connected to pile-supported footings. Given
the pinned connection, resistance to lateral loads must be provided by a three-dimensional frame

above ground.
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Figure 1. Typical Double-Deck Viaduct
Framing

Resistance to lateral loads transverse to the
roadway commeonly occurs by framing among
columns, bent caps, and cap-column joints.
Resistance to longitudinal loads appears not
to have been contemplated in the original
design of many freeways, but usually occurs
through rigid framing among the columns,
bent caps, and longitudinal box girders (the
roadway itself). Longitudinal action thus
results in box girder flexure and bent cap tor-
sion (and weak axis bending and shear in the
case of outriggers), neither of which is likely
to have been considered in proportioning or
detailing of these members in the original
design.

Locating Inelastic Action

For several reasons, it is generally preferred
that all inelastic action in the frame be
confined to the columns rather than the beams
or the connections. The column has a simple,
well-defined cross section, usually with low

axial load stresses, so design for expected inelastic actions is relatively straightforward.
Furthermore, any column damage that occurs during an earthquake can be readily observed and
repaired. Arguments against formation of soft stories in bridge structures are not compelling
because axial load stresses are low, and the number of "story" levels is seldom greater than two.

Inelastic flexural action of cap beams may be acceptable where the superstructure is bearing-
supported, because in this case the beam cross section is clearly defined and its behavior can be
evaluated with some confidence. Where beams are monolithic with the superstructure, beam



plastic hinging should be avoided because (a) the cross section of the beam cannot be uniquely
defined and (b) hinging may result in undesirable superstructure damage. Inelastic response of
outriggers and of cap-column connections is best avoided because techniques for producing stable

response have not been advanced.

Beam-Column Connections

The 1989 Loma Prieta earthquake exposed the vulnerability of concrete bridge structures to
failures of inadequately reinforced beam-column connections. Research at UC Berkeley is
particularly attentive to the design and redesign requirements for typical beam-column

connections in bridge framing systems.
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Figure 2. Typical Existing Connection Details

Exterior Beam-Column Joints

Connection geometries and details of
primary interest include those depicted in
Figure 2. Connections in typical pre-1970s
bridge construction in California do not have
joint transverse reinforcement, with the
exception of nominal cap beam skin
reinforcement that extends into or through the
joint. Where column reinforcement
terminates in the joint, hooks are usually not
present. Bent cap bottom bars are likely to
terminate within the joint without a hook.

EXPERIMENTAL RESEARCH

At UC Berkeley experimental research of
concrete bridge structures has focused on
several important elements of the typical
multi-column, multi-level framing system:
exterior beam-column connections, interior
beam-column connections and outriggers.
Research projects have investigated the
behavior of existing typical designs as well as
the behavior of upgraded elements.

Figures 2(a) and 2(d) show the configuration and reinforcing detail for a typical exterior beam-
column joint. Contemplation of this joint provides several issues for investigation: response of
cap-beam to cyclic shear stress, adequacy of beam reinforcement anchorage, and joint shear

capacity.
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Relatively little is known about the cyclic shear behavior of large cross sections with light
reinforcement as is common in bent caps. Not having definitive laboratory data, we recommend

Equation 1 for cap beam shear strength.
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Where V. = nominal concrete strength in
pounds, & varies with ductility demand
according to Figure 3 [Moehle and Aschheim;
1993], p ,, = ratio of longitudinal tension
reinforcement, f°. = concrete compressive
strength in psi, b,, = web width in inches, and 4
= effective depth in inches. Where shear
strength of the beam is not adequate, bolsters
can be added to provide additional shear
strength,

Figure 4 illustrates the measured beam load-
displacement relation for a mode! of a typical
exterior beam column connection [Moehle and
Soyer; 1993]. For this model, the beam
moment strength was less than the sum of the
column moment strengths and the beam shear
capacity was adequate. Failure of the beam
was due to sliding along a single, wide crack in
the beam adjacent to the joint face. Growth of
the crack width is attributed to two
phenomena: (1) Under upward beam load, the
plastic hinge was restricted to a short length of
beam adjacent to the joint because of the
termination of the majority of beam bottom
bars near the joint, and (2) Because top
reinforcement area significantly exceeded
bottom reinforcement area, the top
reinforcement never yielded in compression, so
yield strains in top steel grew progressively.
As testing progressed, sliding along the
interface ensued.
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Strengths correspond to yield of top beam longitudinal reinforcement for downward beam load
and yield of bottom beamn longitudinal reinforcement for upward beam load. As is typical in
existing construction (Figure 2(d)), most of the beam bottom bars terminate near the connection,
with the remaining bars extending into the joint a distance of approximately 20 bar diameters
without a hook.

In this test, as well as in field tests on the Cypress Street Viaduct [Bollo; 1990], the bottom bar
embedment was adequate for development of the Grade 40 bars (specified fy = 275 MPa) for
numerous inelastic loading cycles. (Adequacy of the bottom bar anchorage is less certain for
bents where the column undergoes inelastic rotations adjacent to the anchored beam bar.)

With the minimal joint reinforcing typical to pre-1970 construction, the joint had sufficient
capacity to develop the yield strength of the beam. Moehle and Soyer [1993] report that under
simulated gravity and seismic loading, nominal joint shear stress of 5.5\f". psi was sustained
without appreciable joint cracking. ’

Strengthening techniques for bent caps loaded in flexure and shear include addition of bolsters
and/or external prestressing (Figure 5). Prestressing may suffice in cases where shear strength of

o External Prestrass
it no Intemal Bolster

Figure 5. Beam Retrofit Concepts

the cap beam is adequate. (Note that prestressing is likely to enhance the shear strength of the
cap beam [Collins and Mitchell; 1987].) As discussed previously, where shear strength of the
beam is not adequate, bolsters provide additional shear strength. Mahin [1992] presents details of
a bolster design for one of the San Francisco double-deck viaducts.

A second exterior connection test involved upgrading the connection shown in Figure 4. The

beam was strengthened by addition of external post-tensioning. Figure 6 shows details and results
of the test. Failure of the strengthened connection was by development of diagonal cracks and
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eventual disintegration of the concrete in the joint. By the end of the test, the stress in the post-
tensioning rods had increased significantly, resulting in a total joint shear stress at failure equal to
approximately 12\/f’c psi.

A final retrofit on an exterior connection involved post-tensioning, identical to that used in the
preceding test, plus jacketing of the column and joint with a cylindrical steel jacket (Figure 7).
The jacket was discontinuous just below and just above the joint, so that flexural strength of the
column would not be increased excessively and so that deformations of the column would not be
imposed on the jacket surrounding the joint. Also, the jacket around the joint had to be
discontinued where it met the beam; at this location the jacket edge was stiffened and bars were
passed through the beam to improve continuity. Under simulated gravity and seismic loading this
specimen performed quite well. Final failure was due to exhaustion of beam rotation capacity.
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Interior Beam-Column Connections

Interior beam-column connections provide a very similar joint configuration to that of the
exterior beam-column connection. Figure 8 shows the reinforcing details for a model of a typical
interior connection used in experimental testing conducted at UC Berkeley. As with the exterior
connection, reinforcing details that could be expected to result in poor seismic performance
include: column bars with straight development length into the joint of 20 bar diameters, minimal
beam bottom steel continuous through the joint region, and minimal shear reinforcing in the joint
region. Figure 8 shows the measured column load-displacement relation for the mode! [Moehle
and Lowes; 1993]. A gravity load of 0.03Agf'c was maintained in the column during the entire
test. Strengths correspond to approximately 60 percent of the flexural yield strength of the
column section at the face of the joint. Failure of the as-built model was through slip of the
column bars within the joint region. The nominal joint shear stress at the initiation of column bar
slip was equal to approximately 4.5\f", psi, a sufficiently small value for a T-joint to indicate that
failure of joint concrete in shear did not contribute to the connection failure.

A concrete bolster for the cap-beam was investigate as a seismic upgrade for the connection .
Figure 9 shows the reinforcing details and behavior of a strengthened connection. The bolster
provided additional flexural strength for the cap beam, ensuring that inelastic flexural action of the

10'-0"

[
|

—|

10'~0"

- 50 1/2 — 50 1/2 7l
Gravity Lood Gravity Load
| ‘ ] :
o o Fe 5 Ll =
FTT T TT
% - @ C—
— [ L."B" !_..B..
Section A=A A= A A A
1'—-4" Section l}--A
e o e H o
T[ 1k W :{ o
R B
Sectl'\lonlag—e Section B-8 ]
o J -l U % JL
; - o | ath
7 Load Path | |1 ‘jt || Load Path
< S 1l N
Graovity Load | Gravity Load

Joint #2 - Force Versus Displacement

E

]

$

2

33
¥

=
T

2

3

s

Joint #1 - Force Versus Displacement

=1

3
7

3

_ Force Applied to Column Base (kips)

——

i

.

. Force Applied to Column Base (kips)

4 E] o z n
3 Displacement at Column Base (inches)

B

3 4 2 o 2 r 8
Displacement at Colurmn Base (inches)

Figure 9. Behavior of Strengthened Interior
Beam-Column Connection

Figure 8. Behavior of a Typical As-Built
Interior Beam-Column Connection

431



beam would not degrade anchorage of the column reinforcing steel. Additionally, bolster
concrete in the joint region increased cover to the anchored column reinforcing steel and reduced
joint concrete shear stress. As with the as-built connection, a gravity load of 0.03Agf'c was
maintained in the column during the entire test. Strengths correspond approximately to the
flexural yield strength of the column section at the face of the joint. Failure of the strengthened
connection was again through slip of the column bars within the joint region. The joint shear at

the initiation of column bar slip was approximately 4.0Nf", psi. ‘

Outriggers

Outriggers (Figure 1) are common in locations where obstructions do not permit the supporting
columns to be located beneath the superstructure. Transverse and longitudinal bridge response
results in combined biaxial flexure, biaxial shear, and torsion in the outrigger beam. Transverse
reinforcement of existing outriggers commonly comprises U-shaped stirrups that do not provide
adequate shear/torsion capacity.

Thewalt and Stojadinovic [1992] report tests on as-built and retrofitted outriggers (Figure 10).
They identify a number of failure modes; however, two main failure modes predominated for the
as-built they have considered. First, the essentially unreinforced joint was incapable of developing
the strengths of the adjacent column and beam for in-plane loading. Second, when the joint was
strengthened, the outrigger beam was incapable of ductile response to the resulting combined
bending, shear, and torsion actions. Figure 10 plots transverse and longitudinal responses of the
as-built outrigger and of the as-built outrigger with a strengthened joint. Standard procedures
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for the outrigger beam and column segments.
100 & e i Deformation capacities of the as-built system
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o 0
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A second retrofit strategy investigated by Thewalt and Stojadinovic [1992] involves
strengthening the outrigger beam to avoid inelastic behavior in the outrigger beam. The engineer
can select either steel or concrete jackets for this purpose. Key considerations for the retrofit
design include (a) post-tensioning into the box girder to provide required weak-axis bending
strength, (b) dowels between new and existing concrete to transfer interface shear primarily due
to weak-axis bending, (c) closed perimeter ties in a concrete jacket, or sufficient steel thickness in

433



a steel jacket, to provide required torsion strength. Retrofit of the joint and column may also be
required.

Figure 12 depicts details and behavior of an outrigger with a steel jacket designed so the
outrigger would remain elastic. Stiffeners in the joint area were provided to resist expected
compression struts. At large deformations, the column failed; the outrigger was nearly elastic.

Behavior of the knee joint segment of outriggers has been the subject of research efforts at both
UC Berkeley and UC San Diego. Tests on the Cypress Street Viaduct [Bollo, et al.; 1990] and

laboratory outrigger bents [Thewalt and Stojadinovic; 1992] indicate that joint failure of
unreinforced joints can occur at nominal joint shear stresses as low as 3.5 \ff'c psi. Joint shear
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failure results in rapid degradation of load resisting properties (see Figure 11). The concrete
bolster retrofit investigated by Thewalt and Stojadinovic [1992] resulted in a knee joint capable of
remaining essentially elastic at an average nominal shear stress of 5.4 \ ' psi. The steel jacket
outrigger retrofit investigated by the same provided a knee joint capable of maintaining an average
nominal shear stress of 5.4 Vf', psi without damage.

Studies of outrigger retrofit are ongoing at UC Berkeley [Thewalt and Stojadinovic; 1992].
Goals for a second phase of study include: maintaining ductility and drift capacity of the
outrigger while forcing failure into the column and simplifying construction of the retrofits.

CONCLUSIONS

Investigation of the seismic behavior of multi-column concrete bridges has identified frame
elements and connections that are typically inadequate in pre-1970 systems. Experience and
research have provided techniques for evaluating expected response and possible upgrading
strategies. The methods described in this paper are under continuing development.
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ABSTRACT

In 1983, the Federal Highway Administration (FHWA) published a set of guidelines for
seismic retrofitting of highway bridges. These guidelines presented what was then considered to
be the state-of-the-art for screening, evaluating, and retrofitting of seismically deficient bridges.
In the 10 years since publication of the FHWA guidelines, there has been significant progress in
understanding the response of bridges and in the development of new and improved retrofit
technologies. As a consequence, the 1983 guidelines have recently been updated and reissued as
a retrofit manual. This paper describes this revision, which was performed by the National
Center for Earthquake Engineering Research under contract to the FHWA, and discusses a
number of significant changes made in the new manual.

BACKGROUND

Of all the components of a typical highway system, the highway bridge has been the most
closely studied for seismic vulnerability. As a consequence, standards have been developed and
adopted nationwide for the seismic design of new bridges. By comparison, the seismic
retrofitting of existing bridges is a relatively new endeavor. Only a few retrofitting schemes have
been used in practice and, given the present state of knowledge, retrofitting is still somewhat of
an art requiring considerable engineering judgement.

The San Fernando, California, earthquake of 1971 caused a significant amount of bridge
damage and, as a result, initiated a large research effort into seismic bridge design and behavior
in the mid- to late 1970s. The majority of this work was jointly sponsored by the California
Department of Transportation (CALTRANS), the FHWA, and the National Science Foundation.
The primary goal of this effort was to minimize the risk of unacceptable damage during a design
earthquake. One result of this effort was the publication by the American Association of State
Highway and Transportation Officials (AASHTO) of the first comprehensive national highway
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bridge seismic design guide, the AASHTO "Guide Specification for Seismic Design of Highway
Bridges," in 1983.

The San Fernando earthquake also provided the impetus for the FHWA and CALTRANS
to address the seismic retrofitting of existing bridges to withstand earthquake forces and
movements. The culmination of this effort was the publication of the 1983 FHWA report
"Seismic Retrofitting Guidelines for Highway Bridges” (Report No. FHWA/RD-83/007) which
was based primarily on research results and information available in the late 1970s. At the time
the guidelines were issued, the existing technology for highway bridge retrofitting was limited
and many of the proposed techniques had not been field demonstrated. In the 10 or so years
since, new and improved technologies for retrofitting bridge columns and footings have been
developed and implemented, together with methods to stabilize soils to prevent liquefaction, and
to ensure adequate connections between the bridge superstructure and substructure. Many of
these advances in the state-of-the-art are the result of an aggressive research program which was
begun by CAL.TRANS following the L.oma Prieta earthquake which occurred near San Francisco
in October 1989.

THE SEISMIC RETROFITTING MANUAL FOR HIGHWAY BRIDGES

In order to capture these advances in seismic retrofitting and to make the current state-of-
the-art available to bridge owners and engineers, the FHWA initiated a project to update the 1983
guidelines. This effort has resulted in a new document titled the "Seismic Retrofitting Manual
for Highway Bridges" (hereafier referred to as the Retrofitting Manual) which was completed
near the end of 1993 by the National Center for Earthquake Engineering Research (NCEER),
under contract to the FHWA.

The new Retrofitting Manual offers procedures for evaluating and upgrading the seismic
resistance of existing highway bridges. Specifically it contains:

O apreliminary screening process to identify and prioritize bridges that need to be
evaluated for seismic retrofitting;

0O amethodology for quantitatively evaluating the seismic capacity of an existing bridge
and determining the overall effectiveness of alternative seismic retrofitting measures;
and

O retrofit measures and design requirements for increasing the seismic resistance of
existing bridges.

The Retrofitting Manual does not prescribe requirements dictating when and how bridges
are to be retrofitted. The decision to retrofit a bridge depends on a number of factors, several of
which are outside the scope of the Manual. These include, but are not limited to, the availability
of funding, as well as political, social, and economic considerations. The primary focus of the
Retrofitting Manual is directed towards the engineering factors.
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MAJOR CHANGES

The Retrofitting Manual is based in large part on the 1983 guidelines. In some cases,
existing material was updated as appropriate. In other cases, completely new material has been
added. One notable editorial change is the format of the new document: the 1983 guidelines
used a specification—language format followed by a commentary; the new Retrofitting Manual
presents guidelines, recommendations, and commentary in one combined section. This shift in
style, from a specification to a technical report, led to the change in title from "Guidelines" to
"Manual," and it is believed that this improves overall readability. In addition, the Manual
format reflects the fact that the state-of-practice in bridge seismic retrofitting is changing rapidly
at this time, and that it is premature to prepare specifications at a time when new insight and
experience is an almost daily occurrence.

Major technical changes in the Retrofitting Manual include the following:

O An increased emphasis is placed on bridge importance, and the minimum

requirements for retrofitting "essential" bridges have been increased, even in low
seismic zones. This has been achieved by redefining the Seismic Performance
Categories (SPC) so that, for example, an essential bridge that was previously in SPC
A is now classified as SPC B with more rigorous retrofitting requirements as a
consequence.

A new preliminary screening algorithm has been introduced which separates the
quantitative evaluation of structure vulnerability and seismic hazard from the
subjective assessment of importance and other societal issues. A two-part procedure
is thus proposed which first involves the ordering of all bridges based on a numerical
rating of structure vulnerability and seismic hazard. A prioritized list is then obtained
by reordering this first list to include such judgmental issues as importance, non-
seismic deficiencies, remaining useful life, network redundancy, and economic and
political factors. A new Priority Index is then defined which is a mix of engineering
and societal factors.

In addition to the capacity/demand (C/D) ratio method for detailed bridge evaluation,
a second method based on equivalent lateral strength is now included. This method
avoids some of the conservatism in the C/D method which can lead to unnecessarily
expensive retrofit schemes. The new equivalent lateral strength method does require
more effort to understand and apply; however, it's use is expected to result in lower
retrofit costs.

Expanded sections on retrofit measures are included, reflecting recent progress in the
development of practical field techniques. These sections cover column strengthening
using jackets, footing upgrades using overlays, and seismic isolation using
clastomeric bearings. An expanded section on cable restrainers is also included. It is
interesting to note that at the time the 1983 guidelines were issued, most of the
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retrofitting techniques described therein were identified as potential retrofit measures
since few, if any, had actually been implemented in the field at that time. In the
intervening ten years, this situation has changed and most of the measures described
in the new Manual are based on field experience.

Some of these technical changes are discussed in more detail below.
RETROFITTING PHILOSOPHY

The underlying philosophy in the new Retrofitting Manual is that, whenever practical,
deficient components be strengthened to new design standards. At first sight this may appear to
be inconsistent with the overall goals of retrofitting, and not economically justifiable if the
structure as a whole will perform below the standards for new construction. There are two
reasons that the Retrofitting Manual makes this recommendation. One is that the cost to
strengthen a component to new design standards is usually not that much greater than the cost of
partial strengthening. The second reason is that it is possible that retrofitting will be a phased
operation that takes place over the life of the structure. Changes in construction technologies and
economic situations may make it feasible to strengthen some components in the future even
though it is not economical to do so now. If component retrofitting were performed to standards
below those for new construction, it could become necessary to restrengthen these components
during a second phase of retrofitting, resulting in a higher total cost.

There may be cases, however, where it is not feasible to strengthen components to new
standards. In these cases, the Retrofitting Manual recommends a preference to at least strengthen
such components to lower standards rather than to reject retrofitting altogether. The Retrofitting
Manual provides guidance on the selection of acceptable levels of strengthening, but notes that
this still requires the judgement of the engineer, taking into consideration the performance of the
remainder of the structure.

The Retrofitting Manual also discusses a number of secondary factors that must be
considered when retrofitting. One of these is the repairability of the structure following an
earthquake. If possible, component strengthening should not be done at the risk of forcing
damage to other components that are more difficult to inspect and repair. For example, it is
undesirable to strengthen a ductile component if load would then be transferred to a nonductile or
brittle component, This may be the case even if calculations indicated an overall increase in
seismic capacity.

Maintenance and inspection of retrofitted components are also discussed in the
Retrofitting Manual, as they should also be considered during the retrofit design stage. Many
years may pass before a structure is subjected to an earthquake. The retrofit measure must be
designed so that it can be maintained to function as planned when and if an earthquake does
OCCuUI.
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BRIDGE CLASSIFICATION

Before seismic retrofitting can be undertaken for a group of bridges, they must first be
classified according to their Seismic Performance Category (SPC). The SPC is determined by a
combination of seismic hazard and structure importance.

Seismic hazard is reflected in the Acceleration Coefficient, A, which is assigned to all
locations covered by Division I-A of the AASHTO Standard Specifications for Highway
Bridges. When multiplied by the acceleration due to gravity, g, the product, 4-g, represents the
likely peak horizontal ground acceleration that will occur due to an earthquake sometime within
a 475 year period. More rigorously, this acceleration has a 10 percent probability of being
exceeded within a 50 year time frame.

Bridge importance is not so readily quantified. Two Importance Classifications (I) are
specified in the Retrofitting Manual: essential and standard. "Essential" bridges are those which
must continue to function after an earthquake or which cross routes that must continue to operate
immediately following an carthquake. All other bridges are classified as "standard." The
determination of the Importance Classification of a bridge is necessarily subjective and
consideration should be given to societal/survival and security/defense requirements.

The societal/survival evaluation addresses a number of socio-economic needs and
includes, for example, the need for access for emergency relief and recovery operations
immediately following an earthquake.

Security/defense requirements may be evaluated using the 1973 Federal-Aid Highway
Act, which required that a plan for defense highways be developed by each state. The defense
highway network provides connecting routes to military installations, industries, and resources
not covered by the Federal-Aid primary routes.

An "essential" bridge is therefore one that satisfies one or more of the following
conditions:

O a bridge that is required to provide secondary life safety; e.g., a bridge that provides
access to local emergency services such as hospitals. This category also includes
those bridges that cross routes which provide secondary life safety, and bridges that
carry lifelines such as electric power and water supply pipelines;

O a bridge whose loss would create a major economic impact; e.g., a bridge that serves
as a major link in a transportation system;

O a bridge that is formally defined by a local emergency plan as critical; e.g., a bridge

that enables civil defense, fire departments, and public health agencies to respond
immediately to disaster situations. This category also includes those bridges that
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cross routes which are defined as critical in a local emergency response plan and
those that are located on identified evacuation routes; or

0 abridge that serves as a critical link in the security/defense roadway network.

Based on the above considerations for seismic hazard and importance, four Seismic
Performance Categories are defined in the Retrofitting Manual as shown in Table 1.

Table 1. Seismic Performance Category

Importance Classification
Acceleration
Coefficient Essential Standard
A £0.09 B A
0.09 <A <0.19 C B
0.19<A <0.29 C C
029 <A D C

These SPC's are assigned differently from those in the AASHTO specifications for new
design, where no allowance for structure importance is made in seismic zones with acceleration
coefficients less than 0.29. In view of the high cost of retrofitting, it is important to be able to
distinguish between "essential" and "standard” structures and especially so in low to moderate
seismic zones. Such a distinction also enables a more rational allowance o be made for the
nature of the seismic hazard in the central and eastern U.S. where the maximum credible
earthquake is expected to be significantly larger than the "design" earthquake (475 year-event).
This implies that if an essential bridge in the east is to remain fully operational following a large
earthquake, it will need to be retrofitted to a standard higher than that required by the current
specification for new construction. This observation is reflected in the assignment of SPC's for
essential bridges in Table 1. '

THE RETROFITTING PROCESS

Seismic retrofitting is one solution for minimizing the hazard of existing bridges that are
vulnerable to serious damage during an earthquake. Because not all bridges in the highway
system can be retrofitted simultaneously, the most critical bridges should be retrofitted first. The
selection of bridges for retrofitting requires an appreciation for the economic, social,
administrative, and practical aspects of the problem, as well as the engineering aspects. Seismic
retrofitting is only one of several possible courses of action; others include bridge closure, bridge
replacement, or acceptance of the risk of seismic damage. Bridge closure or replacement is
usually not justified by seismic deficiency alone and will generally only be considered when
other deficiencies exist. Therefore, for all practical purposes, a choice must be made between
retrofitting or accepting the seismic risk. This choice will depend on the importance of the
bridge and on the cost and effectiveness of retrofitting.
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The process of retrofitting bridges involves an assessment of a multitude of variables and
requires the use of considerable judgement. It is therefore helpful to divide the process into three
major stages. These are:

O preliminary screening;
O detailed evaluation; and
O design of retrofit measures.

Each of these stages is outlined below and described in further detail in the Retrofitting
Manual. Figure 1 is a flow chart which illustrates the retrofitting process for each SPC.

PRELIMINARY SCREENING

Preliminary screening of an inventory of bridges is recommended to identify those
bridges which are seismically deficient and those in the greatest need of retrofitting. This is
particularly useful when a comprehensive retrofitting program is to be implemented.

The Retrofitting Manual describes a method for developing a Seismic Rating System
which may be used to prioritize bridges on a highway system according to their need for seismic
hazard reduction. Factors considered in the seismic rating process include structural
vulnerabilities, seismic and geotechnical hazards, and bridge importance or criticality. In this
way, the most hazardous bridges are identified. Bridges high on the list should be investigated
further to determine the benefits of retrofitting. Because the decision to retrofit depends on
political, social, and economic factors as well as engineering issues, high priority bridges may
not necessarily be retrofitted. On the other hand, bridges with a lower priority may need to be
retrofitted immediately.

One very important consideration that is not adequately reflected in the Seismic Rating
System is the relationship of the bridge to other bridges on the system that may also be damaged
during an earthquake. These types of considerations should be made prior to making a detailed
evaluation of the seismic capacity of the bridge.

A further consideration when deciding if retrofitting is warranted is the age and condition
of the bridge. It would not be rational to spend a large amount to retrofit a bridge with only five
years of service life remaining. An unusually high seismic vulnerability may, however, be a
justification to accelerate closure or replacement of such a bridge.

A bridge in poor physical condition that is scheduled for nonseismic rehabilitation should

be given a higher priority for seismic retrofitting, since construction savings can be realized by
performing both the nonseismic and seismic work simultaneously.
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The above examples do not represent all possible cases, but they do illustrate some of the
principles involved in a retrofitting decision. In most cases, the Seismic Rating System is used as
a guide to making retrofitting decisions, but not as the final word. Common sense and
engineering judgement will be necessary in weighing the actual costs and benefits of retrofitting,
against the risks of doing nothing. Also, the effect on the entire highway system must be kept in
mind.

The preliminary screening process recommended in the new Retrofitting Manual is
demonstrated in Figure 2, where the terms are defined as follows: A is the acceleration
coefficient for the bridge site; / is the bridge importance; V is the vulnerability rating of the
bridge; S is the soil site coefficient; and E is the seismic hazard rating, which is based on the
acceleration and site coefficients.

DETAILED EVALUATION

Two alternative methods for the detailed evaluation of existing bridges are currently
available. One is based on a quantitative assessment of the "capacities" and "demands" of
individual components of a bridge structure. The other evaluates the lateral strength of the
bridge as a new structure.

Capacity/Demand Method — The first method was proposed in the 1983 FHWA Retrofit Guide
and has been used in a modified form by CALTRANS since the early 1980's. In this method, the
results from an elastic spectral analysis are used to calculate the force and displacement
"demands" which are then compared with the "capacities" of each of the components to resist
these forces and displacements. In the case of reinforced concrete columns, ultimate capacities
are modified to reflect the ability of the column to resist post-elastic deformations. Capacity/
Demand (C/D) ratios are intended to represent the decimal fraction of the design earthquake at
which a local failure of the components is likely to occur. Therefore, a C/D ratio less than 1.0
indicates that component failure may occur during the design earthquake and retrofitting may be
appropriate.

An overall assessment of the consequences of local component failure is necessary to
determine the need for retrofitting. Retrofitting should be considered when an assessment
indicates that local component failure will result in unacceptable overall performance. The effect
of potential retrofitting may be assessed by performing a detailed re-evaluation of the retrofitted
bridge.

The determination of what constitutes a serious consequence of component failure will
depend on the importance of the bridge. Collapse of the structure is serious in almost all cases
since there is always a potential for loss of life in such an occurrence. In other cases, severe
distortions or critical loss of strength will impair the ability of the bridge to carry emergency
traffic which is unacceptable for certain important bridges. Repairability of seismic damage is
also a consideration. If repairs can be made quickly without serious delays to traffic, damage
may be acceptable. This is another area in which engineering judgement is required.
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Once it has been determined to consider retrofitting, acceptable methods may be selected
from among a number of those suggested in the Retrofitting Manual. If the seismic response of
the structure is affected, then a reanalysis should be performed and new set of component C/D
ratios calculated. The new C/D ratios will reflect a change in the size of the earthquake that will
cause serious damage. A decision to use any retrofitting method will be based on a relative
benefit-to-cost analysis. Hypothetically, this benefit-to-cost analysis may be objective and
rigorous, but it is more likely that it will be subjective and based, in large part, on judgement.

Lateral Strength Method — The Retrofitting Manual also provides an alternative analysis
approach which examines the lateral strength of the bridge as a system, or at least individual
segments of the bridge as a system, and determines, through an incremental collapse analysis, the
load-deformation characteristics of the bridge up to collapse. The fraction of the design
earthquake that can be resisted without collapse is then an indicator of the need for retrofitting
and the extent of strengthening required. This procedure therefore determines the strength and
ductility of the critical collapse mechanism but it can also be used to identify the onset of damage
when serviceability criteria may be important. The method emphasizes deformation capacity
rather than strength since, although strength is important, it is less important than the ability to
sustain substantial deformations without collapse. It is believed that fewer bridges assessed
under this procedure will be found in need of retrofit than by the C/D ratio method. When
retrofit is required, it should be less extensive. The increased level of effort required of the
designer will then be offset by reduced retrofit costs in the field.

RETROFIT MEASURES

There are two alternative strategies that a designer may adopt when faced with retrofitting
a bridge. One is based on conventional strengthening techniques which increase the capacity of
the structure to meet the likely demand. This is the most common approach used in the United
States at this time. The second strategy is based on reducing the demand on the structure such
that its existing capacity is sufficient to withstand the given earthquake. This latter approach
involved the use of an earthquake protective system, such as seismic isolation or the addition of a
mechanical energy dissipation device. Both strategies are described and detailed in the
Retrofitting Manual.

Conventional Retrofit Measures — The new Retrofit Manual describes conventional retrofit
measures for bearings, seats, and expansion joints, including joint and bearing restrainers,
bearing seat extensions, and overall bearing replacement. The Manual also discusses techniques
for strengthening reinforced concrete substructures through column jacketing and wrapping,
cap/column and column/footing joint strengthening, and cap beam retrofitting. Retrofit measures
for foundations include strengthening footings for flexural and shear strength, ensuring adequate
reinforcement anchorage, and sufficient strength in the pile/footing connection to resist
overturning or uplift, along with problems related to abutments and approach slabs. Finally, the
Manual also discusses problems associated with hazardous sites, including sites with liquefiable
soils, bridges on or near unstable slopes, and bridges crossing or near active faults. These
techniques represent the current state-of-the-art; however, the art is changing rapidly at this time.
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Earthquake Protective Systems — The term "earthquake protective system" includes passive and
active devices which can be installed in a bridge to minimize the seismic demand on the
members of the structure. Active systems are considered outside the scope of the Manual but
passive devices are being used in several states as a cost-effective retrofit measure for many
bridge types. Passive systems discussed in the Manual include mechanical systems, which
simply dissipate energy and thus reduce response, and seismic isolation systems, which change
the natural period of a bridge so that earthquake loads are significantly reduced. The Manual
provides a discussion on seismic isolation concepts and on some of the options available at this
time for design and implementation.

SUMMARY

The new "Seismic Retrofitting Manual for Highway Bridges" contains detailed
information about each of the major steps in the bridge seismic retrofit process, as shown in
Figure 1. It describes procedures for preliminary screening of bridges along with two alternate
procedures for the detailed evaluation of them. These evaluation methods include a quantitative
evaluation of the C/D ratios for individual bridge components, and an alternative method based
on assessment of a structure's lateral strength.

The procedures for evaluating bridges for retrofitting also include the identification and
assessment of retrofit measures. A number of potential retrofitting measures and retrofit design
requirements are discussed in the Manual. Specifically, retrofit measures for the types of bridge
components which have performed poorly during past earthquakes are discussed in detail.
Retrofitting by these or other equivalent methods should be considered when components are
identified by a detailed evaluation as being deficient. The decision to use a retrofitting scheme
will be based on an assessment of its effectiveness in preventing unacceptable overall
performance, the cost of retrofitting, and the remaining service life of the bridge. The
Retrofitting Manual also includes several worked example problems intended to help illustrate
the process of planning the retrofitting of a typical highway bridge.

Detailed design of retrofit measures should be performed using the guidelines contained
in the Retrofitting Manual in conjunction with the current AASHTO bridge design specifications.
If possible, components which are selected for retrofitting should generally be strengthened to
conform to the specifications for new construction, even though the structure may otherwise be
seismically deficient.
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ABSTRACT

This paper describes numerical simulation studies on the bent collapse of the Cypress Viaduct
during the Loma Priata Earthquake and on the seismic performance of the same type bent retrofit-
ted. The purpose of the 1st simulation is to identify bent damage due to ground condition and
structural types and that of the 2nd simulation is to estimate seismic performance of the retrofitted
bent. Systematized analyses provided following conclusions: 1)Amplified ground motion was
“appropriately predicted based on the multiple reflection theory. 2)Finite element nonlinear analy-
ses provided good agreemeni with test resuits both of existed and retrofitied bents. 3)Nonlinear
dynamic response analyses provided quantitative explanation on the relationship between ground
condition, bent types and bent collapses and also ensured sufficient seismic safety of the retrofitted

bent.
INTRODUCTION

Catastrophic collapse of the Cypress Viaduct at Loma Prieta Earthquake 1989, caused 41 fatali-
ties and amount of economic losses in San Francisco Bay arca. A great concern was concentrated
even from overseas on the engineering issue to be resolved with 48 bents collapse in the 1.2 km
long part of I-880 at the Cypress section. In the US., comprehensive seismic design specification
was provided after the 1971 San Fernando Earthquake. However a great number of bridges includ-
ing the Cypress Viaduct, were constructed in 1950's and 1960's. As the results, seismic vulnerabil-
ity of existing bridges and seismic strengthening method were urged to investigate and a number of
experimental and analytical studies have been conducted including field tests with survived bents.
In these backgrounds, this paper presents numerical simulation studies on the collapse of the Cy-
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press Viaduct and on the seismic performance of the retrofitted bent against several earthquakes
consistent with the current US. seismic design guideline. A rational prediction of the Cypress
Viaduct collapse is believed to contribute even in the Japanese future earthquake hazard mitigation
practice. Also a prediction on the seismic performance of the retrofitted bent may provide effec-

tive information in promoting seismic strengthening program.
GENERAL

Damage Summary As shown in Fig.1[1], the cause of bent damages is considered to be deeply
related with the underlying ground condition and the structure types. The Cypress north side
section was on reclaimed soft soil, while the south side section on dense silty sand. In the north
side, all the upper decks fell down onto lower decks except one span portion. On the other hand in
the south side falling down of upper decks was prevented except about 150m portion adjacent to
the north side.

The bent types are conceptually categorized into thtee structure types as shown in Fig.1 due to
location of pinned joint and to bent-cap structural type, reinforced or prestressed concrete. B type
bent was employed in many parts and all collapsed in the north side. Among five A type bents
existed in the north side, twc of them cyrvived despite significant damages suffered. In the scuth
end to north side, all the C type bents also collapsed. ‘

Objectives and Procedures of Present Study Present numerical studies consist of two phases,
i.e. collapse simulation of existed bents and seismic performance simulation of a retrofitted bent as
illustrated in Fig.2.

The objective of 1st simulation is to provide rational answers to the following two questions:

1) Are bent collapse in the north side section and bent survival in the south side section predicted
if considering different ground conditions?
2) Do B and C type bents collapse and an A Type bent not collapse in the north side section?.

As shown in Fig.2, analytical studies for this simulation consist of 4 parts:I) Dynamic response
analysis of ground,II) Soil-foundation dynamic interaction analysis,III) Static nonlinear analysis of
bent and 1V) Nonlincar dynamic response analysis of bent.

The objective of 2nd simulation is to provide similar rational answer to the following question:
1)How much structural margin does retrofitted bent possess against carthquakes with acceleration
amplitude consistent with the current seismic design standard ?

As shown in Fig.2, analytical studies for this simulation consist of two parts :V') Static nonlinear
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Fig.2 Analytical Study Precedusrc

analysis of retrofitted bent and VI) Nonlinear dynamic response analysis of retrofitted bent. Re-
sults from part I} and IT) analyses are also utilized as an input motion and foundation characteristics
for the part VI) dynamic response analyses.

From the damage observation of survived bent and from the available accelerogram observed in
the nearby site, the transverse motion of bridge axis is considered as rather dominant. Accordingly,
all the above analyses are carried out against transverse motion with neglecting structural contri-
bution from the members parallel to the bridge longitudinal axis such as box girders except their
gravity load.

COLLAPSE SIMULATIONS

Dynamic Response of Ground A dynamic response of the multi-layered ground is predicted

based on the multiple reflection theory. An equivalent linearization method is utilized to consider
nonlinear behavior of soils for material comparatively small input acceleration from bedrock. Soil
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layers in the north side and south side are appro-
priately modeled on the basis of boring log
datas[2] and PS velocity logging datas[3]-[5].
As shown in Fig.1,a significant difference ap-
pears from the surface to 16.5m depth below
ground line between both sides,i.e. soft bay mud
from 2 to 6 m depth in the north side while dense
silty sand from 4.5 to 16.5m depth in the south
side. An accelerogram recorded at Yerba Buena
Istand(EW : 0.067G, NS : 0.029G), rocky out-
crop about 7 km distant from the Cypress section
is employed as an input wave from bedrock.
This istand consists of Franciscan formation
identical to the bedrock of the Cypress section.
The EW component is utilized as the incident
wave from bedrock.

Fig.3 illustrates the calculated transfer func-
tion hetween bedrock and ground surface, in

which first natural frequency predicted are re-

spectively 0.61 and 0.68 Hz in both sides and
their amplification factors are nearly equal to
cach other, however the amplification in the
higher frequency region(1Hz ~4Hz) is larger in
the north side than in the south side. The ana-
lytical period agrees fairly well with the mea-
sured value of 0.7Hz in the ambient vibra-
tion[6]. Fig.4 illustrates the calculated ground
surface acceleration waves with maximum ac-
celerations of 194 gal in the north side and of
135 gal in the south side. In these analyses, the
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Fig.3 Calculated Transfer Function Between
Bedrock and Ground Surface
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Fig.4 Ground Surface Acceleration on
Multiple Reflection Theory

attained maximum shear strain of each layer is in the range of 6.5X10° ~ 9.4X10?,

Soil-Foundation Dynamic Interaction

Representative analytical bents to be discussed in this

paper are No.96, 88 and 71 for A,B and C type bents respectively. An asymmetric dynamic re-
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sponse analysis is conducted with using
axsymmetric finite elements as shown in Fig.5.
As each column of a bent independently stands
on the foundation with each other, a unit of pile
cap-pile foundation system is idealized. The
material characteristics of ground layers such as
shear stiffness and damping are modeled based
on the results obtained in the previous ground
response analysis. The nonlinear behavior in the
interface between soil and foundation is ne-
glected because no ground surface cracks sug-
gesting significant slip were observed in the
post-carthquake field investigation.

A horizontal stiffness of the spring for pile
foundation system and an effective input accel-
eration on the top of pile cap must be predicted
for the three degrees of freedom system model
later as shown in Fig.17. Fig.6 illustrates fre-
quency dependent characteristics of the spring
analytically obtained from load-displacement
relationship under harmonic excitation at the
pile top. The real part corresponds to stiffness
while the imaginary part damping characteris-
tics. The real part for the south side provides
about 3.5 times that for the north side. The ob-
tained effective input motion which is required
to take the kinematic interaction into account, is
shown in Fig.7. It is calculated by using
axsymmetric finite element models shown in
Fig.5 with input of the prescribed earthquake
wave from the virtual bedrock.

Static Nonlinear Behavior of Existed Bents
A typical bent failure sequence[7] and an critical
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Fig.8 a Typical Bent Failure shear crack along bent down rebar in the joint
are illustrated in Fig.8. The objectives in this
section are to predict this critical shear failure and load-displacement relationships for the
nonlinear dynamic response analysis in the following section. Caltrans conducted horizontal load-
ing tests[8],[9] to estimate ultimate loading capacity of the existed bent (undestructive test) and to
investigate seismic performance of the retrofitted bent (destructive test) with using the survived
bents No.45-47 categorized as B type in the present study. The accuracy of present analyses will be
verified through comparison with these test results.

Material constants are assumed on the basis of the sampling test results and design informa-
tion[8]. Two dimensional finite element nonlinear analysis are conducted using 'ABAQUS’ com-
puter program[10] combined with the separate subroutine for concrete constitutive law[11]. The
upper and the lower concrete through shear key are assumed as monolithically connected except
those through fiber board. No damage suffered in the past is assumed with all bents. Fig.9 illus-
trates dimension and steel reinforcement arrangements of the representative bent(B type)[12].

As for the load application, after applying dead load,i.e. weights of bent caps and of one span
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length box girder, static horizontal load uniformly
distributed in each bent cap is proportionally increased. A horizontal load distribution along the
height is determined by the 1st mode in the elastic modal analysis.

The predicted ultimate crack pattern of B type bent is illustrated in Fig.10. Even during dead load
application, the shear crack initiates in the pedestal below the pinned joint of upper column due to
shear force outward the joint. With horizontal load increased, this crack propagates diagonally
along bent down rebar in the joint and then vertically into concrete outer coverage, which agrees
with the failure mode illustrated in Fig.8. The left end of upper bent cap is critical in flexural crack
shown as the broken line in Fig.10, which suggest that the flexural crack predominates at upper
bent cap end as shown in Fig 8 when considering insufficient anchorage length of D57(No.18) for
lower straight reinforcement (see Fig.9) and
bond depression under cyclic horizontal load. 5,

Fig.11 illustrates horizontal strain contour of 200f
e _at an ultimate stage in which the strain L ower Deck Disp($ )

concentration in the joint is comparable tothe  130] Upper Deok Disp(3 2)
failure surface of Fig.8. When additionally

considering less and insufficient shear rein- 100f

forcement, i.e. tied hoop utilized, this type of

shear failure must be likely encouraged. 50
Predicted load-displacement relationships

for A, B and C type bents are respectively 0 5 2 5 3 10

Horizontal Displacement {(cm)

shown in Figs.12 to 14. As shown in Fig.12,
Fig.12 Load-Displacement Relationship(A Type)
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resists no horizontal load, the lateral shear force
concentrates on the other column, resulting in
lower ultimate loading capacity and lower lateral stiffness obtained rather than the B type bent.
The ultimate loading capacity of the B or C type bent is numerically defined as the load level
when the internal lateral shear force in the critical column rapidly decreases unbalancing with the

Fig.15 Load-Displacement Relationship(C Type)

external horizontal load.

Comparison with Undestructive Test Results In the field loading test, the horizontal load

was applied only at the upper bent cap. Fig.15 illustrates load-displacement relationships where
the analytical result (f, = 42 kgf/cm?) agrees fairly well with the experimental result. The predicted
ultimate loading capacity is 156 tonf in comparison with 210 tonf in the experiment[8]. From
taking account that the ultimate load is deeply dependent on shear crack initiation in the joint, the
case with concrete tensile strength of f, = 60 kgf/cm® is additionally analyzed to discuss its influ-
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Upper Story Table 1 Natural Frequency of Bents
Structure Site Frequency (Hz.)
15 2nd
Lower Story Type st n
(No.96) South Side 2.16 5.21
Pile Cap «um [put Wave
B Type North Side 2.40 5.60
With Taking Interaction (No.88) South Side 255 | 625
Effect into Account (2.50) (4.50)
CType | NorthSide 2.17 5.54
Fig.16 Three Degrees of Freedom No.71 South Sid
System Model for Nonlinear (No.71) outh =ide 2.31 3.71
Dynamic Response ( )* : Forced Vibration Test Results

ence. The larger but more approximate ultimate loading capacity with 234 tonf is obtained for this
case. The stiffness difference between f = 42 and 60kgf/cm? cases depends on the difference of
crack growth especially during dead load application. When considering possible initial crack
existence in the experimental bent, the intermediate value between these tensile strengths may be
more reasonable to use. However,because of better prediction in stiffness, the case of £=42 kgf/
cm? is employed in all the following analyses.

Nonlinear Dynamic Response of Existed Bents Nonlinear dynamic response analyses are con-
ducted with using a three degrees of freedom system model including a spring taking soil-founda-
tion interaction effect into account as shown in Fig.16. As for the enveloping curve of hysteresis
models for each bent story, shear force-relative displacements obtained from the finite element
nonlinear analyses are idealized into tri-linear type model. As for the hysteretic rule, the flexural-
failure-type Takeda model[13] is utilized for both upper and lower stories of the A type bent. In the
B and C type bents, the similar model is utilized for the lower story, while the origin-orient hyster-
esis model for the upper story failed in brittle shear. Based on the dynamic interaction analysis
described in the former section, the spring characteristics at base(Fig.16) is idealized as a linear
elastic model with damping calculated considering strain energy for radiation damping. Super-
structure damping is uniforrﬂly assumed as of 3 %.

Table 1 shows elastic natural frequencies obtained from the three degrees of freedom system
analyses. The analytical 1st natural frequency of 2.55 Hz agrees well with the forced vibration test
result of 2.5 Hz.[7] for the B type bent.

The obtained response at the critical upper story are tabulated in Table.2 from which characteris-
tic responses can be identified due to bent types and ground conditions. In the north side B and C
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Table 2 Comparison of Bent Responses Between North Side and South Side
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type bents, the upper story collapses immediately after the maximum ground surface acceleration
attained. On the other hand in the south side, both type bents survive with some stiffness reduction
appearance. The A type bent in the north side does not collapse with hysteretic damping effect due
to flexural yielding. This analytical performance ensures survival of actual No.95 and No.96 bents
despite considerable damages observed. It is considered that flexural yielding type hysteresis char-
acteristics significantly contribute on preventing bent from catastrophic collapse.

SEISMIC PERFORMANCE SIMULATION OF RETROFITTED BENTS

Static Nonlinear Behavior of Retrofitted Bents  After comparison with the destructive test

results to verify accuracy of the present numerical prediction, the analytical results for the follow-
ing dynamic response analysis are to be discussed.

The first model for verification is the retrofitted No.46 bent[14], presently categorized as a B type
bent. The jacking forces with prestressing rods for bent cap flexural strengthening are modeled by
a pair of nodal forces and prestressing rods for column confinement and diagonal rock bolts in the
beam column joint are respectively modeled as one of reinforcements. A Grade 40 steel is as-
sumed for rock bolts and steel tubings to be com-
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: 6001
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. . BoL P g
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Fig.17, where the analytical result generally pre-

dicts flexural type failure with fairly good agree-
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ment with the experimental result.

Analytical load-displacement relationships,
which are to be idealized for the hysteresis
model in the following dynamic response analy-
sis, are shown in Fig.18. This is the same type
bent as that described above. The locations of
yield hinges produced are also completely same
as that. However, they appear in about 10% ear-
lier load stage because of loading imposed on
both upper and lower bent caps.

Design Response Spectrum and Input

Motion Fig.19 illustrates elastic acceleration
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Fig.18 Load-Displacement Relationship
(Retrofitted B Type Bent)

response spectrums by the previously predicted acceleration wave on the Cypress north side and
the representative acceleration records in the past. The elastic seismic response spectrums for three
soil types specified in the Seismic Design Guideline[16] are also shown. Design response fitted
waves are respectively produced for three soil types by modifying acceleration amplitude of these

waves with its pbase angle unchanged.

Nonlinear Dynamic Response of Retrofitted Bents A three degrees of freedom system model

is used for both the Cypress wave and the modified Cypress wave, while a two degrees of freedom
system model is used for another three modified waves because foundation and ground condition
are not identified. The Takeda Model with tri-linear type enveloping is also idealized for both

upper and lower stories.
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Fig.19 Elastic Acceleration Spectrum
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Table 3 Seismic Performance of a Retrofitted Bent

‘ Input Response Safety Factor
Input Story Yomax :Y:Omax (Yo+ ¥ )max| & max Qpnax a,/a &,/8
Earthquake . max (2 u’ © max
| Yc%/’s\égk' Ma((g.aﬁcc. M?séf)«cc Ma?bn?)lsp.%)%cgtlﬁ?r Strength | Ductility
2 398 1.00 222 2.23 1 16.30
Cypress
P 1 24 173 ™551 [ 051 | 352 | 213 | —
2 635 2.33 349 1.42 | 7.00
M.Cypress
Yere 1 68 345 Ma97 [ 1.28 | 527 | 1.42| —
. 2 680 2.84 383 1.29 |1 5.74
M.Hachinohe :
1 49 310 481 1.75 567 1.32 | —
2 810 3.65 437 1.13 1 4.47
M.EL-Cent
N 47 383 685 | 1.80 | 571 | 1.31] —
2 729 3.04 396 1.25 | 5.386
M. Taft . .
° 1 52 386 [ 91 | 162 | sa7 | 137 —
Q(tonf) 1st Story Q(tonf) 2nd Story
749
Q 494/---
y
477, 577
. , _ Sy
0.7 3.8 & {cm) 1.34.5 d (cm)

Analytical results are represented in Fig.20. For the original Cypress wave, both upper and lower
story responses remain in elastic. Except this case, the shear force reaches beyond elastic limit but
not yielding for any cases. The maximum response and the seismic performance evaluation in
strength and ductility are provided in Table 3 for each input motion respectively, where the ulti-
mate strength and the ultimate displacement are temporarily defined respectively by the yielding
shear force Qy and by the relative displacement & when concrete crush initiates at the upper story
column top. For all input waves, sufficient safety factor is assured in both strength and ductility.
These results indicate that if the present type bent is strengthened in shear so that flexural-yielding-
type performance be assured, sufficient margin in seismic performance can be provided against not
only the Loma Prieta earthquake but the input motions consistent with the current seismic design

guideline as well.

469



CONCLUDING REMARKS

Based on the results presented, a number of conclusions can be summarized as follows:

1)The one dimensional multiple reflection theory with an equivalent linearization method provided
reasonable prediction in the amplified ground motion where shear strain ranges from 107 -10*.

2)The two dimensional FE analysis predicted nonlinear behaviors of the existed bents and of the
retrofitted bent up to the failure with good agreements in comparison with experimental results,

3)The multi degrees of freedom system nonlinear response analysis, on the basis of systematized
analyses, i.e. on the amplified ground motion, on the soil-foundation interaction and on the
nonlinear behavior of the bents up to the ultimate, provided rational explanation for the
sequential collapse scenario of the Cypress Viaduct.

4)The present type of bent retrofitted provides sufficient seismic performance against input
motions with acceleration amplitude consistent with the current seismic design guideline.
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ABSTRACT

A new mechanical load-transmission device is developed which enables transmission of lateral
loads to piers with movable bearing supports when subjected to earthquake loadings while
allowing unrestrained movement of deck during ambient temperature changes. The piston-
cylinder housing is robust in construction and the silicone putty compound used is inert and stable
which would make the device perform satisfactorily under adverse conditions while requiring
minimum maintenance. Test results-of the device under cyclic loadings are presented.

INTRODUCTION

It has been observed in many post-earthquake reconnaissance investigations that deck spans had
fallen off in several damaged bridges during severe earthquakes. The falling off of the spans may
be due to: (1) pull out of anchor bolts in fixed bearing supports or toppling of rocker bearing
supports, (2) failures of the piers with the fixed supports, (3) rigid-body rotation of the piers due
to liquefaction of the supporting soil. In all these cases of bridge failures, inherent strength and
ductility of even properly designed bridge piers are not at all utilized due to inefficient transfer of
the induced inertial forces from the heavy deck spans to the supporting piers and substructures.

The objective of this research program is to develop innovative mechanical devices that
provides appropriate stiffening and damping mechanisms for effective transmission of loads
between the superstructures and the substructures in bridge structures. A linear-type device
for lateral load transmission is the subject of the initial phase of this research project, and a
rotary-type device has big potential for preventing rigid-body rotation of the piers during soil
liquefaction.
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In this paper will be presented the preliminary development of such devices utilizing the
frequency-dependent properties of silicone putty, a compound which easily deforms under slowly
applied loads but will stiffen under shock or impulsive loads.

SEISMIC RETROFIT PROGRAMS

It is quite interesting to note that the seismic retrofit programs in the U.S. and Japan evolved
in parallel to each other. Due to damages suffered during the 1964 Niigata Earthquake and the
1971 San Fernando Earthquake, the first stage of seismic retrofit program had focused on the
development and installation of stoppers, restrainers [Selna and Malvar, 1984)], seat extension,
and other devices for preventing collapse of spans [Kawashima 1990]). The second stage of
the seismic retrofit program is currently focusing on the improvement of column ductility based
on experiences of the 1989 Loma Prieta Earthquake, 1978 Miyagi-ken-oki Earthquake, and the
1983 Nihon-kai-chubu Earthquake. Excellent reviews of the development of seismic retrofit
philosophy are given by Kawashima [1990], Nutt and Cooper [1984], and Roberts [1991].

Current retrofit programs have been on component retrofitting. Kawashima [1990] noted
that countermeasures made only to prevent damages suffered in past earthquakes may led to
failures in the next weak points in future earthquakes. This has led to the revisions in the latest
design specifications on highway bridges that requires the consideration of the total seismic
safety of highway bridgas [Kawashima et al, 1992].. '

Several newly developed devices {menshin bearings, damper-stoppers) have been used to
distribute lateral forces among the piers. These have been used to retrofit simple span bridges
in which the decks are made continuous and the existing bearings are replaced with menshin
bearings [Naganuma et al, 1990]. In recent years, many newly constructed long-span bridges
have avoided the use of bearings supports and instead used structural joints to transmit loads
from the continuous girder to the piers [Tajima et al, 1990; 1982]. However, seismic behavior of
joints is complex and the seismic design and analysis of such structures require extensive efforts.
The girder-bearing-pier bridge structural system still offers simplicity, elegance, and generous
accommodation for future expansion. Better seismic performance can be achieved through
the utilization of mechanical load-transmission devices and possibly mechanical load-limiting
devices to provide structural integrity.

NEW MECHANICAL LOAD-TRANSMISSION DEVICES

A few damper-stopper devices have been developed which function as fixed supports during
earthquakes to enable lateral load distribution to piers with movable bearing supports while
allowing movement of the deck due to ambient temperature changes. These developed devices
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include a cylinder-type oil damper, viscous stopper, a viscous shear-type stopper, and a cable
damper [cited in Kawashima et al, 1992].

The main objective of this research is to develop a device with similar functions, but pos-
sessing robustness that can better withstand adverse conditions and requiring minimum mainte-
nance. In addition, a load-limiting function is considercd as a possibility rather than just load
transmission and displacement-limiting functions. The device uses a simple piston-cylinder unit
(Fig. 1) similar in construction to oil damper and lead-cxtrusion damper [Skinner, Robinson,
McVerry, 1993]. Unlike the other developed damper-stopper devices as mentioned above, the
new device is mechanically simple and has no bypass valves nor other appendages that might
malfunction or be rendered nonfunctional during severe shakings.
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Fig. 1 A New Mechanical Load-Transmissidn Device
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The material used inside the cylinder is silicone putty, a compound which easily deforms
under slowly applied loads but will stiffen under shock or impulsive loads. Silicones are polymer
materials that are inert and greatly stable in both high and low temperatures. These silicone
polymers are also available in other forms such as fluids, sealants, resins, and rubbers. The
silicone putty compound can be manufactured with various ‘flow’ properties. Fig. 2 shows the
flow properties as provided by the manufacturer. The results were obtained by measuring the
increase in diameter of a fixed volume of putty placed in a circular arca. The one that is presently
used in the prototype device has the highest flow behavior.

The silicone putty is vacuum-packed into the piston-cylinder housing. Under applied loads,
the putty compound is squeezed from one end of the cylinder to the other end through openings
around or through the piston. With properly designed orifice opening and size of piston and
cylinder, desired values of damping and stiffening can be obtained for the range of loading
amplitude and frequency. The device is designed to be attached to the underside of the girder
near a movable support and the top of the pier. In such manner, it allows movement of the
movable support during ambient temperature gradients, but will fix the girder-pier connection
during shock or earthquake loadings thereby transmitting a share of the lateral load to the piers
with movable supports. Such devices are particularly suitable for seismic retrofit of simple span
bridges and in newly constructed long-span bridges. Similar devices called STU has been used
to relieve increasing traction and braking loads in the viaducts carrying London’s Docklands
Light Railway [Pritchard 1989].

TEST PROGRAMS

The preliminary objective is to investigate the basic mechanical behavior of prototype devices
under cyclic loads. From these results, suitable putty compounds and piston-cylinder designs
are evaluated and improvements are made to obtain the desired device performance. A 5-tonf
capacity prototype (Photo 1) was first fabricated and tested.

Most recently, a 10-tonf capacity is fabricated (Fig. 1 and Photo 2) and subjected of
repeated cycles of force-controlled and displacement-controlled loadings. Photo 3 shows the
loading setup used in the tests.

The device is first tested under cyclic loading of different amplitudes and frequencies to
investigate its basic mechanical properties. In the next phase of the investigation, a pier model
with the device will be subjected to displacement-controlled cycling loadings for observing the
load transmitted in a pier. Lastly, a simple span bridge prototype with the newly developed
device will be tested under force-controlled cyclic loadings in which the lateral load distribution
between the piers is investigated.
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Photo. 1  The 5-tonf Capacity Prototype Used in Initial Investigation

N R 2 2

Photo. 2 The 10-tonf Capacity Prototype
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Photo. 3 Setup for Testing Cyclic Mechanical Behavior

TEST RESULTS AND DISCUSSIONS

Test results under force-controlled loading under different frequencies are presented. Figs.
3(a) to 3(o0) show the load-deformation behavior from 0.001 Hz (the slowest setting available
in the loading actuator used) to 7 Hz under cyclic loading from -6. tonf to +6. tonf. It can be
observed that the silicone putty readily allows deformation with significant hysteretic damping
under low frequencies. It can be further observed that the device exhibits the stiffening effect
at about 0.1 Hz as shown in Fig. 3(g). Beyond 0.1 Hz, no remarkable changes in the load-
deformation behavior can be observed as shown in Figs. 3(h) to 3(0). That is above 0.1 Hz, the
silicone putty has acted as almost a rigid body and stiffness is provided by the load-deformation
characteristics of the end rod of the cylinder and the piston. Thus, it would be possible to design
such mechanical load-transmission devices to have different stiffnesses to suitably distribute
seismic lateral loads depending on the relative strengths of the piers. In addition, it seems
possible to provide the end rod with a load-limiting mechanism (e.g., yielding element) after the
load transmitted to the pier has reached the design capacity of the pier.

The load-deformation curves under two cases of displacement-controlled loading are shown
in the plots in Fig. 4. It can be observed that load induced (from about 5. tonf for 5 Hz case) is
significantly reduced (to less than 0.7 tonf for 0.001 Hz case) when subjected to slow loading.
Under service loads due to temperature changes, a displacement-controlled cyclic loading with
a period of 24 hours would probably induced almost no load resistance.
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FURTHER CONSIDERATIONS AND CONCLUDING REMARKS

A research project is initiated on the development of a mechanical load transmission device that
enables transmission of lateral loads to piers with movable bearing supports when subjected to
earthquake loadings while allowing unrestrained movement of deck during ambient temperature
changes. The piston-cylinder housing is of robust in construction and the silicone putty compound
used is inert and stable which would make the device perform satisfactorily under -cverse
conditions while requiring minimum maintenance.

By effectively utilizing as a retrofit device, it would enable lateral load distribution among
the piers. This avoids concentrated loads that would cause concentrated damage on certain
piers, anchor bolts, and bearings. Moreover, structural integrity is provided which would greatly
enhance seismic safety under adverse conditions such as severe shaking and soil liquefaction.

In this paper, test results of a preliminary investigation conducted to obtain basic load-
deformation behavior of the mechanical load-transmission device under cyclic loadings are pre-
sented. The effect of packing, piston and cylinder sizes, putty material properties will be subjects
of further investigations. Furthermore, it is necessary to have a simple analytical model of the
devices in order to conduct earthquake response studies. '
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We should strive to successfully and uniformly mitigate our seismic risk exposure at
different regions of the U.S. The first requirement for this is an understanding of the hazard,
vulnerability and consequences of facility failure. Then, it would be possible to convince the
public officials and politicians to develop region-specific infrastructure performance criteria
and corresponding risk-reduction policies, followed by emergency response planning and
longer-term hazard mitigation planning. It is interesting that an emergency response plan in
the contemporary sense does not exist in many densely-populated urban areas in the U.S. This
is due to the vast differences.that exist in the public's awareness to seismic risk in different
regions of the country. One consequence is that certain bridges in regions characterized as
"low seismic zone" may be subjected to a much higher risk of lack-of-performance than what
is considered acceptable in the Western regions of the country.

Within the above described global problem of seismic risk mitigation, seismic
vulnerability evaluation of those bridges that are critical to emergency response and post-
earthquake recovery have to be conducted through a comprehensive, facility-specific manner.
We may consider the excellent efforts for evaluating the Bay and Golden Gate Bridges in this
context. Meanwhile, type-specific evaluation procedures have to be developed for repeating
bridge systems that may not fall into the critical category. One possible strategy for
overcoming both the policy and the technical constraints that obstruct seismic research and
implementation is to combine the seismic risk mitigation problem with the more general
problem of infrastructure preservation. As part of this strategy, the writer has been exploring a
structural-identification based method for structural condition and reliability evaluation. Modal
testing 1s the principal experimental component of the method which leads to seismic
vulnerability evaluation and retrofit design as a corollary. This method has been applied to
seven bridges, three of which were tested to destruction. Two of the specimens were 80-year
old steel through-truss bridges, with critical attributes corresponding to those of similar era
monumental bridges which have to be reliably evaluated and preserved at all cost. The test
bridges were subjected to retrofit, truck-load tests, modal tests and then to destructive testing
by hydraulic actuators. One of the bridges also served as a real-life specimen for field
exploration of an active-mass structural-control technique. The proposed paper will provide an
overview of the structural condition/reliability/vulnerability evaluation procedure as
exemplified on the two 80-year old truss bridges.
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A COMPREHENSIVE METHOD FOR
BRIDGE SEISMIC RETROFIT PRIORITIZATION

Nesrin Basozl, Anne $. Kiremidjian2

Bridges are critical components in transportation systems. Damage to bridges by
recent earthquakes has emphasized the need for seismic hazard mitigation. Seismic
reteofitting, as a mean of hazard mitigation, must make efficient and effective use of
available resources. Such retrofitting decisions under limited resources require that, &
prioritization method be developed to rank the ensemble of existing bridges. The
assessment of potential failures of existing bridges and of the socio-economic impact of
such failure t0 2 community are necessary for the ranking purposes.

A prioritization method is developed based on the importance and vulnerability of
bridges. Seismic vulnerability is defined as the potential of a brdge to sustain sigmificant
damage or collapse when subjected to an earthquake. The vulnerability of a bridge depends
on its seismic exposure, structural properties and design charactenistics. For example, the
material type, number of spans, continuity and seat width are some of the properties that
play an important role on the structural performance of a bndge. ATC-13 (1985) defines
earthquake engineering facility classes and corresponding damage probability matrices to
represent possible damage levels that a bridge can sustin. Currently, ATC-13 defines only
three bridge classes. These three classes do not provide adequate basis for effective
assessment of vulnerability. Consequently, development of a moce refined bridge
classification 1s necessary. Such a classification will consider the basic attributes of a
bridge's structural properties. In the proposed method, new bridge classes are defined
based on structural properties. An expert system will be developed for classifying existing
bridges into these bridge classes. A group of fragility function will be developed for each
bridge class in order to define respective ground-motion damage relationships.

The failure of a bridge can impact the public safety and socio-economic well-being
of a community. It can pose additional hazard and can delay post-earthquake disaster rehief
and restoration of community services. Thus, the prioritization must consider attributes
relating consequences of failure of a bridge to public safety and socio-economic well-being
of 2 community. Among the attributes that need 1o be considered are route type carried and
crossed, average daily traffic and detour length. The importance of a bridge is closely
related to its function within the transportation network system. The relative importance of
bridges can be evaluated for emergency responses and long-term economic recovery
conditions. The functionality of the transportation network should be preserved
immediately after a major earthquake. Thus, connectivity network analysis 1s used to
analyze the availability of bridges for emergency response purposes. For long-term
economic recovery, however, a value model needs to be developed to properly determine
the multi-attribute importance criterion.

The prioritization of bridges for seismic retrofitting and emergency planning
purposes can be accomplished within the context of Geographic Information Systems
(GIS) which integrates different types of information and procedures necessary for the
overall ranking,

1 Doctoral Candidate, The John A. Blume Earthquake Engineering Center, Department of Civil
Engineering, Stanford University, Stanford, CA 94305-4020;

2 protessar and Co-Director, The John A. Blume Earthquake Engineering Center, Department of Civil
Engineering, Stanford University, Stanford, CA 94305-4020.
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ABSTRACT of a technical paper proposed for presentation at the Second U.S.-Japan Workshop on
Seismic Retrofit of Bridges, Berkeley, California - January 20-21, 1994

Seismic Vulnerability Evaluation of the Tacoma Narrows Bridge

by
David Brierley-Green, P.E.
Awid Grant Associates, Olympia, Washington

Mark A. Ketchum, Ph.D., P.E
OPAC Consulting Engineenrs, Inc., San Francisco, California

J.P. Singh, Ph.D., P.E.
Geospectra, Inc., Richmond, California

The Tacoma Narrows Bridge, built in 1950 to replace an earlier structure in Washington State, has a main span
of 2,800 ft (854 m) and total length (excluding viaducts) of 5,000 ft (1,524 m). This bridge, with the second-
longest suspension span in the Western United States, is located in an area that is now known to be subjected
to infrequent great earthquakes. Recognizing the potential vulnerability of the bridge, and with a desire to
avoid damage in future earthquakes, the agency responsible for the bridge {the Washington State DOT) com-
missioned studies to evaluate its seismic vulnerability.

When the bridge was designed in the late 1940’s, great care and detail were paid to its static design, as well as
to wind loading and the dynamic influences of wind. Seismic design of the Tacoma Narrows Bridge, on the
other hand, though forward looking for the era, is not in keeping with present day practice. The bridge towers
are founded on caissons with maximum embedment of about 75 ft {23m) in 1000 ft (300 m) deep glacial till.
The viaducts were built from the damaged remains of the previous, narrower bridge. Original seismic analysis
was based on a static coefficient of 3.1% for the towers and 6.2% for the remainder of the bridge.

The scope of the studies included development of seismic performance criteria, geotechnical and seismic risk
studies, synthesis of multi-support incoherent ground motions, soil-structure interaction analysis, response
spectrum seismic analysis, linear and nonlinear dynamic structural analysis under multi-support incoherent
ground motion input, field measurement of elastic and vibration properties, vulnerability assessment, plus
identification of retrofitting concepts. Seismically interesting features of the bridge include its caisson founda-
tions, its viaducts that are structurally coupled to the suspension spans, and its relatively deep and stiff sus-
pended truss. This paper describes the scope, methods, and results of the seismic evaluation studies.
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Seismic Retrofit of the University Bridge

Dimitrios P. Koutsoukos and John H. Clark

Abstract

The University Bridge was designed and constructed in the early 1930°s over Lake Union
in Seattle. The bridge is considered essential and carries four lanes of traffic and two side-
walk/bicycle lanes on the north-south route of Eastlake Avenue. A seismic vulnerability as-
sessment of the structure concluded that seismic retrofit of the bridge approaches is required
if the bridge is to remain functional after the design seismic event.

The structure is divided into the south approach, the draw bridge and the north approach
(Fig. 1). The south approach is a three-span truss bridge. Its superstructure is cast-in-place
reinforced concrete slab on two 10 ft deep trusses. The north approach is a seventeen-span
bridge with two 7.25 ft cantilevers. From the North Bascule Pier to Pier 10, the superstructure
consists of reinforced concrete deck slab on two 12.5 ft deep steel deck trusses while from Pier 10
to the North Abutment it consists of reinforced concrete deck slab on four reinforced concrete
haunched girders that are monolithic with integral crossheams at the pier tops.

Although the preliminary seismic vulnerability assessment called for the strengthening and
stiffening of the bridge approaches (improvement of linkage between sub- and super-structure,
improvement of strength and ductility of piers, addition of superbents), additional analysis has
shown that an improvement of the structural response with base isolation systems in the truss
approach units will substantially lower the overall retrofit cost, resulting at the same time in
a more reliable structural system for dissipating the seismic energy.

This paper describes the base isolation system that will be used in the truss approach
units of the University Bridge. The isolation system design was challenging primarily because
of the extremely limited space that was available for the installation of the seismic isolators
and dampers. An innovative isolation systemn, consisting of specially fabricated lead-rubber
bearings, was selected among several that satisfied the design specifications and requirements.
Break-away expansion joints were designed at all locations where the isolated truss units border
the bascule piers and the traditionally retrofitted concrete units. The bascule piers and the
substructure members of the isolated units do not require additional retrofit measures and
remain elastic during the design seismic event. In addition, implementation of the isolation
system eliminates costly retrofit work on the piers’ foundations that are under water in several
locations.
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Seismic Retrofit of the San Francisco Central Viaduct
at the Market Street Undercrossing

By Akin Ozseluk ! , Mark S. Swatta2 and Tomas A. Komptner3

ABSTRACT: The San Francisco Central Viaductis a double-deck, reinforced/prestressed concrete bridge similar to
the Cypress Structure that collapsed during the 1989 Loma Prieta Earthquake. The California Department of
Transportation, (Caltrans) has funded retrofit studies for the Central Viaduct and for the other double-deck structures.
These studies resulted in a special type of retrofit called the edge beam concept. The edge beam retrofit concept
consisted of removing and replacing columns and bent cap-column joints, and building fongitudinal edge beams
which span between the bents. The edge beam concept was impractical for the Market Street Undercrossing, because
1) it had a relatively long span (~145 ft.), 2) the edge beam dimensions would have been very large and 3) the
existing post-tensioned superstructure made the bent cap retrofit extremely difficult. Therefore, a new type of retrofit
scheme was developed.

The new concept provides independent transverse and longitdinal frames to transmit the dead, live and seismic forces
into new foundations. The design objectives are 1) to change the structure's vertical and lateral load resisting system
1o a new configuration, 2) to maintain viaduct and city street traffic flow during construction and 3) to enhance the
structure's seismic capacity.

The original Central Viaduct was designed in compliance with'the 1930 AASHO Code and has a design base shear
coefficientofl 6.5% g. The retrofitted structure requires a minimum base shear coefficient of 25% g, and must be
serviceable after a major earthquake. Therefore, in addition to static analyses, dynamic response spectrum analyses
were carried out to calculate the force demands on the new columns and the maximum drift values, using appropriate
Caltrans ARS curves. To prevent failure of the bearings and the superstructure both the minimum yield strength of
the retrofitted structure and the maximum base shear (i.c. the plastic shear ) were controlled.

The new structure consists of post-tensioned portal frames, which support the upper and lower cap beams and are
also connected to each other in the transverse direction, resulting in a 3-D ductile framing system. The underpinning
structure is designed to withstand several post-yield excursions at maximum ductility limits by using ductile
reinforcing details. The portal frame columns are offset from the existing column locations to allow construction of
the new cast-in-drilled-hole (CIDH) foundations, without interference with the existing pile caps. Apart from the
ease of construction, CIDH shafts reduce the seismic force demands by increasing the fundamental period of the
existing structure. Although the new structural system is conceptually clear, the complex geometry of the retrofitted
structure results in biaxial shear, biaxial bending and torsion in the underpinning portal frames.

This paper will present Central Viaduct’s design criteria and summarize: 1) the design of the new underpinning portat
frames, 2) the interaction of the old structure and the new post-tensioned portal frames, 3) the flow of forces from the
existing superstructure to the portal frames through bearings, and 4) the special considerations for construction.
Several figures will be presented which illustrate the non-ductile existing details as well as the details of the
retrofitted structure and of the bearings.

1Bridge Engineer, Richmond, CA 94805,

2Vice President, TUDOR Lngineering Company,
1800 Harrison Street, Oakland, CA 94612.

3 President, TK Engineering, El Cerrito, CA 94530
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ASSESSMENT AND RETROFIT OF 3 MAJOR BRIDGES DAMAGED DURING RECENT
EARTHQUAKES IN COSTA RICA AND THE PHILIPPINES.

Dr. Guillermo SANTANA

Research Engineer, University of California at Berkeley, 1301 South 46th Street, Bldg. 451, Richmond, CA 94804-4698.

SUMMARY

Three major bridges were selected for detailed study of their behavior and failure sequence as
well as their collapse mechanisms when subjected to strong earthquakes both in the
Philippines and in Costa Rica. Those bridges are: the Valle de la Estrella bridge in the Limén
province in Costa Rica affected during the M7.6 earthquake of 1991 and the Magsaysay bridge
in Dagupan City together with the Calvo bridge in Bayambang both in the province of
Pangasinan in Luzon, Philippines damaged during the M7.8 earthquake of 1990.

The Valle de la Estrella bridge spans a total of 175 m and was designed in 1971 and
constructed scon thereafter. The main structure consists of two steel through-truss spans
that were unseated off their interior support, with unseating of one span at the end abutment
as well. Liguefaction and slumping of the bridge embankment structures was extreme. The
Magsaysay bridge is a 7-span, two-lane bridge over the Pantal River with an approximate total
length of 120 meters. Three out of the seven spans utilized composite steel girders while the
rest are reinforced concrete deck girder spans. The bridge was undergoing widening, some
piles had already been driven, a sheet of pile cofferdam installed near the center of the river
and parts of the sidewalk were being demolished to accommodate more piles when the
earthquake struck. The Calvo bridge is a two lane, 4 span steel truss bridge with a total
length, center-to-center of bearings on abutments, of 160 meters. The bridge spans the Agno
River and links the towns of Bayambang and Bautista. During the earthquake, Pier no. 1
tilted and displaced towards the river by as much as 1 meter. The trusses on either side of the
pier were completely unseated from the pier itself. The pier moved laterally under one truss,
severely damaging one of the bottom chord members. As a result, the trusses affected were
also laterally displaced from the adjoining Abutment A and Pier 2, the expansion type rocker
bearings completely sliding off.

In all cases the ground motions are estimated based in the local geologic conditions, the soil
characteristics and the strong motion records available. Based on the above, several of the
leading current indicators of response were calculated, among them the maximum
displacement demand. Furthermore, the obtained results were contrasted with the observed
performance in each one of the structures. The analysis of the as-repaired facilities and their
calculated seismic response is also presented.
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U.S. - JAPAN WORKSHOP ON SEISMIC
RETROFIT OF BRIDGES

January 20 and 21, 1994
Berkeley, California

Workshop Program

Thursday, January 20, 1994
7:45 AM Continental Breakfast (outside of Angel Island and Belvedere Ballrooms)
8:00 AM REGISTRATION (outside of Angel Island and Belvedere Ballrooms)

8:30 AM OPENING SESSION (Angel Island and Belvedere Ballrooms)
Co-Chairs: S. Mahin and K. Kawashima

K. Kawashima, Japan Side Coordinator
S. Mahin, U.S. Side Coordinator

H.S. Lew, National Institute of Standards and Technology

J. Cooper, Federal Highway Administration

S.C. Liu, National Science Foundation

J. Moehle, Earthquake Engineering Research Center, University of
California at Berkeley

J. Gates, California Department of Transportation, Division of
Structures

8:50 AM SESSION 1
Co-Chairs: J. Gates and T. Iwasaki

Seismic Strengthening of Bridges in Japan (K. Kawashima and
S. Unjoh)

A Brief History of Caltrans' Phase 1 Seismic Retrofit Program (M.
Yashinsky)

Seismic Retrofit of Reinforced Concrete Bridges in Northern Nevada
(S. Saiidi and D. Sanders)

10:.00 AM  Break

10:30 AM  SESSION 2
Co-Chairs: S. Saiidi and W. Tanzo

Damage of Bridges by Kushiro-oki Earthquake, January 1993, and
Hokkaido nansei-oki Earthquake, July 1993 (K. Kawashima, S.
Unjoh, T. Nakajima and J. Hoshikuma)

Damage Analysis of Reinforced Concrete Bridge Piers by Kushiro-oki
Earthquake, January 1993, and Hokkaido Nansei-oki Earthquake,
July 1993 (K. Kawashima, J. Hoshikuma and S. Unjoh)
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12:00 PM

1:30PM

3:00 PM

5.00 PM
7:00 PM
7:30 PM

SESSION 2 (continued)

Methods of Restoring Bridges Damaged in the Kushiro Offshore
Earthquake of January 1993 and the Southwest Hokkaido Offshore
Earthquake of July 1993 (Y. Ono, M. Kaneko, T. Shirono, M. Sato
and T. Yamauchi)

An Experimental Study on the Behavior of a Large Model Pier after
Repair (Y. Adachi, K. Kousa and Y. Murayama)

Lunch (Quarter Deck) and Photo Session

SESSION 3
Co-Chairs: J. Mander and H.Sugita

Retrofit Strategies and Proof Tests for the Santa Monica Viaduct (N,
Priestley, F. Seible and G. MacRae)

Seismic Reinforcement of Existing Reinforced Concrete Piers (K.
Amari, H. Hanno, K. Otsuka and Y. Fujimoto)

Enhancement of the Seismic Design and Retrofit of Reinforced
Concrete Bridge Piers in the United States (M. Haroun, G. Pardoen
and R. Shepherd)

Seismic Response Characteristics and Seismic Strengthening of
Reinforced Concrete Bridge Piers subjected to Eccentric Loading (K.
Kawashima, S. Unjoh and H. Mukai)

Break

SESSION 4
Co-Chairs: S. Wood and Y. Yoshida

Seismic Retrofit Procedures for Reinforced Concrete Bridge Piers in
the Eastern United States (J. Mander and S. Chen)

A Stress-Strain Model for Reinforced Concrete Bride Piers Confined
by Hoop Reinforcement (J. Hoshikuma, K. Kawashima and K.
Nagaya)

Evaluation and Retrofitting of Existing Bridge Footings (Y. Xiao, N.
Priestley and F. Seible)

Seismic Evaluation and Retrofit of Major Steel Bridges (A. Astanch-
Asl, R. Donikian, R. Imbsen and C. Seim)

Break
Reception hosted by U.S. Side (El Dorado Room - Second Floor)

Dinner hosted by U.S. Side  (Amador and Mariposa Rooms - Second
Floor)
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Friday, January 21, 1994
7:45 AM Continental Breakfast (outside of Angel Island and Belvedere Ballrooms)

8:30 AM SESSION 5 (Angel Island and Belvedere Ballrooms)
Co-Chairs: M. Haroun and J. Hoshikuma

Tests and Research on Carbon Fiber Strengthening of Existing Bridges
(N. Ogata, Y. Maeda and H. Ando)

Shear Strengthening of Existing Reinforced Concrete Columns by
Winding With Aramid Fiber (T. Okamoto, T. Noji, H. Yamanaka, M.
Tanigaki and M. Oda)

Increasing the Seismic Resistance of Highway Structures (A, Shirole
and A. Malik)

Seismic Retrofit of Ballard Bridge Approaches (U. Vasishth and J.
Jacobsen)

10:00 AM  Break

10:30 AM  SESSION 6
Co-Chairs: A. Malik and K. Toki

Seismic Retrofit of Bridge Bearing supports by Mechanical
Transmission Devices (T. William, H. Mutsuyoshi and Y. Tsuzuki)

Bridge Retrofit Analysis and Earthquake Damage (L. H. Sheng, S.
Mitchell and C.V. Ho)

Collapse of the Cypress Viaduct and Seismic Performance of a
Retrofitted Bent (H. Ohuchi, T. Tatsuda and Y. Goto)

Seismic Vulnerability of the Alaskan Way Viaduct (M. Eberhard, S.
Kramer, S. Wood, J. de 1a Colina and S. Ryter)

12:00 PM  Lunch (Quarter Deck)

1:00 PM DEMONSTRATION (National Information Service for Earthquake
Engineering On-line Computer Data Base) Optional activity located at
Back of Angel Island Ballroom

1:30 PM SESSION 7
Co-Chairs: A. Astaneh-Asl and Y. Goto

Behavior of As-built and Retrofit Column to Cap Connections (J.
Moehle, C. Thewalt and S. Mahin)

A Scismic Retrofitting Manual for Highway Bridges (I. Buckle, L.
Friedland and J. Cooper)

Special Reports on the January 17, 1994 Northridge, California,
Earthquake

3:00 PM Break
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3:30 PM PLENARY SESSION
Co-Chairs: S. Mahin and K. Kawashima

General Discussion

Development of example structure for possible future cooperative
scismic evaluation and retrofit studics

Formulation of Workshop Resolutions

Closing Ceremony

5:00 PM Workshop Adjourns

Saturday, January 22, 1994

9:00 AM STUDY TOUR (Busses leave from in front of Marriott Hotel)
Reservations Required

4:15 PM DINNER CRUISE hosted by Japanese Side

(Ship leaves promptly at 4:30 PM)
Reservations Required

Sunday, January 23, 1994

8:30 AM STUDY TOUR (Busses leave from in front of Marriott Hotel)
Reservations Required
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Manager
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FAX: 0424-95-0903

Myr. Junichi Hoshikuma

Research Engineer

Earthquake Engineering Division
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Public Works Research Institute

Ministry of Construction
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PS Corporation
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Director
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